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Foreword 

The l 7 papers included in this Record present results of research on asphalt-aggregate in
teractions, aggregate testing, and measures taken to mitigate problems related to both the 
asphalt and concrete pavements. This Record is of interest to material, pavement , and geo
technical engineers. 

Curtis et al. investigated asphalt-aggregate interactions by evaluating the adsorption and 
desorption of aged and unaged asphalts on aggregates. On the basis of the results, the 
researchers indicate that the aggregate composition and surface chemistry have a greater 
effect on the adsorption and desorption characteristics of the asphalt-aggregate pair than the 
asphalt properties. 

Curtis, Stroup-Gardiner et al. report on the development of a net adsorption test to evaluate 
the affinity of asphalt for aggregate and to determine the water sensitivity of a given asphalt
aggregate pair. 

Carr et al. describe an empirical method based on the fractal dimension for estimating 
surface area of particles with diameters greater than 1 mm . On the basis of a comparison of 
the new method with an existing technique, the authors discuss a practical procedure for 
estimating the surface area of aggregate. 

Mogawer and Stuart tested sands under four methods that are currently used to quantify 
effects of particle shape and texture on rutting susceptibility. According to the researchers, 
no criteria for acceptability could be developed. A gyratory testing machine was also used 
to test the combined effects of shape, texture, gradation, and quantity of sand on the resistance 
of mixtures to plastic flow. 

Dubberke and Marks report on thermogravimetric analysis (TGA) to evaluate carbonate 
aggregate. According to the researchers, TGA provides information that can be used to 
predict the quality of carbonate aggregate . 

Hearne et al. report that rapid chemical test on suspect aggregate proved inconclusive . To 
establish the alkali-aggregate reactivity potential of aggregates used in the bridges and to 
identify the nature and extent of reactivity of selected aggregates in North Carolina, a series 
of mortar bar tests was conducted . To monitor the progress of the alkali-aggregate reaction, 
the researchers used length and weight measurements and velocity of compression waves 
determined using the standard ultrasonic pulse velocity and cycle velocity procedures. 

Petry and Little present a type of swell test that may be used to determine the nature of 
problems and some results from known affected sulfate-bearing soils. Procedures for extrac
tion and determination of sulfates are recommended. 

Tam et al. present the 5-year monitoring results on five recycled hot mix sites, and the 
focus is on evaluation of resistance to thermal cracking. The researchers investigated the 
resistance to low temperature cracking in the laboratory, in terms of both limiting stiffness 
and fracture temperature criteria, and compared the findings with field .crack measurements. 

A test pavement constructed in 1971 in Austria with expanded polystyrol (EPS) instead 
of unbound base has been monitored over 20 years. Litzka and Piber present the findings 
and indicate that the primary purpose of the test was to investigate the insulating effect of 
the EPS layer with regard to the penetration of frost into the subsoil. 

Roy et al. describe two road sections that were instrumented to determine how frost and 
thaw actions are related to the climate and the availability of water. Results of measurements 
of air temperature, thermal soil conditions, frost heave, total stress , and bearing capacity 
using the Benkelman beam test are presented. 

MacKay et al. indicate that for areas with significant frost penetration and frost-susceptible 
soils, information on pavement distress and cost-effective frost action mitigation measures is 
important in developing geotechnical evaluation methods and practical pavement design 
procedures. The researchers present a fairly cost-effective frost action mitigation approach. 

v 



vi 

Kubo and Takeichi present information on Japanese experience related to frost action 
mitigation measures. The researchers investigated the performance of a test road under traffic 
loads. 

Novak and DeFrain investigated use of longitudinal profile measurements to determine 
pavement surface roughness and to estimate the expected ride quality of overlays. The 
researchers indicate that determination of the longitudinal profiles is of greater utility than 
the determination of pavement roughness. 

Loi et al. conducted tests to evaluate the performance and reliability of using thermal 
conductivity sensors to measure matric suction in the subgrade under field conditions. The 
authors also investigated the effects of repetitive wheel loadings and ponding of the side 
slopes. 

Steinberg investigated minimizing volumetric changes of expansive soils by minimizing 
moisture changes through the use of vertical fabric moisture barriers. On the basis of findings 
from monitoring of 19 projects, the author considers the use of vertical fabric moisture barriers 
to be cost-effective. 

The design of drilled piers in expansive soils requires a considerable amount of site-specific 
data. Ferregut et al. propose a probabilistic analysis method of incorporating some site
specific information with other design parameters selected from data bases. The paper de
scribes the data bases assembled from existing information in the technical literature and the 
analyses of these data to select probability density distributions for the different design 
parameters. 

Petry describes the measures taken to stabilize the slab movements caused by swelling 
clays. Stabilization of moisture included installation of a lime-fly ash grout curtain. 
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Influence of Aggregate Chemistry on the 
Adsorption and Desorption of Asphalt 

C. w. CURTIS, R. L. LYTTON, AND C. J. BRANNAN 

Asphalt-aggregate interactions were investigated by evaluating 
the adsorption and desorption of aged and unaged asphalts on 
four aggregates: limestone, greywacke, gravel, and basalt. The 
aggregate composition and surface chemistry had a greater effect 
on the adsorption and desorption characteristics of the asphalt
aggregate pair than the properties of the asphalt did. Adsorption 
and desorption isotherms were fitted to the Langmiur model and 
yielded predicted monolayer amounts , equilibrium constants for 
adsorption, and Gibbs free energy of adsorption. The Gibbs free 
energies were evaluated in terms of the principles of soil me
chanics, which showed that water in the voids can be drawn to 
the asphalt-aggregate interface at relative humidities of99 percent 
or above. Estimates of minimum tensile strength ratios were de
termined from Gibbs free energies and the extrapolated measured 
enthalpy values. The presence of water at the interface reduces 
the Gibbs free energy values between the asphalt and aggregate, 
thereby reducing the tensile strength and resistance to debonding 
fracture. 

The interaction of asphalt with aggregate is governed by the 
chemistry and physical properties of the materials. The chem
istry and composition of the asphalt determine the types of 
chemical compounds available for bonding. The surface 
chemistry and morphology of the aggregate provide the elec
trostatic and Lewis acid and base active sites available for 
interaction. When coated on the aggregate surface, asphalt 
interacts with these active sites through electrostatic and di
pole interactions as well as by induced dipole interactions. 

Asphalt contacts aggregate under high temperature and 
well-agitated conditions during the hot-mix process. The as
phalt is readily coated on the aggregate because, under these 
conditions, the asphalt is a flowing liquid and is able to contact 
the irregular surfaces of the aggregate. As the asphalt
aggregate mix is taken to the road site and compacted, the 
mix cools, the asphalt hardens, and the mix sets. At this point, 
the asphalt molecules are no longer fluid. The asphalt is in
terspersed with a variety of aggregate sizes ranging from over 
Y2 in. to fines. Hence, the asphalt molecules become fixed in 
an environment that is strongly influenced by the aggregate 
chemistry. Changes that could occur at this point result from 
oxidation, stress, and the effects of water. 

Specific interaction between asphalt and aggregate in the 
laboratory can be observed by many different chemical and 
analytical techniques (1 - 3). Liquid phase adsorption provides 
a means of contacting asphalt with aggregate by using the 
solvent as a dispersing medium instead of the temperature of 

C. W. Curtis and C. J. Brannan, Department of Chemical Engi
neering, Auburn University, Ala. 36849-5127. R. L. Lytton, Texas 
Transportation Institute, Texas A&M University, College Station, 
Tex. 77843-3135 . 

the hot-mix process to eliminate associations among asphalt 
molecules. The solvent tends to dissociate intermolecular 
bonding in the asphalt and yields molecules free to diffuse 
and interact with the aggregate at room temperature. Eval
uation of model components representative of asphalt in both 
their adsorptive behavior onto aggregate and their desorptive 
behavior from aggregate gives information on the types of 
interactions that occur (4). Using asphalt size or component 
fractions yields even a better indication of the affinity of these 
components types (5). 

This research investigated the adsorptive and desorptive 
behavior of three asphalts onto four different aggregates from 
the Strategic Highway Research Program (SHRP) Materials 
Reference Library (MRL). The adsorption experiments were 
performed with unaged asphalts and with the same asphalts 
aged in a thin-film oven. Adsorption isotherms were prepared 
after each adsorption experiment. The adsorbed asphalt was 
then desorbed by a small amount of water introduced into 
the system, and desorption isotherms were obtained. The 
amount of asphalt desorbed was subtracted from the amount 
initially adsorbed, yielding an isotherm of net adsorption
the amount of asphalt remaining on the surface of the aggre
gate. Each of the isotherms, adsorption and desorption, was 
treated by the Langmuir model to obtain the Gibbs free en
ergy of adsorption. 

The immediate interest in the degree to which an asphalt 
is adsorbed on and desorbed from the surface of an aggregate 
is related to questions about stripping aggregates: What are 
the mechanisms of stripping? Can the likelihood of stripping 
on a given aggregate and by what mechanism it occurs be 
anticipated from simple adsorption and desorption measure
ments made with aged and unaged asphalts on different ag
gregates? The measurements made on the combinations of 
three asphalts on four aggregates reported herein lead to some 
encouraging answers to these questions. 

EXPERIMENTAL 

Materials 

The asphalts obtained from SHRP were three 'different vis
cosity grades from three different sources: AAD-1 (AR-4000) 
from California, AAM-1 (AC-20) from West Texas, and AAK-1 
(AC-30) from Venezuela. The asphalts were used as unaged 
and as aged asphalts after being heated in the thin-film oven 
for 5 hr at 163°C. The properties of the three unaged asphalts 
are presented in Table 1. The aggregates represent a wide 
variety of geologic origin including a limestone (RC), a grey-
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TABLE I Chemical and Physical Properties of Asphalts' 

Asphalt AAD-l AAK-l 

Grade AR-4000 AC-30 

Viscosity 

l40'F, poise 1055 3256 

275'F, est 309 562 

Duclillly, cm 

(39.2'F, !cm/min) 150+ 27.8 

Component Analysts, 
% 

Asphaltenes (n-heptane) 23.0 21.l 

Asphaltenes (isooctane) 3.4 2.8 

Polar Aromalics 41.3 41.8 

Naphthene Aromatics 25. l 30.0 

Saturates 8.6 5.1 

Elemental Analysis 

C% 81.6 83 .7 

H% 10.8 10.2 

0% 0.9 0.8 

N% 0.9 0.7 

S% 6.9 6.4 

V ppm 293 1427 

Ni ppm 145 128 

C Aromatic, % 23.7 31 .9 

H Aromatic, % 6.8 6.8 

Molecular Wt. 700 860 

IEC Separations 

Strong Acid 26.1 18.7 

Strong Base 7.8 8.0 

Weak Acid 7.8 8.6 

Weak Base 5.5 7.5 

Neutral 51 .7 52.5 

SEC Fraction, MW 

I 7000 10000 

2 2200 1700 

3 1200 1000 

4 700 650 

5 470 410 

6 360 340 

Inrrared 
Functional Group Analysis 

Carboxylic Acid 0.011 0.013 

Acid Salts 0.000 0.000 

Acid Anhydrides 0.000 0.000 

Quinolines 0 .024 0.012 

Ketones trace trace 

Phenols 0.124 0.027 

Sulfoxides trace trace 

Pyrroles 0. 168 0. 110 

1 Abstracted from SHRP Report on Asphall Properties_ 
2NA = not available 

AAM-l 

AC-20 

1992 

569 

4.6 

3.9 

NA' 

50.3 

41.9 

1.9 

86.8 

ll.2 

0.5 

0.6 

1.2 

60 

29 

24.7 

6.5 

1300 

13.7 

10.4 

10.0 

9. 1 

53 .4 

4600 

1700 

1100 

810 

600 

480 

0.000 

0.000 

0.000 

0.012 

trace 

0_010 

trace 

0.157 

wacke (RH), a basalt (RK), and a chert gravel (RL). The 
aggregates were prepared for the adsorption studies by being 
sized to - 40 to 80 mesh, washed with distilled water until all 
dust was removed, dried at 150°C for 1 week, and stored away 
from light. Before use , the aggregate was dried again at 150°C 
for 24 hr, allowed to cool in a desiccator, and then loaded 
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into the adsorption column. The physical and mineralogical 
properties of th e asphalts are presented in Table 2. Toluene, 
spectranalyzed from Fisher, was used as the solvent for the 
adsorption study. The toluene was dried with activated mo
lecular sieves before being used. Distilled and deionized water 
was used in the desorption studies. 

Asphalt Adsorption and Desorption 

The adsorption and desorption of asphalt from toluene so
lution onto aggregate used a recirculating system of a 
temperature-controlled column and a peristaltic pump. The 
column contained aggregate through which the toluene so
lution flowed . The column temperature was maintained at 
25°C for the duration of the experiment. Concentration changes 
of the asphalt were monitored by visible spectroscopy set at 
410 nm, where the absorbance of the asphalt solution was 
measured. The asphalt concentrations of the initial solutions 
used to develop the adsorption isotherm ranged from 0.10 to 
0.70 g/L. Six independent columns were run in parallel, each 
containing a different initial concentration of asphalt. After 
7 hr of adsorption, the concentration of the asphalt in the 
solution was determined by application of Beer's law: 

A abc 

where 

A visible absorbance, 
a absorptivity , 
b cell path length, and 
c = concentration of asphalt in solution. 

Asphalt was desorbed from the aggregate by introducing dis
tilled and deionized water at - 280 mmolar, which equaled 
about 134 µ,Lin 27 ml of toluene . After 2 hr, the amount of 
asphalt desorption leveled out, and the amount of desorption 
was determined by measuring the amount of asphalt in the 
toluene solution. 

The concentration of asphalt in solution after both adsorp
tion and desorption was obtained using the following 
equations: 

Adsorption: 

AspW = V(C0 - C) 

Desorption: 

D ,.W = -V.,.(C - C,.,) 
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TABLE 2 Physical Properties of Aggregates' 

Sample RC-Limestone RH-Oreywocke RK-Bosalt RL-Oravel 

Si02 6.49 66.0 50.1 63.1 

Al,03 1.23 10.4 13.7 4.66 

Fe,03 0.78 12.9 15.0 1.67 

MgO 2.52 2.44 6.88 0.32 

Cao 48.9 2.35 10.3 14.5 

Na,O 0.24 2.57 2.25 0.92 

K,O 0.22 0.99 0.62 1.72 

TiO, 0.03 0.53 1.48 0.09 

P,O, <0.05 0.13 0.22 0.05 

Mn02 <0.02 0.20 0.21 <0.02 

LOV 40.3 0.96 -0.36 11.2 - ---- ---- --.... ------ ... - r----------;----- ---------
100.71 99.47 100.4 98.23 

Surface Area, 2 m2/g 1.78 3.12 17.4 0.93 

Pore Volume, cc/g 
> 3000 A 0.0099 0.0128 0.0079 0.0010 
500 - 3000 A 0.1085 0.0905 0.0289 0.0104 
< soo A 0.0045 0.0023 0.0031 0.0012 

Acid Insolubles, % 7.9 92.1 90.1 85.3 

Water Solubles, % 8.1 9.7 7.4 9.3 

Lithology, % I 00 Limestone 71. 3 M icaceous 94.4 Basalt 59.1 Chert 
Sandstone 4.5 Misc. 18 .2 Arenaceous 
11.2 Misc. 0.6 Sandstone Limestone 

10.9 Granite 11 Granite 
6.6 Chert 5.8 Misc. 

'Abstracted from SHRP Report on Aggregate Properties. 
'for mesh size -35 +50 

where 

C
0 

and C initial and equilibrated asphalt solution con
centrations (g/L); 

A,, and A absorbances of initial and equilibrated so\u-
tions; 

Asp = amount of asphalt adsorbed per gram of ag
gregate (gig); 

W = mass of aggregate used (g); 
V = solution volume used for adsorption; 

V,.. solution volume used for desorption (L); 
D,,. amount of asphalt desorbed per gram of ag

gregate (gig); 
C,,. asphalt solution concentration after desorp

tion (glL); and 
A .,. = absorbance of the extracted solution. 

Calculations of Experimental Data 

The Langmuir model was fitted to the adsorption, desorption, 
and net adsorption data in order to determine equilibrium 
constants, monolayer surface coverage, and Gibbs free energy 
of adsorption. The Langmuir equation used to obtain the 
monolayer coverage of the asphalt on the aggregate was in 
the following form (6): 

Clq = Clq"' + llbq"' 

where 

C = equilibrium solution concentration (mg/L), 
q equilibrium amount adsorbed (mglg), 

q01 saturated monolayer amount (mglg), and 
b constant related to the strength of adsorption 

( unitless). 

Parfitt and Rochester (7) applied the Langmuir equation 
to the adsorption of dilute solution onto solids as given in the 
following: 

clx = clxm + ll(K - l)x 01 

where 

c = mole fraction of the solute concentration (unitless), 
x = moles of solute adsorbed per unit weight of adsorbent 

(moleslg), 
x"' = molar monolayer of the adsorbed solute per unit weight 

of adsorbent (moles/g), and 
K = equilibrium constant for the following adsorption or 

desorption reaction (unitless). 

M+A+2M·A 

where 

M 
A 

M·A 

asphalt molecule, 
aggregate, and 
adsorbed asphalt molecule . 
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For strongly adsorbing solutes, K > > 1, yielding a sim
plification of the Langmuir equation: 

K and xm are determined from the slope and intercept of a 
linear plot of c/x versus c. The Gibbs free energy of adsorption 
(D.G) is then calculated from the following equation: 

D.G = -nRT(ln K) 

where 

n = number of moles of solute adsorbed (mole), 
R = universal gas constant (8.3143 J/K-mole ), and 
T = temperature in Kelvin. 

The units for the Gibbs free energy of adsorption are in 
Joules [or kilo-Joules (KJ)] per mole of the solute. The Gibbs 
free energy of adsorption is part of the total energy with which 
the asphalt is attached to the aggregate surface and carries a 
negative sign. This is expected, because it acts as the driving 
potential in the flow of water and water vapor through un
saturated soils, and it also furnishes the energy gradient that 
attracts water to the interface of the asphalt and aggregate. 
The potential energy driving water flow is normally expressed 
as a specific energy (e.g., gm-cm/gm or ft-lb/lb) or feet of 
head. To convert the Gibbs free energy of the asphalt-aggregate 
interface (in KJ/mole) into a potential that is specific to water 
or water vapor, it must be multiplied by the following con
version factors: 

D.G(~) x 10.203 x 106 gm-cm 
mole KJ D.G gm-cm = ____________ _ 

gm 
18.02 gml (water) x 981 

moe 

A potential that is specific to a particular asphalt must use 
the molecular weight in gm/mole of that asphalt. 

The total energy that bonds the asphalt to the aggregate 
surface is that algebraic sum of the enthalpy (D.H) and the 
negative of the Gibbs free energy ( - D.G), in accordance with 
the following thermodynamic relation: 

ns = D.H - D.G 

where 

T = absolute temperature, 
D.S = change in entropy, 

D.H = change in enthalpy, and 
D.G = change in Gibbs free energy. 

Measurements of enthalpy have been made at 140°C by 
Curtis et al. (8) and recorded in units of meal per gm, which 
can be converted into gm-cm/gm by 

D.H gm-cm = D.H meal 
gm gm 

x 4.19 x 10- 6 KJ x 10.203 x 1Q6 gm-cm 
meal KJ 
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Because the adsorption tests were made at 25°C and the 
enthalpy (also called bonding energy) tests were made at 140°C, 
one measurement had to be converted to the same temper
ature as the other. The conversion was made approximately 
by multiplying the enthalpy at 140°C by the ratio of absolute 
temperature in Kelvin (298/413). 

To provide an even more familiar point of reference, the 
potential "heads" expressed in gm-cm/gm may also be ex
pressed as the pressure (or tensile stress) generated by a col
umn of water by multiplying by 1.422 x 102 psi/cm. 

There are two mechanisms of stripping that are suggested 
by the data and the interpretations presented. In both cases, 
water is drawn from the air voids through the asphalt sur
rounding the aggregate and onto the asphalt-aggregate inter
face, decreasing the size of the Gibbs free energy and dimin
ishing the strength of the bond between the asphalt and the 
aggregate. 

In one mechanism the asphalt is pulled free of the aggregate 
surface by tensile stresses in the asphalt generated by traffic 
or environmental stresses. In the other mechanism repeated 
tensile stresses in the asphalt initiate and propagate a de
bonding crack along the asphalt-aggregate interface. The crit
ical material property that governs whether such a de bonding 
crack can occur is r, the strain energy storage density of the 
crack surface by which the strain energy released by the growth 
of the crack is stored on the surface of the newly created crack 
surface. This quantity can be determined by dividing the Gibbs 
free energy (gm-cm/gm) by the specific surface area of the 
aggregate ( cm2/gm) as shown by Maquis and Barquins (9). 

gm-cm r --= 
cm2 

D.G gm-cm 
gm 

cm2 

SA 
gm 

where SSA is the specific surface area of the aggregate. 

Experimental Design 

The experimental design used in these experiments was a full 
factorial experiment with three factors: asphalt, aggregate, 
and aging of asphalt. The response variables observed were 
adsorption, desorption, and net adsorption. Response vari
able data were obtained over time, wherein, for example, the 
amount adsorbed was measured in association with the equi
librium concentration, thus allowing the development of a 
functional relationship between the two. In most cases, this 
functional relationship was nonlinear. Correlation coefficients 
were computed for the fitted equations to provide a measure 
of how good the relationship was. 

RES UL TS AND DISCUSSION 

Influence of the Aggregates 

The adsorption and desorption behavior of unaged and aged 
asphalt was determined on four MRL aggregates that varied 
in petrography from limestone, greywacke, gravel, to basalt. 
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Each of these aggregates had specific chemistries both of the 
bulk material and surface as described in Table 2 that yielded 
different adsorption behaviors for each asphalt. The surface 
areas of the aggregates ranged widely with RK-basalt having 
the highest at 17.4 m2/g , followed by RH-greywacke at 3.12 
m2/g, RC-limestone at 1. 78 m2/g, and RL-gravel having the 
lowest at 0. 93 m 2/g as measured by nitrogen BET of the - 35 
to +50 mesh size range . The absorptive nature of these ag
gregates was also quite different. The porosi ties as measured 
by mercury porosimetry showed that RC-limestone was the 
most porous of the aggregates and that RK-basalt and RL
gravel both had fairly low porosities. Khatri and Kandhal (JO) 
have measured the water and asphalt absorption of these 
aggregates. RK-basalt showed substanti al water absorption 
but almost no asphalt absorption by the Rice method. RC
limestone , by contrast, has large pores and was highly ab
sorptive of both water and asphalt. RC-limestone is also a 
very dusty aggregate and formed a muddy solution in the Rice 
test. RL-gravel has a reputation for being variable in behavior , 
which is most likely caused by its variability in mineralogy. 

When each of the three asphalts was adsorbed on the four 
aggregates, the differences and specificities in the asphalt
aggregate interactions became apparent. Not only are the 
amounts of the asphalt adsorbed quite different , ranging from 
2.01 mg/g at 0.6 g/L for RC-limestone to 0. 74 mg/g at 0.6 g/L 
for RL-gravel , but the shapes of the isotherms were also quite 
different. These differences in behavior indicated that the 
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interactions between the asphalts and aggregate were unique 
and specific for a given asphalt-aggregate pair. 

In this investigation, three different asphalts were used at 
two different levels of oxidation. The oxidation treatment was 
relatively mild, using standard thin-film oven test conditions. 
The adsorption behavior of both sets of asphalts on the four 
different aggregates was obtained as isotherms covering a 
range of initial concentrations. The number of data points per 
isotherm ranged from a low of 6 to a high of 18. After each 
adsorption experiment was completed, a desorption experi
ment was performed yielding the amount of asphalt desorbed 
by water for each adsorption experiment. Isotherms were 
developed for both adsorption and desorption data . The 
Langmuir model was then applied to these isotherms. The 
equilibrium constant , K , and Gibbs free energy of adsorption, 
!::i.G, obtained from these adsorption and desorption isotherms 
are presented in Table 3. The monolayer amounts predicted 
from the Langmuir model for both the unaged and aged as
phalts for adsorption, desorption, and net adsorption are pre
sented in Table 4. 

Adsorption Behavior of Aged versus Unaged Asphalt 

A comparison of the unaged and aged adsorption behaviors 
among the different asphalt-aggregate combinations showed 
little difference between the two materials . The small changes 

TABLE 3 Equilibrium Constants and Gibbs Free Energy of Adsorption from 
Langmuir Treatment of the Adsorption and Desorption of Asphalt on Aggregate 

Unaged Asphalt Aged Asphalt 

Asphalt- Equilibrium Correlation Equilibrium Correlation 
Aggregate Constant t.G, Coefficient Constant t.G, Coefficient, 

Combination K x 10·• JU/mole r K x to·• IO/mole r 

Adsorption 

AAD-RC 0.5920 -21.5 0.999 0.6146 -21.6 0.965 
AAM-RC 0.9568 -22.7 0.999 1.3423 -23.5 0.999 
AAK-RC 0.6831 -21.9 0.988 0. 7873 -22.2 0.986 

AAD-RH 1.836 -24.3 0.978 2.3935 -25.0 0.992 
AAM-RH 7.326 -27.8 0.998 2.8502 -25.4 0.957 
AAK-RH 1.328 -23.5 0.998 1.5056 -23.8 0.949 

AAD-RL 4.539 -26.6 0.997 1.093 -23.0 0.981 
AAM-RL 2.130 -24.7 0.982 l.798 -24.3 0.978 
AAK-RL 2.125 -24.7 0.994 1.511 -23.8 0.996 

AAD-RK 0.8971 -22.7 0.983 0. 7530 -22.I 0.999 
AAM-RK 0.5453 -21.3 0.998 1.451 -23.7 0.999 
AAK-RK 0.5334 -21.3 0.973 0.5342 -21.3 0.942 

Desorption 

AAD-RC 2.705 -25.3 0.837 - I - -
AAM-RC 4.413 -26.5 0.897 0.6592 -21.8 0.938 
AAK-RC - - - 1.522 -23.9 0.133 

AAD-RH 6.702 -27.5 0.970 2.352 -24.9 0.289 
AAM-RH 171 .67 -35.6 0.867 5.354 -27.0 1.000 
AAK-RH 1.169 -28.7 0.854 13.532 -29.3 0.980 

AAD-RL 41.17 -32.0 1.000 4.137 -26.3 0.931 
AAM-RL 4.518 -26.6 0.995 16.125 -29.7 0.983 
AAK-RL 2.974 -25.5 0.985 3.973 -26.2 0.907 

AAD-RK 56.32 -32.8 0.740 0. 7633 -22.2 0.066 
AAM-RK - - - 18.2372 -30.0 0.991 
AAK-RK - - - 4. 195 -26.4 0.883 

'Entries designated with a - did not conform lo the Langmuir model. 
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TABLE 4 Monolayer Amounts for Adsorption, Desorption, and Net Adsorption for 
Four MRL Aggregates and Three Asphalts2 

Asphalt/ Agg. Adsorption Desorption Net Adsorption r r 
Combination mg/g mg/g mg/g Adsorption Net 

Adsorption 

Unaged 

AAD-RC2 5.624 1.887 3.737 0.999 0.994 
AAM-RC 5.181 2.195 2.986 0.997 0.980 
AAK-RC 5.477 0.376 5.101 0.991 0.903 

AAD-RH' 2.137 0. 150 1.987 0.978 0.991 
AAM-RH 1.439 0.365 1.074 0.999 0.998 
AAK-RH 2.560 0.573 1.987 0.995 0.997 

AAD-RL 0.853 0.172 0.681 0.989 0.967 
AAM-RL 2.073 - - 0.984 0.911 
AAK-RL 1.796 0.294 1.502 0.996 0.953 

AAD-RK 3.312 0.390 2.922 0.977 0.995 
AAM-RK 6.405 0.304 6. !01 0.997 0.893 
AAK-RK 5.395 3.001 2.394 0.975 0.988 

Aged 

AAD-RC 5.584 2.180 3.404 0.965 0.978 
AAM-RC 3.524 0.600 2.924 0.999 0.992 
AAK-RC 4.846 1.467 3.379 0.989 0.949 

AAD-RH 1.966 0.770 1.196 0.993 0.991 
AAM-RH 2.234 0.068 2.166 0.947 0.928 
AAK-RH 2.546 0.338 2.208 0.938 0.928 

AAD-RL 2.533 0.863 1.670 0.973 0.945 
AAM-RL 2.578 

_, - 0.979 0.902 
AAK-RL 2.654 0.918 1.736 0.997 0.995 

AAD-RK 3.969 0.960 3.009 0.998 0.956 
AAM-RK 3.340 - - 0.999 0.900 
AAK-RK 4.730 1.382 3.348 0.953 0.961 

11tem designated with a - did not conform lo the Langmuir model. 
2Data taken for 0.1 g/L to 0. 7 g/L range. 
3For range of 0.1 g/L lo 0.6 g/L 

in chemistry as reflected by a relatively small increase in vis
cosity of the asphalt aged in the thin-film oven had little effect 
on the adsorptive interactions between asphalt and aggregate. 
The equilibrium constants for the interaction of the asphalts 
with RC-limestone became somewhat larger with the aged 
asphalt compared with the unaged asphalt. The 6.G values 
followed, becoming more negative. The equilibrium constants 
for the aged asphalts on RL-gravel were always less than those 
of the unaged asphalts. The 6.G values for the aged asphalts 
were correspondingly less negative. The interaction of the 
three asphalts on RH-greywacke and RK-basalt showed vari
able behavior with the aged asphalt sometimes showing higher 
or lower equilibrium constants with the aggregate surface than 
the unaged asphalt. The 6.G values varied accordingly. Much 
larger changes in the asphalt viscosity (up to 120,000 poise at 
60°C) caused by oxidative aging have previously shown sub
stantial changes in adsorption behavior on several substrates 
(11). 

Data from Table 3 were analyzed using the analysis of 
variance method. Analyses were run on both equilibrium con
stant for adsorption data and on the 6.G for adsorption data. 
For the equilibrium constant data, the statistical analyses showed 
little difference between the unaged and aged asphalts. No 
interactions of any significance were detected; only aggregates 
showed any differences that could be considered significant. 
The data for the equilibrium constant for unaged and aged 
asphalts on RH-greywacke clearly exhibited variable behav-

ior, while the adsorption and desorption on the other aggre
gates were far more consistent. An analysis of variance of the 
data in Table 3 clearly indicated that the aggregate effect was 
statistically most significant, while the asphalt was very weak 
at best. 

By contrast, for a given asphalt-aggregate pair, the de
sorption behavior of the aged asphalt varied considerably from 
that of the unaged asphalt. As evidenced by the more variable 
and frequently lower correlation coefficients, the desorption 
behavior did not conform as well to the Langmuir treatment. 
Also, several systems involving RC-limestone and RK-basalt 
yielded isotherms that did not conform to the Langmuir model. 
The amount of asphalt desorption from the aggregates was, 
however, relatively small, so that differences between the 
unaged and aged asphalt were relatively small. The net ad
sorption, calculated by subtracting the amount desorbed from 
the amount adsorbed, yielded similar isotherms for the un
aged and aged materials. 

The uniqueness of the asphalt-aggregate pair combinations 
was also evident in the respective monolayer amounts ob
tained for the adsorption, desorption, and net adsorption with 
each aggregate grouping. A typical example can be observed 
with RC-limestone and the three asphalts. For the unaged 
asphalts fairly consistent monolayer amounts were obtained 
for adsorption, but the percent desorption ranged from 6.9 
percent with AAK-1 to 42.4 percent with AAM-1. As a con
sequence, the net adsorption ranged rather widely from 2.986 



Curtis et al. 7 

TABLE 5 Adsorption, Desorption, and Net Adsorption Behavior for the MRL 
Aggregates for Three Asphalts 

Aggregate Adsorption 
(mg/g) 

RC-limestone 5.427 

RH-greywacke 1.911 

RL-gravel 1.574 

RK-basalt 5.037 

RC-limestone 4.651 

RH-greywacke 2.249 

RL-gravel 2.588 

RK-basalt 4.013 

mg/g to 5 .101 mg/g. In contrast, the aged asphalts showed 
much more variability in the initial amount of asphalt ad
sorbed, but the amount desorbed corresponded with the amount 
adsorbed: the asphalts with high adsorption affinity having 
high amounts desorbed and, likewise, with the low adsorption 
affinity having low amounts desorbed. The net adsorption for 
these aged asphalt/RC-limestone pairs was, therefore, quite 
similar. The other asphalt-aggregate combinations also showed 
differences among the asphalt adsorption and desorption within 
a given aggregate set. RK-basalt showed substantial varia
bility, while RH-greywacke and RL-gravel were more similar 
in their behavior. 

Ranking of Aggregates 

When the adsorption, desorption, and net adsorption behav
iors of the different unaged and aged asphalts were averaged 
for each aggregate, the following rankings were obtained (Table 
5). For initial adsorption, the aggregates ranked as follows 
for the adsorption of the unaged asphalts: RC-limestone > 
RK-basalt > RH-greywacke > RL-gravel. The ranking of the 
adsorption affinity for the aged asphalts was quite similar, 
giving RC-limestone > RK-basalt > RL-gravel > RH-grey
wacke. The desorption rankings for the unaged and aged 
asphalts were also similar. The ranking for desorption of the 
unaged asphalts was RC-limestone > RK-basalt > RH-grey
wacke > RL-gravel. The desorption of the aged followed the 
same order, except that RL-gravel and RH-greywacke were 
reversed. The net adsorption ranking for both the unaged and 
aged asphalts was RC-limestone > RK-basalt > RH
greywacke > RL-gravel. 

Attraction of Water to the Aggregate-Asphalt 
Interface 

Water is drawn to the aggregate-asphalt interface by the pres
ence of the negative Gibbs free energy potential of the in
terface in the same way that water flows in the direction of 
the negative energy gradient in unsaturated soil. Table 6 pre
sents the Gibbs free energy of the interface in gm-cm/gm, all 

Unaged 

Aged 

Desorption Net Adsorption 
(mglg) (mg/g) 

1.486 3.941 

0.318 1.593 

0.233 1.092 

1.232 3.806 

1.416 3.236 

0.392 1.857 

0.891 l.703 

l.171 3.179 

of which are in the range - 12,000 to - 21,000 gm-cm/gm. 
Table 7 presents the conversion of the Gibbs free energy levels 
for the adsorption of aged asphalt on the aggregate surface 
in terms of gm-cm/gm, pF, and the relative humidity corre
sponding to them. The pF is the logw of the absolute value 
of the Gibbs free energy, and the relative humidity (R.H.) is 
computed using the Kelvin equation: 

R.H. 
(~G)mg 

exp RT 

where 

~G Gibbs free energy, which is a negative number; 
m molecular weight of water vapor, 18.02 gm/mole; 
g constant of proportionality numerically equal to the 

acceleration due to gravity, 981 cm/sec2 ; 

R universal gas constant, 8.314 x 107 ergs/K-mole; 
and 

T absolute temperature in Kelvin. 

TABLE 6 Aggregate-Asphalt Interface Gibbs Free Energy of 
Water Vapor 

Asphalt-Aggregate Interface 
Gibbs Free Energy of Water Vapor, gm-<:m/gm 

Aggregate Asphalt Adsorption Desorption 

Unaged Aged Unaged Aged 

RC AAD -12,409 -12,467 -14,602 - I 

AAM -13,102 -13,564 -15,295 -12,582 

AAK -12,640 -12,813 - -13,794 

RH AAD -14,025 -14,429 -15,872 -14,372 

AAM -16,045 -14,660 -20,547 -15,584 

AAK -13,563 -13,737 -13,678 -16,911 

RL AAD -15,352 -13,275 --18,469 -15,180 

AAM -14,256 -14,025 -15,353 -17,142 

AAK -14,256 -13,737 -14,718 -15.122 

RK AAD -13.102 -12,755 -18.931 -12.813 

AAM -12,293 -13,679 - -17,315 

AAK -12,293 -12,294 - - 15,237 

1Hem designated with a - did not conform to the Langmuir model 
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TABLE 7 Aged Adsorption Gibbs Free Energy of Water Vapor on 
the Asphalt-Aggregate Interface 

Aged Adsorption Gibbs Free Energy 
of Water Vapor 

Aggregate Asphalt i:= pF Relalive 
gm Humidity% 

RC AAD -12,467 4.10 99.1 

AAM -13,564 4.13 99.0 

AAK -12,813 4. 11 99.1 

RH AAD -14,429 4.16 99.0 

AAM -14,660 4.17 99.0 

AAK -13,737 4.14 99.0 

RL AAD - 13,275 4. 12 99.1 

AAM -14,025 4.15 99.0 

AAK -13,737 4.14 99.0 

RK AAD -12,755 4.11 99.1 

AAM -13,679 4. 14 99.0 

AAK -12,294 4.09 99.1 

pF =Log'° ltiGI 

Relative Humidity 

m ~ L 8.02 gm/mole of water 

g ~ 98 I cm/sec1 

R ~ 8.314 x 107 ergs/K-mole 

T = K, 273' + 'C 

Table 8 gives some benchmark Gibbs free energy states of 
water vapor in unsaturated soils for comparison with the po
tentials of the asphalt-aggregate interface. This table dem
onstrates that the interface will draw water vapor toward the 
interface when the relative humidity of the water vapor is 
above 99 percent (pF 4.15). The interface cannot draw water 
away from soil at the wilting point, for example. Water at a 
higher level of relative humidity will continue to be drawn 
toward the interface to reduce the Gibbs free energy of the 
interface until the water and interface are at equal levels. 
Potentially, the Gibbs free energy can be reduced to zero. 
This has implications for the total bonding energy with which 
asphalt is bound to the asphalt-aggregate interface. 

Table 9 shows the enthalpy (tiH) of the asphalt-aggregate 
interface as measured by Curtis et al. (8, p. 107). The mea
surements were made with a calorimeter at 140°C, and they 
have been converted approximately to the corresponding en
thalpy at 25°C by multiplying by the ratio of the absolute 
temperatures. The algebraic sum of enthalpy (tiH) and Gibbs 

TABLE 8 Some Familiar Comparison States of Water Vapor 

Water State Gibbs Free Energy Gibbs Free Energy Relative Humidity 
l:nl:&!ll pF at 20'C 

gm % 

Saturated Soil of -100 2.0 99.993 
Pavement 

Air Entry into Soil -1000 3.0 99.927 

Plant Wilting Point -3.2 x HJ' 4.5 97.7 

Tensile Strength -2 x l()' 5.3 86.5 
of Water 

Air Dry -10' 6.0 48.4 

Oven Dry -107 7.0 0.07 
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TABLE 9 Total Bonding Energy of the Asphalt-Aggregate 
Interface 

aH aH aG aH-aG Minimum 
"Bonding "Bonding Gibbs Free = TdS Tensile 
Energy~ Energy" Energy Strength 

Aggregate Asphalt Entbelpy Enthalpy (Aged Ratio1 

(Approxi- Adsorption) 
mate) 

m"'1 P" P" psi .ML 
gm T as 

(l40'C) (25'C) (25'C) (25'C) 

RC AAD 157 68.9 -177.3 246.2 0.28 

AAM 247 108,4 -192.9 301 .3 0.36 

AAK - - -182.2 - -
RH AAD 429 188_3 -205.2 393.5 0.48 

AAM 276 121 .0 -208,5 329.5 0.37 

AA - - -195.4 - -
RL AAD 152 66 ,7 -188.8 255.5 0.27 

AAM 314 137 .8 -199,5 337.3 0.41 

AAK 314 137.8 -195.4 333,2 0.4 1 

RK AAD 500 219.4 -L8 L4 400.8 0.55 

AAM 570 250.1 -194.6 444. 7 0,56 

AAK 425 186.5 -174 9 361.4 0 .52 

1Conlrolled by adhesion . 

free energy (tiG), which is a negative number, is the product, 
TtiS (i.e., the absolute temperature times the entropy). All 
three quantities, aH, tic, and TtiS are converted into the 
equivalent tensile stress in psi. This gives an estimate of the 
tensile stress in the asphalt that is required to pull the asphalt 
free of the asphalt-aggregate interface. 

If water at zero Gibbs free energy is attracted to the in
terface, it can reduce that component of the tensile strength 
to zero, leaving only the enthalpy to maintain the bond. The 
ratio of tiHIT!:iS gives an estimate of the minimum tensile 
strength ratio (TSR) that can be observed with each asphalt
aggregate combination. In Table 9, known stripping aggre
gates, RC-limestone and RL-gravel, have an estimated min
imum TSR of around 0.41 and less. It is interesting to note 
that these correspond to a minimum tensile strength, the en-

TABLE IO Surface Strain Energy Storage Density for the Asphalt
Aggregate Interface 

Aggregete Asphalt 

RC 

RH 

RL 

RK 

AAD 

AAM 

AAK 

AAD 

AAM 

AAK 

AAD 

AAM 

AAK 

AAD 

AAM 

AAK 

1Measured by the B E,T. Method 
2 Aged Adsorption .6.G 

SSA 
Specific Surface ....... 

(m1/gm) 

1.78 

1.78 

1.78 

J , 12 

J .12 

3, 12 

0 ,93 

0.93 

0.93 

17.4 

17.4 

17.4 

aG r 
Gibbs Free Energy Surface Strain 

of Aspb&ll Energy Slonige 
Anregatel Density 
gm-cm/gm IJllj;W 

cm' 

xl0-1 

-321 1.80 

-188 1.06 

-268 L.51 

-371 J.19 

-203 Q.65 

-288 0.92 

-342 3.68 

-194 2.09 

-288 3.10 

-328 0. 19 

-190 0.11 

-258 0.15 
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thalpy, /::,,.H, which is lower than currently measured truck tire 
pressures that frequently reach 150 psi. 

An alternative way that asphalt may become debonded 
from an aggregate surface is by the propagation of a de
bonding crack along the interface due to repeated tensile 
stresses in the asphalt. The critical material property is the 
amount of released strain energy that can be stored on the 
surface of the de bonded crack. The crack surface strain energy 
storage density, r. is found by dividing the Gibbs free energy 
by the specific surface area as given in Table 10 (9). This table 
suggests that RK-basalt, having a large specific surface area, 
is highly susceptible to this kind of debonding fracture. 

CONCLUSIONS 

Asphalt-aggregate adsorption and desorption studies show 
specificity in the interactions between asphalt and aggregate. 
The amount of a particular asphalt adsorbed or desorbed on 
aggregate was dependent upon the aggregate bulk and surface 
chemistry and morphology. The amounts adsorbed and de
sorbed varied considerably over a range of four aggregates. 
Likewise, the composition of the asphalt and its degree of 
aging affected the interaction with aggregate. The influence 
of the aggregate on adsorption and desorption was much greater 
than that of the asphalt. Fitting these behaviors to the Lang
muir model yielded equilibrium constants and Gibbs free en
ergy values of adsorption that can be related to concepts used 
in unsaturated soil mechanics. Evaluation of the Gibbs free 
energy in terms of those units typically used in soil mechanics 
yielded the following conclusions: 

• Water in the voids in asphaltic concrete can be drawn 
toward the asphalt-aggregate interface by the negative Gibbs 
free energy potential of that interface as long as the water is 
in a potential state that is less negative than the interface. 
This effect will occur for all water vapor at a relative humidity 
greater than 99 percent or for liquid water in equilibrium with 
water vapor. 

• Accurate measurements of enthalpy, /::,,.H, as it varies with 
temperature can give reasonable estimates of the minimum 
tensile strength of the asphalt-aggregate interface, which is 
useful in estimating the potential of an aggregate for stripping. 
Estimates of the enthalpy are presented at 25°C, but what is 
really needed is a way of measuring it at that temperature. 

• The role of Gibbs free energy of the asphalt-aggregate 
interface is to increase its tensile strength and resistance to 
debonding fracture. As water is drawn by diffusion through 
the asphalt and to the interfaces, it reduces the size of the 
Gibbs free energy and thus the tensile strength and the resis
tcince to debonding fracture. Thus, Gibbs free energy rep
resents the safety factor that an asphalt-aggregate interface 
has against stripping. Air voids in an AC mix that are filled 
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with water or at a relative humidity greater than 99 percent 
will eventually reduce this factor of safety. 

• A chemical means of identifying the asphalt-aggregate 
combinations that are likely to strip has been developed, and 
the measured data suggest two related mechanisms for strip
ping: tensile adhesive fracture and debonding fracture caused 
by repeated tensile stresses in the asphalt binder. 
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Net Adsorption of Asphalt on Aggregate To 
Evaluate Water Sensitivity 

C. W. CURTIS, M. STROUP-GARDINER, C. J. BRANNAN, AND 

D. R. }ONES IV 

The net adsorption test was developed to evaluate the affinity of 
asphalt for aggregate and to determine the water sensitivity of a 
given asphalt-aggregate pair. The development of the test oc
curred in two steps. First, an initial screening of Strategic Highway 
Research Program Material Reference Library (MRL) aggregates 
(both siliceous and calcareous) was performed with three different 
MRL asphalts. The initial testing used 5 g of -40 to + 80 mesh 
washed aggregates. Second, a scaled-up version of the test was 
developed that had a sample size of 50 g of minus No. 4 fraction 
aggregate and used commercially available equipment. The ag
gregate properties predominated in this test, showing a stronger 
influence than the asphalt on the initial amount of asphalt ad
sorbed, the amount of asphalt desorbed by water, and the amount 
of asphalt remaining, the net adsorption. The aggregate condi
tions recommended for the test use the minus No. 4 aggregate 
fraction (unwashed). These conditions yield results most repre
sentative of the aggregate used in actual pavement. 

The effect of moisture on highway structures has been of 
concern to the highway community for at least the last 40 
years . Extensive studies have been undertaken in both Europe 
and the United States to help understand the effect of mois
ture in pavements and to develop methods for determining 
moisture sensitivity of asphalt-aggregate mixtures prior to 
construction. As a result, today there exists a substantial in
dustry selling chemicals to prevent moisture damage to pave
ments. These materials are mainly amine-based organic mix
tures and hydrated lime. Current testing practices for assessing 
the potential for moisture damage in asphalt-aggregate mix
tures use variations of the following four basic methods. 

The European community primarily uses variations of the 
rolling bottle test. In this test a large (10 to 15 mm) stone is 
coated with asphalt and placed in an Erlenmeyer flask . The 
sample is covered with water, a stirring rod is added to provide 
tumbling action, and the flask is rotated, usually for a period 
of 24 hr. The amount of asphalt remaining on the stone after 
this treatment is evaluated visually. 

In the United States, three tests predominate. The first is 
the boiling water test. In this test an asphalt-aggregate mixture 
approximating the formulation used in road paving is placed 
in boiling water, usually for about 10 min. The mix is taken 

C. W. Curtis and C. 1. Brannan, Department of Chemical Engi
neering, Auburn University , Ala. 36849-5127. M. Stroup-Gardiner, 
Civil and Mineral Engineering, University of Minnesota, Minneap
olis, Minn. 55455. 0. R. Jones IV, Asphalt Research Program, Uni
versity of Texas at Austin, Austin, Tex. 78759-8345. 

out of the water and allowed to dry. The amount of asphalt 
remaining on the aggregate is evaluated visually. 

The other two widely used methods in the United States 
incorporate accelerated conditioning procedures into the test 
method prior to determining mixture properties such as tensile 
strength and resilient modulus. These two methods are the 
Root-Tunnicliff (1) and Lottman (2) procedures. The primary 
differences in the two methods are the initial saturation levels 
of the specimens. These methods generate a measurement of 
mixture properties, rather than requiring visual examination, 
but there is no general agreement as to the correlation of test 
results with pavement performance. 

The area of moisture damage to pavements was targeted 
in the original Strategic Highway Research Program (SHRP) 
planning process as one of six major distress areas for inves
tigation (3). The objective of part of the research was to study 
the fundamental properties of asphalt-aggregate interactions , 
including adsorption, absorption, and moisture damage. The 
research approach was to investigate the fundamental pro
cesses of both asphalt adsorption to the aggregate and sub
sequent deterioration of that adsorption in the presence of 
water. A relatively fast and simple test has been developed 
to determine the adsorptive nature and the water sensitivity 
of a wide range of typical paving quality aggregates. The test 
was developed to provide a rapid, simple, quantitative mea
sure of the amount of asphalt adhered to aggregate after 
exposure to water. 

TEST PROCEDURE AND METHOD 

The test is composed of three parts. First, asphalt is flowed 
over and adsorbed onto aggregate from a toluene solution 
using a recirculating column. The adsorption step is allowed 
to run for 7 hr. Second, a small amount of water is introduced 
into the toluene solution and the adsorbed asphalt that is 
sensitive to the presence of water is desorbed from the ag
gregate. Third, the amount of asphalt remaining on the ag
gregate after the introduction of water is determined. This 
amount is termed net adsorption and gives a measure of the 
affinity of the asphalt for the aggregate. The difference be
tween the amount of asphalt adsorbed before and after de
sorption by water serves as an indicator of the water sensitivity 
of the pair. 

The test is discussed in two sections. The first part describes 
the initial experimental work that was performed to screen 
siliceous and calcareous aggregates. The second part describes 
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the scale-up of the test to use both larger quantities and a 
wider particle size range of aggregate. Washed aggregate sam
ples were used in the first method, while both washed and 
unwashed aggregates were used in the second. The scaled-up 
version of the test provided a closer representation of the 
material actually used in pavement construction. 

This test is envisioned as a method to select asphalt-aggregate 
pairs as road paving materi als in terms of the affinity of asphalt 
for the aggregate and the sensitivity of the pair to water. This 
test provides a relative measure of water sensitivity within a 
given set of asphalt-aggregate pairs whose performance in a 
road pavement and in the net adsorption test is known. This 
test is applicable in ranking new materials or different com
binations of materials by their net adsorption. Their perform
ance could then be predicted within the set of materials typ
ically used for a given state or region. 

TABLE I Physical Properties or MRL Aggregates" 

Sample RA RB RC RD RE 
Granite Granite Limestone Limestone Gravel 

SiO~ 73.4 56.2 6-49 16.4 93.7 

Al,O, 13.4 19-8 1.23 2.28 1.86 

Fe 20:i 2.24 6.49 0 .78 0.80 1.46 

MgO 0 ,49 2.60 2.52 5.29 0.31 

Cao 1.24 8.87 48 .9 39.1 0.42 

Na,o 3.41 3.04 0.24 0.16 0.18 

K,O 4 ,92 0.44 0.22 1. 16 0.23 

Ti0 2 0.22 0 .51 0.03 0.06 0.09 

P20 s <0.05 0.06 <0.05 <0.05 <0.05 

MnO, 0 .05 0. 12 <0.02 <0.02 <0.02 

LOI 0 .22 1.98 40.3 35.0 0.43 
j.------- 1--------- ---------- ---------· --·--·~ 

Total 99.59 100. 11 100.71 100.25 98.75 

MAL Surface 
Area, m 2/g 0.19 1.62 2.90 0.72 0 .95 

Surface 
Area for 1.78 
-35to50 
mesh. m2/g 

Pore 
Volume, 0.0045 0.0106 0.0099 0.0013 0.0031 
cc/g 0.0100 0.0344 0. 1085 0.0301 0.0098 

> 3000 A 0.000 0.0017 0.0045 0.003 0.0004 
500. 

3000 A 
< 500 A 

Acid 94.6 87 .9 7.9 23.5 96.1 
Insolubles, 
% 

Water 11.7 8.1 8.1 5.1 6.6 
Solubles, % 

lithology,% 98.4 100 100 53,3 Misc. 
Granite Granite Limestone Shely 

1.4 limestone 
B.111selt 26.8 

Limestone 
19.7 

Arenaceous 
Limestone 
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EXPERIMENTAL 

Materials 

Aggregates 

Eleven of the SHRP Material Reference Library (MRL) ag
gregates were evaluated during the initial development of this 
test procedure. The MRL aggregates included two granites 
(RA from Georgia and RB from California), three limestones 
(RC from Kansas, RD from Maryland, and RF from Geor
gia), three gravels (RE from Illinois, RJ from Wyoming, and 
RL from Texas). and one each of sandstone (RG from Penn
sylvania). basalt (RK from Oregon), and greywacke (RH from 
California). The chemical and physical properties of each ag
gregate are presented in Table l. Eight additional limestones, 

RF RG RH RJ RK RL 
Glacial Sandstone Greywacke Gravel Basalt Gravel 
Gravel 

15.8 52 .8 66.0 76 .5 50.1 63.1 

1.89 2.27 10.4 12.2 13.7 4.66 

1. 17 0.72 12.9 1.09 15.0 1.67 

16.7 0.35 2 44 0.27 6.88 0.32 

25.9 23.78 2.35 1.45 10.3 14.5 

0.41 <0. 15 2.57 2.91 2.25 0.92 

0.52 0 .88 0.99 4.31 0 .62 1.72 

0.08 0 .14 0.53 0.07 1.48 0.09 

<0.05 <0.05 0.13 0.09 0.22 0.05 

0.03 0.04 0.20 <0.02 0.21 <0.02 

37.4 18.7 0.96 0.59 -0.36 11 .2 ---- ------ ------ ------ --- --------
99.95 99.88 99.47 99.48 100.4 98 .23 

1.66 1.99 2.74 1.32 15.73 2.41 

3,12 17 .4 0 .93 

0 .0019 0.0170 0.0128 0.0026 0.0079 0.0010 
O.Ql 72 0.0482 0,0905 0.0071 0.0289 0.0104 
0.0018 0 .0018 0.0023 0 .0002 0.0031 0.0012 

28.2 55.7 92.1 96.2 90.1 85.3 

5.0 4.9 9.7 6.3 7.4 9.3 

72.6 100 71 .3 47.4 94.4 59.1 
Limesto Celcarnous Micacaous Sandsto Basalt Chert 

no Snndstone Sandstone no 4.5 18.2 
10.8 11 .2 28.4 Misc . Arenece 
Misc. Misc. Granite 0.6 ous 
5.9 10.9 23.7 Sandsto limes ton 

Greywe Granite Misc. no . 
eke 6.6 0.4 11 
4.4 Chert Desalt Granite 

Chert 5.8 
3,7 Misc. 

Grendio-
rite 
2.6 

Basalt 

•Data are internal SHRP analyses for MRL aggregates. They are intended for comparison only. 
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obtained from various states in the eastern United States , 
were also tested. The limestone sources, their surface areas, 
and an observation of their stripping problems are presented 
in Table 2. Since limited quantities of these materials have 
only recently been added to the SHRP MRL, no further anal
ysis of their properties is available. 

Aggregates used in the initial experiments were sieved 
samples of -40 to + 80 mesh . These aggregates were washed 
with distilled water, dried for 1 week at 150°C, and stored 
away from light. Before use, the aggregate was dried in an 
oven for 24 hr at 150°C, placed in a desiccator to cool, and 
then transferred to the adsorption columns. The aggregate 
fraction used in the second phase of the test development was 
the entire minus No. 4 fraction either used as received or 
washed according to ASTM Method Cl 17. The aggregate was 
dried overnight at 150°C, then stored in a desiccator. 

Binders 

Three binders selected from the SHRP MRL were an AR 
4000 asphalt approximately equivalent to an AC-10 (AAD-1 
from California), an AC-20 (AAM-1 from West Texas), and 
an AC-30 (AAK-1 from Venezuela). The properties of these 
asphalts are given in Table 3. 

Solvent 

The solvent used in this study was toluene, spectranalyzed 
grade from Fisher Scientific. Toluene was dried prior to use 
using activated molecular sieves for the initial screening pro
gram. In the second phase of the work the drying step was 
eliminated after no effect of drying was observed. Distilled 
and deionized water was used in the desorption step of the 
study. 

Net Adsorption Test 

The screening test was performed by adsorbing asphalt from 
toluene solution onto aggregate using a recirculating system 
that consisted of a constant-temperature column containing 
aggregate through which asphalt solution flowed continu
ously. The column temperature was maintained at 25°C. The 
time of the adsorption step was 7 hr. The experiment was 

TABLE 2 Limestones Used in Net Adsorption Test 

Aggregate Code Limestone Source Surface Area, m2/g"' Aggregate 
Pet ru1 ma.nee 
Ranking•• 

RI Iowa 1.03 Non-Stripping 

R2 Ohio 0.81 Non-Stripping 

R3 Florida 2.77 Non-Stripping 

R5 Kentucky 1.81 Stripping 

R6 Kentucky 2.03 Stripping 

R7 Kentucky 5.79 Stripping 

R8 Kentucky 6.06 Stri~ping 

• determined by Nitrogen BET Analysis 
•• opinions of pavement performance were obtained from different state highway officia1s 
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begun by charging the asphalt in toluene solution into the 
column, then adding the aggregate. The initial volume of the 
solution was 27 ml. As the asphalt in toluene solution flowed 
over the aggregate, some of the asphalt adsorbed onto the 
aggregate, reducing the concentration of asphalt in the tol
uene solution. The initial concentration of asphalt was de
termined by measuring the visible absorbance at 410 nm using 
a UV-visible spectrophotometer. The concentration of asphalt 
after adsorption was determined by measuring the decrease 
in the visible absorbance of the asphalt at 410 nm after 7 hr 
of adsorption. The concentration of the asphalt in solution 
was subsequently determined by using Beer's law: 

A = abc 

where 

A absorbance at 410 nm, 
a absorptivity (L/g cm) of the asphalt at 410 nm, 
b cell path length (cm), and 
c = concentration (g/L). 

The equations for calculating the amount adsorbed are 

CIC,,= A/A,. 

AspW = V,,(C
0 

- C) 

Asp = V,C,,(Ao - A)IWA,, 

where 

C0 and C = concentrations of the asphalt solution before 
and after adsorption, respectively; 

A,, and A = visible absorbances at 410 nm of the asphalt 
solution before and after adsorption, respec
tively; 

V
0 

solution volume before adsorption ; 
Asp amount of asphalt adsorbed per gram of ag

gregate (gig); and 
W = mass of aggregate used (g). 

The desorption step involved introducing 136 µ£of water into 
-27 ml of toluene solution and allowing the solution plus 
water to recirculate over the aggregate bed. After the de
sorption step was completed (2 hr), the absorbance of the 
asphalt solution was monitored at 410 nm, and the asphalt 
concentration was determined using the following equations: 

D,,.W = - V,..(C - C,,.) 

D,, = - V,, .C(A - A,,.)IWA 

where 

C,,. = concentration of the asphalt solution after desorp
tion; 

A,,. = visible absorbance at 410 nm of the asphalt solution 
after desorption ; 

V,.. toluene solution volume during desorption; and 
D.,. amount of asphalt desorbed per gram of aggregate. 
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TABLE 3 Physical and Chemical Properties of Asphalts" 

Asphalt Properties 

PROPERTY AAD-1 AAM-1 AAK-1 

AR4000 AC-20 AC-30 

140°F, Viscosity Poise 1055 1992 3256 

275°F, est 309 569 562 

Component Analysis 

Asphaltenes, % 23 .0 3.9 21.1 

Polar Aromatics, % 41.3 50.3 41.8 

Naphthene Aromatics, % 25.1 41.9 30.0 

Saturates, % 8.6 1.9 5.1 

Elemental Analysis 

Carbon, % 81.6 86.8 83.7 

Hydrogen, % 10.8 11.2 10.2 

Oxygen, % 0.9 0.5 0.8 

Nitrogen, % 0.8 0.6 0.7 

Sulfur, % 6.9 1.2 6.4 

Vanadium, ppm 310 58 1480 

Nickel, ppm 145 36 142 

c.-.i.. % 23.7 24 .7 31.9 

H.-.i.· % 6.8 6.5 6.8 

Absorptivity (liters/ gm cm) 

410 nm 3.79 S.74 7.40 

375 nm 4.90 8.11 6.57 

Functional Group Analysis by IR 

Carboxylic Acids 0.011 0.000 0.013 

Acid Salts 0.000 0.000 0.000 

Acid Anhydrides 0.000 0.000 0.000 

Quinolones 0.024 0.012 0.012 

Ketooes trace trace trace 

Phenols 0.124 0.070 0.027 

Sulfoxides trace trace trace 

Pyrroles 0.168 0.157 0.110 

• Data are internal SHRP analyses for MRL asphalts. They are intended for comparison only 

The net adsorption was obtained by subtracting the amount 
of asphalt desorbed by water from the amount initially ad
sorbed, where net adsorption = Asp - D,, .. 

This test procedure used an initial concentration of 0.6 
g/L of asphalt in toluene solution. This concentration was 
chosen on the basis of isotherm data that showed for many 
aggregates that the adsorption amount was beginning to level 
out (see companion paper in this Record by Curtis et al.). 
The asphalt used in the screening study was aged in a thin
film oven for 5 hr at 163°C, TFOT test conditions (ASTM D 
1754). The adsorption step ran for 7 hr. The time required is 
dependent on the equipment used; the time selected should 
be the time required to reach equilibrium in each step of the 
experiment. It is not always possible to reach equilibrium in 
the adsorption step so that sometimes that step is cut short 
with satisfactory results, but reaching equilibrium is manda
tory in the desorption step to achieve satisfactory results. 

Duplicate experiments are required for reliability and were 
performed. Triplicate experiments are suggested if asphalt
aggregate pair shows considerable variability. Several sets of 
experiments can be run simultaneously using a multiple-head 
peristaltic pump. The precision of duplicate runs of the ex
periments performed to date is presented later. Accuracy of 
the method could not be determined, since there are no stan
dards whose true values are known. 

SCALED-UP NET ADSORPTION TEST METHOD 

The goals in scaling-up the test developed in the initial phase 
of this work were as follows: 

• Maximize the quantity of aggregate used in the test while 
minimizing the amount of the solvent. 
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• Use aggregate gradations as close as practical to those 
used in producing pavements . 

• Keep the relationship between materials quantities the 
same as in the initial study. 

• Adjust the timing of the procedure so that the test can 
be completed within the typical working day. 

• Locate commercially available sources of all equipment. 

Since 500 g of the entire minus No. 4 fraction is typically 
used in conventional laboratory-prepared mixture specimens, 
it would be desirable to use the same formulation in the net 
adsorption test. However, this quantity of aggregate would 
require a minimum of 1.3 L of solvent per test column in 
order to maintain a constant proportion in material quantities. 
This quantity of solvent was too large in terms of both cost 
and requirements for satisfactory recycling or disposal. The 
resulting compromise between the desirable maximum ag
gregate quantity and minimum solvent quantity yielded a fin al 
aggregate sample size of 50 g. In order to further reduce the 
amount of solvent used, the volume of solvent was halved 
compared to quantities used in the initial screening stage of 
this work, while the concentration of asphalt dissolved in the 
solvent was doubled. This procedure resulted in no net change 
in the ratio of asphalt to aggregate . 

For the test to best represent actual paving practice, the 
use of the same gradation as the job mix formula (JMF) was 
desirable. However, there was concern that the very fine ag
gregate present in the JMF would become suspended in the 
solution and result in erroneous spectrophotometer readings . 
In order to investigate this possibility, both washed and un
washed minus No. 4 fractions were tested. 

As discussed previously the volume of solvent was altered 
in order to reduce the quantity of solvent, which gave rise to 
the question of how much to increase the water added to the 
column during the desorption phase of the test. If the volume 
of water was increased in proportion to the volume of solvent, 
then 575 µf of water should be used. If, however, the µf of 
water per gram of aggregate was to be kept constant , then 
1, 150 µf of water was needed . In order to address this prob
lem, both quantities of water were included in the test matrix. 
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The time for running the test was reduced to 6.5 hr for the 
initial adsorption phase ; the time of 2 hr was maintained for 
the desorption phase . With 45 min of preparation time in the 
morning and 30 min of cleanup, this procedure can now be 
completed during normal laboratory operating hours . 

The goal of equipment changes between the first and second 
phases of the test development was to make it easier for state 
highway departments to use this test. The only major change 
was the substitution of a commercially available jacketed 
chromatography column for the original hand-blown column. 
This change had several advantages. First , the unit is com
mercially available . Second, the column is designed to be 
disassembled into individual parts, with each component being 
easily replaceable . Most importantly, the frit which retains 
the aggregate in the column has a substantially greater surface 
area and is easily removable for cleaning and replacement. 

RESULTS AND DISCUSSION 

Initial Net Adsorption Test 

The net adsorption test yields data that provide information 
on the affinity of different asphalt-aggregate pairs under dry 
and moist conditions. The initial amount of asphalt adsorbed 
before introduction of water gives an indication of the affinity 
a particular asphalt has for a given aggregate. The amount of 
asphalt desorbed is obtained after water is introduced into 
the system. The net adsorption or the amount of asphalt 
remaining on the surface of the aggregate after desorp
tion is an indication of the moisture sensitivity of the asphalt
aggregate pair. 

Net Adsorption of MRL Siliceous and 
Calcareous Aggregates 

For this study, the 11 MRL aggregates were tested with three 
different aged asphalts, AAD-1, AAK-1, and AAM-1. Al
though the asphalts differed substantially in their chemical 

TABLE 4 Initial Adsorption and Percent Desorption of Asphalt with MRL Aggregates 

AAD-1 AAK-1 AAM- l 
Asphalt/ 

Initial Initial Percent Initial Percent Aggregate Percent 
Adsorption Desorption Adsorption Desorption Adwrption Desorption 

RA-granite 0.18±0.03 61.5 0.25±0.04 28.7 0.20±0.18 99.5 

RB-granite 0.85 ±0.04 19.1 0.89±0.11 18.1 0.77±0.03 22.6 

RC-limestone 1.9 20 1.7 25 1.4 22 

RD-limestone 0.73±0.06 18.5 0.73±0.02 18.9 0.77±0.09 30.4 

RE-gravel 0.98±0.05 29.7 1.01±0.006 39.0 0.85±0.02 47.1 

RF-glacial gravel 0.90±0.04 32.2 0.85±0.06 43.7 0.83±0.05 47.2 

RG-sandstone 0.70±0.02 17.8 0.60±0.09 31.0 0.59±0.02 42.0 

RH-greywecke 1.3 25 1.22 23 1.2 24 

RJ-gravel 0.31 ±0.003 60.3 0.34±0.06 44.0 0.42±0.63 50.0 

RK-basalt 1.7 17 1.56 19 1.4 17 

RL-jlravel 1.4 28 1.4 30 1.2 28 
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composition and characteristics , for a given aggregate the 
differences in the asphalt initial adsorption behavior were 
quite small. Based on the amount adsorbed, the asphalts ranked 
AAD-1 ~ AAK-1 > AAM-1 for most aggregates, with 
AAD-1 and AAK-1 occasionally changing positions. The 
initial asphalt adsorption amounts for the 11 MRL aggre
gates are shown in Table 4. 

The amounts obtained for initial adsorption ranged from a 
high of 1.9 mg/g for AAD-1 on RC-limestone to a low of0.18 
mg/g on RA-granite; a high of 1.7 mg/g of AAK-1 on RC
limestone to a low of 0.25 mg/g on RA-granite; highs of 1.4 
mg/g of AAM-1 on RC-limestone and RK-basalt to a low of 
0.2 mg/g on RA-granite. Hence, each asphalt exhibited high 
and low levels of adsorption on the same aggregates, but the 
magnitude of the differences among the aggregates for each 
asphalt was quite large. 

The adsorption behavior of the siliceous aggregates before 
and after water desorption varied considerably. Two aggre
gates, RA-granite and RJ-gravel, showed consistently low 
adsorption and were quite sensitive to water regardless of the 
asphalt used. Aggregates RB-granite, RE-gravel, and RG
sandstone showed similar behavior in their initial asphalt ad
sorption for the three asphalts; however, RE-gravel tended 
to show a higher sensitivity to water and an increased amount 
of asphalt desorbed compared to the other aggregates. The 
two siliceous aggregates that gave the largest amounts of as
phalt adsorption, regardless of asphalt, were RH-greywacke 
and RK-basalt. Both of these aggregates also had low sen
sitivity to water. 

The MRL limestones used in this study included RC, a 
highly absorptive limestone, RD, a nonabsorptive limestone, 
and RF, a limestone with other types of minerals present. 
The initial adsorption behavior of the three asphalts was sim
ilar on the three limestones and ranked the aggregates RC > 
RF > RD. However, the moisture sensitivities of these lime
stones seemed somewhat asphalt dependent, with AAM-1 
showing more sensitivity to water than either AAD-1 or AAK-
1 except for RC-limestone. RF-limestone yielded consider
ably more desorbed asphalt than did either RC- or RD
limestones. 

Even though the amount of adsorption and desorption that 
occurred varied somewhat from asphalt to asphalt, for a given 
aggregate the net adsorption, defined as the amount of asphalt 
remaining on the aggregate, was similar as shown in Figure 
1. The net adsorption ranking of the siliceous aggregates for 
all three asphalts was RK-basalt > RH-greywacke = RL
gravel > RB-granite > RE-gravel > RO-sandstone > RJ
gravel > RA-granite. The net adsorption of the limestone 
aggregates ranked as RC > RD = RF. 

Relationship Between Net Adsorption Test Results and 
Aggregate Properties 

Stepwise regression analyses were used to estimate the role 
of aggregate chemistry in the net adsorption test. The test 
data evaluated were those involving the 11 MRL aggregates 
used in the initial screening experiments. The variables were 
the aggregate composition and morphology as measured by 
X-ray fluorescence, aggregate surface area, and zeta poten
tial. Three regressions were performed, one each for pre-
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FIGURE I Net adsorption of asphalts on MRL aggregates. 

dieting initial adsorption, net adsorption, and the difference 
between the two. The results of these statistical evaluations 
are presented in Table 5. 

The statistical evaluations indicate that the initial adsorp
tion of the binder by the aggregate was a function of potassium 
oxide and aggregate surface area (by BET analysis) . As the 
potassium oxide content of the aggregate decreased , initial 
adsorption of asphalt increased. As the surface area increased, 
the net adsorption increased. The r2 of the final equation was 
0.71, which suggests that the initial adsorption of the binder 
onto the aggregate surface was influenced by other variables 
not included in the analysis. The binder properties may also 
influence the relationship. However, only three binders were 
used in this study, which did not provide a sufficient data base 
for further analysis. 

The net adsorption, however, was a function of five vari
ables that are listed in decreasing order of impact: the lack 
of potassium oxide as denoted by the negative sign in the 
table, surface area, presence of calcium oxide, zeta potential, 
and presence of sodium oxide. These conclusions pass the test 
of reasonableness. First, the presence of potassium has been 
previously identified as being detrimental to adhesion (4). 
Second, higher surface area provides more active sites per 
gram of aggregate for interaction between the aggregates and 
the binder. Third, calcium has long been identified as being 
beneficial to enhanced adhesion between asphalt and aggre
gate in the presence of water. Fourth, a more negatively charged 
aggregate may provide a stronger driving force for the ad
sorption. The final r 2 of 0.90 indicates that the net adsorption 
was primarily a function of the aggregate properties, with little 
influence being contributed by other potential variables such 
as binder composition. 

The diffen;nce between the two measurements was mod
erately dependent on the lack of potassium oxide. However, 
the r2 was only 0.34, and the stepwise regression was not 
improved with the addition of any of the other variables. 

Net Adsorption of Various Limestones 

Additional limestone samples were obtained by SHRP and 
used in the net adsorption test. The sources and surface areas 
of the limestones are given in Table 2. The initial adsorption 
behavior of AAD-1 and AAK-1 on the seven limestones was 
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TABLE 5 Results or Stepwise Regression Analysis 

Variable Step 

I 2 3 4 5 

Initial Adsorption 

K20 -0.241' -0.205 
-5.70b -5.82 

Surface Area 0.046 
4.04 

Regression Constant 0.322 0.258 
r2 0.54 0.71 

Net Adsorption 

K20 -0.200 -0.0164 -0. 135 -0. 186 -0.251 
-5 .10 -5.26 -4.25 -7.01 -7.31 

Surface Area 0.045 0.049 0.158 0. 132 
4.52 5.18 6.27 5.35 

Cao 0.006 0.017 0.020 
2.27 5.41 6.55 

Zeta Potential• -0.038 -0.033 
-4.52 -4.18 

Nao 0.111 
2.63 

Regression Constant 0.300 0.230 0.213 0.161 0.145 
r2 0.48 0.71 0.75 0.87 0.90 

Difference Between Initial and Net Adsorption 

K20 -0.041 
-3.79 

Regression Constant 0.300 
r2 0.34 

a: the regression coefficient 
b: I-ratio 
c: zeta potential is typically negative, the negative coefficient means the more negative the zeta potential the 

greater the adsorption 

very similar as presented in Table 6, while that of AAM-1 
was somewhat less. The initial amount of AAD-1 adsorbed 
ranged from a high of 1.8 mg/g on RS to a low of 0.56 mg/g 
on R2; AAK-1 ranged from a high of 1.7 mg/g on R7 to a 
low of 0.64 mg/g on R2; while AAM-1 ranged from a high 
of 1.4 mg/g on R7 to a low of 0.58 mg/g on R2. The range in 
the adsorption amounts was not as great on the limestones as 
it was on the MRL aggregate, although a considerable vari-

ation in the amount adsorbed was observed for a given asphalt 
over the seven limestones. 

The desorption behavior of the three asphalts on the lime
stones also varied. Their desorption behavior ranged from 
being similar for the three asphalts for Rl, RS, R6, R7 and 
R8 to being very different for R2 and R3 . In the latter two 
cases, AAM-1 asphalt desorbed considerably more than did 
either AAD-1 or AAK-1. The specificity of the interaction 

TABLE 6 Initial Adsorption and Percent Desorption or Asphalt with Various 
Limestones 

AAD-1 AAK-1 AAM-1 
Asphalt/ 

Initial Percent Initial Percent Initial Percent Limestone 
Adsorption Desorption Adsorption Desorption Adsorption Desorption 

RI 1.06±0.04 32.3 1.08±0.05 32.0 0.95±0.01 33.8 

R2 0.56±0.01 35.0 0.64±0.05 30.0 0.58±0.03 66.4 

R3 1.3)±0.08 15.0 1.23 ±0.07 12.8 0.97±0.04 41.6 

RS 0.92±0.01 21.0 0.90±0.02 33.6 0.75±0.02 33.2 

R6 1.23±0.04 31.2 1.27±0.02 19.9 1.01±0.07 34.0 

R7 1.73±0.0S 16.7 1.75±0.04 24.7 1.37±0.01 24.3 

RS 1.79±0.03 42.4 1.51 ±0.11 37.7 1.35±0.01 42.6 
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between asphalt and limestone became apparent with lime
stones such as R3, where AAD-1 and AAK-1 showed very 
little sensitivity to water at 15 and 13 percent desorption, 
respectively, while the AAM-1/R3 pair yielded a very high 
desorption of 42 percent. 

The net adsorption for the limestones is given in Figure 2. 
The net adsorption ranking of the limestones for all three 
asphalts was R7 > R3 2: R8 > R6 > Rl > RS > R2. The 
averaged net adsorption ranged from a high of 1.27 mg/g on 
R7 to a low of 0.34 mg/g on R2. 

Comparison of Initial and Scaled-Up Net Adsorption 
Test Methods 

FIGURE 2 Net adsorption of asphalts on various limestones. To compare the results between the initial net adsorption test 
and that of the scaled-up version, scaled-up experiments were 

TABLE 7 Comparison of Net Adsorption Results from Scaled-Up (575 µf water) Test 
to Initial Screening Test 

Measurement 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 

mg/g 
mg/g 
mg/g 

% 

mg/g 
mg/g 
mg/g 

% 

mg/g 
mg/g 
mg/g 

% 

mg/g 
mg/g 
mg/g 
% 

mg/g 
mg/g 
mg/g 
% 

mg/g 
mg/g 
mg/g 
% 

Scaled-Up 

515 µt water 
50 g Aggregate 

-No. 8 -No. 8 to No. 200 

Unwashed w .. hed 

AAD and RK-basalt 

1.98 ± 0.10 1.46 ± 0.13 
0.25 ± 0.06 0.63 ± 0.17 
1.74 ± 0.14 0.83 ± 0.19 
12.8 ± 3.6 43.3 ± 11.4 

AAD and RB-granite 

1.26 ± 0.09 0.97 ± 0.18 
0.17±0.19 O.QJ ± 0.02 
1.09 ± 0.17 0.94 ± 0.19 
13.5 ± 13.8 6.1 ± 5.15 

AAK and RK-basalt 

0.93 ± 0. 12 0.63 ± 0.20 
0.16 ± 0.24 0.13 ± 0.07 
0.78 ± 0.12 0.13 ± 0.07 
15.1 ± 24.4 20.2 ± 6.9 

AAK and RB-granite 

1.21±0.15 0.83±0.10 
0.08±0.12 -0.03 ±0.065 
1.1)±0.09 0.87±0.10 
5.8 ±9.1 -4.03±8.56 

AAM and RK-basalt 

1.38±0.11 0.82±0.015 
0.15±0.08 0.03±0.0 
1.2)±0.15 0.79±0.15 

11.0 ±6.0 3.5 ±0.0 

AAM and RB-granite 

1.09±0.06 
-0.08±0.096 

1.17±0.04 
-7.7 ±9.01 

Amount Adsorbed 
Amount Desorbed 

0.80±0.04 
0.16±0.16 
0.67±0.19 

20.5 

Net 
D 

Initial 

136 µl water 
S g Aggregate 

-No. 40 to No. 80 

WBBhed 

1.68 
0.28 
1.39 

17 

0.85 
0.17 
0.68 

19 

1.56 
0.30 
1.26 

20 

0.89 
0.16 
0.73 

18 

1.43 
0.24 
1.19 

17 

0.77 
0.17 
0.60 

23 

Net Adsorption 
Desorption 
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performed with three aggregate sources (RC-limestone, RJ
gravel, and RL-gravel) and three binders (AAD-1, AAK-1, 
and AAM-1). For all of the combinations the scaled-up method 
showed higher initial adsorption than did the initial method . 
One possible explanation for this consistent increase was that 
the flow rate in the scaled-up version was nearly three times 
faster than that of the initial method. The increased flow rate 
would allow the asphalt more opportunity to contact the 
aggregate, since the method involved recirculation of the 
solvent. 

Likewise, the net adsorption values were correspondingly 
higher for the scaled-up test than for the initial test. However, 
although the absolute values for the net adsorption were quite 
different, the resulting rankings of the asphalt-aggregate pairs 
were nearly identical. 

Calculation of the percent difference between the amount 
of binder initially adsorbed and the amount lost because of 
water was much less for the scaled-up version than for the 
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initial test. The time on the desorption step in the initial test 
represented an equilibrium value, while on the scaled-up ver
sion it did not. Thus, in order to achieve reproducible and 
representative desorption values, either the amount of water 
used or the test time for the desorption phase should be 
increased. 

Impact of Graded Aggregates on Scaled-Up Test 
Method 

The text matrix used to evaluate the scaled-up test setup and 
procedures involved asphalts, AAK and AAM, used in con
junction with the aggregates, RB-granite and RK-basalt. Table 
7 presents the net adsorption test data from a first sampling 
of aggregates and using 575 µ.f of water in the desorption step 
while Table 8 presents data from a second sampling of ag
gregate and using 1,150 µ.e of water in the desorption step. 

TABLE 8 Comparison of Net Adsorption Results from Scaled-Up (1,150 µC water) 
Test to Initial Screening Test 

Measurement 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 
Net 
D 

AA 
AD 

mg/g 
mg/g 
mg/g 

% 

mg/g 
mg/g 
mg/g 

% 

mg/g 
mg/g 
mg/g 

% 

mg/g 
mg/g 
mg/g 
% 

mglg 
mg/g 
mg/g 
% 

mg/g 
mg/g 
mg/g 
% 

Scaled-Up 

1150 p.I water 
SO g Aggregates 

-No. 8 -No. 8 to No. 200 

Unwashed Washed 

AAD and RK-basalt 

1.4 ± 0.09 1.45 ± 0.15 
-0.45 ± 0.13 0.30 ± 0,01 

1.86 ± 0.16 1.14 ± 0.14 
-31.4 ± 7.27 20.9 ± 1.88 

AAD and RB-granite 

1.62 ± 0.029 1.46 ± 0.005 
0.05 ± 0.11 0.064 ± 0.002 
1.57 ± 0.08 1.39 ± 0.003 
3.2 ± 6.8 4.4 ± 0.141 

AAK and RK·basalt 

1.99 1.25 ± 0.14 
0.05 ± 0.006 0.04 ± 0.21 
1.94 ± 0.03 1.18 ± 0.15 
2.72 ± 0.36 3.4 ± 1.47 

AAK lllld RB-granite 

l.68±0.11 1.40±0.05 
0.22±0.20 0.07±0.11 
1.45±0.13 l.32±0.085 

13.0 ± 11.0 6.1 ±7.S 

AAM and RK-basalt 

1.29 1.03±0.11 
-0.24 0.03±0.02 

1.53 1.00±0.11 
-18.6 1.6 ±0.0S 

AAM and RB-granite 

0.84±0.20 
-0.05±0.03 

0.88±0.16 
-S.6 ±S.9 

Amount Adsorbed 
Amount Desorbed 

0.83±0.04 
-0.10±0.01 

0.93±0.05 
± 12.5 ± 1.9 

Net 
D 

.. 
Initial 

136 µl water 
5 g Aggregate 

-No. 40 to No. 80 

Washed 

1.68 
0.28 
1.39 

17 

0.85 
0.17 
0.68 

19 

1.56 
0.30 
1.26 

20 

0.89 
0.16 
0.73 

18 

1.43 
0.24 
1.19 

17 

0.77 
0. 17 
0.60 

23 

Net Adsorption 
Desorption 
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Ideally, the net adsorption should have decreased as the water 
increased. However, this did not happen. The second set 
initially had a higher amount of binder adsorbed and contin
ued to have a higher amount of binder remaining on the 
aggregate surface. Also, the washed aggregate continued to 
be more consistent than the unwashed aggregate. 

A comparison of the net adsorption test results obtained 
for the initial screening test and for the scaled-up version is 
presented in Tables 7 and 8. The initial screening data used 
5 g of aggregates that were washed, sieved to between - No. 
40 and +No. 80, and had an initial adsorption test time of 7 
hr . The scaled-up data were for 50 g of aggregate consisting 
of the entire minus No. 4 fraction . For ease of comparison 
only, the same screening data were compared to both washed 
and unwashed data from the scaled-up test. 

The initial adsorption results for the RB-granite with the 
three binders were fairly consistent with the washed aggre
gates used later for desorption with 575 µC of water. The 
impact of the material sampling variability became evident 
between the two sets of scaled-up data. The data for the RK
basalt were somewhat more variable than the RB-granite; the 
degree of variability was dependent on binder and whether 
the aggregate was washed. 

The net adsorption amounts achieved for the scaled-up test 
tended to be equal to or greater than those for the initial 
screening for RB-granite. The variability in the RK-basalt was 
substantially reduced when washed RK-basalt and 1,150 µC 
of water were used during desorption. These data indicate 
that increased water quantity should help reduce the testing 
variability for the desorption phase. 

The difference between the initial and net adsorption for 
the initial screening study versus the scaled-up test is highly 
variable . The difference is attributed to the wide range of test 
method and materials changes represented by the scaled-up 
data . Because the unwashed materials represent the most 
realistic JMF materials, and the use of 1, 150 µe of water 
during the desorption phase appeared to give the consistent 
data, these test conditions were adopted. However, the re
liability of this method should be checked against mixture test 
results such as tensile strength ratios before any conclusions 
are reached. 

The standard deviations associated with measuring the 
amount of binder initially adsorbed for washed versus un
washed aggregates were compared. All of the standard de
viations were less than 0.2 mg of binder per gram of.aggregate. 
Neither dependence upon aggregate source nor an apparent 
bias of the variability caused by washed or unwashed aggre
gates was evident. Using this information, the precision of 
this first measurement can be estimated at a standard devia
tion of 0.13 mg/g for either washed or unwashed aggregates. 
Estimates of precision were obtained using the equations pre
sented in ASTM C670 and C802. 

The standard deviations associated with determining the 
net adsorption were also evaluated . Again, all standard de
viations were below 0.2 mg/g. The precision is estimated at 
0.14 mg/g for either washed or unwashed aggregates. 

The standard deviations associated with the difference be
tween the amount of binder initially adsorbed and the net 
adsorption were examined. The standard deviations for tests 
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using the unwashed aggregates were significantly larger than 
those for the washed aggregates, a fact that was not evident 
when only the individual adsorption values were used. Esti
mates of precision are 0.13 and 0.08 for the unwashed and 
washed aggregate, respectively. 

Conclusions 

The net adsorption test offers an effective means of evaluating 
the affinity and water sensitivity of an asphalt-aggregate pair. 
Although the actual performance of the SHRP aggregates is 
not known, the perceived performance and the results of the 
net adsorption test seem to agree quite well, particularly with 
the siliceous materials. 

Since the net adsorption test gives a relative measure of 
the affinity that an asphalt has for an aggregate and the sen
sitivity of the asphalt-aggregate pair to water, this test can 
best be used as a screening test for materials. Highway de
partments could develop libraries of net adsorption results 
from a set of materials, asphalts, and aggregates with known 
performance on the road . The new materials or new combi
nations of materials could be tested, compared to the known 
set, and their performance predicted. For the net adsorption 
test to represent most accurately the aggregates used in road 
paving, the recommended sample is a minus No. 4 fraction 
of unwashed aggregate. 
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Estimating Surface Area for Aggregate in the 
Size Range 1 mm or Larger 

]AMES R. CARR, MANORANJAN MISRA, AND ]AMES LITCHFIELD 

Measures of surface area are available for small particles up to 
0.5 mm in diameter, using a calorimeter to measure heat of im
mersion, and for very small particles using nitrogen adsorption. 
These methods have limited or no applicability for determining 
surface area of particles 1 mm in diameter or larger, in part due 
to the sensitivity of the analytical equipment. An empirical method 
based on the fractal dimension is described for estimating surface 
area of particles with diameters greater than or equal to 1 mm. 
This method is compared to an existing technique to judge the 
quality of the surface area estimates. For aggregate pieces having 
isotropic shape, a single perspective is photographed in silhouette 
to determine the fractal dimension of the particle's surface, from 
which surface area is estimated. For an aggregate piece of ani
sotropic shape, two or three mutually orthogonal perspectives are 
photographed in silhouette to determine the fractal dimensions 
of surfaces comprising the particle. Areas are then determined 
for these surfaces and summed to derive the total surface area 
for the sample. A practical procedure for estimating surface area 
is discussed. 

Determining surface area for particles no larger than 0.5 mm 
is possible using several laboratory procedures, such as nitro
gen adsorption or measurement of heat of immersion. With 
nitrogen adsorption, a sample is typically pulverized prior to 
testing. Using this procedure, for instance, the RJ concrete 
aggregate (one of the SHRP reference aggregates) has a sur
face area equal to 1.32 m2lg of sample (J). 

Nitrogen adsorption and heat of immersion are methods 
not applicable to determining the surface area of particles 
having a diametrical dimension of 1 mm or larger. With re
spect to heat of immersion, determined using a calorimeter, 
particles having diameters larger than 0.5 mm are associated 
with almost no measurable heat of immersion, whereas smaller 
particles are associated with a significant and measurable heat 
of immersion. From the amount of heat emitted through im
mersion, a surface area can be determined for the particle. 
For particles larger than 0.5 mm, so little heat is emitted that 
it is not possible to accurately determin,e surface area. 

Instead, an empirical procedure is sought to estimate sur
face area for particles 1 mm or larger in diameter. Aggregate 
roughness is usefully described using the fractal dimension 
(2). A rough aggregate has a greater surface area in com
parison to a smooth one for pieces of approximately the same 
size and shape. Hence, the use of the fractal dimension to 
estimate surface area is a logical extension of the previous 
work. 

This method based on the fractal dimension, though, is new. 
Therefore, another surface area estimation method is used as 
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a comparator. The method chosen uses Ferets and Martin 
diameters (3). 

BACKGROUND ON THE FRACTAL DIMENSION 

Mandelbrot ( 4) illustrates the use of fractals in determining 
the length of the west coast of Great Britain. Beginning at 
any arbitrarily located point on this coastline, the length to 
another arbitrarily located point is measured using a ruler of 
length y, computed as 

L =Ny+ f (1) 

where 

L = length between the two points, 
N = number of rulers placed end to end between the two 

points, and 
f = fraction of the ruler lengthy remaining at the end (2). 

Equation 1 is expressed in a slightly different form: 

L = [N + (fly)]y (2) 

The reason for expressing Equation 1 in this form will become 
clear momentarily. 

If a shorter ruler is used to repeat the measurement of the 
length between the two arbitrarily located points, the length, 
L, computed using Equation 2 increases. The shorter ruler 
resolves the bays and inlets bridged by the longer ruler. Thus, 
the scale of the ruler used to measure length is important. 

The relationship shown in Equation 2 is expressed using a 
superscript, D: 

L = [N + (fly)]y 0 (3) 

where Dis the fractal dimension ( 4). If we rearrange Equation 
3 such that 

Ly- 0 = N +fly (4) 

then, by taking the log of both sides of Equation 4, D can be 
solved as the slope of the plot of log(N +fly) versus log (y). 
That is, 

log(L) - D log(y) log(N + fly) (5) 



Carr et al. 

is equiva lent to Equation 4. The fracta l dimension, D, is the 
absolute value of the slope of the plot of log(N +fly) versus 
log(y). The value, log(L), simply shifts the plot along the 
horizontal axis (associated with log(y)] and hence is not a 
necessary piece of information when determining the fractal 
dimension, D. 

Three experiments to measure the length between two ar
bitrarily located points on the west coast of Great Britain are 
presented in Table 1. These results are shown in Figure 1, 
from which the fractal dimension, D, is determined to be 1.3. 
Experiments similar to that presented in Table 1 are used 
subsequently to resolve fractal dimensions of si lhouettes of 
concrete aggregate. 

BACKGROUND ON FERETS AND 
MARTIN DIAMETERS 

Measuring the diameters of an irregular particle is a difficult 
problem (3). Consequently. the measurement of the projected 
area of particle onto a plane is a difficult problem. Figure 2 
has important relevance to the following discussion. 

One way to measure the projected area of an irregular 
particle is to project the silhouette of the particle onto a piece 
of cross-hatched paper and then count squares comprising the 
projection. Alternatively. the projection onto the paper can 
be cut out, then weighed. Knowing the density and thickness 
of the paper allows the area of the projection to be computed 
from the weight. 

Alternatives to these two methods involve the use of Ferets 
or Martin diameters (shown in Figure 2). The Martin statis
tical diameter bisects the image area (projected silhouette) of 
the particle, where the direction in which the bisect is mea
sured is the same for all particles. The Ferets diameter is the 
distance between two opposite sides of the particle's projec
tion , where the distance is measured parallel to a fixed di
rection (such as the horizontal direction shown in Figure 2). 
Once either diameter is measured, the surface area is com
puted as that of a circle having the computed diameter (i.e., 
the projected area is equated to that of a circle having the 
same area). 

As seen from this discussion, Ferets or Martin diameters 
are measured somewhat arb itrarily. Moreover , the area of 
the projection of a particle is equated to that of an ideal circle. 
What is desired, though, is a measure of surface area; this is 
a notion that differs from the measure of the area of the 
particle's projection. However , preparing projections of sev
eral perspectives of a particle leads to an approximation of 
surface area by summing the areas of the different projections. 

TABLE 1 Attempts To Measure the Length of an Arbitrary 
Section of the West Coast of Great Britain 

y N + £/y Length; CN + f/ y)y 

200 km 4.55 910 km 

100 km 10. 75 1075 km 

50 km 28.25 1412 km 

1.0 1.2 1.4 1.6 1.8 2.0 2.2 2.4 2.6 

LOG10(Y) 

FIGURE I Plot of log (N +fly) versus log (y) using the 
results presented in Table 1. Similar plots (not shown) are 
used to determine fractal dimensions for the results given in 
Tables 2, 3, and 4. 

ESTIMATION OF SURFACE AREA OF 
PARTICLES OF ISOTROPIC SHAPE 
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It is evident from the foregoing discussion that the use of 
Ferets or Martin diameters leads to an approximate measure 
of surface area. As a proposed alternative, fractal dimensions 
of the perimeters of silhouettes of particles are used to gen
eralize the formulas for the calculation of surface area for 
some regular volumes, such as spheres and cubes. 

FERET'S DIAMETER 

FIGURE 2 Explanation of the Ferets and Martin 
diameters. 
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Isotropy in shape is exemplified by spheres and cubes. The 
surface area of a sphere is calculated as 

Area = 41Tr 2 (6) 

where r is the radius of the sphere. A slice through the sphere, 
passing through the center, is a circle with a circumference C 
equal to 

C = 21Tr (7) 

If a sphere has a fractal surface area, a photograph of the 
sphere in silhouette is taken, from which the fractal dimension 
of the profile of the circumference is determined as previously 
described for the west coast of Great Britain . The length of 
the profile is calculated using Equation 3. 

Setting Equation 7 equal to Equation 3 gives 

C = 21fr = ( N + f) y 0 (8) 

which yields an equivalent radius for the sphere: 

r = (9) 

Substituting this value for r into the equation for surface area 
of the sphere gives 

Area 41Tr 2 41T (10) 

which simplifies to 

Area = ~~~~~- (11) 
1T 

which is the estimate of surface area for a sphere having a 
fractal roughness. 

An extension to cubic particles follows the same logic. Given 
a cube having a dimension, x, the exposed surface area is 
equal to the sum of the exposed surface area of each face. 
Six faces are exposed , each having a surface area equal to x2

• 

Therefore, the total surface area for the cube is 

Area = 6x2 (12) 

For a cube whose faces exhibit fractal roughness, the equiv-
alent dimension , x, of the cube becomes 

(N + f) yo 

x = 
4 

(13) 

because, using the photograph of the silhouette, the total 
length, L, is that of the perimeter, and x, the dimension of 
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5 6 

FIGURE 3 Six pieces of RJ concrete in silhouette. The 
numbers shown correspond to those in Table 1. 

one side of the cube, is one-fourth of the perimeter. The area 
of each face of the cube is 

Area of face = x 2 (14) 

The total surface area of the cube having a fractal surface 
roughness is 

Area (total) = 6(area of face) = (15) 

Several aggregate silhouettes are shown in Figure 3. Fractal 
dimensions for the profiles and subsequent surface area es
timates are presented in Table 2. Also presented is the surface 
area for each particle estimated using Ferets and Martin di
ameters. There is good agreement between the two surface 
area estimation methods for Samples 1 and 2. For the other 
samples, however , the estimates derived using the fractal di
mension method are much greater than those derived using 

TABLE 2 Surface Area Estimates for Aggregate Shown in 
Figure 3 

Surface Area Estimates (cm2) 

Sample D y• (N + f/y) 8 Fractal Ferets/Martin 

1. 043 1.1 8.00 32. 87 36.80 

2 1.118 1.1 6. 64 23.83 21.08 

1.102 1.1 7.77 33. 57 18 . 46 

1.084 1.1 9 . 23 45.99 33.21 

s 1.131 1.1 6.55 46.62 22.75 

6 1. 082 1.1 8.64 43.84 31. 70 

aeecause fractal dimension, D, is listed, all that is required to 

estimate surface area is one of the rulers, y, and corresponding 

(N + f/y) value; y has units of cm. 
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Ferets and Martin diameters. Samples 1 and 2 conform rea
sonably well to an isotropic spherical shape (albeit with dis
tortion), but the other samples are strongly anisotropic in 
shape. A generic procedure for surface area estimation using 
the fractal dimension is needed. 

ESTIMATION OF SURFACE AREA FOR 
AGGREGATE OF ARBITRARY SHAPE 

The foregoing discussion assumes aggregate pieces conform 
closely to a spherical or cubic form. Few aggregate pieces, 
except by accident, conform to such shapes . One failing of 
the foregoing section is the lack of accountability for aniso
tropic shapes. Photographing the silhouette for only one per
spective of a particle is a sufficient characterization of an 
isotropic form. Two or three mutually orthogonal perspectives 
are required for anisotropic forms (see Figure 4). 

Two of the aggregate pieces shown in Figure 3 are again 
photographed in silhouette and shown in Figures 5 through 
8 to emphasize their different shapes for two orthogonal di
rections (sufficient characterization for these particles). This 
set of photographs explains, in part, the discrepancies noted 
in Table 2 between the two surface area estimation methods; 

TOP 
(roughly circular) 

I- x -I I-

r 
z 

l 

x -I 

TOP SIDE 

I 
2r 

1 

1-t--l 

SIDE 

FRACTAL 
DISK 

(roughly rectangular) 

I FRACTAL 
RECTANGULAR 

VOLUME 

L 
I- x-! 

DI 
END 

FIGURE 4 Description of anisotropic shape characteristics of 
fractal disks and fractal rectangular volumes. These shapes 
demonstrate the need to obtain more than one silhouette 
perspective to accurately estimate surface area for aggregate 
having anisotropic shape. 
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the one based on fractal dimension assumed equidimension 
for all directions, but a clear anisotropy is noted in the suite 
of photographs, Figures 5 through 8. This explains why surface 
area was overestimated by the fractal dimension method. 

In Figures 5 and 6, two orthogonal perspectives are shown 
in silhouette for one aggregate sample. Table 3 gives the 
fractal dimensions for the two silhouettes. That for the profile 
featured in Figure 5 is 1.107. The length of this profile is 
calculated using Equation 3. Using the results shown in Table 
3, the length is 11.8 cm. The average thickness, t, of the 
aggregate particle perpendicular to this profile (this average 
thickness is determined using Figure 6) is 1.5 cm. The surface 
area for that portion of the aggregate particle orthogonal to 
the silhouette shown in Figure 5 is equal to Lt, which, for this 
sample, is 11.8 cm x 1.5 cm = 17.7 cm~ . 

In Figure 6, the silhouette of an orthogonal perspective is 
shown with a fractal dimension of 1.0 for the left face and 1.0 
for the right face. The fractal length of each face is determined 
from Table 3 to be 

L(lft face) = ( N + ~) yD 4.5 cm (16) 

•t 11 l1 1 ;1 1.f I 

l' (, 

FIGURE 5 Silhouette of one of the aggregate pieces shown in 
Figure 3 (this piece is Number 4 in Figure 3). 

' . 
J 11 I I I~ I :l I l l .. "i 

9 ,, 

FIGURE 6 Silhouette of the side view of the aggregate piece 
shown in Figure 4. This aggregate piece has anisotropic shape 
and is roughly modeled as a fractal disk. 
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I • :J ft It I + • ' • • *~ 

,. 

FIGURE 7 Silhouette of one of the aggregate pieces shown in 
Figure 3 (this piece is Number 3 in Figure 3). 

L(rt face) = ( N + f) y 0 = 4.0 cm (17) 

The average dimension orthogonal to these profiles for each 
face, left and right, is measured from Figure 5 and is found 
to be 2.2 cm. The surface area for the left face is determined 
to be L(lft face) x t = 4.5 cm x 2.2 cm = 9.9 cm2 , and for 
the right face is determined to be L(rt face) x t = 8.8 cm2 • 

The total surface area for the particle is now estimated to be 
17.7 + 9.9 + 8.8 = 36.4 cm2

• This compares very well to 
the surface area determined using Ferets and Martin diam
eters, 33.2 cm', and is much less than what was estimated 
before (46.0 cm2

; see Table 2). This emphasizes the need to 
account for shape anisotropy. 

An alternative approach is to view the aggregate particle 
of Figures 5 and 6 as a fractal disk. Such a form has two faces 
and an edge. A coin is a rough approximation (see Figure 4). 
The surface area of such a disk is calculated as 

Area = 2'lTr 2 + 2'!Trl = 2'!Tr(r + t) (18) 

Incorporating the fractal dimension in this equation gives: 

' 
I • ,, ,,, 

" 
, . 

'' 
9 " ,. H .. 

FIGURE 8 Silhouette of the side view of the aggregate piece 
shown in Figure 6. This aggregate piece is roughly modeled as a 
fractal disk. 

TABLE 3 Fractal Dimension Calculation Results for Figures 
5 and 6 

y (mm) (N + f /y) 

Figure 5: 10 9.2 

21. 0 

47.0 

D ~ 1.107 

Figure 6: 

Left face: 10 4.5 

8.9 

22.0 

D ~ 1. 0 

Right face: 10 4.0 

8.0 

19. 5 

D ~ 1. 0 

Area 

+ f) yo 

2'TT 

because 

(19) 

(20) 

Using this equation, applied to the sample of Figures 5 and 
6, an estimate of surface area is obtained: 

[ 
11. cm J , 11.8 cm 

2
'1T + 1.5 cm = 39.9 cm- (21) 

which compares well with that estimated above, 36.4 cm2
• In 

this case, though, only the profile of Figure 5 is used, along 
with the knowledge that the sample is roughly described as a 
disk. 

Another application is reviewed using the aggregate particle 
shown in Figures 7 and 8. The fractal dimensions for the 
silhouette profiles are shown in Table 4. The total length of 
the profile shown in Figure 7 is 9.8 cm, calculated using Equa
tion 3. This value is the circumferential length for this sample. 
Like the sample shown in Figures 5 and 6, this sample is 
modeled as a disk. Using the equation developed above for 
fractal disks, surface area is estimated to be 

9.8 cm[9·~:m + 0.6 cm J = 21.2 cm2 (22) 

which compares well to that estimated using Ferets and Martin 
diameters, 18.5 cm2 . 
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TABLE 4 Fractal Dimension Calculation Results for Figures 
7 and 8 

y (mm) (N + f/y) 

Figure 7: 11 7.8 

10. 4 

5 18.4 

D = 1.102 

Figure 8: 

Left Face: 10 2.8 

5 6.2 

14.7 

D = 1. 08 

Right Face: 10 

5. 7 

13.2 

D = 1. 02 

Note on the Foregoing Examples 

Tables 3 and 4 list fractal dimensions for silhouettes shown 
in Figures 5 through 8 and have been introduced above. Re
garding Figures 6 and 8, these tables distinguish between the 
left faces and right faces of the silhouettes, a distinction that 
was not made with respect to Figures 5 and 7. This distinction 
was made to emphasize that the aggregate particles in these 
figures are considered to be fractal disks and that the top 
surface of the disk may have a different roughness in com
parison to the bottom surface. For the particle photographed 
in silhouette in Figure 6, the left and right faces have the same 
fractal dimension, so there is no real need to distinguish be
tween these faces for this particle. Alternatively, the particle 
photographed in Figure 8 is associated with different fractal 
dimensions for the left and right faces, hence the distinction 
is more important for this particle. 

Error Involved in Calculating Surface Area 

The foregoing examples show the error involved with the 
calculation of surface area when the shape of the aggregate 
particle is not correctly characterized. By assuming that a 
particle having anisotropic shape characteristics is adequately 
characterized as having isotropic shape, an error in estimating 
surface area approaching 40 percent was realized in the 
examples. 

Aside from misjudging the conformance of a particle to an 
isotropic morphology, the comparison of Equation 11 to 
Equation 14 shows that the characterization of a spherical 
particle as a cube, or vice versa, results in an error of ap
proximately 16 percent: (lhr)/(3/8) = 0.84; 1.0 - 0.84 = 
0.16 = 16 percent. Error in judging the shape of the particle 
ranges between these limits (16 and 40 percent). 

ADDITIONAL SHAPES USEFUL FOR 
CHARACTERIZING AGGREGATES 
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Some additional shapes are useful for characterizing aggre
gates. For each, the fractal dimension is incorporated. 

Some aggregates are pyramidal in form. Given a pyramid 
having four sides, each side an equilateral triangle of dimen
sion x, the height of each triangular face is 

height = V'Jx/2 (23) 

The area of each triangular face is equal to xh/2, where h is 
the height; therefore 

Area( one face) = V'Jx2/4 (24) 

Because the pyramid has four such faces, total surface area 
is equal to 

Area(total) = V'Jx 2 (25) 

For a pyramid having fractal roughness, the profile of the 
silhouette of such a form can be described using fractal di
mension. The length of the profile is (N + fly)yD. Therefore, 
x is equal to one-third of this (the profile is triangular in 
shape), or x = (N + fly)yD/3. Substituting this into the equa
tion for surface area of the pyramid gives 

Vj(N +tr yw 

Area(total) = ---
9
--- (26) 

A generalization of the cube is the rectangular volume hav
ing unequal dimension. For such a shape, the length of the 
perimeter is not that useful because two prominent directions, 
x and z, are apparent, one smaller than the other (see Figure 
4). Let x and z each be fractal lengths determined using 
the procedures described above. Then surface area is deter
mined as 

Area = 4xz + 2x2 = 2x(2z + x) (27) 

Whereas a sphere is discussed previously as a model for 
aggregate shape, an ellipsoid has not been discussed. There 
are two types of ellipsoids, prolate (like the shape of a foot
ball) and oblate (like the shape of the earth). The surface 
area for a prolate ellipsoid is calculated as 

Area = 2Tib2 + 2TI ab sin - 1e 
e 

where e, the eccentricity, is calculated as 

e =----
a 

(28) 

(29) 

In this calculation, a is the major semiaxis and bis the minor 
semiaxis. 
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For a prolate spheroid, a top or side perspective looks like 
an ellipse, and the end perspective looks like a circle. The 
circumference of the elliptical perspective is herein designated 
as p and is calculated as 

(30) 

and the circumference, c, of the circular perspective is simply 

c = 27rb (31) 

If p and c are fractal, then 

(32) 

where the p subscript indicates that the fractal dimension 
pertains to the elliptical perspective. For the circular 
perspective, 

(33) 

Once p and care determined, the values are used to calculate 
equivalent values for a and b using the equations for p = 
f(a, b) and c = f(b) shown above. Once equivalent values 
for a and b are calculated, the eccentricity, e, is calculated, 
and finally the surface area is calculated. 

For an oblate spheroid, the surface area is 

b2 1 + e 
Area = 27ra2 + 7r - loge 

1 e - e 
(34) 

and equivalent values of a and b are found using the fractal 
dimension calculation results. 
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A wide range of shapes are now generalized to fractal form: 
spheres, cubes, pyramids, rectangular volumes, disks, and 
ellipsoids. With respect to the disk, the circular form of the 
disk can be generalized to an ellipse, substituting the equation 
for p above for the circumference. 

PRACTICAL IMPLEMENTATION 

A procedure for calculating the surface area of aggregate 
based on gradation is shown elsewhere (5). The percentages 
of material passing various sieve sizes is shown by the gra
dation. Multiplying these percentages by surface area factors 
for each sieve size, then summing these products, yields the 
estimate for the surface area of the sample in m2/kg or ft2/lb. 

An example (5) is shown in Table 5. The surface area 
factors shown in this table assume that aggregate particles are 
smooth and spherical in shape. This paper shows, however, 
that many particles are not perfectly smooth and often show 
a fractal roughness. One way to incorporate the fractal di
mension into this procedure is as follows: 

1. Determine the gradation for an aggregate sample. 
2. Determine the surface area as shown in Table 5. 
3. Select one particle for each sieve size and determine its 

fractal dimension as described earlier in this paper or by Carr 
et al. (2). 

4. Recalculate the surface area for each sieve size as Area0
, 

where Area is that for a particular sieve size and D is the 
fractal dimension for particles retained on that sieve. The fifth 
and sixth columns of Table 5 show hypothetical fractal di
mensions and associated estimates of area. 

This procedure offers a very practical way to incorporate 
fractal dimension in the determination of surface area for 
aggregate as a function of the weight of the aggregate. 

TABLE 5 Calculation of Surface Area Using a Gradation (5) 

Sieve Percent Surface Area Surface oa Surf ace 
Size Passing Factor Areab Areac 

3/4 in. 100 

} 1/2 in. 95 2.0 1.10 2.10 
3/8 in. 80 
No. 4 57 2 1.1 1. 05 1.11 
No. 8 39 4 1.6 1. 20 1. 76 
No. 16 31 8 2.5 1. 07 2.67 
No. 30 23 14 3.2 1. 09 3.55 
No. 50 17 30 5.1 1.10 6.00 
No. 100 12 60 7.2 1. 06 8.11 
No. 200 7.5 160 12.0 1. 07 14. 28 

Totals 34.7 39.58 

aHypothetical fractal dimension values; Surface Areab is raised to 
the Da power to yield Surface Areac. 

bsurface area in ft 2/lb, calculated by multiplying the percent 
passing the sieve by the surface area factor. 

csurface area in ft2/lb 
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SUMMARY 

Surface area estimated using the fractal dimension approach 
is often larger than that estimated using Ferets and Martin 
diameters. This is expected. Fractal dimensions capture in
formation related to surface irregularity. These dimensions 
are used herein to modify equations that determine the eu
clidean surface area of ideally shaped particles. Ferets and 
Martin diameters are determined somewhat arbitrarily. There 
can be considerable error, therefore, when determining sur
face area using these diameters. Determining surface area 
using fractal dimensions is not such an arbitrary process. Frac
tal dimensions are determined through attempts to measure 
the circumferential length of a particle's projection. Refer
ence direction, while necessary for the Ferets or Martin di
ameters, is not required. 

No method, other than estimation, is available for deter
mining the surface area of large particles (large, in this 
paper, is 1 mm or larger in diameter). The difficulty of 
measuring the surface area of large particles is emphasized 
in the following: 

The difficulty in stating just what is meant by the "surface area" 
of a solid, in one aspect, can be illustrated by considering the 
somewhat analogous question of what is meant by the "length" 
of a particular section of coastline. (6) 

This paradox of coastline length, of course, is addressed by 
Mandelbrot ( 4) and serves as the basis for defining fractal 
geometry. That Adamson (6) equates the surface area prob
lem to the coastline length problem is further evidence that 
fractals are ideal for estimating surface area. 

Finally, it is important to emphasize how the accurate de
terminate of surface area of concrete aggregate benefits the 
transportation industry. An aggregate with a rough surface 
texture will bond better with a binder, such as asphalt, which 
will result in a stronger mix (5). An aggregate with a rough 
surface texture has a larger surface area than a similarly shaped 
and sized aggregate having a smooth surface texture. Hence, 
surface area relates to surface texture; surface texture has 
relevance for strength of a concrete mix design. A greater 
surface area (a rough surface texture), though, requires that 
more binder be added to a mix to aid workability. This, how
ever, relates to the increased strength of the mix: more binder 
is required because the rough texture is associated with a 
larger surface area available for bonding. Hence more binder 
is required to cover the larger surface area. Because there is 
no established method (other than an indirect inference de
rived from the results of strength tests on a mix) for deter-
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mining the surface texture of concrete aggregate (5), the frac
tal dimension approach is a promising step toward the 
development of such a method . 

CONCLUSION 

In lieu of chemical measures of surface area, such as nitrogen 
adsorption and heat of immersion, empirical methods can 
yield accurate estimates of surface area. For particles larger 
than 0.5 mm, the empirical estimates appear to be all that is 
available for determining surface area. 

The fractal dimension is easily implemented in the proce
dure for determining surface area using the gradation for a 
sample of aggregate. Therefore, it is shown here how surface 
area can be computed for a single particle and can be cal
culated for an entire sample of aggregate by using the gra
dation for the sample. 

ACKNOWLEDGMENT 

The research described herein was funded by the Strategic 
Highway Research Program through a subcontractual agree
ment between Auburn University and the University of 
Nevada, Reno. 

REFERENCES 

1. T. L. Rabi , D. Milburn, G. Thomas, J . Grappo, K. O'Hara, and 
A. Haak. The SHRP Materials Reference Library Aggregates: 
Chemical, Mineralogical, and Sorption Analyses. SHRP-A/UIR-
91-509. Strategic Highway Research Program, National Research 
Council , Washington, D.C., 1991, 88 pp. 

2. J. R . Carr, G. M. Norris, and D. E. Newcomb. Characterization 
of Aggregate Shape Using Fractal Dimension. In Transportation 
Research Record 1278, TRB, National Research Council, Wash
ington, D.C., 1990, pp. 43-50. 

3. E. A. Kelley and D. J. Spottiswood. Introduction to Mineral Pro
cessing. John Wiley and Sons, New York, 1982. 

4. B. B. Mandelbrot. How Long is the Coast of Great Britain. Sta
tistical Self Similarity and Fractional Dimension. Science, Vol. 155, 
1967' pp. 636-638. 

5. Asphalt Technology and Construction Practices, Instructor's Guide 
(2nd ed.). The Asphalt Institute, Educational Series No. 1 (ES-
1), Jan. 1983. 

6. A. W. Adamson. Physical Chemistry of Surfaces (4th ed.). John 
Wiley and Sons, New York, 1982, 664 pp. 

Publication of this paper sponsored by Committee on Mineral 
Aggregates. 



28 TRANSPORTATION RESEARCH RECORD 1362 

Evaluation of Test Methods Used To 
Quantify Sand Shape and Texture 

WALAA S. MoGAWER AND KEVIN D. STUART 

There are no methods or criteria for determining the acceptability 
of sands for use in asphalt mixtures in terms of their effects on 
rutting. Some natural sands perform acceptably while others lead 
to rutting, shoving, and bleeding. In this study, sands were tested 
using four methods currently used to quantify particle shape and 
texture. This was done to determine whether they provide in
formation on how the sands will affect mixture performance, in 
terms of rutting susceptibility. Each method had at least one poor
performing sand that ranked equal to or higher than a good
performing sand. Therefore, no criteria for acceptability could 
be developed. The methods cannot account for the gradation of 
the sand and its effect on the optimal binder content of a mixture. 
However, it may be possible to eliminate very poor sands using 
certain methods. The gyratory testing machine (GTM) was used 
to examine the combined effects of shape and texture, gradation, 
and quantity of sand on the resistances of mixtures to plastic flow. 
The GTM was not sensitive to the type of sand. 

Aggregate shape and texture are major contributing factors 
to pavement performance. Research has consistently shown 
the advantage of using more rough-textured fine and coarse 
aggregates to minimize tenderness and rutting (J-6). 

The angularity of the fine aggregate in an asphalt mixture 
has a substantial impact on the ability of the mixture to resist 
rutting. In general, mixtures that contain natural sands are 
more susceptible to rutting than mixtures that contain man
ufactured, crushed fines. Still, mixtures with some types of 
natural sands have performed acceptably in the field, and 
performance can depend on the quantity of sand used. It is 
believed that an excess amount of rounded sand in an asphalt 
mixture can result in a mixture that is susceptible to rutting, 
shoving, and bleeding. FHWA's Technical Advisory T5040.27 
(7) states the following regarding the quality of sand: 

The quality of natural sand varies considerably from one location 
to another. Since most natural sands are rounded and often 
contain some undesirable materials, the amount of natural sand 
as a general rule, should be limited to 15 to 20 percent for high 
volume pavements and 20 to 25 percent for medium and low 
volume pavements. These percentages may increase or decrease 
depending on the quality of the natural sand and the types of 
tratfic to which the pavement will be subjected. 

This recommendation is somewhat vague, but tests that can 
predict performance and set maximum limits for a particular 
sand are not available. 

There is a need for a test method that can predict how a 
sand will perform in a mixture before it is used. Poor quality 

W. S. Mogawer, University of Massachusetts Dartmouth, North 
Dartmouth, Mass. 02747. K. D. Stuart, FHWA, McLean, Va. 22101-
2296. 

sands can then be rejected, or, the quantity used in the mix
ture can be reduced. There are several tests available for 
quantifying the particle shape and texture of sands. However, 
there are no methods or criteria for determining the accept
ability of sands for use in asphalt mixtures. 

OBJECTIVES 

The objectives of this study are as follows: 

1. Quantify the particle shape and texture of good- and 
poor-performing natural sands and manufactured (crushed) 
sands using four laboratory testing methods: (a) National Ag
gregate Association's (NAA) Method A, (b) a direct shear 
test, (c) ASTM Method D3398, entitled Index of Aggregate 
Particle Shape and Texture, and ( d) a method provided by 
the Michigan Department of Transportation. (Performance 
and quality in this paper are based on rutting resistance in 
the field.) 

2. Evaluate the ability of these methods to differentiate 
good from poor quality sands and develop criteria for their 
acceptability. 

3. Examine the combined effects of shape and texture, gra
dation, and the quantity of sand on the shear susceptibility 
of asphalt mixtures using the Corp of Engineers gyratory test
ing machine (GTM). Determine if the GTM can be used 
to establish an upper limit on the quantity of sand that can 
be used. 

MATERIALS 

Ten natural sands and two manufactured sands with known 
field performances were tested in this study. (All are called 
sands as opposed to fine aggregate or some other terminology 
in this study for convenience.) The type, texture, and source 
of each sand are listed in Table 1. The performances of the 
natural sands from New Jersey, Wisconsin, White Marsh, 
Maryland, and Fredericksburg, Virginia, and the perfor
mances of the two manufactured sands were determined through 
past pavement and laboratory studies conducted by FHWA. 
The performances of the six other natural sands were based 
on the experiences of the state highway agencies. These sands 
were reported to yield consistently poor or good performance. 
This is important because the same traprock coarse aggregate 
and screenings were used in all mixtures evaluated. The gra-
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TABLE l Type, Texture, and Source of Sands 

Poor Quality Natura l Sands 

Sand name 

Rheinhart 

A.N. Adcock 

New Jersey 

Wisconsin 

Graham Pit 

Type and Texture state 

Subangular to angular Georgia 
quartz sand. 

Subangular to angular Georgia 
quartz sand. 

Subangular quartz sand; New Jersey 
some spherical particles. 

Rounded, predominantly Wisconsin 
quartz sand with a variety 
of other soils and minerals. 

Subangular to angular Arkansas 
quartz sand with a variety 
of other soils and minerals. 
Excessively dirty. 

Good Qua l ity Natura l Sands 

Sand name 

Anthony Dairy 
Oxford Gray 
White Marsh 

Fredericksburg 

Donnafill 

Manufactured Sands 

Sand name 

Type and Te xture 

Angular quartz sand. 
Angular quartz sand. 
Angular quartz and quartzite 

sand with 1 percent mica, 
garnet, and magnetite. 
A few rounded pieces. 

Angular quartz and 
quartzite sand. 

Angular quartz sand with 
10 percent dark minerals 
including garnet, magnetite, 
and some mica. 

Type and Texture 

Manassas Traprock 100 percent crushed diabase. 
Texas Marble 100 percent crushed calcitic 

and dolomitic marble. 

Georgia 
Georgia 
Maryland 

Virginia 

Arkansas 

Virginia 
Maryland 

dations and other physical properties of the sands are shown 
in Tables 2 and 3, respectively. 

Tests for Sand Shape and Texture 
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For the mixtures tested in this study by the GTM, the 
natural sand was blended with a 7/ 16·in. (11.1-mm) maximum 
size traprock coarse aggregate and No . 10 traprock screenings 
obtained from Manassas, Virginia . This aggregate is com
monly used in northern Virginia asphalt surface courses and 
has been used in sections tested by the Accelerated Loading 
Facility (ALF) at the Turner-Fairbank Highway Research 
Center (TFHRC). The properties of the AC-20 binder used 
in the mixti,ues are shown in Table 4. 

Tests used to evaluate sand shape and texture were as follows : 

TEST METHODS 

A description of each test method is given in this section. 
Before testing, all sands were washed on a No. 200 sieve to 
remove most of the dust, dried at 230°F (ll0°C), and sieved 
into individual fractions using ASTM Method C136. 

1. NAA Method A [NAA Method A gradation and as
received gradation (from No. 8 to No. 100)], 

2. Direct shear test [NAA Method A gradation and as
received gradation (from No. 8 to No. 100)], 

3. ASTM Method D3398 (each fraction was tested sepa
rately), and 

4. Michigan test method [as-received gradation (from No. 
8 to No. 100)]. 

NAA Method A 

NAA Method A evaluates shape and texture in terms of the 
percentage of voids in a dry, loose uncompacted sample (8). 
High voids usually indicate greater angularity and a rougher 



TABLE 2 Gradations of Sands 

sand 
Type 1/2-in 3/8-in #4 

Poor Quality Natural Sand 

Rheinhart 100.0 100.0 100.0 
A.N. Adcock 100.0 100.0 99.3 
New Jersey 100.0 100.0 100.0 
Wisconsin 100.0 100.0 98.8 
Graham Pit 100.0 100.0 100.0 

Good Quality l!!atiu:al Sang 

Anthony 
Dairy 100.0 100.0 99.0 

oxford Gray 100.0 100.0 99.8 
White Marsh 100.0 100.0 97.2 
FredericksburglOO.O 100.0 98.7 
Donnaf ill 100.0 100.0 100.0 

Manufactured Sand 

Manassas 
Traprock 100.0 100.0 92.5 

Texas Marble 99.4 98.6 97.1 

Percent Passing 

#8 #16 #30 #50 #100 #200 

99.9 99.7 92.2 40.6 4 .1 0.6 
99.0 98.3 91. 2 56.6 12.8 4.8 
98.1 89.2 64.5 25.8 5.2 0 . 6 
84.2 67.9 51. 0 22.1 6.4 3. 1 

100.0 100.0 100.0 93.4 24.5 11. 2 

95.6 85.1 64.5 3 7. 7 20.8 11. 0 
98.5 90.9 68.0 35.9 18.5 10.7 
86.8 73.2 52.2 19.0 3.9 1. 5 
93.6 81. 7 56.8 21. 7 5.4 1. 8 

100.0 99.7 95.3 64.8 40.4 23.6 

67.4 51. 9 43 . 6 3 3. 5 22.2 13 .1 
94.0 86.3 66.1 32.9 15.0 7.0 

TABLE 3 Gravities and Water Absorptions of Sands 

sand Bulk Dry Bulk SSD Apparent 
Name Specific Specific Specific Percent 

Gravity Gravity Gravity Absorption 

PoQr Qua1j,ty Natural Sand 

Rheinhart 2.624 2.636 2.653 0.41 
A.N. Adcock 2.610 2.627 2.654 0.62 
New Jersey 2.646 2.650 2.657 0.16 
Wisconsin 2.680 2.706 2.753 0.99 
Graham Pit 2.463 2.518 2.604 2.20 

Goog Quality Nat),!!:aJ. Sand 

Anthony Dairy 2.564 2.594 2.646 1. 20 
oxford Gray 2.524 2.568 2.640 1. 75 
White Marsh 2.648 2.666 2.697 0.68 
Fredericksburg 2.575 2. 611 2.669 1. 37 
Donnafill 2.620 2.629 2.647 0.53 

Manufactured Sand 

Manassas Traprock 2.877 2.907 2.963 1.01 
Texas Marble 2.807 2.827 2.864 0.71 
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TABLE 4 Physical Properties of the Binder 

Characteristic 

Penetration 
(100 g, 5 sec, 25 OC) 

Absolute Viscosity 
(60 °C, Poise) 

Kinematic Viscosity 
(135 °c, est) 

Specific Gravity 
(25 °C I 25 °C) 

Ductility 
oc, (5 cm/min) , 25 cm) 

Flash Point, coc, oc 

Thin Film Oven 

Test 
Method 

(AASHTO) 

T-49 

T-202 

T-201 

T-228 

T-51 

T-48 

T-179 

Results 

83 

2047 

444 

1. 026 

150+ 

285 

AASHTO 
Requirements 

60 min 

2,000±400 p 

300 min 

N.S. 

N.S. 

232 min 

31 

Weight Loss, percent 
Penetration, (100 g, 5 s 6 25 °C) 
Absolute Viscosity, (60 c, Poise) 
Kinematic Viscosity (135 °C, est) 
Ductility (5 cm/min), 25 °c, cm 

0.02 
54 

4308 
608 
150+ 

0.5 max 
N.S. 

8000 max 
N.S. 

50 min 

Note: N.S. indicates not specified 

texture. Low voids usually indicate more rounded sand. This 
test is easy to perform and provides fast and repeatable re
sults. NAA Method B is more time-consuming and provides 
similar results; therefore, it was not used in this study (6). 

For each sand to be tested , four size fractions are weighed, 
combined, and then tested . The sample consists of 190 g of 
sand as follows: 

Individual Size 
Fraction 

#8 to #16 
#16 to #30 
#30 to #50 
#50 to #100 

Weight (g) 

44 
57 
72 
17 

The sample of sand flows through a funnel with a 0.5-in. 
(1.25-cm) diameter orifice into a 100-cm3 calibrated cylinder. 
The funnel orifice is 4.5 in. (11.25 cm) above the top of the 
cylinder. The void content is calculated as the difference be
tween the cylinder volume and the absolute, or voidless, vol
ume of the sand collected in the cylinder. This method does 
not give an alternative approach for sands without sufficient 
material for one or more of the four fractions . The sands were 
also tested using the as-received No. 8 to No. 100 sieve frac
tion instead of the proportions given above. 

Direct Shear 

Compacted angular sand particles become interlocked and 
exhibit mechanical resistance to displacement (9). This resis-

tance can be measured by the internal friction angle ( <!>) using 
the direct shear apparatus (10,11). This test consists of placing 
sand in the direct shear device, applying a normal stress to 
consolidate the sample, and then applying a shearing force to 
shear the sample. The shear stress is applied gradually until 
it reaches a maximum and then either remains constant or 
decreases. Three different normal stresses are used . A graph 
of normal stress versus maximum shear stress is constructed 
and the slope of the plot represents the internal friction angle. 
This angle is a function of sand shape and texture. Both the 
NAA gradation and the as-received No. 8 to No. 100 sieve 
fraction were tested. 

ASTM Method D3398 

The index of aggregate particle shape and texture (I a) (12) 
is determined for four size fractions: No. 8 to No. 16, No. 16 
to No. 30, No. 30 to No. 50, and No. 50 to No. 100. Each 
fraction is compacted in three layers using 10 drops of a stan
dard tamping rod. The percentage of voids in each size frac
tion is then calculated . The test is then repeated using 50 
drops per layer. The index for each size fraction is calculated 
using a standard ASTM regression equation, which incor
porates data from both compactive efforts. A weighted av
erage index is then calculated based on the proportions of the 
various sand fractions in the original grading. Some sands 
tested in this study did not have sufficient material for the 
No. 8 to No. 16 and No . 16 to No . 30 sizes. Therefore , only 
two fractions were tested to determine the index. 
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Michigan Test Method (Modified) 

The Michigan Department of Transportation developed test 
method MTM 118-90, Test Method for Measuring Fine Ag
gregate Angularity, which provides an angularity index, or AI 
(13). The test is performed by placing 100 ml of distilled water 
into a 250-ml capacity graduated cylinder. A 250-g sample of 
the No. 8 to No. 30 fraction is poured into the 100 ml water 
from a constant height of 1 in. (2.5 cm) above the water 
surface. In this study the as-received No . 8 to No. 100 sieve 
fraction was tested instead of a No . 8 to No. 30 fraction so 
that the sand was consistent with the other tests. The sample 
volume is measured to the nearest ml in the cylinder, and the 
total volume of the sample plus water is also measured. The 
volume of solids is calculated as the total volume minus the 
100 ml volume of water. The V!Jlume of voids in the sample 
is calculated as the difference between the sample volume and 
the volume of solids. The angularity void ratio is the ratio of 
volume of voids to the volume of solids . The angularity index 
developed by Michigan is calculated as follows: 

AI = 10 x (angularity void ratio - 0.6) 

Mixture Tests 

Mixture Design 

After analyzing the test data from the sand tests, two good 
and two poor quality natural sands were selected. The Fred
ericksburg and Oxford Gray sands have a good history of field 
performance, and the A. N. Adcock and the Wisconsin sands 
have a poor history of field performance . An expected ranking 
from good to poor is Fredericksburg, Oxford Gray, A . N. 
Adcock, and Wisconsin. Thirteen aggregate blends were pre
pared by using 0, 10, 20, and 30 percent sand by total aggre
gate weight. The remaining aggregate was the ALF traprock. 
The aggregates were blended so that the gradations met Vir
ginia DOT specifications for S-5 surface mixtures as closely 
as possible. At the 30 percent level, the gradations and the 
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voids in the mineral aggregate (VMA) did not always meet 
specifications. The minus No . 200 dust contents could not be 
kept constant. This follows current practices used in designing 
mixtures where different aggregate blends are tried in a de
sign. However , it confounds the experimental design of this 
study. 

Marshall mixture designs using 75 blows were performed 
to determine the optimum asphalt content (OAC) for each 
mixture based on a 4 percent air void level. Marshall stabilities 
were generally above 3,000 lbf (13 344 N) , and the flows 
ranged from 9 to 14. The aggregate blends and OAC are 
presented in Table 5. The gradations of the blends are given 
in Table 6. 

GTM 

The effects of sand particle shape and texture on the shear 
susceptibility of the mixtures were evaluated using the gyra
tory stability index (GSI) given by the GTM. The GTM is a 
combination compaction and shear testing machine. The GSI 
is the ratio of the maximum gyration angle to the minimum 
gyration angle that occurs during the test. The gyratory angle 
is a measure of the gyratory strain. The GSI is related 
to mixture stability and permanent deformation caused by 
shear (14). 

A mixture is compacted by the OTM using a chosen gy
ration angle that is set using two rollers 180 degrees apart. 
The rollers then gyrate the specimen in the mold as they circle 
around an upper flanged mold chuck. A shear susceptible 
mixture will move in the mold when the refusal density is 
approached in such a way that the angle increases. This in
crease is due to the shearing movement of the mixture away 
from the point of highest force under the gyrating action. The 
gyration angle does not increase significantly for stable mix
tures. Typically, for a stable mixture the OSI value is close 
to 1.0, and for unstable mixtures the OSI is significantly above 
1.1 (14). 

Some properties that may lead to high shear susceptibility 
and rutting in pavements are using an excessive binder con-

TABLE 5 Blends for Mixtures Tested Using the GTM 

7/16-in Optimum 
(11.l-mm) Natural Sand, Asphalt 

Mix Traprock, #10 Screenings, percent and Content, 
No. percent percent type percent 

1 60 40 0 5.0 

2 55 35 10 % A.N. Adcock 4. 4 
3 60 20 20 % A.N. Adcock 4.5 
4 60 10 30 % A.N. Adcock 4. 9 

5 43 47 10 % Fredericksburg 5 .1 
6 45 35 20 % Fredericksburg 5.5 
7 48 22 30 % Fredericksburg 6.3 

8 57 33 10 % Wisconsin 4. 4 
9 56 24 20 % Wisconsin 4. 5 
10 52 18 30 % Wisconsin 4. 6 

11 57 33 10 % Oxford Gray 4.3 
12 59 21 20 % Oxford Gray 4. 2 
13 60 10 30 % Oxford Gray 4. 3 
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TABLE 6 Gradations of Mixtures Tested (Percent Passing) 

Sand Type and Mixture Number 

Control A.N. Adcock Fredericksburg Wisconsin Oxford Gray 

Sieve 1 2 3 4 5 6 

1/2in 100.0 100.0 100.0 100.0 100.0 100.0 
3/8in 94.7 94.7 94.2 94.2 95.8 95.7 

4 58.7 59.0 55.8 56.0 67.2 66.4 
8 38.3 40.6 39.6 41. 9 48.2 48.7 

16 26.6 31. 2 3 3.4 38.0 35.2 37.2 
30 19.8 25.1 28.8 34.1 25.6 26.9 
50 14.8 17.7 19.5 22.4 16.9 16.0 

100 11. 0 10.3 8 .9 8.2 11. 4 9.7 
200 7.8 6.9 5.5 4.7 7.8 6.5 

tent, a rounded coarse aggregate, or a natural sand with little 
roughness. It was hypothesized that the GSI should be influ
enced by the type of sand because sands affect the shear 
resistance of a mixture. Dense-graded mixtures do not always 
have coarse aggregate skeletons that resist rutting only of 
themselves. The properties of the sand fraction are very im
portant. Rounded sands with little texture often lead to rutting 
and can have the same effect on performance as using too 
much binder. Long-term densification in the field using poor 
natural sands is often greater than in the laboratory when the 
Marshall hammer is used to design the mixture . 

Testing was performed based on the National Cooperative 
Highway Research Program (NCHRP) Asphalt-Aggregate 
Mixture Analysis System (AAMAS) procedure (15). (The 
FHW A at TFHRC is currently evaluating this methodology.) 
Three specimens were fabricated at the OAC for each mix
ture. All specimens were initially compacted to an air void 
level representative of in-place field levels after construction 
(6 to 8 percent) at 275°F (135°C) with a vertical pressure of 
120 psi and a 2-degree angle of gyration (15) . After initial 
compaction, the specimens were placed in an oven at 140°F 
(60°C) for 3 hr. The specimens were then compacted to the 
refusal density, where there is no reduction in air voids with 
additional gyrations. The same vertical pressure and angle of 
gyration were used. The GTM oil-filled roller was used; the 
air-filled roller was not used. Samples were compacted up to 
300 revolutions to reach the refusal density. Sample heights 
were measured at 25, 50, 75, 100, 200, 250, and 300 revolu
tions to estimate air void levels. These levels were used to 
verify that the refusal density was reached. 

RES UL TS AND DISCUSSION 

The results obtained using the tests for sand shape and texture 
are presented in Tables 7 to 10. A multiple comparison pro
cedure, called Fisher's least significant difference (LSD) , was 
performed to rank the sands. The sands were ranked from 1 
to 12, where a ranking of 1 represented the best sand, and a 
ranking of 12 represented the worst sand . This , according to 
the tests, is a measure of shape and texture. Sands can be 
ranked as equal by this statistical method. The sands are also 
divided into in three categories: poor performance natural 
sands, good performance natural sands, and manufactured 

7 8 9 10 11 12 13 

100.0 100.0 100.0 100.0 100.0 100.0 100.0 
95.4 94.5 94.6 95.0 94.5 94.3 94.2 
64.2 57.0 57.9 60.9 57.1 56.0 55.6 
48.4 37.8 39.3 42.9 39.2 40.2 41.8 
38.7 27.2 29.2 32.7 29.5 32.4 35.8 
27.7 20.4 22.1 24.7 22.1 24.5 27.1 
14.7 13.8 13.5 13.9 15.2 15.5 16.1 
7.8 9.4 B.2 7.5 10.6 10.2 9.9 
5.0 6.5 5.6 5.0 7.3 6.8 6.5 

sands. Manufactured sands are also good performance sands 
and can be considered controls. 

NAA Method A 

Based on the results in Table 7 using the NAA Method A 
gradation, poor and good sands divided at a compacted void 
level around 43.4 . However, the poor quality Rheinhart sand 
ranked higher than the good quality Oxford Gray sand. A 
t-test at a 5 percent significance level showed no significant 
difference between these two sands . Hence, NAA Method A 
may not always properly distinguish between poor and good 
quality sands. The microscopic sand shape and texture infor
mation in Table 1 was not extensive enough to evaluate this 
test in this regard. 

The good field performance of the Rheinhart sand is most 
likely related to both the shape and texture of the particles 
and its gradation. Table 2 indicates that it only has two sieve 
sizes . The NAA method cannot account for the effects of 
gradation on mixture properties. 

The results from performing the NAA Method A test using 
as-received gradations from No . 8 to No . 100 did not rank 
the sands properly. Some poor quality sands had higher rank
ings than some good quality sands. The NAA method is based 
on a comparison of voids . It was concluded that the gradations 
of the sands being tested must be the same when using this 
method. 

Direct Shear Test 

Based on the direct shear results in Table 8 using the NAA 
gradation , the rounded, poor quality Wisconsin sand ranked 
higher than all good quality natural sands. Also, the difference 
between the good quality Oxford Gray sand and the poor 
quality Rheinhart sand was not significant. The direct shear 
test appears to be a poor guide for evaluating sand shape and 
texture and the effects on rutting performance. The test is 
also time-consuming. The results from performing the direct 
shear test using as-received gradations from No. 8 to No. 100 
did not improve the rankings. 

The reason for the high ranking for the Wisconsin sand is 
unknown. This sand had highly rounded particles and was 
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TABLE 7 NAA Method A Test Results 

Sand 
Name 

NAA 
Gradation, 
Uncompacted 
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Voids, % Ranking 

As-Received 
Gradation, 
Uncompacted 
Voids, % Ranking 

Poor Quality Natural Sand 

Rheinhart 43.5 
A.N. Adcock 42.2 
New Jersey 41. 5 
Wisconsin 40.1 
Graham Pit 41. 2 

Good Quality Natural Sand 

Anthony Dairy 44.1 
Oxford Gray 43.3 
White Marsh 44.5 
Fredericksburg 45.3 
Donnafill 50.7 

Manufactured Sand 

Manassas Traprock 48.1 
Texas Marble 46.3 

well graded. The NAA and Michigan methods indicated that 
it had low uncompacted voids. One hypothesis is that the sand 
compacts to a high degree in the shear test, which causes it 
to resist shear, but this could not be verified. 

ASTM Method D3398 

As shown by Table 9, poor and good sands divided around 
a weighted particle index of 11.8. However, the poor quality 
New Jersey sand had an index equal to the good quality Ox
ford Gray sand. At-test at a 5 percent significance level showed 
that the New Jersey sand also had an index statistically equal 

TABLE 8 Direct Shear Test Results 

Sand 
Name 

}>oor Quality 

Rheinhart 
A.N. Adcock 
New Jersey 
Wisconsin 
Graham Pit 

Goog Qualitv 

Anthony Dairy 
Oxford Gray 
White Marsh 

NAA 
Gradation, 
Internal 
Friction 
Angle, <P 

Natural Sand 

47.0 
44.5 
47.2 
51. 6 
47.2 

Natural sam~ 

49.9 
48.8 
49.8 

Fredericksburg 49.6 
Donnaf ill 51. 5 

Manufactured Sand 

Manassas Traprock 59.3 
Texas Marble 54.7 

7 45.5 4 
9 43.7 6 

10 43.5 7 
12 38.4 12 
11 43. 1 9 

6 41. 8 11 
8 42.0 10 
5 43.3 8 
4 45.1 5 
1 52.0 1 

2 46.4 3 
3 4 I. 4 2 

to the good quality Anthony Dairy sand. Hence, the ASTM 
method may not always distinguish good from poor quality 
sands. The microscopic sand shape and texture information 
in Table 1 was not extensive enough to evaluate this test in 
this regard. 

Michigan Test Method (Modified) 

As shown by Table 10, this method did not rank the sands 
properly and was not a good indicator of performance or sand 
shape and texture. Like the NAA method, this method is 

Ranking 

10 
11 

9 
3 
9 

5 
8 
6 
7 
4 

1 
2 

As-Received 
Gradation, 
Internal 
Friction 
Angle, ¢ 

42.4 
45.0 
46.6 
53.0 
44.5 

48.2 
45.9 
54.7 
51. 0 
49.8 

55.7 
50.2 

Ranking 

12 
10 

8 
3 

11 

7 
9 
2 
4 
6 

1 
5 
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TABLE 9 ASTM Method D3398 Test Results 

Sand Name Weighted Particle Index 
I. 

Ranking 

Poor Quality Natural Sand 

Rheinhart 
A.N. Adcock 
New Jersey 
Wisconsin 
Graham Pit 

Good Quality Matural Sand 

Anthony Dairy 
Oxford Gray 
White Marsh 
Fredericksburg 
Donnafill 

Manufactured Sand 

Manassas Traprock 
Texas Marble 

based on a comparison of voids. It was concluded that the 
gradations of the sands must be the same in a test where the 
comparison is based on voids. Using the specified No. 8 to 
No. 30 fraction may possibly provide better results than the 
No. 8 to No. 100 fraction used in this study. 

GTM Results 

The results from testing mixtures using the OTM are pre
sented in Table 11 and Figure 1. The OSI did not agree with 
expected field performance. It was expected that the OSI for 
the poor sands would be significantly higher than for the good 
sands and they would increase with increasing percentage of 
sand. Based on the data, the OTM method using the oil-filled 

11. 3 8 
10.2 10 
11. 8 7 
10.4 9 

6.0 11 

12.7 6 
11. 8 7 
14.0 5 
14.9 4 
19.2 1 

17.8 2 
15.5 3 

roller was not sensitive to the type of sand in the mixture 
evaluated. Hence, the OSI cannot be used to distinguish be
tween poor and good quality sands, at least when using the 
oil-filled roller. 

The OSI for the good quality Fredericksburg sand at a 20 
percent level was 1.09. This was the actual mixture used in 
the ALF pavements at TFHRC. This mixture was not sus
ceptible to rutting when tested by the ALF machine. There 
was no statistically significant difference between this OSI 
and the OSI for the poor quality A. N. Adcock and Wisconsin 
sands. There was also no difference between the OSI for these 
three sands at a 10 percent level. 

The OSI for the good quality Fredericksburg sand at a 30 
percent level was 1.18. This OSI was statistically higher than 
for the poor quality A. N. Adcock and Wisconsin sands. This 

TABLE 10 Michigan Test Method Results 

Sand Name Angularity Index Ranking 

~oor Quality Natural Sand 

Rheinhart 2.06 4 
A.N. Adcock 1. 48 8 
New Jersey 1. 22 9 
Wisconsin 0.24 12 
Graham Pit 2.03 5 

~ood Q!.!slit;i: l:!ati,u:sl Sang 

Anthony Dairy 0.93 11 
Oxford Gray 1. 07 10 
White Marsh 1. 50 7 
Fredericksburg 1. 89 6 
Donnafill 3.73 1 

Manufactured Sand 

Manassas Tr a pro ck 2.83 2 
Texas Marble 2.56 3 
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TABLE 11 GTM Results 

Mixture No. 

1 

2 
3 
4 

5 
6 
7 

8 
9 

10 

11 
12 
13 

A. N. Adcock (poor} 
Fredericksburg (good) 
Wisconsin (poor) 
Oxford Gray (good) 

10 15 20 

PERCENT SA ND 

10 
20 
30 

10 
20 
30 

10 
20 
30 

10 
20 
30 
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REFUSAL 
AIR VOIDS, 

Natural Sand GSI PERCENT 

% 
% 
% 

% 
% 
% 

% 
% 
% 

% 
% 
% 

25 

0 1. 01 3.6 

A.N. Adcock 1.13 2.2 
A.N. Adcock 1.10 1. 9 
A.N. Adcock 1. 05 2. 0 

Fredericksburg 1.11 2.6 
Fredericksburg 1. 09 2.8 
Fredericksburg 1.18 1. 3 

Wisconsin 1.17 2.3 
Wisconsin 1.18 1. 7 
Wisconsin 1. 08 2.8 

Oxford Gray 1. 08 2.8 
Oxford 
Oxford 

30 

Gray 1. 04 3. 1 
Gray 1. 08 3.0 

Correlations Between the Tests for 
Sand Shape and Texture 

Correlations were performed between each test and the stan
dard ASTM Method D3398. The coefficients of determination 
(r 2

) are presented in Table 12. NAA Method A was the only 
method showing a good correlation with ASTM Method D3398. 
Hence, it might be possible to replace the ASTM method with 
this method. The NAA method is quick and easy to perform, 
whereas the ASTM method is very time-consuming. A linear 
regression model was developed to relate NAA Method A 
to ASTM Method D3398. The linear regression model is as 
follows : 

I. = - 34.7 + 1.08 (V) 

FIGURE 1 GSI versus percent sand. where I. is the weighted particle index and V represents the 
uncompacted voids. 

higher GSI and the low refusal air voids of 1.3 percent could 
be due to the higher binder content compared to the other 
mixtures. Binder contents are given in Table 5. A reason for 
the slight decrease in GSI and slight increase in refusal air 
voids for the poor quality Wisconsin sand at the 30 percent 
level was not apparent. Most likely it is related to differences 
in the aggregate gradations. 

The shift between the methods is 34. 7 when using a slope 
of 1.0. A linear regression model developed by Kandhal et 
al. ( 6) is as follows: 

I. = - 31.2 + 1.03 (V) 

The shift between the methods is 31.1 when using a slope of 
1.0. Both models have approximately an equal slope. How-

TABLE 12 Coefficient of Determination (r2) Between ASTM Method and the Other Sand 
Tests Used in This Study 

NAA Method A (NAA gradation) 

NAA Method A (As received gradation #8 TO #100) 

Direct Shear (NAA gradation) 

Direct Shear (As received gradation #8 TO #100) 

Michigan Test Method 

0.83 

0.50 

0.46 

0.36 

0. 40 
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ever, the difference of 3.6 between the shifts of the models 
is significant. Thus the particle indices would be different. 
Hence, for a reliable model to be developed, more sands 
should be tested. 

CONCLUSIONS 

1. Using NAA Method A, with the NAA specified gra
dation, poor and good sands divided at a compacted void 
level around 43.4. Using ASTM Method D3398, they divided 
around a weighted particle index of 11.8. However, neither 
method properly separated the poor and good quality sands. 
Both methods were better than the other methods evaluated. 
The microscopic sand shape and texture information was not 
extensive enough to evaluate these tests in this regard. 

2. The results from performing the NAA Method A test 
using as-received gradations from No. 8 to No. 100 did not 
rank the sands properly and was not a good indicator of per
formance or sand shape and texture. The NAA method is 
based on a comparison of voids. It was concluded that the 
gradations of the sands being tested must be the same when 
using this method. 

3. The direct shear method did not rank the sands properly 
and does not appear to be a good indicator of performance 
or sand shape and texture. The test is also time-consuming. 

4. The modified Michigan Test Method (MTM 118-90), 
which used as-received gradations, did not rank the sands 
properly and was not a good indicator of performance or sand 
shape and texture. Like the NAA method, this method is 
based on a comparison of voids, and the gradations of the 
sands being tested must be the same when using this method. 

5. The GTM results using the oil-filled roller did not agree 
with expected field performance. The method was not sen
sitive to the type of sand. Hence, the GSI cannot be used to 
distinguish between poor and good quality sands, at least 
when the oil-filled roller is used. Other tests, such as the creep 
test or rut testing machines, may aid in understanding the 
behavior of sands added to asphalt mixtures. 

6. NAA Method A, using the NAA specified gradation, is 
the only method that had a good correlation with the standard 
ASTM Method D3398. It may be possible to replace the 
ASTM method with this method. The NAA method is quick 
and easy to perform, whereas the ASTM method is very 
time-consuming. 

7. Although none of the tests ranked the sands perfectly, 
it still may be possible to eliminate very poor sands using the 
NAA and ASTM methods. Like many other tests used in the 
evaluation of asphalt mixtures and their components, there 
will be a gray region, where data from some good and some 
poor performing sands will not rank properly. 
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Thermogravimetric Analysis of 
Carbonate Aggregate 

WENDELL DuBBERKE AND VERNON J. MARKS 

Research has shown that one of the major contributing factors 
in early joint deterioration of portlund cement concrete (pee) 
pavement is the quality of the coarse aggregate. Conventional 
physical and freeze/thaw tests are slow and not satisfactory in 
evaluating aggregate quality. In the last 10 years the Iowa DOT 
has been evaluating X-ray analysis and other new technologies 
to predict aggregate durability in pee pavement. Thermogravi
metric analysis (TGA) of carbonate aggregate is evaluated. The 
TGA testing has been conducted with a DuPont TGA 2950 Ther
mogravimetric Analyzer. The equipment is controlled by an IBM
compatible computer. A DuPont Hi-Res software package allows 
for rapid testing while retaining high resolution. The carbon diox
ide is driven off the dolomite fraction between 705°C and 745°C 
and off the calcite fraction between 905°C and 940°C. The graph
ical plot of the temperature and weight loss using the same sample 
size and test procedure is very accurate and repeatable . A sub
stantial number of both dolomites and limestones (calcites) have 
been subjected to TGA testing. The slopes of the weight loss plot 
prior to the dolomite and calcite transitions does correlate with 
field performance. The noncarbonate fraction, which is nearly 
the same as the acid insolubles, can be determined by TGA for 
calcites and most dolomites. TGA has provided information that 
can be used to help predict the quality of carbonate aggregate. 

The primary limitation of longevity in Iowa portland cement 
concrete (pee) pavement is premature deterioration near the 
contractions joints. Iowa Department of Transportation (Iowa 
DOT) research since the 1960s has identified the quality of 
the coarse aggregate as the major factor in the length of time 
until visible joint deterioration occurs in pee pavement. Prog
ress has been made in identifying aggregates susceptible to 
early joint deterioration. 

Most of the current ASTM aggregate quality and durability 
tests are relatively old and do not effectively identify non
durable aggregate or durable aggregate for use in pee pave
ment . The required time for some of these tests is quite long. 
Quality aggregates are essential to longevity of pee pavement. 
Motorists expect and deserve durable pavements. 

All new technology should be considered and evaluated for 
the potential of providing information that may contribute to 
the determination of the durability of aggregate. In the last 
10 years, the Iowa DOT has begun using X-ray analysis to 
predict the durability of coarse aggregate for pee pavement 
(1). This research has been highly successful in developing an 
X-ray diffraction method of identifying nondurable Iowa do
lomitic aggregates. The durability correlates very well with 
the d-spacing of the maximum intensity dolomite peak. A 
d-spacing of less than 2.899 would generally indicate a high-

Office of Materials, Highway Division, Iowa Department of Trans
portation, Ames, Iowa 50010. 

quality dolomitic aggregate unless it contained a significant 
amount of trace element such as manganese . A d-spacing 
greater than 2.899 would identify a carbonate with poor per
formance in pee pavement. X-ray fluorescence has also iden
tified trace elements (in excess of selected levels) that are 
associated with nondurable aggregate. 

Many carbonate aggregates are limestones (calcites) with 
an absence ofMgC03 and , therefore, no dolomite peak. Iowa 
DOT research has shown that relatively high amounts of some 
trace elements are often present in nondurable limestone pee 
pavement aggregate (J) . 

Research is needed to evaluate other new technologies to 
determine if there are any that could be used as an indicator 
of pee aggregate durability. 

OBJECTIVE 

The objective of this research is to determine if thermogra
vimetric analysis (TGA) can be used to evaluate carbonate 
aggregate for use in pee pavement . The findings of the car
bonate aggregate TGA study will be presented here . 

EQUIPMENT AND COMPUTER PROGRAM 

The Iowa DOT has made arrangements with Iowa State Uni
versity to use their thermogravimetric equipment for this re
search. Iowa State University has recently purchased a DuPont 
TGA 2950 Thermogravimetric Analyzer, shown in Figure 1. 
The system operates on a null-balance principle, using a highly 
sensitive transducer coupled to a taut-band suspension system 
to detect minute changes in the mass of a sample. Heating 
rate and sample temperature are measured by a thermocouple 
located immediately adjacent to the sample. Finely ground 
carbonate aggregate samples are placed in platinum sample 
pans. The operator presses the start key to begin an automatic 
sequence of events: rotation of the sample platform, auto
matic sample pickup, raising of the furnace, and initiation of 
the software experimental conditions and procedures. The 
progress of the test can be monitored on a display screen. 
The DuPont TGA 2950 is controlled by an IBM-compatible 
computer. 

DuPont has developed a Hi-Res software package for use 
with the DuPont TGA 2950. In the past, it has been necessary 
to use slow heating rates to improve the identification of 
transitions and thus increase the resolution of the TGA plot. 
This required substantial testing time. The Hi-Res software 
makes possible rapid heating during periods when no weight 
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FIGURE 1 DuPont TGA 2950 Thermogravimetric 
Analyzer. 

loss occurs. When the computer notes a small weight loss, it 
reduces the heating rate to a preselected slower rate. This 
yields improved resolution of critical periods. The software 
and computer continually record temperature and weight . 
The Hi-Res software substantially reduces testing time and 
manual monitoring while retaining improved resolution . 

TEST PROCEDURE 

The current test procedure utilizes a 54- to 57-mg sample 
contained on a platinum sample pan that is suspended on a 
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FIGURE 3 Computer plot of a good-quality Moberly limestone 
(calcite) aggregate. 

microscale. After the oven surrounds the sample, carbon diox
ide gas flows across the chamber. The oven is rapidly brought 
to 300°C (Figure 2) where the time and temperature recording 
begins. The sample is then heated at 40°C/min until weight 
loss occurs. When weight loss occurs, the heating rate is re
duced . Weight loss of the nonargillaceous Iowa carbonates 
may begin as low as 350°C. Loss of carbon dioxide from the 
dolomite fraction may begin as low as 570°C, but the majority 
is burned off between 705°C and 745°C. A pure limestone (no 
dolomitic fraction) may begin to burn off (lose carbon dioxide) 
at 700°C. The majority of the limestone (calcite) will burn off 
between 905°C and 940°C. The temperature and percent weight 
are recorded on the graphical plot for each substantial change. 
Testing of an individual carbonate sample typically requires 
from 40 to 90 min. 

ANALYSIS OF LIMESTONE AGGREGATES 

The Iowa DOT specifications for coarse aggregate for use in 
concrete include a maximum loss of 6 percent on a water
alcohol freeze/thaw test of the aggregate. This effectively pre
vents the use of argillaceous aggregates (those containing more 
than 5 percent clay) . Most of the aggregates (both calcites 
and dolomites) included in this research contain less than 5 
percent clay. 

A typical plot of a very durable limestone (Moberly) is 
shown in Figure 3. There is very little weight loss prior to the 
CaC03 transition, which is greater than 900°C. A durable 
pure limestone (non-argillaceous calcite) typically burns off 
with little weight loss until it reaches its transition temperature 
(greater than 905°C). A summary of the limestone TGA test 
results is presented in Table 1. 

A nondurable limestone such as Crescent (Figure 4) begins 
to burn off at approximately 600°C. This slope prior to the 
CaC03 transition yields the best correlation with service life 
of pee made with limestone aggregates. The aggregates from 
pee with 40-year service will have little slope, while those with 
10 years of service life will have greater slopes. At this time, 
the slope prior to the CaC03 transition yields the best cor
relation with field performance . The slope prior to the calcite 
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TABLE 1 TGA Test Result Summary for Limestone Aggregates 

Slope 
Calcite Residue Prior to 

Years to Loss at Calcite 
Sample Visible Temperature 940°C Transition 

Identification Deterioration 'c Percent \llOO ' c 

Alden 506 40 926 , 74 56.13 0.175 

Ft. Dodge 2258 40 927. 40 56.05 0.150 

Gilmore City 98 40 928 . 79 56.13 O. llO 

Hodges 420 40 931.18 56.10 0.135 

LeGrand 965 40 919 , 34 56.62 0.102 

Moberly 649 40 929 . 24 56.11 0.076 

Montour 349 40 916 , 42 56.63 0.121 

Waucoma 1287 40 929 . 99 56.30 0.235 

Gilmore City 3378 30 937 , 26 56.22 0.112 

Klein 110 30 925 . 44 56.35 0.140 

Linwood 890 30 924 , 85 56.43 0.242 

Quimby 1466 30 923 . 51 56.01 0.190 

Stevens 440 30 928 . 83 56.32 0.233 

Sugar Beet 3096 30 927 . 82 56.40 0.251 

Conklin 224 25 908 , 93 56.86 0.318 

Hovey 1301 25 919 . 63 56.65 0.532 

Stewartville 316 20 917 . 97 57.08 0.658 

Weeping Water 799 20 923 . 00 57.25 o. 720 

Crescent 1315 10 921. 18 57.40 l. 396 

Early Chapel 878 10 922 . 48 57.61 l. 278 

Stanzel 716 10 927.51 56.84 l. 397 

Ullin, IL 1580 10 922 . 86 51.45 0.631 

transition was determined between 130°C and 30°C less than 
the computer determined calcite transition. The slope of the 
plot is substantially affected by clay (more than 5 percent) in 
carbonate aggregates. 

ANALYSIS OF DOLOMITIC AGGREGATE 

As noted earlier, the X-ray diffraction peak shift has been 
effective in identifying most nondurable dolomitic aggregates. 
Evenly distributed micron-sized pyrite and/or manganese sub
stituting for magnesium are found in dolomitic aggregates 
associated with poor service record when substantial deicing 
salt is used. The manganese-dolomites usually do not show a 
shift. TGA may be a rapid test that will provide additional 
information that can be used to predict durability or provide 
information to explain why X-ray analysis correlates well with 
field performance. A summary of the dolomitic TGA test 
results is given in Table 2. 

In general, the TGA of a durable dolomitic aggregate has 
shown that the carbon dioxide begins to burn off around 570°C 
(Figure 2). It continues to lose weight with a sloping plot until 
it reaches a temperature greater than 705°C where the balance 
of the magnesium carbonate is changed to magnesium oxide. 
The carbon dioxide from the calcium carbonate is driven off 
at greater than 905°C. 

The poor durability dolomitic aggregate (Figure 5) shows 
very little weight loss until above 700°C where the carbon 
dioxide (from the magnesium carbonate) is driven off. Again, 
the carbon dioxide (from the calcium carbonate) is driven off 
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FIGURE 4 Computer plot of a poor-quality Crescent 
limestone aggregate. 

1000 

at greater than 905°C. For a dolomitic aggregate (greater 
than 5 percent MgC03) the slope prior to the MgC03 tran
sition yields the best correlation with field performance. The 
slope prior to the dolomite transition was determined between 
100°C and 50°C less than the computer determined dolomite 
transition. 

DETERMINATION OF NONCARBONATE 
FRACTION 

The TGA test procedure can be used to determine the percent 
of noncarbonates in many carbonate aggregates which gen
erally would be nearly equal to the acid insolubles. Some 
states use the percent insolubles as a factor in determining 
aggregate quality for asphalt as well as pee pavements. TGA 
may provide a more rapid method of determining insolubles. 
Using gravimetric weight conversion factors, the following 
formula has been developed for the Iowa DOT TGA test 
method to determine insolubles: 

I = 100 - [l.916(100-R0 ) + 2.274(R0 - Re)] 

where 

I = insolubles (percent), 
R0 = residue at 745°C (percent), and 
Re = residue at 940°C (percent). 

Some dolomites apparently contain another compound with 
weight loss beginning prior to 500°F. This formula will not 
work for those aggregates. 

CORRELATION OF TGA DATA WITH 
FIELD PERFORMANCE 

This research, along with the X-ray analysis, is an effort by 
the Iowa DOT to relate results of rapid new testing technology 
to field performance. TGA has been conducted on over 300 
carbonate samples. A corresponding field performance is 
available for 49 of these samples. The TGA data for these 
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TABLE 2 TGA Test Result Summary for Dolomitic Aggregates 
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FIGURE 5 Computer plot of a poor-quality LeGrand 
dolomitic aggregate. 
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Slope Slope 
Residue Prior to Calcite Residue Prior to 

at Dolomite Loss at Ca lei te 
745• c Transition Temperature 94o• c Transition 
~ "/1oo•c · c Percent llf l00°C 

78. 21 3 .153 919. 04 53. 59 0.817 

76.27 5 .836 902. 03 53 .04 J.024 

74 . 57 4.124 920 .13 51.28 0.641 

76.65 5. 294 918. 56 52.02 0.478 

75. 67 4. 628 919 .85 51. 96 o. 607 

74 . 36 6.103 917. 72 50. S3 0 . 400 

76 . 5S 3 .819 917. S2 S2.0I 0.448 

74. 92 4. S78 903. 57 S0.86 0 . 452 

76 . 40 6 . 158 916 . 51 SJ. 96 0 .489 

76. 99 4. 922 916. 50 52.37 o. 440 

74. 77 3 .309 901. 06 52 .48 1.019 

78 . 22 2 . 238 919 . 79 52. 97 o. 707 

77.07 2.334 918.43 S2. S8 1.104 

77 .19 J.464 918. 71 S4. 74 ]. 243 

81.08 I. 703 914 . 79 S4 . 39 1 .403 

79 . 17 I. 27S 901. 79 53. 93 I. 920 

81.09 ]. 908 91S.8S S3 .86 1.126 

77 . 03 2 .056 916.48 S4 . 99 I . 76S 

81.63 1.817 914 .10 S6. II 1.52S 

80 . 38 1.390 901. S3 SS. 24 1.107 

80 . 10 2 .107 91S .82 S2. 90 I. 483 

82 . 94 0.890 90S. 98 54 .03 0 . 628 

82. 60 1.553 920.08 54. 79 o. 965 

77 .83 2 .12S 905. 08 53 .10 O. S88 

79 . 27 1.613 915 .82 S2 .80 0 . 726 

80 . 50 ]. 445 917 .87 53.80 o. 944 

84.43 0.644 912. 71 58. 73 2. S66 

96 . 37 0.166 920. S6 S6. 33 1.397 

samples are presented in Tables 1 and 2. The data are given 
in order of field performance from 40 years first to 10 years 
last . Initially, the values were checked to see if the transition 
temperatures relate to field performance . A visual review 
shows no relationship. 

The slopes ahead of the transitions do relate to field perfor
mance. In general, a flat slope ahead of the calcite transition 
relates to good performance of the aggregate in pee pavement. 
Conversely , a steeper slope relates to poorer performance. 
A correlation of 49 TGA slopes prior to the calcite transition 
yielded a coefficient of determination of r2 = 0.45, which is 
a poor correlation. If only those carbonates with less than 5 
percent dolomite are included (N = 22), a curvilinear cor
relation (Figure 6) yields a coefficient of determination, r 2

, 

of 0.83, which shows a good correlation. 
If the slope prior to the dolomite transition is used for 

carbonates with more than 5 percent dolomite (Figure 7), a 
coefficient of determination , r2 , for a curvilinear fit is 0.82, 
which again shows a good correlation. 
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FIGURE 6 Limestone service life versus slope prior to the calcite 
transition. 

These correlations are good enough to indicate how a car
bonate will perform in pee pavement. It is the intent of the 
Iowa DOT to use these data along with pore size distribution 
data and X-ray analysis data to predict the durability of car
bonates in pee pavement. 

IDENTIFICATION OF ANOTHER COMPOUND 

The carbonates used in this research have been tested by X
ray fluorescence (XRF) to determine elemental concentra
tions and X-ray diffraction (XRD) to determine mineral con
centrations and peak locations. There are some nonargilla
ceous carbonates that X-ray diffraction had shown to be nearly 
pure dolomite, but TGA has identified an additional mineral 
less than 600°C. This mineral has not yet been identified. If 

40-

10 • 

0 2 

• 

3 

this additional mineral compound is identified in the computer 
plot by substantial weight loss prior to SS0°C (Figure 8), the 
formula for determining the noncarbonate fraction cannot be 
used. The baseline at about 44 percent weight indicates a 
heating rate of 40°C/min. A rise above that line indicates that 
weight loss occurred and the heating rate was decreased or 
the heat was held constant. Weight loss and constant tem
perature indicate another compound in the 400°C to 550°C 
range. 

DISCUSSION OF TGA 

TGA analysis is not new. Much of the earlier work used 
differential thermal analysis (DTA). Apparently there has 
been minimal use ofTGA to analyze carbonate aggregate (2). 

• • •• 

Coefficient of Determination, 
r' = 0.82 

4 s 6 7 
Slope,% Wt. Loss Per 100 Degrees Cent. 

FIGURE 7 Dolomite service life versus slope prior to the dolomite 
transition. 
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Earlier TGA equipment was difficult to operate and not suited 
for production work. Improved TGA equipment will allow a 
large number of samples at a reasonable cost per sample with 
a high degree of accuracy. 

Test methodology has an influence on the weight loss and 
temperatures obtained from the analysis. If the sample size, 
rate of heating, and test method are held constant, the analysis 
is very accurate and repeatable (Table 3). 

TABLE 3 Repetitive Analysis of Lisbon Carbonate 

Dolomite Residue Calcite Residue 
Sample Loss at Loss at 

Run Size Temperature 800°c Temperature 950° c 
No. _!1!9__ • c _!1!9__ •c _!1!9__ 

20.591 714.SJ 75.92 920. 64 51. 49 

20.431 713.86 76.05 920.57 51. 65 

J 20.127 714 .17 75.60 920.38 50.77 

20.457 714. 40 76.02 920.27 51. 6J 

5 20.466 714. SJ 76.28 920.23 51.78 

Standard Deviation 0.29 0.25 0.18 0.40 

1 55.812 720.00 76.70 919.89 52.07 

55.195 717. 74 76.74 920.12 52.15 

55.314 718. 48 76. 75 919.91 52.12 

4 54. 892 719 .14 76.55 919.67 51. 95 

5 55.304 719.20 76.57 919.52 51. 82 

6 55.351 717.JJ 76.58 918 .98 51.98 

55.612 719.88 76.65 918.55 52.02 

standard Deviation 1. 02 0 . 08 0,56 0.11 
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Iowa State University, under the direction of Scott Schlor
holtz, is conducting a related study of carbonate aggregate 
that includes TGA. X-ray analysis will be used in conjunction 
with TGA and scanning electron microscopy in an effort to 
explain the relationships between chemistry, crystallite size, 
and TGA test results of carbonate aggregates. 

CONCLUSIONS 

This research on TGA of carbonate aggregate supports the 
following conclusions: 

1. Current TGA equipment is capable of rapid, accurate, 
and repeatable analysis of carbonate aggregate. 

2. A standardized test method is necessary to obtain 
repeatable results. 

3. The TGA slopes prior to the calcite and dolomite tran
sition yield a good correlation with field performance of 
carbonates in pee pavement. 

4. TGA exhibits a potential for characterization of carbon
ate aggregate, but more research is needed. 
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Monitoring Mortar Bar Alkali-Aggregate 
Reactivity 

THOMAS M. HEARNE, JR., ]ACK E. COWSERT, AND v. OWEN CORDLE 

Extensive and progressive pattern cracking was observed in four 
recently constructed North Carolina bridges. Petrographic ex
amination (ASTM C-295 and C-856) showed the presence of 
alkali-silica gel in concrete cores, but a quick chemical test (ASTM 
C-289) on the suspect aggregate proved inconclusive. To establish 
the alkali-aggregate reactivity potential of the aggregates used in 
these bridges and to identify the nature and extent of reactivity 
of selected aggregates in North Carolina , a series of mortar bar 
tests (ASTM C-227) was conducted. Mortar bar specimens were 
prepared with combinations of a high-alkali cement and several 
different aggregates. In addition to length and weight measure
ments, two different compression wave velocity measurements 
were made over a 1-year period. The standard ultrasonic pulse 
velocity (ASTM C-597) was determined in addition to a velocity 
determination referred to herein as a cycle velocity. The cycle 
velocity is obtained by striking one end of a mortar bar to initiate 
a compression wave that reflects back and forth through the bar. 
An oscilloscope measures the output of an accelerometer attached 
to the opposite end, displaying a peak for each arrival of the 
compression wave at the accelerometer. The compression wave 
velocity is then determined from this fundamental mode of vi
bration. In these mortar bar tests, the cycle velocity measurement 
was more repeatable than for the ultrasonic pulse velocity. How
ever, both ultrasonic and cycle velocity measurements are good 
laboratory indicators for monitoring the progress of alkali
aggregate reaction. Pulse and cycle velocities are inversely re
lated to expansion, while weight changes of the mortar bar speci
mens are poorly correlated with expansion. The tests revealed 
that some North Carolina aggregates are reactive and should not 
be used with high-alkali cements. 

In the spring of 1987, members of a federal highway inspection 
tour observed extensive pattern cracking in the wing walls of 
the James Garrison Bridge over Lake Tillery on NC 24-27-
73, approximately 8 mi east of Albemarle , North Carolina. 
Constructed during 1977-1978, this structure exhibited no 
noticeable cracking in the superstructure until 1982, when 
cracking in the end bents and wing walls was photographed. 
A 1984 inspection report noted cracking in lhe <leek, abutment 
and back walls of end bents, pier caps, and columns. Cracking 
has progressed, and although it is most extensive in the wing 
walls and caps, some cracking is present in all components of 
the structure. Bridge maintenance inspectors have noted that 
the cracking severity is higher than that observed in most 50-
year-old bridge structures. Additionally, cracking was noted 
in a seal during inspections in 1978 and 1980. The seal was 
repaired in 1981, and extensive repairs on all seals were made 

T. M. Hearne, Jr., Pavement Management Unit, North Carolina 
Department of Transportation, 716 West Main Street, Albemarle, 
N.C. 28001. J. E. Cowsert and V. 0. Cordle, North Carolina De
partment of Transportation, P.O. Box 25201 , Raleigh , N.C. 27611. 

in 1988. The wing walls and caps were sealed and injected 
with epoxy in 1987. 

Project records show that concrete for the bridge construc
tion was provided by an infrequent supplier of concrete to 
state projects. However, the records do not indicate that any 
problems were encountered with the concrete during con
struction. Standard acceptance tests met specification require
ments. The concrete mixes used for the James Garrison Bridge 
were composed of Lone Star Type I cement, Lilesville sand, 
Gold Hill Quarry coarse aggregate , Albemarle city water, and 
W. R. Grace's Darex and Daratard 17 admixtures. 

The Lilesville sand is used widely throughout the southern 
Piedmont and southern Coastal Plain sections of North Car
olina and has no previous record of expansion-related prob
lems in concrete . The Gold Hill Quarry , located in the Car
olina Slate Belt, produces aggregate classified as a meta-argillite. 
This material is used infrequently in concrete, but easily passes 
the standard quality tests for wear and soundness; the LA 
wear is among the lowest in the state. No evidence was found 
of any problems with either the water or the admixtures used 
in the concrete mix . 

The cracking is best described as pattern or map cracking. 
Cracks on the surface typically extend only 1or2 in. in depth 
before disappearing into a myriad of finer cracks. A contin
uous longitudinal crack is present along the top of the wing 
walls. Core fragments are characterized by fractured aggre
gates with dark rims around the coarse aggregate pieces. White 
deposits are present on the fractured faces of the coarse ag
gregate. Petrographic examinations confirmed that these de
posits are alkali-silica gel. Even though the cracking is exten
sive, intact cores taken from the wing walls exhibit very high 
compressive strengths-some in excess of 7,000 psi. 

Unfortunately, the alkali content of the cement used in this 
bridge is unknown . Tests for alkali contents of cement used 
in construction projects were not conducted in North Carolina 
until 1988. Shipments of Lone Star Type I cement during the 
late 1970s typically had alkali contents around 0. 7 percent . 
However, there are no records to verify the alkali content for 
this structure. 

Three additional bridges in North Carolina that exhibited 
similar cracking were soon identified. Because records for all 
three bridges, constructed in the late 1970s, had been de
stroyed, the cement source could not be identified. Gold Hill 
Quarry aggregate was identified as the coarse aggregate used 
in one of the bridges. Laboratory sampling records revealed 
that both Neverson and Princeton Quarry aggregates were 
shipped to the other two bridge sites. The locations of all four 
bridges exhibiting cracking from suspected alkali-aggregate 
reaction are shown in Figure 1. 
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FIGURE 1 Bridge and quarry locations. 

The initial investigation of the cracking raised many ques
tions and uncertainties involving aggregate sources, cements, 
and mix designs. Materials engineers conducted a series of 
mortar bar tests with combinations of a high-alkali cement 
and several different aggregates to identify the nature and 
extent of the alkali-aggregate reactivity problem in North Car
olina. Reported herein are the results of those tests. 

ALKALI-AGGREGATE REACTIVITY TESTS 

The following test methods have been used to establish 
if an aggregate is either alkali-reactive or potentially alkali
reactive (I): 

l. Petrographic examination, ASTM C-295 and C-856; 
2. Rock cylinder test, ASTM C-586; 
3. Quick chemical test, ASTM C-289; 
4. Mortar bar test, ASTM C-227; and 
5. Testing of concrete prisms, ASTM C-157. 

The details of these test methods will not be described 
herein but can be obtained from the appropriate ASTM test 
standard or from almost any good reference that addresses 
suitability of aggregates for concrete. Unfortunately, all of 
these test methods have serious limitations. The tests either 
require long time periods or provide unrepeatable or incon
clusive results that do not correlate with field experience. The 
mortar bar test has shown good correlation with field expe
rience (2), but many years may be required before judgment 
on a slowly reactive aggregate can be made. The results of 
the quick chemical test (ASTM C-289) are often inconclusive 
(1,2). Petrographic examination, although a valuable and nec
essary procedure for identifying specific alkali reactive rocks 
and minerals, cannot establish magnitudes of expansion 
for a given aggregate. Therefore, a rapid and conclusive test 
for evaluating alkali-aggregate reactivity remains to be 
developed. 

Since the quick chemical tests proved inconclusive for the 
Gold Hill aggregate, the mortar bar test method was selected 
in an attempt to reproduce the results observed on the James 
Garrison Bridge. Although long time periods would be re
quired before conclusions could be made, this method best 
fit testing needs and capabilities. 

In the mortar bar test, the suspect aggregate is crushed 
down to a specified sand-size grading. This crushed aggregate 
is then combined with a cement with an equivalent alkali 
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content of greater than 0.6 percent and a specified amount 
of water to make a mortar bar approximately 11.25 x 1 x 
1 in. To accelerate the rate of reaction, a high water/cement 
ratio was used, and the mortar bars were stored over water 
in sealed stainless steel containers maintained at a tempera
ture of 100°F. The aggregate is considered reactive if the 
mortar bar expands by more than 0.05 percent after 3 months 
or more than 0.1 percent after 6 months, as noted in ASTM 
C-33. 

CEMENT AND AGGREGATE SELECTION 

Lone Star Type I cement with an equivalent alkali content of 
0.74 percent was used for all test specimens. A variety of 
material types was selected for the investigation, ranging from 
those suspected of high reactivity potential to those with many 
years of excellent field performance. Ten different aggregate 
sources were selected for the initial series of tests. The Gold 
Hill, Lilesville, Neverson, and Princeton aggregates, either 
suspected or known to have been used in the distressed struc
tures, were included in the study. Stalite, an expanded light
weight material formed by heating Gold Hill Quarry aggre
gate in excess of 2,000°F, was also included because of the 
field experience with the parent material. Stalite was used 
recently with a high-alkali cement in a bridge deck in western 
North Carolina. Asheboro and Bakers Quarry aggregates were 
selected because of their geological similarity to Gold Hill 
aggregate. The Woodleaf and Charlotte quarries were se
lected as widely used, trouble-free concrete aggregate sources; 
aggregates from these quarries have been used for years with 
a variety of cement types with no documented problems. Ma
terials engineers anticipated that the test results would con
firm this field experience. The Benson Quarry aggregate, a 
fine-grained volcanic tuff, was the final material selected for 
study. 

Shown in Figure 1 are the locations of the quarries. Stalite 
aggregate is produced at the Gold Hill Quarry location. Table 
1 presents the classification and quarry location of each ag
gregate chosen for the investigation. 

SAMPLE PREPARATION 

The procedures in ASTM C-227 were followed with three 
important exceptions. First, the aggregates were not washed 
after crushing and sieving to the proper size. Proponents of 
washing argue that the very fine particles that cling to the 
larger aggregate pieces will react very quickly with available 
alkalis to form a product that will not expand. Washing the 
aggregate will remove these particles, which will then allow 
for greater expansion of the bar. To take a conservative ap
proach to this problem and more closely simulate the field 
condition, engineers elected not to wash the aggregate. Sec
ond, wicking material was not used inside the storage con
tainers. Third, the amount of Stalite aggregate used to form 
the bars was reduced by 50 percent to maintain a water/cement 
ratio similar to the other specimens. 

Four mortar bar test specimens were made for each aggre
gate, two from each of two batches made on different days. 
Twenty-four hr later, the mortar bars were removed from the 
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TABLE I Quarry Locations and Aggregate Classifications 

Quarry Classification Location 

Asheboro Meta-Argillite North of Asheboro 

Bakers Meta-Argillite Near Monroe 

Benson Volcanic Tuff Southern Johnston County 

Charlotte Coarse-Grained Granite North Charlotte 

Gold Hill Meta-Argillite Off US 52 near Cabarrus-

Rowan County Line 

Lilesville Silica Sand Ea~t of WadQ~boro 

(Pit) 

Neverson Coarse-Grained Granite Near Wilson 

Princeton Rhyolite Northwest of Goldsboro 

Stalite Derived from Meta- At Gold Hill 

Argillite 

Wood leaf Coarse-Grained Granite Northwest of Salisbury 

molds and initial length measurements made. Subsequent length 
measurements were made at 2 weeks, 1 month, and at monthly 
intervals throughout 1 year. 

ADDITIONAL TESTS 

In addition to the normal length measurements, three other 
measurements were made on the mortar bars: weight, pulse 
velocity, and a velocity referred to herein as a cycle velocity. 
The weight change measurements were not conducted under 
carefully controlled time, temperature, and humidity condi
tions. These measurements were made before returning the 
bars to the storage containers after conducting the other tests. 
Hopefully, weight changes measured under these conditions 
would reflect long-term trends. Questions to be answered 
during the study included the following: Is expansion accom
panied by corresponding weight gain? How large is this gain? 

The ultrasonic pulse velocity was also determined. In this 
procedure (ASTM C-597), a high-frequency compression wave 
pulse (54 kHz) is generated by an clcctroacoustical transmitter 
held in contact with one end of the mortar bar. After traveling 
through the bar, the pulses are received by a transducer in 
contact with the opposite end of the bar. The transit time is 
measured electronically in microseconds. The pulse velocity 
is then calculated by dividing the length by the transit time. 
Because velocity is a measure of stiffness of the material, it 
is a desirable property to consider for evaluating structural 
concrete both in the laboratory and in the field. Nondestruc
tive evaluation of stiffness changes in the specimens during 
the progression of the alkali-aggregate reaction can be made 
with velocity tests. 

The cycle velocity test is a technique for determining the 
compression wave velocity from the fundamental longitudinal 
vibration of the mortar bars. A small marble suspended on a 
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string strikes one end of the mortar bar and causes the bar 
to vibrate in the longitudinal direction (see Figure 2). An 
oscilloscope displays the output from an accelerometer at
tached to the opposite end of the bar. The mortar bar vibrates 
in a manner analogous to what occurs when a suspended 
spring is pulled and released. When the marble strikes the 
bar, a compression wave is generated that travels the length 
of the bar to the accelerometer. The arrival of the compression 
wave at the accelerometer is recorded as the first peak on the 
oscilloscope trace in Figure 2. The compression wave reflects 
from this end, returns to the end the marble struck, reflects 
again, and returns to the accelerometer to complete the cycle 
and form the second peak on the trace. Therefore, the elapsed 
time between consecutive peaks on the oscilloscope trace 
represents the time required for the compression wave to 
travel twice the length of the bar. The velocity is computed 
by dividing twice the length of the mortar bar by the time 
interval from one peak to another on the oscilloscope trace. 
High compression wave velocities in concrete and the cor
responding short travel distances in the mortar bars make 
accurate time measurements essential for both the ultrasonic 
and cycle velocity tests. In the cycle velocity tests, the time 
representing 10 complete vibration cycles was measured to 
the nearest microsecond with a digital oscilloscope. 

The two velocities, ultrasonic and cycle, should not be the 
same, because of the effects of Poisson's ratio on the ultra
sonic velocity measurement. Comparison of the two test pro
cedures over the past 4 years has shown that the cycle velocity 
measurement is a much more accurate and repeatable test 
procedure than the ultrasonic pulse velocity test. Different 
operators using the same oscilloscope typically achieve 
repeatability of test results of 0.5 percent for the cycle velocity 
tests, while repeatability of test results of slightly under 1.5 
percent is achieved for the pulse velocity tests. Because the 
cycle velocity test is nondestructive, quickly performed, and 
highly repeatable, it is especially well suited for testing mortar 
bars. Modern digital oscilloscopes provide the highly accurate 
time measurements that are essential for cycle velocity testing. 

RESULTS OF TESTS 

Length Changes 

The first month's length changes are shown in Figure 3. The 
values are averages of the length changes for the four bars 
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FIGURE 3 One-month mortar bar expansion. 

10.0 

representing each aggregate . Note that after 1 month, Gold 
Hill specimens have not expanded as much as three others , 
two of which (Wood leaf and Lilesville) are widely recognized 
as excellent concrete aggregates. However, Figure 4 shows 
that after 2 months, the expansion rates changed dramatically. 
The Gold Hill bars expanded rapidly and tied Stalite for the 
greatest total expansion. Note, however, that the second 
month's expansion could not be predicted from the first month's 
results. After 3 months, Gold Hill emerges as the material 
expanding most rapidly, but again as can be observed in Fig
ure 5, the expansion values cannot be predicted from one 
month to the next. Also note that after 3 months, the four 
most expansive materials are argillites. All materials are ex
hibiting some expansion, but it is reassuring to observe that 
the Charlotte Quarry mortar bars have expanded the least. 
During the next 3 months, the unpredictability of the rate 
and ~mount of expansion continues, as shown in Figure 6. 
After 6 months, the only mortar bars exceeding the limit of 
0.1 pe ryent expansion are the ones formed with Gold Hill 
aggrega~e . Therefore, Gold Hill <iggregate is con idered to 
be reactive by the ASTM C-227 mortar bar test procedure. 
Based on total length change after 6 months , the 10 aggregates 
are ranked as follows from most to least reactive: Gold Hill, 
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FIGURE 5 Three-month mortar bar expansion. 
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Bakers , Asheboro, Stalite , Princeton, Woodleaf, Lilesville, 
Benson, Neverson, and Charlotte . 

Noting the unpredictable month-to-month expansion and 
the recent acceleration in expansion of the mortar bars made 
with Asheboro, Bakers, and Gold Hill aggregates, engineers 
decided to continue testing with monthly measurements through 
1 year. Although the 0.1 percent expansion limit was not 
reached by either the Asheboro or Bakers aggregates after 
the first 6 months, their expansion rates were accelerating. 

Figure 7 shows the expansion rates in 2-month intervals for 
the 1-year study period . Expansion in the Benson, Charlotte, 
Lilesville, Neverson, and Woodleaf specimens has slowed, 
and although the Stalite specimens are continuing to expand 
at a slightly higher rate, the rate of expansion is decreasing. 
A disturbing development is the slow but continued expansion 
of the Princeton Quarry aggregate. During this second 
6-month period Princeton surpassed Stalite in total expansion. 
Table 2 is a rank order comparison of expansion at 1, 3, 6, 
and 12 months. Princeton and Stalite aggregates are moving 
in opposite directions during the I-year period. At 6 months 
Stalite led Princeton in total expansion, but after 12 months 
Princeton led Stalite in expansion by approximately 30 
percent. 
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Weight Changes 

Figures 8 and 9 show the 6- and 12 month percentage weight 
gains, respectively, for the 10 aggregate sources. The weight 
gains are expressed as a percent weight gain when compared 
to the 1-month weight. All specimens show an increase in 
weight, but weight change does not correlate well with length 
change. The 12-month comparisons presented in Table 3 show 
that weight change is not a good indicator of expansion in the 
mortar bars. 

Velocity Changes 

The 6- and 12-month ultrasonic velocity test results are shown 
respectively in Figures 10 and 11. The corresponding cycle 
velocity summaries are shown in Figures 12 and 13. The values 
in all four figures reflect percent velocity change when com
pared to the 1-month velocity measurement. The general pat
terns developed in both test methods agree and clearly show 
the inverse relationship between length and velocity changes. 
Those specimens exhibiting the smallest length changes show 
the largest velocity increases, and those specimens exhibiting 

TABLE 2 Rank 01·der Comparison Based un Length Changes 
over 12-Month Period in Order from Most to Least Reactive 

1 Month 3 Months fi Months 12 Month~ 

l. Lilesville Gold Hill Gold Hill Gold Hill 

2. Stalite -- Stalite l_ Bakers Bakers 

J. woodleat Bakers Asheboror Asheboro 

4. Gold Hill Asheboro Stalite Princeton 

5. Bakers I Princeton -- Princeton stalite 

6. Neverson Woodleaf Woodleaf Benson 

7. Princeton Lilesville Lilesville Woodleaf 

a. Asheboro Neverson Benson Lilesville 

9. Charlotte Benson Neverson Charlotte 

10. Benson Charlotte Charlotte Neverson 
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FIGURE 9 Twelve-month weight gain. 

TABLE 3 Weight Change Rank Order 
Compared with Length Change Rank Order 
at 12 Months 

Length Change Weight Change 

Rank Quilrry Rank 

l Gold Hill 9 

2 Bakers ·2 

3 Asheboro 8 

Princeton 3 

5 stalite 1 

6 Benson 10 

7 Woodleaf 

8 Lilesville 6 

9 Charlotte 

10 Neverson 

1.6 1.8 

2.4 

2.5 3 
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FIGURE 11 Twelve-month ultrasonic velocity change. 
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the greatest expansion show the smallest increases in velocity. 
At the end of 1 year, both Gold Hill and Asheboro aggregates 
have lower velocities than they did at 1 month, indicating 
some detrimental process has occurred. Normal concrete con
tinues to undergo hydration and strengthen with time. There
fore, the mortar bar specimens are expected to show a small 
but continued increase in velocity with time. Presented in 
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FIGURE 13 Twelve-month cycle velocity change. 

TABLE 4 Length Increase and Cycle Velocity 
Increase Comparison at 12 Months 

Length Change 

l. Gold Hill 

i. Bakers 

J. Asheboro 

4. Princeton 

5. Sta lite 

6. Benson 

7. Wood leaf 

8. Lilesville 

9. Charlotte 

10. Neverson 

Cycle 

Velocity Change 

Woodleaf 

Charlotte 

Benson 

Lilesville 

Neverson 

Stalite 

Princeton 

Bakers 

Gold Hill 

Asheboro 
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5.9 

6 7 

Table 4 are the relative ranks of lengths and cycle velocity 
change after 12 months. Note that the five aggregates with 
the greatest expansion also show the lowest velocity gains . 

SUMMARY AND CONCLUSIONS 

The distresses observed in the four bridges described herein 
are caused by alkali-aggregate reaction in which expansion 
and cracking are caused by a slowly progressing reaction be
tween alkalis in the cement and silica in the aggregate. Al
though all test specimens expanded during the 1-year test 
period, there is a wide range both in the amount and rate of 
expansion. Expansion rates have been variable and unpre
dictable during the 1-year test period . Due to the excessive 
expansion observed in the mortar bar tests (ASTM C-227), 
Gold Hill aggregate is considered reactive. These results, when 
coupled with the field performance record in two bridges, 
clearly indicate that the Gold Hill aggregate should not be 
used in concrete with high-alkali cements. 

Both ultrasonic pulse and cycle velocity measurements are 
good laboratory indicators of the progress of the alkali-
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aggregate reaction. However, the magnitude of the velocity 
changes is small, albeit many times greater than corresponding 
length changes. Velocity and expansion are inversely related. 
Specimens with the greatest increases in velocity over the past 
year exhibit the least expansion, and those specimens with 
the smallest increases in velocity exhibit the greatest expan
sion. The cycle velocity has proven to be a simple, reliable, 
and highly repeatable test procedure, better suited for mortar 
bars than the standard ultrasonic pulse velocity test procedure 
(ASTM C-597). Weight changes of the mortar bar specimens 
show no correlation with expansion . 

In addition to the Gold Hill aggregate, aggregates from 
Asheboro, Bakers , and Princeton quarries performed poorly 
in both the expansion and velocity tests. Over the second 6 
months, both the Asheboro and Bakers mortar bars have 
expanded more than the Gold Hill bars, while the expansion 
of the Princeton mortar bars continues at a steady albeit slower 
rate. Velocity tests in all four of these materials are abnormal 
and further reinforce the field observations of poor perfor
mance for the Gold Hill and Princeton aggregates. Both length 
and velocity measurements show that the Neverson aggregate 
has performed extremely well . 

Clearly, some reaction has occurred with the Stalite aggre
gate . The amount of expansion is twice that of other aggre
gates with good performance histories , but the Stalite expan-
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sion has continually slowed during the second 6-month period , 
and velocity changes have been positive. 

Shortcomings in mortar bar testing were highlighted during 
the 1-year testing period. Expansion rates are unpredictable, 
and in the opinion of the authors, the total expansion is the 
critical factor to consider and not the time frame. Some ma
terials expand quickly and then slow considerably, while others 
show continued slow expansion. The 3- and 6-month expan
sion limits of 0.5 and 0.1 percent, respectively, as presented 
in ASTM C-33, do not identify the slow reactor. However, a 
test requiring years to complete is not useful from a practical 
viewpoint. Questions remain after 1 year of testing, and mor
tar bar testing of all aggregate sources is not practical. There
fore, a need exists for a more rapid and reliable test to assess 
alkali-aggregate reactivity. 
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Update on Sulfate-Induced Heave in 
Treated Clays; Problematic Sulfate Levels 

THOMAS M. PETRY AND DALLAS N. LITTLE 

A brief background on sulfate-induced heave in lime- and port
land cement-treated clay soils and some examples of projects 
affected by this phenomenon are presented. The nature and de
tails of the phenomenon are covered as known at this time . A 
type of swe ll Le l lhat may be u ed IO indicate the nature f 
problem i. introduced, a~ well as some results from known af
fected sulfate-bearing soil ·. The main thruSl of discu ion is the 
determination of soluble sulfates and how varied the results of 
such testing can be depending on the procedure used to extract 
sulfate from the soil. Recommended procedures for extraction 
and determination of sulfates are provided. Levels of sulfates that 
represent potential problems are discussed. The conclusion ' in
clude the minerals that need to be controlled, recommended de
termi~ation of sulfate levels, recommended testing for prob
lematic behavwr. recommended problematic sulfate levels. and 
recommended research to achieve solutions to the problem . 

Since Mitchell brought attention to the phenomenon of 
sulfate-induced heave in treated clays in 1986 (/)and Hunter 
reported on sulfate-induced distress in Stewart Avenue in Las 
Vegas in 1987 (2), this phenomenon has been realistically 
considered the cause of distress in many transportation facil
ities . In the opinion of soil scientists, much of the contiguous 
United States west of the Mississippi River may have sufficient 
soluble sulfates close enough to the surface to facilitate sulfate
induced heave . Hunter and others have reported this phe
nomenon in highly active clay soils containing at least 10 
percent clay (J-3) and where sufficient water is available to 
feed the minerals that expand. This scenario appears logical, 
especially since lime and portland cement are the stabilizers 
most often used in these materials. Others believe that clays 
with as much aluminum as silica (i.e., kaolins) are more likely 
to exhibit this problematic behavior. It is clear to all that the 
level of so-called soluble sulfates in the soil is the most im
portant factor. In states like Texas , where most of the state 
has the potential for moderate to high levels of sulfates near 
the surface, the concern over this phenomenon has become 
extreme. 

There have been cases of suspected sulfate-induced heave 
in Texas. The first was noted at U .S. Army Corps of Engi
neers-Texas State Parks project roads around Joe Pool Lake 
in Dallas County. The second was at a Laughlin Air Force 
Base auxiliary field near Del Rio. The third project was Texas 
FM 2499 near Flower Mound and Grapevine . The fourth was 
in southeast Arlington where distress was noted on a four
lane divided city loop street. There have been verbal reports 

T. M. Petry, The University of Texas at Arlington , Box 19308, Ar
lington, Tex. 76019. D. N. Little , Texas A&M University , Suite 
508CE/TTI Bldg., College Station, Tex. 77843. 

of many instances that are likely to be the result of sulfate
induced heave of lime-treated clay subgrades. As investiga
tions of this phenomenon continue, the reports of it increase . 
This has led to an increasing need to find realistic procedures 
for the prediction of potential problems and development of 
methods to deal with the problems associated with stabilizing 
the soils involved. 

Offered here is an update to the existing published infor
mation concerning identification of the potential sulfate
induced heave and approximation of the amount of heave to 
expect. Recommendations for testing and research into ways 
to prevent sulfate-induced heave will be explored as well. 

BACKGROUND 

Although there has been considerable study of the formation 
of ettringite in portland cement pastes (J-6), it was not rec
ognized as a possible problem during lime or portland cement 
stabilization until Sherwood reported it in 1962 (6 ). The prob
lem did not receive national recognition until 1986 (1). Hunter 
provided many details of the Las Vegas case and the overall 
sulfate heave phenomenon in his journal article of 1987 (2) . 
Thomas et al. reported on pyrite-derived sulfate-induced heave 
in portland cement-stabilized minestone in 1989 (7) . 

The total reaction and favorable environment for formation 
of expansive minerals resulting from the interaction of lime 
and sulfate-bearing clay soils or portland cement and sulfate
bearing soils are not completely understood. However, the 
present working hypotheses are discussed in the following 
paragraphs . 

The most often found expandable mineral resulting from 
these reactions is ettringite, Ca6{Al(OH)6b (S04).,-26H20 , since 
it is the first to form and can be transformed into thaumasite , 
Ca6{Si(OH)o}2(S04)(C03h26H20. This transformation hap
pens when there is a sufficient source of carbonate and dis
solved silica in the system and the temperature is between 
59°F and 40°F (4). Therefore, the formation of ettringite is 
necessary for the sulfate heave phenomenon to occur, and 
curtailment or elimination of its formation would dramatically 
reduce the volume increases noted. 

The stable forms of calcium-sulfoaluminate-hydrates in 
aqueous solutions are monosulfate hydrate and trisulfate hy
drate (ettringite) (8) . Consequently, these are the forms usu
ally sought in the evaluation of sulfate reactions. 

When lime is added in sufficient quantities to clay, the pH 
of the soil-lime slurry is raised to 12.45 (at 77°F) . Once the 
pH exceeds 10.5 , dissolution of the clay surfaces occurs , and 
siliceous and aluminous pozzolans are released. These poz-
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zolans may react with calcium ions from the lime to form the 
cementitious products of calcium silicate hydrate (CSH) and 
calcium aluminate hydrate (CAH). These reaction products 
bind the soil particles together and may result in high com
pressive strengths and soils of high stability. However, if sul
fates, either in solid or groundwater form, are present in 
sufficient quantity, they may confound the reaction between 
the calcium and the pozzolans to form significant quantities 
of ettringite and, when conditions are right, thaumasite. Also, 
the high pH environment, which is optimal for the formation 
of CSH, drops substantially upon the formation of ettringite. 
A model is provided by Hunter (2) that describes the basic 
reaction kinetics. 

Mehta and Klein ( 4) determined that the formation of 
monosulfate hydrates is favored in high alumina environ
ments, but the formation of ettringite is favored in low alu
mina environments. This might indicate that monosulfate hy
drates are favored in 1: 1 type clay minerals like kaolinite, 
while the formation of trisulfate hydrates would be favored 
in 2:1 type clay minerals such as smectite. Or it may indicate 
that the form of calcium-sulfoaluminate-hydrate may be tran
sient between the monosulfate form and the trisulfate form. 
This unstable nature is precarious as transformation from the 
monosulfate form to the trisulfate (ettringite) form entails a 
241 percent expansion. Researchers further explain that mon
osulfate hydrate is only stable in moist conditions, whereas 
ettringite is stable in both wet and dry conditions. They also 
describe trisulfate hydrate as substantially expansive upon 
wetting, while monosulfate hydrate is not. They explain that 
during formation CSH crystals will grow to fill the void space 
only (which is also true of calcium hydroxide crystal), while 
ettringite crystals will continue to grow so long as the reaction 
materials are present. They found that, if restrained against 
growth, these crystals can expand with pressures up to 35,000 
psi. Bogue et al. (9) found that once formed, ettringite ex
pands to a volume equal to 227 percent of the total volume 
of reactant solids. In addition , Hanson and Offutt (3) deter
mined that the ettringite formed is eight times the volume of 
calcium aluminate in portland cement. 

In spite of its expansive behavior, ettringite is a necessary 
part of the process of hydration in portland cement. Schwiete 
and Niel (6) found that crystals of this mineral form after 
only 30 sec of hydration. Eventually, trisulfate hydrates be
come monosulfate hydrates as the cement hardens and sul
fates are used up in the reaction process . It is the addition of 
sulfates from outside sources in an aqueous environment that 
causes the reformaliun uf ellringite from monosulfoaluminate 
and triggers large volume increases and destroys concrete. 
The formation of trisulfate hydrates in cement-stabilized sul
fate-bearing materials leads to the types of heaves reported 
by Thomas et al. (7). 

The presence of ettringite in materials may be confirmed 
by one or more of three methods. These methods include 
X-ray diffraction (XRD), differential thermal analysis (DTA), 
and scanning electron microscopy (SEM) with or without dis
persive X-ray (DXR) for determination of elements. Trisul
fate XRD peaks were noted by Mehta and Klein (4) at 9.71, 
5.61 , and 3. 8 A. They found that there is a decrease in 
intensity on drying, although the locations of the peaks were 
unchanged. Another reason given for the lack of intensity by 
Schwiete and Niel (6) was the small size of the crystals. When 
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FIGURE I Typical SEM view of ettringite. 

high percentages of ettringite were present, Mehta and Klein 
( 4) found strong DTA endotherms at about 190°C (374°F) 
and weak endotherms at about 270°C (518°F), while when 
smaller percentages of ettringite were present these occurred 
at 150°C and 250°C, respectively. During SEM inspection of 
affected materials many have found that the crystals are well
grown , fibrous, or needlelike (4,6,7). Thomas et al. (7) iden
tified needle-shaped crystals of ettringite by DXR during SEM, 
as has one of the authors. An example of a typical SEM view 
is shown in Figure 1. Mehta and Klein ( 4) noted that ettringite 
crystals formed by hydration of amorphous crystallites are 
more gel-like, while those formed by precipitates are more 
fibrous or needlelike. Schwiete and Niel (6) found that under 
prolonged irradiation, such as used in SEM, changes may 
occur, shifting the crystalline form to a more spherical nature. 
If this effect is combined with the fact that SEM environments 
are dry, it is easy to understand why a large variety of sizes 
and shapes of crystals may be seen. Of the identification modes 
discussed it is likely that XRD is the most reliable. 

SWELL TESTING 

Swell testing has been utilized by researchers to predict the 
nature of the volume increase caused by hydration of ettringite 
(10,11). This method of predicting behavior, if performed 
correctly, should reflect the physical and chemical influences 
of field conditions. The results will reflect actual behavior. In 
Las Vegas, Hunter (2) found heave where the levels of sulfates 
were as low as 700 ppm and no heave where the sulfate levels 
were as high as 20,500 ppm. The authors are acquainted with 
areas in Texas where high levels of sulfates occur in soils that 
have been very successfully stabilized with lime. It is, there
fore, deemed necessary to perform swell behavioral tests as 
indicators of swell potential. 

As part of an overall program to investigate the nature of 
the sulfate-induced failure at Lakeview Park beside Joe Pool 
Lake, which was funded by the U.S. Army Engineers Water
ways Experiment Station, 138 specimens were taken for test
ing out of 56 borings at depths directly under the pavement 
to 3 ft below the pavement. Approximately one-half of the 
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FIGURE 2 Shear plane and overriding or subbase at Joe Pool 
Lake Park (courtesy of Corps of Engineers, Fort Worth). 

specimens were taken from within the humps along the road
ways. The others were from adjacent areas where no hump 
occurred. All specimens were nearly the same in water content 
and dry unit weight, with those in the humps slightly wetter 
because of more direct exposure. In addition, these materials 
exhibited lime-modified behavior and were fairly friable. Lit
tle evidence of pozzolan cementation was found. On the other 
hand, evidence of shear planes was found, and the material 
in the humps appeared to have been shoved one part over 
another, or buckled. Examples of these are shown in Figures 
2 and 3. It is clearly evident, therefore, that the humps did 
not occur from concentrated vertical heave, but from hori
zontal heave, which caused layer overriding and buckling. 

Because of the field behavior at the roads beside Joe Pool 
Lake and a need to simulate the heave noted there in a lab
oratory setting, it was decided to use a three-dimensional swell 
test. This test utilized a 6-in.-diameter, 4 1/2-in.-high specimen 
consisting of soil at levels of pulverization simulating field 
conditions, treated with lime, and compacted using standard 
Proctor energy levels. The specimen was then placed over a 
porous stone and wrapped in a 41/2-in.-high filter fabric. This 
assemblage was then placed inside a triaxial membrane and 
sealed, except for the porous stone and filter fabric, which 

FIGURE 3 Buckling of subbase at Joe Pool Lake Park 
(courtesy of Corps of Engineers, Fort Worth). 
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were allowed to absorb water as the assemblage was placed 
into a bowl. Long-term swell tests were conducted as the 
height and circumference of the specimens were monitored 
daily. The swell tests were continued for periods exceeding 
45 days. The results varied as the amounts of lime and test 
temperature conditions differed. However, simulations of ac
tual field behavior were considered very successful. The min
imum swell occurred in a specimen that had been treated with 
6 percent hydrated lime, which exhibited 10.3 percent vertical 
rise and 6.3 percent horizontal diameter increase. The max
imum swell was noted for a specimen stabilized with 9 percent 
lime, which exhibited 34.1 percent vertical rise and 12.5 per
cent horizontal heave. The averages for 30 specimens, all 
using soils with high levels of sulfates, were 19.6 percent ver
tical and 9 .1 percent horizontal heave. When these specimens 
were inspected and sampled for testing, they appeared to be 
nearly identical to field samples of the stabilized layer. The 
success of this testing procedure has led the authors to con
tinue its use on current projects where the phenomenon is 
expected or present. 

SOLUBLE SULFATES 

As stated by Ferris et al. (11), the sulfate content is the most 
important single property indicating the extent to which et
tringite will form. The greater the soluble sulfates, the greater 
the potential for its growth. In addition, Mitchell and Der
matas (10) explain that it does not depend on the form of 
sulfate present. The sources can include oxidation of pyrite 
as described by Thomas et al. (7). It is interesting to note 
that significant pyrite levels were found in the soils adjacent 
to Joe Pool Lake. The levels of so-called soluble sulfates 
discussed as potentially problematic differ from one publi
cation to another. Hunter (2) reported a level of 10 percent 
or 10,000 ppm as a cutoff, while Thomas et al. (7) found as 
little as 0.4 percent or 4,000 ppm to be a problem. Mitchell 
and Dermatas (10) determined ettringite formed in the pres
ence of very small sulfate concentrations of 0.3 percent or 
3,000 ppm. A recent British publication by Snedker and Tem
poral (12) concerning a highway distressed by this phenom
enon describes sulfate levels as low as 0.37 percent or 3,700 
ppm. The experience of the authors indicates that fairly low 
percents of sulfates can lead to problems. 

If one studies the reports of so-called soluble sulfates, it 
becomes apparent that the various authors are not all de
scribing the same type of sulfates or are using differing ways 
to extract sulfates from the soils they are testing. Hunter (2) 
reported that he used a 1 part soil to 50 parts water suspension 
to extract sulfates, while Mitchell and Dermatas (JO) added 
the percent sulfates to soils without sulfates. The methods 
utilized by other authors to extract sulfates are unclear, since 
they are not mentioned in publications. As part of the project 
related to soils adjacent to Joe Pool Lake, the decision was 
made to use the standardized method to extract sulfates. How
ever, no standardized method was found. In fact, several 
methods were found. These include utilizing hydrochloric acid 
at a pH of about 1.0 to digest sulfates, use of a buffered pH 
solution between 3 and 4 to extract sulfates, extraction of 
sulfates by centrifuging using Morgan's solution with a pH of 
4.99, and extraction of sulfates using differing ratios of soil 
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TABLE 1 Soluble Sulfates by Differing Test Methods 

Test Method Mean Value (ppm) Standard Deviation 
pH-1.0 
pH 3 to 4 
pH=4.99 
1:1 S/W 
1:1 S/LW 

62,147 
26,207 
18,153 

2,176 
640 

to pure water. The ratios that were found in the literature 
were soil to water ratios: 1 to 1, 1 to 5, 1 to 10, and 1 to 50. 
It was decided to explore how the reported level of soluble 
sulfates could differ utilizing these varying methods, including 
extraction using one part soil to one part lime water. The 
results of six replications of testing on soils from two stations 
along the roads at Joe Pool Lake are presented in Table 1. 

Subsequent testing to determine the effects of the soil:water 
ratio has been performed on soils from the project mentioned 
earlier in Arlington and soils sampled under the roads adja
cent to Joe Pool Lake. These materials were sampled from 
the same geologic formation, the Eagle Ford, and come from 
locations within 3 mi of each other. Testing at soil/water ratios 
of 1 :50 was not done, because it is believed that this represents 
an unrealistic situation compared to that of the field. The 
results are presented in Table 2, along with the number of 
samples tested. 

Two facts are readily apparent from the information pro
vided in Tables 1 and 2. First, it makes a great deal of dif
ference how so-called soluble sulfates are extracted. Second, 
and equally important, the criterion for potentially proble
matic behavior, 10,000 ppm and 1 percent, must depend on 
the method of extraction. The same may be said for the cri
terion of 0.3 percent or 3,000 ppm. The value one must use 
is highly dependent on the method of extraction. This problem 
is further made difficult by the fact that many geotechnical 
engineering firms, which order sulfate testing from various 
testing companies, do not know how the sulfates are ex
tracted, but use the previously published potentially proble
matic levels as standards. This part of the overall problem 
with sulfates in soils is receiving much attention by researchers 
in an effort to develop practical standards. 

The authors are currently engaged in studies that include 
the use of soil/water extraction ratios of from 1:1 to 1:10. 
These ratios are believed to best represent the field situation 
yet provide adequate measures of sulfates. They also are be
lieved to allow for sufficiently large soil sample sizes to ac
curately represent the soil. Because of the known variability 
of chemical properties of soils and the relative size of samples, 
even at these ratios, it is believed that as many samples as 
possible should be tested, and statistical analyses should be 
used. Potentially problematic behavior such as sulfate levels 

9,717 
1,515 

607 
855 
235 

of as little as 500 ppm (0.05 percent) for the 1:1 ratio to as 
little as 2,000 ppm (0.2 percent) for a 1:10 ratio are currently 
being investigated. It is evident that more data are required 
to provide assurance that these numbers are reliable. 

SUMMARY 

Heave induced by the presence of soluble sulfates in soils is 
caused by the interaction of these sulfates with lime-treated 
clays or portland cement-treated soils. The expandable min
erals formed include ettringite and, when the conditions are 
correct, thaumasite. These minerals are known to expand 
significantly when they hydrate, and their expansion cannot 
practically be halted by the long-term live and dead loads 
associated with transportation facilities. The presence of water 
is, therefore, a necessary part of the phenomenon. It is not 
practical, in most cases, to stabilize the material with other, 
nonreactive chemical agents. Therefore, the phenomenon as
sociated with these problematic minerals must be determined 
to the extent that it can be abated and suitable stabilization 
methodologies can be used. 

A knowledge of the extent of soluble sulfates in subgrades 
is essential to ensure construction of a stable material. There 
are levels of sulfates that pose no potential problem, but the 
amount that may result in heave is generally less than pre
viously reported and is highly dependent on the methodology 
used for extraction of sulfates from the soil. Significantly more 
testing is needed to provide an adequate data base upon which 
to set practical standards of potential problematic sulfate 
levels. 

Swell testing is believed necessary to determine the extent 
to which the potential problems indicated by the levels of 
soluble sulfates actually represent field behavior. The test 
must allow for the measurement of horizontal as well as ver
tical volume increases, since the humping distress noted in 
field behavior is actually caused by horizontal swell. In ad
dition, this test should utilize equipment normally available 
in testing laboratories and simple testing and measurement 
techniques. One such test is described in this report. The 
required length of this test is believed to be at least 30 days, 
with 45 days preferable. In the field, heave distress has oc-

TABLE 2 Soluble Sul£ates by Differing Extraction Ratios 

Test Method Number Mean Value (ppm) Standard 
Deviation 

pH=l J.P.L. 56 41,481 14,835 
pH=l Arl. 12 34,594 9,215 
1:1 S/W Arl. 12 1,011 35 
1:5 S/W J.P.L. 56 6,340 1,367 
1:10 S/W Arl. 12 13 , 632 375 
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curred in as short a time as 1 month but has happened much 
more slowly in most cases. 

Several projects are under way to determine how these 
problematic soils can be stabilized with lime or portland ce
ment and other additives. The greatest concentration is on 
the use of lime in highly active clays, since it is the major 
stabilizing agent used for these materials. Ideas currently being 
studied include the use of barium compounds to pretreat soils, 
first reported by Little and Deuel (13) and later used by Ferris 
et al. (11); double applications of lime, which have often been 
reported to the authors as being successful in overcoming the 
sulfate heave problem by personnel of the Texas Department 
of Highways and Public Transportation; the use of compounds 
to aid in sustaining pH's to promote pozzolans; and the ad
dition of materials to promote pozzolans. Studies now in prog
ress have resulted in some very promising possible remedies 
for sulfate-induced heave. 

CONCLUSIONS 

Based on the information provided in this report, past reports 
of many authors, and the current experience levels of the 
authors, the following conclusions are drawn: 

1. The formation of ettringite is necessary for this phenom
enon to take place, and control of this formation is a key to 
stabilization. 

2. Heave caused by hydration and growth of ettringite 
cannot be controlled by loading but by the abatement of its 
formation. 

3. Heave caused by this phenomenon cannot occur unless 
sufficient quantities of water are available. 

4. The presence of soluble sulfates in sufficient quantities 
in either the soil or the water entering the soil is necessary 
for ettringite formation. 

5. Soluble sulfates should be determined using extractions 
from mixtures of 1 part soil solids to 1 part pure water up to 
10 parts pure water. 

6. The levels of sulfates that represent potential proble
matic situations may be as low as 500 ppm for 1: 1 S/W mixtures 
to 2,000 ppm for 1:10 S/W mixtures. 

7. Three-dimensional swell tests must be performed using 
relatively large specimens, field gradations, and normal levels 
of compactive effort to enable prediction of field behavior. 

8. Swell tests should be of extended length for as long as 
30 days and possibly 45 days to accurately predict field 
behavior. 

9. Stabilization of sulfate-bearing clay soils with lime is pos
sible, yet more laboratory and field testing is required to be 
certain of the agents and methods needed. 
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10. Sulfate-bearing soils have been successfully lime sta
bilized in Texas for over 30 years. It is of paramount impor
tance to identify construction and application techniques 
responsible for successful stabilization. 
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Five-Year Experience of Low-Temperature 
Performance of Recycled Hot Mix 

K. K. TAM, P. JOSEPH, AND D. F. LYNCH 

The thermal cracking results of five recycled hot-mix (RHM) sites 
constructed between 1981 and 1983 during the early Ministry's 
recycling program are presented. The results are from laboratory 
and field evaluation, involving comparison between the two types 
of results and the use of McLeod's limiting stiffness criteria and 
fracture temperature method. The study confirms the common 
belief that RHM is less resistant to thermal cracking than non
recycled mixes. Fracture temperature method was found to be 
better than McLeod's limiting stiffness approach for evaluation 
of low temperature cracking. Recommendations to improve RHM 
low temperature performance are also made. 

The Ontario Ministry of Transportation embarked on a hot
mix recycling program in 1979. It was based on the findings 
of a task force set up to study the use of recycled hot mixes 
as an alternative for rehabilitating highway pavements. The 
task force also recommended an implementation package that 
called for an immediate commitment of substantial tonnages 
in the construction programs to encourage capital investment 
in equipment by paving contractors for the recycling of hot 
mixes . 

By 1980, some half a million tonnes of recycled hot mix 
(RHM) were constructed, representing about 20 percent of 
the annual paving program (1). Early performance of these 
mixes suggested that there were thermal cracking problems. 
This created a need for a long-term evaluation program in
volving laboratory testing and field crack monitoring. This 
paper presents the results of 5-year low temperature perfor
mance of RHM placed during the first few years of the hot
mix recycling program. 

SCOPE OF EVALUATION 

The primary objective is to investigate the relative resistance 
of recycled hot mixes to thermal cracking, as compareu lu 
conventional hot mix. However, having reviewed available 
evaluation techniques, it was found necessary also to examine 
and decide on the most appropriate methodology for evalu
ating the low temperature susceptibility of hot mix in the 
future. In more specific terms, the objectives can be stated 
as follows: 

1. To review and compare existing methods for low tem
perature evaluation of hot mix, 

2. To design an experimental program to evaluate the cri
teria for the methods selected, 

Engineering Materials Office, Ontario Ministry of Transportation, 
Downsview, Ontario, Canada. 

3. To analyze the test results and field measurements and 
compare the low temperature performance of various RHMs 
with a conventional hot mix, 

4. To determine if laboratory-mixed samples can be used 
for low temperature evaluation instead of plant-mixed 
samples, 

5. To identify the best method for future low temperature 
evaluations of hot mix based on laboratory and field results , 
and 

6. To suggest improvements in mix design procedures. 

EVALUATION METHOD 

A number of procedures have been developed for evaluating 
low temperature susceptibility of bituminous materials. They 
can be categorized as follows: use of asphalt binder rheology, 
use of limiting stiffness, prediction of fracture temperature, 
and estimation of cracking frequency . 

Asphalt binder rheology has been considered a controlling 
factor in cold temperature cracking. However, its use is not 
applicable to this case because it deals with only the binder 
and not the overall performance of asphaltic mixes. The ap
proach of limiting stiffness has evolved as a result of field 
observations and much of the laboratory work (2 ,3). The 
method involves the determination of mix stiffness and com
pares such values with an established design guide ( 4). If the 
estimated value exceeds the design value, cracking is likely 
to occur. 

The prediction of fracture temperature (FT) is based on 
the thermally induced stresses or strains in the bituminous 
layer. When the induced stress or strain, because of temper
ature drop, exceeds the failure stress or strain, cracking is 
expected to occur. The corresponding temperature is called 
the FT. The higher the FT of a material, the lower is its 
resistance to thermal cracking. In designing a mix, if the es
timated FT is higher than the anticipated low winter temper
ature, cracking is expected to occur and the design should be 
rejected or modified. 

The approach of estimating cracking frequency developed 
by Haas (5) is based on the stiffness of asphalt cement and 
not the asphaltic mix. This method is not considered in this 
investigation. 

In summary, the method of evaluation is confined to two 
criteria: limiting stiffness and fracture temperature. 

LABORATORY EXPERIMENT 

A laboratory test program was designed to investigate the 
potential of different asphaltic mixes to resist thermal crack-
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TABLE l Mix Design Properties of RHMs and HL4 Mix 

: """": ASPHALT CEMENT.% ! : : 
COWRACT , RECYa.Jo~ ........................ - ....................... : : • : 
NUMBER i AATto : : : : Stabilily : Flow : VMA : Ret. % :Air Voids 

(Mix Type) ; : AOOEO: TOTAL : P&J : N : 25mm ; % l 4 75mm ! % 

81-224 • : : : : 10,000 : 92 : 14,6: : 2.8 

... J!i~~) .... _i ... :~'.~_; _.:.:. ..... ; ... :.~ ..... ~ .. '.'..~~.~-°. .. l.J~.~.,~?.d.J.~~.:~li_\!~ .. j-... -4.? ... -i-!~:~L. 
82-19 : : ! • : 10,000 : 135: 12 ,5 : • 1,6 

-l~~~ ....... l.--~~.~ ....... ! ..... ~ .. : ..... j ... ~ .~ ..... l .. ~. :'.'~-~.°. L!!.~:..l!.~~.).l!.4.: 3.l.: ....... 4.~ ... -~---.. (~ .. ~! .... 
81-74 • : : : : 16,760 : 12.5 : NIA : : 2.8 
(HL4) : 50l50 : 

2 3
' : 5 O : 300/

4
00 i (14.469) : (121Ji (14 8) ! 45 : (2 .8) 

....................... ! - .......... ...-- ~ .--.. ·~·-· __ , ..... : .. ···"•······· ... ·:········ ........... t ·· .. -· .... ~ ......... ,_,-:·"·"--~· .. ·-·· .. . 
82-04 : • 7 ; 53 : : 16,280 : 13_8: 15.6 : 36 : 30 

--l~~~!. __ ; ...... ~~~~ ..... J ... ~.: ....... i .............. : .. ~~~~-~ .. :.J!.?:~~!..U~-~:~tL~:!.!-~ ......... _ ..: ... J!c~L .. 
83-43 • • • : : 23,000 : 18.1 : 11 8 : 45 : 2.7 
(HL1) ! 25175 i 3 ,8 ! 5 3 : 85/100 i (24,042) : (17.4ii (9.5) i l (2 6) 

--... ........ ._. .... . . .. ..,.... ......... . . ,jo,>. .. . . . ...................... . 1··· ............. .. , ..•• t ............ -.~ ....... _ ,. , ..... __ •• 1 -·· ···· ···- · 1 ···~· ... • • .. ••• 

(HL4) i t : 53 : 85/100 : 13600 : 104: 138 i 45 l 40 
! t i : : i I : 

• 0 5% antistrippmg a!}flnt added 
Plant checl< rssulls are given in parentheses 

ing, using limiting stiffness and FT criteria. The program con
sists of a series of tests performed on a conventional hot mix 
(HL 4, similar to an Asphalt Institute IV B dense graded mix) 
and different RHM specimens to establish performance in
dicators for the mixes. The tests used in the program were 
direct tension tests at various temperatures and thermal con
traction tests. A detailed description of theories, applications 
and interpretation of results of the direct tension test can be 
found elsewhere (6). 

Material Selection 

Materials were selected from five recycling contracts covering 
different regions, virgin asphalt cements (ACs), and recycling 
ratios (Table 1). 

For the RHM, specimens were produced from plant mixes 
and individual mix components in the laboratory. However , 
for Contracts 81-74 and 82-04, the AC used for making lab
oratory mixes was different from that for the plant mixes 
because of nonavailability of the binders as used in the field. 
Penetration grade asphalt cements, ranging from 85/100 to 
300/400. were used for the RHM (Table 1). Also, for Contract 
83-43, only plant mix was available for making test specimens . 

A crushed limestone aggregate and an 851100 penetration 
grade AC were used for making conventional mix (HL 4) 
specimens. 

Mix Designs 

The RHM mix designs, which cover different recycling ratios, 
were designed to meet the usual Ministry specification re-
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quirements for gradations and properties. For Contract 83-
43, the mix was designed using an HL 1 RAP material from 
a surface course of a freeway; the others were HL 4 mixes 
for secondary highways . The HL 1 RAP material consisted 
of a good quality steel slag coarse aggregate and natural sand 
fine aggregate. The mix design properties are presented in 
Table 1. 

Because of the use of various recycling ratios and RAP with 
low recovered penetrations, virgin ACs of different penetra
tions were used to bring the overall penetration of the RHM 
to desirable levels (J), which are normally obtainable for 
virgin mixes. 

Sample Preparation 

Test samples were prepared according to procedures given in 
ASTM D3202 using the California kneading compactor. Com
pacted beam specimens of length 381 mm, depth 88 mm , and 
width 82 mm were saw cut into three shorter sections 100 mm 
in length and 76 x 76 mm in cross section. For the direct 
tension test, each specimen was glued to steel endplates with 
epoxy and allowed to cure overnight before temperature con
ditioning and testing . For thermal contraction measurements, 
the specimens were used as cut without additional treatment. 

Direct Tension Test 

Direct tension tests were performed using a MTS servohy
draulic machine at 21°C, - S°C, and - 3S°C to determine the 
tensile strengths, strains. and stiffnesses of different mixes. 
Duplicate tests were performed for each of the test temper
atures and sample preparation conditions (i.e., laboratory and 
plant mixing). The specimen was pulled at a constant rate of 
extension (3 x 10- ~ mm/min for tests at - S°C and - 3S°C; 
S mm/min at 21°C) until failure occurred. The stress, strain 
and stiffness at failure were determined (Table 2). For testing 
at temperatures - S°C and - 3S°C, the specimens were pre
cooled overnight, prior to testing, in an environmental cham
ber maintained at the low test temperatures. 

Thermal Contraction 

Determination of thermal contraction is an integral part of 
the thermal behavior analysis of asphalt mixes. Thermal con-

TABLE 2 Stiffness Modulus Values (MPa) of Plant and Laboratory Mixes 

@ Teat Tamporeture % Dlllerence, Plant/Lab @ Fracture Temperature 

Mix -35°C 21'C -35'C Eatfmated from Mcleod'• Maximum Estimated 21°C · 5'C graph (Flgs.1 a&b) Mcleod's 

HL4L 36 460.0 20618 5000 2760 1 .8 

81 .74p 268.0 797.0 24635 • 21 • 3 0 3800 1 BOO 2.1 
81 ·74L 338.5 1275 .6 35280 2800 790 3.5 ·- ··-.. -···-··--···· - ··----- _,,_. ·-

81 ·224P 157.5 637.2 34341 ·3 5 38 6100 2760 2.2 
81 -224L 243 . 0 938.0 24920 2900 1100 2.6 

82·04P 754.0 2761.6 53940 .54 142 5400 790 6.8 
82-04L 1631.5 3258.5 22231 5400 790 6 ,8 

82·19P 148.4 480.6 30645 ·3 7 20 9000 3200 2,8 

82·19L 237 .0 923,0 32315 7000 3050 2.6 
-----··-·-··-·· .. _ .. ---·-- --·--

83-43P 1151.0 3032.0 24185 3600 
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TABLE 3 Thermally Induced Strains (x 10- 3 mm/mm) for Plant 
and Laboratory Mixes 

traction was used to estimate the induced strain due to thermal 
shrinkage under restraint condition. Set points were selected 
for each sample, and the lengths were measured using a digital 
caliper before and after cooling the specimens for 24 hr at 
each temperature. Readings were taken during both the cool
ing and heating cycle for comparison. Thermally induced strains 
at various temperatures were calculated for all mixes by di
viding the actual contraction of each specimen by its original 
length (Table 3). 

Temperature 
oc 81-74 I a1 -22~ 

Plant Mixes 

-38 0 986 07 

-29 0 796 0,7 

·7 0 ,696 0.335 

4 0.497 0.335 

Laboratory Mixes 

-38 1.479 1.49 

-8 .. .. 

-5 0.39 0.49 

Contra,cl 

82·04 82- 19 83-43 

0.91 0.71 1,0 

0 815 0 71 08 
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RESULTS 

Amilysis of the low temperature cracking properties of the 
mixes was made in terms of both limiting mix stiffness and 
pavement FT criteria. Also, the results obtained from plant 
mixes were compared with those from laboratory mixes. All 

- HL4 
.......... 81-74 
................. 81-224 ---- 82-04 

---6-- 82-19 
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---+--- McLeod's max. 
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FIGURE 1 Fracture stiffness and temperature gradients: 
(a) plant mixes, (b) laboratory mixes, and (c) field samples at 5 
years. 
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FIGURE 2 Estimation of fracture temperature for (a) plant 
mixes, (b) laboratory mixes, and (c) field mixes at S years. 
(continued on next page) 

of these results were then, in turn, compared with the HL 4 
mix and with field data and expected trends, using the 
recovered penetration and viscosity values of the asphalt 
cements . 

Limiting Mix Stiffness Criterion 

In general, the mix stiffness increases with decrease in tem
perature (Figure 1). McLeod's tentative design guide (4) has 
been used for the limiting stiffness analysis. The stiffnesses 
of RHM at the time of construction and after 5 years of 
service, and of the conventional mix at various temperatures, 
are compared with McLeod's maximum criterion. It appears 
that none of the mixes has resistance to cracking at low tem
perature (Figure 1). However, it is noted that McLeod's val
ues for limiting stiffness, according to the Asphalt Institute 
Research Report (5), may be too conservative because of its 
dependence on the PVN values, which tend to give lower 
stiffnesses than the actual measured values. Additional safety 

factors could have been built into such procedures to produce 
these limiting values. This assumption is confirmed by com
paring the McLeod's maximum stiffness values at which crack
ing is expected to occur with the measured values at the FTs. 
Results show that a range of factors of about 2 at - 23°C and 
7 at - l3°C existed when dividing the stiffness values at FTs 
by McLeod's values (Table 2). The stiffness values at FT were 
obtained from the graphs in Figure 1 at the FTs shown in 
Figure 2 for the different mixes. 

Relationship of Plant and Laboratory Mix Stiffnesses 

One of the objectives has been to determine if laboratory
mixed samples can be used instead of plant-mixed samples 
for evaluation of the performance of RHM or other mixes at 
low temperature. This point is addressed by comparing the 
stiffnesses of mixes produced in the plant and in the labora
tory. Laboratory-mixed specimens exhibit higher stiffness val
ues (ranging from 21 to 54 percent) at warmer temperatures 
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FIGURE 2 (continued) 
(continued on next page) 

(i.e., 21°C) than the plant-mixed specimens, and lower stiff
ness values (ranging from 38 to 142 percent, except for Con
trnct 81-74), at very low temperatures (i.e., -35°C). From 
these results, it is clear that the stiffness value at any given 
temperature is not sufficient to adequately evaluate the be
havior of asphaltic mixes at low temperatures (Table 2). How
ever, the logarithmic relationship shows excellent correlation 
(r 2 = 0.976) between the plant and laboratory mix stiffnesses. 

Based on the good correlation between the stiffness values 
obtained from the laboratory and plant mixes, future low 
temperature stiffness evaluation of RHM can reliably use sam
ples that are prepared in the laboratory. 

Comparison of Virgin Mix and RHM 

The RHMs from all contracts show higher stiffness values 
than the HL 4 mix. This confirms the general perception that 
virgin mixes will perform better than RHM with respect to 
thermal cracking. 
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Note: FS = Failure 
strain under direct 
tension test 

m HL4 

• HL4 FS 

10 20 30 

.6 

m 81-224 

• 82-19 

• 81-224 FS 

.6 82-19 FS 

10 20 30 

l!I 81-74 

• 82-04 
A • 81-74 FS 

A 82-04 FS 

10 20 30 

Fracture Temperature Criterion 

Fracture temperature could be estimated by plotting the fail
ure strains determined from direct tension tests and the in
duced thermal strains of different hot mixes against decreasing 
temperature, as shown in Figure 2. The temperature at which 
the induced thermal strain exceeds the failure strain corre
sponds to the FT of the mix. 

Relationship of Plant and Laboratory Mix 
Fracture Temperature 

Laboratory-mixed samples generally have higher FTs than 
plant mixes. This indicates that laboratory samples have a 
lower resistance to thermal cracking than plant samples. It 
appears, from the limited number of results, that there is a 
good relationship between the FT for the plant and laboratory 
mixes. Therefore, the use of laboratory mix to evaluate field 
performance is possible when the relationship is substantiated 
by more data. 
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FIGURE 2 (continued) 

Since the intent of this evaluation is to determine the low 
temperature thermal cracking properties of asphalt mixes, an 
examination of the stiffness measurement at -35°C is con
sidered more appropriately related to the Ff results than 
those at 21°C. At - 35°C, the stiffness values of laboratory 
mixes are generally lower than those of plant mixes (Table 
2), hence the former have a better resistance to thermal crack
ing. Also, because stiffness value at any given temperature is 
not sufficient to evaluate low temperature performance, and 
because Ff is a more direct measure of the fracture property 
of a mixture, IT approach should be more reliable for pre
dicting low temperature performance. 

Comparison of Virgin Mix and RHM 

Except for Contract 82-19, all mixes had Ff above the - 23°C 
IT of the virgin HL 4 mix (Figure 2b). This again confirms 
the previous findings, based on the stiffness modulus, and the 
general belief that RHM is more susceptible to thermal crack
ing than virgin mixes. 
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Effect of Aging on Stiffness and Fracture Temperature 

As expected, after 5 years of aging, the resistance to low 
temperature cracking of pavements has been reduced on the 
basis of both IT (Figures 2a and 2c) and stiffness at Ff cri
teria. In addition to an average increase of l0°C in the Ff 
there is a corresponding increase in stiffness averaging 1700 
MPa over the 5-year period. 

Effect of Binder Properties on Stiffness and 
Fracture Temperature 

Since fracture characteristics of asphalt mixes are generally 
believed to be more affected by the properties of the binder 
used, the relationship of the asphalt cement penetration and 
viscosity and mix stiffness and Ff are examined. 

Analysis of results revealed that mix stiffnesses at Ff bear 
little relationship to the recovered penetration but have a 
slight trend with the viscosity values of RHM. This confirms 
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FIGURE 3 Plant mix and field sample 
fracture temperature versus (a) recovered 
penetration and (h) kinematic viscosity. 

the common belief that the stiffness of a mix is more related 
to the viscosity than the penetration of the binder used. 

However, a better relationship is obtained when mix Ff is 
correlated with the results of recovered asphalt cement pen
etration and viscosity of the RHM (Figure 3). On the basis 
of these data, mixes with recovered penetration values of 
about 75, or viscosity of about 350 mm2/s at the time of con
struction, can be expected to be able to resist cracking to as 
low a temperature as - 30°C. This is a significant finding in 
that it confirms the empirical rule or common belief that 
recovered penetration values of about 60 are sufficient for 
southern Ontario, and values greater than 70 are necessary 
for northern Ontario, for resisting low temperature pavement 
cracking. Also, this finding further emphasizes the importance 
of designing all asphalt mixes to meet penetration require
ments. At the present state of the technology, this can be 
achieved either by using historic data on the percent retained 
penetration values after the TFOT (or RTFf) for conven
tional mixes or the method developed by Tam (J) for RHM. 

Field Observation 

Field condition surveys were carried out periodically including 
crack mapping of different types of crack as presented in Table 
4. The crack surveys data, in terms of meters of cracks per 
lane-kilometer, are compared with the laboratory test results. 
The cracks measured can be considered exclusively due to the 
thermal effect rather than to loading because of the structural 
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TABLE 4 Crack Map Data Arter 3 and 5 Years of Service 

Years 
After 

Construction 

3 

i 

Conlract 
Type A 

61-74 53 

81-224 30 

82-04 196 

82-19 65 

63-43 190 

81-74 267 

81-224 30 

&:Jo~ 106 

82-19 113 

63-43 111 

Not9: A - Hairline crack 
B ..:Smm 
C -5· 10mm 
D - t0·20mm 
T .. Trealsd 

Type B 

249 

168 

2068 

54 

108 

416 

161 

n1G3 

121 

334 

Cracks, mlkm lane 

TypoC TypeD Type T 

97 16 0 

127 0 0 

492 151 1000 

0 0 0 

5 0 2849 

117 0 0 

180 0 0 

607 161 1000 

0 0 0 

0 0 3014 

Total 

417 

325 

3909 

119 

3152 

802 

391 

40QQ 

234 

3459 

soundness of the monitored sites. All of these sites were con
structed with good base supports ( 400 to 500 mm granular) 
and thick asphalt layers (90 to 150 mm). As well, the traffic 
volumes were low (700 to 1,500 AADT) except for Contract 
83-43, the site of which carried 35,780 AADT (1987) but was 
a full depth asphalt pavement (200 mm). 

After 5 years of service, Contracts 82-19, 81-224, and 81-
74 have total pavement crack lengths between 230 and 800 m 
as against about 3,800 m for Contracts 82-04 and 83-43. This 
indicates that the RHM from the former three contracts are 
less susceptible to cracking than from Contracts 82-04 and 83-
43. This is in apparent agreement with the findings so far 
obtained, particularly in respect to the higher Ff and lower 
recovered penetration values obtained for the latter two con
tracts (Figure 4a). In general, there is an average decrease in 
penetration of 18 units and an increase in viscosity of 230 
mm 2/s over the 5-year period (Figure 4b). 

When the relationships of meters of cracks per lane
kilometer of pavements measured at the fifth year and their 
respective Ff and stiffness are examined, a good correlation 
of r 2 = 0.897 for Ff and a poor correlation of r 2 = 0.065 for 
stiffness are obtained. These relationships confirm the better 
use of Ff than stiffness criteria for evaluating low temperature 
cracking. Also, excellent relationships between the logarith
mic crack lengths and recovered RHM penetration (r 2 = 0.94) 
and the logarithmic viscosity values are ohtained. These re
lationships are significant in demonstrating that (a) the use 
of Ff to predict future crack lengths of aged pavements is 
possible pending further substantiation by more data and (b) the 
common approach of using penetration values at 25°C and 
viscosities at 135°C for selecting the AC grades in mix designs 
for low temperature performance appears to be valid, pro
vided other requirements are met. 

As expected, there was a bigger increase in crack lengths 
for the first year than for subsequent years (Figure 5). Also, 
when a mix has a penetration value below 20, a substantial 
crack length of 20,000 m/km of road can be expected within 
the first year (i.e ., at the state of complete disintegration of 
the pavement). 
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Performance Rating of Mixtures 

For the purpose of evaluating the relative resistance of the 
mixes to thermal cracking, a rating system of 1 to 5 (very 
good to poor resistance) is used. The mixes are rated by their 
stiffness values, fracture temperatures, and field data (Table 
5). Contract 82-19 and conventional HL 4 mixes show con
sistently better ratings than the others, except when they were 
rated under the stiffness criteria at - 35°C. The other mixes 
from Contracts 82-04 and 83-43 were rated poor for causes 

Fracture Temperature, Stiffness at -35°C, and the Field Data 

Mix (by Con1rac1 Number) 

Cracking 
Resistance Fracture Temperature Stilfnass at -35°C 

Ranking Field 

Data 
Plant Lab Plant Lab 

1 8 2-19 HL4 81. 74 HL4 82-1 9 
(Very High) 82-19 82-04 

2 81-224 81 ·224 81 ·224 81-224 81-224 
(High) 

3 81·74 81·74 82 -1 9 8 2-1 9 81. 74 
(Medium) 82-04 

4 8 2-04 82-04 81-74 82-04 
(Poor) 83 -43 83-43 

previously discussed. The rating is consistent with the field 
results. The RHMs (Contracts 82-19, 81-224, and 81-74) that 
performed well are those mixes with recycling ratios at or 
below 60/40, 50 percent or more and of 300/400 penetration 
grade virgin asphalt cement, and recovered penetration values 
at the time of construction similar to conventional mixes, such 
as the HL 4 mix used in this study . 

PREDICTION METHODS FOR LOW 
TEMPERATURE PERFORMANCE 

Limiting Stiffness Criteria 

Figure 6 shows that McLeod's limit is well below the fracture 
stiffness values obtained for this study. This provides further 
evidence to support the statement made previously that 
McLeod's values are conservative and inadequate for pre
dicting low temperature behaviors of hot mixes. It appears 
that a family of limits could exist for different types of mixes 
(e.g., rich, medium, and harsh/dry mixes) (Figure 6). 
McLeod's data could well be for the early richer and finer 
asphaltic mixes of higher binder content type (e.g., 6 percent) . 
The results of the medium mix type, represented by the three 
good mixes used in this study, are plotted as a solid line in 
Figure 6. A good correlation with r 2 = 0.997 is obtained. The 
dotted line is for the dry and aged mix type, similar to the 
mixes used in Contracts 82-04 and 83-43. If this argument 
holds true, the limiting stiffness method will have to be further 
examined and modified accordingly before it can be used with 
confidence. 

Fracture Temperature 

The findings so far obtained reveal that the FT approach is 
more suitable and reliable for evaluating low temperature 
performance of hot mixes, for the following reasons: 

• It has been substantiated by the good correlation with 
field data. 

• It correlates well with recovered penetration values and 
follows the expected trends of behaviors (i.e., higher pene
tration corresponds to lower fracture temperature, and in
crease in FT with aging of pavements). 
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FIGURE 6 Stiffness modulus at various fracture temperatures. 

• It is a direct measurement and can be compared with 
expected local/winter temperature of a given pavement to 
ensure that a mix to be constructed has adequate low FT 
properties. 

In general, despite the common practice of using factors 
such as penetration (including penetration index and pen-vise 
number), resilient modulus, and viscosity gradients to predict 
low temperature performance of asphaltic mixes, it appears 
that the fracture temperature is the most appropriate method 
in the final analysis . Other methods become Jess significant 
because of the indirect nature of the tests, although these tests 
could be of value in screening potential bad actors. 

CONCLUSIONS 

The following findings are considered significant because they 
have contributed to clearing up some of the long-standing 
doubts on the correctness of past practices and identifying the 
use of FT as a preferred and direct method for testing of low 
temperature performance of asphalt mixes. 

Materials Performance 

The findings confirmed the general belief that RH Ms are more 
susceptible to thermal cracking than conventional hot mixes. 

Based on the fracture temperature results, recycled hot 
mixes from Contracts 81-74, 82-19, and 82-224 have better 
resistance to cracking than those from Contracts 82-04 and 
83-43 . 

Field data and laboratory results reveal that hot mixes re
cycled at low recycling ratios (e.g., 30170 as in Contract 82-
19) or using high penetration virgin asphalt cement (e .g. , 300/ 
400 as in Contracts 81-74 and 81-224) have better performance 
than those with high recycling ratios (e .g. , 70/30 as in Contract 
82-04) or using low penetration virgin asphalt cement (e .g., 
85/100 as in Contract 83-43). 

Based on the RHM studied, an average increase in FT of 
10°C and a corresponding increase in stiffness of 1700 MPa 
can be expected for a pavement after 5 years of service. Also, 
a reduction in penetration of about 16 units and an increase 
in viscosity value of about 230 mm2/s have been observed. 

The findings reveal that an asphalt cement with a recovered 
penetration of 75 and a viscosity of 350 mm2/s can resist crack-

ing to - 30°C, confirm that the use of higher penetration grade 
asphalt cement (e .g., 150/200) in a standard mix in northern 
Ontario is appropri ate because it has an expected FT of below 
- 35°C, and support the common belief that higher penetra
tion mixes tend to have lower fracture temperatures or better 
resistance to low temperature cracking. 

Evaluation Methods 

Fracture temperature method is considered more suitable than 
limiting stiffness criteria for evaluating the potential of mixes 
to resist low temperature cracking. 

Fracture temperature ratings of mixes used in this study 
correlate well with ratings based on field data . 

Fracture temperatures also correlate well with recovered 
penetration values , which are supported by the common ex
perience that higher penetration mixes tend to have better 
resistance to low temperature cracking and vice versa. 

Laboratory Sample for Predicting Low 
Temperature Performance 

It appears from the limited data of this study that laboratory
manufactured samples could be used for predicting low tem
perature performance. 

RECOMMENDATIONS 

The following recommendations are made to minimize low 
temperature cracking and improve the accuracy of predicting 
fracture temperature: 

• Limit recycling ratios to a maximum of 50/50; 
• Select an appropriate virgin asphalt cement to produce 

desirable final/recovered mix penetrations using the method 
developed by Tam (1); 

• Use fracture temperature method for mix evaluation to 
ensure compliance with expected winter temperature; and 

• Obtain more data to support the use of laboratory sam
ples for prediction/evaluation of low temperature perfor
mance in the field for both RHM and conventional mixes. 
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Twenty-Year-Old Test Road with an 
EPS-Concrete Base in Austria 

JOHANN H. LITZKA AND HERALD PIBER 

In L 97 l a test road with an expanded polystyrol (EPS)-concrete 
base was constructed in Austria at an altitude of about 1000 m 
above sea level. The expanding of the raw material and the pro
duction of the concrete took place on the construction site. During 
severa l years the test road was intensively investigated. Recently, 
interest in this construction method has grown again because of 
an abundance of available recycled EPS from the packaging in
dustry. Above all. the analysis of the measured data of that time 
has shown that the EPS-concrete base almost completely pre
vented the penetration of frost into the subsoil. This was advan
tageous in view of an approximately uniform bearing capacity in 
the course of the seasons. Compared to the usual standard struc
ture however, there was a slightly increased risk for the formation 
of black ice in winter and ruts in the asphalt during the summer. 
Part of the concealed joints that were laid out at the time of the 
construction of the EPS-concrete base are now visible as reflec
tion cracks at the surface of the 18.5- or 22.5-cm-thick asphalt 
overlays. Further tests should help to find out whether it is pos
sible to do without these transverse concealed joints. 

In 1971 a test road was constructed in Austria in which the 
unbound bases of the pavement were replaced by an expanded 
polystyrol (EPS)-concrete layer. The aim was to investigate 
the insulating effect of this layer with regard to the penetration 
of frost into the subsoil. In this way, the basis for this alter
native method of construction should be created, especially 
for areas where the appropriate gravel as construction ma
terial for road bases is not available (1). 

The comparison of construction costs at that time showed 
rather unfavorable results for the construction method with 
EPS-concrete (15 to 20 percent higher costs). Additionally, 
there were problems in preparation of raw material at the 
construction site because of low capacities of the plants for 
production of the concrete. Good market conditions in other 
fields consequently resulted in decreasing interest of industry 
in enhancing the use of this material in road construction. All 
that contributed to the fact that after about 6 years of intensive 
investigations and measurements, the test program was sub
stantially reduced. From that time onward, measurements 
were carried out only sporadically. 

Recently, this method of construction has gained new ac
tuality (2). The EPS processing industry, which primarily pro
duces packaging material, has voluntarily started to take back 
and recycle the used material. Only a small percentage of the 
salvaged material can be used for the production of new pack
aging. For this reason, the packaging industry is looking for 
additional possibilities for the use of the recycled raw material. 

J. H. Litzka, Technical University of Vienna, Gusshausstrasse 28, 
A-1040 Vienna, Austria. H. Piber, State Authority of Carinthia, 
Dept. 17/BT, Josef Gruberstr. 13, A-9020 Klagenfurt, Austria. 

A highly attractive possibility is road construction, where huge 
amounts could be used. This recent development led to a 
resumption of the described road test, since the road is still 
under traffic today. 

DESCRIPTION OF THE TEST ROAD 

Site 

The test road is a section of the Turrach federal road B-95 in 
Austria between Kilometers 41.0 and 42.0. This road runs 
along an alpine high valley at an altitude of about 1000 m and 
is situated south of the main crest of the Alps. The section 
has a flat alignment without any considerable inclination. 
The cross section of the road consists of a 7 .6-m wide pave
ment and shoulders of 1.2 m on each side. The total width 
is 10.0 m. 

Climate 

Figure 1 shows the average monthly air temperatures . Freez
ing temperatures occur on 154 days per year on the average. 
The relevant frost index, which is determined from the daily 
average values received during an observation series of 25 
years, is 700°C.d. The average yearly precipitation is 1,050 
mm, with an average of 37 days of snowfall and a medium 
snow depth of 520 mm. 

Traffic Load 

Between 1970 and 1985, the traffic load on the test section 
was about 2,500 vehicles in 24 hr. The average daily heavy 
traffic is about 150 trucks in 24 hr. For a pavement test road, 
a traffic load like this is very low. This fact had to be accepted 
for organizational reasons when the test road was planned. 
However, this does not pose any disadvantage in determi
nation of the frost penetration depth. 

Pavement 

The structure of the test road is shown in Figure 2 . Three 
different sections with EPS-concrete bases were constructed . 
The main section consists of an EPS-concrete base of 22 cm 
with a total of 18.5 cm asphalt overlay. The thicknesses of 
the EPS and asphalt layers were varied in the two other sec-
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tions in order to determine the influence of the different layer 
types on the pavement performance. 

The adjacent road sections were built as standard construc
tions (asphalt base on unbound base layers) and served as 
reference sections. The thickness of the pavement had been 
calculated by the Institute for Road Construction at the Uni-

EPS 1 

200 m 

® 
1=ASPHALT WEARING COURSE 

2=ASPHAL T ROAD BASE 

3=EPS-CONCRETE BASE COURSE 
4=UNBOUND GRANULAR ROAD BASE 
5=UNBOUND GRANULAR SUB-BASE 

6=1MPROVED SUBGRADE (CAPPING LA YER) 

7=1MPROVED SOIL (REPLACED MATERIAL) 

8=SUBGRADE, NATURAL GROUND 

FIGURE 2 Structure of the test road sections. 
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versity of Technology in Munich (3). In this dimensioning, 
not only aspects of the bearing capacity but also the desired 
avoidance of frost penetration into the subsoil were taken into 
account. Compared to the specifications for standard pave
ments in Austria today ( 4), this asphalt pavement is certainly 
overdesigned. When taking into account the climatic condi
tions, the thickness of the unbound base meets the require
ments according to Austrian experiences (5). 

Material Properties and Construction 

Subsoil 

The subsoil consists of a morainal material highly susceptible 
to frost, with considerable proportions of silt and loam in the 
fine fraction range. An especially unpleasant effect was the 
heavy decrease of the bearing capacity when the moisture 
content was slightly increased (CBR = 50 percent with a 
moisture content of 5. 7 percent but only 4 percent with a 
moisture content of 7.6 percent). To safeguard sufficient ser
viceability during the time of construction, a leveling course 
(bedding) about 30 cm thick of local, non-frost-proof gravel 
(0/63 mm; 6.7 percent< 0.02 mm) was applied on the subsoil 
of the test road. 

£PS-Concrete 

The EPS-concrete layer had the following composition: 420 
kg/m3 cement (PZ 275 or PZ 375), 140 kg/m-' sand Oil mm, 
140 kg/m3 water, 18 kg/m3 EPS material, and l kglm' bonding 
agent (Laromin, Epicote), totaling 719 kg/m3 . The mean val
ues of the compressive and the bending tensile strength of 
this layer are presented in Table 1. 

The EPS-concrete was mixed in a batch-type plant at the 
construction site and was transported by open trucks to the 
point of placement. The placing was carried out by means of 
a road finisher in two strips, each 5 m wide. Through this 
width, the heat-insulating base could become about 1 m wider 
on both sides of the pavement. Thus, it was possible to prevent 
the lateral penetration of frost into the subsoil under the 
pavement. To avoid the formation of irregular shrinkage cracks, 
notch joints were made every 5 m. The fresh concrete was 
protected from drying out too quickly by moistening. After 
about 4 to 6 days the finished layer could be used by the 
construction traffic. At that time, also, the first layer of the 
asphalt base was placed. Use of the faster-setting cement 
quality PZ 375 showed advantages because it made the road 
more readily available for traffic. 

Asphalt 

The bituminous base 0/25 mm with a 5.7 percent content of 
binder B 100 (100 pen bitumen) was placed in two layers. The 
mixture was produced according to a standard mix formula. 
Before the placing of the asphalt base, the EPS-concrete layer 
was spray-coated with bitumen emulsion to achieve a good 
bonding of the layers. The hot asphalt layer also melted the 
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TABLE 1 Mean Values x and Standard Deviations s of Compressive and 
Bending Tensile Strength or the EPS-Concrete 

after 7 days 
after 14 days 

Compr~ssive strength 
(N/mm) 
cube 20x20x20 cm 

x; 1.9 
x; 2.7 

s; 0.5 
s; 0.5 

EPS layer slightly, which resulted in an extraordinarily good 
bond, as drilling cores confirmed. 

For some time, the traffic traveled directly on the asphalt 
base. The 3.5 cm-thick-asphalt wearing course was placed in 
1973. It is composed of a standard type mixture AB 12 mm, 
with a 6.5 percent content of binder B 100 (100 pen bitumen). 
Diabase chipping was used as aggregate. Today, this wearing 
course shows considerable damage (cracks and raveling) in 
some areas of the test sections and the reference section. 
Cores taken from the asphalt layers showed that all cracks 
were restricted to the surface layer. The present experience 
of the road administration shows frequent problems with this 
type of wearing course under similar conditions, namely after 
exposure to low winter temperatures. 

MEASUREMENTS AND INVESTIGATIONS 

Measurement of Temperatures 

The temperature profile within the road structure was mea
sured by means of an electric resistance thermometer. In each 
test section a measuring point was placed under each of the 
in di vi dual layers. Additionally, the air temperature and the 
temperature of the road surface were recorded. The analysis 
of the results of the temperature measurements showed that 
the insulating EPS-concrete layer essentially reduced frost 
penetration. In the standard structure, frost penetration was 
considerably deeper than 1 m below the surface of the pave
ment. This fact allowed the freezing of the subsoil and the 
possible formation of ice lenses. The EPS-concrete sections 
showed considerably less frost penetration and less frequent 
freezing temperatures in the subsoil. Table 2 presents the 
temperatures measured on a cold winter day during a cold 
spell. The temperatures at the different layers can also clearly 
be seen in Figure 3, which shows the frequency of minus 
temperatures at various depths in the course of a winter. 

Bending tensile 
strength (N/mm2) 
beam 12x 12x36 cm 

x "' 1.2 
x .. 1.3 

s; 0.3 
s; 0.1 

In the EPS 2 section the zero-degree isotherm was below 
the formation level on only 50 days, and in that winter tem
peratures below - 2°C never occurred underneath the EPS
concrete base. In the control section with a standard structure, 
however, the zero-degree zone reached at least 1 m on 110 
days. On 5 days the temperature at the bottom of the unbound 
base reached - 3°C, and on almost 70 days - 2°C was mea
sured. Therefore, the formation of ice lenses was possible. 
Both sets of data prove the strong insulating effect of the 
EPS-concrete base, which almost totally prevents the pene
tration of frost temperatures into the subsoil. 

From the temperature measurements, another comparison 
may be derived. Figure 4 shows the cumulative frequency 
curves of freezing temperatures at the road surface of the 
investigated structures during a winter period. The basis for 
the summation curves is the temperature at 8 a.m., when the 
daily temperature is about its minimum. It turns out that the 
summation curve for the road section with an EPS-concrete 
construction lies higher than the one for the conventionally 
constructed road. In the EPS section, freezing temperatures 
on the surface of the road were more frequent than in the 
standard construction, which indicates a greater risk that the 
formation of black ice or hoarfrost will occur. 

On the other hand, it can be concluded that as a conse
quence of the insulating effect of the EPS-concrete layer, 
there will be higher asphalt temperatures in summer, which 
may increase the risk of rutting. Similar results have been 
reported by Gandahl (6) and Gustafson (7) from measure
ments on test fields with different insulating layers. 

Comparison of Pavement Conditions 

The differences of the temperatures at the surfaces of the 
pavements may also be compared and evaluated according to 
the appearance of the various surface conditions of the roads. 
As a mean value for six winters, Figure ) shows the chron-

TABLE 2 Temperature Profile Within the Structure: Cold Winter Day During a 
Cold Spell, Air Temperature of -19°C, All Measurements Made at 8 a.m. 

Structure Standard EPS 1 EPS 2 EPS 3 

Surface of pavement ·15"C -15"C -14"C -15"C 
bottom of asphalt layer -12·c -11"C -12·c -12·c 
bottom of EPS-concrete -1.5"C O"C -1·c 
68.5 cm below surface o·c +0.5"C +0.5"C 
formation level -4"C 
1.00 m below surface -2·c o·c +2"C +2"C 
o·c limit below surface >100 cm 70 cm 40 cm 60 cm 
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ological distribution of different roadways conditions (dry , 
wet, and hoarfrost and black ice) for the standard construction 
section and the EPS 2 construction section. 

Evidently, the surface of the EPS-concrete section dries 
more slowly. More serious is the higher percentage of days 
on which black ice may occur (hoarfrost and ice). 

Measurements of Bearing Capacity 

The bearing capacity of the construction was evaluated by 
means of static deflection measurements according to the op
tical method (precision leveling instrument). The results are 
presented in Table 3. 

The deflection of the stiffer EPS-concrete base construction 
is lower than the reference construction in spring, summer, 
and autumn. In the winter it is quite contrary, which can be 
explained by the frozen subsoil in the standard construction 
section. On the whole, the deflection values are low. This 
fact hints at the overdesign of the pavement . 

Analyses of Pavement Condition 

Today, after 20 years of service, the test road is in an average 
condition. Besides surface deficiencies in the wearing course, 
which are mainly due to poor performance of the bituminous 
mixture at low temperatures, there are several transverse cracks 
within the EPS sections. The cracks are reflection cracks above 
the notches or construction joints of the EPS-concrete base 
(see Table 4). Table 4 shows that there are far fewer reflection 
cracks in the EPS l section, which has a thicker asphalt over
lay, than in the two other sections. In the standard section 
no transverse cracking appeared . In some sections there are 
also longitudinal cracks in the middle of the road and alligator 
cracking. From drilling cores it could be concluded that most 
of these cracks were restricted to the wearing course. To a 
certain extent, the longitudinal cracks may be assigned to 
settlements in the soil body, which occurred where the fill 
was broadened. Because of its present condition, the test road 
is scheduled to receive a new wearing course within the next 
years . 

STANDARD PAVEMENT 

EPS-CONCRETE PAVEMENT 

HOAR-FROST SNOW

COVERED 

ICY 

FIGURE 5 Conditions of the road surface during winter. 



70 TRANSPORTATION RESEARCH RECORD 1362 

TABLE 3 Mean Deflection Values of the Various Construction 
Types 

Season Asphalt- Standard EPS-concrete 
temperature section section 

Spring +9'C 0.44 mm 0.34mm 
Summer +20-c 0.44mm 0.37 mm 
Fall +TC 0.32 mm 0.27 mm 
Winter +2' C 0.13 mm 0.18mm 

TABLE 4 Condition of the EPS Test Sections in 1991 , Transverse Cracks 

Length (m) 

Number of notches and 
construction joints in the 
EPS-concrete layer (1971) 

Number of transverse cracks 
in the asphalt layer (1991 ) 

Average number of transverse 
cracks per 100 m road length 

SUMMARY 

The test road B-95 with an EPS-concrete base has been under 
traffic for 20 years. After this time in service, it can be stated 
that the sections with the EPS-concrete base have fully met 
the requirements made with respect to frost insulation and 
are not in a worse structural condition than the reference 
sections with a standard construction, except that some of the 
notches in the EPS-concrete base are visible in the asphalt 
layer as reflection cracks. 

Generally, from the experience gathered with this construc
tion method the following can be concluded: 

• Properly dimensioned EPS-concrete bases virtually pre
vent the penetration of frost into the subsoil. As a conse
quence , the formation of ice lenses, which lead to frost heav
ings during frost periods and to a dramatic reduction in the 
hearine capacity during the thawing period, can be avoided . 

• The seasonally stable E-modulus of the layer reduces var
iations in the bearing capacity during the course of the year. 

• Because of the insulating effect of the EPS-concrete base 
against the subsoil, the asphalt layer placed on top of the base 
reacts more quickly to any changes in air temperature. 

• From these results, an increased risk of black ice for
mation in winter and, thus, the necessity of more careful 
winter maintenance (salting earlier and more frequently) can 
be concluded. 

• An additional result of the insulating effect is the higher 
asphalt temperatures in summer, which increase the risk of 

Section 

EPS 1 EPS 2 EPS 3 

200 600 200 

43 127 42 

2 22.5 6.5 
(5%) (18%) (15 %) 

1.0 3.75 3.25 

rutting. For this reason, asphalt layers that are more resistant 
to deformation should be used when this construction method 
is applied. 

For new test roads in which EPS is used, the EPS-concrete 
should be produced in central mix plants, if possible , and 
transported to the construction site. In addition, further tests 
should clarify whether it is possible to do without concealed 
joints by reducing the concrete strength and thereby pre
venting the formation of reflection cracks. 
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Field Study of Two Road Sections 
During a Freeze-Thaw Cycle 

MARIUS RoY, JoEL CRISPIN, JEAN-MARIE KoNRAD, AND 

GASTON LAROSE 

The behavior of roadways depends on many parameters generally 
not well known, particularly in areas in which climatic conditions 
are severe in winter. Two road sections have been instrumented 
to understand how frost and thaw actions are related to climate 
and the availability of water. Field data monitored by a dedicated 
data acquisition system were used to measure air temperature. 
thermal soil conditions, frost heave, total stress, and bearing ca
pacity by the Benkelman beam test. The results show that au
tomatic monitoring improves the ability to detect short thaw events 
during freezing. Furthermore, accurate knowledge of air tem
peratures and the thermal conditions of the soil are useful in the 
interpretation of bearing capacity measurements with the Ben
kelman beam test. 

The behavior of roadways depends mainly on parameters such 
as material soil properties, drainage, climate, traffic, and 
foundation types. In the province of Quebec, Canada, the 
severity of the climate is responsible for a large part of the 
damage caused by frost action in roadways . Particularly in 
fine-grained soils, it is well known that under freezing con
ditions, frost heave is affected by properties such as grain size, 
rate of freezing, availability of water, and applied load (1). 

Although freezing produces an increase in moisture content 
in wet frost-susceptible soils, the thaw-weakening is what is 
costly to the Canadian economy. The road degradation as
sociated with these thaw-weakening phenomena directly af
fects the cost of goods transported by truck vehicles in the 
spring. Once soil under the pavement thaws, the soil loses its 
bearing capacity for a time known as the spring breakup. As 
segregated ice melts, there is a possibility of both excess water 
being caught in the soil and surface water infiltration, which 
could lead to a loss of bearing capacity of the road founda
tions. Once the drainage becomes effective in the thawed 
zone, the excess water can dissipate, leading to a progressive 
increase in the bearing capacity of the roadways over time. 
The increase in bearing capacity depends on the type of foun
dation, geological conditions (i.e., bedrock inclination and 
stratigraphy of the soil), drainage, orientation of the road, 
snow conditions on the shoulders, and so forth. 

In order to consider the most important parameters men
tioned, a field study of two instrumented road sections in 
Quebec was initiated jointly by Laval University and the Min
istry of Transportation of Quebec (MTQ). 

M. Roy, J. Crispin , and J. Konrad, Department of Civil Engineering, 
Laval University, St. Foy , Quebec, Canada GlK 7P4. G. Larose , 
Ministry of Transportation, Quebec Government, 200 Dorchester, 
Quebec, Quebec, Canada, G lK SZl. 

These field investigations focused on the measurement of 
the temperature conditions of the air, and soil of frost layers, 
and stress distribution while the roads were occupied with 
trucks of known weight. Furthermore, the bearing capacity 
was also measured using the Benkelman beam test. A de
scription of the instrumented sites and the preliminary results 
obtained from the investigations during a freeze-thaw cycle 
starting in January are presented. 

SITE DESCRIPTION AND CLIMATE 

The two road sections used for the field investigation are on 
the south shore of the St. Lawrence River in the Bois-Francs 
region of Quebec. The instrumented section of Road 122 is 
near Victoriaville, in the township of Arthabaska, and the 
instrumented section of Road 265 is located just north of 
Plessisville, in the township of Megantic. The two sites are 
located approximately 40 km southeast of Trois-Rivieres, 
Quebec, Canada. 

Geology 

The Bois-Francs deposit belongs to the St. Lawrence Low
lands, which was formed 8,000 to 11,UOU years ago with the 
withdrawal of the late glaciation; it is located between Lau
rentien Highlands to the north and the Appalachian High
lands to the south (2). 

The two sites are on the fringe of the sand terraces close 
to the Appalachian Highlands. The surface of the sand ter
races is slightly inclined toward the northeast with a mean 
elevation of about 100 to 125 m (3). The marine sediments 
are fine to medium sands and have few pebbles. Silt is present 
in varying amounts and is generally disseminated in minor 
amounts. The water table is generally located between l to 
2 m below the surface. 

Climate 

The general climatic conditions of the Bois-Francs region can 
be assessed from the data given by Boyd et al. (4). These 
climatic data are based on the 29 years between 1931 and 
1960. The mean annual air temperature is about 5°C with a 
maximum peak value of 34°C in summer and a minimum value 
of - 35°C in the winter. Additional data on air temperature, 
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prepared by De Montigny and Legare (5) and reported by 
Roy et al. (6), present the mean monthly air temperature for 
cold seasons during 1941 to 1970. The following results were 
obtained: 0°C for November, -8.7°C for December, - ll.8°C 
for January, -10.7°C for February, -4.8°C for March, and 
+3.l°C for April. 

The mean annual precipitation is about 1016 mm and is 
two-thirds rainfall and one-third snow. In an average winter, 
snow will be on the ground for approximately 5 months. 

ROAD CHARACTERISTICS 

Road 122 Section 

This main road links Victoriaville to Drummonville and was 
constructed in 1979-1980. The instrumented section of the 
road is principally oriented in the east-west direction. The 
daily traffic evaluated in 1988 was 2,080 vehicles and 2,240 
vehicles in 1990. This traffic comprised about 17.5 percent of 
heavy truck loads. 

In order to get the road surface to 0.6 m over the original 
terrain elevation, the natural s9il was excavated to 0.4 m. As 
shown in Figure 1, the road is composed of a 100-mm-thick 
asphalt concrete (AC) pavement, an upper base of 20-0 mm 
crushed rock (GP-GM) with a thickness of 200 mm, a 250-
mm-thick lower base of 56-0 of crushed materials (GW) un
derlaid by a 400-mm-thick sand subbase (SP-SM). Grain-size 
characteristics of each layer show that the percentage passing 
the 80 µm is relatively low in the base layer, less than 6 
percent, a little higher in the subbase, less than 10 percent, 
and highest in the subgrade, more than 14 percent. 

The road foundation is 1 m thick and consists of the low 
terrace sands previously described. More than 10 years after 
its construction the performance of Road 122 is excellent, 
with very little damage to the AC pavement. 
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FIGURE 1 Typical cross section of Road 122. 
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FIGURE 2 Typical cross section of Road 265. 

Road 265 Section 

14 

The old Road 265 is a secondary road that links the Thetford 
Mines region to the Trans-Canada Highway 20 and is oriented 
in the north-south direction. Constructed in 1964, the initial 
AC pavement received an overlay in 1973. The daily traffic 
recorded is approximately of 2,747 vehicles with 14.7 percent 
of heavy truck loads. 

Field investigations in the instrumented section have shown 
that the road is composed of a 120-mm-thick AC pavement 
overlying a 480-mm-thick base of 20-0 mm of sand and gravel 
(SC-SM and GP-GM) with a 150-mm-thick gravel subbase 
(GP) of 56-0 mm (see Figure 2). The road was erected on 
low terrace sands (SW-SP) that belonged to the post-glacial 
deposits. Percentages passing 5 mm and 80 µm for each layer 
are shown in Figure 2. Fine particles in the base are higher 
than 9 percent, approximately 5 percent in the subbase and 
more than 16 percent in the subgrade. 

Visual observations show that the road is in very poor con
dition; the asphalt pavement displays ruts and transversal, 
longitudinal, and alligator cracks. 

INSTRUMENTATION AND DATA ACQUISITION 

The two sites have been instrumented identically in order to 
measure the same parameters. The following description of 
instrumentation is general with reference to the road cross 
section. 

As shown in the plan view, the instrumentation is composed 
of thermistors, frost probes, extensometers, total stress cells, 
and piezometers (see Figure 3). 

Thermistors 

In each road section, 40 NTC thermistors of Fenwal Elec
tronics, unicurve type 3,000 n ± o.02°c tolerance, were in-
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FIGURE 3 Plan view of an instrumented section. 

stalled in the five boreholes shown in Figure 4: one borehole 
in the centerline, one under each halfway, and one under 
each shoulder. Each thermistor was prepared to withstand 
the harsh field conditions and calibrated individually in cali
bration bath. 

Frost Probes 

Two homemade frost probes were installed in the boreholes 
on one side of the centerline and on the shoulder, respectively, 
as shown in Figure 3. The frost probe is basically a long column 
of indicator solution (0.5 percent methylene blue in distilled 
water) encased in a clear plastic pipe. 

Extensometers 

Five extensometers of the electromechanical type were in
stalled in a vertical position in the shoulder of the road, near 
the AC as shown in Figures 3 and 5. The extensometer column 
was mounted and calibrated in the laboratory and installed 
in a narrow trench dug through the road shoulder. Crispin 
(7) describes more details of the setup. 

Total Load Cells 

After calibration tests in the laboratory, two load cells, 23 cm 
in diameter, IRAD type with oil cushion, and connected to 
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FIGURE 5 Cross section showing localization of extensometers 
and total stress cells. 

a pressure transducer were installed in a large borehole carried 
through the AC pavement. One cell was located at a depth 
of 20 cm and the other one at 40 cm, under the wheel paths 
on one side of the road (Figures 3 and 5). 

Piezometers 

Two Casagrande open standpipe piezometers, made of 3.5 m 
of PVC pipe perforated on the bottom with a polyethylene 
high-density filter of 60 µm, were installed to depth 3.5 m on 
the shoulder and quarter side of the road as shown in Figure 3. 

Data Acquisition 

A PC-based integrated system for data acquisition, analysis, 
and control monitored each instrumented section of Roads 
122 and 265. The main system components are a personal 
computer; data acquisition hardware, which included 64 an
alog and 16 digital input channels; a COPILOT software pack
age; and a watchdog timer. The field system sustained by an 
electrical power line is controlled by a PC at the MTQ office 
via a modem and phone line. 

RESULTS 

The automatic data collection began on an hourly basis in 
mid-January. Therefore, as climatic conditions changed, all 
other manual readings were sporadic. 

Water Table 

The water tables observed by piezometers during the first 5 
months of 1991 are shown in Figure 6. The elevation of the 
water table at Road 122 (Figure 6a) was constant from January 
to March and showed a slight increase of about 0.45 m because 
of the spring thaw. At the Road 265 section (Figure 6b), the 
free surface recorded by the piezometers moves down during 
the winter and rapidly moves up in mid-March because of the 
spring thaw. At the end of May both water tables reached 
the elevation observed in early January. 
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Climate 

Air temperature and precipitations were measured on both 
sites to achieve a daily record of the climatic conditions for 
each site. The air temperatures measured during the first 5 
months of 1991 are shown in Figure 7. The results are similar 
for Road 122 (Figure 7a) and Road 265 (Figure 7b). Except 
for some very short periods, the air temperature is below 0°C 
during January, February, and March. In April and May, the 
air temperature is generally over 0°C with smaller variations 
in the minimum and maximum values. 

The precipitations recorded at the nearest stations are shown 
in Figure 8. The section on Road 122 is about 10 km southwest 
of the Arthabaska station, and the section on Road 265 is 
about 8 km northeast of the Princeville station. 
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Precipitations are recorded as snow during winter and as 
rain and snow during spring. The maximum snowfall has been 
recorded in February with a mean value of 24 cm. 

Soil Temperatures 

Typical results of soil temperature profiles are shown in Figure 
9 for Road 122 and Figure 10 for Road 265. These profiles 
show the soil temperature evolution as a function of elevation 
and time. Early in March, the frost front has reached a depth 
of approximately 1.25 m (Figure 9) in Road 122 and approx
imately 1.74 min Road 265 (Figure 10). 

Figures 9 and 10 show the temperature distribution during 
the thaw period for both roads. Thaw starts under the AC 
pavement and progresses to the base, the subbase, and the 
subgrade. Thaw penetration is usually faster in the central 
part of the roads than near the shoulders. The profiles cor
responding to April 7 and 8 are still showing a frozen zone 
in the shoulder of the two roads and -especially at a greater 
depth on Road 265. 

The results shown in Figure 10 clearly indicate the poor 
quality of the AC pavement, which allows deicing salt and 
rain to reach the base and the subbase course and could result 
in the rapid penetration of the thawed zone developing in the 
centerline of the Road 265 section. 

The variation of the frost and the thaw front are shown in 
Figure 11 as a function of depth and width of the road. At 
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the end of January the frost front was approximately 1.2 m 
deep in Road 122 (Figure 11 (top)]. Later, in the warmer 
period that occurs in early February, a thaw front appeared 
under the AC pavement. However, at the end of February 
and throughout March, the frost front was stable at an ap
proximate depth of 1.45 m (i.e., in the subgrade). The thaw 
period was well initiated at mid-March, and the thaw front 
progressively moved down and the frost front stayed relatively 
stable. 

For Road 265 (Figure 11 (bottom)] the frost front stabilized 
at approximately 1.74 m deep. The thaw front progressively 
moved down after mid-March, but at a much higher rate near 

the centerline of the road. Early in April, the thaw front 
moved under the shoulders while the soil under the centerline 
totally thawed. 

Frost Heave 

Frost heave was measured by regularly surveying the road 
sections. The results for the first .winter are shown in Figure 
12. About 4 and 3 cm of surface heave were measured at 
Roads 122 and 265, respectively. Figure 12a shows the initial 
survey performed in early November 1990 and indicates the 
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elevation of Road 122. The frost was uniform and principally 
occurred in January and February 1991. It reached its max
imum value in mid-March. The surface road moved down 
rapidly at the early stage of thawing and it was near its original 
elevation in early April. 

a. A 

~----...--..... -//? 
Road 265 (Figure 12b) did not heave uniformly. This is 

consistent with earlier observations that indicate more com
plex freezing and thawing conditions at this site with poor 
pavement conditions. Unfortunately, the extensometer re
sults are not available because 50 percent of the extensometers 
broke during the winter, and because this type of homemade 
electromechanical extensometer did not perform satisfactorily. 
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Benkelman Beam Tests 

The Benkelman deflections measured during the 4 months 
covering the first winter-spring period are shown in Figure 
l3a. Each point corresponds to a measurement at the road 
sites. Very small deflections (i.e., about 0.1 mm) were mea
sured when the road foundation was completely frozen, and 
this was the reason for conducting the tests again at the end 
of February. The deflections increased to approximately 0.3 
mm once the air temperature approached or slightly exceeded 
0°C. The deflections became greater during the thawing pe
riod of March and April with a peak value of0.75 mm. During 
May the deflections progressively decreased, which indicates 
the road foundations regain strength over time. 

section; bottom, Road 265 section. 

Total stresses monitored by the load cells in the founda
tions, recorded at the same time as the Benkelman beam tests, 
follow the same trend as the surface deflections. Spring breakup 
does not appear to have a significant effect on the stresses 
measured at a depth of 40 cm. However, at 20 cm deep, the 
total stress increases drastically, passing from 200 to 300 kPa 
in a very short time during spring breakup at the beginning 
of April. 
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FIGURE 13 Road 265 behavior: a, Benkelman beam deflections; b, total stress. 

DISCUSSION OF RESULTS 

Frost Penetration 

The results presented in Figures 9 and 10 have shown that 
the advancing frost boundaries reach a depth of 1.25 m on 
Road 122 and 1.74 m on Road 265, respectively. Considering 
that the road foundations have been set on the same subgrade, 
it is interesting to associate the advancing frost boundary to 
soil moisture and indirectly to the level of the water table. 
For the Road 122 section, the water table has been relatively 
stable at the depth of 1.5 m in January and February (see 
Figure 6a). The high water table and the saturated capillary 
fringe zone have probably limited the advancing frost bound
ary to a depth of approximately 1.25 m. 

The water table in the Road 265 section was recorded at a 
level that varied from 2 to 2.3 m below.the road surface for 
the months of January and February 1991 (Figure 6b). There
fore, the lowest frost boundary was observed at depth of 
1.74 min mid-March. 

Climate 

The recorded air temperatures near the two instrumented 
road sections (Figure 7) show that they are very similar and 
fairly representative of the Bois-Francs area. It is interesting 
to put the air temperature data in relation with the Benkelman 
beam tests and the total stress results obtained during winter 
and spring. 

In the last part of February, the air temperature was near 
- 20°C for 5 consecutive days (Figure 7), which caused the 
foundations to freeze completely. The results shown in Figure 
8 suggest that when the road foundation is fully frozen, the 
corresponding deflections are very close to zero because the 
rigidity of the frozen foundation is high. This, in turn, leads 

to a small stress transfer to the embedded load cell during 
the load tests. Since the applied surface loads are redistributed 
through a rigid plate over the whole area of the road, the 
measured stress is only 170 kPa. 

The Benkelman beam tests conducted during this period 
(Figure 13a) indicated a deflection of 0.3 mm with the mea
sured total stress of 210 kPa at 20 cm depth in the base course 
(Figure 13b). These observations are consistent with the fact 
that the rigidity of the thawed base material is much smaller 
than in the frozen state and therefore leads to a larger de
flection. The reduced rigidity of a small layer of soil will also 
affect the stress transfer mechanism, which is shown by the 
increased load cell reading. 

As the thickness of this thawed zone increased during the 
spring breakup, the measured Benkelman beam deflections 
steadily increased from 0 to 0.65 mm and the total stress slowly 
increased from 170 to 220 kPa during March. Early in April 
the total stress rapidly increased for 220 to 300 kPa. This 
change in total stress corresponds to the time when the soil 
temperature, recorded in Borehole T-3 in the centerline sec
tion [Figures lOa (left) and 11], rose from below 0°C to above 
0°C. The soil went from a frozen to a thawed condition even 
though a frozen zone still existed in neighboring Boreholes 
T-4 and T-5. 

These results indicate that the stress distribution in the base 
and subbase courses is affected by the frozen zone and that 
the deflection depends on the moisture content of the thawed 
zone and the rigidity introduced by the frozen zone in the 
foundation. 

Bearing Capacity 

The loss of bearing capacity is difficult to correlate with the 
variation of the deflection measured by the Benkelman beam 
tests, especially if the results are known only for a very short 
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period that corresponds to the passage from winter to spring 
(Figure 13a). Nevertheless, the deflections measured at the 
end of October are about 0.5 mm, and it is assumed that the 
deflections measured at the end of May (0.52 mm) are ap
proaching the conditions corresponding to initial refreezing 
moisture contents. In this case the deflection variations as
sociated with thawing are approximately of 0.25 mm. These 
data show that the deflections increase rapidly with thawing; 
this is related to an increase in the moisture content of the 
thawed soil and causes a loss of road bearing capacity. On 
the other hand, the decrease in the deflections measured dur
ing the winter is caused by an increase in the rigidity of soil 
layers below the AC pavement due to their frozen state. 

These data show that the road foundations are flexible in 
summer and fall seasons, very rigid during the cold season, 
and extra flexible during the spring breakup-particularly 
when the thaw zone reaches the unfrozen soil that was not 
affected by freezing. Detailed moisture content measurements 
will be carried out during the second freeze-thaw cycle. 

CONCLUSION 

The field investigations devoted to the observation of 
the behavior of two instrumented road sections in the Bois
Francs region in the province of Quebec led to the following 
observations: 

1. The thermal conditions of soil can be measured easily 
by appropriate thermistors distributed in the ground-es
pecially if daily or weekly data are required. Otherwise, a 
simple type of frost probe is adequate for a general survey 
on the progression of the freeze and thaw fronts. 

2. Climatic conditions summarizing precipitation and air 
temperature are essential to interpreting and following up any 
road behavior, especially for analyzing the Benkelman beam 
deflection. 

3. The PC-based integrated system for data acquisition has 
been a powerful tool for monitoring each instrumented section 
and for analyzing air temperature and thermal soil conditions 
every hour. 
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4. Observation of a second freeze-thaw cycle with improved 
monitoring is under way. 
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Evaluation of Frost Action 
Mitigation Procedures for Highly 
Frost-Susceptible Soils 

MICHAEL H. MACKAY, DAVID K. HEIN, AND JOHN J. EMERY 

For areas of Ontario with significant frost penetration (more than 
1.5 m) and frost-susceptible soils (silty sands to clayey silts) in 
the presence of moisture, significant pavement damage can result 
from both frost heaving and subsequent spring breakup. This 
frost-related flexible pavement damage is particularly acute in 
areas of variable soil and groundwater conditions. This is espe
cially true with shallow, rapidly changing depths to bedrock that 
"trap" pockets of poor soils. The observation of pavement dis
tresses in such circumstances, and experience with cost-effective 
frost action mitigation, is valuable in developing geotechnical 
evaluation techniques and practical pavement designs for such 
areas. The principal distress of severe wheelpath alligator crack
ing, its associated deformations, and residual frost heave are re
lated to poor drainage (high groundwater or lack of drainage 
provisions) and poor loadcarrying characteristics and frost sus
ceptibility of silty subgrades. Nonuniform pavement structure and 
subgrade support conditions because of utility installations also 
contribute to distress. Removing the frost-susceptible subsoils and 
replacing them with granular material and better drainage will 
eliminate most frost-related movements. But this is generally too 
costly. A less costly and fairly effective frost action mitigation 
approach, if properly constructed with approved materials, is the 
use of full or partial granular frost tapers in conjunction with deep 
drainage (typically in conjunction with utility installation in urban 
areas) or insulation using extruded expanded polystyrene. Overall 
examples of this approach from actual in-service pavements in 
the Muskokas area of north-central Ontario are presented. 

Experience has indicated that the special design and construc
tion features required to mitigate pavement damage due to 
frost action can result in significantly higher road construction 
and rehabilitation costs when compared to standard construc
tion. If frost action is not controlled, permanent pavement 
deformation, damage to utilities and overall poor road perfor
mance will result in escalated and untimely pavement reha
bilitation. A standard flexible pavement constructed in non
frost-susceptible conditions could anticipate a normal service 
life of 12 to 15 years. The same pavement structure could 
require major maintenance within 5 years when constructed 
in an area in which frost-susceptible subgrades are a problem. 

The two principal damage effects of frost action in roadways 
are the reduction of subgrade support strength during the 
spring thawing period and differential frost heaving. The ef
fect of reduced spring subgrade support can easily be mini
mized by ensuring that the pavement has adequate structural 
capacity to withstand the vehicle loadings, or by reducing the 
allowable load during this period (seasonal load restrictions). 

John Emery Geotechnical Engineering Ltd., 52 Ashwarren Road, 
Downsview, Ontario, Canada M3J 1Z5. 

The cost of providing adequate structural capacity may be 
prohibitive and must be weighed against the practicability of 
applying load restrictions (usually not enforceable in an urban 
environment). However, the structural capacity of a pave
ment can be readily improved through the selection of ma
terials or by adopting standard construction techniques. 

Differential frost heaving, caused by the formation of ice 
lenses and ice within the soil matrix immediately below the 
pavement structure, represents the most damaging effect of 
frost action on a pavement. For frost heaving to occur, the 
soil must be frost-susceptible, the temperature of the soil must 
be at or near freezing, and enough water must be present. 
Absence of any one of these features will prevent frost action 
from occurring. 

Complete elimination of frost action requires removal of 
the frost-susceptible soils or water source. These are usually 
not practical options from a cost viewpoint, nor are they nec
essary, because the effects of frost action may be mitigated 
to tolerable limits by any or a combination of several treat
ment alternatives. 

Frost action mitigation implies that the inevitable frost ac
tion is controlled to a satisfactory degree and that pavement 
serviceability is maintained by the most practical and cost
effective method. 

The combined poor subsoil conditions (generally highly frost 
susceptible, variable subgrade soils with bedrock at or near 
surface to very deep over very short distances), high water 
table, and relatively long winters with a number of frost cycles 
result in extreme climatic and environmental impacts on the 
rural and urban pavements in many areas of Ontario and the 
rest of Canada. Standard pavement sections, designed and 
constructed in accordance with, for example, Ministry of 
Transportation of Ontario (MTO) guidelines, to eliminate the 
effects of frost action have performed unsatisfactorily in many 
cases or are too costly for many lower-tier municipal road 
agencies that must supplement funding received from the 
province on a one-for-one basis. 

Over the past several years, several frost action mitigation 
procedures have been developed and implemented in the Dis
trict Municipality of Muskoka to control, not eliminate, frost 
action. Subsequently, a demonstration project jointly spon
sored by the Ontario Good Roads Association (OGRA) and 
MTO has been undertaken by the District Municipality of 
Muskoka to document the performance of these frost action 
mitigation measures and to construct trial sections using the 
most favorable methods for full performance monitoring and 
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FIGURE 1 Key map showing frost penetration depths (J). 

cost-benefit analysis. The project will assist in the develop
ment of new standards for rural and urban roads in areas of 
severe frost action. These trial sections are currently in the 
design stage as part of a conventional road improvement proj
ect scheduled for construction in 1992. 

BACKGROUND 

The District Municipality of Muskoka is a typical north
central Ontario jurisdiction. Located only about 150 km north 
of Toronto and immediately east of Georgian Bay, the district 
encompasses a large geographic area of about 460,000 hec
tares that includes about 1200 Jane-km of arterial, collector, 
and local collector roadways (almost all two-lane flexible 
pavements). A popular tourist area for its recreational activ
ities, the permanent population of about 40,000 residents in
creases seasonally to at least 140,000 residents during summer 
(and is significantly greater than this when campers and non
resident visitors are included). 

Climatological data for the area are readily obtained from 
published Environment Canada, MTO, and Ontario Ministry 
of the Environment reports . Figure 1 shows the mean frost 
penetration depths in southern Ontario, with Table 1 pre
senting the key climatological conditions in the Muskokas with 
the metropolitan Toronto area. 

The Muskoka area has the highest mean annual precipi
tation in southern Ontario, which includes the highest mean 
snowfall. The freezing index is more than twice that experi
enced in metropolitan Toronto and southerly areas of the 
province. At 1.8 m, the frost penetration depth approaches 
that of areas of northern Ontario (2.0 m in the North Bay/ 
Sudbury area) and is significantly higher than that in Toronto 
(1.2 m). These figures translate into 40 days a year of more 
frost, 27 percent more precipitation, 50 percent deeper frost 
penetration, and twice the freezing index of Toronto . 

Another significant figure in terms of frost action is the 
number of frost-free days (interval between the last occur
rence of frost in spring and first occurrence of frost in fall). 
At 120, the Muskokas experience substantially more frost 
cycles that can cause pavement damage than virtually all other 
areas of southern Ontario. 

The geotechnical and hydrogeological conditions in the 
Muskokas are fairly typical of many areas in Ontario and 
Quebec. The top surface of the Precambrian Shield bedrock 
is quite rough. Such bedrock can be encountered as outcrop, 
near surface, and at significant depth, frequently over very 
short distances. The overburden soils are extremely variable 
(sand, silt, and clay with buried organic material), deposited 
as deltaic sediments from the former glacial lakes and in-filling 
the hollows in the Shield bedrock. Typical silt and very fine 
sand contents range from 40 to 70 percent, indicating mod-

TABLE 1 Comparison of Climatological Conditions, Muskokas and Toronto 

Conditions Muskokas Toronto 

Mean Annual Frost Free Days 

Mean Annual Precipitation, 11111 

Frost Penetration, m 

Freezing Index, •C-days 

120 

965 

1.8 

950 

160 

760 

1.2 

450 
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erately to highly frost susceptible soils. The widely variable 
bedrock depth creates natural transitions that can also intro
duce differential heaving problems where roads cross the tran
sition between soil and bedrock. 

The groundwater tends to be perched in the subsoil deposits 
over or within hollows in the bedrock. The district is known 
for the large number of lakes, streams, and other water
courses, and groundwater is generally found close to the sur
face or perched in more permeable pockets or lenses of soil. 

STANDARD MTO FROST 
TREATMENT METHODS 

The recent MTO Pavement Design and Rehabilitation Manual 
reports that differential frost heaving is not a serious problem 
in the performance of Ontario highway pavement structures, 
because soils of uniform frost susceptibility are used in the 
construction of the subgrade . The depth of frost penetration 
in Ontario is too great to practically provide pavement thick
nesses that prohibit frost penetration into the subgrade. 
Therefore, the following actions are recommended to mini
mize (not eliminate) frost effects: 

1. Give appropriate consideration to using uniform subgrade 
soils with respect to their susceptibility to frost heaving. 

2. Design the pavement structure based on the reduced 
strength of the subgrade soils during the critical spring thaw 
period. 

3. Intercept the water before it enters the frost-susceptible 
areas of the roadway through the provision of adequate side 
ditching and subdrains. 

4. Prevent surface waters from entering the granular bases 
and subgrades with paved shoulders and edge drains. 

5. Ensure proper treatment of transition points and boul
ders in the subgrade. 

6. Use non-frost-susceptible granular backfill material to 
avoid differential heaving between the pavement approaches 
and structures. 

In the event of differential frost action, MTO recommends 
three courses of action: 

1. Subexcavation of as much of the frost-susceptible ma
terial as possible, considering the amount of excavation in
volved and considering that the excavation must then be drained 
from the bottom; 

2. Drainage improvements (ditching or subdrains) with the 
depth entirely dependent on the availability of a suitable out
let to remove collected water; and 

3. Installation of extruded expanded polystyrene insulation 
in accordance with Ontario Provincial Standard Drawings 514.01 
and 514.02 (Figure 2). 

FROST CONSIDERATIONS FOR 
MUNICIPAL ROADS 

Whereas the MTO Pavement Design and Rehabilitation Man
ual reflects a design philosophy for highway pavements, it is 
used extensively by municipal engineers and MTO staff in-
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volved in the review and approval of provincially subsidized 
municipal roads projects . Some design considerations deemed 
important for municipal roads environment are not significant 
items for highway pavements. These include the presence of 
curb-and-gutter, underground services and intersections, and 
the limited right-of-way and road allowance that restricts the 
extent to which frost action mitigation measures and improve
ments can be incorporated. 

These common features of municipal roads can have a se
vere limiting impact on the type and extent of measures that 
can be practically incorporated to mitigate frost action. The 
presence of curb-and-gutter tends to restrict snow removal 
operations to the paved area between the curbs and the zone 
immediately behind the curb receives additional insulation 
from snow plowed on to the roadside. Consequently, differ
ential frost action becomes a factor (Figures 3 and 4). Beneath 
the roadway, deeper frost penetration occurs. This area is 
subjected to more frost cycles and also thaws much earlier 
than the adjacent roadside, trapping moisture below the road 
surface . The presence of utilities and lateral connections to 
buildings suggests that frost tapers should be provided to con
trol differential movements, but it also limits the extent to 
which frost tapers can practically be incorporated (especially 
costly if land acquisition is required). Intersections and drive
ways also create practical barriers to implementing some frost 
action mitigation measures because the work completed on a 
roadway directly affects adjacent pavements and requires that 
suitable transition treatments be provided wherever possible. 

SPECIFIC MUSKOKA FROST ACTION 
MITIGATION MEASURES 

The District Municipality of Muskoka, which represents an 
area of severe frost problems, recognized through practical 
experience that special considerations were required to Jessen 
the effects of frost action on its municipal roads. The district 
and associated municipalities such as the town of Huntsville, 
with the assistance of their design and geotechnical and pave
ment engineering consultants, undertook in the mid 1980s to 
develop specific pavement design and construction procedures 
to deal practically with the severe frost problems and increase 
the service life of their road networks. 

An interactive design approach was developed involving 
the geotechnical and construction materials engineering con
sultants, municipal design consultants, and the district mu
nicipality. A geotechnical and pavements investigation was 
initially conducted that consisted of an evaluation of the ex
isting pavement (survey of observable distresses and perfor
mance history), representative boreholes to determine the 
subsoil (soil type, consistency, depth to bedrock) and ground
water conditions, and associated laboratory testing (grain size 
and hydrometer tests , moisture content determinations, etc.). 
The satisfactory performance of the relatively low volume 
pavements in this area is governed by frost-susceptibility char
acteristics of the subgrade soils and not strength. Hence, the 
emphasis during the investigation and associated laboratory 
testing is on determining drainage and frost-susceptibility 
characteristics of the subgrade and not strength parameters. 

Once the geotechnical conditions have been established for 
a particular project, the municipal designs for the roadway 
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FIGURE 3 Severe differential frost heave of I-year-old subdivision pavement with shallow continuous subdrains behind curb. 
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FIGURE 4 Ice lens removed from frost-susceptible silty 
subgrade at about 1.5 m. This excavation work was completed 
in late July after normal summer weather in the District 
Municipality of Muskoka. 

(service requirements, road allowance, road alignment) are 
reviewed to determine the most practical method of incor
porating suitable frost action mitigation measures that limit 
the effects of frost to tolerable levels. 

The frost-susceptible native subsoils, access to free water, 
poor site grading, and steeply sloping bedrock make it difficult 
and costly to completely eliminate frost movements. There
fore, the use of partial or modified frost tapers augmented 
by positive drainage improvements and somewhat thicker as
phalt concrete surfacings have been adopted as standard treat
ments since about 1986 and have proven over the past 6 years 
on a number of sites to effectively address the previously 
severe frost problems. 

Typical frost taper details are shown in Figure 5, and are 
generally in accordance with OPSD 205.06, with some mod
ifications to taper sideslope gradients to accommodate road 
allowance limitations. The slope of the frost taper should be 
as gradual as possible to the curb line. Outside the curb line, 
the slope of the taper may be increased, noting that differ
ential frost heave may be accentuated wherever the frost taper 
changes slope. In addition, frost tapers should be extended 
in transverse directions at all intersections and at the end of 
tapered roadway sections. When bedrock is encountered within 
the frost penetration depth of 1.8 m, the bedrock must be 
stripped of all frost-susceptible soil and backfilled with ap
proved granular material. 

Wherever possible, positive drainage is incorporated at the 
base of any tapers or granular material to ensure that the 
subgrade does not have access to free water. If frost tapers 
are installed in conjunction with storm sewers, then the storm 
sewer itself may be adapted to function as the necessary drain
age outlet (open joints or perforations in the storm sewerpipe 
must be wrapped with a suitable geotextile to prevent influx 
of the backfill material). When it is not practical to provide 
drainage within the frost taper , deep (about 1. 8-m) geotextile
wrapped perforated plastic subdrains must be installed be
neath the pavement edges on both sides of the road. 

Observations of in-service low traffic volume pavements 
designed in accordance with the standard MTO structural 
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design matrix (Table 2) confirmed that the MTO-specified 
asphalt concrete surface thickness of 50 mm was not adequate, 
with cracking and deformation apparent after a relatively short 
time. Consequently, the recommended minimum asphalt con
crete surfacing thickness was increased by the district to 90 
mm, even for light-duty roads. This has performed signifi
cantly better than the former 50-mm thickness but has been 
cut back to 50 or 75 mm on several projects, resulting in poor 
performance as discussed in the following case histories . A 
recent 1991 revision to the MTO design procedure now ap
proves the use of thicker asphalt concrete surfacings (90 to 
130 mm) for higher traffic volume rural roads [annual average 
daily traffic (AADT) > 2,000]. 

CASE HISTORIES AND OGRA-MTO 
DEMONSTRATION PROJECT 

As previously noted, the development of frost action miti
gation measures for municipal road construction in frost
susceptible soils has been ongoing for some time. The recently 
approved OGRA-MTO Demonstration Project finally pro
vided the opportunity to confirm technically the design ra
tionale and quantify the advantages of this approach from 
performance and cost-benefit viewpoints, for an actual project 
to assist in development of new standards for municipal pave
ment construction in seasonally severe frost areas. 

Several case histories are presented to demonstrate the de
velopment of the frost action mitigation design approach: 

• District Road 2 (Brunel Road)-Standard MTO design 
(poor performance); 

• Echo Bay Road- Recommended frost action mitigation 
measures not implemented because of cost considerations (poor 
performance) ; 

• King Crescent, West Street, and North Street-Con
structed as recommended with exception of one section on 
which subdrainage not included and subsequently heaved (good 
performance); and 

•Susan Street-Constructed as recommended (good per
formance). 

District Road 2 (Brunel Road) 

Brunel Road is a moderately heavy traffic district road 
(AADT = 1,500 to 2,000) entering the town of Huntsville. 
The section outside the town limits is constructed to a rural 
cross section; the section within the town limits is upgraded 
to an urban standard. The rehabilitation work was designed 
and constructed in 1981, with the following construction de
tails provided by staff of the District Municipality of Muskoka. 
The utility trenches were backfilled with native material to 
the finished subgrade elevation. In the urban section, the 
pavement structure consisted of 75 mm of asphalt concrete 
over 150 mm of granular base and at least 600 mm of granular 
subbase. The subgrade was crowned with a center-to-edge 
slope of about 3 percent, but the pavement was crowned with 
an edge to edge slope of 2 percent. Continuous subdrains 
were to have been provided immediately below the finished 
subgrade and behind the curbs with a drainage swale on the 
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TABLE 2 Structural Design Guidelines for Flexible Pavements-Secondary 
Highways (1) 

Subgrade Material 

Gravels SANDS AND SILTS 
Pavement and Sands Lacustrine Varved & 

AADT Structure Suitable as 5-75 µm 
Elements Gran-Borrow <40% 

5-75 µm 
40-55% 

5-75 µm 
>55% 

Clays Leda Clays 

2000- HM 90 90 90 90 90 90 
3000 B 150 150 150 150 150 150 
AADT SB** - 300 450 600 450 800 

GBE 330 530 630 730 630 865 

1500- HM 50 50 50 50 50 50 
2000 B 150 150 150 150 150 150 
AADT SB** - 250 300 450 300 450 poo-600 l 

GBE 250 415 450 550 450 550 450-650 

1000- CL 50 50 50 50 50 50 
1500 B 150 150 150 150 150 150 
AADT SB** - 250 300 450 300 4501300-600l 

GBE 240 405 440 540 450 540 450-640 

500- ST* - - - - - -
1000 B 150 150 150 150 150 150 
AADT SB* - 150 250 300 250 3501250-450l 

GBE 150 250 315 350 315 385 315-450 

200- ST* - - - - - -
500 B 150 150 150 150 150 150 

AADT SB** - 150 250 300 250 300 
GBE 150 200 315 350 315 350 

Less Grave 1 - - - - - -
than B 100 100 100 100 100 100 

200 SB** - 150 250 300 250 300 
AADT GBE 100 200 265 300 265 300 

Notes: All AADT Volumes refer to Present Traffic. 
HM - Hot Mix Asphalt & Thickness, mm 
B - Base Thickness, mm 
SB - Subbase Thickness, mm 
GBE - Granular Base Equivalency Thickness, mm 

(1 mm HM= 2 mm B = 3 mm SB= 1.11) 
CL - Cold Mixed, Cold Laid or Road Mixed Mulch 
ST - Double Surface Treatment or Single Surface Treatment with Prime 

Apply surface treatments 0.25 m wider than lane width. * 
** Proposed subbase thicknesses may be decreased or increased 

respectively, for harder or softer subgrade conditions in each 
category, except for varved and leda clay subgrade where 
exceptionally large ranges are shown. 

upslope side of the road to intercept surface runoff. It is 
understood that the subdrains were cut back significantly dur
ing design to only 6.0-m subdrains provided at catchbasin 
locations on the downslope side of the road. The subdrainage 
requirements were reduced even further during the actual 
construction, and the drainage swale is not continuous. 

In the rural section, subdrains were to be provided im
mediately below the subgrade along both road edges. Shallow 
drainage swales were also specified along both edges with the 
swale invert at the same elevation as the top of the subgrade. 
The pavement structure consisted of 75 mm of asphalt con
crete over 150 mm of granular base and 600 mm of granular 
subbase. Both the pavement and subgrade were crowned with 
a center-to-edge slope of 2 percent. 

After 10 winters, District Road 2 is considered to be in 
poor condition (Figure 6). Severe frost-related distress is ob
served in both urban and rural sections. The urban section 
distress is more obvious because of the presence of curbs. 
Severe differential movement of the upslope edge of the pave
ment and curb has taken place to such an extent that full 
width padding of the roadway has been necessary to maintain 
surface drainage. Longitudinal and transverse cracking re
lated to frost heaving and distortions of the pavement confirm 
that the frost treatments used are not adequate for this road-

way and are the principal reason for the low serviceability of 
this road after only 10 years. 

Echo Bay Road 

The original frost mitigation recommendations for Echo Bay 
Road, in Huntsville, included 90 mm of asphaltic concrete 
over 150 mm of Granular A base and 300 mm of Granular B 
subbase, with granular frost tapers to be provided in an area 
where storm sewer installation was proposed. Relatively deep 
subdrains were also recommended along the pavement edges 
in frost-susceptible soil areas. Significant revisions to the orig
inal design recommendations were completed to reduce costs, 
and the as-built pavement structure was reduced to 50 mm of 
asphalt concrete over 150 mm of Granular A base and 300 
mm of Granular C subbase. Frost tapers were provided 
(Granular C backfill) in the storm sewer area and continuous 
but shallow subdrains were provided beneath the pavement 
edges in other urban sections. 

The reconstruction work was completed in late 1987, and 
after one winter, substantial localized frost-related problems 
were observed. Some of the frost-related distresses were at
tributable to poor construction and improperly installed sub-
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FIGURE 6 Severe differential frost heave of approximately 
10-year-old District Road 2 pavement. The extensive padding 
has been replaced nearly annually to restore surface drainage 
and ride through the intersection. 

drains. Sections of the subdrain were found to be collapsed, 
and the subdrain outlet at one catchbasin was lower than the 
catch basin outlet (i.e., water actually flowing into the pave
ment structure from the subdrain). In addition, because of 
late season construction, the subdrains were not given enough 
time to drain the subgrade properly. 

Remedial recommendations included repairing the failed 
subdrains and reinstating the damaged pavement. Deep sub
drains (1.8 m depth) were recommended through a section 
of the roadway at which severely frost susceptible soils were 
encountered, but they have not been installed to date. Some 
other relatively minor, localized frost movements have taken 
place since 1988, but the repaired areas do not appear to 
represent a problem beyond aesthetic difference from recon
structed pavement (i.e., patch areas are quite visible). The 
concrete gutter is also slightly higher than the pavement, and 
ponding occurs. An overlay will ultimately be required to 
rectify these problems, and deep subdrains will be necessary 
in the area that is highly susceptible to frost. 

King Crescent, West Street, and North Street 

The King Crescent, West Street, and North Street improve
ments in Huntsville were to initially include installation of 
storm sewers. These were not completed, and the rehabili
tation consisted of pavements reconstruction, including the 
provision of concrete gutters. Continuous subdrains were rec
ommended, and the pavement structure was to consist of 90 
mm of asphalt concrete over 150 mm of Granular A base and 
300 mm of Granular B subbase. 

The pavement was constructed as recommended, except 
that subdrains were not provided on North Street. This was 
because designers anticipated that the steep longitudinal grades 
would provide adequate subsurface drainage. After three win
ters, the only significant frost-related distress is observed at 
the top, flatter portion of North Street on which localized 
frost heaves have occurred next to the curbs. 
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Susan Street 

The recommended frost treatment for Susan Street consisted 
of tapering of the subgrade from the frostline in the service 
trenches to behind the curb and walkways. The storm sewer 
was situated along the south side of the road and, as such, 
the taper from the north side to the service trench was rela
tively gradual. The storm sewer was constructed with 
geotextile-wrapped open joints, and the lower portion of the 
storm sewer trench itself was constructed within geotextile
wrapped 19-mm clear stone bedding. The pavement structure 
consisted of 90 mm of HL 4 over 150 mm of Granular A base 
and at least 150 mm of Granular B subbase, tapering to 1.8 
m thick at the storm sewer. 

After four winters, the Susan Street pavement is in good 
condition. A moderately severe longitudinal construction joint 
crack appeared after the first winter, but it is not considered 
to indicate differential frost effects. 

OGRA-MTO Demonstration Project 

The OGRA-MTO Demonstration Project program consists 
of a number of projects involving innovative or new road 
maintenance and construction methods completed by OGRA 
member agencies with MTO support to provide performance 
and cost data and to assist in the development of new design 
and construction standards. A demonstration project entitled 
Frost Action Mitigation Study was submitted by the District 
Municipality of Muskoka and accepted in two phases. The 
first phase consisted of a review of the international technical 
literature and project experience, including the inspection of 
selected pavement sections within the district since about 1981 
to assess the relative effectiveness of alternative treatments 
for incorporation in Phase II. This phase was completed and 
reported in February 1991. Phase II is to consist of an actual 
road reconstruction project incorporating selected frost action 
mitigation measures so that specific performance comparisons 
can be completed and costed to assist in the development of 
new or revised standards for municipal roads construction in 
frost-susceptible soils. This work has been approved for com
pletion in 1991 (designed) and 1992 (constructed), with mon
itoring to continue into 1995. 

The literature review included the following: 

1. Dialog search of the TRB Transportation Research In
formation Services data-base; 

2. MTO technical manuals and research reports on frost 
action, mitigation and pavement design procedures; and 

3. Corporate technical library and project files that include 
a number of pavement investigations and rehabilitation proj
ects completed in Muskoka. 

The literature survey and review of selected papers indi
cates that the international research since about the early 
1950s has focused primarily on the adequacy of pavement 
structure designs during the moisture-weakened spring thaw 
subgrade conditions. The consensus of opinion appears to be 
that the necessary pavement structure to resist frost move
ments is usually adequate to address structural concerns dur
ing the seasonally weakest condition. 
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Although most of the technical literature is in general agree
ment with the Canadian (and in particular, Ontario) pavement 
design approach, several papers provide additional insight 
into frost action mitigation alternatives that could be consid
ered viable for severe frost areas in Ontario (2,3,4). 

Kubo (5), reporting on the Japanese procedures for frost 
action mitigation at a recent Paving in Cold Areas Japan
Canada Technical Exchange (noting that the Japanese island 
of Hokkaido has similar snowfall and freezing index to both 
the Muskokas and Buffalo , N.Y.), indicated three basic 
approaches: 

• Replacement: the frost-susceptible subsoil is excavated 
to 70 percent of the frost penetration depth and replaced with 
non-frost-susceptible granular soils (partial frost tapers). 

• Heat insulation: extruded expanded polystyrene insula
tion is used in conjunction with replacement. Differs from 
Canadian practice in that the insulation is installed only be
neath the road shoulders to control differential movement at 
the edges. 

• Chemical treatment: the frost-susceptible subsoil is sub
excavated and mixed with additives such as cement or lime 
to reduce the permeability of the frost-susceptible soil (used 
primarily where suitable granular materials are scarce or not 
available). 

TABLE 3 Proposed Trial Section Monitoring 
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Rutherford has determined that thin pavements (50 mm or 
less of asphalt concrete) on secondary roads in frost areas 
reach critical asphalt tensile strains within the short time re
quired for the granular base to thaw (6). However, for 100-
mm asphalt concrete surfacings, the pavement did not ex
perience deflections or strains in excess of those occurring 
during the summer until some subgrade thawing occurred, 
with subgrade vertical strain the critical parameter; that is, 
secondary roads in frost areas require thicker asphalt surfac
ings to resist critical tensile strains along the asphalt-granular 
interface. 

For the proposed 1991-1992 Phase II work, six trial sections 
will be incorporated in a typical urban road reconstruction 
project (two-lane urban section, AADT < 2,000, 1.3 km long, 
with storm and sanitary service improvements and widening) 
in Huntsville: 

1. Control section consisting of the standard MTO design 
and construction approach using conventional subdrains and 
ditches, backfill, subbase , base , and resurfacing with 50 mm 
asphalt concrete ; 

2. Same as Section 1, but with 90-mm asphalt concrete 
surfacing. 

3. Provision of full frost tapers extending up from the frost 
line at the service trench (- 1.8 m depth) to the top of the 

Monitoring 
Activity 

Test Method 
To Be Used 

Frequency 

A. Initial Survey (Pre-Construction) 

a) Surface 
Condition 

b) Surface Profile 
Determination 

c) Geotechnical/ 
Pavement 
Investigation 

B. Cost Data 

C. Post-Construction 

a) Surface 
Condition 

b) Surface 
Profile 

Visual survey of 
existing distress 
including type and 
level of severity. 

Dynatest Surface 
Roughness Profiler 
(longitudinal and 
transverse profiles) . 

Representative test 
holes and laboratory 
analysis of samples . 

Obtain 'as built' 
unit costs for trials 
for comparison with 
'standard' construction . 

Visual 

Dynatest SRP 
(longitudinal and 
transver~ ~ profiles). 

NA 

NA 

NA 

Once during 
construction 

Immediately after 
construction then 
semi-annually 
until Spring 1995 
(6 sets of 
observations 
supported by 
photos) . 

Immediately after 
construction then 
semi-annually 
until Spring 1995 
(6 sets of 
measurements - 3 
winters). 
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subgrade just behind the curb (or sidewalk where present), 
resurfacing with 50 mm of asphalt concrete. 

4. Provision of partial frost tapers extending from about 70 
percent of the frostline, at the service trench (- 1.25 m) to 
the top of the subgrade just behind the curb (or sidewalk if 
present), and resurfacing with 50 mm of asphalt concrete. 

5. Same as Section 4 but with 90-mm asphalt concrete 
surfacing. 

6. Provision of deep subdrains or edge drains ("fin drains") 
1.8 m below the top of subgrade and resurfacing with 50 mm 
of asphalt concrete. 

Each section will be at least 150 m long. The work is to be 
tendered with the specific unit costs obtained for meaningful 
comparative cost analyses. The pavement monitoring pro
gram is presented in Table 3. In addition, the MTO Auto
mated Road Analyzer (ARAN) equipment will be used to 
provide additional profile information to supplement the 
Dynatest SRP monitoring. 

With the nature of the frost problems in this area and the 
selection of trial section components, meaningful perfor
mance information is anticipated after one to two winters. 
The performance results, cost comparisons, and recommended 
new standards for frost action mitigation for municipal roads 
in seasonally severe frost areas will be the subject of a future 

89 

paper upon completion of this OGRA-MTO Demonstration 
Project in the District Municipality of Muskoka. 
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Seasonal Nondestructive Evaluation of 
Frost-Heave Prevention Layers in 
Asphalt Pavements 

HIROSHI KuBo AND KIYO SHI T AKEICHI 

In cold and snowy regions, road pavements are greatly affected 
by frost heaving in the ground. The frost heave damages the 
ground in two ways. The first is because of the frost heaving itself, 
and the second is because of the decrease in the bearing capacity 
on the subgrade soil and the subbase courses during spring thaw. 
A number of methods are available to protect pavement from 
frost-heave damages. The most popular method used in Japan is 
the replacement of frost-susceptible soil with local materials such 
as sand, volcanic ash. and unscreened gravel. In the investiga
tions. the bearing coefficients of the materials generally used in 
cold regions for subgrade, frost-preventing layer, and subbase 
course are obtained from the buried plate-loading apparatus on 
each layer of pavement before freezing and after thawing. From 
these coefficients, the moduli of deformation for the layers of 
these materials were calculated using the approximate calculating 
method of multilayer-displacement, and the structures of pave
ments were theoretically analyzed. The performance of pave
ments at the "Bibi Test Road" was analyzed on the basis of the 
assessments on the test road through traffic loads. 

In cold and snowy areas, road pavements, concrete tunnels, 
and retaining walls are greatly affected by the freezing and 
thawing of the ground. Especially in Hokkaido, northern 
Honshu. and mountainous areas-even in warmer areas of 
Japan-frost heave in road pavement has serious consequences. 

Frost heaving occurs when ice crystals grow in a freezing 
front and cause the earth surface to rise (1). This phenomenon 
causes damage in two forms: one because of the frost heave 
itself, and the other from the decrease in the bearing capacity 
of the subgrade and subbase in pavement during spring. The 
latter damage occurs in winter, when a large amount of water 
moves into the icy layers from the groundwater. Many heavy 
vehicles cause partial ruts and alligator cracks to form in the 
asphaltic pavements, and the drainage is obstructed by the 
frozen layers in the spring (2). To protect pavements from 
frost-heave damage, displacement, chemical treatments, heat 
insulation, and installation of impermeable layers have been 
selected as countermeasures, for experimental and for prac
tical purposes (3). 

For reasons of economy, performance, and experience, the 
replacement method is generally used for road pavements in 
Japan. This method consists of replacing frost-susceptible soil 
with coarse materials to about 70 percent of the maximum 
frozen ground depth in winter. On the basis of many expe
riences in northern Japan, this method has been applied as 

Department of Engineering, Hokkaigakuen University, S-26, W-11, 
Chuo-ku, Sapporo, Japan 064. 

the standard design for all classes of roads in various regions 
without any actual defects. 

However, in cold and snowy regions, the present design 
method, which is mainly based on experience, is not neces
sarily appropriate for the changes in traffic situation, layer 
composition, and the selection of new subgrade- and subbase 
materials. Therefore, it has become necessary to evaluate 
analytically the asphaltic pavements constructed by the con
ventional method to prevent frost heave and to establish a 
rational pavement design method capable of adapting to the 
conditions brought on by new materials and situations. 

The theoretical structural analysis of asphaltic pavements 
is extremely difficult because the mechanical properties of the 
component materials in pavement are not completely under
stood and because the stress-strain relationship in various 
layers of pavements in the actual road have not been inves
tigated. As for the mechanical properties of the subgrade and 
subbase materials subjected to frost action in cold regions, 
the moduli of elasticity coefficients (deformation coefficients) 
for structural layers that are essential to theoretical calcula
tions are discussed only in relation to the California bearing 
ratio (CBR) of the materials (4). 

For this reason, the deformation coefficients of subgrade, 
subbase, and all of the pavement layers subjected to the rep
etition of freezing and thawing under the conditions in the 
actual road should be determined. On the other hand, de
formation coefficients of asphaltic mixtures have previously 
been satisfactorily obtained for pavement structures, tem
perature changes, and loading time (5). The fatigue properties 
of asphaltic mixtures should also be considered because frost
heave damages to pavements is mainly evaluated from cracks 
in the road surface. Many experimental test results are avail
able for this purpose. However, it is important to determine 
how they relate to the performance of the actual pavements. 

The Bibi Test Road was established on National Highway 
36 in the Tomakomai district of Hokkaido, Japan, for con
ducting systematic studies on the countermeasures against 
frost-heave damage in cold areas and also for theoretical anal
ysis (6). The replacement method, as a frost-heave countermea
sure was evaluated by determining the plate-bearing coeffi
cients on the layers of pavements of different thickness and 
types of replacement materials and by investigating the re
lationship between traffic loads and. crack damages in pave
ments of the test road. 

With the coefficients in the subgrade and subbase layers of 
this road, the authors attempt to calculate the deformation 
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coefficients and to evaluate a frost-heave prevention method 
by analyzing the pavement structures. The performance of 
the pavements in the test road was also investigated. 

May 1967 and was completed in October 1968, whereupon 
the investigations started immediately. 

The subgrade of this test road was frost-susceptible soil. 

MEASUREMENTS OF PLATE-BEARING 
CAPACITY AT BIBI TEST ROAD 

The Bibi Test Road was planned by the Civil Engineering 
Research Institute of the Hokkaido Development Bureau for 
the systematic establishment of frost-heave prevention meth
ods; the investigations have continued since 1960. The con
struction of the test sections, as shown in Figure 1, started in 

There were 16 kinds of pavement structures consisting of 
different materials and thicknesses that were adopted by the 
design standard of the Hokkaido highway specifications. Each 
experimental test section was 30 m long; the total length was 
480 m. The properties of the materials used in the subgrade, 
frost-prevention layer, and subbase course are presented in 
Table 1. 

Rigid loading plates 30 cm in diameter were buried on the 
subgrade and subbase layers as shown in Figure 2 and were 
isolated from the upper layers with a double pipe. Testing 

Sll-1 Sl-l-2a Sll-'.!b SH-3a SH-3b SH-4a SH-4b SH-5 

Topeka (TO) 1=4cm 

Coarse Graded Ascon (CGA) 1=5cm 

L1nscreened Asphalt Stabilized Layer 1=6cm 

FVA Unscreened-stabi lized Layer S-Cement 
C=l20kg/m3 Cement 80 kg/ml 

1 

Cement 100 kg/m3 

I 110 kg/m3 C=l20 kg/ml 
1=12 cm I= 12 cm I= 12 cm 1=12 cm 

I= 12 cm I - - - - - -FVA Unscreened Gravel (UG) S-Cement I 
C=SO kg/m3 

l=lS cm 
C=l20kg/m 

1=12 cm 1=12 cm 

Fine Volcanic Sand (S) FVA s FVA s 
Ash (FVA) 

1=36cm 1=30 cm t=30cm 1=30 cm 1=30cm 1=30 cm t=30cm 1=36cm - - - - - - - -
Frost-Susceptible Subgrade Soil 

SH-6 SH-7a SH-7b SH-Ba SH-Sb SH-Sc SH-9 SH-10 

TO t=4cm 1--'-=_3_c_rn~ T0t=4cm 
1-----------------------------t t=4 cm CGA 

CGA t=5cm t=5cm 
1--U-S-L----Crushed Rock Asphalt Stabilized Luyer-------< 

t=6cm t=6cm 

CVA 
C = 120 kg/m3 Max. 50.S mm 

Graded Crushed Rock (CGR) 

Max. 3S.1 mm t=12 cm 

CVA 
C=S0kg/m3 

I= 12 cm 

Coarse 

Volcanic 

Ash (CVA) 

t=36 cm 

t=25 cm 1=25 cm 

UG 
Max. SS.9mm 

1=15 cm 

t=20cm 

s 

t=25cm 

UG 
Max. 50.Bmm 

1=15 cm 

1=14cm 

Frost-Susceptible Subgrade Soil 

Position of the Buried Plate-Bearing Apparatus 

FIGURE 1 Schematic pavement sections at Bibi Test Road. 

GCR 

Max. 38.lmm 

t=25cm 
t=25cm 

UG 
Max. 50.Smm 

t=15cm 
t=15cm 

s 

1=2Scm 1=26cm 

C : Cement Content 
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TABLE 1 Engineering Properties of Subgrade and Replacement Materials 

Subbase, Frost Pre
venting Layer or 

Subgrade 

Gradation (Passing Weight %) IMocli-
fi ecJ l{ k 

!88.9 \50.8 38.l ,25.l jl9.1 19.5214.76 12.3812.00j 590 297 1491 7,1,, , 5" 'I CBR cmar ·s 
Imm mm mm mm mm n1m min mm mm ·" /J. ~t ' ' (f") 

Graded Crushed Rock 

Unsc reened G rave l 
Mox. 88.9 m m) 

Unsc reened G ruve 
(Ma~. 50.8 m m) 

I 10~ 921 soi -\ 5i 331 211 161 -I 1i -I -I 1\ -l 68 I 
I \ 100J 971 87 791 62\ 491 421 -I 141 41 1: 1[ -I 68 I 

Sand 

Fine Volcanic Ash I I I I 10°: -I -I 91! -1 szJ --l -I -I 25[ -I 53 I 
Subgrade Soll 

(r ros t-Susceptib lc) 

loads were applied to the bearing plate with an oil jack and 
load-reflecting tractor. The deflection of the bearing plate was 
measured with dial gauges that were set up on a rod horizontal 
to the pavement surface. The buried plate-bearing capacities 
on each layer were measured every year (in November) im
mediately before freezing of the pavement, again in the thaw
ing period, and once in the middle of every month from March 
to May. From 1968 to 1971, when the investigations were 
carried out, 835,000 heavy vehicles passed over this test road 
(open to traffic from October to May). The relationship be
tween the total number of vehicles and the performance of 
pavements on the basis of cracking ratios was also investi
gated. 

Table 2 presents the plate-bearing coefficients obtained on 
the subgrade and subbase courses for the 3-year period of 
investigations, before freezing and during the thawing period. 
The freezing depth of the test sections varied, depending on 

Load Tractor 

D i a l G a u g e Oil Jack 

FIGURE 2 Buried rigid plate-bearing apparatus. 

the severity of the cold in winter and the pavement structures; 
it ranged from 95 to 105 cm from the top of the pavement. 
Frost heavings in the subgrade soil ranged from 4 to 14 cm. 

CALCULATION OF DEFORMATION 
COEFFICIENTS AND DISCUSSION 
OF RESULTS 

Determination of the deformation coefficients before freezing 
and during thawing was tried for each of the following ma
terials in the layers: (a) most frost-susceptible subgrade soil 
in Hokkaido; (b) fine volcanic ash and sand used as the ma
terials of the frost-prevention layer; (c) unscreened gravel 
with maximum grain sizes of 88.9 and 50.8 mm used in the 
subbase course; and ( d) graded crushed rock used as the base 
course in southern areas. By using the plate-bearing coeffi
cients observed for each layer of the 16 test sections, the 
deformation coefficient of the layers of these materials was 
calculated using the approximate method of multilayered re
placement proposed by Ueshita (7). 

In the case for which a rigid loading plate is placed on a 
multilayered pavement as shown in Figure 3, the following 
equations are derived by Ueshita's theory: 

where 

E01 , Em E23 , £ 34 = equivalent deformation coefficients 
for the layers under Layer 1, Layer 
2, and so forth (£34 = £4); 

d1 , d2i 1 , d3 i 1 , d4i 1 = diameters of loaded area on the layer 
(d1 = 30 cm); 

E 1 , E2 , E3 , E4 = deformation coefficients for each 
successive layer from the top; and 

K30 <3l, K30 <4l = plate-bearing coefficients on Layers 
3 and 4, respectively. 
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TABLE 2 Plate-Bearing Coefficients of Each Layer 
' ~ 

Kinds of Material Measured Period b 
Plate-Dearing Coef. (kg/ cm a) 

Position a Hange of NumLer Values Average c 

S ubg rnde A 40 9.2-17.5 11.9 
(rrost- S uscepti ble) Subgrade 

B 40 5.2-15.2 9.8 

A 6 23.6-27.2 25.6 
San cl 

B 6 19.6-24.8 22.1 
Sane! 

(Frost Preve nt ing Laye r) 
A 6 10.8-15.2 13.8 

Subgracle 
B 6 9.2-14.8 12.7 

U. G. A 6 30.4-39.2 34 .5 

Unscreened Gravel (U. G.) 
!\fax. 50.8 B 6 23.6-34A 29.1 

Max. 50.8mm A 6 23.6-27.2 25.6 
Sand 

B 6 19.6-24.8 22.1 

U. G. A 8 25.2-32.fl 29.0 

Unscreened Gravel (U. G.) 
Max. 88.9 B 8 21.2 :io 1~ ~5.4 

- -
!lfax. 88.9 mm A 8 10.4-1~ ~ 11.4 

Subgrade 
B 8 8.8-12A 10.5 

C. G. R. A 10 40.8-54.8 47.7 

Grad eel Cru shed lfock Max. 38.1 il 10 33.6-44.4 38.7 
(G. C. R) 

illax. 38.1 n11n U. G. A 10 23.2-33.2 28.8 
Max. 50.8 B 10 16.8-30.8 25.1 

U. G. A 10 30.0-40.0 33.8 
Max. 50.8 13 10 22.0-30.4 26.7 

Fine Volcanic Ash 
(Frost Preventing Layer) 

A 10 10.0-16.0 12.0 
Subgnule 

B 10 8.0-15.2 10,8 

a Mca surccl on Each I.ayer. 
b A means Vnlues of Nov., ancl B means Min. Values- of !\larch-!\ lay. 

c Average or Three Years from 1968 lo 1971 

The plate-bearing coefficients are obtained from the buried 
plate loading apparatus. On the basis of the plate-bearing 
coefficients, the deformation coefficient in the lowest layer 
(subgrade) is calculated first, and then the deformation coef
ficient for the frost-preventing layer on the subgrade can be 
calculated, and then the subbase course , and so on for each 
layer. The deformation coefficient for the materials in the 
frost-susceptible sub grade soil , the frost-preventing layer, and 

d 1 =30cm 

Eo1 

' ' E, 1st Layer 
T, I \ E1: 

I \ E1 2nd Loyer 
I \ 

T, 1'2 I \ E,, 
I \ E, 3rd Layer 

I 
I I d.,3 

\ 
T,K,/ \ E,. 

I I d.i l \ \ 4th Layer 
T, ' \ E, .,. £11 

FIGURE 3 Multilayer of pavement structures. 

the subbase course of pavement structures and their decrease 
in the thawing period are presented in Table 3. 

There should be some discussion about the deformation 
coefficient for the various materials that constitute pavement 
structures. The icy layers in the frost-susceptible subgrade 
soils melt in the spring and cause a decrease in the bearing 
capacity of the subgrade and subbase courses , which even
tually leads to pavement damage. Table 3 shows the reduction 
in bearing capacities of various materials of subbase, the frost
preventing layer, and the subgrade in relation to changes in 
the deformation coefficient. According to the results, the de
formation coefficient in the spring thaw decreased 16 to 35 
percent compared with that before the freezing. The coeffi
cients for the fine volcanic ash and graded crushed rock layers 
show particularly large reductions of 35 and 31 percent, re
spectively. The reason for these large reductions is considered 
to be the relatively high proportions of particles finer than 74 
µ.m . The graded crushed rock may show a high deformation 
coefficient before freezing , and its use in the base course in 
cold areas is indeed questionable in light of the large decrease 
in the coefficient in the thawing period. These relations be
tween replaced materials and reduction ratios are in agree-
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TABLE 3 Deformation Coefficients of Pavement Layers 

Materials of Each Layer 

Subgrade Soil (Frost-Susceptible) 

Fine Volcnnic Ash 

Snnd 

Unscreened Gravel (Max. 88.9 mm) 

Unscreened Gravel (Max. 50.8 mm) 

Graded Crushed Rock (Max. 38.1 mm) 

. EA-EH 
Reductive Rate of Coef.= ~ XlOO (%) . 

ment with the experience on replaced materials in cold 
areas. 

Therefore, these results would make possible the structural 
analysis of pavements considering the reduction in bearing 
capacities of various component materials in the thawing period. 

CONCLUSIONS 

On the basis of the measurements of the plate-bearing ca
pacities on the subbase and subgrade of the Bibi Test Road 
at Tomakomai, Hokkaido, the moduli of deformation (de
formation coefficients) for the pavement layers have been 
calculated to evaluate the frost-prevention replacement method 
for pavements in cold and snowy regions. Using these coef
ficients and the elastic theory, the analysis of the pavement 
structures was conducted. The main conclusions from these 
investigations are as follows: 

1. The decrease in bearing capacity on the various pave
ment structures in the thawing period was observed by plate
bearing coefficients on the subgrade and subbase of the pave
ments with a specially designed rigid loading plate. 

2. On the basis of these coefficients, the deformation coef
ficients for the layers of these materials were calculated using 
the approximate calculating method of multilayered replace
ment. By these calculations, deformation coefficients and their 
changes are given for all the materials generally used in subgrade 
and sub base courses in cold regions before freezing and during 
thawing. It is clear that the deformation coefficient decreases 
in the thawing period by 16 to 35 percent and that the extent 
of decrease varies among the materials. The materials con-

Deformation Coef. (kg/cm2
) 

Before 
Freeze EA 

After I Red uc1ive 
Thaw En Rac e (%)• 

210 170 19 

830 540 35 

950 770 19 

2,080 1,750 16 

2,120 1,560 26 

2,630 1,820 31 

taining fine volcanic ash and graded crushed rock show an 
extraordinarily large decrease. 
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Seasonal Changes in the Longitudinal 
Profile of Pavements Subject to 
Frost Action 

EDWIN C. NOVAK, JR., AND LEO E. DEFRAIN, JR. 

The use of profilometers for determining pavement surface rough
ness has been gaining favor because the results of profilometers 
are accurate and reproducible. It will be illustrated that using 
longitudinal profile has far greater utility th<in simply determin
ing pavement rough ness. The winter and summer longitudrnal 
profile of three sites from each of three project arc presented 
to illu trate h w these data can be u ed to determine cause of 
deterioration, appropriate maintenance, rehabilitation, and re
construction treatments to improve ride quality, and cause of 
surface roughness. Another proposed use for longitudinal profile 
data is to estimate the ride quality that can be expected as a result 
of overlaying an existing pavement. 

Response-type roughometers, contact and noncontact profi
lers, and a line of levels are all methods that can be used to 
establish the roughness of pavement surfaces. Generally, 
roughometers are least accurate and the line of levels is the 
most accurate. The cost of data collection, which should in
clude the cost of equipment, has the roughometer as the least 
expensive method and the line of levels as the most expensive 
method. The result has been the increased use of profilom
eters for determining ride quality because of their interme
diate cost and high level of accuracy and reliability. Highway 
agencies tend to key in on a subjective ride quality index such 
as the present serviceability index (PSI) or the international 
roughness index (IRI) as the most important pavement sur
face characteristic because it identifies pavement sections whose 
ride qualities are no longer acceptable. Whereas roughome
ters provide roughness index numbers only, profilometers 
provide a pavement surface's longitudinal profile, which can 
be used to determine what to do to correct unacceptable ride 
quality. Existing differences between winter and summer lon
gitudinal profiles, the reasons for the differences, and the 
potential uses of such information are illustrated here. 

INVESTIGATIVE PROCEDURE 

The Michigan Department of Transportation (MDOT) uses 
a GM-type noncontact profilometer for establishing rough
ness and faulting characteristics of each 0.1-mi segment of its 
approximately 12,500 directional-mi trunkline system. The 
longitudinal profile is measured in the right wheelpath at 3-
in. intervals. The elevation is measured to an accuracy of 
± 0.01 in. The profilometer was designed and constructed by 

Materials and Technology Division, Michigan Department of Trans
portation, P.O. Box 30049, Lansing, Mich . 48909. 

the Instrumentation and Data Systems Unit and the Structures 
Research Unit of MDOT's Materials and Technology Division. 

MDOT collects roughness data statewide once a year. Data 
collection begins in June and is completed in October. Several 
of the more northern districts indicated a need to establish 
the roughness of their pavements during the winter when frost 
heaves, tenting, and other factors were claimed to cause a 
seasonal decline in pavement ride quality. In response to this 
request, approximately 500 mi of longitudinal profile data 
were collected in February 1991 for comparison with profile 
data collected the previous summer. 

The longitudinal profiles of pavements are plotted on grid 
paper. Winter profiles are always plotted above summer pro
files. Although to view a roll of continuous longitudinal profile 
is most informative, the short 200-ft-long sections presented 
in this paper are suitable to illustrate the factors that influence 
the pavement's longitudinal profile. Presented are nine ex
amples of important causes of composite pavement deterio
ration that can be identified by longitudinal profiles. Longi
tudinal profile data are equally useful for rigid and flexible 
pavements. 

Figure 1 illustrates the overlay of unrepaired portland ce
ment (PC) concrete pavement for which the transverse joints 
have deteriorated due to D-cracking. Figure 2 shows the win
ter cross section, when frost tenting action in the deteriorated 
PC concrete material causes a localized frost heave. Fines that 
form as a result of D-cracking pump on thawing, as shown in 
Figure 3. The loss of fines because of pumping causes sum
mertime depressions, as shown in Figure 4. If the base layer 
is frost-susceptible, the PC concrete slabs may tilt or fault 
because of frost action. When the slabs tilt, the back slabs 
rise at the deteriorated joint, and the fore slabs depress (typ
ical of faulting caused by pumping), as shown in Figure 5. 

BASE 

FIGURE I Typical overlay of unrepaired PC concrete 
pavement. 
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BASE 

FIGURE 2 Localized frost-heave tenting of deteriorated PC 
concrete joints and cracks. 

P.C. CONC. 

BASE 

. LOSS OF FINES 
DUE TO PUMPING 

FIGURE 3 Loss of tines from deteriorated joints and cracks 
occurs during thawing when traffic recompacts frost-heaved 
joint or crack area. 

RECOMPACTION 

BASE 

FIGURE 4 Loss of fines at deteriorated joints and cracks leads 
to surface depressions during summer. 

BASE 

FIGURE 5 Bituminous overlays are also subject to differential 
frost heave in the base layer that causes PC concrete slabs to 
tilt. 
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Frost action in the base layer can also cause the fore slab to 
rise above the back slab at joints and cracks, as shown in 
Figure 6. The previously described causes of seasonal changes 
in longitudinal profiles can be seen in longitudinal profiles 
shown in Figures 10, 11, 12, 15, and 16. 

Figure 7 illustrates the overlay of a PC concrete pavement 
for which the D-cracked material is removed and replaced 
with bituminous concrete patching material. In winter, the 
PC concrete slabs contract, and some lateral movement of 
the bituminous joint repair material may cause a depression 
in the repair area, as shown in Figure 8. In summer, expansion 
of the PC concrete slabs compresses the bituminous repair 
material, causing a bump to occur, as shown in Figure 9. The 
causes for seasonal changes in longitudinal profile are shown 
in Figures 13 and 14 . 

TRAFFIC 
DIRECTION .. 

FIGURE 6 Tilting of PC concrete slabs caused by differential 
frost heave can be opposite tilting associated with faulting of 
joints and cracks. 

BASE 

FIGURE 7 Typical bituminous joint repair before bituminous 
overlay. 

RECOMPACTION 

BASE 

FIGURE 8 Expansion of PC concrete slabs compresses 
bituminous repairing material, causing it to form a bump in 
pavement surface. 
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BASE 

FIGURE 9 A depression may form in repair areas when PC 
concrete slabs contract in winter. 

FIGURE IO M-115 eastbound; rigid pavement 1940; overlaid 
with bituminous concrete in 1987; distress condition = 36 
points. 

FIGURE 11 M-115 eastbound; rigid pavement 1940; overlaid 
with bituminous concrete in 1987; distress condition = 65 
points. 

Figures 10 through 18 show the winter (top) and summer 
(bottom) profiles of selected composite pavements. The route, 
pavement type, age of layers, and current distress conditions 
are presented in each figure's title. The IRI of each profile is 
presented adjacent to the profile. Note that no attempt was 
made to determine the IRI value from the approximately 200-
ft-long profile shown. MDOT reports roughness for each con
tiguous 0.1-mi segment for the entire trunkline system. The 

100 FT 

FIGURE 12 M-115 eastbound; rigid pavement 1940; overlaid 
with bituminous concrete in 1987; distress condition = 70 
points. 

100 FT 
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FIGURE 13 M-50 westbound, rigid pavement 1953; overlaid 
with bituminous concrete in 1985; joint repairs (Details 7 and 8) 
completed before overlay; distress condition = 18 points. 

100 FT 

FIGURE 14 M-50 westbound; rigid pavement 1953; overlaid 
with Tensar-reinforced bituminous concrete in 1985; joint 
repairs (Details 7 and 8) completed before overlay; distress 
condition = 14 points. 

IRI value indicated is the IRI value for the 528-ft segment 
that includes more than half the 200-ft-long profile shown. 
MDOT uses a distress point system for indicating pavement 
surface condition (1). A new pavement free of distress starts 
with 0.0 distress points. When 50 distress points have been 
accumulated, the pavement is considered to be in unaccept-
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FIGURE 15 M-50 westbound; rigid pavement 1953; overlaid 
with bituminous concrete in 1985; cracked and severed at 20-ft 
centers; distress condition = 20 points. 

100 FT 

FIGURE 16 US-2 westbound; rigid pavement 1936; overlaid 
with bituminous concrete in 1952 and 1976; distress condition 
= 24 points. 

able distress condition. MDOT also considers an IRI of less 
than 100 in./mi to be of excellent ride quality and one greater 
than 250 in./mi to be of poor ride quality. 

From Figures 1through9, the pavement performance char
acteristics illustrated by each profile are briefly explained . The 
seasonal effects on longitudinal profiles are also discussed in 
terms of difference in winter and summer ride quality. 

EVALUATION OF LONGITUDINAL PROFILES 

Figures 10 through 12 are taken from the Michigan Test Road 
constructed in 1940 (2,3). Since then the pavement has been 
overlaid twice. Two frost effects are illustrated. The first is a 
frost tenting action that occurs at the joints. The PC concrete 
deteriorates to a dense-graded gravel (Figure 2), which in 
turn frost heaves in the winter and returns, on thawing , to its 
original surface level as a result of traffic compaction. Usually 
fines are lost through transverse cracks (Figure 3) as a result 
of frost heave and recompaction cycles. Hence, in summer, 
the area about the joints is depressed (Figure 4) in comparison 
with the adjacent pavement. The other frost effect is frost 
heaving of the supporting material, usually a base layer. Frost 
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FIGURE 17 US-2 westbound; rigid pavement 1936; overlaid 
with bituminous concrete in 1952 and 1976; distress condition 
= 71 points. 

FIGURE 18 US-2 westbound; rigid pavement 1936; overlaid 
with bituminous concrete in 1952 and 1976; distress condition 
= 37 points. 

heave usually causes a tilting of PC concrete slabs of the type 
shown in Figure 5. 

The winter longitudinal profile of Figure 10 shows that joint 
spacing is 30 ft and that all joints are tenting in the winter 
but only two joints are depressed in the summer. The left half 
of the winter profile indicates that the slabs are tilting as a 
result of frost heave in the slab support material (base), whereas 
the slabs in the right half are not tilting. The right half of the 
profile indicates that frost action in the support material smooths 
the somewhat irregular summer profile. The tenting and slab 
tilting caused by frost action make winter ride quality worse 
than that of the summer but the difference, in this case, is 
not large. Profiles such as Figure 10 illustrate the nonuniform 
performance of pavement sections as short as 200 ft. 

Figure 11 is taken in another location in which tenting and 
differential frost heave of slab support material are occurring 
as shown in Figure 5. It can also be seen that most joints are 
losing fines, hence upon thawing are depressed, adding to 
summer roughness. The wint~r to summer change in rough
ness of 268 to 102 in./mi is highly significant since winter ride 
quality is in the unacceptable range (> 250) while the summer 
ride quality is near the excellent ( < 100) range. 

Figure 12 is taken in yet another location in which tenting 
and loss of fines at the joints are the only major causes for 
differences in winter and summer profiles. However, note that 
the irregular summer profile in the area of the second and 
third joint from the right is leveled by frost action in the slab 
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support material. As with the Figure 11 profiles, winter rough
ness is near the unacceptable level, yet the summer ride qual
ity is very good. A pavement such as that shown in Figure 12 
would be a good candidate to replace deteriorated joints with 
dowelled PC concrete patches. The resulting ride quality should 
be somewhat improved over its current summer ride quality. 
However, with the joint spacing of 30 ft and a cost of roughly 
$1,000/patch the repair cost would be $176,000/lane-mi. If the 
joint spacing were 99 ft , as in Figure 13 , the cost to repair 
would be one-third as much . The shorter the joint spacing, 
the less repairable the pavement and the higher the cost of 
preventive and routine maintenance. 

Figures 13, 14, and 15 come from an experimental test road 
on which various methods of overlaying PC concrete pave
ment were studied (4) . The sections of pavement shown in 
Figures 13 and 14 were repaired with bituminous Detail 7 and 
8 joint repairs before being overlaid. Detail 7 and 8 repairs 
consist of removing loose and deteriorated PC concrete and 
replacing it with a bituminous concrete mixture (Figure 8). 
For the Figure 14 section, Tensar reinforcing was added to 
attenuat~ reflective cracking. For Figure 15, the PC concrete 
was cracked and severed into 20-ft lengths before overlay. 

Figure 13 (Detail 7 and 8 joint repairs before overlay) shows 
that winter's ride quality is better than summer's. The reason 
is that Detail 7 and 8 were completed in cooler weather; as 
the slabs warm, they increase in length and the bituminous 
joint repair material is squeezed together to form a mound, 
as Figure 9 illustrates. In winter, the mound is recompacted 
somewhat by traffic, but at low temperatures the bituminous 
concrete joint repairs are too stiff for traffic to recompact 
completely. The base layer provides good all-season support 
for the PC concrete slabs that, by measuring the distance 
between bumps, have 99-ft joint spacing. With time, slab 
length should increase, thus increasing the bump's amplitude 
until causing serious ride quality problems. The 18-distress
point condition of this section indicates there are 18 transverse 
cracks per 528 ft. However , the cracks are too fine to show 
up on the profile . 

Figure 14 (Tensar-reinforced bituminous overlay) shows 
that the winter ride quality is better than the summer ride 
quality, and there is little change in winter and summer pro
files. This indicates that the base layer is frost-free and pro
vides good all-season support. It is interesting to see that the 
joint cracks have nevertheless penetrated Tensar-reinforced 
bituminous concrete. The distress condition, in which 14 points 
have been accumulated, indicates there are 14 pronounced 
transverse cracks per 528 ft for an average spacing of a little 
more than 35 ft. 

Figure 15 (cracked and severed at 20-ft centers) further 
shows that the winter ride quality is better than that in sum
mer. The cracking of slabs and severing at 20-ft centers pro
vides the roughest and most distressed alternative of the three 
test sections shown in Figures 13 through 15. The 20-ft spac
ings at which the slabs were severed are easily seen in the 
profile, as are the 99-ft joint spacings. The primary reason 
for improved winter ride quality is the reduced amplitude of 
the profile at the joint areas, presumably due to shrinkage of 
the PC concrete slabs. 

Figures 16, 17, and 18 are all profiles from same project or 
pavement section . The old PC concrete, which was con
structed in 1936, was overlaid with bituminous concrete in 
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1952 and again in 1976. The pavement is in an urban area 
that has a speed limit of 35 mph. The three profiles illustrate 
how much change there can be in the longitudinal profile 
within the limits normally considered as a homogeneous proj
ect length . The degree of variation in ride quality and distress 
condition from profile to profile should be noted. 

Figure 16 (old PC concrete pavement twice overlaid) shows 
that the winter ride quality is much worse than that in summer 
and that in both seasons it is unacceptable. The highly irreg
ular profile, the good distress condition, and the irregular 
nature of frost heave does not fit a recognizable pattern. In 
this case the longitudinal profile would simply indicate that 
to determine the cause of deterioration and the difference 
between winter and summer profiles would require detailed 
distress data. The profile gives no evidence that there is an 
underlying PC concrete pavement , which could indicate that 
it has significantly deteriorated to gravel. Distress data would 
indicate such an occurrence. 

Figure 17 (old PC concrete pavement twice overlaid) in
dicates the winter ride quality is better than that in summer, 
although both are good. Here again, the better winter ride 
quality is associated with the apparent absence of frost action. 
However, the distress condition (71 points) is unacceptable. 
This profile was selected because the PC concrete slabs are 
apparently tilted the wrong way [i.e., the fore slabs (at cracks 
and joints) are higher than are the back slabs, as shown in 
Figure 6]. The cause for this unusual behavior cannot be 
determined on the basis of profile data alone. However, it is 
clear from the profiles that the PC concrete slabs are not 
deteriorated. 

Figure 18 (old PC concrete pavement twice overlaid) in
dicates that winter ride quality is worse than the summer ride 
quality. The middle 250 ft have a fairly smooth profile com
pared with the SO-ft-long right and left ends of the profile. 
The 250-ft-long flat profile is a grade lift in which a granular 
separation course is placed over the existing pavement surface 
before resurfacing. This is a standard practice that produces 
the erratic profile illustrated by Figure 18. The Michigan prac
tice of reporting roughness data for each 528-ft segment tends 
to mask the true variability of pavement surface roughness. 
Nevertheless, the difference in ride quality of the direct PC 
concrete overlays compared with that of overlay on the sep
aration course, which removes irregularities in the profile of 
old PC concrete surface, is obvious from the profile itself. 

SUMMARY 

Three sections of pavement were selected from each of three 
different projects to illustrate the seasonal change in rough
ness and the utility of using the longitudinal profile to deter
mine why the ride quality seasonally changes and deteriorates 
with time. This information should be valuable to any agency 
that seeks to provide uniformly good ride quality . 

It is suggested that longitudinal profile data be available 
for an agency's entire highway system. For a state such as 
Michigan, the 12,500 mi . of summer and 12,500 mi . of winter 
longitudinal profile data would require approximately 2,000 
M of data storage . Data could be stored on 15 M cartridges 
that cost about $25 each, or $350 of profile data for the year. 



100 

Profile data has several potential uses. One use is for the 
development of maintenance, rehabilitation, and reconstruc
tion (MR&R) projects . The theory is to identify the MR&R 
treatment that has the lowest life-cycle cost. Using M-50, 
Figures 13, 14, and 15, for example, dowelled joint repairs 
at an average of 55 repairs per lane-mile would cost approx
imately $55,000/lane-mi. A thin overlay should cost about 
$30,000/lane-mi. Such a treatment may be reasonable from 
the standpoint that the existing pavement is not subject to 
frost action and that, although deterioration of the transverse 
joints is the primary cause of surface roughness, the rate of 
deterioration is slow. Even the length of patches can be de
termined as shown in Figure 13. The two joint areas shown 
should be replaced with about 15-ft patches to provide a smooth 
longitudinal profile . 

Another use is to determine the type of pavers and number 
of layers that must be specified if the as-constructed pavement 
is to meet or exceed minimum required ride quality. MDOT 
has developed software that, given existing profile, type of 
paver, and layer thickness, will simulate the resulting profile 
for each of any designated number of layers. Utility software 
could be written to give pavement design engineers the ability 
to predict ride quality and to specify types of acceptable pavers 
and number of layers. This information is essential to man
agement systems for estimating the improvement in ride qual
ity provided by alternative MR&R treatments . 

A third use is to develop software that would automate the 
analysis of winter with summer profiles . Sections of pavement 
subject to each major cause of frost action could be identified, 
as could sections that are not affected . The data could then 
be reported in any way that would most help the MR&R 
program or project development process . 
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CONCLUSIONS 

1. Profilometers are significantly underutilized if their only 
purpose is to calculate a roughness index. 

2. Pavements subject to frost action are rougher in the win
ter than in the summer. 

3. Pavements that are not subject to frost action tend to be 
rougher in the summer than in the winter. 

4. The longitudinal profile provides a means of determining 
cause of pavement deterioration and surface roughness. 

5. Pavement surface roughness and distress condition are 
not necessarily correlated. 

6. Longitudinal profile data should be available to aid the 
MR&R program and project development process . 

7. The longitudinal profile should be used to estimate 
roughness of the surface of proposed bituminous concrete 
overlay projects. 
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Monitoring Soil Suction in an 
Indoor Test Track Facility 

J. Lor, D. G. FREDLUND, J. K. GAN, AND R. A. WIDGER 

Tests on a full-scale pavement were conducted in an indoor con
trolled environment, the pavement track testing facility operated 
by the Saskatchewan Department of Highways and Transporta
tion. The tests were conducted to evaluate the performance and 
reliability in using thermal conductivity sensors to measure matric 
suction in the subgrade under field conditions. Thermal conduc
tivity sensors were installed at various locations and depths to 
monitor the matric solutions under the pavement structure. The 
thermal conductivity sensors were found to produce reliable and 
stable readings of the in situ matric suction over a long period of 
time. The effects of repetitive wheel loadings as well as ponding 
of the side slopes were investigated. 

Highway embankments are elevated earth structures. The 
subgrades of the embankment are nearly always unsaturated. 
A knowledge of the negative pore-water pressures is necessary 
to the understanding of the behavior of the subgrade soils 
with respect to shear strength, volume change, and flow (1 ,2). 

Thermal conductivity sensors appear to be a promising de
vice for measuring matric suction. Two types of thermal con
ductivity sensors are currently available. One type uses a 
thermocouple; the other uses an integrated circuit as the 
temperature-sensing device. The integrated circuit-type sen
sors were used in this research program. A cross-sectional 
diagram of an integrated circuit-type thermal conductivity 
sensor is presented in Figure 1. The thermal conductivity 
sensor uses an indirect method for measuring matric suctions 
on the basis of thermal conductivity of a standard porous 
ceramic. The development of the thermal conductivity sensors 
has been discussed by Fredlund (3). 

OBJECTIVE OF RESEARCH 

The objectives of this program were as follows: 

1. To evaluate the use of thermal conductivity sensors for 
measuring matric suctions in pavement subgrades over a long 
period of time, 

2. To evaluate the effect of repetitive wheel loadings on 
the pavement structure and on the in situ matric suctions in 
the subgrade, and 

3. To evaluate the response of the pavement structure and 
the in situ matric suctions of the subgrade to the ponding of 
water against the sideslopes of the embankment. 

1. Loi, Clifton Associates, 101-108 Research Drive, Saskatoon, Sas
katchewan, Canada. D. G. Fredlund and J. K. Gan, University of 
Saskatchewan, Saskatoon, Saskatchewan, Canada S7N OWO. R. A. 
Widger, Saskatchewan Highways and Transportation, 1855 Victoria 
Avenue, Regina, Saskatchewan, Canada S4P 3V5. 
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FIGURE 1 Cross-sectional diagram of 
integrated circuit-type thermal conductivity 
sensors. 

When a new sensor is being evaluated for its acceptability in 
measuring matric suction, it is important that laboratory stud
ies be done on the sensor before its installation in situ. Many 
laboratory studies have been done on the thermal conductivity 
sensors, and their performances have been quite promising 
( 4). It is fitting that the sensors be installed in the indoor test 
track for a study of their performance because this facility has 
a controlled environment. An evaluation can then be done 
on the acceptability of using these sensors in situ installations 
in highway subgrades. 

DESCRIPTION OF TEST TRACK FACILITY 

The test track facility of the Saskatchewan Department of 
Highways and Transportation is located in Regina, Saskatch
ewan, Canada. The facility is housed in a fully insulated, 
dome-shaped, ribbed-plywood building. The circular track is 
15.84 min diameter and is divided into five segments. These 
are labeled as Segments 0, 1, 2, 3, and 4 in Figure 2. 

Segments 0, 2, 3, and 4 have concrete barrier walls that 
confine the track. Segment 1 has an unconfined outer side
slope that allows for the simulation of a typical shoulder with 
a sideslope embankment configuration. Only Segment 1 was 
instrumented for this study. 

The test track carries normal dual-wheel tires mounted on 
a single-arm, twin parallel I-beam gantry. The lateral position 
of the wheels can be varied to simulate actual field conditions, 
because vehicles tend to wander across the width of the driving 
lane. The system can apply loads of up to 54 kN and can 
operate at speeds up to 32 km/hr. In this program, a wheel 
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2.51 m 2.51 m 
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The upper 300 mm of the Regina clay was compacted to 100 
percent maximum standard ASSHTO density. The lower 600 
mm of the Regina clay was compacted to 95 percent maximum 
standard AASHTO density. Below this structure was another 
500 mm of Regina clay, which was nominally compacted. 

The foundation soil in Section 1B was made up of 1200 mm 
of a glacial till from the Indian Head area. The upper 600 
mm of the till was compacted to 100 percent maximum stan
dard AASHTO density. The lower 600 mm of the till was 
compacted to 95 percent maximum standard AASHTO den
sity. This section was also underlain by 500 mm of nominally 
compacted Regina clay. 

The Regina clay has a liquid limit of 66.5 percent, a plas
ticity index of 34.0 percent, and standard AASHTO maximum 
dry density of 1.410 mg/m3 at the corresponding optimum 
water content of 28.0 percent. The Indian Head till has a 
liquid limit of 34.5 percent, a plasticity index of 14.4 percent, 
and standard AASHTO maximum dry density of 1.765 mg/m3 

at the corresponding optimum water content of 17 .0 percent. 
Both sections lA and lB were placed on 200 mm of sand 

with an embedded plastic membrane. On the top, both sec
tions were overlaid with 40 mm of hot-mix asphaltic concrete. 

FIGURE 2 Plan of Saskatchewan Department of Highways 
and Transportation test track facility. 

Nineteen thermal conductivity sensors were installed in Sec
tion lA and lB. The locations of the 19 sensors are shown 
in Figure 3. The installation of the sensors proceeded as fol
lows. First, a 76-mm-diameter hole was drilled vertically to 
within 50 mm of the intended level of the sensor. A smaller 
hole, the size of the sensor (which is 25 mm in diameter) was 
then drilled from the base of the 76-mm-diameter hole. The 
hole was cleaned using compressed air before the sensor was 
gently pushed into place in the smaller hole. This mode of 
installation ensured good contact between the sensor and 
the soil. The hole was backfilled in layers with cuttings from 
the drilling operation and was compacted with a compaction 
hammer. 

load of 40 kN and a tire pressure of 350 kPa were used with 
a speed of 6 to 7 km/hr. 

SUBSOIL PROFILE AND INSTALLATION OF 
INSTRUMENTATION 

Segment 1 was constructed with a sideslope of 4:1 and was 
divided into two sections: Section lA and Section lB. 

In Section lA, the foundation material consists of 300 mm 
of sand underlain by 900 mm of highly plastic Regina clay. 

The sensors were installed dry in each of the prepared drill 
holes. There were, however, some exceptions. Before the 
sensors were installed in some of the deep holes (e.g., Sensors 
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FIGURE 3 Location of thermal conductivity sensors in Sections IA and lB. 
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FIGURE 4 Location of neutron tubes and 
survey control points. 

419, 427, 424, 426, and 425), some water was added to the 
hole. This unfortunate procedure was adopted at the discre
tion of the on-site engineer because of the difficulty of in
stallation at those depths. 

Six neutron tubes were installed for water content mea
surements. Seven survey control points, each consisting of a 
100-mm-long nail driven through the pavement surface, was 
established to monitor movements . The locations of this in
strumentation are shown in Figure 4. 

DESCRIPTION OF TESTS 

Installation of the thermal conductivity sensors was completed 
on July 15, 1987. Suction readings were taken immediately 
and monitoring was continued for more than a year before 
the first wheel load test. The wheel load test consists of run
ning the dual wheels at speed of 6 to 7 km/hr. The load on 
the dual wheels was 4000 kg (9000 lb), and the tire pressure 
was 350 kPa (50 psi). During the initial monitoring period, 
an automated data acquisition system was used to read the 
thermal conductivity sensors on an hourly basis. 

The preliminary wheel load test was commenced on July 
27, 1988. During this period the automated data acquisition 
system was programmed to record matric suction readings at 
the lOOth, 200th, 400th, 800th, and l,600th passes of the wheels. 
However, at the 58th pass excessive deformation of the sub grade 
occurred in Section lB (till section) near the interface with 
Segment 2. The test was terminated to allow for the repair 
of the track. 

Wheel load tests were resumed on October 17, 1988. This 
test continued to 613 passes, and excessive deformations of 
up to 25 mm were evident near the end of Section lB. 

Water was introduced into the ditch in Sections lA and lB . 
It took approximately 66 min to raise the water level to within 
150 mm below the upper sand layer of Section lA. In other 
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words, no water was allowed to enter the upper sand layer 
just below the asphaltic pavement in Section lA. The water 
level was checked frequently to ensure that it was maintained 
at the required level. 

The area was drained on January 16, 1989, by pumping 
water from the flooded area . The water was discharged out
side the building. Draining was completed in about 60 min. 

A second wheel load test was performed on February 15 , 
1989. In this test, excessive deformations occurred in Section 
lB . Excessive deformations also occurred at the boundary 
of Sections lA and lB after about 155 wheel passes. The 
deflection and the rebound of the pavement was as much 
as 20 mm . 

PRESENTATION OF RESULTS 

Long-term, stable measurements were obtained from the 
thermal conductivity sensors . Some typical data obtained over 
a monitoring period of 1 year are presented in Figures 5, 7, 
and 8. These data were collected before the wheel loading 
tests and the infiltration test. 

The data presented in Figure 5 were from sensors installed 
in the Indian Head till subgrade in Section lB . The sensors 
were initially air-dried and were installed in dry holes. The 
average water content of the till measured at that time was 
11 percent. This water content is lower than the as-built water 
content of 18 percent, indicating that significant drying of the 
subgrade had occurred since the section was constructed. A 
water content of 11 percent corresponds to a matric suction 
value of about 110 kPa (Figure 6) . The sensors took in water 
from the surrounding soil, and the matric suction of the sen
sors decreased until equilibrium was established between the 
sensors and the soil. With the exception of Sensors 897 and 
733, stable consistent matric suction values of about 50 to 100 
kPa were recorded . The higher matric suction values recorded 
by Sensors 897 and 733 could be due to the soil 's being drier 
at these locations or to faulty functioning of the sensor. Sensor 
897 was near the exposed sideslope, and Sensor 733 was near 
the edge of the pavement, fairly close to the exposed side
slope. Water may have been lost from the soil at these lo
cations because of evaporation, resulting in increased matric 
suction values. 

The data presented in Figure 7 were from sensors installed 
in the Regina clay subgrade of Section lA. Again these sen
sors were installed in an air-dried state into dry holes . The 
long-term equilibrium matric suction values recorded by the 
sensors installed in the Regina clay subgrade of Section lA 
were from about 400 to 500 kPa. These measurements were 
near the upper limit of the range of the sensor. The average 
water content measured was 15 percent, which was much 
lower than the as-built water content of 28 percent. This con
firmed that significant drying of the subgrade had occurred 
since the section was constructed. 

Sensor 865 recorded a consistently lower matric suction 
value of between 200 and 250 kPa . This could be due to the 
soil's being wetter at the location of Sensor 865. Sensor 650 
recorded matric suction values of approximately 400 to 425 
kPa over about 250 days . The matric suction then decreased 
to a value of about 200 kPa and remained at that value for 
about 100 days before increasing and approaching the initial 
record value of about 400 kPa. Sensor 650 was located just 
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FIGURE 5 Long-term matric suction readings in till subgrade of Section 18. 

below the upper sand layer and was close to the surface. The 
reduction in matric suction may have been due to the acci
dental spillage of water on the pavement and the eventual 
seepage of the water to the sensor location. This suggests the 
possible existence of cracks in the pavement structure. 

Data from sensors that were installed with prior wetting of 
the bottom of the drillholes are presented in Figure 8. The 
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matric suction values were observed to decrease rapidly to values 
of less than 30 kPa and remained low over the entire monitoring 
period. The prewetting of the hole was an unfortunate inno
vation to the installation procedure inasmuch as the added water 
appeared to redistribute slowly throughout the soils. 

The responses of the thermal conductivity sensors during 
the filtration test are presented in Figures 9 and 10. Data 
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FIGURE 6 Water content-versus-matric suction relationships of slurried samples of Regina 
clay and Indian Head till. 
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FIGURE 7 Long-term matric suction readings in Regina clay subgrade of Section IA. 
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FIGURE 9 Responses of thermal conductivity sensors in Section lA to infiltration test. 

presented in Figure 9 were obtained from sensors located in 
the Regina clay subgrade of Section lA. The responses of 
these sensors showed that the water traveled to the sensor 
locations in a matter of a few hours to a day after flooding. 
The matric suction values decreased to zero rapidly (less than 
one hr , in some cases) . The high flow of water suggests an 
extensive network of secondary desiccation cracks in the clay. 
Extensive cracks will lead water into the sand layer at the 
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base, conveying water rapidly to the interio1 section of the 
subgrade. In addition, observations made during the exca
vation to retrieve the sensors at the end of the program showed 
that there were preferential flows along the wires leading to 
the sensors . This was probably due to a poor backfilling pro
cedure for the sensors . 

In Section lB , the responses of the sensors were more 
varied; some sensors showed a considerably slower and more 
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FIGURE 10 Responses of thermal conductivity sensors in Section 18 to infiltration test. 
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gradual infiltration of water to the sensor locations (Figure 
10). The rapid reduction in matric suction recorded by Sensors 
899 and 662 suggests that there was preferential flow along 
the till-clay interface. Sensors 899 and 662 were in the till, 
close to the till-clay interface . Sensors 897 and 900 also reg
istered a rapid response. Sensor 897 was located near the 
sideslope, and Sensor 900 was about 500 mm above the till
clay interface near the edge of the pavement structure. Sen
sors 733, 870, and 906 showed a gradual wetting, taking from 
2 days to about 2 weeks to reduce to zero suctions. These 
sensors were located farthest from the sideslope and from the 
sand base. It may thus be concluded that secondary desic
cation cracking is less widespread in the till than in the clay. 

Heave measurements were conducted throughout the 
ponding period. The results are presented in Figure 11. Re
sults show that the swelling potential of Regina clay is sub
stantially greater than that of Indian Head till. Cracks were 
observed on the pavement. Cracking was found to be more 
severe in Section lA, which was constructed over the Regina 
clay subgrade . Cracks were as wide as 5 mm. 

Neutron probe water content measurements obtained for 
the period of November 20, 1989, to February 16, 1990, con
firmed that the soils were saturated as a result of the infiltra
tion test. 

The average initial water content of the upper clay layer in 
Section lA before the infiltration test was about 15 percent. 
Neutron probe measurement after infiltration test showed 
that the water content had increased to ab ut 40 percent 
(Figure 12) at elevations below the maximum ponding water 
level, which was at an elevation of 1600 mm. This corresponds 
closely to the saturation water content of the clay (a water 
content of 40 percent at saturation gives a void ratio of 1.1 
assuming a specific gravity of 2. 7 for the solids) . Water content 
versus matric suction relationships presented in Figure 6 showed 
that Regina clay had zero matric suction when the water con
tent reached about 40 percent . This relationship was obtained 
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from slurried samples using thermal conductivity sensors for 
the matric suction measurements . The water contents ob
tained using the neutron probe device agreed well with the 
gravimetric water content measurements conducted on sam
ples retrieved near the neutron tube locations on February 
15, 1989, 1 day before the draining of the sideslopes. Sample 
C12 was taken from an elevation of approximately 1180 mm 
near Neutron Tube 1, and Sample C22 was taken from an 
elevation of about 1200 mm near Neutron Tube 2 (Figure 
12). These samples showed water contents of 42 .3 and 41.8 
percent, respectively. 

In the till section (i.e., Section lB), the average initial water 
content before ponding was about 11 percent. Neutron probe 
measurements after the infiltration test showed that the water 
content had increased to values of 20 to 30 percent. Water 
content-versus-matric suction relationships presented in Fig
ure 6 showed that the till had matric suction values of zero 
when the water content reached about 30 percent. At Neutron 
Tube 5, which is on the sideslope, water contents of about 
30 percent were measured (Figure 13). Water content data 
at elevations 1612 and 1460 mm indicated that the soil near 
the surface was drying out. The wetting of the soil at these 
elevations , after drainage of the sideslope, might have been 
caused by the spraying of the pavement surface with water 
(for an unknown reason) . Neutron Tube 6 was within the 
asphalt pavement section. Water content measurements 
from Tube 6 showed that the soils became progressively 
drier toward the surface, which is to be expected because 
of evaporation. 

Matric suction values of less than zero were recorded for 
some of the sensors after ponding. Thermal conductivity sen
sors measure matric suction indirectly by correlating the tem
perature rise when a controlled heat pulse is applied for 1 
min. In the integrated circuit-type thermal conductivity sen
sor, the temperature rise is converted into a voltage reading. 
The calibration curve of a sensor used in this program is 
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FIGURE 11 Heave measurements in Sections IA and 18. 
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FIGURE 12 Neutron probe water content and gravimetric water content measurements in Section IA. 
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FIGURE 14 Typical thermal conductivity sensor calibration 
curve. 

presented in Figure 14. Because of the higher thermal con
ductivity of water in comparison to air, a saturated tip at zero 
matric suction will register the lowest temperature rise be
cause of the high heat loss from the water. The temperature 
rise is a function of the degree of saturation of the ceramic 
tip and not of the pressure of the water. The sensor, therefore, 
cannot measure positive pressures. Negative matric suction 
readings may be due to the following reasons: 

1. The sensor tips were not large enough to contain the 
heat pulse completely within the porous ceramic. In this case, 
the heat loss will be affected by the surrounding soil medium. 
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The calibration obtained will then be in error when installed 
in a different soil medium. 

2. The sensor tips were broken in the process of installation, 
resulting in tips that were not large enough to contain com
pletely the heat pulse. 

3. With time, the ceramic deteriorated in the ground, par
ticularly in a ponded condition under positive water pressures. 
The ceramic changes from a rigid structured medium to a 
structureless mass of soil-like material, altering the charac
teristics of the sensor tip. 

4. The sensor tips were not fully saturated at zero matric 
suction during the calibration process. Positive water pres
sures will compress the air within the pores of the tip and 
force more air into water. Or, the tip simply got more satu
rated under prolonged submergence. 

5. A gap existed between the sensor and the soil. A water
filled gap, particularly in conjunction with tips that were not 
large enough to contain the heat pulse, could result in higher 
heat loss. 

6. Prolonged submergence caused a breakdown of the 
electronics. 

Upon retrieval of the sensors at the end of the study, it was 
found that the sensor tips were quite soft and that most of 
them disintegrated upon handling. 

There were no noticeable immediate or long-term effects 
on the matric suction readings due to wheel loadings, even 
though the loading tests resulted in severe deformations. The 
surface profiles before and after the wheel loading test of 
February 15, 1989, are presented in Figures 15 and 16, re
spectively. The initial track surface was rougher over the Re
gina clay subgrade section. The deformations, however, were 
more severe over the till section. The till was compacted 
slightly wetter than optimum and had low matric suctions. 
The till section, in comparison, was inferior to the clay section, 
which had much higher matric suctions. 
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CONCLUSIONS 

The conclusions from this research program can be summa
rized as follows: 

1. Long-term stable and reliable matric suction readings in 
highway subgrades can be obtained using thermal conductivity 
sensors, as long as the sensor is not subjected to prolonged 
positive pore-water pressures. 

2. Poor backfilling procedures can result in preferential flow 
along the leads to the sensors. This problem is augmented by 
the vertical position of the installation boreholes. Secondary, 
dessication cracking also appeared to provide pathways for 
the rapid inflow of water to the subgrade. 

3. Water introduced into the soil during installation of the 
sensors does not redistribute easily. It is easy to put water 
into a hole. Once this water gets into the soil, it is difficult 
to remove. 

4. Further investigations are required to ascertain the rea
sons for negative suction readings. 

5. The deterioration of the sensor tips shows that there is 

an urgent need for the development of a more durable ceramic 
for the sensor tip. 
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Vertical Moisture Barrier Update 

MALCOLM L. STEINBERG 

Damages from expansive soils in the United States exceed $10 
billion a year. The challenge has been addressed by international 
conferences , universities, research institutes, and federal , state, 
and local organizations. The concept of minimizing volumetric 
change by minimizing moisture change led to the use of a verti
cal moisture barrier. The Texas Department of Transportation 
(TxDOT) first used a vertical fabric moisture barrier on a \12-mi 
section of Interstate 410 with a fabric bid price of $20/lineal-ft. 
The latest TxDOT project has 14 mi of these barriers, at a cost 
of $6/lineal-ft. Nineteen vertical fabric barrier projects are re
ported. Annual maintenance costs have been reduced, and re
peated resurfacings are no longer necessary. Vertical moisture 
barriers can minimize these destructive movements. 

Expansive soils seem to exist worldwide . In the United States, 
damages from expansive soils exceed $10 billion a year. 
In this country, federal, state, and local agencies; univers
ities; and the armed forces have funded projects to study the 
problem (1). 

Studies have found that expansive soils have volumetric 
changes related to moisture changes. Earlier, monitoring of 
a ponding project discovered the zone of activity in which the 
significant moisture changes in a clay were taking place. This 
activity was also found in a study of several U.S. locations 
(2) . If these moisture changes could be minimized, then the 
volumetric changes that cause pavement distortion could sim
ilarly be minimized. In the late 1970s the Texas Department 
of Transportation (TxDOT) installed its first geomembrane 
to minimize moisture changes in expansive soils. 

The first TxDOT field test with a waterproofed fabric in
volved 600 ft of the San Antonio Urban Systems Project. The 
most recent project on Interstate 45 involved 285 ,000 of lineal
ft vertically placed fabric bid at $6/ft, totaling almost $1.5 
million. More than a decade of results are assessed. It should 
be noted when the vertical moisture barrier is effective as well 
as when it is not. When it is not effective, a postmortem is 
in order. 

TEXAS CASE HISTORIES 

The geomembrane, which is an impervious engineering fabric, 
was first used in Texas on General McMullen Drive, a San 
Antonio arterial street that TxDOT reconstructed to control 
expansive soils. On that project a DuPont-donated fabric was 
placed horizontally on the subgrade. The initial profilometer, 
Dynaflect, and photologging test results indicated positive 
impacts on re<lucing the Lieslruclive actions of the expansive 
clays. This successful procedure encouraged the inclusion of 
the deep vertical fabric moisture barrier (DVFMB) in the 

Steinberg and Associates, 1201 Prospect Street, El Paso, Tex. 79902. 

rehabilitation of Interstate Loop 410 on San Antonio's west 
side in the Valley High interchange area. Table 1 shows data 
relating to this and other Texas case histories. 

1-410 

I-410 was the first DVFMB project (Figure 1) on the Texas 
highway system. The fabric was placed vertically, because the 
existing pavement was to remain in place. The original con
struction on this project was a hot-mix asphaltic concrete 
pavement (HMAC) over a flexible base and an expansive clay 
subgrade. The profile of the mainlanes on this four-lane di
vided highway varied from a natural ground level to a 20-ft 
cut section. The mainlane pavements were severely distorted 
by the swelling clays. 

The 6-mi rehabilitation project plans called for the place
ment of 4,978 lineal-ft of geomembrane, 8 ft deep along both 
shoulders of the northbound lane. The fabric bid price of $20 
lineal-ft was to include the geomembrane costs, placing, back
filling the trench sand backfill, and disposing of the trench 
excavation. The project's low bid came from the Austin Bridge 
Company, at $3,696,257 for work that was primarily a HMAC 
overlay. A backhoe was used to excavate the trench . The 
specified depth evolved from an earlier ponding project for 
which the activity zone of these clays varied from six to eight 
ft. The depth also complied with the manufacturer's standard 
width of 3 m, while permitting a 2-ft lap to the paved shoulder. 
The backhoe operation led to the sliding and caving of the 
trench walls. A subcontractor used sliding shoring pulled by 
a backhoe. Placement of a Typar T-063, and ethyl vinyl ace
tate (EVA)-c9ated geomembrane fabric, averaged 600 ft/day. 

Testing began upon project completion in 1979. Profilom
eter readings, reduced to serviceability indexes (Sis), pho
tologging, and moisture sensors were used. It was observed 
that the fabric-protected northbound lane had the higher Sis 
(an SI of 5 being smoothest, decreasing values indicating rougher 
surface), less pavement cracking, and less moisture change 
under the pavement than the adjacent southbound lane that 
was used as the control section (Figure 2). A 1986 widening 
project included the placement of fabric in the southbound 
lane, which resulted in the loss of the control section. 

1-37, San Antonio 

1-37 in southeast San Antonio had been suffering extreme 
pavement distortion (1). The 2-mi reinforced concrete pave
ment section between Hackberry Street and Pecan Valley 
Drive required a minimum of $50,000 of asphalt overlays 
almost every 6 months. After the favorable results from the 
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TABLE 1 Comparison of 19 Texas Vertical Moisture Barrier Projects 

Geomembrane 

Location 
Highway (in Texas) LF 

IH410 San Antonio 4,978 
IH 37 San Antonio 21,483* 
IH 10 San Antonio 24,745* 

us 281 San Antonio 4,705* 
IH 30 Greenville 2,000 
IHlO Hudspeth County 50,098 
IH 10 Culberson/Jeff 40,442 

Davis Counties 
IHlO Bexar County 131,200 
SH 97 Atascosa County 5,600 

(Charlotte) 
FM 465 Guadalupe County 3,100 
FM 725 Guadalupe County 6,840 

IH 10 Guadalupe Co. 12,000 
(Santa Clara 

Creek) 
us 87 San Antonio 45,000 
IH 10 Guadalupe County 14,000 

IH IO/US 90 Guadalupe County 52,800 
FM 1516 Bexar County 14,400 

(East) 
IH635 Irving 3,638 
us 84 Snyder 46,000 
IH45 Waxahachie 285,140 

*Bid at square yard. 
**Bid at square yard plus stab. cap/c.y. 
•••Geomembrane supplied by state. 

Loop 410 section, a DVFMB was included in the 1980 re
habilitation contract. The 1968 construction of the freeway 
mainlanes started in a depressed section about 20 ft below 
natural grade. The subgrade was an active expansive clay. 
The base above it was cement-stabilized, with a reinforced 
concrete pavement. Soon after construction the pavement 
distortion began, as did the asphalt levelups. 

The rehabilitation plans included creating positive drainage 
from the centerline median, asphalt levelup seal , 8-ft DVFMB 
(Figure 3) , and a HMAC pavement. The low bidder was the 

Access Rd. 

Moisture Sensors 

FIGURE 1 1-410 section. 
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Access Rd. 

Bid Contract Bid 
$/LF (in lOOO's) Year Performance 

20.00 3,686 1978 Good 
21.00* 5,275 1980 Good 
15.00• 4,232 1983 Good 
3.18* 253 1983 Good 

10.00 .. 3,248 1984 
13.28 10,600 1984 Good 
19.95 5,100 1985 Good 

13.00 7,530 1985 Good 
10.00 1,102 1986 Not Good 

10.00••• 78 1986 Not Good 
20.00 162 1986 Not Good 
15.00 845 1987 Good 

13.50 1,629 1987 Good 
11.42 2,321 1988 Good 
11.00 2,402 1988 Good 
10.00 1,874 1989 Good 

15.80 8,800 1989 ? 
10.50 3,406 1990 Good 
6.00 18,000 1990 Under 

Construction 

Killian House Company at $5,275,238, with a DVFMB bid 
price of $21/yd2 for the estimated quantity of 21,483 yd2 • The 
Loop 410 subcontractor excavated for the fabric with a trench
ing machine using a side boom to convey the excavated ma
terial to a dump truck. Typar T-063 was placed at a daily goal 
of 600 lineal-ft, set by the subcontractor and usually accom
plished by 1:00 p.m. 

Monitoring followed the completion of work. Moisture sen
sors indicated greater variation outside the fabric than inside 
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\ Northbound Lane - Fabric 
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Southbound Lane -No Fabric/"'-----.... ,,. ........ , 
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FIGURE 2 1-410 Sis. 
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Cement Stabilized Backfill 

Gravel Backfill 

Vertical Moisture Barrier 

FIGURE 3 1-37 section. 

the protected subgrade. Profilometer readings indicated higher 
Sis on the protected section than on the adjacent control 
segments. This changed when the north control was rehabil
itated. North control Sis then were higher than the fabric
protected section, which remained higher than the south con
trol (Figure 4). Profilometer readings in late 1990 indicated 
a drop in those Sis recorded on the north control and the 
fabric sections. It was not possible to determine the south 
control values because of a reporting variation. Through 1990 
no rehabilitation or maintenance work was needed on the 
fabric section pavement. This was viewed as a tremendous 
improvement. The 1991 report indicated that two small sec
tions required rotomilling (R. E. Magers , unpublished data). 

1-10, Pine and Amanda Streets 

1-10 between Pine and Amanda Streets on San Antonio's east 
side was constructed in the late 1960s. Its reinforced concrete 
pavement was placed above a cement stabilized base. The 
subgrade was a swelling clay with plasticity indexes (Pis) from 
35 to 55 and liquid limits (LLs) from 65 to 76. Distortion 
began to appear in the pavement soon after construction was 
completed. Annual maintenance work to maintain a safe rid
ing surface was performed . In 1983, a $4,232,000 rehabilita
tion contract was awarded that included 24,745 yd2 of geo
membrane. The fabric was to be placed 8 ft deep along the 
shoulders of both mainlanes. 

The Dean Word Company was the successful low bidder 
and elected to use Mirafi MCF 500 and 140N geomembranes 
that met TxDOT specifications. Its DVFMB bid price was 
$15/yd2 . A trenching machine was used for excavation with a 
frame to direct the fabric into the trench and a conveyor boom 
to direct the excavated material to waiting dump trucks. Slid
ing developed in the trench walls, and the excavation was 
moved farther from the paved shoulder. The additional dis-
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tance was covered with a geomembrane that received ultra
violet protection from a subgrade cover. The daily rate of 
placement was 250 lineal-ft. 

Profilometer readings, beginning in 1986, proved that the 
fabric sections had the higher Sis (Figure 5). There has been 
a decline in these values. The resident engineer reports that 
no maintenance has been required on the pavement in the 
past 6 years: "It's made a believer out of me. The fabric 
section is doing good" (R. E . Magers , unpublished data). 

US-281, MacAllister Freeway 

The MacAllister Freeway, San Antonio s North Expressway 
(US-281), was constructed in the 1970 . Its southbound main
lane, just inside 1-410 on the city's north side, began to ex
perience pavement distortion. The freeway's divided highway 
section had a reinforced concrete pavement over a cement
stabilized base. The clays beneath the southbound lanes sec
tion, generally below natural ground, had Pis from 25 to 58 
and LLs from 47 to 80. The adjacent northbound lane, of 
similar construction, initially escaped the pavement distor
tion. It was used as the control section in the testing following 
the 1983 rehabilitation contract. 

The contract called for a HMAC level up of the southbound 
lane pavement and the placement of a DVFMB 8 ft deep 
along its inside and outside shoulders. Creaco was the low 
bidder at $253,000; it chose a Mirafi MCF 560 geomembrane, 
bid at $3.40/yd2 with an estimated quantity of 4,705 yd2

. A 
backhoe was used for excavation and, since the subgrade 
was very stable , no sliding or caving took place. Following 
construction, profilometer and photologging baseline records 
were made. Initial SI values indicated that the fabric
protected section had a smoother ride than the adjacent north
bound lane that served as the control section (Figure 6). This 
section also had less pavement cracking than the control sec
tion, whose Sis dropped so low in 1987 that it was rehabili
tated , but without fabric. Its SI values then exceeded those 
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of the southbound lane. The 1990 readings indicated a drop 
in the northbound lane values, whereas the fabric-protected 
southbound lane values generally held constant (G. K. Hew
itt, unpublished data). 

1-30, Greenville 

I-30 in the Greenville area of northeast Texas was constructed 
in the 1950s. It has a 10-in. concrete pavement over 6 in. of 
cement-stabilized roadbed. The subgrade has Pis from 34 to 
70 and LLs from 55 to 98. Over the years, the pavement has 
received asphaltic overlays that varied from 6 to 22 in. In 
1984, 10-mi rehabilitation project bid at $3,248,000 included 
four 1,000-ft barrier test sections. The eastbound lane re
ceived fabric 6 and 8 ft deep, a lime slurry, and a lime slurry 
with fly ash sections. The adjacent westbound lane served as 
the control section. Native soil with a 2-ft cap of one-sack 
concrete was used as the backfill material of the fabric section. 

The contractor bid the fabric at $10/yd2 with the stabilized 
cap at $6.27/yd3

• This reduced to a roadway centerline fabric 
cost of $27 .17. Placement rate of the fabric averaged 1,000 
ft/day. The lime was placed in three staggered rows, parallel 
to the roadway centerline and spaced at 1-ft intervals. The 
lime bid was $12. 73/centerline-ft. Initial moisture readings 
indicated increased moisture change in the fabric sections 
compared to the lime slurry sections. Barrier sections initially 
had lower SI values than the adjacent control sections. Ex
cavation revealed that the lime slurries did not create a con
tinuous curtain. Studies are continuing under the direction of 
R. L. Lytton of Texas A&M University. 

1-10, Hudspeth County 

In 1984 I-10 about 75 mi east of El Paso in Hudspeth County 
had a $10,600,000 rehabilitation project that included DVFMB. 
In a four-Jane divided rural freeway built in the 1960s, plan
ners recognized the presence of expansive clays. A 5-ft un
dercut of finished subgrade elevations was to remove sus
pected bentonitic clay. A low-PI inorganic material replaced 
the clay, and pipe underdrains with sand backfill were in
stalled. The finished section included flexible base and HMAC 
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pavement. The roadway surface remained stable for several 
years, than began to distort. 

Remedial work included 50,098 lineal-ft of DuPont Typar 
3358 EV A-coated geomembrane DVFMBs along both shoul
ders of the east- and westbound lanes . The plans called for a 
sand backfill with an 18-in. cement-stabilized cap. The con
tractor's bid for the fabric, placement, and backfilling was 
$13 .28/Iineal-ft. A Vermeer 800 trencher was used with a 
conveyor belt to carry the excavated material to a dump truck . 
Placement averaged 500 ft/day. Caving that included some 
shoulder loss occurred during trenching. It was thought that 
this took place generally in areas in which sand-backfill un
derdrains were located. Two field changes converted the back
fill to gravel and then modified the gradation. The sand back
fill apparently created problems in securing the fabric to the 
shoulders, causing wrinkling and undesirable air pockets. 

Early SI readings indicated higher values for the control 
sections without the fabric. The soil profile indicated an in
trusion of a highly plastic brown clay extending 600 ft into 
the fabric area and reaching to within 2 ft of finished subgrade 
elevation, along with 200 ft of bentonitic clay and gravel. 
These materials provided instability that the geomembrane 
could not control. Psychrometers had also been placed in the 
test areas. The results of early tests indicated that moisture 
changes were Jess inside the fabric area than outside (A. Bazan 
and R. R. Ellison, unpublished data). 

1-10 Culberson and Jeff Davis Counties 

I-10 in Culberson and Jeff Davis counties in West Texas had 
a 48-mi $5,100,000 rehabilitation contract awarded in 1985 
(J). The four-lane divided highway had a flexible pavement 
with an asphaltic concrete surface. The work on the rehabil
itation contract primarily involved a shoulder joint seal, an 
asphalt rubber seal coat, and an asphaltic concrete overlay. 
The work in Jeff Davis County, east of Kent, had 40,442 
lineal-ft of DVFMB bid at $19.95/lineal-ft. The fabric was 
placed along both shoulders of the east- and westbound main
lanes to a depth of 8 ft. A gravel backfill provided the top 18 
in. with a cement-stabilized base. 

The contractor selected a Phillips Petromat MB nonwoven 
polypropylene with a polystyrene backing meeting TxDOT 
specifications. The trench excavation was done with a back
hoe. Average daily production was 400 lineal-ft with a 1-day 
maximum of 1,000 lineal-ft. The presence of bentonitic clay 
was noted, along with rock and boulders. Sometimes the fab
ric was reported to be curled up, since the 8-ft depth could 
not be reached because of the boulders. Considerably less 
fabric might have been specifie9 had further preconstruction 
soil profile testing been conducted. 

The project was completed in October 1986. Reports through 
1990 indicated that the DVFMB sections looked good and 
required no maintenance work. In 1991, problems started to 
occur. Field investigations revealed that some of the distorted 
areas, particularly those with considerable levelups, were well 
outside the DVFMB areas. In other cases of pavement swells, 
the fabric had been omitted due to construction traffic
handling problems (M. Jaso and K. Osborne, unpublished 
data). 
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1-10, Bexar County 

I-10 in eastern Bexar County, between Loop 410, Ackerman 
Road, and Cibolo Creek, was constructed in the early 1960s 
(J). Upon completion, the four-lane divided freeway was de
scribed as the smoothest-riding road in the district. It had a 
HMAC pavement over flexible base, a foundation course, 
and a 6-in. lime-treated subgrade. Beneath that pavement 
section lay expansive clays. Soon the pavements began to 
distort, and reports indicate annual pavement maintenance 
costs of $100,000 to $200,000 on the 13-mi section. 

In 1985, a rehabilitation contract was awarded that included 
131,200 lineal-ft of DVFMB. The fabric was placed 8 ft deep 
along both shoulders of both mainlanes. The backfill was to 
be limestone screenings, with a 1-ft cement-stabilized base 
cap. The Dean Word Company was the low bidder at 
$7,530,000; its price for the DVFMB was $13/lineal-ft. It was 
TxDOT's first DVFMB contract for more than $1,000,000. 
A trencher was again used with the frame for the fabric place
ment and a conveyor handled the excavated material. Av
erage daily rate of fabric placement was 900 lineal-ft, with a 
1-day high of 2,195 lineal-ft. Difficulty in securing limestone 
screenings led to the use of limestone scalping, which was a 
finer-grade material. Shoulder cracking and depressions de
veloped, from 1 to 6 in. deep, 2 to 6 ft in length, and up to 
4 ft into the shoulder. Thorough investigation, including non
destructive methods, located voids in the backfill. 

A contract was awarded to Olmos Equipment Company to 
place a flowable backfill of portland cement, fly ash, sand, 
and water (3) . Its work in 1989 was at bid prices of $3.25/ 
hole and $7/yd3 for the pumped material. The pavement has 
served well since 1985; the shoulders are also doing well. 
Through 1990, no roadway maintenance work was necessary. 
In 1991 two small sections, 150 ft long, required level up- "a 
great improvement" (D . R . Stein, Jr., unpublished data). 

SH-97, Charlotte 

SH-97 near Charlotte, Texas, between Pleasanton and Jour
danton, had a rehabilitation contract awarded in 1986 
that included a DVFMB. The rural two-lane highway had a 
flexible base and an asphalt surface. It had been suffering 
from severe pavement distortion and cracking. The . ub oil 
were known to be expansive clays . The contract included a 
HMAC levelup, seal coat, and surfacing, along with 5,600 
lineal-ft of DVFMB. 

The Brannan Paving Company was the low bidder at 
$1,102,000, and the geomembrane price was $10/lineal-ft, in
cluding all the material and related work. Brannan chose a 
DuPont geomembrane and used a Vermeer T-600C trencher. 
A gravel backfill was used ; an average rate of placement was 
700 lineal-ft/day. 

The pavement began cracking again shortly after project 
completion. Investigation revealed similar cracking in a nearby 
school building, as well as nearby roads and curbs. Consid
erable faulting in the vicinity was thought to contribute to 
these damages. The DVFMB apparently has not helped the 
problem. SH-97 has since received several crack-sealing treat
ments (G. Clement and A. Farrer, unpublished data) . 
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FM-465 and FM-725, Guadalupe County 

FM-465 and FM-72 are two-lane rural highways in Guadalupe 
County that had rehabilitation work in 1986. The Dean Com
pany was the low bidder on both. It used 580 LF DuPont Type 
T-063 from state supplies, on FM-465 bid at $10/lineal-ft, and 
6,840 lineal-ft Phillips fabric 725 bid at $20/lineal-ft. Both 
projects reverted to a "roller-coaster" pavement ride, leading 
to the thought that the fabric was not placed deep enough 
(D. R. Stein, Jr., unpublished data). 

1-10, Guadalupe County 

Three projects were awarded in 1987 and 1988 in Guadalupe 
County east of San Antonio. The Dean Ward Company did 
the work on two of them: at Santa Clara Creek and from 
there to Seguin, which included part of US-90. A Remag 
fabric was used on the first project: 12 ,000 lineal-ft bid at $15/ 
linear-ft and 52,800 lineal-ft of Phillips fabric at $11/lineal-ft 
a 5.9 mi project from Santa Clara Creek to Seguin. Zumwalt 
was the low bidder on the project from Cibolo Creek at the 
Guadalupe Bexar County line to Santa Clara Creek : 4.1 mi 
long, 14,000 lineal-ft of Remag fabries, bid at $11 .12/lineal
ft. No maintenance work has been required on these projects 
(D. R. Stein , Jr., unpublished data). 

US-87, San Antonio 

US-87 in southeast San Antonio crosses an area of black 
gumbo clay-excellent for cotton cultivation, but not for a 
distortion-free pavement. The existing pavement section was 
a four-lane divided highway with a 40-ft median , with 6 in. 
of lime-stabilized subgrade, two 6-in. courses of flexible base, 
an asphalt seal coat, and HMAC paving. In 1987, the 8-mi 
widening and rehabilitation project included 45,000 lineal-ft 
of DVFMB at a cost of $4,232,000. The fabric was placed 8 
ft deep along the inside and outside shoulders of both main
Janes. The contractor bid $13.50/lineal-ft for the fabric, its 
placement, trench excavation and backfilling, with 2Y2 ft of 
cement-stabilized base at the top . The contractor used a DuPont 
Typar EV A-coated polypropylene fabric. A trencher was used 
for the excavation, and at an 800-ft average daily rate, no 
special problems were observed during construction. A 1991 
report indicated the section was performing well, and, in a 
change from previous recurring maintenance problems, none 
has existed since the contract was completed (R. E . Magers, 
unpublished data). 

FM-1516, Bexar County 

FM-1516 in eastern Bexar County, outside San Antonio's city 
limits, is a two-Jane rural highway with a flexible pavement. 
It is built over the expansive soils that have caused consid
erable pavement distortion . In February 1989, a rehabilitation 
contract was awarded that extended from I-10 on the south 
to FM-78 on the north. 

The low bidder was the Heath Construction Company , at 
$1,874.664. The work included 14,400 lineal-ft on DVFMB 
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on the 3.5-mi project. A Phillips fiber was chosen, and the 
backfill material specified was a graded aggregate. The con
tractor's bid price for the DVFMB was $10 lineal-ft. The 
excavation, placement, and backfilling were subcontracted. 
A trenching machine was used with a maximum daily pro
duction of 1,028 lineal-ft. Work was completed April 1990. 
The 1991 conclusion was that the pavement was "not doing 
too badly" (D. R . Stein, Jr., unpublished data). 

1-635, Irving 

1-635 is an Interstate loop in the Dallas area in Irving, Texas. 
It underpasses MacArthur Boulevard, a section that was in
cluded in a 1989 rehabilitation and widening project . The loop 
designers recognized the potentially destructive impacts of the 
Eagle Ford shale on which I-635 is built. The existing pave
ment is reinforced concrete over 8 in. of cement-stabilized 
select material with 4 ft of special subgrade replacement with 
a PI of 20 or less. The underpass area is a cut section about 
20 ft below natural ground and has exhibited considerable 
movement in the past. 

The 1989 contract totaling $8.8 million was awarded to 
Austin Paving Company and included their bid price of $15.80/ 
lineal-ft for 3,638 lineal-ft of DVFMB, its placement, and 
backfilling. The project specification called for a washed-gravel 
backfill with 12 in. of cement-stabilized base at the top of the 
trench. Placement of the Phillips Petromat fabric was com
pleted in early 1991. There seems to be some movement tak
ing place, indicating that possibly the fabric was not placed 
deep enough (J. Freeman, unpublished data). 

US-84, Snyder 

US-84 is a four-lane divided highway that extends north of 
Snyder in west central Texas. The original construction in
cluded approximately 14 in. of flexible base, 6 in. of asphalt
stabilized base, and surfacing. The subgrade was a red clay 
with Pis in excess of 50. A $3,406,000 rehabilitation contract 
was let in early 1990 that included 46,000 lineal-ft of DVFMB. 
The fabric was to be placed 8 ft deep along both shoulders 
of both mainlanes. A gravel backfill (a grade 3 concrete ag
gregate) was specified with a 1-ft cap of two-sack cement
stabilized base. The Price Construction Company, the con
tract low bidder, had $10.50/lineal-ft for the geomembrane, 
its placement, and backfilling. Caprock Equipment, a sub
contractor, placed the Philips fabric using a Vermeer trencher 
with the conveyor attachment to handle the excavation. 

During placement, some caving was experienced in areas 
where the clay had jointed water-bearing lenses. The caving 
lessened when the backfilling was kept closer to the placement 
operation. Problems arose with the backfills; settling of the 
cement-stabilized base cap occurred, requiring additional ma
terial. The daily rate of DVFMB placement averaged 1,000 
to 1,500 lineal-ft with a 1-day high of 2,500 lineal-ft. Work 
was completed in 1990. No roadway problems have developed 
to date; the previous roller-coaster ride has not reappeared 
(M. Tayler and A. Wimmer, unpublished data). 
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1-45, Waxahachie 

I-45 near Waxahachie is part of the major surface transpor
tation link between Dallas and Houston. Its 16.3-mi rehabil
itation contract in December 1990 included 285,140 lineal-ft 
of DFVMB. It may be described as the latest and greatest 
of the DFVMBs to date, or the "Mother of DVFMBs." 
The rehabilitation reused an existing multilane divided high
way with an estimated 800,000 yd2 of 12- and 13-in. rein
forced concrete pavement-the total cost: $18 million. The 
DVFMB bid by the contract winner, Champagne Webber 
Company of Houston, was $6/lineal-ft for an estimated cost 
of $1,710,840. 

A minimum two-sack portland cement mix base was des
ignated for the top portion of the trench. The backfill in the 
lower part of the trench was to be graded aggregate or a sand 
approved by the engineer. The fabric was to be placed 8 ft 
deep and lapped over the paved shoulders. Payment covered 
the entire cost of materials, placement, backfilling, and dis
posal of the excavated material (H. Coppedge, J. Blain, and 
H. Stanford, unpublished data). 

CONCLUSION 

DVFMB can be placed vertically, and the reduction in re
quired maintenance expenditures on several major projects 
after its placement indicates its effectiveness. Reduction of 
bid prices for this work from $20/lineal-ft in early projects to 
$6/lineal-ft recently gives further indication of its economic 
viability. Some of the challenges are indicated by the increase 
in the number of DVFMB projects in Texas, now 19 (Table 
1); the increase in their size from Y2 mi on I-410 to more than 
50 mi on I-45; and their distribution across the state from 
northeast to far west. 

The DVFMB sections generally had the higher SI readings. 
Pavement ride quality as measured by profilometer testing 
does decrease with the passage of time. A contributing factor 
could be the pavement surface itself, as shown in studies 
by others. If the geomembrane could be used horizontally, 
perhaps this could be mitigated. Other pavement failures 
due to axle loads, base, and pavement deterioration must 
be considered. 

The backfill material for the DVFMB trench can pose sig
nificant problems. Base screenings and the subsequent repair 
work raise the question of the need for a coarse material for 
the backfill. 

Other apparent and real failures, such as the question of 
inadequate depth, need postmortem searches. In some in
stances, it is found that the DVFMB was not used. In other 
instances soil profiles indicate the need for additional inves
tigation in the planning phase. As time passes, the elements 
of maintaining records and ensuring comparability of results 
become very important. In the majority of the results, the 
vertical fabric moisture barriers give substantial indications 
of reducing the destructive impacts of expansive soils on high
way pavements . As George Sowers observed in a recent ar
ticle, "Communications between engineers, clients, contrac
tors and the public are essential to translate expectations and 
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plans into successful projects. Without communications the 
best engineering is futile" ( 4). 
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Probabilistic Analysis of Piers in 
Expansive Soils 

c. FERREGUT, M. PICORNELL, AND J. A. PENDONES 

The design of drilled piers in expansive soils requires a consid
erable amount of site-specific data. The cost associated with ac
quiring these data is seldom justifiable by the cost of the foun
dat.ion. In general, some of the design parameters can be reasonably 
estimated for each site; however, other design parameters are 
effectively unavailable in routine design. A probabilistic analysis 
is proposed to incorporate some site-specific information to other 
design parameters selected from data bases. The proposed meth
odology is flexible enough to allow different design parameters 
to be incorporated as site-specific information. In this manner a 
preliminary design can be accomplished without incorporati~g 
any site-specific information. The data bases assembled from ex
isting data in the technical literature are described, as well as the 
analysis of these data to select probability density distributions 
for the different design parameters. A proposed analysis meth
odology is also described, and example runs for a hypothetical 
case are illustrated. 

A drilled shaft is a common type of foundation used to support 
heavy structures on expansive and other types of soil. The 
piers are installed to transmit the structural loads to the soils 
below the active swelling zone. Upon swelling of the soil, the 
pier is subjected to pulling forces caused by adhesion between 
the pier and the swelling soil. However, the section of shaft 
embedded in the soils below the swelling zone may be sub
jected to reaction forces to retain the pier in place if movement 
occurs. The result of these two actions is that a pier may be 
subjected to tensile stresses, which much be considered in 
designing the pier, and that the pier head may experience 
some vertical heave as a result of soil and pier deformations. 

The soil swelling process and the installation of the piers 
take place under different conditions at different sites. The 
soil swelling process can be initiated during the grading of the 
site upon the removal of the naturally occurring vegetation; 
thus, the swelling process can be well under way at the time 
of installation of the piers. By way of contrast, the swelling 
process at other sites might be triggered by the construction 
of the structure itself, specifically by the change in moisture 
regime caused by the impermeable surface of the structure. 
Under these conditions, the swelling process can start well 
after the installation of the piers. 

After construction each pier remains unloaded and later is 
subjected to increasing axial loads as the construction pro
gresses. During this period, the pier may be under critical 
conditions because the tensile stresses could be at a maximum. 
However, because the swelling process can continue after the 
application of the dead loads, there is the possibility that the 
most critical conditions occur after the construction of the 
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structure. These considerations illustrate the main parameters 
that would determine the design of a pier to withstand the 
induced shear stresses by the swelling soil. Some of these 
parameters, such as the maximum heave at the soil surface 
can be estimated within reasonable costs. Furthermore, pre~ 
vious experience in the area might also provide a basis on 
which to estimate the maximum surface heave with small 
uncertainty. However, other design parameters, such as heav
ing rates, total swelling time, or heave profile with depth, 
would be more costly to develop for a specific site and are 
not likely to be available from previous experience in the area. 

The engineering design of piers to withstand the tensile 
stresses imposed by soil heaving would require using some 
site-specific parameters known with relatively small uncer
tainty and some other design parameters that cannot be fea
sibly developed for the specific site conditions. This second 
set of parameters could be selected from previous experience 
at other sites, although at much higher levels of uncertainty. 

This paper describes a methodology to analyze drilled shafts 
in expansive soils incorporating site-specific data to design 
parameters chosen from data bases compiled from the existing 
technical literature. The results of example runs are presented 
and the significance of the findings are discussed in the re
maining sections of this paper. 

SOIL-PIER INTERACTIONS 

The swelling of an expansive soil profile takes place in a 
surface zone known as the active zone. The soil heave is 
maximum at the soil surface and progressively decreases to 
zero at the bottom of the active zone. The soil below the 
active zone does not heave. The heaves taking place in a soil 
profile, swelling under its own weight, are known as the heaves 
under "free-field" conditions. 

The construction of a drilled shaft introduces a stiff co
lumnar element within the soil mass. The clayey soil adheres 
to the concrete shaft. Upon swelling, the soil within the active 
zone pulls on the pier, which in turn constrains the potential 
movements of the surrounding soil. The soil below the active 
zone also adheres to the concrete shaft and constrains the 
movement of the pier. These pier-soil interactions take place 
through shear stresses that develop at the pier-soil contact 
surface. The shear stresses within most of the active zone tend 
to extract the pier; along the rest of the pier, the shear stresses 
tend to resist the pull exerted in the active zone. 

The magnitude of the shear stresses that develop at each 
section of the pier is determined by soil properties, such as 
the perimeter shear modulus G, and the relative displacement 
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between the pier section (displacement u) and the adjacent 
soil heaving in free-field conditions (displacement w). The 
displacements of the pier sections are governed by the fol
lowing ordinary differential equation (J): 

d2u 
A · Ee · dZ2 + G · P(w - u) 

where 

A = cross sectional area of the pier, 
P = perimeter length of the pier, 

(1) 

Ee = elastic modulus of the composite section of the pier, 
'Ye = unit weight of the pier, and 
Z = depth below the soil surface. 

The perimeter shear modulus G is a function of the depth 
and the relative displacement w - u between the soil and the 
pier section. The soil heave in the free-field w is also a function 
of the depth Z. 

The solution of this differential equation for different input 
functions of G and w has been accomplished with a finite 
element program using 99 longitudinal elements and linear 
interpolating functions. The boundary condition at the head 
of the pier is that the stress is equal to the applied stress on 
the pier section at the ground surface. The boundary condition 
at the tip of the pier has been assumed to be zero axial stresses 
in all cases. 

SOIL HEAVE 

Heave Profile 

The preliminary study identified that one of the most influ
ential factors on the tensile stresses and displacements ex
perienced by a pier in expansive soils is the heave profile 
occurring in the soil around the pier (2). The determination 
of this profile for a given site cannot be done accurately be
cause of several uncertainties. These uncertainties include the 
inherent spatial variability of the soil properties and the im
perfect knowledge of the changes to be imposed on the soil 
by the environment. 

To aid in the assessment of the heave profile for a site, the 
technical literature was searched to identify published heave
profile records of swelling soil deposits. These records were 
analyzed and compared to assemble a data base of heave 
versus depth that was used to develop an analytical model to 
describe heave with depth. 

A total of 32 sets of data were identified in the technical 
literature (3). The heave records collected from the literature 
included many cases with different depths of the active zone 
and surface heave of very different magnitudes. To compare 
all these records, it was convenient to describe the heave
versus-depth profile in terms of dimensionless relative heave 
and relative depth . This was accomplished by dividing the 
depth by the depth of the active zone and the heave by the 
surface heave reported. The expression originally proposed 
elsewhere (2) to model the dimensionless heave profile is the 
following: 

w 

where 

W = heave at depth D, 
w,u,f = surface heave, 

D depth, 
Dnrnx = depth of active zone, and 
a, b = parameters. 
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(2) 

Figure 1 shows Equation 2 fitted to all field data collected. 
Details and reference of these data have been reported else
where (3). Readily noticable is the large uncertainty (vari
ability) in the relative heave profile. This uncertainty can be 
taken into account by considering all the parameters in the 
Equation 2 to be random variables. This considers that the 
sources of the uncertainty may be due to the uncertainties in 
the physical and analytical parameters a, b, W,",r' and Dmax· 

Statistical data for each of these parameters were compiled 
and analyzed to model their variability . Figure 2 shows the 
data for each variable summarized as a histogram and the 
statistical distributions that were fitted to each of them. Final 
statistical parameters and the distributions chosen to model 
each of these random variables are given in Table 1. 

Surface Heave 

A number of surface, heave-versus-time curves have been 
compiled and analyzed (3). To facilitate the comparison of 
the different sets of data, the profiles were described in terms 
of dimensionless relative surface heave and relative time. This 
was accomplished by dividing the time into the maximum time 
of swelling and the surface heave into the maximum surface 
heave recorded. The expression proposed by Pendones to 
model the resulting normalized curves takes the form 

w 
(3) 
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FIGURE I Summary of all field data from technical literature 
for heave versus depth. 
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(W,0 .,); (c) parameter a; (d) parameter b. 

where 

W = heave at time T, 
wmax = maximum surface heave, 

T = time, 
Tmax = time at maximum heave, and 
c, d = parameters. 

Figure 3 shows the Equation 3 fitted to all data compiled. 
Clearly shown is the large uncertainty existing in relative heave 
for a given relative time. As in the previous model, the sources 
of this uncertainty can be considered to be the uncertainties 
associated with each of the variables in Equation 3, W mm 

T ma., c, and d. Using the collected data, statistical analyses 
were conducted to model the uncertainty in each of these 
variables. Figure 4 shows the histograms for each of the vari-

ables and the candidate statistical distributions used to model 
the data. 

The statistical parameters and the selected probability dis
tributions for each variable are shown in Table 1. 

LOAD TRANSFER MECHANISM 

The load transferred to the pier sections is basically governed 
by the perimeter shear modulus G. The earliest attempts con
sidered a fixed G for each pier section but increasing asymp
totically with depth Z to a maximum value Gmax (J) . This 
type of variation can be represented analytically by the 
following expression: 
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TABLE 1 Statistical Characteristics of Variables and Parameters That Intluence Pier Response 

VARIABLE DESIGNATION DISTRIBUTION EXPECTED VALUE COEFFICIBNT OF 
VARIATION 

w ... Surface Heave Gamma 2.9in. 0.88 

D.., Depth of Active Zone Lognonnal 141.86in. 0.62 

T..,, Time at Maximum Heave Uniform 48.73 months 0.32 

a Parameter in Equation 2 Lognonnal 0.54 0.59 

b Parameter in Equation 2 Log normal 0.951 0.54 

c Parameter in Equation 3 Gamma 0.925 0.31 

d Parameter in Equation 3 Gamma 1.73 0.31 

G""" Asymptotic Value of Normal lOOpci 0.10 
Perimeter Sbear Modulus 

W,..n=!J.W..,. I Surface Heave for the Exponential 0.34in. 1.00 
Unloaded Condition 

W,.,, = !J.W..,,2 Surface Heave for the Exponential 2.5in. 1.00 

0.9 
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:i:: 
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0.4 "ii 

IC 
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0.1 

Loaded Condition 

T, Time Pier is Casted 

T, Time Pier is Loaded 

E, Pier Elastic Modulus 

f Parameter in Equation 4 

L Length of Pier 

D Diameter of Pier 

Wm, Maximum Allowable 
Relative Displacement 

QI Q2 Q3 Q4 Q5 Q6 Q7 Q8 Q9 
Relatlve Time 

FIGURE 3 Summary of all field data collected from technical 
literature. 

G ( 1 )
1 

--1 --
Gm .. - - 1 + Z (4) 

A shortcoming of this model is that it does not allow slippage 
at the pier soil contact, which can be an important factor for 
large soil heaves. The mobilization of the maximum shear 
stresses at the pier-soil contact is known to take place for 
displacements ranging from 0.1 to 0.2 in. (4). 

Normal 3 months 0.16 

Normal 6 months 0.083 

Normal 3 x 10' psi 0.15 

Unifonn 0.125 0.3464 

1299.2in. 

41.34in. 

0.15in. 

One approach to overcome this difficulty has been proposed 
in other papers (5) . This consists of defining a f-w curve re
lating shear stress to relative soil-pier displacement. The pier 
is arbitrarily divided into several sections, and in each section 
a different f-w curve is adopted. A shortcoming of this ap
proach is that the variation of the f-w curve with depth is 
continuous. Thus, dividing the pier into twQ or three sections 
provides only a gross approximation of the axial stresses in 
the pier. 

The method proposed in the present study provides the 
continuous variation as seen in Equation 4 but limits the pos
sible shapes of the f-w curves. For this purpose, a critical 
displacement, we,;., is chosen. If the relative soil-pier displace
ment is smaller than we,;,, then the perimeter shear modulus 
is given by Equation 4. Conversely, when the relative soil
pier displacement exceeds we,;., then the shear modulus is 
decreased relative to the value given by Equation 4. 

The resultingf-w curve is shown in Figure 5. The shape of 
this curve forces the need to solve the differential Equation 
1 through an iterative process. In this sense, if the relative 
soil-pier displacement W; exceeds we,.., then the perimeter shear 
modulus G given by Equation 4 would be reduced to G' in 
the following iteration. 

The parameters involved in this approach are Gmax> f and 
wed•· These parameters can be obtained from field records on 
piers when simultaneous measurements of axial stresses in the 
pier and free-field heave have been reported. In such a case, 
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f 

FIGURE 5 Conceptual sketch of proposed backbone curve. 

the free-field heaves can be used with combinations of the 
parameters in Figure 5 to find a good fit of the axial stresses 
measured. 

In this study, the following values have been arbitrarily 
adopted: 

• Gmax = 100 pci , and 
e W«;t = 0.15 in . 

The parameter f is the only variable used to match the field 
data. One example of the possible match is illustrated in Fig
ure 6 on field measurements published in another paper (6). 
The good agreement between the field measurements and the 
values predicted by Equation 1 lend credibility to the load 
transfer model proposed. 

The technical literature was searched for cases that could 
be used to analyze the variability of the parameters involved. 
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FIGURE 6 Tensile stresses along pier calculated for best-fit 
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However, only four instrumented piers were identified. A 
complete analysis of these cases has been reported elsewhere 
(3) . The low number of cases identified did not permit the 
formation of appropriate histograms; thus, a uniform distri
bution was adopted in the range of values obtained in the 
analyzed cases. This range of values for the parameter f is 
between 0.05 and 0.2. 

CONSTRUCTION SCHEDULE 

Casting of piers is normally one of the first activities in a 
construction schedule. Then the structure is assembled resting 
on the foundation; thus, the applied loads on the pier increase 
until the structure is completed . Under these circumstances 
the piers can have three distinctive phases: (a) the piers re
main unloaded for some time; (b) the load on the pier in
creases progressively ; and (c) the piers remain loaded with 
the constant dead weight of the structure. The swelling of the 
subsurface soils can start before or during any of these stages 
depending on the cause of the moisture changes of the subsoil. 

The variability to be encountered in practice can conceiv
ably cover a very wide range of possibilities. Therefore, it is 
believed that the analyses of the effects due to the construction 
schedule can best be implemented by the designer after the 
construction schedule has been defined . At that time, the 
designer will be a reasonable position to estimate the time of 
construction (T1) of each pier and the time (T2) when the full 
dead load would have been applied on each pier. These times , 
T 1 and T2 , in reference to the time of initiation of the swelling 
process will not be known with certainty, but reasonable es
timates of the coefficient of variation would be available at 
that time. For the purposes of the illustrative examples, it has 
been assumed that times T1 and T2 are random variables with 
a normal distribution. 

The proposed method of analysis considers the two follow
ing pier conditions: 

l. Unloaded: This first condition extends from the day of 
casting of each pier until the day when the full dead load has 
been applied on it (i.e . , from time Ti to time T2) . During this 
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time, the pier is assumed to be unloaded and the soil surface 
is experiencing a surface heave of .:l W1m.x· 

2. Loaded: The second condition considers that the pier is 
loaded with the full dead load from the day of casting until 
the soil swelling is completed (i.e., from time Ti to infinity). 
During this time, the soil surface will be experiencing a surface 
heave Ll W:1n a x> which is equal or greater than Ll Wfn ••. 

The most critical (i .e., largest pier head heave or largest ten
sile stress along the pier) of these two conditions is then used 
to design the pier . 

Since the times, T1 and T2 , and the swelling process pa
rameters , W max> T m a x> c, and d, are all random variables, the 
surface heaves Ll Wfn •• and .:l ~ •• will also be random vari
ables. The distributions of Ll W1max and Ll ~'"' can be found 
from a Monte Carlo simulation based on all the distributions 
of the intervening parameters. 

PROBABILISTIC ANALYSIS 

The computation of the uncertainties in the pier response due 
to uncertainties in the soil and material parameters was ac
complished using a Monte Carlo simulation approach (7). The 
information summarized in Table 1 was used for the simu
lation of each of the input random variables. 
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/" 
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FIGURE 7 Results of probabilistic analysis for unloaded 
condition. 
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A preliminary simulation was conducted to determine the 
statistics of the two surface heaves il w,;, •• and il ~ ••. For 
this purpose, Equation 3 was used. The results show that the 
uncertainty on both heave increments can be modeled using 
exponential distributions (3). The calculated parameters are 
also shown in Table 1. 

Several aspects of the pier response were studied. These 
included (a) the computed tension and compression stresses 
along the pier, (b) the computed displacements along the pier, 
and ( c) the maximum tensile stress in the pier. 

EXAMPLES 

A drilled pier 1,299 in. long and 41.34 in. in diameter is 
considered. Two cases are studied: in Case 1, the pier remains 
unloaded, and the soil surface swells il w,;, •• ; in Case 2, the 
pier head is loaded with 50 psi in compression, and the soil 
surface swells il ~ ... The two pier conditions described were 
analyzed using the statistical information of Table 1 for the 
problem variables and the Monte Carlo simulation approach 
previously described . 

Case I 

Figure 7 shows the computed mean value of the stress and 
displacement at each pier section and a lower bound for each 
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FIGURE 8 Results of probabilistic analysis for loaded 
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FIGURE 9 Histograms of maximum tensile stress: top, 
unloaded pier; bottom, loaded pier. 

of these responses. This lower bound corresponds to one 
standard deviation from the mean value . The upper bound is not 
shown because of the unsymmetrical nature of the statistical 
distribution of these variables. Figure 7 also shows that the 
standard deviations of these variables are functions of depth. 

Case 2 

Figure 8 shows the summarized results of the probabilistic 
analysis for the loaded pier. Similar conclusions to the pre
vious case can be drawn. The distribution of the stresses and 
displacements at any section are unsymmetrical, and the 
standard deviation of stresses and displacements is a function 
of depth. 

From a designer's point of view the distribution of the max
imum stress along the pier may be more useful. Figure 9 shows 
this distribution for the two cases considered. It can be ob
served that the distribution of the maximum stresses also seems 
to be exponentially distributed. It is also evident that the mean 
maximum stress for the loaded pier is larger than for the 
unloaded pier. This may reflect the larger amount of soil 
swelling occurring for Case 2 than for Case 1. 

CONCLUSIONS AND RECOMMENDATIONS 

A deterministic analysis of drilled shafts in expansive soils 
requires the acquisition of large amounts of site-specific data 
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that can seldom be justified on the basis of the foundation 
cost. The proposed analysis methodology permits combining 
site-specific data that can be reasonably acquired with data 
from the technical literature for the more costly information. 

The maximum tensile stresses in the pier or the heave of 
the pier head can exhibit significant variability if there is no 
site-specific information included in the analysis. Neverthe
less , the overall variability can be split into components that 
can be attributed to each intervening parameter. When site
specific information is included in the analysis, the variability 
of the corresponding parameter may be reduced along with 
the overall variability. 

Some of the variables contributing the most to the overall 
variability, such as the maximum surface heave, can be cost
effectively estimated for each specific site; therefore , their 
uncertainty would be reduced . By way of contrast, other pa
rameters much more costly to develop for each site, such as 
the heaving rates, can be estimated from a general data base. 
These parameters , however, would have larger uncertainties . 

The main shortcoming now is the lack of sufficient data to 
permit a proper quantification of the variability of the perim
eter shear modulus G and the associated variation of G with 
depth. A substantial reduction in the overall uncertainty of 
the pier response would be expected if the variability of the 
intervening parameters in the estimation of the shear modulus 
could be documented more thoroughly. 
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Remedial Treatment of a Slab on Clay 
Using a Lime-Fly Ash Curtain 

THOMAS M. PETRY 

A case history is provided of a slab on grade that has experienced 
significant differential and damaging movements caused by the 
swell of highly active clay soils. The damage is illustrated by 
profiles of the slab. Measures taken to stabilize the slab move
ments using moisture stabilization by installation of a lime-fly 
ash grout curtain are included. Relative elevations of the slab 
were determined to warrant the repair measures, which included 
establishment of a deep benchmark, measurements of elevations 
of the slab, and the injection stabilization. More than 1 year of 
elevation surveys are described. This information, along with 
personal accounts of those using the slab, indicates that foun
dation movements have essentially ceased. 

It was projected by Baer that by the year 2000 the average 
total building losses from natural causes would be $12 billion 
(1978 dollars) (J). In fact, the damage caused by expansive 
soils at the time of his study was the second most costly (along 
with hurricane wind and storm surge) among America's most 
destructive natural hazards, surpassed only by riverine flood. 
He predicted that expansive soil damage would cost more 
than $4.5 billion by 2000. Expansive soils are known to exist 
in all 50 states; 20 percent of the nation's families live on such 
soils. The transportation facilities of most states are , there
fore, affected by the damaging behavior of these soils. In 1975 
Snethen et al. reported on the widespread experiences of 
transportation engineers with expansive soils (2). 

Many new construction and remedial methodologies have 
attempted to overcome the behavioral problems presented by 
these materials. The use of vertical barriers against moisture 
movement to stabilize moisture levels in highly active clays 
under slabs has progressed , but it is not generally in wide
spread practice. This is a report on the use of one such barrier 
to stabilize slab on grade on the campus of the University of 
Texas at Arlington (UTA). This relatively thin slab on grade 
is very similar in behavior to those of pavement sections and 
other light transportation-related buildings. The fact that the 
superstructure loads are carried by piers around the slab makes 
it act much the same as transportation slabs. The conclusions 
of the reported study support additional use of such treat
ments for both light building slabs and pavements. 

BACKGROUND 

Early in the 1970s, Poor studied the concept of stabilizing 
highly active clays by controlling their moisture contents through 
moisture movements barriers (3,4) . Both horizontal (ground 

Civil Engineering Department, University of Texas, Box 19308, 
Arlington , Tex. 76019. 

surface) and vertical (subterranean) barriers were studied and 
were found very effective , especially in the moisture-variant 
climate of Texas. The membranes used by Poor were con
structed of recycled rubber, clean gravel, and well-densified 
lean concrete. He found the second two of these membranes 
to be most effective for stabilizing slabs on grade. The 1979 
report of Fors tie et al. described the use of asphalt membranes 
for the control of moisture in expansive clays (5) . They re
ported greatly improved long-term ride performance from 
shoulder and ditch membrane treatments. In 1979, Snethen 
reported on technical guidelines for use of expansive clays in 
highway subgrades, including asphalt membranes to seal the 
subgrade as well as horizontally and vertically placed synthetic 
fabric membranes (6) . 

Steinberg has provided long-term reporting, 1981 through 
1989, on the success of using vertical barriers to moisture 
movement along highway pavements in San Antonio, Texas, 
to stabilize expansive clays (7-9). In each case where these 
have been applied , the maintenance and long-term rideability 
of pavements have significantly improved. Gaye and Lytton 
reported the effectiveness of lime-fly ash grout curtains as 
well as other techniques in stabilizing expansive clay pavement 
subgrades (JO). They found the 10-ft-deep grout curtain to 
be superior to shallower vertically placed fabric membranes . 
It is because of these reports that such a grout curtain was 
chosen to stabilize the slab on grade on the UTA campus. It 
is not understood why more vertical membranes of this type 
and others are not in use along pavements and around slabs 
on grade, except for lack of adequate knowledge of this treat
ment . The following case history is made available to increase 
awareness of the advantages of the technique . 

CASE SITUATION 

Late in 1985 construction was started on the Aerospace En
gineering Research Laboratory at UT A. Before that time it 
had been recommended that, because of the expansive nature 
of subgrade soils, the foundation of this one-story building 
be a mixture of two types. The superstructure is founded on 
straight shafted piers based on a shale layer 22 to 25 ft into 
the subgrade. Grade beams suspended 8 in. off the subgrade 
and supported by the piers provicje support for the tilt-up wall 
and steel-frame roof system. The interior slab on grade is 
supported on 21/z to 3 ft of select fill material that was put in 
place after excavation of a similar depth of natural soils. These 
select fill materials would be expected to have a liquid limit 
of less than 30 and plastic index between 4 and 12 and would 
be classified as an SP-SM by ASTM and an A-2-4 by AASHTO. 
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They were placed there to reduce significantly the swell po
tential of the subgrade and provide a place for misdirected 
drainage to accumulate. This select fill and the slab are shown 
in Figure 1, which includes the soil profile under them. 

The natural soil profile consists of materials weathered from 
the Woodbine geologic formation, which is a typically dense 
and hard river delta and shallow sea deposit. These materials 
are known to be highly variant, vertically and horizontally . 
They often contain layers of materials that vary from pure 
sand to pure highly active clays. At this site the near-surface 
layers, to depths of between 7 and 8 ft, are sandy clays and 
siity sandy clays. These materials would be classified as CLs 
and A-6s or A-7-5s. These are overlying silty shaley clays to 
a depth of 22 to 25 ft. These deeper clay soils would be 
classified as CLs or A-7-5s. Below these depths is a shale of 
significant thickness that has sand seams in it and that prob
ably overlies a cemented sand. The soil materials in this profile 
have significant percentages of sand in them so that their 
Atterberg limits only partly represent their potential for vol
ume change, especially since they are relatively dense ma
terials. Their liquid limits range from the upper 30s to the 
upper 50s , and their plastic indexes, from about 20 to about 
38. Their swelling potential was significant before construc
tion, because they were fairly dry even at depth and construc
tion began near the end of a dry time of the year. In addition, 
it had been reported that, for some time in the past before 
construction of this building, there had been a slow-flowing 
spring on the property. It is unknown where it is in relation 
to the building; it may even be under it. 

Construction of the building began late in 1985, before the 
wetter portion of the year. The structure was complete and 
occupied by December 1986. A plan view of the facility is 
given in Figure 2. The first cracks were noted in interior 
sheetrock walls in February 1986. The first area affected was 
near the north end of the building and in the room just west 
of the north-south hallway. One of the possible problems 

FIGURE 1 Cross section of slab 
and soil profile. 
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FIGURE 2 Plan view of slab on grade and building. 

noted, as part of the early analyses, was poor drainage on the 
:-iest side of the building from the north end and especially 
m the flower bed south of the part of the building west of the 
north-south hallway. In these areas , sprinkling systems and 
poor drainage caused concentrated wetting of foundation soils 
as indicated by laboratory personnel. Even though the use of 
spnnklers was eventually stopped, the foundation movements 
continued. In April 1988, the Civil Engineering Department 
was notified of the problem and the author became involved 
in surveying the situation and recommending remedial actions 
to be taken. 

The first survey of relative differential elevations and dam
age was taken in May 1988. It is important to note that at 
this time no deep benchmark existed at the site. Using a water
level system, the geotechnical engineering group measured 
the relative levels of 270 positions of the slab. The results of 
this survey are shown in the topographic map in Figure 3. 
The c?ntour interval is 0.3 in . The odd contour lines, rep
resentmg differentials of 0.3, 0.9, 1.5, 2.1, and 2.7 in., are 
solid, and the even ones, for 0.6, 1.2, 1.8, 2.4, and 3.0 in. of 
differential, are shown as dotted lines. At that time, the max
imum differential elevation in this slab was nearly 3 in. The 
largest slopes in the slab can be seen to be in the area where 
damage was first noted, whereas the south end of the building 
appears to have few and small differentials. As a part of this 
survey, holes were cut through the slab and samples were 
taken. 
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FIGURE 3 AE building elevations, May 5, 1988. 
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The materials found during this sampling were as expected 
and in accordance with the design. The top 2V2- to 3-ft layer 
was made of select sandy fill materials with very low plasticity; 
the rest was nearly as described in the preceding paragraph. 
These materials, however, still had a swelling potential of 
about 1 in., according to swelling tests performed. One of the 
most significant findings was that the select fill materials were 
saturated to significant heights above the natural clay subgrade. 
There was, therefore, much concern that not only the near
foundation materials, but also those materials at greater depths 
would swell. This potential deep-seated swell, which would 
not be expected unless water ponded in the select fill could 
reach materials over time, was sure to be very damaging. 

A further cause for concern was that the swell happened 
so quickly after construction. This was probably due to the 
relatively high soil mass permeability of the fissured sandy 
soils; it was also a forewarning that more-damaging swell 
could occur sooner than expected. For these reasons, it was 
deemed necessary for remedial actions to be taken as soon 
as possible. 

REMEDIAL ACTIONS 

The remedial actions recommended by the geotechnical en
gineering group of the Civil Engineering Department included 
correction of the remaining, concentrated wetting activities; 
establishment of a permanent benchmark on the property; 
monitoring of slab levels on a continuing basis; installation of 
a lime-fly ash grout curtain where needed; installation of a 
permanent drain system for the select fill; and eventual repair 
of the structure. The first of these was completed fairly quickly 
and included correcting drainage, where needed, to carry all 
surface waters away from the building. There were driveway 
slabs all along the back or east side of the building that acted 
as horizontal moisture change barriers. Monitoring of ele
vations began as soon as the benchmark was placed in the 
spring of 1990. The intervening years had gone by because 
UT A wanted not only to see what would happen but also to 
give the drainage corrections a chance to work. UT A au
thorized further remedial activities, since the problem seemed 
to be worsening. 

Injection of the lime-fly ash grout curtain was done in April 
1990 by the Woodbine Division of Hayward Baker Incor
porated. The forklift used for this purpose is shown in relation 
to the building and as it injected the grout, in Figures 4 and 
5, respectively. This injection was done to a depth of 10 ft at 
5-ft intervals along two single lines such that the resultant 
intervals were 2V2 ft and the curtain was two lines thick around 
the north, west, and south sides of the building, lime-fly ash 
grout contained a surfactant and 7 lbs of dry material per 
gallon consisting of 1 part lime to 3 parts fly ash, the grout 
was injected to refusal at each foot of depth during the pro
cess. The total volume of slurry injected was 16,000 gal. A 
considerable amount of groundwater was being ejected from 
the soil mass during this process. It was possible to move the 
forklift easily around the building and the shock wave tubes 
of the high-speed wind tunnels on the west, or front, side of 
the building. The injection process was completed in 1 day. 

The permanent benchmark installed consists of a No. 8 
reinforcement bar 20 ft long that was driven 5 ft into the 
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FIGURE 4 Grout injection forklift in relation to building. 

subgrade in a predrilled hole cased with 15 ft of PVC pipe. 
A cap was placed over the top of the pipe at a depth to prevent 
mower damage. Elevations of parts of the building, as indi
cated in Figure 1, were taken before the injection process, 
they have been and will be monitored monthly urttil stabili
zation of the foundation is deemed finished. When the build
ing is believed stable enough, recommendations for repair of 
interior damage will be enacted. 

FIGURE 5 Injection of lime-fly ash grout. 
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FIGURE 6 AE building elevations, June 11, 1991. 

REMEDIAL RESULTS 

The success of remedial actions taken in this case is indicated 
by two kinds of survey information. The first of these is from 
intermediate elevation surveys. The initial intermediate sur
vey was done a few days before the injection process and 
another was accomplished within 2 weeks of injection of the 
grout curtain. These surveys consisted of measuring the ele
vation relative to the benchmark at 58 points up and down 
the north-south hallway, in the entrance foyer and back into 
the low-speed wind tunnel laboratory, and, to some extent, 
into the high-speed wind tunnel laboratory. The areas covered 
are shown in Figure 2. Elevation changes were found to have 
occurred between these two surveys, as expected for the ef
fects of the injections. The sizes of these changes were not 
considered significantly damaging, especially when compared 
to what had already occurred; in addition, they were more 
uniform than those which had happened previously. The high
est amount of change was 0.11 ft, but most were around 0.05 
ft. During this same time, the elevation of water in the select 
fill was monitored. Three holes through the slab, where sam
ples had been taken earlier, remained open and although 
these water levels were measured, the water was bailed out 
and the return of water was noted. In all but one location, 
the select fill was found to be drying out. That one remaining 
hole in which water continued to appear is thought to be near 
the natural spring described earlier. 

The remaining intermediate surveys taken to date have 
shown little, if any, further movement of the slab. The sort 
of changes noted from month to month have been all 0.03 ft 
and less, with most being zero. It is believed that almost all 
of these values are generally within the accuracy of the lev
eling process used to determine them. It is believed that this 
slab has essentially ceased to move, and that the foundation 
soils have reached stable moisture levels for the present 
situation . 

The second type of information was determined during a 
level survey of the whole slab done in June 1991. The results 
of this survey are given as a topographic map in Figure 6. 
The contour intervals shown in Figure 6 are the same as those 
in Figure 3. It can be seen that some additional differential 
movements have occurred, but the shape of the slab is nearly 
the same as in 1988. The maximum differential is still 3 in., 

the major differentials are found in the same places, and the 
south end of the building has remained relatively level. 

When considering both types of elevation survey infor
mation, it can be determined that the slab in consideration 
has not moved in any significant way since the injection of 
the lime-fly ash grout curtain and that this curtain has assisted 
in maintaining stable moisture levels in foundation soils. The 
history of movements in this slab was one of large-scale dif
ferentials during the first year of the structure life and less 
damaging ones up to injection of the stabilizing curtain. The 
deflected shape of the slab on grade has remained nearly as 
it was before injection, and this may well provide the oppor
tunity for repair in the near future. 

CONCLUSIONS 

Considering the information developed about vertical mois
ture movement barriers and the results presented herein from 
the remedial actions taken for the slab on grade under study, 
the following conclusions are made. 

1. The reason for the differential movements noted for this 
slab on grade is the swelling of expansive clay soils upon which 
the slab is founded. 

2. The sources of water that have caused the differential 
wetting described were poor drainage, improper watering 
techniques and a possible slow-flowing spring. 

3. The installation of a lime-fly ash grout curtain around 
this structure caused initial relatively small and fairly uniform 
movements. 

4. The installed lime-fly ash grout curtain has provided a 
barrier that has prevented significant moisture change in foun
dation soils. 

5. The resulting slab on grade foundation system is rea
sonably stabl« and is nearly ready for final repairs to the 
building interior. 

6. A lime-fly ash grout curtain is a practicable alternative 
to be considered for use in the stabilization of transportation 
facilities on expansive clay soils, whether they be pavements 
or other types of slabs on grade. 

7. More reported use of this type of barrier, both in re
search and field construction, is needed to raise the awareness 
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of those who can benefit from their use m transportation 
facilities. 
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