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Foreword 

GangaRao et al. present the experimental findings of research on seven bridge decks, six 
concrete-filled and one open. Fanous et al. present the results of their investigation of the 
use of a folded-plate deck structure in a shell bridge system. Soltani and Kukreti summarize 
the results of their survey of bridges with integral abutments. Fu et al. present the results of 
their study of 13 isotropically reinforced bridge decks. 

Meletiou and Tia developed and evaluated a field permeability test apparatus and found 
that the apparatus and method appear promising in providing a suitable measuring system 
for the rapid, convenient, and reliable determination of the in situ water permeability of 
structural concrete. Dutta et al. investigated five rehabilitation methods for corroding rebar 
[latex modified concrete (LMC)] overlay, low-slump dense concrete (LSDC) overlay, polymer 
impregnated concrete, LMC overlay with polymer impregnation, and LSDC with polymer 
impregnation and found that, compared with the untreated specimens, all five methods 
dramatically reduced the corrosion rate. The differences between the five methods were 
insignificant. Al-Qadi et al. conducted an extensive laboratory evaluation of preformed mem­
brane systems as a chloride barrier and found that the preformed membrane systems per­
formed better than unprotected decks. 

Miller and Duwadi present the details of a research program to develop procedures for 
the design and construction of bridge falsework. Jahren and Rooker report the results of a 
fatigue study of an 80-year-old drawbridge. Elgaaly et al. describe the monitoring of the 
Forks Bridge in the state of Maine. Sand~rs and Breen present information and proposed 
provisions on a rational and systematic approach to anchorage zone design that could be 
implemented in the AASHTO Bridge Specification. Eberhard et al. give an overview of 
static and dynamic tests that were performed on a three-span reinforced concrete highway 
bridge to improve the ability of bridge engineers to assess the vulnerability of similar bridges 
to earthquakes. Kritzler et al. present the findings of a comprehensive study of the Chicago 
Transit Authority's elevated steel structures. 

Coffman presents the results of a study of the seismic performance of one control and 
three retrofitted half-scale circular reinforced concrete columns. The retrofitted columns far 
outperformed the control. Bernards et al. report on the investigation of two seismic retrofitting 
methods (external hoops applied over the height of the column and full-height rectangular 
steel jacketing) applied to 2/s-scale shear-deficient columns representative of existing rectan­
gular bridge columns. Although both methods improved performance, the rectangular steel 
jacket retrofit improved performance significantly over that of the as-built column. Fu and 
Tang propose a proof load formula for highway bridge evaluation and demonstrate that the 
proposed formula will ensure a relatively uniform level of bridge structural safety. Aktan et 
al. report on the testing of a reinforced concrete slab bridge to failure to develop procedures 
to allow full use of RC slab bridge capacity. 

Garber et al. report on a study to assess the feasibility of applying cathodic protection to 
corrugated steel pipes to prevent corrosion and proved that corrugated steel pipe can be 
protected economically using cathodic protection. Sargand et al. present information on the 
response and performance of a small-diameter pipe under field conditions. 

vii 
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Behavior of Concrete-Filled 
Steel Grid Decks 

HOTA V. S. GANGARAO, PENMATSA R. RAJU, AND 

NARSIMHA R. KOPPULA 

The experimental findings of the current r~se~rch on concrete­
filled steel grid decks are presented. These fmdmgs are based on 
testing seven specimens (one open and si~ concr~te-filled decks). 
Experimental tests have been conducted ~n elastic as ~ell as post­
yielding ranges, and consequent deflection and str~m da~a are 
critically reviewed and reported. External composite a~t10n ~f 
concrete-filled steel grid decks with wide-flange steel stnngers is 
studied and discussed. Similarly, strain incompatibility of internal 
composite action between steel grid deck memb.ers an? con.crete 
fill (referred to as incomplete internal composite action) 1s es­
tablished with the aid of strain gauge readings, and the data are 
synthesized and presented. Analytical results., based o? the ~r­
thotropic plate theory, are developed and their correlat10ns with 
experimental strains and deflections are pr~sented. Excell~nt cor­
relation of theoretical results with the expenmental results 1s noted 
in the elastic range. 

Bridge deck maintenance and rehabilitation are major prob­
lems currently faced by the transportation industry in the 
United States. The aging bridge infrastructure needs billions 
of dollars for rehabilitation of bridge decks to bring them up 
to acceptable standards (J). The life-cycle cost of conventional 
reinforced concrete slab is becoming a heavy financial burden 
because of either frequent maintenance and repair or reha­
bilitation and replacement. Concrete-filled steel grid decks, 
on the other hand, have been used to rehabilitate many bridge 
decks to reduce the dead load, widen existing decks, increase 
the load-carrying capacity of supporting stringers, and eco­
nomically rehabilitate aging bridge decks. These decks are. 
ideal as bridge decking material in movable and long-span 
bridges because of their low self weight of about 40 to 60 lb/ 
ft2 when compared with concrete decks that weigh about 110 
lb/ft2

• About 25 million ft2 of steel grid decks is in use in the 
United States (2) (unpublished data, Bridge Grid Flooring 
Manufacturers Association). Concrete-filled grid decks share 
about 75 to 80 percent of total bridge grid deck area now in 
use. Concrete-filled steel grid decks have been used in many 
major bridges, such as the Walt Whitman Bridge (1956), 
Mackinac Straits Bridge (1957), Verrazano Narrows Bridge 
(1964), and others. Some of them have been in use for more 
than· 60 years and have exhibited excellent performance 
characteristics. 

Manufacturing and installation costs of concrete-filled grid 
decks vary from about $20 to $25/ft2

, depending on the type 
of steel grid deck, concrete filler, and other construction con-

H. V. S. GangaRao and P. R. Raju, College of Engineering, West 
Virginia University, Morgantown, W. Va. 26506-6101. N. R. Kop­
pula, Bechtel Power Corporation, Gaithersburg, Md. 20877. 

straints. Open steel grid decks are either rectangular or four­
way types. Steel grid decks are factory assembled and consist 
of main and secondary (cross) bars positioned perpendicular 
to each other. The bars are mechanically interlocked and 
welded or riveted at their intersections. Tertiary bars may be 
added to run in the middle of main bars. Concrete may be 
placed to the full depth, half depth of the grid deck with or 
without overlay, or just over the grid deck ( exodermic). The 
fully filled grid deck is shown in Figure 1. 

In spite of their long usage, longitudinal growth of filled 
grids, cupping and cracking of concrete overlay, and weld 
failures between stringers and filled decks have been reported 
as maintenance problems (J ,2). In addition, there are no sat­
isfactory analytical methods available to predict the elastic 
and ultimate strength behavior of concrete-filled decks under 
applied static loads. No satisfactory design criteria have been 
established to check the strength and stiffness of concrete­
filled steel grid decks. 

The major objective of this study is to understand the pre­
and postcracking strength and stiffness behavior of fully filled 
concrete grid decks under out-of-plane static loads, With em­
phasis on internal composite action between grid bars and 
concrete, external composite action between filled grid and 
wide-flange stiffening beams, elastic and ultimate moments, 
and simple theoretical correlations with the experimental data. 
Many other important issues, including fatigue behavior, deck 
growth phenomenon, and improvements in stiffness, are being 
researched and will be published as a sequel to this work. 

All new specimens (Specimens 1 through 4 and 7) are 12 
ft long and 6 ft wide. The old specimens (Specimens 5 and 
6) are 14 ft long and 6 and 5.5 ft wide, respectively. For all 
specimens, main bars run in the long direction except for 
Specimen 3, where main bars run in the short direction. All 
steel grid decks are 4.25 in. deep, but the total depth of 
Specimens 4 through 6 varies with overlay. Cross bars are 
spaced at 4 in. in all specimens, whereas main bars are spaced 

FIGURE 1 Full-depth concrete grid deck. 
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TABLE 1 Description of Specimens Used for Testing 

SPECIMEN TYPE OF GRID STATUS** SPECIMEN MAIN MAIN TOTAL CONCRETE 
NUMBER DECK SIZE BAR BAR DEPTH OF STRENGTH 

DIR. SPACING SPECIMEN (PSI) 

1 OPEN NEW 6' x 12' LONG 8" 4.25" -
2 FULLY FILLED NEW 6' x 12' LONG 8" 4.25" 4600 

3 FULLY FILLED NEW 12' x 6' SHORT 8" 4.25" 7300 

4 FULLY FILLED NEW 6' x 12' LONG 8" 6.375" 4500 
WITH 
2 1/8" 

OVERLAY 

5 FULLY FILLED OLD* 6' x 14' LONG 6" 4.625" 4000 
WITH (ASSUMED) 

0.375" 
OVERLAY 

6 FULLY FILLED OLD* 5.5' x 14' LONG 6" 4.44" 4000 
WITH (ASSUMED) 
0.19" 

OVERLAY 

7 FULLY FILLED NEW 6' x 12' LONG 8" 4.25" 4000 

*TERTIARY BARS ARE SPACED AT 6" BETWEEN THE MAIN BARS 

**EXODERMIC DECK TEST RESULTS WILL BE PRESENTED AS A SEQUEL TO THIS PAPER 

- CONCRETE IS NOT PRESENT 

at 8 in. and 6 in. for new and old decks, respectively. Old 
specimens have tertiary bars at 6-in. spacing and are in the 
direction of main bars. No tertiary bars are present in new 
specimens. Concrete strength used in new specimens is in­
dicated in Table 1. Concrete strengths of old decks are not 
known, because no data are available. However, for analysis 
purposes, concrete having 4,000 lb/in. 2 strength is assumed. 
The two old specimens were removed from the Hall Station 
Bridge over Union Railroad at Monraville and brought to the 
Major Units Laboratory, West Virginia University (WVU), 
to find strength and stiffness of old decks. One end of each 
old deck was severely damaged during its removal. The se­
verely damaged end was avoided, and testing was carried out 
on a 10-ft span. 

About 100 tests on seven specimens have been conducted 
to study the elastic and ultimate behavior of concrete-filled 
steel grid decks. The influence of internal and external com­
posite action on the stiffness of concrete-filled decks was stud­
ied. Experiments on flexural behavior, including transverse 
load distribution, load sharing, and deformations, were also 
carried out on open decks for comparison with concrete-filled 
grid decks. Experimental data were collected using four to 
six strain gauges and four dial gauges. Detailed information 
on testing can be obtained elsewhere (3). 

OPEN VERSUS CONCRETE-FILLED DECKS 

Static tests were conducted to measure the flexural stiffness 
of open and concrete-filled grid decks. The study reveals a 
substantial increase in strength and stiffness of open decks 
when filled with concrete (Table 2). The two-beam and three­
beam experimental test set-ups were used to carry out the 
load tests. The two-beam set-up was the same as the three-

beam set-up except for removing the central beam and re­
taining the end beams. In the two-beam set-up, the maximum 
test span of 11.5 ft for new open concrete-filled decks and 10 
ft for old filled decks are used in the experiments. A 10- by 
20-in. loading pad was placed at the geometric center of a 
deck to simulate dual truck tires and oriented so that traffic 
flow was parallel to the main bars. Load versus deflection 
curves for an open grid deck (Specimen 1), and new concrete­
filled steel grid decks (Specimens 2 through 4 and 7) are 
presented in Figure 2 because they have similar geometric 
properties. 

For comparison of new filled decks with old filled decks, 
bending stiffness of all the decks tested in the elastic range is 

-shown in Table 2. Fully filled decks (Specimens 2 and 7) 
without overlays are about 2.5 times stiffer in the main bar 
direction than an identical open steel deck without concrete, 
and they are about 4 times stiffer in the main-bar direction 
than in the cross-bar direction because of main- and cross-

TABLE 2 Flexural Stiffness of Various Decks 

Specimen Spanning bar & Span Type of Stiffness 
number spacing Ft. deck of the 

specimen 
(kips/in) 

1 Main bar @8" 11.5 Open 9.92 

2 Main bar@ 8" 11.5 Filled 22.61 

3 Cross bar @ 4" 11.5 Filled 6.62 

4 Main bar@ 8" 11.5 Overlaid 68.5 

5 Main bar@6" 10 Filled 60.6 

6 Main bar@ 6" 10 Filled 50.0 

7 Main bar@ 8" 11.5 Filled 26.88 
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FIGURE 2 Load deflection of open and concrete-filled 
decks for span of 11.5 ft. 

1.25 

bar stiffness variations (i.e., the orthotropic nature of the deck 
system). Low stiffness is noted in Specimen 3 as it spanned 
in the cross-bar direction, whereas others are spanned in the 
main-bar direction. The flexural rigidities of the fully filled 
deck in main- and cross-bar directions are 26.62 x 103 and 
7.65 x 103 ksi/in., respectively. The ratio of flexural rigidities 
in main and cross-bar directions is about 3.5, which results in 
greater stiffness in main-bar direction over cross-bar direc­
tion. The deck with overlay of 2 YR in. (Specimen 4) is around 
2. 75 times stiffer than fully filled decks (Specimens 2 and 7). 
In fully filled decks, Specimen 7 showed about 18 percent 
higher stiffness than Specimen 2, which is attributed to the 
type of concrete (4,600 lb/in. 2 versus 4,000 lb/in. 2

) and the 
curing method (wrapped in plastic versus daily watering). Old 
concrete-filled decks are stiffer than new filled decks because 
of the differences in span length, main bar spacing, and ter­
tiary bars in new and old decks. 

INTERNAL COMPOSITE ACTION 

Internal composite action is related to the degree of strain 
compatibility between the steel grid and the concrete that fills 
the open cells of a steel grid. The degree of strain compatibility 
between steel and concrete is investigated by measuring strains 
on both steel and concrete at the top and bottom of the deck. 
Typical load-versus-strain and load-versus-deflection plots for 
Specimen 7 are presented in Figures 3 and 4, respectively. In 
the precrack state, low tensile strains in concrete and high 
tensile strains in steel indicate poor adhesive bond between 
the steel grid deck and the concrete in the tension zone at the 
bottom of the deck. Therefore, tensile force in steel is fully 
accounted for, whereas tensile force in concrete is neglected. 

Hairline shrinkage cracks were observed alonf the main 
bars in concrete-filled grid decks (Specimens 2, 3, and 7). The 
main-bar strains at the top of a deck (MBT) are about two 
to four times higher than the concrete strains (CT-MB) (Fig­
ure 3). Thus, strain incompatibility between steel and concrete 
is observed and is attributed to the lack of full adhesive bond 
between the steel main bars and concrete. The lack of ad­
hesive bond is confirmed by the presence of the hairline cracks 
observed along the main bars in all specimens of fully filled 
decks except overlaid deck (Specimen 4). The cracks are be­
lieved to be caused by shrinkage of concrete between two 
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FIGURE 3 Load strains of Specimen 7 at ultimate load. 
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FIGURE 4 Load deflection of Specimen 7 at ultimate load. 
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contiguous main bars. The old decks showed better strain 
compatibility between steel and concrete than did new decks 
(Figures 3 and 5). Bulking of individual steel grid I-bars caused 
by rusting had filled the cracks between the steel main bar 
and the concrete (2) and thus improved adhesive bond. This 
phenomenon was observed in old decks. Other reasons for 
better compatibility in old decks are (a) main bar spacing (6 
in. compared with 8 in. of new decks); (b) use of tertiary bars 
between main bars; (c) concrete overlay of 0.2 to 0.4 in. over 
the main bars, resulting in minimal shrinkage cracks; (d) type 
of concrete; ( e) age of concrete; ( f) effect of environmental 
loads; and (g) chloride concentration leading to corrosion. A 
summary of strains and neutral axes of various specimens is 
given in Table 3. 

Strain incompatibility, as measured by the ratio of steel to 
concrete strain at the same location, decreased with the in­
crease in applied load. This phenomenon is attributed to clo­
sure of cracks caused by compression on the top surface of 
the deck. However, the strain incompatibility (inability of 
steel bars and concrete to act together) in filled decks in­
creased with repeated static tests, thus confirming poor ad­
hesive bond between the steel grid deck and the concrete. 
For example, strain incompatibility in the compression zone 
of Specimen 7 (strains on top of steel main bar and concrete 
are 952 x 10- 6 and 497 x 10- 6 , respectively) increased from 
about 2 to about 3 (strains on top of steel main bar and 
concrete are 1,107 x 10- 6 and 414 x 10- 6 , respectively) as 
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testing progressed. A similar trend was observed for all new 
specimens. 

Concrete-filled decks were tested to study the flexural be­
havior in tension. It was observed from neutral axis location 
and ·strain readings that the adhesive bond effects between 

FIGURE 5 Load strains of Specimen 5 at ultimate load. 

steel and concrete are negligible (see Table 4). Internal force 
equilibrium is evaluated by accounting for the degree of strain 
compatibility in the deck. The internal resisting (experimen­
tal) moment is arrived at from internal forces that are com­
puted from strain gauge readings and is verified with the 
theoretical moment computed from the orthotropic plate the­
ory. The experimental and theoretical ·moments of concrete­
filled decks compared well (Table 4). Similarly, the measured 
deflections compared well with the theoretical deflections de­
rived from the orthotropic plate theory. The details of ortho-

TABLE 3 Summary of Strains for Various Specimens for 10 Concentrated Loads at Mid-Span 

N. AXIS 
MICRO STRAINS IN 

SPECIMEN MAIN TOTAL MAIN N. AXIS 
DESCRIPTION BAR DEPTH BAR DEPTH 

SPAN OF FROM RATIO 
DECK TOP OF 
(IN) DECK 

COM PR.ZONE RATIO TENSION RATIO I I ZONE (IN) 
STEEL CONC STEEL CONC 

SP-2 
(M.BAR-12') 11.5" 605 228 2.65 765 56 13.7 4.25 2.07 0.487 

SP-3 
(M.BAR-6') 6' 267 79 3.38 315 44 7.16 4.25 2.12 0.498 

SP-4 
(M.BAR-12') 11.5' 386* 220 1.75 446 4 112 6.375 3.09 0.485 

(21 /8"0VER LAY) 
SP-5 

(OLD DECK-1) 1 O' 194* 248 0.78 378 44 8.59 4.44 1.725 0.373 
(.38"0VERLA Y) 

SP-6 
(OLD DECK-2) 1 o· 232* 253 0.916 312 26 12 4.625 2.275 0.517 
(.19"0VERLAY) 

SP-7 
CM.BAR-12') 11.5' 517 258 2 537 97 5.54 4.25 2.215 0.52 

*M.BAR TOP STRAINS EXTRAPOLATED TO TOP OF CONCRETE WEARING SURFACE 

TABLE 4 Comparison of Theoretical and Experimental Results for 10-kip Point Load at Center of Span 
(test set-up 5) 

DEFLECTION (IN) L.L.D MOMENT (KIP-IN) 

SPECIMEN SPAN PER FOOT OF DECK 
NUMBER (FT) THEORETICAL EXPERIMENTAL 

CENTRAL EDGE CENTRAL EDGE THEORETICAL EXPERIMENTAL 

2 11.5 0.333 0.315 0.410 0.368 55.20 71.86 

4 11.5 0.140 0.134 0.124 0.132* 55.80 70.63 

5 10 0.156 0.138 0.164 0.157 47.48 54.00 

6 10 0.179 0.162 0.203 0.143 50.57 51.42 

7 11.5 0.335 0.315 0.344 0.305 55.20 59.66 

*EDGE DEFLECTIONS ARE HIGHER BECAUSE OF SUPPORT SETTLEMENTS 

I 
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tropic plate theory and the methodology to arrive at the the­
oretical moments and deflections are given elsewhere (3). 

EXTERNAL COMPOSITE ACTION 

The degree of external composite action of concrete-filled 
decks with their supporting system is measured. To evaluate 
this composite action, the analysis considered force equilib­
rium, strain compatibility, shift in neutral axis of stringer, 
reduction in stringer deflections, and shear lag along the deck 
width. Concrete-filled decks are stiffened by three wide-flange 
steel beams spaced at 6 ft in the short direction of the decks. 
Composite action was achieved between the stringers and the 
deck by high-strength friction grip bolts. Load-strain and load­
deflection plots for composite and noncomposite behavior of 
the central stringer with Specimens 2 through 4 and 7 are 
given in another report (3). However, only the composite 
behavior of the central stringer with Specimen 7 is shown in 
Figures 6 and 7. Strain gauges were placed across the span 
direction of filled decks to measure strain variations caused 
by shear lag along the width of the deck. The strain variations 
corresponding to the distance from the central stringer are 
plotted for Specimens 2 and 3 in Figures 8 and 9. These plots 
clearly demonstrate the shear lag along the width of the deck. 
From strain diagrams on Specimen 7, shown in Figure 10, it 
is concluded that only partial composite action is achieved 
between flange stringers and the deck. As an example, the 
filled grids subjected to a concentrated load on the middle 
stringer are considered for the evaluation of composite action. 
The applied concentrated load is transversely distributed among 
the three stringers in proportion to the measured deflections 
of the stringers. The load distribution is verified from the 
WVU method developed from orthotropic plate theory (4). 
The experimental and theoretical transverse load distributions 
among the stringers correlated well with the experimental data 
(Table 5). 

The external moment, bending, and shear deflections of 
the middle stringer are computed from this distributed load. 
Total theoretical deflection of the middle stringer is the sum 
of bending and shear deflections. Comparison of total theo­
retical deflections with measured deflections is found to be 
good; a maximum variation of 17 percent is noted in Table 
5. The old concrete-filled grid decks (Specimens 5 and 6) were 
not tested for composite action with stiffening beams. 
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FIGURE 6 Load strains of composite stringer of 
Specimen 7. 
';;:··· 

Ui 60 
a. 
g 
c 40 
cC 
0 _, 

20 

0.02 0.04 0.06 0.08 0.10 0.12 
DEFLECTION (IN) 

FIGURE 7 Load deflection of central stringer in 
Specimen 7 for composite action. 
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FIGURE 8 Distance strains in cross bars along the flange 
(filled deck) of composite stringer of Specimen 2 for a load 
of 40 kips on central stringer. 
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for a load of 40 kips on central stringer. 
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FIGURE 10 Strain diagrams for composite stringer with 
Specimen 7 for 30-kip load. 
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TABLE 5 Theoretical and Experimental 
Deflections of Concrete-Filled Grid Deck 
Composite with Wide-Flange Beams 

Specimen Deflections (in) 
number 

Theory Measured 

Bending Shear Total 

2 O.o31 0.010 0.041 0.034 

3 0.034 0.009 0.043 0.039 

4 0.019 0.006 0.025 0.023 

7 0.026 0.008 0.034 0.031 

TABLE 6 Effective Flange Widths of Composite Stringer 
with Shift in Neutral Axis 

ISpec. Shift Effective Deflections(in) 
No. in flange 

N.axis width Theory Experimental 
(in) required 

for shift Bending 
(in) 

Shear Total 

4 4.805 11.4 0.011 0.006 0.017 0.023 

7 3.069 9.15 0.017 0.008 O.D25 0.031 

THEORETICAL EVALUATION 

A simple approach was adopted to calculate the effective 
width of the deck for external composite action based on the 
shift in the neutral axis of the stringer from its centroid. The 
shift in the neutral axis is measured from the strain readings 
in the stringer for the composite case. An equivalent deck 
area is derived to compute the shift in the neutral axis. A 
composite stringer moment of inertia is computed using the 
equivalent area. The bending and shear deflections are com­
puted using the composite moment of inertia. The shifts in 
the computed and measured deflections of the neutral axes' 
depths and effective flange widths are given in Table 6. The 
theoretical procedure is presented in another study (3). 

ULTIMATE MOMENT 

All the concrete-filled decks (Specimens 2 through 7) were 
tested to their ultimate load-carrying capacity. The two-beam 
experimental set-up was used for the ultimate loading test. 
The dial gauge locations were at the center, the edge of the 
deck, and also at the center of the edge beam. Load-versus­
strain and load-versus-deflection data for all specimens were 
measured (3). Load-versus-strain gauge readings for a new 
filled deck (Specimen 7) and an old filled deck (Specimen 5) 
are shown in Figures 3 and 5. Similarly, load-versus-deflection 
data for these specimens are shown in Figures 4 and 11. 

Open (Specimen 1), concrete flush-filled (Specimens 2 and 
7) and 2Vs-in. overlaid (Specimen 4) decks have 11.5-ft spans. 
For these specimens, yielding of steel bars was observed at 
about 7, 16, 22, and 28 kips, respectively. The open deck 
(Specimen 1) was not tested beyond the elastic range. There­
fore, load was obtained by linear extrapolation of strains. 

Ultimate load tests for these specimens showed that bottom 
steel yielded first in all the specimens except Specimen 7. 
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FIGURE 11 Load deflection of Specimen 5 at ultimate 
load. 
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FIGURE 12 Load deflection of Specimen 2 at ultimate 
load. 
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Concrete reached its crushing value (strain of 0.003) only in 
Specimen 4, which has a 2 Vs-in. overlay. Other fully filled 
concrete specimens did not reach the concrete crushing value 
because of strain incompatibility between steel and concrete 
in the compression zone. 

In fully filled decks, the global deck deflections showed 
linearity beyond local yielding of main bars. This shows that 
there is a considerable degree of indeterminacy in the concrete­
filled decks that leads to redistribution of loads. Post-yielding 
linearity is observed in up to about 50 percent and 14 percent 
higher loads than the initial yield loads for Specimen 2 and 
Specimen 7 in Figures 12 and 4, respectively. The post-yielding 
linearity depends on the degree of strain incompatibility. 

CONCLUSIONS 

1. Fully filled concrete decks were found to be about 2.5 
times stiffer than the comparable open steel grid deck. 

2. Concrete-filled grid decks with a 2 Vs-in. overlay were 
about 2. 75 times stiffer than the fully filled decks. 

3. Concrete is found to be ineffective in the tension zone. 
4. The observed strain incompatibility between main bars 

and concrete is two to four times in all new concrete-filled 
decks. However, better strain compatibility is noted in an 
overlaid deck through experimental results. 

5. Good strain compatibility is observed in old concrete­
filled decks that were in service for several years. 

6. Concrete-filled grid decks stiffened by the wide-flange 
steel stringers are 1.5 to 2.25 times stiffer than the stringer 
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stiffness alone. For example, full composite action between 
filled decks and steel stringers can be assumed for design 
purposes. 

7. Fully filled grid decks show some linearity beyond the 
local main bar yielding, which emphasizes the hyperstatic na­
ture of concrete-filled grid decks. 

8. Ultimate concrete compression strains (0.003) were· at­
tained only in overlaid concrete-filled decks. However, poor 
strain compatibility between concrete and steel in other new 
decks occurred even though yielding of steel was noted; con­
crete and steel grid decks cannot be treated in unison for 
design purposes. 

9. Deflection and moments of concrete-filled decks ob­
tained from the orthotropic plate theory compared well with 

. the experimental results. 

7 
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Investigation of a Folded-Plate Bridge 

FOUAD FANOUS, F. WAYNE KLAIBER, AND TAHER MERCHANT 

Closing a bridge for rehabilitation or emergency repairs always 
causes costly delays and inconveniences the traveling public. A 
bridge system that is economical, relatively easy and quick to 
construct, and capable of withstanding the live loads and volume 
of today's traffic would alleviate some of these problems. As a 
possible solution to the nation's need for an emergency or "by­
pass" bridge, a new type of bridge-the shell bridge-has been 
developed. The feasibility and practicality of the shell bridge 
system have been verified through analytical and experimental 
investigations. The use of a folded-plate deck structure instead 
of a circular-shell deck structure in a shell bridge system was 
investigated. The obvious advantage of using a folded-plate cross 
section is that fabrication would be much simpler (i.e., flat form 
work instead of curved form work). The folded-plate bridge sys­
tem was investigated analytically using the AN SYS general-purpose 
finite-element program. In the experimental portion of the in­
vestigation, a 1 :24 Plexiglas scale model of a folded-plate bridge 
was fabricated and tested. The model was subjected to in-plane 
forces to simulate posttensioning forces and vertical forces to 
simulate live loading. In this preliminary investigation, the folded­
plate deck structure, except for the higher transverse stresses 
caused by the lack of arch action, was determined to be an im­
provement over the circular-shell deck structure. 

Because bridges are a vital element of any country's surface 
transportation system, the closing of a bridge for any reason 
(emergency repairs, strengthening, rehabilitation, etc.) al­
ways causes costly delays, detours, and inconvenience to the 
traveler. This is especially true in the cases of isolated bridges 
where the next available bridge is several miles away or bridges 
subjected to high volumes of traffic. To help alleviate some 
of these problems, a shell bridge system has been developed 
that is economical, relatively easy and quick to construct, and 
capable of carrying legal loads and today's volume of traffic. 
Although it is primarily intended to be used for "bypass" 
bridges, this system can be used with appropriate modification 
in permanent installations. 

Several prefabricated elements and systems are available 
today for replacing damaged and deficient bridges relatively 
quickly and at a relatively low cost (e.g., precast, prestressed 
beams plus precast slabs). These systems are applicable for 
short spans; if intermediate supports are used, these systems 
can also be used for long multispan bridges. The shell bridge 
system developed in this study can be used for both short and 
relatively long spans without intermediate supports. The shell 
bridge is segmental, which eliminates many handling and 
transportation problems. Using the technology of segmental 
construction, individual shell segments are posttensioned to­
gether at the site to construct a bypass bridge of the desired 
span length. The shell bridge combines the advantages of 

Department of Civil and Construction Engineering, Iowa State Uni­
versity, Ames, Iowa 50011. 

prefabrication and segmental construction and also has high 
torsional rigidity plus arch action in the transverse direction. 

Fanous et al. reported preliminary investigations of this 
system (1). In their study, 15 different cross sections were 
analyzed. From these, four different configurations of the 
integrated deck and circular shell structure (i.e., potential 
shell bridge cross sections) were investigated using finite­
element techniques. The primary emphasis of this study was 
the investigation of the shell-deck connection and various 
methods of connecting the edge of the deck to. the shell. The 
most efficient was the cross section with the lightest shell­
deck connection (relatively long but thin) and inclined mem­
bers (for connecting the edge of the deck and shell). 

The second phase of the study involved the construction 
and testing of a 1:3 scale model shell bridge (2). The scale of 
the posttensioned reinforced concrete model was determined 
by available laboratory space and the minimum thickness of 
concrete that could be cast. The model consisted of six seg­
ments posttensioned together to create a model bridge 10 ft 
wide and 34 ft long. Thus, the prototype of this model would 
be 30 ft wide (two lanes) and more than 100 ft long, which 
is considerably longer than the usual simple span bridges. The 
primary purpose of the laboratory model testing was to de­
termine potential construction problems and potential stress 
concentrations that could1not be determined with finite-element 
analysis. 

The third phase of the shell bridge investigation involved 
the analytical and experimental investigation of a folded-plate 
bridge (3)-one in which the shell portion of the shell bridge 
is replaced with plate elements (Figure 1)-to determine its 
behavior and response to various loading conditions. Al­
though the transverse arch action is lost, the folded-plate 
structure would be much easier to fabricate (e.g., flat elements 
in the cross section). Although the use of folded-plate struc­
tures for bridges is a new concept, folded-plate roof structures 
have been used extensively when long spans without inter­
mediate supports are required. In most situations, folded­
plate roofs usually require posttensioning. 

EXPERIMENTAL PHASE 

Model 

Plexiglas was selected for the model material; this resulted in 
several problems that will be discussed later. Use of the Phase 
II prototype br'idge (length, 100 ft; width, 30 ft) and Plexiglas 
that was readily available (thickness, 1

/4 in.) resulted in a 1 :24 
scale model. The cross section and side view of the model are 
shown in Figures 2a and b, respectively. Curbs and diagonal 
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(a) 

DECK 

(b) 

FIGURE 1 Shell bridge cross sections: (a) circular-shell 
elements and (b) folded-plate elements. 

(a) 

BEAM 

ALUMINUM POST-TENSIONING TENDONS o 
STEEL POST-TENSIONING TENDONS • 

(b) 

9 

members were bolted to the model so it could be tested with 
and without curbs and diagonals. 

Although the Plexiglas model was fabricated as a unit (i.e., 
no individual segments), posttensioning was included because 
it would be required in the prototype. Shown in Figure 2a 
is the location of the posttensioning applied to the model. 
Initially, annealed aluminum rods were used for the post­
tensioning; however, after repeated use, the threads would 
wear out. The aluminum rods were then replaced with steel 
rods; the higher modulus of elasticity resulted in smaller strains 
in the rods, which were obviously more difficult to measure 
accurately. 

Material Properties 

To determine the modulus of elasticity and Poisson's ratio of 
the Plexiglas, an instrumented simply supported beam, fab­
ricated from the Plexiglas used in the model, was tested using 
third-point loading (2). Midspan transverse and longitudinal 
strains were recorded at 15-sec intervals. Results revealed that 
the rate of creep became negligible after a· few minutes. Based 
on the test results, instantaneous Young's modulus and Pois­
son's ratio were determined to be 443,800 lb/in. 2 and 0.36, 
respectively. After 1 min, Young's modulus of the Plexiglas 
was found to be 414,900 lb/in. 2 ; after 2 min it had decreased 
to 409,700 lb/in. 2

• In the analytical studies, an average mod-

END DIAPHRAGM 

ANCHOR BLOCKS 
FOR POST-TENSIONING 
TENDONS 

FIGURE 2 Plexiglas bridge model: (a) cross section of bridge and (b) side view of bridge 
model with six diagonals. 
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ulus of elasticity (428,000 lb/in. 2) and Poisson's ratio (0.36) 
were used. 

Instrumentation 

Basic instrumentation for the model consisted of electrical­
resistance strain gauges (henceforth referred to as gauges) for 
measuring strains and mechanical dial gauges for measuring 
deflections. The gauges were monitored using a computer­
controlled data acquisition system. 

General-purpose temperature-compensate gauges were in­
stalled and waterproofed on the model as well as on the post­
tensioning tendons in accordance with the manufacturer's 
guidelines. Two gauges were mounted on each posttensioning 
tendon longitudinally and diametrically opposite each other 
so that the axial force could be measured accurately and bend­
ing strains cancelled. 

Because the model is geometrically symmetric about the 
longitudinal and transverse axes, its response under sym­
metrical loading can be assumed to be symmetric. Taking 
advantage of the assumed symmetry, the majority of the gauges 
were installed on one-quarter of the model. However, to ver­
ify the assumed symmetric behavior of the bridge, 10 gauges 
were installed on the other quarter-sections of the model. 

As will be shown, only longitudinal strains in the curbs and 
beams are significant; transverse strains are essentially neg­
ligible. Hence gauges were positioned so that strains could 
be monitored along the tops and bottoms of the curbs and 
beams. Along the longitudinal and transverse centerlines of 
the deck and near the deck-plate connection, two separate 
gauges perpendicular to each other were installed at points 
of interest to measure the longitudinal and transverse strains. 
This combination was used instead of rosettes to avoid gauge 
heating problems. Mechanical dial gauges were used to mea­
sure midspan beam· and. curb deflection. Space limitations 

TRANSPORTATION RESEARCH RECORD 1371 

(i.e., smallness of model) prevented monitoring the deflec­
tions at additional locations. 

FINITE-ELEMENT ANALYSIS 

Modeling 

The integrated folded-plate deck bridge model was analyzed 
using the ANSYS finite-element program (4). Eight-node solid 
elements (STIF45 in ANSYS element library) were used to 
idealize the bridge deck, folded plates, anchor plates, and 
gusset plates (see Figure 3). These elements were also used 
to analyze the shell bridge structures studied in previous re­
lated work (1,2). Posttensioning tendons, the. vertical and the 
diagonal elements connecting the shell edge beam to the deck, 
were modeled using three-dimensional truss elements (STIFS 
in ANSYS element library). 

Because of the geometrical symmetry of the bridge model 
about the longitudinal and transverse axes, only one-quarter 
of the bridge structure was modeled. Appropriate symmetry 
and asymmetry boundary conditions were applied at the nodes 
on the symmetry planes. However, for general cases of load­
ing, four computer runs with various combinations of bound­
ary conditions were needed. For loads symmetric with respect 
to one of the symmetry planes, only two runs were used. The 
model was analyzed considering the following configurations 
and was tested in Configurations 1 and 2. 

• Configuration 1: Model without diagonal members con­
necting the deck to the folded plate. 

•Configuration 2: Model with six diagonal members con­
necting the deck to the folded plate. 

•Configuration 3: Model with 12 diagonal members con­
necting the deck to the folded plate. 

FIGURE 3 Finite-element model (perspective view) of integrated 
folded-plate deck bridge. 
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Posttensioning 

In the finit~-element analysis, the posttensioning forces in the 
tendons were included as a prestrain in the truss elements 
used to model the tendons. This was accomplished in steps 
to obtain the desired value of posttensioning force in each 
tendon. In the first step, the strain in each tendon was esti­
mated using the desired posttensioning forces. However, ex­
amination of the analysis results indicated that the forces in 
the tendons were slightly less than desired. This lessening of 
the tendon forces was caused by losses in the specified pre­
strain because of the axial shortening of the bridge caused by 
posttensioning forces. The prestrain was then modified to 
account for these differences, and the structure was reana­
lyzed until the desired posttensioning forces were obtained. 
The final posttensioning forces applied in the analysis were 
used in the comparisons with experimental results. 

TESTING AND RESULTS 

Test Procedure 

The bridge model was first tested using a 7.5-lb, single con­
centrated load simulating the scaled load· of one axle of a 
standard HS20-44 truck (5). This load was adequate to pro­
duce strains of a magnitude sufficient to be accurately mea­
sured. Strains and deflections were recorded for the single 
load positioned at various locations defined by the longitu­
dinal and transverse axes, as illustrated in Figure 4, to de­
termine maximum deflections, shear stresses, and longitudinal 
and transverse strains. The model was also subjected to sim­
ulated AASHTO HS20-44 trucks positioned to produce max­
imum stress in the model. 

Results 

As previously noted, posttensioning of the tendons in the 
model to the desired force required adjustment to account 
for the creep in the Plexiglas material. Adjustments were 
made until the posttensioning forces were essentially stabi­
lized. Posttensioning results (analytical versus experimental) 
were significantly different; the more noticeable differences 
occurred in the vicinity of the applied posttensioning force. 

FIGURE 4 Load point locations. 

© 
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These differences resulted from the higher creep that occurred 
in these areas and the way creep was included in the analytical 
model. 

Response of the Model Under Single Load 

Bridge Deck 

The deflection of the bridge model deck at mi<;fspan with 
various web member configurations (Figure 2) loaded with a 
single load near the curb at midspan is shown in Figure 5. 
The difference between the measured and theoretical deflec­
tions was within 13 percent. Connecting the deck to the folded­
plate edge beam reduced the overall deflection and resulted 
in higher torsional stiffness, as indicated by the smaller dif­
ferential displacement between Edges A and C shown in 
Figure 5. 

The transverse strains across the top of the deck at midspan 
when the load is placed at Points Gl and G3 (Figure 4) are 
shown in Figure 6. Note the excellent agreement between the 
finite-element analysis and the experimental results. Con­
necting the deck to. the folded-plate edge beam reduced the 
magnitude of the transverse strains (Figure 6a). These strains 
were significantly reduced when the number of the diagonal 
members was doubled (12 diagonals versus 6 diagonals). In­
creasing the number of diagonals increased the stiffness of 
the cross section and significantly reduced the transverse strains 
near the connection between the folded plate and the deck. 
On. the other hand, the distribution and magnitude of the 
transverse strains in the deck are essentially independent of 
the type of deck-edge beam connection when the load is ap­
plied at Point G3 (Figure 6b). The presence of diagonal mem­
bers improved the overall structural behavior of the section 
under non-symmetrical loadings. 

The distribution of the longitudinal strain across the top of 
the deck and along the bridge centerline when the load is 
positioned at Point G3 is shown in Figure 7. As can be seen, 
the strain distribution is not affected by the presence of the 
diagonal members connecting the deck to the folded plate's. 
edge beam. Also illustrated in this figure is the overall agree­
ment between the· analytical and experimental results; how­
ever, the results differ significantly at the point of loading. 
This difference most likely results from idealizing the load as 
a true point load in the finite-element analysis instead of 
distributing the load, as presented ·in the model testing. 
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FIGURE 7 Longitudinal strain distribution on top of deck at 
midspan-single load at. point G3: (a) strains across the deck 
and (b) strains along the bridge span. 

Folded Plate 

To investigate the response of the folded plate, the longitu­
dinal and transverse strains were recorded for the single-load 
position at various locations along Section G (Figure 4). The 
longitudinal strain at midspan at Point P in the inclined plate 
was not significantly affected by the addition of the diagonal 
members, as shown in Figure Ba. However, adding diagonal 
members increased the torsional rigidity of the section and 
reduced the rotation of the deck-plate connection, resulting 
in a smaller transverse strain in the inclined plate when the 
load was applied near the curb (Figure Sb). The experimental 
results also illustrated that the transverse strain at Point P 
rapidly decreases as the load moves toward the other side of 
the deck (Figure Sb). 

The experimental results also indicated that the maximum 
shear stresses in the inclined plate occurred when the load 
was applied at Point B2 (Figure 5). In this case, most of the 
load is transferred to the supports through the inclined plates, 
resulting in higher shear stresses in the inclined plate near the 
end diaphragm. Shear stresses were determined to be essen­
tially uniform along the width of the plate except in the regions 

where the plate is connected to the edge beam and the deck. 
The presence of diagonal members did not have a significant 
effect on the shear stresses in the folded plates. 

Response of the Model Under Truck Loading 

After verifying the analytical results with the experimental 
results, the model was analyzed with scaled loads equivalent 
to AASHTO HS20-44 truck loading at various locations. For 
the case of maximum bending moment, two trucks were placed 
side by side at midspan. The model was also analyzed under 
a truck loading at midspan, with each truck positioned as close 
to the curb as the AASHTO specifications permit to produce 
maximum transverse stress in the deck. 

The results of these analyses are summarized in Figures 9 
and 10. Although the posttensioning forces were calculated 
so that no tensile strain would be induced in the model, some 
tensile strain was induced in the top of the curb near the end 
diaphragm (Figure 9a). This strain was the result of local 
moment caused by applying the posttensioning force at the 
bottom instead of the center of the curb. The analysis dem-



14 TRANSPORTATION RESEARCH RECORD 1371 

30 

25 ,,....._ 

7 ~ 
c: 

.·M 
........ 
c: 20 "M 

~ 
I 

0 
.-i 15 >< ...._, 

z 
H 

~ 10 
U) 

5 NO DIAGONALS 
6 DIAGONALS -----

o--~~~--~~~--~~~--~~~ ....... ~~~ ......... ~~~ .... 
-7.5 -5 -2.5 0 2.5 5 7.5 

(a) DISTANCE FROM IBE CENTER (in) 

80 

60 ,,....._ 
c: 

7 p~ 
•M 
........ 
c: 

40 "M 

~ 
, 

I , , 
0 / 
.-i 

20 >< NO DIAGONALS ...._, 
z 6 DIAGONALS -----H 

~ 0 -
U) 

-20 

-40 ..... ~~~"--~~~....._~~~·..._~~~~~~~-'-~~~-' 
-7.5 -5 -2.5 0 2.5 5 7.5 

(b) DISTANCE FROM TifE CENTER (in) 

FIGURE 8 Longitudinal strain (a) and transverse strain (b) at 
Point P as single load moves along Section G. 

onstrated that no tensile strains were induced in the bottom 
of the edge beam (Figure 9b). This verifies that the ordinary 
beam theory is adequate to estimate the required post­
tensioning forces. 

Figure 10 illustrates that the transverse strain in the top of 
the deck is reduced by approximately 50 percent when di­
agonals are used. The advantage of connecting the curb to 
the deck is also demonstrated. The differential deflection across 
the deck is minimized and the cross section is forced to act 
as a unit. 

SUMMARY AND CONCLUSIONS 

Aging, lack of maintenance, increases in legal loads, and in­
creased traffic volumes cause more bridges to be added to 
the list of deficient bridges every year. Detouring traffic to 
avoid the problems associated with posted or closed bridges 
causes costly delays and inconveniences the traveling public. 
This paper summarizes one of the several phases of ongoing 
research to develop a new type of bridge that is economical, 
relatively easy to construct, and useful as an emergency bypass 
bridge. Through analytical and experimental studies, the fea-

sibility and practicality of using an integrated folded-plate 
deck system were investigated. The folded-plate bridge sys­
tem was analyz~d using the ANSYS finite-element program. 
In the experimental portion of the investigation, a 1:24 Plexi­
glas scale model of a folded-plate bridge was fabricated and 
tested under forces simulating posttensioning and legal live 
loads. 

The experimental and analytical investigations illustrate that 
folded-plate bridges can b~ constructed for short- or relatively 
long-span bridges. The results show that connecting the beams 
along the bottom edges of the folded plates to the curbs in­
creases the stiffness of the bridge section and improves the 
overall behavior of this bridge system. The close agreement 
between the experimental and analytical results illustrates the 
capability of using finite element methods to analyze this com­
plex bridge type. The performance of the model under sim­
ulated service loads also demonstrates that the folded-plate 
deck bridge is an alternative to some of the currently used 
bridge systems, except for the higher transverse stresses that 
were caused by the lack of arch action. 

The results obtained in this investigation using a 1:24 scale 
model must be interpreted with care. Problems associated 
with using small-scale models fabricated with Plexiglas to model 
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actual structures need to be carefully considered. Research is 
still needed to determine the most economical fabrication and 
erection techniques for shell or folded-plate bridges. 
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Performance Evaluation of Integral 
Abutment Bridges 

ALAN A. SOLTANI AND ANANT R. KUKRETI 

To establish a maximum safe length and design details for zero 
skew steel and concrete bridges with integral abutments, a survey 
of the highway departments of all 50 states was conducted. The 
findings of the survey include maximum lengths of integral abut­
ment bridges being constructed, advantages and disadvantages of 
these bridges as perceived by the various states, and the extent 
of field observations done. The variation in the design assump­
tions and length limitations used as well as the problems asso­
ciated with thermal movement experienced by the various states 
are discussed. A critique of the design and construction practices 
of the states that have pioneered the use of integral abutment 
bridges is also presented. 

Before World War II most bridges with an overall length of 
50 ft or more were constructed with some form of expansion 
joints. Periodic inspection of these bridges has revealed that 
the expansion joints tend to freeze and close and, therefore, 
do not operate as intended. Closer inspection of such bridges 
has also revealed that no serious distress was associated with 
the freezing or closing action of the joints. 

Studies conducted by the Ohio Department of Highways 
have shown that the increase in internal stress in the approach 
slabs and not in the bridge slabs has been the main cause of 
bridge failures (1). Such a problem could be resolved easily 
by providing adequate expansion joints in the approach pave­
ments without any expansion joints on the bridge at all. This 
has led to the advancement of the case for the construction 
of continuous bridges. Bridges. in which the girders are fixed 
at the abutments, thereby requiring no expansion joints at 
the abutment, are called integral abutment .bridges. Presented 
are findings of a survey conducted to evaluate the current 
design practices and performance of such bridges. 

BACKGROUND 

Most bridges in the world are constructed with some form of 
expansion joints. An example of these bridges is shown in 
Figure 1, and a detail of an abutment in which such a joint 
is provided is shown in Figure 2. This type of an expansion 
joint at the abutment causes the water from the backfill and 
roadway to penetrate into the bearing areas and onto the 
bridge seats. The joints could then potentially be forced to 
close, resulting in broken backwalls, sheared anchor bolts, 
and damaged roadway expansion devices. These problems 

A. A. Soltani, Oklahoma Department of Transportation, 200 N.E. 
21st Street, Oklahoma City, Okla. 73107. A. R. Kukreti, School of 
Civil Engineering and Environmental Science, University of Okla­
homa, Norman, Okla. 73019. 

and the maintenance costs associated with them have accel­
erated the development of integral abutments in the United 
States. 

The routine use of integral abutments to tie the bridge 
superstructure to the foundation piling began in the United 
States about 30 years ago. The states of Kansas, Missouri, 
Ohio, and Tennessee are some of the early users. This method 
of construction has steadily grown more popular. In addition 
to being aesthetically pleasing, integral abutment bridges offer 
the advantage of lower initial costs and lower maintenance 
costs, because they eliminate expensive bearings, joint ma­
terial, piles for horizontal earth loads, ·and leakage of water 
through the joints. An example of a bridge with integral abut­
ments is shown in Figure 3. In this type of bridge, the thermal 
stresses are transferred to the substructure via a rigid con­
nection in which the abutment contains sufficient bulk to be 

BRIDGE DECK 
EX PANS ION REINFORCED CONCRETE SLAB 

FIGURE 1 Cross section of bridge with expansion joints. 

ABUTMENT 
BACK WALL 

BRIDGE DECK 

BEARING PLATE 

PILE CAP BRIDGE SEAT 

BATTERED PILING 

FIGURE 2 Abutment detail of bridge with expansion joints. 
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BRIDGE DECK 
REINFORCED CONCRETE AP"ROACH SLAB 

/ 

GIRDER 

~~~ 
FLEXIBLE PILING ---

FIGURE 3 Cross section ofbridge with integral abutments. 

considered a rigid mass. Various construction details have 
been developed by the various states to accomplish the trans­
fer; a few of these are shown in Figure 4. A positive connection 
to the girder ends is generally provided by vertical and trans­
verse reinforcing steel. This connection provides a mechanism 
for full transfer of temperature variation and live load rota­
tional displacements to the abutment piling. Also, because of 
the confinement of the bridge slab between the two abut­
ments, the horizontal' displacements can be transferred to the 
end of either the abutment or the approach slab, where the 
approach slab is tied to the abutment. This is because, in this 
type of design, the bridge acts as a rigid frame. 

APPROACH SLAB 

.· ·· .... 
.• Er:' 

ABUTMENT 
GA DER 
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The semi-integral abutments, as shown in Figure 5, are 
designed to minimize the transfer of rotational displacements 
to the piling. They do, however, transfer horizontal displace­
ments and also allow elimination of the deck expansion joints. 
Rotation is generally accomplished by using a flexible bearing 
surface at a selected horizontal interface in the abutment. 
Allowing rotation at the pile top generally reduces the pile 
load. 

BATTERED Pl.NG 

FIGURE 5 Details of semi-integral abutment used by various 
states. 

BADGE CEO< 

GIRDER 

ABUWENT 

Pi.E 

FIGURE 4 Details of integral abutment used by various states. 
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REVIEW OF STUDIES AND CONSTRUCTION 
DETAILS 

Many surveys have been conducted concerning the use of 
integral abutments (2-5). These surveys indicate that there 
are significant variations in the design limitations and criteria 
currently followed. Many states have not felt comfortable 
using a system that does not contain some "free space" to 
accommodate the displacements caused by temperature 
changes. 

Today, more than 80 percent of the state highway agencies 
have developed design criteria for bridges without expansion 
joint devices. Most of the states initially used integral abut­
ments for bridges that were less than 100 ft long. Later, al­
lowable lengths were gradually increased on the basis of good 
performance of the connection details used. However, the 
increased lengths have varied in the different states. 

Full-scale field testing and sophisticated national design 
methods were not commonly used as a basis for increasing 
the allowable length. This led to wide variations in criteria 
for the use of integral abutments from state to state. FHWA 
recommends integral abutments for steel bridges less than 300 
ft. long (6). For pre- or posttensioned concrete bridges and 
for unrestrained bridges (i.e., bridges on which the abutments 
are free to rotate, such as a stub abutment connected to a 
row of pil~s or an abutment hinged to the footing), FHWA 
recommends a 600-ft maximum (5). 

The limits of allowable horizontal movement that will cause 
objectionable pile stresses have not been established. In fact, 
the value· constituting an objectionable pile stress has not yet 
been defined. This partly explains the wide variation in the 
design criteria used for integral abutment bridges by the var- · 
ious state highway agencies. 

A survey of 50 states and a review of the literature have 
shown that little theoretical or experimental work has been 
conducted to establish limits or to develop design procedures 
for integral abutment bridges. Iowa State University is one 
of the few institutions conducting some field and model tests 
but has not yet concluded these studies. 

SURVEY QUESTIONNAIRE AND RESULTS 

To develop a design procedure and related construction de­
tails for integral abutment bridges, it is imperative to under­
stand not only the state of the art as far as analysis and design 
are concerned but also the current practices followed by the 
various highway agencies. These practices have been devel­
oped by observing the actual performance of such bridges 
constructed over the years. Also, a thorough understanding 
of the problems that these agencies have encountered, in 
particular the "phobia" surrounding the design and detailing 
of integral abutment bridges, is important; one could either 
suggest solutions to these problems or at least be able to 
explain them. Only then could a practical design-one that 
could be acceptable and used by most state agencies-be 
possible. 

To develop a design procedure and related construction 
details, it is imperative to know the disadvantages as well as 
the advantages of the current details used by the various state 
agencies. The construction details that have shown signs of 
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failure need to be studied and scrutinized to find shortcomings 
and ways to improve them. 

Other problems that need to be addressed are (a) how the 
states compensate the active and, most importantly, the pas­
sive soil pressure behind the abutments and (b) whether they 
leave a free space behind the abutments to allow for thermal 
expansion and, if so, what construction details they have used. 

A survey questionnaire was prepared to obtain this infor­
mation from the departments of transportation across the 
United States. It was also intended to collect additional in­
formation about the history of these ·bridges in each state to 
d.etermine whether field testing had been conducted or is 

. currently being conducted to monitor their performance. States 
were requested to confine their answers to 90-degree bridges 
and to send a copy of their design procedure and standard 
details for integral abutment bridges. After the responses were 
obtained and analyzed, some departments were contacted on 
the telephone for additional information. 

Summary of Responses Obtained 

Of 38 responses received, 29 indicated that their states either 
were using or had used integ~al-type abutments. A few states, 
such as Florida, Pennsylvania, and Virginia, were just begin­
ning to use them;.their first integral abutment bridges were 
constructed in the 1980s. On the basis of a review of the survey 
results, several states were contacted later for additional in­
formation to gain a better understanding of successful design 
details and assess the performance of relatively long integral 
abutment bridges. · 

The results of the correspondence and the telephone con­
versations with the bridge engineers are presented in Table 
1. Each column in this table corresponds directly to the survey 
questionnaire that was sent to all 50 states. The following 
information corresponds to each column of Table 1: 

• Column 1. ST A TE: name of the state supplying the 
information. 

•Column 2. USE: whether integral abutment-type bridges 
are being used (Y = yes; N = no). 

• Column 3. TYPE: type of road normally using· integral 
abutment-type bridges (1 = state; 2 = county; 3 = all). 

•Column 4. LENGTH: the span length each state uses for 
integral abutment-type bridges. The following code numbers 
are used to categorize various span lengths: 

1 <200 ft 
2 = 200-300 ft 
3 = 300-400 ft 
4 = 400-500 ft 

5 = 500-600 ft 
6 = 600- 700 ft 
7 = 700-800 ft 
8 = >800 ft 

•Column 5. EXP. JTS: if expansion joints are used in the 
approach slabs, at what distance they are from the abutments. 

• Column 6. PILE CAP: Whether pile caps are used (Y = 
yes; N = no). 

•Column 7. 1st IAB: year the first integral abutment-type 
bridge was constructed in the state. 

• Column 8. LONGEST: length of the longest integral 
abutment-type bridge constructed with the following mate­
rials: (1) steel, (2) cast in place, and (3) pre- or posttensioned: 
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TABLE 1 Summary of Responses 

STATE USE TYPE LENGTH 

1 2 3 4 5 6 

ALABAMA N 
ARIZONA y 3 x 
ARKANSAS N 
CALIFORNIA y 3 x x 
COLORADO y 3 x x x 
FLORIDA y 1 x 
GEORGIA y 3 x x 
HAWAII N x x 
IDAHO y 3 x x 
ILLINOIS y 3 x 
INDIANA y 3 x 
IOWA y 3 x x 
LOUISIANA N 
MICHIGAN N 2 x 
MINNESOTA y 3 x 
MISSISSIPPI N x 
MISSOURI y 1 x x x x x 
MONTANA y 3 x x 
NEBRASKA y 1 x 
NEVADA y 3 x x x 
NEW JERSEY N 
NEW 

HAMPSHIRE N 
NEW MEXICO y 3 x x x x 

N. CAROLINA N 
N. DAKOTA y 1 x x x 
OKLAHOMA y 1 x x 
OREGON y 3 x x 
PENNSYLVANIA y 1 x x 
S. CAROLINA y 1 x 
S. DAKOTA y 3 x X' x 
TENNESSEE y 3 x x x x x x 
TEXAS N 
UTAH y 3 x x x 

VIRGINIA y 1 x 
WASHINGTON y 1 x 
W. VIRGINIA N 
WISCONSIN y 3 x 
WYOMING y 3 x x 

• Column 9. BKF MAT: type of material used behind the 
abutments (G = granular, W.G. = washed gravel; N.S. = 
no specification; and N.A. = no answer). 

•Column 10. DIS-ADV: disadvantages of integral abutment­
type bridges. The numbers are the disadvantages listed sep­
arately in Table 2 as perceived by the various states. 

Trends Observed in the Responses 

Most of the states that use integral abutments, as reflected in 
Table 2, have developed specific guidelines (policies) con­
cerning allowable bridge lengths. The basis of these guide-

7 8 

x x 

EXP PILE lST LONGEST BKF DIS 
JTS CAPS !AB MAT ADV 

1 2 3 

NO y 76 296 162 G 10,14 
6 

YES y so 240 260 240 G 10,14 
200' y 75 450 G 4 

0' y 85 200 N.A. N.A. 
N.A. y 77 340 477 N.A. N.A. 
N.A. N.A. 67 100 N.A. 3 

50' y 72 266 262 521 G 5,2,4 
20' y 86 230 100 250 G 6 

YES y 72 150 G NONE 
YES y 64 130 300 G 2,3 

YES y 70 250 G N.A. 
YES y 60 200 G .. 2,3 

40 30 40 N.A. N.A. 
50' y 60's 500 600 N.A. 2 
o· y N.A. 150 108 230 G 4 
o• y 69 464 260 G 13 
0' y 74 294 530 G NONE 

NO y 77 250 450 G 16 

20' N 60 350 100 450 G ~.2,3 

15' y 79 279 210 G 10 

NO y 30 385 420 G 3 
YES y 86 250 G 8 
20' y 74 220 150 N.A. 

20' y 48 354 324 N.S. NONE 

0' y 70 416 460 927 G NONE 
G 

NO y SO's 450 150 400 9 

NO y 82 180 G 2,15 

NO y 20 350 G 11, 7 

NO y 70 100 150 300 W.G. 7 
NO y 60 356 199 172 N.A. 

G 
G 

lines, however, is largely empirical. It was hoped that these 
guidelines would have been developed according to results of 
some rational analysis and design procedures or experiments 
conducted to find anticipated movement of the bridge or ap­
proach slab and the pile stresses. However, it was found from 
the responses that all states used empirical data to arrive at 
the maximum allowable bridge lengths. It is evident that much 
of the progress in the use of integral abutments resulted from 
successive extension of limitations based on acceptable perfor­
mance of prototype installations. The following points are 
summarized from the responses to the survey questionnaire 
and subsequent correspondence and telephone conversations 
with several states: 
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1. Most of the states cited the reason for using integral 
abutments as cost savings. They pointed out that typical bridge 
designs that use integral abutments require less piling, have 
simpler construction details, and eliminate expensive expan­
sion devices. Some states indicated that their primary reason 
for using integral abutments was that they eliminate the prob­
lems encountered with use of expansion joints.· A.few respon­
dents pointed out .that simplicity of construction and lower 
maintenance costs were their primary motives for using in­
tegral abutments. 

mass of most concrete structures makes them less reactive to 
ambient temperature changes. This is reflected in the design 
temperature variation specified by AASHTO (6), which states: 

2. The span length and limitations current~y being used for 
bridges with integral abutments are given in Table 1. In sum­
mary, for states that use this type of design, the acceptable 
range of limitations is as follows: steel, 200 to 300 ft; concrete, 
300 to 400 ft; and prestressed concrete, 3·00 to 450 ft. A few 
states, such as Idaho, Missouri, Nevada, Tennessee, and Utah, 
use longer limitations for each structure type. Typically they 
have been building integral abutment bridges longer than most 
other states and have had good success with.them. The move 
toward the use of integral abutment bridges for longer spans 
is based on the excellent performance observed for shorter­
span bridges and the maximum benefit from what many regard 
as a very-low-maintenance, dependable abutment design. The 
difference in concrete and steel length limitations reflects the 
greater sensitivity of steel in reacting to temperature changes. 
Although the coefficients of expansion (a) are nearly equal 
for both materials (for concrete ac = 60 x 10- 7 in./in./°F 
and for steel as = 65 x 10- 7 in./in./°F), the relatively large 

Provision shall be made for s.tresses or movements resulting from 
variations in temperature. The rise and fall in temperature shall 
be fixed for the locality in which the structure is to be constructed 
and shall be computed from an assumed temperature at the time 
of erection. Due consideration shall be given to the lag betw~en 
air temperature and the interior temperature of massive concrete 
members or structures. 

3. Almost all states indicated that a free-draining backfill 
mater.ial be used behind the abutments. One major problem 
seems to be ·to achieve a 95 percent compaction requirement 
of backfill. This requirement eliminates settlement of the ap­
proach slab. 

4. Most states reported that construction and maintenance 
cost~ are lower if integral abutments are used. The following 
are some comments made about construction and mainte­
nance problems using integral abutments: 

a. Field placement of precast beams could be a problem, 
since cranes cannot get close to the abutments because the 
backfill is not placed until after the beams are placed. 

b. The proper compaction of backfill is critical. 
c. Careful consideration at the end of the bridge is necessary. 
d. The effects of elastic-shortening after posttensioning should 

be carefully considered. 

TABLE 2 Disadvantages of Integral Abutment Bridges as Perceived by Various State Departments of 
Transportation 

1. Increased earth load can cause abutment cracking. 

2. Skew over 20° cannot be accommodated. 

3. Can only be applied to short bridges. 

4. Cracks developed in the asphalt backface of the abutments, 
as a result of which a bump at the end of bridge or 
approach slab could appear. 

5. Integral abutment bridges are limited to pile supported 
abutments, and drill shafts cannot be used. 

6. Lack of rational method for predicting behavior. Also, 
thermal stresses are unknown. 

7. Temporary shoring will be required in precast bridges.~-

8. Crane cannot go close to place precast beams, since 
backfill is put in after the beams have been placed. 
Therefore, cranes with large booms are required. 

9. Good details for tying the approach slab to the abutment 
are not available. 

10. Longer than normal approach slab is required. 

11. Limits future modifications, such as widening. 

12. Cracks in slab, end diaphragm or wingwalls are possible. 

13. Wingwalls cannot be tied to the abutment. 

14. Erosion of the approach embankment caused by water 
intrusion. 

15. Field problems exist when constructing a bridge on a steep 
slope. 
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e. Wingwalls may need to be designed for heavier loads to 
prevent cracking. 

f. Adequate pressure relief joints should be provided in the 
approach slab to avoid overstressing of the abutments. 

g. Positive tie connection between the approach slab and 
abutment may be necessary to avoid opening in cold weather. 

Review of Design and Construction Details in Selected 
States 

To become more familiar with tl:ie ·designs and construction 
practices of various highway agencies in the United States, a 
critique of integral abutment bridge developments in a few 
selected states (pioneers in designing such bridges) is. sum­
marized in this subsection. 

Tennessee 

Numerous integral abutment bridges have been constructed 
and their field performance has been evaluated in Tennessee. 
In an unpublished memorandum, Edward Wasserman, of the 
Tennessee Department of Transportation (DOT), wrote: 

In Tennessee DOT, a structural engineer can measure his ability 
by seeing how long a bridge he can design without inserting an 
expansion joint. · 

He also explained that in the past 20 years, nearly all their 
new highway bridges with spans ranging several hundred feet 

Bars make deck 
---- continuous 

over abutment 
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long have been designed with no expansion joints, even at 
the abutments. The largest bridges include a 927-ft prestressed 
concrete bridge, a 416-ft steel bridge, and a 460-ft cast-in­
place concrete bridge. Details of a typical bridge are shown 
in Figure 6. The Tennessee DOT reports (7): 

We have f9und neither the deck elongation nor the superstruc­
ture stresses to be abnormal. All measured stress data were lower 
than predicted. Exactly why, we don't know, but we think we 
have some of the answers. One factor appears to be creep in 
concrete. If concrete is expanded or contracted slowly, as by 
temperature, it ~reeps. Stresses due to shrinkage/expansion don't 
reach the level predicted. To make theory better fit reality, in 
the case of concrete we have reduced its thermal modulus of 
elasticity to one-third that's used for dynamic loads. 

In addition, temperature cycling of concrete bridges appear to 
reach lower peaks 'than in steel. Apparently concrete's greater. 
mass provides a heat sink. Thus, its temperature tends not to 
rise as high nor as low as theory predicts. We design Tennessee 
bridges in concrete for a temperature range of 20° to 90°F, and 
steel superstructure bridges for a range of 0° to 120°F. Based on 
these ranges and thermal coefficients of expansion for respective 
materials, we design for 0.505 inch of movement per 100 feet of 
span in concrete, and 0.936 inch of movement per 100 feet of 
span in steel. 

To demonstrate this procedure, the 2,800-ft-long Kingsport 
bridge in Tennessee can be chosen as an example, in which 
the center of the bridge is assumed to be neutral or fixed. 
The total movement of the superstructure of this bridge, which 
is made of concrete, is obtained by multiplying 1,400 (equals 
span) by 0.505 (equals rate of expansion), which yields the 
total movement at each abutment equal to 7.07 in. This bridge 
has performed within this range since 1978 (8). 
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Tennessee DOT also explains (7) that when they are asked, 
"How do you set about t9 reduce or eliminate expansion 
joints?" they give the following explanations: 

1. "We take advantage of pile translation and rotation 
capabilities." 

2. "By modifying foundation conditions, if feasible." 
3'. "By taking advantage of reduced modulus of elasticity 

of concrete for long-term loads (1,000,000 psi versus 3 ,000,000 
psi)." 

4. "By allowing hinges to form naturally or constructing 
them." 

5. "Employing expansion bearing, where necessary." 

Where there is a concrete pavement approachillg a concrete 
deck, Tennessee DOT installs a compression seal joint be­
tween them. But where the interface is asphalt to concrete, 
they believe that no special treatment is necessary. Regarding 
this, they point ou.t: "This will eventually .cause some local 
pavement failure and a 'bump,' which is a minor problem 
compared to joint maintenance." In summary, Tennessee's 
20-year experiment with integral abutment bridges has proven 
that, for thermal movements up to 2 in., both immediate 
construction savings and long-term maintenance savings can 
be realized by total elimination of joints. 

California 

One of the reasons for the popularity of jointless bridges in 
California is their performance during the 1971 San Fernando 
earthquake. During this earthqu~ke, the jointless abutment­
approach fill concept suffered less overall damage than the 
jointed abutment-type bridges. Also, because of initial cost 
and inherent problems with expansion joints, especially at 
abutments, California DOT has. pointed out (9): 

It has been general practice in California since 1971 to construct 
highway structures without expansion joints. Consequently, most 
structures less than 350 feet long· built since that time are joint­
less. California also has over 100 jointless structures with lengths 
exceeding 350 feet. Even on most structures with expansion joints, 
the abutments are jointless. 

. California DOT has indicated (G. D. Mancarti, Memo to 
Designers): 

The major benefits of integral abutment are its low initial cost, 
its effectiveness on absorbing seismic loads and its ability to 
accommodate structurally, relatively large thermal movements. 
Reinforced concrete bridges up to 400 feet in length have shown 
no evidence of structural distress of the abutments from thermal 
movements. 

Because water intrusion has been the main problem with this 
design, California DOT connects the approach slab directly 
to the abutment and extends it over the wingwalls. Also, an 
underlying drainage system is provided to give additional in­
surance. California's limitation on bridge movement (includ­
ing temperature, creep and long-term prestressed shortening) 
is a maximum of 1 in. at the expansion joint between the 
approach slab and the adjoining pavement. 
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South Dakota 

South Dakota has extensive experience in the use of integral 
abutments, particularly for steel bridges. It is also one of the 
first states to conduct a full-scale testing program to evaluate 
the performance of integral abutment bridges. A brief review 
of this program is presented in this section. 

In this testing program they have measured the magnitude 
of the stresses induced by thermal movements in the girder 
and the upper portion of the steel-bearing piles of integral 
abutment-type bridges. A full-scale model representing the 
end portion of a typical highway bridge was constructed and 
tested to simulate the following four construction stages: 

Stage 1: Girder welded to piles only. 
Stage 2: With an integral abutment in place. 
Stage 3: With abutment and slab. 
Stage 4: Backfill completed. 

For each stage, the test specimen was subjected to a series of 
predetermined longitudinal movements via hydraulic jacks to 
simulate expansion and contraction caused by temperature 
changes. The fact that the test specimen was designed and 
constructed as a full-scale model that represents the end por­
tion of an actual bridge confirmed this approach as a field 
study instead of as a model study (3). Many variables (e.g., 
compressive strength of concrete, placement of steel) that 
normally would be under tight control in the laboratory were 
not controllable in the field. In addition, a single concentrated 
load was applied to the girder to simulate the thermal stresses, 
which in reality should have been applied by a distributed 
load. This certainly would have introduced some inaccuracy 
into the results. The conclusions based on these test results 
were as follows: 

1. The induced movement and shear· force in the girder, 
caused by temperature changes alone, are usually smaller than 
the overstress allowance made by AASHTO ( 6) for combined 
loadings. 

2. The integral abutment acts as if it were a rigid .body. 
3. Thermal ~ovements larger than 0.5 in. may cause yield­

ing in the steel piling. 

More studies are required to, prove the accuracy of the last 
conclusion. This contradicts the practices followed, with com­
plete success, by the states of Tennessee and North Dakota, . 
which recommend 7 in. and 4 in. of expansion, respectively. 

Another point (3) is that the stresses at the various parts 
of the test specimen, in Stage 4, were of greater magnitude 
during the expansion cycle than during the contraction cycle. 
This result was attributed to the passive soil resistance of the 
backfill to expansion and to the fact that the active soil pres­
sure actually helps contraction, even making the differences 
betwe~n the two actions more pronounced. 

North Dakota 

North Dakota has been constructing integral abutment bridges 
for more than 30 years. It is al~o the only state that has tried 
to eliminate the effect of passive soil pressure behind the 



24 

abutments. Following is a brief summary of a field study (10) 
conducted by the North. Dakota State Highway Department 
in November 1981. 

The bridge studied had integral abutments, piers, concrete 
box girders, and a concrete deck. The bridge, 450 ft long, 
was made up of six 75-ft spans. Expansion joint material was 
placed between the back side of the abutment and the soil 
backfill, as shown in Figure 7, and compressible material (Type 
R Zerolite with compressive strength range of 5 to 10 lb/in. 2) 

was placed on the webs of th~ abutment piles, as shown in 
Figure 8. 

The equation the North Dakota DOT uses to calculate 
temperature change, 6.T, is 

where 

T1 = air temperature at dawn on the hottest day, 
T2 = air temperature at dawn on the coldest day, and 
T3 = maximum air temperature on the hottest day. 

(1) 

This temperature change will result in the change in length, 
6.L, of the bridge given by 

6.L = La 6.T (2) 

where 

L original length of bridge and 
a = coefficient of thermal expansion of the bridge 9eck 

material. 

An interesting point ·noted by the North Dakota DOT was 
that, after 1 year, the gap had closed by 0.5 in. on the north 

APPROACH SLAB 

CORRUGATE 0 -
METAL 

4" VOlO SPACE WlTH 
INTERMITTENT PRESSURE 
RELl EF STR [PS 

0 - 0 

FIGURE 7 North Dakota integral abutment system with 
pressure relief strips. 
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FIGURE 8 North Dakota a~~tment pile with compressible 
material on web. 
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abutment and 0. 75 in. on the south abutment. The abutment­
to-backfill gap is a questionable measure of abutment move­
ment inasmuch as the soil backfill may move into the opening, 
depending on the ability of the expansion joint material to 
expand and fill the gap. 

At the time of maximum change in bridge length, the south 
abutment had moved out by 1.96 in. and the north abutment 
had moved out only by 0.74 in. Therefore, North Dakota 
DOT concluded that the total' change in the bridge length will 
not result in equal movement at each abutment. 

Pile stresses were studied for the case in which the maxi­
mum abutment movement (1.96 in.) occurred. North Dakota 
DOT had concluded that the yielding took place in less than 
the top 1 ft of the piles, and at the highest stress point (top 
of the pile) the yielding occurred only on the outer one-fourth 
depth of each of the flanges. In other words, the stress at the 
top of the pile is sufficient to initiate a yield stress in the steel 
but not sufficient to cause the formation of a plastic hinge (JJ). 

Iowa 

Iowa began building integral abutments on concrete bridges 
in 1964. One of the first bridges was constructed on Stange 
Road over the Squaw Creek in Ames (12). This prestressed 
beam bridge is about 230 ft long with no skew and is shown 
in Figure 4. Inspection of this bridge indicates no major cracks 
and apparent distress in the abutment walls, wingwalls, and 
beams caused by the thermal movement. The Iowa DOT 
reported (12) that inspection has been made yearly on 20 
integral abutment bridges for about 5 years after their con­
struction. Some of these bridges were skewed up to ·23 de­
grees. The inspections wen~ terminated because no stress or 
problems were found relating to the lack of expansion joints 
in the superstructure. 

Iowa's designs are based on an allowable bending stress of 
55 percent of yield plus a 30. percent overstress, because the 
loading is caused by temperature effects (12). The movement 
in the piles is found by a rigid joint frame analysis, which 
considers the relative stiffness of the superstructure and the 
piling. The piles are assumed to have an effective length of 
10.5 ft; the soil resistance is not considered. Their analysis 
has shown that the pile deflection is about % in. (12). 

CONCLUSION 

Although the objective of this study was to investigate the 
methods of analysis and design details that have been imple­
mented by the various DOTs in the United States to overcome 
the problems related to integral abutment bridges, it is ap­
parent that this topic has not yet been resolved. Many research 
studies have been conducted recently, and work is continuing 
at Iowa State University. The findings of the recent research 
studies agree in most part with the findings presented. Some 
of the state DOTs have effectively solved most of the prob­
lems and have been successful in constructing long bridges 
with integral abutments. 

One problem that no state, except North Dakota, has ad­
dressed deals with the effect of passive soil pressure that acts 
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behind the abutments during the bridge deck expansion. Fur­
ther study of their design approach is warranted. 

Most states are using integral abutments in designing their 
bridges. The study shows that design practices followed by 
most state DOTs are too conservative, and much longer bridges 
could be constructed. However, some rational analysis is still 
necessary to make this design more acceptable .. 
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Long-Term Serviceability of Isotropically 
Reinforced Bridge Deck Slabs 

GONGKANG_Fu, SREENIVAS ALAMPALLI, AND FRANK P. PEZZE Ill 

Isotropically reinforced bridge decks have the potential to reduce 
costs to bridge owners for both construction and maintenance. 
For long-term serviceability evaluation, 13 such decks in New 
York State, with reinforcement ratios of 0.36 and 0.24 percent 
have been inspected annually for the past 5 years; 4 of them hav~ 
~een l~ad tested annually since they were constructed, the longest 
hfe ~emg 8 years. Generally they have performed satisfactorily. 
Maximal stresses of bottom transverse rebars under 16-kip wheel 
loads over the years have always been below allowable levels 
based on conservative analyses. Rebar stresses in both the iso­
tropic a~d AASHTO decks in New York State increase with age 
for the first year or two and remain relatively constant thereafter. 
Comparison of top-surface transverse cracking between the New 
York isotropic decks and North Carolina AASHTO decks indi­
cates that the various reinforcement arrangements result in similar 
cracking severity. 

In the United States, reinforced concrete (RIC) bridge deck 
slabs are designed on the basis of the flexural failure mode, 
according to the current AASHTO design code (J). How­
ever, extensive research has shown punching shear to be the 
dominant failure mode for slabs. This is attributed to flex­
ural strength enhancement by the presence of membrane­
compressive force in the slab, induced by its transverse bound­
ary constraints, which is referred to as the "arching action" 
or the "dome effect." Based on varied research findings (2-
5): Ontario had adopted an empirical design of isotropically 
remforced deck slabs with a minimum reinforcement ratio of 
0.3 percent in each face (6). This requires significantly less 
flexural steel than is required in the AASHTO code. At­
tracted by reductions in construction cost and probability of 
rebar corrosion resulting from this deck design of light rein­
forcement, researchers and state agencies in the United States 
have devoted notable efforts in this area over the past decade. 
A number of states have built or planned experimental iso­
tropic deck slabs. 

Slab capacity increase by arching action was noted as early 
as 1909 (7). Most early research in this area was oriented 
toward building-floor applications. Early work in this field 

__ has been briefly reviewed by several authors (8-13). 
Behavior and strength of RIC bridge decks under static load 

are obviously of essential interest to bridge designers and 
owners. Modern studies of RIC bridge deck slabs in this area 
began at Queen's University in Ontario, Canada (2,3,5,14). 
They demonstrated excessive reserve strength of conventional 
RIC decks designed in accordance with the AASHTO pro­
visions (1) by Vs-scale models, and dominant punching failure 

Engineering Research and Development Bureau, New York State 
Department of Transportation, State Campus, Albany, N.Y. 12232. 

of both isotropic and AASHTO orthotropic decks. After ex­
amining isotropic decks of various reinforcement ratios, they 
recommended an isotropic deck design with a minimum re­
inforcement ratio of 0.2 percent that possessed an adequate 
safety factor. Their findings were later confirmed by full-scale 
bridge testing (15 ,16), with 0.3 percent reinforcement adopted 
by t~e Ontario code (6). In the United States, Beal (17,18) 
confirmed these previous findings by testing V6-scale models 
and full-scale bridge decks containing isotropic and AASHTO 
orthotropic reinforcement. He also concluded that rebar stresses 
under the AASHTO design wheel load (20.8 kips) were lower 
than those predicted by the AASHTO code, and that ultimate 
strengths were six times larger than the design load in 0.25 
percent reinforced isotropic deck models. Fang et al. (8,9) 
tested a full-scale isotropic deck model with about 0.4 percent 
reinforcement in each layer under simulated vehicle wheel 
loads. They found significant compressive membrane forces 
~fter cracking of the deck under load, with the deck behaving 
hnearly up to a wheel load three times the AASHTO design 
load. Perdikaris and Beim (10,11) also confirmed adequate 
safety factors for isotropic decks by testing V6- and VJ-scale 
deck models with 0.3 percent reinforcement, as well as their 
failure by punching shear. Puckett et al. (19) recently tested 
two full-scale decks-one reinforced according to the AASHTO 
code and the other 0.3 percent isotropically according to the 
Ontario code (6)-under vehicular loads at numerous loca­
tions. They found that bottom transverse rebars between gir­
ders experienced highest stresses under these loads. Jackson 
and Cope (13) tested two V2-scale models of isotropic deck to 
examine global load effects under wheel loads simulating crit­
ical vehicle loading cases. One deck had approximately 20 
percent more reinforcement than is required by the Ontario 
cod_e; the other was lighter. They found that the empirical 
design approaches of isotropic reinforcement appeared to be 
satisfactory, although global transverse moments could have 
large effects on deck behavior at various load levels. 

Besides static strength, RIC deck fatigue strength has also 
been .studied by several researchers. Batchelor et al. ( 4,20) 
performed fatigue tests on isotropic and orthotropic deck models 
of Vs scale under a sinusoidal concentrated load. They found 
that failure under fatigue load was always by punching shear. 
On the basis of their test results, they recommended an en­
durance limit of 0.4 (a fatigue load factor of 2.5) for an iso­
tropic deck design with 0.2 percent reinforcement. Using fixed 
pulsating and stepwise moving loads, Okada et al. (21) and 
Sonoda and Horikawa (22) tested (a) full-scale models and 
panels sawed from distressed orthotropic decks and (b) 1.32 
percent (top and bottom) isotropically reinforced slab models 
of VJ scale. First they found that moving load was substantially 
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more damaging than fixed pulsating load with respect to slab 
flexural and shear resistance. Fang et al. (8,9) tested a full­
scale isotropic deck model with about 0.4 percent reinforce­
ment under fixed pulsating 26-kip loads. They concluded that 
5 million cycles of this pulsating load did not deteriorate the 
deck significantly. Perdikaris and Beim (10 ,11) first used con­
stant rolling wheel load in their fatigue tests of Y6-Scale iso­
tropic deck models with 0.3 percent reinforcement. The con­
stant rolling wheel load resulted in a gridlike crack pattern 
on the model bottom surface, as often observed on decks in 
service (10,11,21). They also found that the constant rolling 
wheel load simulating real traffic loading is much more de­
teriorative than the fixed pulsating wheel load. It was con­
cluded that the isotropic decks possess higher ductility and 
fatigue strength under constant rolling wheel load than the 
AASHTO orthotropic decks. Agarwal (23) reported a study 
of testing 14 Ontario isotropic and AASHTO bridge decks 
built for comparison in the early 1980s. He found that after 
a number of years of service, the slab panels displayed no 
visible signs of distress under wheel loads far exceeding fac­
tored loads specified by the codes (1 ,6). He further concluded 
that the major parameters affect_ing strength and stiffness are 
slab thickness, girder type, and girder spacing. 

These results show that empirically designed isotropic decks 
with less steel possess adequate strengths higher than is con­
ventionally predicted, but their long-term serviceability is sub­
ject to further examination. In general, service fatigue con­
ditions of RIC bridge decks are much more severe than the 
laboratory environment in which most of these experimental 
studies were conducted. This is caused by thermal effects 
resulting from environmental temperature fluctuation, appli-
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cation of deicing chemicals, freeze-thaw cycling, damage cu­
mulation caused by interaction of these deteriorating factors, 
and so forth. It is extremely difficult, if not impossible, to 
simulate these influencing factors in a laboratory. This paper 
presents a study partially sponsored by FHW A to examine 
long-term serviceability of full-scale isotropic deck slabs. It is 
intended to evaluate isotropic deck slabs based on their con­
tinuous in-service behavior. 

SCOPE 

Upon confirmation of previous research results regarding 
strength of isotropic decks, New York State experimented 
with an empirical isotropic deck design (18). Its cross section 
is shown with two rebar spacings-namely, S or 12 in. at 
centers with reinforcement ratios (of steel to effective cross 
section) of 0.36 and 0.24 percent, respectively (Figure 1). To 
take advantage of potential mass production of the reinforcing 
mat, the following provisions (18) applied: 

1. A maximum girder spacing of iO ft (i.e., a maximum 
ratio of gird.er spacing to deck thickness of 14.1) with no fewer 
than four girders. 

2. Grade 60 steel with the top-mat epoxy coated, 
3. Structural concrete Type E (water-cement ratio of 0.44; 

air content of 6.5 percent; slump, 3 to 4 in.; sand, 35.8 percent; 
and cement, 648 lb/yd3 ) according to current New York State 
construction specifications (24), 

4. Longitudinal bars parallel to girders and transverse bars 
parallel to the skew angle up to 30 degrees, 

Top of Slab 

Transverse Bar: No.4 at 12" or 8" 

Longitudinal Bar: No.4 at 12" or 8" 

l" Top of Form 

FIGURE 1 Standard cross section of isotropic decks in New York State. 
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5. Additional reinforcement for fascia overhang and neg­
ative moment areas according to the AASHTO specifications 
(J), and 

6. Permissible metal stay-in-place forms according to New 
York State's current practice. 

Since 1982, a total of 29 such isotropic decks have been con­
structed on bridges of multiple steel girders with diaphragms 
or cross bracings. Thirteen relatively older decks of the 29 
are covered by the present study. Their locations are shown . 
in Figure 2. Note that there are two bridges (sites) each at 
locations on Route 104 and the Hutchinson River Parkway. 
More details of the experimental isotropic decks are given in 
Table 1, including year built, average daily truck traffic, and 
structural features. As indicated in Table 1, 4 of the 13 bridges 
are instrumented with electrical resistance strain gauges. 

Serviceability of concrete structural components refers to 
various aspects of their behavior under service conditions, 
such as deflection and stress level induced by service load, 
cracking behavior, and surface conditions affected by concrete 
cracking, spalling, and delamination. In this study, rebar stress 
levels under vehicular service load and surface conditions of 
the bridge decks were chosen for the serviceability evaluation. 
Stress level provides direct information on distress condition 
and available fatigue strength, and surface condition relates to 
corrosion probability with respect to accessibility of corrosive 
deicing chemicals to rebars. Deflection was not used as a cri­
terion here because points of interest are not always accessible 
on a bridge in service without specially built equipment. 

To obtain stress under wheel loads, the four instrumented 
experimental decks were load tested annually from construc­
tion until the present or until failure of aged strain gauges in 

• Route 104 

e US61 
• Bay View Road 

Veraalltu Road 
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the decks. Since 1986, when the oldest experimental deck 
(Site 1) had been in service for 4 years, the 13 experimental 
decks have been inspected annually to examine and record 
their surface condition with respect to serviceability. 

LOAD TESTS AND REBAR STRESS UNDER 
SERVICE LOAD 

Instrumentation and Load Test 

Three types of load were applied to obtain deck rebar strain/ 
stress under the AASHTO wheel load: (a) a single concen­
trated load distributed over an 8- x 20-in. plate by jacking 
a truck's rear axle (referred to as the simulated wheel load 
test); (b) a stationary vehicular wheel load at various longi­
tudinal locations across the bridges (referred to as the static 
influence line test); and (c) a moving vehicular wheel load 
across the bridges at crawl speed (referred to as the dynamic 
influence line test). The wheel loads were applied along the 
centerline between two interior girders to produce maximum 
strain/stress in the instrum~nted rebars. Each loading was 
generally applied three times to produce replicates to elimi­
nate possible instrumental error and accommodate unavoid­
able variations in vehicular loading. The simulated wheel load 
test was discontinued in 1987 because its results were regarded 
as having little value with respect to service load effects, con­
sidering the load's unrealistic distribution area and magni­
tude. Rebar strain readings in the static influence line test 
were recorded by a static data-acquisition system of 99 chan­
nels, whereas those in the dynamic influence line test used a 
dynamic data-acquisition system of eight channels at a speed 

• Rou • 7 

FIGURE 2 Locations of isotropic bridge decks in New York State. 
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TABLE 1 Background Data on New York State Isotropic Decks 

Site 

la* 
lb* 
le* 
2a* 
2b* 
2c* 
3* 
4 
5 
6 
7 
8 
9 

10 
11 
12 
13* 

Location 

Bay View Rd 
Bay View Rd 
Bay View Rd 
Rte 7 
Rte 7 
Rte 7 
Rte 20 
HR Parkway SB 
HR Parkway NB 
Rte 3 
Rte 104 EB 
Rte 104 WB 
Rte 17 
us 62 
Rte 446 
Versailles Rd 
Rte 11 

Rebar 
.Pattern a 

A 
12 

8 
A 

12 
8 

12 
12 
12 
12 
12 
12 
12 
12 
12 
12 
12 

Year 
Built 

1982 
1982 
1982 
1983 
1983 
1983 
1987 
1985 
1986 
1986 
1985 
1985 
1986 
1986 
1986 
1986 
1988 

Truck b 
Volume 

NA. 
NA 
NA 

1300 
1300 
1300 
480 

0 
0 

280 
1050 
1050 
1700 
860 
280 
50 

470 

Skew, 
deg 

14 
14 
14 
50 
50 
50 

0 
R 
R 

12 
8 
8 
9 
0 

20 
0 
0 

Span 
Type 

s 
s 
s 
s 
s 
s 
c 
s 
s 
s 
s 
s 
s 
c 
s 
c 
c 

Span 
Length, 
ft 

60,60,48,38 
60,38 
60,38 
131 
131 
131 
1030 
145 
144 
176 
150 
150 
140 
322 
103 
411 
756 

Girder 
Spacing 

8'9" 
8'9" 
8 '9" 

10'0" 
10'0" 
10'0" 
9 I 10 11 

8'3" 
8 'O'.' 

10'0" 
9'0" 
9'0" 
8' 3" 
9'0" 
9 '6" 
7'0" 
9'0" 

*Instrumented decks, R = skew varies because girder spacing varies from end to 
end, C = continuous, S = simple, NA= not available. 

~A = AASHTO grid, 12 = 12xl2 grid, 8 = 8x8 grid. 
Estimated annual daily truck traffic, from traffic volume reports of the Data 
Services Bureau, New York State Department of Transportation. 

NOTES: Sites 1,. 7, and 8 had removable forms. Sites 4, 5, 6, 9, 10, 11·, and 12 
have metal stay-in-place forms (SIPFs). Sites 3 and 13 have SIPFs with 
0.2 and 0.1 percent, respectively, of the form area removed at gage loca­
tions. Site 2 has SIPFs, with 20 percent of the form area removed at the 
12xl2 grid gage location, 34 percent at the AASHTO grid. gage location, and 
17 ~ercent at the 8x8 grid gage location. 

of 25 samples per second. The dynamic influence line test was 
used to reduce test time, compared with the static influence 
line test. The two different influence line tests produced con­
sistent results. 

Figures 3 through 6 show instrumentation details for the 
four instrumented experimental decks, including types and 
locations of strain gauges. They were selected to monitor 

SPAN 1 SPAN 2 

rebar strain/stress in critical areas. The instrumented bars are 
4 to 6 ft long, including 15 in. at each end for overlapping 
with regular rebars. It is shown that Sites 1 and 2 have AASHTO 
orthotropic and the two isotropic (8- and 12-in. grid) rein­
forcement arrangements for behavior comparison. They are 
respectively referred to as Sites la, lb, le, 2a, 2b, and 2c, as 
presented in Table 1. 
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FIGURE 3 Gauge locations at Site 1 (Bay View Road). 
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FIGURE 4 Gauge locations at Site 2 (Route 7). 
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compensating type. At each location, 
two gages on diametrically opposite 
sides of a rebar for uniaxial strain . 

FIGURE 6 Gauge locations at Site 13 (Route 11). 

Rebar Stress Under Service Load 

Figure 7a and b shows typical rebar stress influence lines, 
obtained.in a dynamic influence line load test at Site 3 (Route 
20) in 1990. They show· rebar· stresses at sections of midspan 
and pier (Figure 5 shows more details of gauge locations}. In 
the test a two-axle truck applied load, with front and rear 
axles of 15 and 30 kips, respectively, at a spacing of 15 ft. 
The truck was driven on the southbound side of the bridge, 
from Pier 2 to the south abutment, at a speed of about 10 
mph. This section of the bridge is continuous over Pier 1 
(Figure 5). The stresses obtained under the load were then 
linearly scaled to a vehicular load of 16-kip rear wheels. The · 
abscissa in both figures is the distance from the front axle to 

the starting point near Pier 2. Figure 7a and b shows that the 
dynamic effects of the moving vehicle were minimized by the 
crawl speed. The figure also shows that r~bar stresses consist 
of two components: global and local contributions. The local 
contribution is described by two sharp peaks induced by the 
front and rear wheels. The global one is demonstrated by 
curves of .relatively lower slopes before and after the sharp 
peaks, which describe the deck's participation in load carrying 
as part of the bridge's cross section. In these two figures, the 
local effect in maximum rebar stresses is shown to be greater 
than the global effect. · 

In Figure 7 a, stress of the bottom transverse bars (average 
of Gauges 9 and 10) at midspan section was contributed mainly 
by the global stress, except between distances of 170 and 210 
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ft. When the loading vehicle was on the adjacent span- (be­
tween Piers 2 and 1), the bottom transverse bar at midspan 

· was subjected to very. low negative (compressive) stresses. 
This stress became positive (tensile) when the vehicle was on 
the gauged span (between Pier 1 and the south abutment). It 
is also shown in Figure 7a that the top transverse bars over 
an interior girder (Gauges 17 and 19) had much lower stresses 
than the bottom transverse one and yet experienced combined 
global and local effects. Rebar stresses at Gauges 7, 8, 11, 
12, 18, and 20 are not shown here because of failure due to 
age, but previous results showed that their maximums were 
as negligibly low as about 0.64 ksi (25). 

A. MIDSPAN 
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Figure 7 b shows similar· superposition of global and local 
effects of the vehicular wheel loads at the Pier 1 section in­
dicated in Figure 5. It is seen that longitudinal bar stresses 
(Gauges 1, 5, and 6) were· more localized than those of the 
transverse bars (Gauges 3 and 4), as indicated by the sharper 
peaks. Figure 7b also shows that the bottom longitudinal bars 
experienced higher stress than the bottom transverse bar. This 
stress was caused by the presence of a transverse crack on 
the top surface at the pier section. Without this crack, pre­
vious stress data showed that the opposite was true (25). 
Nevertheless, the highest stress shown in Figure 7a and b is 
lower than 3 ksi, apparently far below an allowable level. 
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FIGURE 7 Site 3 influence lines under vehicular 16-kip rear wheel load. 
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TABLE 2 Comparison of Isotropic Deck Rebar Stresses 

12xl2 Grid BxB Grid 

Live-Load Site Site Site Site Site Site 
Stress, ksi lb 2b 3 13 le 2c 

Allowable a 14. 3 12.9 14. 6 14.6 15. 7 14. 8 

Measure db 9.1 10.4 1. 6 2.3 7.9 6.7 

aAllowable live-load stress = (24 ksi - dead-load 
bstress) I 1. 3·. 

Measured live-load stress = maximum stress under 
vehicular 16-kip wheel load obtained in the load 
tests. 

Stress at Gauges 2, 13, 14, 15, and 16 was not obtained in-
the 1990 test because of their failure. It is noted that by 1990 
this. deck had been in service for 4 years. Previous rebar 
stresses were lower than those presented in Figure 7 a and b. 

Figure Sa, b, and c demonstrates evolution of maximal 
stresses in bottom transverse bars with deck age, for the three 
reinforcement arrangements. Comparison of these curves shows 
that the 12-in. grid experienced higher stress than the other 
two patterns of reinforcement at Sites 1 and 2. This is expected 
since less steel was used in the 12-in. grid. It is noted that, at 
a deck age of 5 years, two tests were performed in Site 2 
(Route 7), and two stress readings were recorded in Figure 
Sa and b. These different readings characterize variation of 
the stress results over deck age as shown in these figures. This 
variation is attributed to several factors: uncertainty in paths 
of the loading vehicle, possible nonlinearity in deck load-
response relationship under various levels of applied loads, 
and/or possible electrical noise influencing data recording. 
This variation is unavoidable in a field-tes~ing environment 
and is not a cause for concern. Despite the variation, a clear. 
tendency is observed in Figure Sa through c that rebar stresses 
increased in the first year or two of service and remained 
relatively constant thereafter, regardless of reinforcement 
arrangements. 

The global maximum stresses of 12-in. and S-in. grid decks 
shown in Figure Sb and c are listed in Table 2. Using a sim-
plified model of transversely continuous beam and the 
AASHTO allowable stress method (J), dead-load stresses in 
the transverse rebar were found for the instrumented decks, 
under a uniformly distributed dead load of 142 lb/ft2 (ac-
counting for weights of the deck, stay-in-place forms, and 
future overlay). Allowable live-load rebar stresses are com-
puted as the differences between a total allowable stress of 
24 ksi for Grade 60 steel and the dead-load stresses, with the 
maximum impact factor 1.3 by the AASHTO code considered 
conservatively. These are also listed in Table 2 for compari-
son. On the basis of the conservative analyses, measured max-
imal stresses are all lower than allowable levels for the two 
isotropic reinforcement arrangements. 

GENERAL INSPECTION 

Since 19S6, the 13 experimental isotropic decks have been 
inspected for possible deterioration affecting serviceability. 
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They are examined for cracking, spalling, and delamination 
by visual and sonic (chain-drag) methods. Both top and bot­
tom deck surfaces are inspected. No spalling or delamination 
hc:tve been observed. Generally, cracking is judged to be minor 
and the decks have performed satisfactorily (26). 

At Sites 1and2, a few bottom transverse cracks highlighted 
by efflorescence are seen from the ground. These cracks ap­
pear in similar intensities in all sections regardless of rein­
forcement (AASHTO, 12-in. or 8-in. grids). Sites 7 and 8 
have more intensive bottom transverse and longitudinal cracks, 
which are highly visible. These two sites will be discussed 
further, along with top surface inspection data. These four 
are the only bridges among the 13 addressed here with forms 
either completely or partially removed so that their bottom 
surface could be inspected. Top surface cracking at all the 
sites will also be discussed in more detail. 

Cracking on upper deck surface is classified in three types 
;iccording to d~rection of extension: transverse, longitudinal, 
or diagonal. Transverse cracks are defined as perpendicular 
to traffic flow and longitudinal as parallel to traffic flow. All 
others are noted as diagonal. Examination and recording of 
cold-joint cracking at the ends of concrete pours were dis­
continued in 1989, because this was considered unavoidable 
and irrelevant to reinforcement arrangement. Crack density, 
defined as crack length per unit area (inches per square yard), 
is used for quantitative measurement of cracking severity. 

Transverse cracking was predominant and longitudinal much 
less frequent (64 and 32 percent, respectively, in 1990). Figure 
9 relates total crack densities for individual decks to age. Top 
surface cracking generally increases with age in both isotropic 
and AASHTO decks. Note, however, that crack densities 
actually decreased with age once for Sites 2a, 6, and 13, ap­
parently because of either inexperience of the inspectors or 
reduction of crack visibility by less moisture near the deck 
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surface at inspection time. Since most observed cracks are 
hairline or na~rower, these two factors did affect inspection 
results for crack density. Although Sites 1, 7, and 8 have 
relatively higher crack densities, the decks are generally per­
forming satisfactorily. 

Site 1 experienced the third highest crack density (Figure 
9). Note that this· bridge was subjected to the simulated wheel 
loads in early tests of as high as 30 kips over an 8- x 20-in. 
area. Most cracks observed here are ne_ar loariing plate 
areas. 

Figure 9 also shows that Sites 7 and 8 experienced the 
highest crack densities; 65 and 62 percent are transverse, and 
31 and 36 percent longitudinal, respectively. These two bridges 
were constructed simultaneously by the same contractor in 
1985. A special investigation attempted to identify causes of 
this relatively severe cracking. Two cores were taken in 1990 
from Site 7 (Route 104 eastbound). Core 1 was at an inter­
section of longitudinal and diagonal cracks (also of longitu­
dinal and transverse bars), and Core 2. over a. longitudinal 
crack (also over a longitudinal bar) along the centerline be­
tween two interior girders. Epoxy coating of top bars in both 
cores was found to be intact; no corrosion was observed. In 
Core 1, the crack extended from the top surface about one­
quarter into the deck's depth. Multiple aggregate fractures 
were found in Core 2, with a crack penetrating its full depth; 
this indicates that the longitudinal cracking was load related 
and occurred after. the concrete developed its strengt.h. Early 
concrete strengths at both sites were also found to have been 
sought by the contractor for early opening of the bridges. 
Generally this is done for the contractor's convenience for 
moving heavy construction equipment. Such movements may 
have caused the observed longitudinal cracks. Construction 
records also show that at each site two of eight tested slumps 
exceeded the maximum specified allowable level (24). Higher 
slump may cause more transverse cracking due to more severe 
concrete shrinkage. It was concluded .that higher crack den­
sities at Sites 7 and 8 were caused mainly by improper con­
struction procedures and possible overloading. 

In an investigation of North Carolina's AASHTO RIC decks 
(27), 72 bridges were inspected solely to determine the se­
verity of transverse cracking. Of these, 15 were multiple-steel­
girder bridges in a service age range comparable with that of 
New York's experimental decks, with results used here for 
comparison. Crack severity in that study was defined as a 
weighted number of cracks per unit of longitudinal length 
[cracks per linear foot (CLF)] equal to the total number of 
major transverse cracks plus 0.25 total number of minor trans­
verse cracks per span length. Major cracks were defined as 
those propagating from at least one edge of the pavement to 
the roadway centerline, and minor, as shorter cracks. New 
York's crack density data were then converted to CLF values. 
In Table 3, New York's 12-in. grid isotropic decks and North 
Carolina's AASHTO decks are compared. This comparison 
shows that the highest AASHTO deck CLF is 0.266 versus 
0.247 for the isotropic decks. Excluding the abnormal cases 
(Sites 7 and 8 in New York and 64-32-045E in North Carolina), 
average CLFs for the isotropic and AASHTO decks are 0.030 
and 0.031, respectively. Their standard deviations are also 
equivalent (Table 3). Table 3 shows that transverse cracking 
severities of the isotropic and the AASHTO decks are gen­
erally equivalent. 
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TABLE 3 Comparison of Transverse Cracking 

New York 12xl2 Isotropic Decks 

Site Location 

1 Bay View Rd 
2 Rte 7 
3 Rte 20 
4 HR Parkway SB 
5 HR Parkway NB 
6 Rte 3 
7 Rte 104 EB 
8 Rte 104 WB 
9 Rte 17 

10 us 62 
11 Rte 446 
12 Versailles Rd 
13 Rte 11 

Mean** 
Standard Deviation** 

Age, 
years 

8 
7 
3 
5 
4 
4 
5 
5 
4 
4 

.4 
4 
2 

CLF* 

0.114 
0.007 
0.014 
0.062 
0.026 
0.004 
0.247 
0.200 
0.018 
0.021 
0.000 
0~063 

0.001 

0.030 
0.036 

North Carolina AASHTO Decks 

Bridge 
Age, 
years 

1835-44-088 3 
231-32-020 9 
53-44-'015 3 
264-40-010 9 
64B-32-010 5 
95-44-083N 3 
64B-32-010 5 
264-40-010 9 
1655-4.0-060 3 
8-60-030 1 
95-44-083N 3 
64-32-045E 4 
85-60-lOON 4 
85.;...60-090N 5 
220-55-012N 4 
Mean*** 
Standard Deviation*** 

CLF* 

0.000 
0.000 
0.000 
0.000 
0.000 
0.026 
0.013 
0.055 
0.008 
0.053 
0.075 
0.266 
0.104 
0.055 
0.041 
0.031 
0.034 

*CLF = cracks per linear foot = (total major transverse cracks 
+ total minor transverse cracks/4)/span length. 

**Excluding Sites 7 and 8. 
***Excluding Site 64-32-045E. 

CONCLUSIONS 

The strength of empirically designed isotropie decks has been 
verified in previous research as adequate for current wheel 
loading. Their long-term serviceability, when subjected to 
severe service fatigue conditions remains an issue to be ad­
dressed. Thirteen experimental isotropic decks in New York 
State have been examined periodically by both load test and 
general inspection over their service lives, with the longest 
open fo:r 8 years. No spalling or delamination has been found 
and cracking is judged to be minor. Isotropic decks experi­
enced crack severity comparable with that of AASHTO decks. 
Maximum rebar stresses in the isotropic decks under the 
AASHTO wheel load of 16 kips are always lower than allow­
able levels on the basis of conservative analyses. Transverse 
cracking severity of the isotropic and AASHTO decks is found 
to be equivalent. Maximal transverse rebar stresses u·nder the 
16-kip wheel load increased for the first year or two of service 
and remained relatively constant thereafter, regardless of re­
inforcement patterns. 
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Permeability Evaluation of Concrete 
Bridge Structures Exposed to Marine 
Environment in Florida 

CONSTANTINE A. MELETIOU AND MANG TIA 

A field permeability test (FPT) apparatus and method were de­
veloped and evaluated in both the laboratory and the field. The 
developed prototype FPT apparatus and method were used in 
the testing and evaluation of in-service marine structures in con­
junction with other standard tests. The developed FPT apparatus 
and method appear promising in providing a suitable measuring 
system for the rapid, convenient, and reliable determination of 
the in situ water permeability of structural concrete. There ap­
pears to be a linear relationship between the charge (in coulombs) 
passed through a concrete material as measured by the rapid 
chloride permeability test (AASHTO T277-83) and its corre­
sponding water permeability, with a coefficient of determination, 
R2 , of 0.90. There was an apparent relationship between perme­
ability and durability of concrete in service. The concrete material 
that exhibited durability problems also demonstrated high perme­
ability. The FPT method was demonstrated to be able to provide 
a relative measurement of permeability that can be used as an 
indication of the quality and performance characteristics of struc­
tural concrete. 

Long-term durability of concrete structures in a marine en­
vironment has been a great concern to civil engineers in recent 
years as an increasing number of cases of premature deteri­
oration of such structures have been reported throughout the 
country and the world. To ensure long-term durability of 
concrete structures, attention must be given to the quality of 
the concrete material with regard to those factors that may 
affect its performance under the given exposure conditions. 

Concrete exposed to a marine environment may deteriorate 
as a result of the combined action of chemical and physical 
forces. These include chemical action of seawater constituents 
on the cement hydration products, alkali-aggregate expan­
sion, crystallization pressure of salts within the concrete ma­
trix, frost action in cold climates, corrosion of embedded steel 
in reinforced or prestressed members, and physical erosion 
due to wave action and floating objects. Attacks on concrete 
tend to increase the concrete permeability, which in turn makes 
the concrete material progressively more susceptible to fur­
ther action by the same destructive agents, as well as to other 
types of attack (1). 

Permeability has been regarded by experts in the field to 
be a fundamental material property governing the durability 
of concrete, particularly in structures exposed to a marine 
environment (2 ,3). Mehta (2) reviewed the case histories of 
several concrete structures that had exhibited deterioration 
after long-term exposure to seawater. These case histories 

Department of Civil Engineering, University of Florida, Gainesville, 
Fl. 32611. 

clearly showed that although physical and chemical interac­
tions between seawater and constituents of portland cement 
took place, serious deterioration did not occur unless seawater 
was able to penetrate the interior of the concrete. The author 
concluded that "permeability rather than the chemistry of 
concrete was thus identified as the most important factor in 
long-term durability" (3). The author pointed out that struc­
tural cracking does not lead to corrosion as long as the re­
maining concrete is impermeable, especially if the concrete 
is fully submerged. Mehta also stated in his conclusions that 
harmful chemical attack can be limited to the surface. by rig­
orous implementation of well-known measures to ensure low 
permeability of concrete. 

Since the durability of concrete in a marine structure is 
greatly affected by its permeability, it is logical that the perme­
ability of the in-service concrete should be used to assess its 
durability. However, currently there is no convenient and · 
effective method that can be used for this purpose. There is 
a great need to develop such a method. This paper presents 
the research work conducted at the University of Florida to 
address this area of need. 

OBJECTIVES OF THE STUDY 

The primary objectives of this research study were the 
following: 

1. To develop a field permeability test (FPT) apparatus and 
method for reliably and conveniently determining the perme­
ability of in-service concrete; 

2. To test and evaluate the developed FPT apparatus and 
method and establish, through laboratory and field experi­
mentation, an effective and efficient testing procedure; 

3. To implement the FPT apparatus and method in the 
testing of existing marine structures to determine the in situ 
permeability of concrete under actual field conditions; and 

4. To investigate and attempt to establish any relationships 
that may exist between the results of the rapid chloride perme­
ability tests and the results of the FPTs. 

The development and evaluation of the FPT apparatus and 
method as stated in Objectives 1 and 2 have been presented 
in detail previously ( 4); therefore, they will be only briefly 
summarized in this paper. The work pertaining to Objectives 
3 and 4 is presented in greater detail. 
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RESEARCH METHODOLOGY AND TESTING 
PROGRAM 

The testing and analysis program of this study include the 
following major tasks: 

1. The developed prototype FPT apparatus was tested in 
both the laboratory and actual field installations to evaluate 
its performance characteristics , to ensure that it is operating 
properly and satisfactorily , and to establish an effective testing 
procedure. 

2. FPTs were run at various locations on in-service concrete 
bridges situated at or near the coast of Florida . In situ mea­
surements of moisture content of the tested concrete were 
also made . Relevant design and construction information on 
the tested structures were obtained , when available . 

3. Rapid chloride permeability tests were performed on 
concrete samples that were cored from selected test locations. 

4. A comparative analysis of the experimental data ob­
tained from the field and laboratory tests was performed to 
establish possible relationships among the results from the 
various tests. 

FIELD TESTING PROGRAM 

Selected Concrete Bridge Structures 

In-service marine concrete structures, mainly bridges that are 
located at or near the coastal regions of Florida , are classified 
as being exposed to extremely aggressive or highly corrosive 
environments and thus were targeted for testing for a "worst­
case scenario. " The selection of these structures was primarily 
based on current needs and accessibility of the test sites. An 
attempt was made to test a variety of bridge types ranging 
from high-profile monumental bridge structures to small high­
way bridges. This variety offered the opportunity to test and 
evaluate concrete bridge structures of various ages , designs , 
and functions and utilizing various materials and construction 
methods. The following 13 concrete bridge structures in Flor­
ida were selected and tested: in the Florida Keys , Seven-Mile 
Bridge, Long Key Bridge , Bahia Honda-Southbound Bridge , 
Bahia Honda-Northbound Bridge , Spanish Harbor Bridge , 
Niles Channel Bridge , and Niles Channel Old Bridge; B. B. 
McCormick Bridge, Jacksonville; SR-206 Bridge , Crescent 
Beach; Seabreeze Causeway Bridge , Daytona Beach ; Bro­
ward River (SR-105) Bridge, Jacksonville ; Horse Creek Bridge 
and Horse Creek Old Bridge , Melbourne. 

Six of these bridges are located on the Florida Atlantic 
Intracoastal Waterway (FAIW) , whereas the other seven are 
located in the Florida Keys. The majority of these bridges 
were designed for a service life of 50 years , although the 
Seven-Mile and the Long Key bridges were designed for a 
life of 75 years. 

A Florida Class IV concrete , specified to have a maximum 
allowable water-cement ratio of 0.41 , and epoxy-coated rein­
forcing steel bars were used in the construction of the Seven­
Mile , Long Key, and Niles Channel bridges. Cathodic protec­
tion(CP) systems were installed on a total of 20 pile columns 
of the B. B. McCormick Bridge and on the east-end pile caps 
(footers) of the SR-206 bridge. Conductive coating was ap-
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plied to 60 piles and conductive concrete applied to 10 piles 
of the Seabreeze Causeway Bridge ; conductive coating was 
also applied to the underdecking beams and end walls of the 
Horse Creek Bridge and to approximately 45 piles of the 
Broward River Bridge. The majority of these CP systems were 
installed and energized after concrete deterioration was de­
tected and were used as remedial systems to reduce further 
corrosion . 

Figures 1 and 2 show the extent and severity of concrete 
deterioration of some of the in-service concrete bridge struc­
tures tested in this study. Concrete cracking due to corrosion 
of the embedded steel reinforcement and subsequent spalling 
of concrete cover is the most predominant type of concrete 
deterioration encountered in marine concrete bridge struc­
tures in Florida. Figure 1 shows a severely deteriorated pile 
from the B . B . McCormick Bridge substructure located on 
the FAIW in Jacksonville. Extensive vertical cracking of con­
crete is seen from the steel corrosion. The corrosion of the 
embedded steel reinforcement in the pile is in an advanced 
state and the steel can readily be seen through the gap created 
in the material because of localized loss of concrete cover. 
This is a typical pattern of concrete distress that is demon­
strated in the form of continuous vertical cracking running 
parallel to the edge of the pile and extending several feet 
above the high-tide level into the splash zone . The tidal zone , 

FIGURE 1 Excessive vertical cracking and spalling of concrete 
in a pile (B. B. McCormick Bridge, Jacksonville). 
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defined as the region between the low- and high-tide levels, 
can easily be identified by the existence of various formations 
of marine organisms that extend to the high-tide level, above 
which the splash zone begins. · 

The extent and severity of concrete deterioration of in­
service bridge structures in Florida are clearly manifested in 

. Figure 2, which shows a massive structural element of the 
Seven-Mile Bri.dge substructure located in the Florida Keys, 
which is considered to be an extremely aggressive (highly 
corrosive) environment. Corrosion of the embedded steel re­
inforcement in this case is in the most advanced state in which 
decomposition of the material and disbondment from the sur­
rounding concrete are accompanied by a complete loss of 
concrete cover, which in turn can lead to severe structural . 
damage. In this part~cular pier, the concrete deterioration 
extends to about 9 ft above the tidal zone. This is contrary 
to the general observation that the most severe deterioration 
is likely to take place in the tidal zone where the concrete is 
exposed to various types of physical and chemical forces. As 
demonstrated in Figure 2, concrete deterioration caused by 
corrosion or other chemical and physical attacks is not a phe­
nomenon that is encountered only in the tidal zone and that 
can readily be repaired or treated locally; it is a more extensive 
problem that has the potential to cause severe structural 
damage. 

FIGURE 2 Excessive steel corrosion and extensive concrete 
spalling in a pier (Seven-Mile Bridge, Florida Keys). 
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Field Permeability Tests 

The field testing operations included (a) site selection, (b) 
preparation of test location, (c) determination of size and 
location of the embedded reinforcing steel, (d) coring of test 
holes for FPT, ( e) extraction of concrete cored samples for 
chloride permeability testing, (f) determination of moisture 
content of site concrete, (g) performance of FPTs, and (h) 
patching of cored concrete. 

·Jn situ permeability tests were performed on the sele~ted 
concrete bridges using the developed FPT apparatus (4,5). 
FPTs were performed on structural elements such as partially 
submerged piling, pile columns, piers, pile caps, footers, bas­
cules, and so forth, at various locations, elevations, and ori­
entations. The majority of the structural elements tested were 
part of the substructure of these concrete bridges and were 
accessible only by water. Therefore, the flow measurements 
for the in situ permeability tests were taken remotely by means 
of the FPT instrumentation unit that was carried on and op­
erated from a boat. 

In situ permeability tests were run at several locations on 
the bridge substructures. Tests were run on the undeteriorated 
portion of a generally deteriorated element. Thus, the tested 
concrete was representative of the concrete material of the 
member. The surface of in situ concrete at the prepared test 
sections was cleaned of any marine organisms or other irreg­
ularities if the selected test location was within the tidal or 
splash zone. The FPTs were performed by inserting the FPT 
probe in a 7/s-in.-diameter, 6-in.-deep hole drilled perpendic­
ular to the concrete surface, sealing off the middle section of 
the test hole by means of the double-packer mechanism of 
the probe, and applying high pressure (150 to 500 lb/in. 2 of 
gravity) to force the water to permeate radially into the con­
crete mass, as shown in Figure 3. The rate of flow of water 
into the test section (i.e., the injection rate) was constantly 
monitored by a manometer attached to the FPT instrumen­
tation unit, which also contained the central control panel 
with the appropriate hydraulic quick-connections, flow valves, 
pressure regulator, and test gauge. Flow measurements were 
taken· at regular intervals for as long as it was required to 
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FIGURE 3 Schematic diagram of the FPT probe 
and setup. 
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reach a steady-state flow rate condition. The apparent coef­
ficient of permeability of the concrete was determined from 
the steady-state flow rate by means of the following equations: 

K = _Q__ sinh - 1 (Lo) for r ~ L0 < lOr 
2'ITL0h 2r 

or 

K = _Q_ ln(Lo) for L 0 2: lOr 
2'ITL0h r 

where 

K = coefficient of permeability (in ./sec or cm/sec) ; 
Q = steady-state flow (in. 3/sec or cm3/sec) ; 
h = applied pressure head (in. or cm) ; 

2r = diameter of test hole (in . or cm) ; and 
L0 = length of test section [in . or cm (see Figure 3)]. 

(1) 

(2) 

The derivation of Equations 1 and 2 can be found elsewhere 
(4,5) . These equations are usually referred to as the Packer/ 
Lugeon equations and are the ones used by the U .S. Bureau 
of Reclamation for in situ determination of rock mass perme­
ability . For the FPT setup used , the length of the test section , 
L0 , was always between rand lOr; thus , Equation 1 was used 
in computing the coefficient of permeability in an FPT. 

The relative moisture content of the concrete site at each 
test location was measured before , during , and after testing 
by means of a nondestructive portable moisture meter at four 
diagonal points around the test hole. Since the accuracy of 
the moisture meter had not been investigated , the main pur­
pose of using the moisture meter was to determine the relative 
change in moisture content during the test rather than to 
measure the moisture content of the concrete accurately. If 
the concrete was relatively dry , a vacuum preconditioning and 
subsequent presaturation of the test section were applied for 
approximately 30 min before any permeability testing. The 
concrete test section was saturated to the extent that further 
saturation would not affect the results of the FPT. It is esti­
mated that in this condition the concrete was fully saturated 
to a minimum depth of 0.4 in. (1 cm) from the wall of the 
test hole. 

The FPTs were conducted by one person and an assistant ; 
test measurements were completed usually within 2 hr from 
the commencement of the actual test run . The entire FPT 
operation , including coring , preconditioning, testing , and 
patching of concrete , was completed within approximately 2 
to 3 hr. The FPT apparatus demonstrated satisfactory perfor­
mance ; no major problems were encountered in any of the 
field installations. 

LABO RA TORY TESTING PROGRAM 

The standard test method for rapid determination of the chlo­
ride permeability of concrete (AASHTO T277-83) was em­
ployed in this study to further evaluate the concrete material 
of the in-service bridge structures under investigation. Cored 
concrete samples were obtained from selected test locations 
where FPTs were performed. However , to minimize the dis­
ruption to the concrete structures tested , 1. 75-in.-diameter 
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cores instead of the standard 3.75-in.-diameter cores were 
obtained. Figure 4 shows an actual concrete core obtained 
from one of these test locations as well as a prepared specimen 
as used in the chloride test. Since the 1.75-in. actual diameter 
of these cores was smaller than the standard 3. 75-in.-diameter 
normally used in this test , the dimensions of the inside di­
ameter of the applied voltage cell were modified to fit the 
outside diameter of the prepared field specimens. Figure 5 
shows the modified applied voltage cell that was fabricated 
and used in this study. 

During the preliminary testing of some of the cores using 
the modified applied voltage cell , temperatures as high as 
180°F were observed within the first 2 hr of test duration. 
Thus , an additional modification was made to the rapid chlo­
ride test. The level of applied voltage was reduced from the 
standard 60 V to 30 V to avoid equipment failure caused by 
the observed higher-current flows through the tested concrete 
samples. 

Because of these modifications , the results obtained from 
the rapid chloride permeability test were adjusted accordingly 
to take into account the reduced cross-sectional area of the 
concrete specimens and the reduced applied voltage. The test 
measurements were normalized to correspond to standard 

FIGURE 4 Field concrete core (right) and prepared specimen 
(left). 

FIGURES Modified applied voltage cell. 
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results by applying an adjustment factor Ca,_ determined as 
follows. 

The electrical resistivity p of any material is defined as the 
resistance between opposite faces of a unit specimen of the 
material according to the following equation: 

p =RAIL 

where 

R = electrical resistance of specimen, 
A = cross-sectional area of specimen, and 
L = length of specimen. 

According to Ohm's law, 

I= VIR 

(3) 

(4) 

where I is the electrical current and Vis the applied voltage. 
Since the length of the concrete specimens used in the chloride 
test device was constant (2 in.) and the resistivity of the con­
crete material during the testing was assumed to remain con­
stant, the relationship between the standardized and modified 
chloride test results can be represented by the following simple 
equation: 

(5) 

where 160 , V60 , A 60 are test parameters at the standard 60-V 
potential level and 130 , V30 , A 30 are test parameters at the 
reduced 30-V potential level. 

For the modified test setup used, the adjustment factor Ca 
was computed to be 9.18. This adjustment factor was used to 
normalize the test results obtained from the modified chloride 
test to correspond to the standard chloride permeability test 
results (in coulombs) as interpreted by AASHTO T277-83. 

TEST RESULTS 

FPT Results 

Repetitive FPTs were performed on the same test sections to 
evaluate the repeatability of the test results. Representative 
results for various structural elements are displayed in Table 1. 
The data show that the measured permeability coefficients 
have a maximum percent difference ranging from about 3 to 
28 percent. The results obtained from these replicate tests 
indicated that the FPT method demonstrated acceptable re­
peatability under actual field conditions. However, much higher 
variations were observed among the mean coefficients of 
permeability obtained from FPTs performed at various test 
locations on structural elements having the same design or 
concrete type, or both. Table 2 displays representative test 
results from FPTs performed at various test locations. As can 
be seen from these data, the maximum percent difference in 
such cases ranged between about 5 and 684 percent. The 
highest variation among the permeability coefficients of the 
same class of concrete was obtained from FPTs performed on 
three different test sections from a girder of the SR-206 Bridge 
at Crescent Beach, which was built in 1975. From a total of 
57 individual FPTs run on the 13 selected concrete bridges, 
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TABLE 1 Results of FPTs Performed at the Same Test Section 

CONCRETE BRIDGE TYPE OF PERMEABILITY COEFFICIENT MAXIMUM 

STRUCTURE STRUCTURAL (xE-9 cm/sec) PERCENT 

TESTED ELEMENT 1st TEST RE-TEST DIFFERENCE 

SEVEN MILE PIER STRUT 1.90 1.85 2. 70 

6.69 8.09 -17 .30 

BAHIA HONDA - FOOTER CAP 5. 25 6.21 -15.46. 

NORTHBOUND 

B. B. McCORMICK PILE COLUMN 10.00 9.50 5.26 

45. 70 35.60 28.37 

47 .20 45.20 4.43 

ONSHORE 41. 70 34.80 19.83 

PIER 
22.80 24.01 -5.04 

SEABREEZE BASCULE 25.80 20.80 24.04 

CAUSEWAY 
24.60 19.20 28.12 

the lowest registered value of permeability coefficient, 0.94 x 
10- 9 cm/sec, was the one obtained from a test section on a 
V-pier cap of Pier 103 at the Long Key Bridge. Overall, the 
permeability coefficients of the tested site concretes were, on 
average, two to four orders of magnitude higher than the 
coefficients obtained from FPTs performed on laboratory­
prepared concretes of similar quality (5 ,6). 

Chloride Permeability Test Results 

Rapid chloride permeability tests were performed in the lab­
oratory on a number of cored concrete specimens (1. 75 in. 
in diameter) obtained from the selected bridge structures under 
investigation. The concrete cores used in this series of tests 
were obtained from structural elements that already had been 
tested for their relative water permeability by means of the 
developed FPT apparatus. These cores were obtained from 
locations as close as possible (within 12 in.) to the tested FPT 
sections. 

The field-cored concrete specimens were sectioned in 2-in. 
slices and subsequently conditioned and prepared for testing 
according to the procedure stipulated by AASHTO T277-83. 
As many as three 2-in. slices were cut from the top (A), middle 
(B), and bottom (C) sections of long field cores, when pos­
sible. The middle (B) section of concrete cores, corresponding 
to the region of concrete material tested with the FPT, was 
used in these tests for comparative purposes. The test mea­
surements were analyzed according to the standard proce­
dure, and the adjustment factor ca was applied to convert 
the chloride permeability results (in coulombs) to correspond 
to standard values. The results from this series of laboratory 
chloride permeability tests are presented in Table 3. 

The maximum percent. difference between the values of the 
charge passed (in coulombs) of replicate test specimens taken 
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from the top, middle, and bottom sections of field concrete 
cores ranged between about 1 and 242 percent. A relatively 
high variation was also observed among the values of struc­
tural elements having the same design or concrete class, or 
both, as in the case of the water permeability results. In 80 
percent of the cases, the relative chloride permeability (in 
terms of coulombs) of the tested concrete material was higher 
for concrete specimens cut from the bottom or the middle. 
sections of cores as compared with those cut from the top. 
Although a definite relationship quantifying this effect was 
not achieved during this research study, this trend, along with 
the discrepancies in the test results obtained for the same class 
of concretes, indicated a significant variation in the quality 
and durability characteristics of the tested concretes. One 
possible explanation for the high variation of the results of 

TABLE 2 . Results of FPTs Performed on Various Structural 
Elements of the Same Type and Concrete Material 

CONCRETE BRIDGE . TYPE OF MEAN COEFFICIENT MAXIMUM 
STRUCTURE ELEMENT TEST OF PERMEABILITY PERCENT 

TESTED TESTED SECTION (xE-9 cm/sec) DIFFERENCE 

SEVEN MILE STRUT 1 1.875 

" 2 7 .390 
294 .13 

LONG KEY PIER CAP 1 0.940 

2 2.470 162. 77 

3 2.360 

BAHIA HONDA - FOOTER 1 7 .210 
SOUTHBOUND 

2 27. 760 

3 6.650 533 .38 

4 42 .120 

BAHIA HONDA - " 1 5. 730 
NORTHBOUND 

2 23. 930 550.09 

3 37. 250 

SPAN I SH HARBOR PILE 1 3.880 

2 3.630 
6.89 

NILES CHANNEL FOOTER 1 1.460 

2 1. 780 
21. 92 

NILES CHANNEL - WALL 1 SI .030 
OLD 

2 66. 550 
30.41 

B. B. McCORMICK PILE I 9. 750 

2 40.070 

3· 46. 200 

4 14.500 

s 19.SOO 
470.37 

" 6 8.100 

7 37. 730 

" 8 23 .400 

SR206 - CRES- GIRDER I 12.000 
CENT BEACH 

2 1.530 684.31 

3 5.650 

SEABREEZE BASCULE 1 23 .300 
CAUSEWAY 

2 11.100 109.91 

" 3 21.300 

BROWARD RIVER PILE 1 8.030 

" 2 32 .500 
304. 73 

HORSE CREEK BEAM 1 10.640 

2 7 .970 4. 51 

3 11.120 

HORSE CREEK - WALL 1 5.910 
OLD 

2 6. 730 
13 .87 
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the rapid chlor~de permeability tests is that they are affected 
by the chloride ion contents of the test concrete. Since the 
cores contained variable amounts of chloride ions, high var­
iations in the test results were obtained. 

Correlation Between the Results of the FPT Method 
and AASHTO T277-83 

The results obtained from the developed FPT method and 
the standard AASHTO T277-83 were compared to identify 
any possible relationships between them. Since the center of 

TABLE 3 Results of Rapid Chloride Permeability Tests 

CONCRETE TYPE OF SPECIMEN CHARGE PASSED (COULOMBS) 
BRIDGE ELEMENT No. ACTUAL (M) ADJUSTED ( S) 

SEABREEZE BASCULE lB 420.2 3,BS7.4 
CAUSEWAY 

2B B22. 2 7 ,S47 .9 

B. B. PILE 3B 372.B 3,422.3 
McCORMICK 

PIER 4B 2B9.6 2,6SB.9 

BROWARD BASCULE SB 209.3 1,921.7 

OLD HORSE WALL 6A 230.0 2, 111.B 
CREEK 

6B 231.8 2, 127. 9 

7A 344.0 3, !SB. 2 

BB 211.1 1, 937 .B 

BC 4BO. l 4,407.S 

NEW HORSE BEAM 9A 298.0 2,73S.3 
CREEK 

9B S72. l S,2S2.2 

9C B30.4 7' 622. 7 

lOA 2Sl.B 2,311.0 

!OB B61.0 7 ,904.1 

NILES STRUT llA 637. 9 S,BSS.6 
CHANNEL 

llB B61.2 7' 906. 2 

OLD NILES WALL 12A 2000. 9 IB,36B. l 
CHANNEL 

12B 16SO. 7 IS, 153. l 

13B 19BS.6 lB,227 .6 

SP .HARBOR PILE ISA 1139.2 10,457.S 

BAHIA FOOTER 16B 1002.B 9, 205. 7 
HONDA 

16C 1101.0 10·, 107. 2 SOUTH 
BOUND 17B 1240. 7 11,390.0 

17C B4S.O 7,757.S 

CONCRETE TYPE OF SPECIMEN CHARGE PASSED (COULOMBS) 
BRIDGE ELEMENT No. ACTUAL (M) ADJUSTED ( S) 

BAHIA FOOTER !BB B4S.2 7,7SB.6 
HONDA 

!BC 1236.4 ll,3SO.l NORTH 
BOUND 19A B63.4 7' 926. 2 

19B 10B9.8 10,004.4 

Key: 
(M) =Test results using the Modified Applied Voltage 

Cell with a reduce_d 30-volt potential level 

Note: 

(S) = Estimated equivalent charge corresponding to 
coulomb values -as interpreted in the Standard 
AASHTO T277-B3 method 

N/A =Not Applicable 

According to the standard AASHTO T277-B3 method: 

Charge Passed 
(coulombs! 

>4,000 
2 '000-4' 000 
1,000-2,000 

100-1,000 
<100 

Chloride 
Penneabil ity 

High 
Moderate 
Low 
Very Low 
Negligible 

MAX. % 
DIFF. 

N/A 

N/A 

N/A 

N/A 

N/A 

0. 76 

N/A 

127 .4S 

17B.6B 

242. 02 

35.02 

21.22 

N/A 

N/A 

9. 79 

46.B3 

MAX. % 
DIFF. 

46.29 

26.22 
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the _flow region in a typical FPT was located about 3 in. from 
the surface of the concrete, the chloride permeability test 
results obtained from the specimens cut from the middle of 
concrete cores (B-series) corresponding to the FPT section 
were used for comparison. The comparison of the results from 
these two tests is presented in Table 4. 

A linear regression analysis between these two variables 
was performed. The results of the regression analysis were as 
follows: 

QRCP = 247. 7167 KFPT + 1834.190 

R2 = 0.90 

Standard Error of the Slope = 22.01 (6) 

TABLE 4 Comparison of Results Obtained from the FPT and 
Rapid Chloride Permeability Test 

CONCRETE BRIDGE TYPE OF STRUC- CHLORIDE MEAN WATER 
STRUCTURE TURAL ELEMENT PERMEABILITY PERMEAB IL ITV 

TESTED B-SERIES COEFFICIENT 
(COULOMBS) (xE-9 cm/sec) 

SEABREEZE BASCULE 3,857.4 11.10 
CAUSEWAY 

II 7,547.9 21.30 

.B. B. McCORMICK PILE 3,422.3 9. 75 

PIER 2,658.9 8.10 

BROWARD RIVER BASCULE 1,921.7 6.08 

HORSE CREEK - WALL 2' 127. 9 5.91 
OLD 

l, 937 .8 6. 73 

HORSE CREEK - BEAM 5,252.2 10.64 
NEW 

7 ,904. l 7. 97 

NILES CHANNEL STRUT 7 '906. 2 14. 70 

NI LES CHANNEL - WALL 15, 153 .1 51.03 
OLD 

II 18,227 .6 66.55 
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where QRcP is the charge.passed (in coulombs) measured by 
the rapid chloride permeability (RCP) test method and KFPT 

is the coefficient of permeability as determined .by the FPT 
method. Figure 6, which is a graphical representation of these 
results, suggests that it is possible to assume a linear rela­
tionship between the respective chloride and water permea­
bility values as determined by the two methods. Although · 
limited experimental values were considered jn this analysis, 
the obtained coefficient of determination (R2) of 0.90 indi­
cates a strong correlation between the two quantities. 

DISCUSSION OF RESULTS · 

The evaluation of the in-service concrete structures investi­
gated in this study was performed from the concrete material 
point of view and with respect to the physical property of. 
permeability. Comparison of the results obtained from FPTs 
performed on the selected in-service concrete structures with 
those obtained from water permeability tests on laboratory­
prepared concrete specimens of similar quality and materials 
indicates that the site concretes exhibited very high water 
permeabilities ( 6-8). 

According to the notes in the standard AASHTO T277-83 
procedure (9), conventional portland cement concrete of low 
wlc ratio (less than 0.4), which correspond~ to the Florida 
Class IV concrete used in some of the previously mentioned 
bridge structures, typically is expected to have low chloride 
permeability corresponding to a total charge passed ranging 
between 1,000 and 2,000 coulombs, as indicated in Table 3. 
However, only 7 percent of the tested concrete specimens 
produced results that were within this range, whereas 28 and 
66 percent of the specimens exhibited mode.rate and high 
chloride permeabilities, respectively. All of the concrete spec­
imens extracted from bridge structures located in the Florida 
Keys region exhibited high chloride permeabilities. The high­
est registered charge passed through a tested concrete ma­
terial-18,368 coulombs-was obtained from a concrete core 
extracted from the arch wall at the Old Niles Channel Bridge. 
This value was about 360 percent higher than the upper limit 
of charge passed corresponding to high chloride permeability 
according to AASHTO T277-83. This bridge was built in 1906, 
and the concrete material at the test location was determined 
to have a chloride content of approximately 100 lb/yd3 at the 
time the FPTs were performed (8). Based on the high quan­
tities of charge passed through the majority of the tested 
concretes and the observed high variation of values obtained 
from duplicate specimens tested with the rapid chloride 
permeability method, could indicate that there was a signif­
icant variation in the quality and durability characteristics of 
the concrete with respect to chloride permeability. 

Although the site concrete was sound both at the particular 
locations where the FPTs were performed and where cored 
samples were extracted and did not exhibit any visual signs 
of deterioration, the results obtained from the field and lab­
oratory testing programs indicated poor durability character­
istics with respect to permeability. The results further suggest 
that there seems to be an apparent relationship between the 
condition of structural concrete and its permeability. Concrete 
bridge structures that demonstrated durability problems also 
exhibited high permeability of the concrete material. For ex-
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ample, the permeability values obtained from a number of 
piles from B. B. McCormick Bridge, which has exhibited 
severe concrete deterioration (Figure 1), were substantially 
higher than those obtained from the piles from Horse Creek 
Bridge, which has shown no concrete deterioration (Table 2). 
It is believed that the relatively high permeability of the con­
crete contributed significantly to the severe deterioration of 
some elements in these bridge structures by allowing the in­
trusion of deleterious substances present in the marine en­
vironment into the concrete. 

CONCLUSIONS 

In this study, an FPT apparatus and method were developed 
and evaluated in both the laboratory and the field. The de-

. veloped prototype FPT apparatus and method were used in 
the testing and evaluation of in-service marine structures in 
conjunction with the standard rapid chloride permeability test 
and laboratory water permeability test. 

On the basis of the experimental findings of the field and 
laboratory testing programs, the major conclusions of this 
research study are summarized as follows: 

1. The developed FPT apparatus and method appear prom­
ising in providing a suitable measuring system for the rapid, 
convenient, and reliable determination of the in situ water 
permeability of structural concrete. The repeatability of the 
FPT results under actual field environment was shown to be 
acceptable. 

2. There appears to be a linear relationship between the 
charge passed (coulombs) through a concrete material as mea­
sured by the rapid chloride permeability test (AASHTO T277-
83) and its corresponding water permeability, with a coeffi­
cient of determination, R 2 , of 0.90. 

3. There appears to be a relationship between permeability 
and durability of concrete in service. The concrete material 
that exhibited durability problems also demonstrated high 
permeability. 

4. The deterioration of concrete in the tested bridge struc­
tures was primarily caused by corrosion of the embedded steel 
reinforcement, which was caused by the intrusion of chloride 
ions. It is believed that the high permeability of the in situ 
concrete material significantly contributed to this effect. 

5. A high variation in permeability was observed between 
concrete bridge structures specified to have the same concrete 
class. Since permeability is greatly affected by the microstruc­
ture of the concrete, high variations in permeability test results 
are usually expected, especially for in-service concrete. It is 
recommended that a sufficient number of tests be performed 
and that the data be statistically analyzed to account for such 
variations. 

6. The FPT method can provide a relative measurement of 
permeability that can be used as an indication of the quality 
and performance characteristics of structural concrete. 
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DISCUSSION 

KENNETH A. SNYDER 
National Institute of Standards and Technology, Gaithersburg, Md. 
20899. 

I would like to present several points for review by the authors. 

1. I feel that a key element in the presentation was the 
omission of laboratory water permeability measurements per­
formed on the field specimens. I acknowledge that laboratory 
tests were performed to correlate the results of the portable 
permeability meter (PPM) and standard laboratory water 
permeability tests. I would agree that the results were very 
encouraging. However, field tests performed on 3-ft-diameter 
columns are more suspect to experimental problems than tests 
performed on 6- x 6- x 12-in. specimens; I am only guessing 
at the size of specimens on the basis of the presentation slides. 
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The primary concern is saturation. I would venture to guess 
that the 6- x 12-in. prisms were properly cured in saturated 
lime water. Therefore, the entire life of the specimen was 
spent submerged, and, hence, fully saturated. I don't believe 
that "vacuum saturating" a 3-ft-diameter column for one-half 
hour is sufficient to ensure saturation, not to mention an 
extreme experimental hurdle to be performed correctly. 

2. The authors' experimental apparatus contains a feature 
that leads to skepticism of the results. When the fluid in the 
middle region is pressurized, the greatest pressure gradient 
exists between the middle region and the two regions in the 
cored hole immediately above and below the middle pres­
surized region. This suggests that the immediate tendency of 
the fluid would be to flow back into the core. This behavior 
is different from the spherical geometry the authors men­
tioned in the presentation. If no fluid is found in the regions 
immediately above and below the middle region then there 
could be additional shortcomings of the assumptions used in 
the permeability calculation. The lack of fluid would indicate 
that the fluid does not penetrate the concrete very far, sug­
gesting a cylindrical geometry rather than a spherical one. 

3. I would also like to discuss the mathematical develop­
ment of the authors' equations to calculate permeability from 
the flow. I realize that the nature of TRB dissuades from 
discussing involved mathematical development. and, there­
fore, I realize that my questions already may have been ad­
dressed in a technical publication. 

There was no mention of a time dependence to the solution 
of the permeability calcuiation. I belieye you mentioned that 
spherical symmetry was assumed along with an infinite me­
dium. If one assumes an infinite medium, then the pressure 
gradient must be zero to satisfy the boundary conditions and, 
hence, there should be no flow. Practically, one accepts that 
there must be a pressure gradient at the core wall the instant 
the pressure is applied. However, as fluid moves out into the 
concrete the "rising edge" of the pressure gradient must be 
moving out also. This should continue until the rising edge 
reaches the outside surface of the object under test. All the 
while, the flow from the probe would slowly diminish because 
of the changing pressure gradient. I believe that the authors 
simply stated that the flow was recorded until a steady state 
was reached. 

4. An additional aspect of the test that should be consid­
ered is the extent of the test. Consider the depth to which the 
fluid (I assume water) penetrates the system, which can be 
roughly approximated from the following calculation. The 
volume-averaged Darcy equation can be expressed in differ­
ential form: 

k 
- - V(p) 

µ 

Consider that the closest region of atmospheric pressure is 
just a few centimeters away above and below the probe's 
middle section. Assuming an applied pressure of 100 lb/in. 2 

and a reasonably permeable sample, the velocity of the fluid 
penetrating the concrete would still be very small: 

10- 16m2 7 x 105 N/m2 

------------ = 4 x 10- 6 m/sec 
10- 3 kg/m sec 2 x 10- 2m 
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Over the course of 1 hr the fluid would advance only ap­
proximately 1.5 cm. Since this is the greatest pressure gradient 
the fluid would experience, it is an upper limit of the maximum 
penetration. 

5. The oil industry is very interested in determining the 
permeability of underground rock formations to estimate, 
among other things, the productivity of a potential oil well. 
The development of a meter to measure the in situ permea­
bility holds a keen interest for them. When one considers the 
immeasurable person hours and dollars spent by petroleum 
engineers trying to develop such a device, which has .still 
eluded them, it is a good idea to look with a critical eye at 
any new developments of such a device. 

AUTHORS' CLOSURE 

The development of the FPT apparatus and method used in 
this study has been presented in detail in a previous paper by. 
the authors (1); the answers to most of the questions raised 
by the discussant can be found therein. The derivation of the 
analytical equation relating the flow rate measured in the FPT 
and the water permeability of the concrete is presented as 
follows. 

It is assumed that the mass concrete is infinite in size and 
that a steady-state flow condition has been reached. 

The following parameters are defined: 

R = radius of influence (i.e., the effective radius of the 
flow region under study) and 

<l>(R) = the potential at a distance R from the center of 
the sphere. 

The discharge, Q, at any radial distance p from the source at 
the center of the sphere is 

(1) 

where 47rp2 is the surface area of the sphere and v P is the 
radial velocity. 

By integrating Equation 1, 

J a<I> = J-1L ap 
47Tp2 

we obtain the potential, <I>, as 

Q <I>= -- + c 
47Tp 

(2) 

Equation 2 indicates that in the case of spherical flow the 
potential varies inversely with the radius of influence. 

To determine the constant of integration, C, in Equation 
2, the boundary conditions at the hole should be defined as 
follows: p = r and <I> = <1>0 • Therefore, by solving Equation 
2 with respect to C we get 

C = <l>o + Jf_ 
47Tr 

(3) 
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By applying the boundary conditions and substituting the 
expression for C in Equation 3 into Equation 2, we get 

<I> = _Q_(! -. !) + <l>o 
4'11' r p 

(4) 

where r :s p :s R. 
The following parameters are also defined: 2r = diameter 

of test hole and L 0 = 2L = length of test section. According 
to Girinsky (2), the discharge, Q, can be assumed to be con­
stant along the test section, and the discharge per unit length 
can be expressed as 

(5) 

Assuming Equation 2 to represent the potential at any point 
in the flow region, 

(6) 

For a cylindrical coordinate system, 

· p = [r2 + (z _ TJ)2]112 (7) 

By combining Equations 5 through 7 we get 

Set the limits of integration from (L0 /2) to + (L 0/2) (note 
that L 0 = 2L): 

Q J+L d'fl 
<l>(r, z) = 8'1TL -L [r2 + (z - 'Tl)2p12 (8) 

Q [ . (z + L) . (z - L)] · ~ <l>(r, z) = STIL smh- 1 
-,- - smh-: 1 

--,-

(9) 

According to Harr (3), the equipotential surfaces given by 
Equation 9 are seen to be ellipsoids. 

By assuming z = 0 and substituting L 0 = 2L, Equation 9 
becomes 

Q . (Lo) Q (Lo) <l>(r) = -- smh- 1 - = -- ln -
2'1TL0 2r 2TIL0 r 

(10) 
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where 

sinh-:- 1(x) = ln [x + (x2 + 1)112] 

and if x > > 1, sinh - 1(x) is approximately equal to ln(2x). 
Finally, if we substitute in Equation 10 Kh = <I> and solve 

with respect to the permeability K, we obtain 

K = ~sinh - 1 (Lo) for r :s L 0 < lOr 
2TILoh 2r 

(lla) 

and 

Q (Lo) K = --ln -
2'1TL0h r 

for L 2: lOr (llb) 

where K is the coefficient of permeability and h is the applied 
pressure head. 
. Equations 1 la and b relate the measured flow rate in the 

FPT to the coefficient of permeability of the concrete tested. 
For the FPT setup used, the length of the test section, L0 , is 
always between rand lOr, and thus Equation lla is useci in 
computing the coefficient of permeability in the FPT. 

The equation is based ori the assumption that a steady-state 
flow condition has been reached. Thus, the recommended 
testing procedure requires that the FPT be run until an ap­
parent steady-state flow condition has been reached. As stated 
in the paper, the concrete test sect~ons were presaturated to 
the extent that further saturation would not affect the results 
of the FPT. It might be true that at the apparent steady-state 
condition, the test concrete had not been completely saturated 
and the flow had not reached its true steady-state condition. 
However, for practical purposes, since the test results do not 
change appreciably after that point, the determined· perme­
ability should be very close to the true permeability. 
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Comparison of Treatment Methods 
Involving Polymer Impregnation for 
Abating Corrosion in 
Overlaid Bridge Decks 

TAPAS DUTTA, RICHARD E. WEYERS, AND IMAD L. AL-QADI 

To investigate the corrosion of the reinforcing steel (rebars) in 
bridge decks, concrete laboratory specimens with re bars were cast 
and subjected to a chloride environment. The corrosion potential 
and rate were monitored with Cu-CuS04 half-cell and three elec­
trode linear-polarization (3 LP) devices. When active corrosion 
had been initiated, five rehabilitation treatment methods were 
applied to the corroding specimens: latex-modified concrete (LMC) 
overlay, low-slump dense concrete (LSDC) overlay, polymer­
impregnated concrete, LMC overlay with polymer impregnation, 
and LSDC with polymer impregnation. The monomer system 
used was 90 percent methyl methacrylate (MMA), 10 percent 
trimethylolpropene trimethacrylate and 0.5 percent of the above 
monomer mix of azobisiobutyronitrile. The irppregnated speci­
mens were grooved and dried to 230°F before impregnation and 
subsequent polymerization. The posttreatment corrosion rates 
were used for analyzing the effectiveness of the various treatment 
methods. The treatment methods investigated were able.to reduce 
the corrosion rate dramatically compared with untreated speci­
mens. However, the difference in effectiveness among the five 
methods was insignificant. 

Premature deterioration of reinforced concrete bridge decks 
was first recognized by highway agencies in the late 1950s. 
An initial study determined that the principal cause was spall­
ing, which resulted from corrosion of the reinforcing steel 
caused by the high chloride content of the concrete and mois­
ture intrusion (1,2). The major source of chlorides is the 
deicing salts applied to the roadways during winter. In 1970, 
more th4n 9 million tons of deicing salts were used in the 
United States (3), increasing to 12 million tons by 1979 (4). 
A second source of chlorides is sea water in direct contact and 
from spray on bridge components in a marine environment. 

By the 1970s, highway agencies had begun to identify the 
enormous cost involved in the repair and rehabilitation of 
.deficient bridges. It was found that the number of bridges 
that became deficient each year far exceeded the actual num­
ber of bridges t_hat were repaired in the same time frame. As 
a result, an increasingly large backlog of deficient bridges was 
created with each passing year. A recent cost estimate of the 
rehabilitation of bridges deteriorated by corrosion was placed 
at $20 billion, at an annual increase rate of $0.5 billion (5). 

T. Dutta, California Department of Transportation, 120 South Spring 
Street, Los Angeles, Calif. 90012. R. E. Weyers and L L. Al-Qadi, 
Virginia Polytechnic Institute and State University, Blacksburg, Va. 
24061. 

An early response to the bridge deck deterioration prob­
lems was to modify the design parameters. The cover depth 
was increased up to 3 in., which prolonged the time it took 
the chloride ions to reach the top mat of rebars. By reducing 
the ratio of water to cement to between 0 .40 and 0 .45, chloriqe. 
permeability of concrete was reduced and, hence, the rate of 
diffusion of chloride ions was diminished. These methods did 
not stop the corrosion process, however, but the time to 
initiate the corrosion of the rebars was extended. 

Rigid overlay systems on bridge decks have been used for 
some time as a rehabilitation technique. The most commonly 
used rigid overlays are latex-modified concrete (LMC), low­
slump dense concrete (LSDC), and polymer concrete (PC). 
These overlay systems are also applied to new bridge decks 
as a means of corrosion protection. 

Electrochemical chloride removal in conjunction with the 
injection of materials such as penetrating sealants and cor­
rosion inhibitors has been used recently. When corrosion in­
hibitors such as calcium nitrite are injected into concrete they 
encapsulate the steel and act as a barrier to chloride ions. The 
application of coating materials, such as epoxy coating rebars, 
has -been extended to include parapet, substructure, and su­
perstructure components of bridges. However, this method 
has not proved completely successful over long periods of 
time in severe environments such as the Florida Keys. The 
application of waterproofing membranes along with an as­
phaltic concrete wearing surface has also been in use as a 
protection technique. Impressed current systems and galvanic 
cathodic protection systems have demonstrated their capa­
bility of arresting the corrosion of steel in concrete. 

The only nonelectrocherriical method to abate corrosion of 
steel in concrete bridge decks is deep impregnation. Deep 
impregnation (depths of 3 to 4 in.) of monomer into concrete 
and subsequent in situ polymerization abates corrosion where 
it has started and prevents the start of corrosion in the steel. 
A deep grooving method of concrete bridge decks that was 
developed by Weyers and Cady (6, 7) resulted in the feasibility 
of polymer impregnating entire bridge decks. The monomer 
that was used in that study is MMA. The polymer encapsulates 
the concrete around the reinforcing steel and fills most of the 
void spaces, thereby stopping the flow of current, and con­
sequently prevents the onset or continuation of any corrosion 
activity. Therefore, W/C and slump will not have any effects, 
whereas the percentage of air will affect the amount of mon­
omer used. 
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PREPARATION OF SPECIMENS AND INITIATION 
OF CORROSION 

Eighteen laboratory concrete specimens were cast. The con­
crete mix used is in accordance with Virginia A4AE bridge 
concrete mixture. They were 12 in. long and 10 % in. wide. 
Each specimen had two triad of rebars (Figure 1). To mini­
mize the effects of manufacturing oil and existing rust on the 
rebars, the rebars were cleaned by soaking them in a hexane 
solution for about 20 min and then wiped clean. The rebars 
were then dried in an oven at 240°F for 10 min. To prevent 
corrosion from taking place at the exposed ends, the two ends 
were covered with electroplating tape so that the uncovered 
length of each rebar was 6.5 in. Thus, the exact surface area 
exposed for corrosion was known; hence, corrosion rates could 
be normalized to a square foot of surface area of the rebar. 

A thermocouple Type T junction was taped at the bottom 
center point of each top righthand rebar of each specimen. 
Type T plugs were attached to the other ends. Five treatment 
methods were used and one set of control specimens were 
not subjected to any treatment. Triplicate specimens were 

·cast for each treatment and for the controls. Therefore, a 
total of 18 specimens were cast. The two-letter codes assigned 
to each group were as follows: 

• CO: Specimens acted as controls, untreated, 
• LM: Specimens overlaid with LMC, 

1-1.5· +- 1.5· -f-1.5· -I 
12.0" 

LJ 

0 

0 0 
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•LS: Specimens overlaid with LSDC, 
•PC: Specimens with polymer impregnation, 
• PM: Specimens overlaid with LMC and polymer impreg­

nation, and 
• PS: Specimens overlaid with LSDC and polymer im­

pregnation. 

The sides were coated with epoxy to prevent moisture loss 
and salt ingress from the sides. Plexiglass dikes 1 in. high and 
5/16 in. thick were fixed on top of each specimen using silicon 
rubber. Glass covers were used on the specimens to minimize 
moisture loss during wet cycles. A resistor of 100 n was con­
nected between the top rebar and the bottom right rebar of 
each triad. A jumper cable was fitted between the two bottom 
re bars of each triad, resulting in a macrocell cathode-to-anode 
area of 2. 

Before the first wet cycle, potential and temperature read­
ings were taken. Temperature readings were measured by a 
digital Type T thermocouple meter. Potential readings were 
taken with a copper-copper sulfate (CSE) half cell in accord­
ance with the ASTM C-876 procedure. The interpretation of 
the potential values are given in ASTM C-876 and summarized 
as follows: 

•If the potential is more positive than -200 mV CSE, 
there is a probability of more than 90 percent that there is 
no active corrosion present. 

0 
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FIGURE 1 Plan and elevation of specimens. 
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• If the potential is between - 200 m V CSE and - 350 m V 
CSE, corrosion activity is uncertain. 

• If the potential is more negative than - 350 m V CSE, 
there is a probability of more than 90 percent that there is 
active corrosion present. 

The three-electrode linear polarization device (3LP) man­
ufactured by Kenneth C. Clear, Inc., was used to monitor 
the corrosion current. The corrosion rate of metal is directly 
proportional to the corrosion current (Faraday's first law). 
The 3LP device impresses a current in the reverse direction 
and polarizes the corrosion current. Knowing the impressed 
current and the corresponding value of the potential, the cor­
rosion current is obtained using the Stern-Geary equation. A 
description of the test procedure is given in the 3LP manual 
(8). Interpretation of the obtained corrosion current Ucorr) 
values is given in the 3LP manual as follows: 

. . 
•/corr< 0.2 mA/ft2 ~no corrosion damage is expected. 
•/corr between 0.2 and 1.0 mA/ft2 ~ corrosion damage is 

possible in 10 to 15 years. 
•/corr between 1.0 and 10 mA/ft2 ~ corrosion damage is 

expected in 2 to 10 years. 
• /corr > 10 mA/ft2 ~ corrosion damage is expected in 2 

years or less. 

Five days after the concrete was placed, the first wet cycle 
was started. A 6 percent (by weight) sodium chloride solution 
was used as the source of chloride ions for the concrete. The 
wet cycle extended for a period of 3 days. At the end of that 
period, the solution was removed from the specimens using 
a .wet-dry shop vacuum. During the dry cycle the ambient 
temperature was raised to 120°F using several infrared lamps. 
The high temperature dried the concrete and made it moisture 
hungry so that the penetration of salt solution during the next 
wet cycle was at a higher rate. The duration of the dry cycle 
was 4 days. 

During the ponding period, chloride contents of some se­
lected specimens were determined at various depths with a. 
specific ion probe test method developed by James Instru­
ments, Inc. (9). The results obtained by the specific ion probe 
method are correlated to that obtained by the standard 
AASHTO test method (T-260-78) (JO). 

Literature review indicates that several different values of 
chloride ion concentration have been suggested as a threshold 
value for the initiation of corrosion. The authors have con­
sidered the value of 1.2 lb/yd3 of chloride ions in concrete as 
a requirement to initiate the corrosion based on the research· 
performed by FHWA (11,12). 

Treatment activities were started when it was determined 
that there was active corrosion in most of the top rebars, all 
the potentials were more negative than - 350 m V, the mean 
corrosion current was 4.2 mA/ft2 with most of the values being 
over 2 mA/ft2 , and the chloride contents at the rebar level of 
selected test specimen~ were greater than 1.2 lb/yd3

• 

TREATMENT PROCESS 

During the treatment processes, the salt water ponding of all 
18 specimens was suspended. Twelve forms were made to 
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accommodate the 2-in. height overlay. LMC overlays were 
applied to the LM and PM series, whereas the LS and PS 
series were overlaid with LSDC. After the moist curing period 
(14 days), the sides of the overlays were coated with epoxy. 
Specimens from the PC, PM, and PS series were grooved in 
preparation for polymer impregnation. In an earlier study by 
Weyers and Cady (7), an empirical formula was developed 
to determine the g~ooving parameters: groove spacing, groove 
depth, and groove width for optimum polymer impregnation. 

For all the specimens, the groove width was 0. 75 in. and 
.the edge-to-edge distance between grooves was 2.5 in. Con­
sidering the groove parameters already noted, there were 
three grooves on each specimen .. The depth of impregnation 
was 0.5 in. below the top rebars and the depth of the grooves 
was 0.5 in. above the top rebars. Two depths of impregnation 
were involved. The specimens of the PC series had the original 
cover depth of 1 in., and the final depth of polymer penetra­
tion was 2 in. For these specimens, the depth of groove was 
0.5 in. The overlaid specimens (PM and PS series) had a cover 
depth of 3 in.; the final depth of polymer penetration for 
these specimens was 4 in. The groove depth for the overlaid 
specimens was 2.5 in. A masonry saw was used to cut along 
the groove lines that had been ~arked with a permanent ink 
marker. Concrete between the cut lines was then chipped out 
with a mason's chisel. 

A drying temperature of 230°F, at 0.5 in. below top rebar, 
was used. Polymer impregnation of concrete was used suc­
cessfully at this temperature (13). Three propane-fired in­
frared heaters, placed side by side, were used to dry the 
specimens. To monitor the temperature at a depth of 0.5 in. 
below the top rebar level, high-temperature Type T TC wires 
were encased in ceramic tubing and inserted into a hole made 
in the bottom of the specimens to such a depth that the TC 
junction was 0.5 in. below the top rebar. Nine specimens at 
a time were set up below the heaters at a distance of 9 in. 
from the heaters. Fiberglass insulation, 3.5-in. thick, was 
wrapped around the specimens. The fiberglass was supported 
by a layer of sand and gravel. The specimens were insulated 
to prevent the entry of heat from the sides. The TC wires 
were insulated to enable the TJ junction to measure the tern: 
perature at the proper location. A metal sheet with rectan­
gular holes the same size as the specimens' surfaces was placed 
over the specimens to ensure that only their top surfaces were 
exposed to the heaters. Along with the nine specimens, three 
cylinders ( 4 in. in diameter and 8 in. long) cast from the same 
concrete mix design were also dried. The cylinders were used 
to. determine the rate of polymer impregnation through the 
concrete. Two probes were used to record the shaded ambient 
temperature and the temperature at the· surfaces of the 
specimens. 

Temperatures were recorded at regular ··intervals after the 
heaters were turned on. After 70 min of heating, the internal 
temperatures of two specimens reached 230°F. Because the 
internal temperatures of the other seven specimens were sub­
stantially lower, the heaters could not be turned off. To rem­
edy the situation, the two adequately heated specimens were 
covered with a metal sheet to prevent further heating of these 
specimens. The heaters were turned off at 150 min, when 
most of the specimens had the internal temperatures at the 
requisite value. Because concrete acts as a heat sink, the. 
internal temperatures of all the specimens continued to rise 
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(between 5°F and l0°F) until a thermal equilibrium was es­
tablished. Additional temperature readings were taken for 
about 5 hr. The specimens were then covered with a layer of 
fiberglass insulation and left to cool for about 12 hr before 
impregnation was started. 

The ends of the grooves in the nine specimens were sealed 
wit~ epoxy putty that does not dissolve in MMA. The putty 
was also used to make 1-in.-high dikes on ~he three cylinders. 
The specimens and the cylinders were covered with plastic 
sheets taped around the edges with duct tape. A slit was made 
in the middle of each plastic cover. The slits were covered by 
duct tape. · 

A mixture of 90 percen~ MMA and 10 percent trimethy­
lolpropene trimethacrylate (TMPTMA) was prepared by 
weight. Then 0.5 percent azobisiobutyronitrile (Azo), of the 
above mixture, was added. The monomer was ponded on the 
top surface of the specimens and cylinders using a 20-ml pi­
pette and placed through the slit in the plastic cover. The slit 
was kept covered after the monomer was placed. 

The three cylinders had impregnation times of 6, 14, and 
23 hr. During that period more monomer was added as needed 
when all existing monomer had diffused into the concrete. 
After the designated impregnation time for each cylinder was 
reached, the residual monomer was drawn off with the pi­
pette. The cylinders were then placed in a hot water bath at 
185°F for polymerization of the monomer. They were kept in 
the bath for. 4 hr. The cylinders were taken out of the bath 
and cut longitudinally in half using a masonry saw. The cut 
cylinders were then etched with muriatic acid. The acid etches 
all portions of the concrete except the area of impregnation. 
Thus, the depth of impregnation of the cylinders could be 
visually distinguished. 

The depth of polymer impregnation in concrete is a function 
of the square root of time of impregnation (13). Using this 
relation, the data obtained from the acid etching of the three 
cylinders indicated that the time corresponding to the required 
depth is 16 hr. Accordingly, the specimens were allowed to 
be impregnated for a period of 16 hr using the same proce­
dure. At the end of that period, the residual monomer was 

· .drawn off with a pipette and the specimens were.polymerized 
in a water bath at 185°F for 24 hr. At the end of the 24 hr, 
the specimens were taken out of the water bath. The sped­
mens' grooves in the PM and PS series were filled with latex­
modified mortar (LMM). Application of salt solution was 
resumed with the same wet and dry cycles used before treat­
ments. Posttreatment potential and corrosion current" mea­
surements were taken periodically. 

EXPERIMENT RESULTS AND ANALYSIS 

After a number of potential and 3LP readings were taken, it 
was observed that the ambient temperature at the time of 
measurement had a significant effect on the resultant read­
ings. The higher the temperature, the higher was the 3LP 
reading and the more negative the potential value. To analyze 
the data without developing a temperature correction factor, 
all readings were taken at room temperature, 72°F. 

The potential values and the corresponding 3LP corrosion 
current values before and after treatments indicated that post­
treatment potential values did not reflect very accurately the 
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corrosion activity in the specimens. Although the corrosion 
current Ucorr) values in the treated specimens showed very 
little active corrosion, the corresponding potential values for 
most specimens were well into the 90 percent active corrosion 
region, more negative than - 350 mV (14). The !corr value is 
a more direct measure of corrosion activity than the potential 
value that is based on a probability function. · 

A total of 323 pairs of potential and corresponding !corr 

values were used in a simple linear regression model (SLR) 
analysis. The SLR analysis resulted in an F-observed value 
of 219.845 and a p value of 0.001. This means that at the 5 
percent significant level, the statistical test was significant and 
the F-observed value was well into the rejection region. Thus, 
there is a relationship between potential and !corr· However, 
R2 (the coefficient of determination) was 0.4065 and Pearson 
correlation coefficient was 0.64. This means that about 40 
percent of the variation in ]corr could be predicted from the 
potential in the given sample data or the population. These 
values suggest that the relationship between potential and (orr 

was not very strong. In view of the above results, only ]corr 

values were used for comparative analysis. 
For comparing the effectiveness of the various treatment 

methods, the percent change in each posttreatment value 
was computed on th~ basis of the last pretreatment value as 
follows: 

d = {(B - P)IB} x 100 

where 

d = percent change, 
B = last pretreatment !corr in mA/ft2 , and 
P = present !corr in mA/ft2

• 

(1) 

Therefore, a positive d value indicates that the corrosion 
rate has decreased from its pretreatment level, whereas a 
negative d value signifies a higher corrosion level compared 
wit~ its pretreatment value. 

At Day 181 after the application of the overlays, the control 
specimens (CO) had a d value of -223.4 percent, demon­
strating the extreme deteriorated condition of the untreated 
specimens, as show~ in Figures 2 through 4. The latex (LM 
and PM) and polymer-impregnated (PC) groups demon­
strated values of over + 50 percent at Day 1.81, as presented 
in Figures 2 and 4, respectively. The low-slump (LS and PS) 
group was well below + 50 percent improvement level, as 
shown in Figure 3. However, they remained in the positive 
range, indicating that the treatments had the desired effect 

· of reducing corrosion levels. The low-slump overlay speci­
mens had a value of +22. 7 percent, whereas the low-slump 
overlay with polymer impregnation had a slightly higher value 
of + 36. 2 percent. However, at 41 days after overlays, all 
treated specimens, except for the polymer-impregnated spec­
imens, had negative d values. A possible explanation is that 
a time lag is required before the overlays cause a decrease in 
the corrosion rates. 

The absolute difference in the d between the last and first 
values may be a useful measure of the effectiveness of each 
treatment procedure. Table 1 summarizes this relationship. 
The maximum value of this measure was 91.03 percent for 
the LSDC specimens, and the minimum value was 42.30 per­
cent for the polymer-impregnated specimens with no well-
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defined trend among the three groups. This indicates that 
there was no appreciable difference in the effectiveness of 
any treatment method. The specimens with only overlays 
.demonstrated higher values than polymer-impregnated over­
lays, which suggests that impregnation had decreased the ef­
fectiveness of the overlays in abating corrosion. 

However, it was found that of both series with overlays and 
polymer impregnation, the PM series (LMC overlaid-polymer 
impregnation) and the PS series (LSDC overlaid-polymer im­
pregnation) had the highest pretreatment corrosion rates of 
4.99 mA/ft2 and 4.92 mA/ft2

, respectively. It is conceivable 
that the higher corrosion rates had an effect on the "absolute 
difference" in A values. It is reasonable to expect that any 
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TABLE 1 Measures for Evaluating Effectiveness of Treatments 

PRE-TREAT. CHANGE CHANGE ABSOLUTE 
SPECIMEN Icorr @DAY41 @DAY 181 DIFF. 
(GROUP) (mNSQFT) (%) (%) (%) 

LATEX 
LM 1.76 -3.37 +79.85 83.22 
PM 4.99 -2.89 +55.84 58.73 

LOW SLUMP 
LS 2.82 -68.35 +22.68 91.03 
PS 4.92 -12.55 +36.19 48.74 

POLYMER 
IMPREGNAT. 

PC 2.07 +41.73 +84.03 42.30 

treatment method would be more effective if the initial cor­
rosion rate were low compared with a relatively high initial 
corrosion rate. 

By comparing the actual A values; the low-slump group 
appears to be less effective than the other two groups. How­
ever, this measure might not be an accurate representation 
·of the situation, because it does not indicate th'e "degree" of 
the A. 

The values of the_ A at Day 41 (see Table 1) indicate that 
the low-slump group had been least effective in abating cor­
rosion at this age. The specimens that had been overlaid with 
LSDC (LS) had an unusual high 'negative A value ( - 68 .. 35 
percent) compared with the A values of the control specimens 
at the sa_me time ( - 79.47 percent). The much-lower negative 
A value ( - 12.55 percent) of the specimens with LSDC overlaid­
polymer impregnation (PS) could probably be attributed to 
the polymer impregnation. However, this value for the PS 
series was more negative than for the other groups. The higher 
pretreatment corrosion rates could not be considered as a 
possible cause, because. the specimens with LMC overlaid­
polymer impregnation (PM) also had similar high pretreat­
ment corrosion rates. In the case of the PM series, the A at 
Day 41 was -2.89 percent, which was comparable to the 
-3.37 percent value for the LMC-overlaid specimens (LM). 

A possible explanation for the apparently lower effective­
ness of the low-slump group is that the low design slump of 
LSDC overlay resulted in an imperfect compaction after the 
overlay was placed. The LSDC overlay had a rough surface, 
which suggests the presence of more void spaces, resulting in 
increased permeability for more rapid ingress of chloride ions 
after treatment. 

CONCLUSIONS AND RECOMMENDATIONS 

This study concluded that there was· insignificant difference 
in the effectiveness of the five treatment methods used in this 
investigation: LMC overlay, LSDC overlay, polymer impreg­
nation, LMC overlay with polymer impregnation, and LSDC 
overlay with polymer impregnation. However, the treatments 
involving low-slump dense concrete overlay might be less ef­
fective as a corrosion abatement technique compared with the 
other four methods investigated. 
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·Therefore, long-term studies should be performed to in­
vestigate the nature of corrosion activities after treatment 
methods had been applied. This would lead to the develop­
ment of life-cycle models for various bridge deck rehabilita-. 
tion techniques covered in the present study. Other practical 
factors could be considered in a future study of the effective­
ness of the treatment methods used i.n this study: the influence 
of traffic volume and axle load. 
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Preformed Membrane Performance Under 
Control Conditions 

IMAD L. AL-QADI, RICHARD E. WEYERS, AND N. LAUTH GALAGEDERA 

Recently, preformed membrane systems have been used exten­
sively in the United States and Europe as a preventive technique 
to. reduce the corrosion in reinforced steel in bridge deck struc­
tures. However, the membrane integrity and effectiveness have 
not been addressed sufficiently. Therefore, an extensive labo­
ratory investigation was conducted to evaluate the membrane 
effectiveness as a chloride barrier. A total of 48 typical bridge 
deck slabs were cast in the laboratory: 36 of them were 5 x 5 ft 
and 12 of them were 5 x 4 ft. A total of four slabs were control, 
another 4 w·ere overlaid with hot-mix asphalt, and the rest (40 
slabs) were covered with three types of preformed membranes 
and overlaid with hot-mix asphalt. The membranes were installed 
with various perforation sizes and frequencies. The slabs were 
exposed to 9 months of deicing (2.3 percent salt) application 
simulating the average of two winters of salt application in the 
New England states. Also, twelve 1- x 1-ft specimens were cast 
for preliminary evaluation. Ultrasonic pulse velocity was used as 
a nondestructive testing technique to evaluate the installed mem­
branes. Ground truth cores were obtained and powdered concrete 
samples at three different depths were taken to measure the chlo­
ride contents. A statistical model was developed to predict the 
membrane status using the transit time measured by ultrasonic­
pulse velocity. Chloride contents of the unprotected slabs were 
found to be relatively high compared with those of the protected 
ones. The perforation-per-unit area in the membrane system was 
correlated with the chloride content, and a hole size of Y4 in. was 
found to be a critical size. 

The severity of the bridge corrosion problem led to the advent 
of the 1972 policy (J) that requires that deck protective sys­
tems be applied to all federally aided structures. This policy 
resulted in many experimental techniques for both the con­
struction of new bridges and the rehabilitation of existing 
structures, including membrane installation overlaid with hot­
mix asphalt. Membrane systems can be classified as sheet 
systems and liquid systems. Liquid systems consist of one or 
two components of moisture or chemically curing solutions 
that are applied to the concrete surface. Sheet systems include 
the various preformed factory-manufactured rolls that are 
bonded to bridge decks to form a continuous membrane. 

Membranes have been used extensively for the past two 
decades in the United States, especially in the New England 
states. Installation of membrane systems was one of the most 
convenient methods to comply with the FHW A requirements 
(1). However, a few problems were identified that prevent 
membranes from achieving their main objective as chloride 
barriers. These problems include temperature effects during 
application, membrane installation, blistering, irregularities 
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in the concrete surface, wearing surface application, water 
absorption, and water and chloride transmission. 

In a recent study (2), 22 states indicated use of membrane 
systems as standard in their bridge decks; among them Illinois, 
Vermont, and Kansas have conducted experimental field studies 
(3-6). An extensive study was performed on bridge deck 
membrane systems in Vermont on 69 different bridge decks; 
evaluating 33 different membrane systems (7,$). The mem­
branes' performance was evaluated on the basis of the analysis 
of chloride-contaminated samples. The investigation con­
cluded that membranes, in general, performed well over the 
investigated period, 14 years, and only 7 percent of the col­
lected concrete samples revealed chloride contamination at 
1- to 2-in. depths. The use of membrane systems on old bridge 
decks was investigated in Kansas over a period of 16 years 
(5). Most of the membrane systems installed performed well, 
including a membrane installed on a 50-year-old bridge deck. 
La Croix ( 6) in his study on 20 bridges over a period of 7 years 
concluded that using membrane systems for at least 4.5 years . 
is considered economical. In general, the three study cases 
supported the use of membrane systems as chloride barriers. 

Although many studies have been conducted to investigate 
the membrane properties in the laboratory (9,10), no labo­
ratory studies were performed to study the performance (in­
tegrity and effectiveness) of installed membrane systems under 
controlled conditions. This study investigated the integrity 
and effectiveness of preformed membranes as chloride bar­
riers. The integrity and effectiveness are interrelated mem­
brane properties. If the membrane remains whole, there is a 
high probability that it will be an effective chloride barrier. 
However, the bonding to the bridge deck and the hot-mix 
asphalt overlay are important factors. Although the integrity 
of the membrane is breached, the membrane may still effec­
tively extend the corrosion initiation time. The study inves­
tigated the effectiveness of three types of preformed mem­
branes and developed a methodology to evaluate the membrane 
effectiveness nondestructively. 

SPECIMEN PREPARATION 

Twelve specimens, 1 ft x 1 ft x 8 in., were cast using Virginia 
A4AE bridge deck concrete mixture (11). Each specimen was 
reinforced with three No. 4 rebars. Type A membranes (which 
consist of a bottom layer of rubberized asphalt with adhesive 
qualities, a polypropylene barrier sheet, and a top layer of 
rubberiZed asphalt-wax) with slits (Ys in., Y4 in., and % in.) 
cut on the center, were placed on nine specimens. The spec­
imens were overlaid with 2.5 in. of hot-mix asphalt, Virginia 
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S-5 (11). :rhe mix design for the hot-mix asphalt is presented 
in Table 1. The three remaining specimens were considered 
control specimens and were not overlaid with hot-mix asphalt; 
however, membrane was installed on one of them. The 12 spec­
imens were cast to evaluate nondestructive testing methods. 

A total of 48 large-scale typical bridge deck slabs were cast. 
Thirty-six slabs, 5 ft x 5 ft x 7 .6 in., were cast with removable 
woode~ forms. Twelve slabs, 5 ft x 4 ft x 9.6 in. were cast 
using galvanized steel-in-pface (SIP) bridge deck forms. The 
total thickness, 9.6 in., includes a 2-in. SIP-thick form. The 
slabs were reinforced with No. 5 at 8-in. spacing and No. 4 
at 12-in. spacing for the top and bottom rebar mats. The two 
reinforcing mats were electrically isolated. A reinforcing wire 
coated with epoxy was connected to the center reinforcing 
bars of the top.and bottom mats. A type T thermocouple was 
also cast into the center of the slabs at a depth of the center 
No. 5 rebar in the bottom and top mat. The top cover depth 
of the slabs is 2 in., and the bottom cover depth is 1 in. 

After 7 days of curing, four types of standard preformed 
membranes were placed on 40 slabs: A, B, C, and D. Pre­
formed membrane A consists of a bottom layer of rubberized 
asphalt with adhesive qualities, a polypropylene barrier sheet, 
and a top layer of rubberized asphalt-wax. Preformed mem­
brane B consists of a nonwoven fibrous mat between two 
layers of bituminous and synthetic resins. Preformed mem­
brane C consists of an impregnated fiberglass mesh between 
layers of a bituminous mastic. Membrane D is the same as 
membrane A except that it was installed on 5- x 4-ft SIP 
slabs. The membrane systems were placed according to the 
manufacturers' recommendations. 

The patterns of membrane installation are presented in 
Figure 1. Nine slabs from each series, with membranes, were 
punched with various perforation sizes and frequencies. The 
tenth slab from each series had a sound membrane without 
perforations. Three hole sizes were used, Ys in., Y4 in., and 
% in., at three perforation frequencies, 0.5 percent, 1.0 per­
cent, and 2.0 percent. All holes were located in a 1-ft2 area 
at the center of each slab. Perforation sizes and frequencies 
are presented in Table 1, and a schematic diagram is presented 
in Figure 2. The eight remaining slabs were considered control 
slabs without preformed membranes. Four slabs, one from 
each series, were reinforced concrete without overlay, and 
the other four, one from each series, were reinforced concrete 
overlaid with hot-mix asphalt. . 

The sides of all slabs, at the concrete-asphait interface, were 
coated with epoxy. A water-tight electrical box mounted on 
each slab housed the top and bottom rebar mat thermocouple, 
and a 10-f! resistor was used to complete the electrical circuit 
between the mat. A 1-in.-high dike was placed on each slab 
surface 1 in. from the edges, and the areas outside the dikes 
were sealed with a Thoroseal, cement, lime, latex and quick­
plug mixture. All slabs were covered with rooftops built from 
wood and covered with tar paper and plastic sheets to prevent 
any rainwater from ponding on the surfaces. 

TESTING PROGRAM 

The testing program included an investigation of the tem­
perature effect on membranes, deicing salt application, non­
destructive testing application, and investigating the pre-
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TABLE 1 Membrane Perforation Size and Frequency 

Series 
1 
2 
3 
4 
s 
6 
7 
8 
9 
10 
11 

12 

Membrane Membrane Membrane 
Template "A" "B" "C' 
S9@ 1/8" Al Bl· Cl 
117@ 1/8" A2 B2 C2 
23S@ 1/8" A3 B3 C3 
lS @l/4" A4 B4 C4 
29@ 1/4" AS BS cs 
S9@ 1/4" A6 B6 C6 
7@3/8" A7 B7 C7 

13 @3/8" A8 B8 C8 
26@3/8" A9 B9 C9 

None AlO BlO ClO 
None All Bll Cll 

(Asp+ Con) 
None Al2 Bl2 Cl2 
(Con) 

48" 
SERIESB 

so• x so· slab i 

SERIESC 

FIGURE 1 Membrane placement 
and series. 
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FIGURE 2 Schematic diagram of the 
membrane perforation frequencies and 
sizes. 
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formed membrane effectiveness using chloride content analysis 
of concrete samples. 

Temperature Effect on Preformed Membranes 

The temperature effect on preformed membranes was studied 
in two ph.ases. The first ·one was preparing 4-in.-diameter 
membranes (from the three studied membrane types) and 
exposing them to various temperature levels. The tempera­
ture range used was 220°F to 270°F to simulate the laying and 
compaction temperature of the hot-mix asphalt in the field. 
A membranes showed a flow within the membrane system in 
which thin and thick spot areas·were formed. These spots led 
to development of tiny holes in the membrane. B membranes· 
experienced some shrinkages, especially at the edges. These 
shrinkages led to an uneven surface similar to a blistered 
membrane. C membranes showed minimum shrinkage and 
minimum flow within the system. 

The second phase involved the preparation of 12 Marshall 
specimens overlaying membranes with various hole sizes and 
patterns. A Y4-in.-thick plexiglass sheet, which is temperature 
resistant up to 350°F, was placed over the Marshall mold's 
base. Membrane was placed over the plexiglass piece, which 
was used to evaluate the membrane holes through it. The 
following holes in the membranes were used: 1 x Ys in., five 
at Ys in. (<l>), 1 x 3/s in., and three at 3ls in. (<J>). The hot-mix 
asphalt, the same mixture as that for the slab overlay, was 
placed and compacted for 50 blows using an automatic Mar­
shall compactor. The compaction was performed on one side; 
no compaction was performed on the plexiglass side. 

For membrane A, the holes, five at Ys in. ( <l>) and 1 x Ys 
in., remained almost the same size after compaction. How­
ever, the three at % in. ( <l>) and 1- x %-in. holes were in­
creased dramatically in size. The bonding of the membrane 
to the hot-mix asphalt was satisfactory. The five at Ys in. ( <l>) 
and the 1- x Ys-in. holes in membrane B remained almost 
the same after compaction, except that some tiny holes were 
develop~d in the second case. The three at %-in. (<l>) holes 
were almost the same, whereas an increase was noticed in the 
size of the 1- x %-in. hole, and a development of tiny holes 
also occurred. The bonding of the membrane to the hot-mix 
asphalt was satisfactory. All holes in membrane C were almost 
the same size before and after the compaction, and the bond­
ing to the hot-mix asphalt was satisfactory. 

In general, membrane C performed the best in this exper­
iment. However, an important factor was not studied at this 
stage: the bonding to portland cement concrete. 

Deicing Salt Application 

The 48 slabs were subjected to sodium chloride (NaCl) ap­
plication. Each slab was ponded twice a week for 9 months, 
a total of 72 pondings. The slabs were salted at a· rate of 11.4 
tons/lane-mi/year using a solution of 0.25 lb of salt in 10.83 
lb of water (2.3 percent); this rate simulates the average salt 
application rate for the New England states: Connecticut, 
7.63; Maine, 6.40; Massachusetts, 18.34; New· Hampshire, 
13.49; and Vermont, 11.31 tons/lane-mi/year. During the deicing 
application period, the temperature of top and bottom rebar 
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mats was measured monthly. The potential drop across the 
10-il resistor was also measured monthly to monitor the ·cor­
rosion activity. 

Development of a Nondestructive Testing Methodology 

No nondestructive testing method has been reported to de-
. termine defects in membrane systems. However, many non­

destructive testing techniques have been used to detect defects 
in bridge decks (12-17). Three methods were used for fea­
sibility study in this investigation: pulse radar, infrared sys­
tem, and ultrasonic pulse velocity (V-meter). 

A pulse radar using 1-GHz frequency was used to detect 
the holes in the membrane systems installed on the slabs. 
Because of the small thickness of the membrane sheets, the 
pulse radar was unable to detect any of the defects in the 
membranes. This can be explained by the low frequency used 
considering the ·membrane thickness and the similarity in 
dielectric properties between the membrane and the hot-mix 
asphalt. 

Infrared technology was also unsuccessful because this tech­
nology is highly dependent on the surface condition and, 
therefore, will not be reliable in detecting any changes in the 
subsurface. 

The ultrasonic pulse velocity (V-meter) evaluated has a 
frequency range of 20 to 500 kHz; the transmitter and receiver 
are operated at 54 kHz. The V-meter indicates the time taken 
for the earliest part of pulse sent by the transmitter and re­
ceived by the receiver. The V-meter was first evaluated for 
1- x 1-ft specimens using the direct method in which trans­
ducers are placed on the opposite sides of the specimen (top 
and bottom surfaces). In this method the path length is the 
specimen thickness; therefore, the method is the most accu­
rate. The measurements were taken at three different posi­
tions. The average velocity for the nine specimens with pre­
formed membrane and asphaltic concrete was 13,311 ft/sec. 
The maximum standard deviation between the three positions 
is 237, whereas the standard deviation of the pulse velocity 
among the nine specimens is 453. The average pulse velocity 
for the concrete specimen is 16,174 ft/sec, and its standard 
deviation is 42, whereas for concrete and membrane it is 
14,969 ft/sec with a standard deviation of 18. 

The successful use of the V-meter in the direct method led 
to the next stage of investigating its feasibility in the indirect 
method (both transducers on the same surface), which in­
cludes three different positions and four different distances 
between transmitter and receiver: 3.5, 5.0, 6.0, and 7.0 in. 
The study measured the transmittal time and detected the 
wavefoqn. The measurements at the 3.5-in. distance were the 
most consistent and repeatable. However, because the mea­
surements might be affected by the edge diffraction for 1- x 
1-ft specimens, the measurements were repeated for the large­
scale slabs. 

On the large-scale slabs (only indirect method used), the 
3.5-in. distance was also found to be the most repeatable and 
consistent. Therefore, a distance of 3.5. in. between trans­
ducers was used throughout the study. This distance is short 
enough to prevent the effect of reflected pulses from the 
bridge bottom and large enough to prevent detecting waves 
from the surface. According to Galan (18), the distance be-
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tween transducers should be at least 0.9 the wavelength in 
the material. The average apparent velocity of the slabs is 
13,311 ft/sec at a frequency of 54 kHz. Therefore, the ap­
parent wavelength is 3.0 in. Thus, the minimum distance be­
tween transducers should be 2.7 in. This condition is satisfied 
by using a 3.5-in. distance. 

The waveform was studied for the specimens and slabs. 
Voltage-time relationships for direct and indirect methods 
were obtained (11). A good correlation was found between · 
the largest absolute amplitude and defects of the membrane 
for the specimens (1 x 1 ft) using the direct method. How­
ever, a lower correlation was found for the indirect method. 
The absolute amplitude is also affected by surface conditions. 
Therefore, no further analysis of this technique is discussed. 
However, using a network analyzer might indicate a better 
analysis of the waveform. 

OVERALL INVESTIGATION 

After 72 deicing applications on the slabs, half-cell potentials 
were measured for all the slabs. A grid was drawn on each 
slab to obtain an average of 20 to 25 half-cell potential mea­
surements. An average of the CSE potential values for each 
slab is presented in Table 2. Potentials were measured through 
the overlay for slabs Al through Dll. The CSE potential 
values indicate corrosion initiation or uncertain corrosion ac­
tivities in the unprotected slabs compared with a 90 percent 
probability of no corrosion activities in the protected slabs. 
This interpretation is in accordance with ASTM C 876-87. 

TABLE 2 Average Potentials for Slabs 

Average Min. Max. Temp Temp 

Slab Potential Stand. Median Potential Potential Top Mat Bottom Mal 

l.D. (-mV) Dev. Potential (-mV) (-mV) (f) ( f) 

Al 145.3 1.1 146.0 143.0 146.0 ---- S7.9 

A2 229.9 1.5 229.9 225.0 233.0 93.7 88.7 

A3 141.2 . 16.5 137.0 110.7 192.9 73.0 72.1 

A4 1S7.4 2.4 1S7.0 1S3.0 192.0 71.6 71.7 

A5 ---- ---- --- ---- ---- ---- ----
A6 120.2 6.4 llS.5 110.2 137.3 ---- ----
A7 204.0 lS.1 203.0 166.2 241.0 76.2 74.1 

AS 163.1 4.S 163.3 154.7 170.3 92.3 90.7 

A9 132.4 S.3 132.0 117.7 162.9 91.5 84.9 

AlO 183.3 11.0 1S3.0 146.5 205.0 93.5 82.4 

All 58.S 13.4 SS.3 34.0 95.0 88.7 SS.2 

A12 191.6 46.4 . lSl.O 116.5 300.0 --- ----
Cl 146.3 16.5 150.0 114.0 172.4 99.3 93.3 

C2 158.1 14.9 157.6 127.6 190.6 88.1 ----

C3 162.5 2.1 162.2 158.6 167.5 72.5 72.1 

C4 91.4 1.9 91.6 S7.6 94.9 72.S ----
C5 119.9 25.6 125.1 108.2 135.9 74.4 73.5 

C6 159.3 10.5 156.8 147.1 186.9 88.2 S2.7 

C7 284.3 34.3 271.0 243.0 349.0 S7.2 Sl.1 

cs 138.7 11.0 141.0 107.S 158.1 94.8 ----
C9 ......... ---- ---- ---- ---- ---- ----

ClO 102.2 12.7 104.7 61.5 121.0 91.2 ----
Cll 100.5 19.6 110.3 49.9 121.5 --- 86.1 

C12 220.0 17.6 222.0 lSS.5 253.0 107.2 96.2 

---- Bad Connection 
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Nondestructive Testing Investigation 

V-meter measurements were taken for all slabs. The measure­
ments were obtained at the center of each slab and at another 

. two locations: at the overlap position and at the same distance 
from the center but perpendicular to the previous measure­
ment (refer to Figure 2 for the overlap locations). The mea­
surement at the center was labeled A, the second B, and the 
third C. The three measurements are presented in Table 3. 
After all the measurements were taken, ground truth cores 
were obtained. A water-cooled 3-in. diamond-core drill bit 
was used to drill through the hot-mix asphalt in the 40 slabs­
Al through DlO. Two cores were extracted from each slab, 
one at the center where the V-meter measurements were 
taken and the other at one of the other two V-meter measure­
ment locations; such as, at Slab Al the second core was made 
at point B whereas the second core was extracted at point C 
for Slab A2. 

The membranes were carefully evaluated in place and then 
removed and evaluated again. The criterion for membrane 
evaluation was a rating from 0 to 10. The 0 indicates an 
extremely deteriorated membrane with no bonding to the 
asphalt layer or to the concrete surface. The 10 indicates an 
excellent membrane condition with very strong bonding to 
the asphalt layer and the concrete surface. The rating from 7 
to 10 indicates that membrane is in a good condition; the 
rating from 3 to 7 indicates that membrane is in a moderate 
condition and tiny holes or debonding, or both, exist that may 
affect the membrane performance; however, the membrane 
is generally in a satisfactory condition. A rating below 3 in-

Average Min. Max. Temp Temp 

Slab Potential Stand. Median Potential Potential Top Mat Bottom Mat 

l.D. (-mV) Dev. Potential (-mV) (-mV) ( f) (f) 

Bl 146.S 11.6 149.0 120.1 172.1 ---- 88.S 

B2 107.7 10.1 109.1 86.7 128.9 95.3 93.3 

B3 129.5 46.3 109.5 97.3 27S.3 72.5 72.5 

B4 104.9 17.0 106.3 34.5 126.2 Sl.S ----
BS 102.4 17.2 104.5 70.3 127.3 98.2 91.5 

B6 127.2 12.7 130.3 90.0 144.S 90.6 84.3 

B7 ---- ---- ---- ---- --- 95.0 ----
BS 15S.9 13.0 157.S 132.3 194.4 97.5 90.5 

B9 ---- ---- ---- ---- ---- ---- ----
BIO 121.7 9.4 122.4 97.5 136.0 ·--- 97.7 

Bll Sl.1 23.1 72.2 37.9 llS.9 86.0 79.S 

B12 116.3 6.3 116.9 100.S 129.0 9S.9 S9.9 

01 147.9 21.9 155.3 103.6 1S2.6 ---- ----

D2 114.4 17.7 116.S 57.6 142.6 105.4 97.1 

03 Sl.5 13.2 7S.O 65.3 116.4 103.6 95.5 

04 126.5 19.1 132.3 SS.9 154.6 104.0 95.2 

DS 117.0 lS.S 119.7 70.1 140.1 103.4 95.9 

D6 115.2 14.6 110.S 9S.S 13S.4 102.0 95.1 

07 128.9 19.0 121.5 110.4 173.S 103.4 92.6 

DS 70.0 35.0 64.9 11.S 174.4 ---- 98.9 

09 ---- ---- ----· ---- ---- ---- ----
010 15S.3 9.S 157.0 140.7 179.2 98.2 89.2 

011 100.9 48.S 106.9 20.6 198.2 --- 92.6 

012 345.1 80.5 316.5 266.0 511.0 --- 88.3 
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TABLE 3 V-Meter Measurements and Membrane Evaluation 

Position A Position 8 Position C 

V-Meter V-Meter V-Meter 

Slab Reading Membrane Reading Membrane Reading Membrane 

1.0. (10E-6sec) Rating (10E-6sec) Rating (10E-6 sec) Rating 

A1 19.2 S.O 19.1 s.o 22.3 -
A2 19.6 s.s 20.1 - 21.S 7.0 

A3 19.8 s.o 21.1 7.S 20.6 -
A4 19.3 S.O 22.S 8.0 20.7 6.0 

AS 20.S s.s 23.0 8.S 19.7 -
AS 19.9 s.s 20.S - 23.1 8.S 

A7 18.4 4.S 21.3 7.0 20.8 -
A8 19.S s.o 17.7 - 18.S s.o 
A9 17.3 3.S 19.1 s.o 17.0 -

A10 21.1 6.S 17.4 - 20.7 6.0 

81 18.S 4.S 21.2 7.0 22.S -
B2 20.4 s.s 20.6 -· 22.2 7.0 

B3 17.S 3.S 22.4 8.0 22.0 -
B4 19.2 s.o 20.0 - 20.6 6.0 

B5 19.4 s.o 20.0 s.s 19.8 -
B6 20.1 s.s 20.8 - 20.9 6.0 

87 17.3 3.S 20.7 6.0 19.4 -
B8 19.0 s.o 19.1 - 22.6 8.0 

89 17.S 3.S 23.4 8.S 18.1 -
810 20.7 6.0 18.0 - 18.6 4.0 

- No Cores Obtained 

dicates that the membrane is ineffective as a chloride barrier. 
The factors considered in the evaluation were the membrane 
condition, its deterioration, and the bonding to the asphalt 
and concrete layers. This approach was used because of the 
inability of the V-meter to detect small holes in membranes; 
however, the V-meter was found to be sensitive to de bonding. 
Eventually, any holes that exist in membranes will lead to 
debonding because the air void in hot-mix asphalt is always 
between 3 and 5 percent; therefore, chloride and water will 
penetrate through the holes and cause the de bonding of mem­
brane from the concrete surface. The results are presented in 
Table 3. 

The perforations in Membranes A and C remained almost 
the same size; however an enlargement in the hole size in 
Membrane B was occasionally noticed. Membrane Chad the 
fewest changes in hole sizes. This observation was in agree­
ment with the tests performed earlier to investigate the tem­
perature effects. In general, the performance of the three 
membrane types was satisfactory regarding their condition; 
however, the bonding to the asphalt or concrete, or both, was 
varied. Membrane B experienced best bond to the concrete, 
whereas Membrane A bonded the best to the asphalt con­
crete. The bonding of Membrane C was the worst. This ex­
plains the unchanged hole sizes of Membrane C in the slabs 
and in Marshall specimens after laying down the hot-mix 
asphalt. 

Regression analysis was performed to correlate the mem­
brane rating and the V-meter measurements. The following 
model was developed: 

Memrate = -10.6 + 0.816 V-meter (1) 

Position A Position 8 PositionC 

V-Meter V-Meter V-Meter 

Slab Reading Membrane Reading Membrane Reading Membrane 

1.0. (10E-6 sec) Rating (10E-6 sec) Rating (10E-6sec) Rating 

C1 19.0 s.o 20.6 6.0 20.3 -
C2 19.2 s.o 20.9 - 21.1 6.S 

C3 18.6 4.S 20.9 6.S 20.3 -
C4 19.6 s.o 20.1 - 21.3 7.0 

cs 18.6 4.S 20.2 6.0 19.6 -
C6 17.S 3.S 18.9 - 19.6 s.s 
C7 18.1 4.0 20.8 6.S 21.2 -
C8 19.4 s.s 20.S - 21.4 7.0 

C9 18.1 4.S 21.S 7.0 22.1 -
C10 20.4 6.0 19.3 - 20.8 6.S 

01 18.S 4.S 20.7 6.0 20.S -
02 19.6 s.o 23.1 - 20.3 6.0 

03 18.9 s.o 20.0 6.0 21.2 -
04 19.9 s.s 21.S - 20.2 6.0 

OS 19.2 s.o 21.9 6.S 20.1 -
06 18.3 4.0 19.9 - 19.3 6.0 

07 18.0 4.0 21.S 7.0 21.S -
08 18.0 4.0 19.4 - 19.3 s.s 

09 18.6 4.S 19.8 s.s 19.0 -
010 20.1 6.0 20.6 - 20.2 6.0 

where Memrate is the membrane rating and V-meter is the 
V-meter measurement in microseconds. 

The R2-value of the above model is 85.9 percent (r = 92.7 
percent), which indicates a good correlation between the 
membrane rating and the V-meter measurements. Also, the 
root mean square error, 0.447, indicates a strong correlation 
between the dependent and independent variables. A plot of 
the membrane rate versus V-meter measurement is presented 
in Figure 3. The level of significance for the two-tailed t-test 
concluded that both the slope and the constant are significant. 
Figure 3 also presents the 95 percent prediction interval of 
the regression model. 

0
15 16 17 18 19 20 21 22 23 24 25 

V-METER READING Cl0-6 SEC) 

FIGURE 3 Membrane rating and V-meter 
measurement model with 95 percent prediction 
interval. 
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Chloride Content Measurements 

After the membranes were removed from the cored locations 
in the slabs, half-cell potentials were taken directly at the 
concrete surface. The difference in potentials for a particular 
slab directly over the concrete or through the hot-mix asphalt 
overlays is insignificant (see data presented in Tables 2 and 
4), which indicates that membrane sheets were able to provide 
continuity to measure half-cell potentials. However, they were 
sound enough to reduce the penetration of water and chloride 
as noted when the cores were removed; the salted water was 
accumulating between the membrane and the asphaltic layer, 
which may also explain the poor bonding between the asphalt 
layers and membranes. 

Chloride contents were measured for .each slab. Powdered 
concrete samples were obtained using a 1/s-in. vacuum bit that 
held the concrete powder in a collection unit. For a detailed 
procedure of collecting concrete samples, see Herald et al. 
(19). The concrete samples were obtained at three depths: 0 
to V2, V2 to 1, and 1 to 1 V2 in. deep. The three depths are 
referred to as 1, 2, and 3, respectively. The chloride content 
was determined in each sample using the procedure developed 
by Herald et al. (19). The chloride contents in pounds per 
cubic yard of concrete and membrane ratings are presented 
in Table 5. The concrete samples for slabs Al, A2, and A4 
were taken 5 days after the preformed membranes were re­
moved. During that period, salted water was covering the 
holes, which again indicated the feasibility of membrane as a 
chloride barrier. The concrete samples obtained from these 
locations showed a high chloride content. Slab All indicated 
low chloride content, which was caused by some leak at the 
interface of the layers, whereas Slab AlO indicated a chloride 
content higher than expected. In general, the higher the per­
cent of the perforation, the higher the chloride content. The 
chloride measurements at Depth 2 indicated that a hole size 
of % in. generally leads to a more chloride-contaminated 
concrete. 

In Series B slabs, the chloride contents at B positions were 
the lowest. Position B is the location where membrane sheets 
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overlap. This indicates that a thicker membrane is a better 
chloride barrier. However, an opposite observation was no­
ticed in Series C: the overlap locations were more contami­
nated. This observation is in agreement with an earlier finding 
that membrane C demonstrated the least bonding. However, 
the membrane in Series C performed satisfactorily as a chlo­
ride barrier and indicated less chloride contamination com­
pared with that of Series A and B. Of note here is that a 
membrane was installed on slab Cll by mistake. The mem­
brane existence was first detected by the V-meter and then 
verified during the concrete sampling. The control slabs ex­
perienced a very high chloride content compared with that of 
the other protected slabs. The identification A, B, C, D, or 
E was used in control slabs to indicate that concrete samples 
were obtained at random locations. 

The results of the effects of the hole size for all membranes 
are presented as an average for a specific location in Table 6. 
The average results showed that a 1/4 in. hole is a critical size 
when considering the average chloride content (J). The chlo­
ride contents of the slabs with membranes of a hole size of 
Y4 in. and larger are two to three times the chloride content 
of the slabs with membranes of hole sizes of 1/s in. 

To study the effect of perforation, the chloride contents 
were investigated considering the perforation percent regard­
less of the hole size and frequency (Table 7). }:'he effect of 
perforation was very pronounced for Series C slabs, which is 
the only series in which the hole size did not change after 
overlaying the hot-mix asphalt and that showed the least bonding 
to asphaltic overlay and concrete surface. This effect was 
obvious for the chloride measurements at the three depths 
for that series. The chloride at Depth 2 for the other series 
showed a correlation with the perforation percent. However, 
no correlation was observed when the chloride was considered 
at Depth 3. The reasons for the variation are that some of 
the slabs were not completely leveled, the hot-mix asphalt­
layer thickness was varied, and some of the hole sizes were 
changed after laying the asphalt concrete. In general, the 
chloride contents in Series A and B slabs were high compared 
with that of Series C and D slabs. However, when all the 

TABLE 4 Potential Measurement of Evaluated Slabs Directly on Concrete Surfaces 

Slab Slab 
1.0. Position A Position B PositionC 1.0. Position A PositionB PositionC 
Al -180.0 -157.0 ---- Bl -162.0 -165.0 ----
A2 -22S.O ---- -227.0 82 -107.0 ---- -lOS.O 

A3 -161.0 -173.0 ---- B3 -168.0 -164.0 ----
A4 -197.0 -196.0 -196.0 B4 -13S.O ---- -128.0 
AS .......... ............ ... ........ 8S -78.0 -90.0 ----
A6 -143.0 ---- -146.0 B6 -137.0 ---- -147.0 
A1 -208.0 -205.0 ---- B7 -168.0 -142.0 ---
A8 -179.0 ---- -189.0 BS -164.0 ............ -107.0 
A9 -177.0 -176.0 ............ B9 -9S.O -99.0 ----
AlO -189.0 --- -178.0 810 -124.0 --- -llS.0 

Cl -1S3.0 -154.0 .......... D1 -165.0 -146.0 ----
C2 -161.0 ---- -160.0 02 -111.0 .......... -84.0 
C3 -1S8.0 -169.0 ---- 03 -S4.0 -140.0 ----
C4 -121.0 --- -117.0 04 -llS.0 --- -140.0 
cs -12S.O -120.0 ---- 05 -96.0 -147.0 ----
C6 -161.0 ........... -151.0 06 -82.0 --- -52.0 
C7 -229.0 -229.0 ---- D7 -130.0 -143.0 ----
C8 -149.0 ---- -146.0 08 -74.0 --- -49.0 

C9 ---- ---- ---- 09 -78.0 -94.0 ......... 

ClO -llS.O -- -110.0 010 -186.0 .......... -20S.O 
011 -89.0 -87.0 ---



TABLE 5 Chloride Content of Evaluated Slabs 

Slab Cl (1) Cl (2) Cl (3) Membrane Slab Cl (1) Cl(2) Cl(3) Membrane 

Ob/cu.yd) Ob/cu.yd) (lb/cu.yd) Rating Ob/cu.yd) Ob/cu.yd) (lb/cu.yd) Rating 

A1-A 12.988 25.903 31.871 5.0 81-A 3.813 0.724 1.053 4.5 

A1-8 18.329 11.493 6.433 5.5 81-8 0.705 0.024 0.009 7.0 

A2-A 12.088 1.955 o.n2 5.5 82-A 0.595 0.934 0.487 5.5 

A2-C 9.668 2.537 0.791 7.0 82-C 1.033 0.595 0.934 7.0 

A3-A 0.731 ' <0.04 <0.04 5.0 83-A 3.504 1.558 1.558 3.5 

A3-8 0.397 <0.04 <0.04 7.5 83-8 1.278 0.993 0.993 8.0 

A4-A 17.193 7.572 3.267 5.0 84-A 2.190 0.212 <0.04 5.0 

A4-8 7.766 0.753 0.849 8.0 84-C 4.953 1.536 1.195 6.0 

AS-A 1.303 <0.04 <0.04 5.5 85-A 5.607 1.134 1.033 5.0 

A5-8 2.094 <0.04 <0.04 8.5 85-8 2.494 0.895 0.800 5.5 

A6-A 6.238 <0.04 <0.04 5.5 86-A 1.603 - 1.093 5.5 

A6-C 3.010 0.415 <0.04 8.5 86-C 4.575 0.954 1.154 6.0 

A7-A 1.281 <0.04 <0.04 4.5 87-A 2.442 1.013 0.974 3.5 

A7-8 2.069 <0.04 <0.04 7.0 87-8 3.065 0.954 1.033 6.0 

AS-A 3.194 0.528 0.694 5.0 88-A 3.194 0.528 0.694 5.0 

A8-C 3.493 0.528 0.583 5.0 88-C 3.493 0.528 0.583 8.0 

A9-A 2.354 0.113 0.063 3.5 89-A 2.606 0.230 0.732 3.5 

A9-8 3.034 0.334 <0.04 5.0 89-8 1.667 0.675 0.510 8.5 

A10-A 6.520 0.180 0.163 6.5 810-A 2.796 0.351 0.456 6.0 

A10-C 3.179 0.457 0.096 6.0 810-C 1.024 0.601 0.564 4.0 

A11-A 0.548 0.096 0.096 - 811-A 2.660 0.403 0.299 -
A11-8 1.907 0.282 0.047 - 811-8 0.984 0.403 0.492 --
A12-A 10.612 1.362 0.299 - 812-A 8.682 0.546 - -
A12-8 15.188 2.484 0.475 - 812-8 12.693 0.656 0.163 -
A12-C 8.680 3.854 0.404 - 812-C 12.763 2.660 0.113 -
A12-0 13.348 5.488 1.427 - 812-0 9.667 0.675 0.163 -

Slab Cl(1) Cl(2) Cl (3) Membrane Slab Cl(1) Cl(2) Cl (3) Membrane 

Ob/cu.yd) Ob/cu.yd) (lb/cu.yd) Rating (lb/cu.yd) (lb/cu.yd) (lb/cu.yd) Rating 

C1-A ERR ERR ERR 5.0 01-A 0.488 0.104 <0.04 4.5 

C1-8 0.230 0.247 0.385 6.0 01-8 0.506 0.087 <0.04 6.0 

C2-A 0.213 0.299 0.113 5.0 02-A 0.561 0.380 0.275 5.0 

C2-C 0.213 0.333 0.196 6.5 02-C 0.711 0.206 0.155 6.0 

C3-A 2.005 0.528 0.474 4.5 03-A 0.654 0.362 0.292 5.0 

C3-8 0.846 0.247 0.063 6.5 03-8 0.432 0.398 1.027 6.0 

C4-A 0.403 0.196 0.213 5.0 04-A 1.278 0.309 0.223 5.5 

C4-C 2.553 0.316 0.247 7.0 04-C 0.206 0.155 0.257 6.0 

CS-A 0.368 0.528 0.368 4.5 05-A 0.673 0.327 0.104 5.0 

CS-8 1.488 0.456 0.583 6.0 05-8 0.808 0.327 0.309 6.5 

C6-A 1.554 0.385 0.456 3.5 06-A 0.292 0.189 0.071 4.0 

C6-C 0.656 0.299 0.130 5.5 06-C 0.172 0.172 <0.04 6.0 

C7-A 0.350 0.524 0.000 4.0 07-A 0.172 0.223 0.488 4.0 

C7-8 0.687 0.687 0.761 6.5 07-8 0.344 0.240 0.104 7.0 

CS-A 1.070 0.780 0.780 5.5 08-A 0.155 0.121 0.257 4.0 

C8-C 0.837 0.687 0.669 7.0 08-C 0.172 <0.04 0.104 5.5 

C9-A 0.687 0.614 0.507 4.5 09-A 0.344 0.292 <0.04 4.5 

C9-8 1.464 0.560 0.524 7.0 09-8 0.309 0.275 0.189 5.5 

C10-A 0.578 0.650 0.542 6.0 010-A 0.257 0.071 0.087 6.0 

C10-C 0.507 0.507 0.650 6.5 010-C 0.415 0.275 0.155 6.0 

C11-A 1.336 0.780 0.560 - 011-A 0.598 <0.04 0.054 --
C11-8 1.336 0.669 0.385 - 011-8 0.926 0.087 0.054 -
C12-A 15.097 13.304 7.182 - 012-A 9.012 1.153 - -
C12-8 20.455 7.884 1.729 - 012-8 11.944 2.094 0.170 -
C12-C 22.019 12.139 5.589 - 012-C 10.524 2.810 0.291 -
C12-0 22.563 8.632 2.740 - 012-0 10.962 3.970 1.303 -
C12-E 18.704 7.645 2.152 - 012-E 11.944 1.217 0.052 -
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TABLE 6 Average Chloride Content for Slabs at a Specific 
Location 

Position Avg. CJ (1) Std Avg. CJ (2) Std Avg. CJ (3) 
On Slab (lb/cu.yd) (lb/cu.yd) (lb/cu.yd) 

lA 1.533 1.604 0.417 0.240 0.472 
lB 0.472 0.193 0.421 0.377 0.275 
2A 0.444 0.177 0.550 0.279 0.275 
2C 0.641 0.342 0.354 0.165 O.llB 
3A 1.730 1.152 0.629 0.590 0.590 
3B 0.747 0.369 0.432 0.354 0.550 
4A 1.297 0.739 0.236 0.055 0.157 
4C 2.555 1.942 0.668 0.613 0.550 
5A 1.9B5 2.127 0.511 0.405 0.393 
5B 1.730 0.625 0.432 0.314 0.432 
6A 2.437 2.272 2.0B3 0.145 0.432 
6C 2.123 1.7B5 0.472 0.295 0.354 
7A 1.061 0.904 0.472 0.369 0.393 
7B 1.533 1.093 0.472 0.354 0.472 
BA 1.887 1.325 0.472 0.240 0.629 
BC 2.005 1.521 0.432 0.252 0.511 
9A 1.494 0.991 0.314 0.1B9 0.354 
9B 1.612 0.963 0.472 0.165 0.314 
lOA 2.555 2.492 0.314 0.220 0.314 
lOC 1.336 1.097 0.472 0.114 0.354 

Std 

0.428 
0.157 
0.145 
0.067 
0.5B6 
0.472 
0.0B6 
0.444 
0.3B5 
0.2B3 
0.425 
0.464 
0.3B9 
0.417 
0.200 
0.216 
0.299 
0.204 
0.200 
0.252 

series are considered, the chloride contents at all depths are 
proportional to the perforation percent, as presented in Table 
7. The chloride content drops dramatically from Depth 1 to 
Depth 2; however, the decrease in chloride content between 
Depths 2 and 3 is insignificant. 

To investigate the effect of membrane type on the chloride 
content a regression analysis was performed. Considering 
chloride contents at Depth 1, R 2 was 10 percent (r = 32 
percent); for chloride content at depth 2, R2 was 38 percent 
(r = 62 percent); and for chloride at depth 3, R 2 was 50 
percent (r = 71 percent). These values are considered low, 
and no strong correlation exists between the membrane type 
and the chloride content. 

FINDINGS AND CONCLUSIONS 

To investigate the integrity and effectiveness of preformed 
membrane systems, a comprehensive laboratory investigation 
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was conducted. Three types of preformed membranes were 
installed on large-scale slabs and studied under controlled 
conditions. The membranes were perforated with various hole 
sizes at varying frequencies and percent of perforation per 
unit area. The slabs were overlaid with hot-mix asphalt and 
exposed to deicing salt ponding. The potential drop in the 
slabs and temperature were monitored throughout the study. 
The effects of temperature on membrane systems were also 
investigated. An evaluation of nondestructive testing methods 
was performed, and the ultrasonic pulse velocity measure­
ments were strongly correlated with membrane status. Con­
crete powder samples were obtained from two locations of 
each slab at three depths to determine chloride contents. 

Findings 

The temperature was found to have an effect on the pre­
formed membrane sheets. At 220°F to 275°F, Membrane A 
showed liquidity within the system and an increase in the hole 
sizes at % in. Membrane C experienced some shrinkages at 
the edges of the membrane sheet without any changes in the 
hole sizes, whereas Membrane B performed the best but showed 
an increase in the hole sizes at 3!s in. 

The ultrasonic pulse velocity (indirect method) was able to 
detect debonding and defects of the membrane systems, whereas 
pulse radar and infrared failed to identify the membrane sys­
tems in the slabs. A statistical model was developed to cor­
relate the ultrasonic pulse velocity and the membrane status 
for the large-scale slabs with a correlation of 92.7 percent 
(R2 = 85.9). 

A major difference was found in the chloride contents be­
tween the protected and unprotected slabs. The unprotected 
slabs experienced a high chloride content compared with the 
protected slabs. The chloride content results indicated that 
the chlorides were relatively higher at the overlapping location 
for C membranes, which indicates its weak bonding property, 
whereas B membranes that showed high bonding property 
resulted in relatively less chlorides at the overlapping loca­
tions. The hole size of V4 in. was observed as a critical size. 
The percent of perforation was found to correlate with the 
amount of chloride content. However, the effect of membrane 
type was found to be minimum. 

TABLE 7 Relationship Between Average Chloride Content and Perforation 

PERCENT AVG. STD AVG. STD AVG. STD 
HOLES Cl (1) DEV CJ (1) DEV CJ (1) DEV 

(%) (LB/CU.YD) (LB/CU.YD) (LB/CU.YD) 

0.5 (SERIES A) ---- ---- ---- ---- --- ---
1.0 (SERIES A) 2.240 0.943 0.275 0.236 0.373 0.334 
2.0 (SERIES A) 3.105 2.311 0.079 0.035 0.039 0.020 
0.5 (SERIES B) 2.791 0.711 0.629 0.342 0.10B 0.464 
1.0 (SERIES B) 3.145 2.056 0.865 0.263 0.747 0.224 
2.0 (SERIES B) 2.555 0.770 0.904 0.668 1.140 0.33B 
0.5 (SERIES C) 0.354 0.197 0.393 0.134 0.197 0.114 
1.0 (SERIES C) 0.550 0.377 0.550 0.193 0.432 0.275 
2.0 (SERIES Cl 1.415 0.55B 0.511 0.094 0.472 0.020 
0.5 (SERIES D) 0.10B 0.421 0.236 0.0B3 0.236 0.177 
1.0 (SERIES D) 0.472 0.220 0.275 0.114 0.236 0.015 
2.0 (SERIES D) 0.432 0.169 0.393 0.244 0.llB 0.102 

0.5 (ALL SERIES) 1.297 1.124 0.377 0.287 0.342 0.366 
1.0 (ALL SERIES) 1.533 1.655 0.501 0.31B 0.444 0.307 
2.0 (ALL SERIES) 1.887 1.627 0.432 0.425 0.472 0.464 
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Conclusions 

This study concluded that membrane systems will protect the 
bridge decks by reducing the chloride and water intrusion. 
The following conclusions resulted from this study. 

1. The use of membrane sheets is a desired technique to 
protect bridge deck structures. 

2. Holes in preformed membranes increased chlorides and 
water intrusion; however' the effectiveness of membranes is 
significantly affected by perforation of a hole size of 1/4 in. or 
larger. 

3. The membrane integrity is affected by its bonding to the 
concrete surface and hot-mix asphalt overlay. 

4. Membrane A had the strongest bonding to the asphaltic 
overlay, whereas membrane B had the strongest bonding to 
the concrete. Although Membrane C showed the weakest bond­
ing, the system was least affected by the overlay application. 

5. The membrane status can be evaluated in place non­
destructively using the indirect ultrasonic pulse velocity method 
that can be used in a developed model to predict the mem­
brane status. 
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Design and Construction of Falsework on 
Federal Lands Highway Projects 

DONALD W. MILLER AND SHEILA R. DuwADI 

FHW A has developed a research program to address bridge false­
work design and construction. This program was initiated as a 
result of the findings from the investigation into the collapse of 
a bridge carrying the future eastbound lanes of Maryland Route 
198 over the southbound lanes of the Baltimore-Washington 
Parkway on August 31, 1989. It was determined by the collapse 
review board that existing procedures for design and construction 
of bridge falsework were, at best, suspect. To guide and direct 
this program, FHW A formed the Scaffolding, Shoring, and Form­
ing Task Group. Members of the task group represent state high­
way departments, contractors, manufacturers/suppliers, profes-

. sional societies, TRB, and the federal government. Their task is 
to collect and develop a comprehensive design and construction 
specification relative to the use of temporary works for bridges. 

On the morning of August 31, 1989, the final concrete place­
ment for the top deck slab of a posttensioned concrete box 
girder bridge being constructed to carry the future eastbound 
lanes of Maryland Route 198 over the southbound lanes of 
the Baltimore-Washington Parkway was under way. Concrete 
placement for the top slab of the Maryland Route 198 bridge 
over the Baltimore-Washington Parkway started at about 2 
a. m. so that the 154 yd3 of concrete for the top deck could 
be placed and finished in the cool, early-morning tempera­
tures. Suddenly and without warning, the supporting false­
work collapsed. On the basis of concrete delivery tickets, 132 
yd3 of concrete had been placed at the time of the collapse. 
This left 16 to 20 ft of deck on the east end of the bridge 
remaining to be placed. The falsework consisted of three simple­
span sections: a 35-ft roadway span and two 28-ft abutment 
spans. The superstructure construction was supported by tim­
ber formwork on steel longitudinal support beams that were 
supported by manufactured metal shoring towers, as shown 
in Figure 1. This scenario is becoming all too familiar in the 
bridge design and construction workplace of today. With an 
increase in the use of manufactured support systems, the de­
sign and construction of falsework are becoming more com­
plex and critical parts of bridge construction. 

The collapse of the falsework initiated a great deal of con­
cern within FHW A and Congress as to the safety of current 
practices relative to falsework for bridges. The collapse oc­
curred at about 6:50 a.m. during morning rush hour on the 
Parkway. Nine construction workers and five commuters were 
injured, with one sustaining serious injuries as a result of the 
collapse. There were no fatalities. 

D. W. Miller, FHWA, 21400 Ridgetop Circle, Sterling, Va. 22170. 
S. R. Duwadi, Turner-Fairbank Highway Research Center, 6300 
Georgetown Pike, McLean, Va. 22101. 

F ALSEWORK FAILURES 

A number of other collapses have occurred since the Baltimore­
Washington Parkway incident. On April 24, 1990, falsework 
for the Lake Street/Marshall Avenue bridge near St. Paul, 
Minn., collapsed, killing one worker. An estimated 300 tons 
of steel and 1, 100 tons of concrete fell into the Mississippi 
River. According to the state bridge engineer, the failure was 
related to human design error. 

On June 18, 1990, the falsework supporting one section of 
a 63-ft welded plate tub girder being erected at N-370 and 
US-75 in Bellevue, Nebr., collapsed, dropping the girder. 
There were no injuries. On the basis of investigation and 
analysis, the falsework collapse was initiated by lateral loads 
on the falsework caused by strong southwest winds. The fail­
ure of the falsework was progressive, ending with the collapse 
of the girder. The progressive failure sequence was simulated 
through transverse frame failure modeling. Wells Engineer­
ing, Inc., who investigated the cause of the collapse, ran an 
analysis of the falsework system. They found that some mem­
bers could be expected to yield. at wind speeds of 34 mph. 
Progressive collapse could be expected at certain joints at 
wind speeds of 37 mph. The Offutt Air Force Base Weather 
office verified winds in excess of 35 mph and gusting during 
the evening of June 18. 

On July 13, 1990, the US-45 bridge under construction over 
Spring Brook in Antigo, Langrade County, Wisc., collapsed, 
as placement of deck concrete was nearing completion. The 
cause of the collapse is believed to be shear failure of the 48 
bolts connecting the deck form supports to substructure abut­
ment walls. This initial failure led to subsequent shear failure 
of all but one of the remaining bolts. 

On October 10, 1990, at 1:18 a.m., a section of the super­
structure falsework for an elevated connector ramp of the 
1-880/SR-238 interchange in San Leandro, Calif., collapsed. 
Three workers were injured, but there were no fatalities. The 
accident occurred during the erection of a falsework beam 
over an existing ramp. The cause of the collapse- was deter­
mined by Caltrans to be related to erection errors. 

RESEARCH PROGRAM 

One of the recommendations made by the Collapse Review 
Board for the investigation into the Maryland Route 198 false­
work collapse, and subsequently supported by Congress, was 
that FHW A should develop a research project on manufac­
tured falsework assemblies. The study should be structured 
to improve present specifications and result in new guidelines 
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FIGURE 1 Superstructure construction for concrete girder bridge carrying 
Maryland Route 198 over Baltimore-Washington Parkway. 

for design review and field inspection. There is also a pressing 
need for technical information on the various horizontal and 
vertical forces that interreact in shoring tower arrangements. 

To implement this recommendation and to encourage co­
operation, FHWA established the multidisciplinary Scaffold­
ing, Shoring, and Forming Task Group to develop and guide 
the program. The Task Group includes representatives 
from FHWA; AASHTO; Associated General Contractors; 
American Road and Transportation Builders Association; 
TRB; the Scaffolding, Shoring, and Forming Institute; and 
ASCE. 

The first task undertaken by the Task Group was to contract 
with a consulting firm to perform a synthesis of all existing 
codes and specifications dealing with bridge temporary works 
in the United States and abroad. This task was necessary 
because no national standards currently exist. In investigating 
the Maryland Route 198 collapse, it was felt that some in­
dustry practices relative to the safe use of metal shoring were 
not well documented and, consequently, not available to the 
engineers involved for consideration in reviewing the system 
used. Therefore, the Task Group felt that they needed to 
know the extent of temporary works design aids available in 
the worldwide engineering community before they could de­
velop a concise manual addressing the design and construction 
of temporary works. The synthesis documents both the state 
of the art and the state of the practice. It also looked for any 
gaps or inconsistencies in existing speCifications. After a vast 
amount of literature on temporary works was reviewed, it was 
found that on a worldwide basis, there are no major gaps in 
the understanding of temporary structures. However, the ex­
isting worldwide standards are not entirely adaptable to U.S. 
codes and construction practices and the proprietary shoring 
systems common to the U.S. construction industry. Despite 

the available information, the mistakes that contributed to 
prior falsework failures continue to be repeated. This suggests 
that although there may be no gaps in the understanding of 
temporary works, there is a problem with getting this infor­
mation to the people doing the work. 

Based on a review of current state practices, it is evident 
that design review and inspection procedures vary consider­
ably from one state to another. This review covered all 50 
states, the District of Columbia, Puerto Rico, and 12 Cana­
dian provinces. As would be expected, states that are active 
in constructing cast-in-place concrete highway bridges are 
generally found to have comprehensive specifications and de­
sign guidelines, compared with those that mostly construct 
beam-type bridges. However, even in states that design and 
construct mainly beam-type bridges, a significant number of 
bridges are being built using cast-in-place construction meth­
ods that require extensive falsework. A clear need exists to 
develop unified design criteria and standards for temporary 
structures. 

The second task undertaken by the Task Group was to 
develop a standard specification for bridge temporary works. 
The specification is written as a generic specification that can 
be used and modified by any state. It defines responsibilities 
of the parties involved at the time of bidding. Among other 
issues, it states that the contractor is responsible for designing 
and constructing safe and adequate temporary work systems. 
The selection of material suitable for falsework is the re­
sponsibility of the contractor, but subject to the engineer's 
review and approval. The contractor shall certify that the 
manufactured devices have been maintained in a condition to 
safely carry their rated loads. Each piece of manufactured 
shoring shall be clearly identified with regard to working load 
capacity. Working drawings shall be prepared by the con-
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FIGURE 2 FHW A bridge temporary works research program. 

tractor under the guidance of a registered professional engi­
neer. Before placing concrete, the contractor shall have a 
professional engineer inspect the falsework and certify that 
the system is safe and erected in conformance with the ap­
proved working drawings. 

The third task recognized by the Task Group was the need 
for a clear, practical design specification based on the best 
current technology (see Figure 2). A preliminary outline of 
the areas to be covered was developed by the group and given 
to a consultant for development. The design specifications 
will be modeled as much as practical around AASHTO's Stan­
dard Specifications for Highway Bridges. A comprehensive 
commentary will also be developed to record the origin and 
clarify the intent of the key provisions of the specifications. 
Temporary structures will include, as a minimum, scaffolding, 
shoring, forming, and cofferdams. 

The fourth task to be undertaken was to ask the private­
industry members of the Task Group to develop a set of 
criteria acceptable to the industry about instituting a certifi­
cation program for individuals and companies involved with 
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the design, handling, and erection of manufactured falsework 
assemblies. 

The final task is to deal with the development of a con­
struction manual. Realizing that some states do have good 
construction manuals, this task has been deferred until more 
work is done on the design specification development. 

SUMMARY 

The primary reason for this study was the collapse of the false­
work on the Maryland Route 198 bridge over the Baltimore­
Washington Parkway and subsequent recommendations by 
the Collapse Review Board to develop better" specifications 
and guidelines. However, numerous other falsework collapses 
have occurred since then. Some have been design related, 
whereas others have been the result of poor construction 
practices. 

The end product of the FHW A program is to develop a 
standard specification and a design manual on bridge tem­
porary works with comprehensive commentaries, a synthesis 
of all codes and specifications dealing with the subject, and 
a construction manual if a need exists. These will be developed 
with input from representatives of AASHTO, private indus­
try, and FHWA. 

The guidelines and specifications developed will be appli­
cable both to construction projects under the direct super­
vision of the Federal Lands Highway Office of FHW A and 
to projects carried out by the states with federal-aid highway 
funds. The end objective is to improve construction site safety. 

Publication of this paper sponsored by Committee on Construction of 
Bridges and Structures. 
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Fatigue Life Study for a Railroad 
Bascule Bridge 

CHARLES T. JAHREN AND JOHN A. ROOKER 

A fatigue study was undertaken for an 80-year-old drawbridge 
whose members receive cyclic loading from both draw-span move­
ments and trains. Although the study was a modest effort, a 
significant amount of information was obtained. Fatigue loading 
was evaluated by drawing a traffic sample from the railroad's data 
base and modifying the results in accordance with historical rec­
ords. Critical bridge members were identified using a three­
dimensional linear elastic analysis, and their cyclic stresses were 
corroborated by the results of experimental work. Then the re­
maining fatigue life of these members was estimated. The results 
show that many of the members have a remaining fatigue life of 
substantial length. 

The fatigue life of bridges is a point of concern for the safe 
and efficient operation of railroads. At a time when wheel 
loads and traffic are increasing, many important railroad bridges 
have reached an age of 60 to 100 years. Unnecessary or pre­
mature replacement of a bridge is undesirable because the 
cost is high and funding is scarce. However, because of po­
tential safety problems and the possibility of disrupted service, 
fatigue life should not be overestimated. When replacement 
is necessary, an early prediction for the end of the service life 
should be provided so that sufficient lead time is available for 
financial planning and budgeting. 

This paper describes a fatigue study for an 80-year-old 
drawbridge whose members receive cyclic loading from both 
draw-span movements and trains. Although it was a modest 
effort, the study included both analytical and experimental 
work. The results indicate that many of the structural mem­
bers have a remaining fatigue life of substantial length. This 
illustrates that significant information can be obtained from 
a modest research effort. 

BACKGROUND 

The subject of this study is Burlington Northern's (BN) Bridge 
4, a 200-ft-long, double-track bascule bridge located in Se­
attle, Washington. The design was by the Strauss Trunnion 
Bridge Company. The node numbering system for the analysis 
and other dimensions are given in Figure 1. When the bridge 
draws, the moving leaf tilts up on the main trunnion. A coun­
terweight is connected to the moving leaf through a series of 
links and hinges such that the top chord is in tension and the 
bottom chord is in compression unless a train is on the bridge. 
The bridge was built in 1913 of riveted steel with built-up 

C. T. Jahren, Department of Civil Engineering, University of Wash­
ington, 121 More Hall FX-10, Seattle, Wash. 98195. J. A. Rooker, 
Geiger Engineers, 110 Prospect Street, Bellingham, Wash. 98225. 

members and has a Cooper's rating of E55 based on an al­
lowable stress of 16 ksi. Present American Association of 
Railway Engineers (AREA) (1) design criteria call for bridges 
to be designed to a Cooper's rating of E80. 

Primarily used by time-sensitive intermodal trains, the bridge 
is at a critical location in BN's Pacific Northwest railroad 
network. A closure would be very disruptive because trains 
would have to make time..:consuming detours. Because of age, 
load rating, critical location, and expected increases in high­
axle-load intermodal traffic, it was desirable to know the po­
tential for fatigue cracking and the members that are most 
likely to be affected. The study focused on the bridge's moving 
leaf; neither the machinery nor the counterweight truss and 
tower were investigated. 

To estimate fatigue life, it is necessary to have information 
on the loads, the resulting cyclic stresses, and the fatigue 
resistance. In past studies on other bridges, estimates for loads 
have been developed from traffic surveys and historical rec­
ords (2-4); estimates of cyclic stresses were obtained from 
structural analysis (2,5) and field instrumentation (3,4,6, 7); 
and fatigue resistance was based on AREA or AASHTO 
S-N relationships. Current research is providing additional 
information on railroad load spectrums and bridge fatigue 
behavior (8). 

The fatigue loads for this study were based on a sample of 
72 trains drawn from traffic that crossed the bridge during 
the 6-month period starting in March 1989. The sample con­
sisted primarily of intermodal and general freight trains with 
a few coal or grain trains (Table 1). Later in the study, ad­
justments were made in the cyclic stresses to account for 
historical changes in wheel loads. These adjustments will be 
described later. 

A three dimensional linear-elastic structural analysis pro­
vided cyclic stress information that was corroborated by the 
results of a limited field instrumentation effort. Based on the 
results of the structural analysis, critical members were se­
lected for further analysis, and the AREA and AASHTO 
S-N relationships were used to provide estimates of fatigue 
resistance. 

LOAD EVALUATION 

As part of normal record-keeping activities, before a train 
departs, a list of cars is drawn up and entered into a computer 
data base. For each rail car, the list gives the serial number, 
gross weight, contents, destination, and a code that denotes 
the type of car (Figure 2). BN's car type code has four char­
acters and is referred to as a GST code. The identification 
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FIGURE 1 BN Bridge No. 4 (drawings not to scale). 

TABLE 1 Sample of 72 Trains, 1988-1989 

No. of Trailing 
Train Type Trains Percent Tonnage 

Intermodal (all types) 
Empty 11 15 22,346 
Single stack 15 21 35,766 
Double stack -1 6 -2.21 
Total 30 42 67,683 

General freight 27 38 68,125 
Grain/coal 9 12 26,016 
Locomotivesa ...2 ~ ~ 
Total 72 100 161,903 
Average train 2,249 

aLocomotives running light without a train. 

Percent 

14 
22 

6 

42 
42 
16 

_Q 
100 
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FIGURE 2 Train list from data base. 
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(d) Six Axle Locomotive (Wheel Load= 33 Kips) 

FIGURE 3 Rail car and locomotive geometry. 

number and length of each locomotive are also given. A FOR­
TRAN program was developed that reads the gross weight 
and GST code for each car and generates a load string that 
gives estimated axle loads and spacings. 

The axle loads were estimated by dividing the gross weight 
of the car equally among its axles. An exception was the five­
platform articulated intermodal car having load platforms that 
share axles (Figure 3b ). For these cars, the gross weight refers 
to the combined gross weight of all platforms. Each axle in 
an articulated wheel set was assigned one-tenth of the gross 
weight of the car, whereas each axle in an end wheel set was 
assigned one-twentieth of the gross weight. 

It is possible to estimate the axle spacing from the GST 
code, because the length of the car may be inferred from the 
GST code to an accuracy of ± 5 ft and because the location 
of the axles in relation to the end of a rail car is consistent 
(Figure 3a). The program read the GST code, consulted a list 
that provided axle geometries for each car code, and com­
puted the axle spacing . 

Although there are many types of locomotives with various 
load characteristics, this program modeled two basic types o{ 
locomotives. Locomotives ::; 62 ft long were assigned four 
axles (Figure 3c), and locomotives> 62 ft long were assigned 
six axles (Figure 3d). Wheel loads were from 31 to 34 kips, 
depending on the length of the locomotive. 

Because the resulting load string is based on several esti­
mates, it is appropriate to discuss whether its quality is suf­
ficient for use in fatigue studies. The gross car weight is en­
tered by a clerk who scans a shipping document to find the 
weight of the contents and then guesses the tare weight of 
the rail car. Rail cars are rarely weighed before shipping and, 
for a variety of reasons, the net weight on the document may 
not be the actual weight of the contents. Furthermore, the 
contents of the rail car may be unevenly loaded. Despite these 
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shortcomings a weigh-in-motion comparison for three trains 
showed that these load models were useful for fatigue studies. 
Lists were obtained for the three trains and converted to a 
load string. Using the process described in the next section, 
the equivalent stress range for the midspan of a typical stringer 
was calculated for each train. Individual wheel loads were 
obtained for the same trains from the weigh-in-motion scale. 
Then the wheel loads from the list were replaced by the wheel 
loads from the weigh-in-motion scale and the stress range 
calculation was repeated. The differences ranged from 2 to 7 
percent. If a sample contains several such trains, the differ­
ence of the whole sample is likely to be much smaller. 

ANALYSIS OF STRESS CYCLING 

As part of the effort to account for cyclic stresses, a three­
dimensional model of the bridge was developed using the SAP 
90 (9) structural analysis program (JO). Except as noted later, 
the bridge was modeled as a rigid frame because the truss 
joints were heavy gusseted connections. The stringer-to-floor­
beam connections had moments released in the major and 
minor axis because the actual connections were clip angles 
that joined only the webs of the members. Moments were 
also released for light cross-bracing members. Supports at the 
trunnion end (Node 17) were restrained against translation 
and rotation, except for rotation about the trunnion axis. The 
effect of the counterweight link was modeled by imposing 
forces in the appropriate location (Node 13) and direction. 
For the dead load condition, the support at the open end of 

(a) Draw Span Motion, Lift Angle = 60° 
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far truss (Node 0) had no restraints, and the support for the 
near truss had only a vertical restraint that was required for 
structural stability; the force in the latter was negligible. For 
the live load condition, both the near and far trusses had 
vertical supports at the open end (Node 0). The dead load 
was modeled as the gross section of the bridge members, a 
line load to account for the track components, and a scaling 
factor to account for connection plates and other components 
that were not modeled. 

The cyclic loading caused by draw span movement was 
modeled by rotating the moving leaf about the axis of the 
trunnion, making necessary alterations to the counterweight 
forces and recording the change in dead load stress for each 
member. Burlington Northern's records indicate that current 
draw span usage is 255 lifts per month. Historical records 
could not be found for past draw span movement, so for this 
study the number of lifts was increased to 300 per month 
(274,000from1913 to 1989) to cover uncertainty for the num­
ber of past lifts. The tensile portions of the member stress 
ranges in the far truss that exceed 3 ksi for a 60-degree lift 
are shown in Figure 4a. These stress cycles represent the 
largest stress cycle in the member when both bending moment 
and axial force are considered. Similar stresses were found in 
the near truss. 

The tensile portions of the member stress ranges in the far 
truss that exceed 3 ksi for two 6-axle locomotives (Figure 3d) 
are shown in Figure 4b. For some members, the locomotive 
and draw span stress cycles are additive when trains cross the 
bridge between lifts. For example, end post Member 13-15 
(Figure 5a) has a dead load stress of 5.0 ksi. Unlike end post 

Number in parentheses denotes stress range for sequential draw span motion and locomotive movement. 

(b) Locomotive Movement ®=Node Number 

FIGURE 4 Cyclic stresses greater than 3 ksi (tensile portions only), far truss. 
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Fatigue 
Analysis= 11.3 ksi 

Stress Range 

(a) Member 13 - 15 

Lift 11.3 ksi 

Oksi __ ..___ Train Movement 
2.2 ksi 

Dead Load Stress= 12.3 ksi 

Oksi 

(a) Member 11 -13 

FIGURE 5 Sequential draw span movement. 

stresses in most truss bridges, this is a tensile stress, because 
of the influence of the counterweight link. During a lift the 
stress increases to 11.3 ksi and, during train movement, the 
member receives a 2.2-ksi compressive stress. Thus the tensile 
portion of the stress cycle that is used for fatigue analysis is 
11.3 ksi. Top chord member 11-13 does not receive such ad­
ditive stress cycles (Figure Sb). The dead load stress is 12.3 
ksi. Lifting the bridge reduces the stress to 4.2 ksi. Similarly, 
train movement reduces the stress to 5.1 ksi. For fatigue anal­
ysis, these cycles may be counted as separate cycles of 8.1 
and 7.3 ksi, respectively. In cases in which the stress cycles 
are additive, the full stress range is shown in parentheses (see 
Figure 4a). 

One possible strategy for performing the fatigue analysis 
was to run the entire sample of 72 load strings on the frame 
model and then to analyze the cyclic stresses for every member 
of the bridge. Because the frame model included 228 mem­
bers, the computational effort rendered that strategy imprac­
tical. Instead, a model test load of two 6-axle locomotives 
(33-kip wheel loads) and four 40-ft cars (19-kip wheel loads) 
was used (geometry shown in Figure 3), and the resulting 
cyclic stresses were examined to select six critical members 
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for complete analysis: Top chord 11-13 receives relatively 
large stress ranges because of both draw span movement and 
rail traffic. End post 13-15 had a large stress range because 
of draw span movement. Diagonal 8-9 is a representative 
diagonal fbr the bridge. Hangers and stringers are members 
that receive many cycles and often develO'p fatigue problems. 
Therefore, Hanger 13-14, a typical hanger, and a typical stringer 
were selected (the hangers above Nodes 6 and 10 and the 
stringers between Nodes 2 and 16 are identical). Because they 
experienced relatively small stress ranges, the floor beams 
were not selected. 

From the frame model, stress influence lines were devel­
oped for each critical member and coded into a FORTRAN 
program. The load strings were advanced over the influence 
lines to give a time history of the cyclic stress. These stress 
histories were converted to stress spectra using a rain flow 
counting method (11); an equivalent constant amplitude stress 
range, Sre• was calculated using a derivation of Miner's rule: 

(1) 

where f; is the fraction of the stress range within interval i 
and Sr; is the midwidth of the stress interval i. The results of 
this analysis are shown in Table 2. An example calculation is 
shown in Figure 6. The tons per cycle (TPC) were calculated 
by dividing the tonnage of the traffic sample by the number 
of cycles that each member experienced. Top chord 11-13 and 
the typical stringer have the largest sre; however' considering 
TPC, it is apparent that the stringer is subjected to more cyclic 
loading than the top chord. The stringer receives two cycles 
(one large and one small) per rail car, whereas the top chord 
receives about three cycles per train (average gross weight of 
train = 2,249 tons; see Table 1). BN provided historical in­
formation on annual gross tonnage and average gross weight 
per car from which an estimate of the yearly cyclic stresses 
was developed. Using Equation 1, a lifetime Sre was calcu­
lated. The calculations were not altered to reflect changes in 
car geometry, locomotive geometry, or impact factors. Anal­
ysis of stress cycles caused by hypothetical historical trains 
showed that this simplification has little effect on the final 
results because draw span motion .and modern freight traffic 
has contributed the most to the bridge's fatigue damage. 

Further adjustments were made to the cyclic stresses after 
reviewing the results of the field instrumentation described 
in the next section. 

TABLE 2 Tons per Cycle and Equivalent Stress Ranges 

Member 

Typical hanger 
Framed hanger (13-14) 
End post (13-15) 
Top chord (11-13) 
Diagonal (8-9) 
Stringer (Panels 2-16) 

Tons per 
Cycle'f:. 

55.2 
90.5 

813.6 
852.1 
71.2 
46.5 

Current 
Equivalent 
Stress Rangesa 
(ksi) 

3.2 
2.2 
3.7 
4.2 
2.6 
4.3 

Lifetime 
Equivalent 
Stress Rangeb 
(ksi) 

2.9 
2.0 
3.4 
3.8 
2.3 
3.8 

°Calculated from a sample of 72 trains that crossed Bridge No. 4 in August 1988 (see Table 1). 
b Adjusted for historical loads. 
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890 

Interval 1.5 2.5 
Mid 

Width 

1 53 * 890 = . 3 
2.53 * 727 = 
3.5 * 578 = 
4.5 3 * 574 = 
5.53 * 297 = 
6.53 * 269 = 
7.53 * 143 = 
8.53 * 2 = 

Totals 3480 

3.5 

3,004 
11,359 
24,782 
53,306 
49,413 
73,874 
60,328 

1,228 

277,294 
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Stress Range 
Histogram for a Typical Stringer 

(72 Train Sample) 

4.5 5.5 6.5 7.5 

Sre = V 2n ,294 / 3480 

8.5 

4.30 ksi 

FIGURE 6 Example of effective stress range calculation. 

FIELD INSTRUMENTATION 

The experimental portion of this study was performed to con­
firm the calculated stress ranges for the critical members and 
to check for stress transients during draw span movement. 
Strain measurements were taken at a typical stringer (midspan 
Panel 2-4), a typical hanger (9-10, 81 in. above Node 10), and 
the top chord near the counterweight link (11-13, 107 in. from 
Node 13). The instruments were located on the near truss 
because more hea:vily loaded trains were expected on the near 
track. Later observations, however, showed that loaded trains 
used both tracks equally. The strain gauges were read and 
digitally recorded by a personal computer equipped with a 
data acquisition board. 

A comparison was drawn between the stresses inferred from 
the strain-time plots of two SD40-2 locomotives (33-kip wheel 
load; Figure 3d) traversing the bridge at crawl speed and the 
analytical result for the same load. The stress history for the 
bottom flange of the stringer is shown in Figure 7 a. The four 
peaks in stress correspond to the four locomotive trucks, and 
the stress reversals indicate that there is some fixity in the 
stringer-to-floor-beam connection. The stress inferred from 
the instrumentation for the top flange 8.9 to 10.6 ksi (com­
pressive portion of stress range only) and the bottom flange 

was between 5.0 and 6.8 ksi (tensile portion of stress range 
only). The analytical comparison for both the compression 
and tension flanges was 6.9 ksi. The angles of the top flange 
of the stringers had been replaced, and the replacement may 
have caused a redistribution of stresses that would account 
for the higher compressive stresses found in the top flanges. 

The hanger is an H-shaped built-up member consisting of 
a web plate and four flange angles that serve as flanges. The 
floor beam is riveted to the inside flange angles of the hanger. 
For the hanger, the strain readings on the flange exceeded 
those at the neutral axis by as much as 20 percent and indicated 
the existence of bending stresses, as shown in Figure 8. Fisher 
and Daniels ( 6) observed similar bending stresses in hangers 
of railroad bridges. Shear lag in the stringer-to-floor-beam 
connection may cause a further increase in stress on the inside 
flange of the hanger because strain in the outside flange is 
not mobilized. 

The top chord is a box-shaped member. Strain gauges were 
located on the top of one web plate and the bottom of the 
other web plate, as shown in the legend of Figure 7b. The 
stress range at the top of the member was larger than at the 
bottom, indicating that the member experiences some bend­
ing. The frame analysis predicted the presence of bending at 
this location but the stress ranges from instrumentation ex-
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ceeded those from the frame analysis. Time histories of stresses 
in the top chord members were recorded during the draw 
span movement. The draw span was brought to a jerking halt 
several times so that any resulting impact strains could be 
recorded. The stress history is shown in Figure 7b. The mea­
surements indicate that a stress range of 3.8 ksi results from 
this jerking action. 

Results from the frame analysis suggested that the expected 
vibrational period was 0.5 sec; however, no vibrational stresses 
of this period were detected by the instrumentation during 
rail traffic or draw span motion. 

The structural model was also checked using optical sur­
veying methods. Using frame analysis, an estimate of the 
midspan deflection of the truss (0.07 ft) was calculated for 
the load of two SD 40-2 locomotives. Readings with an en­
gineer's level gave the same result. 
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FATIGUE EVALUATION 

Rivet holes are often the critical details that initiate fatigue 
cracks in riveted bridges. For built-up members, initial crack­
ing can be expected after the stress exceeds the Category D 
curve; however, since several components must crack before 
a built-up section collapses, Category C is an appropriate 
fatigue life limit (12). For all critical members, Table 3 pre­
sents estimates of D, the amount of fatigue damage caused 
by draw span movement or rail traffic (stringers are not af­
fected by drawspan movement). D; is calculated by 

(2) 

where n; is the number of stress cycles in a particular stress 
range and N; is the number of cycles allowed by the appro­
priate S-N relationship. The summation of D; gives D the 
total fatigue damage. Fatigue life ends when D = 1. Except 
for a set of stringers in an end span, none of the members 
that were analyzed have expended more than 50 percent of 
their Category D fatigue life or 25 percent of their Category 
C life (Table 3). 
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Adjustments were made in the stress range to account for 
local effects detected by field instrumentation, impact, and 
double track (see notes, Table 3). An impact factor was ap­
plied to the stringers and hangers only because it was judged 
that the longer tributary length of the other components re­
duced impact effects. The factor of 1.10 is conservative be­
cause the speed limit of the trains is 20 mph, and other re­
searchers have obtained lower factors for higher-speed traffic. 
For example, Kritzler (7) obtained an impact factor of 1.08 
at 50 mph. An adjustment for double track was necessary 
because the stress ranges were calculated for one train using 
the near track. The adjustment accounts for 47.5 percent of 
the trains using the near track, 47 .5 percent of the trains using 
the far track, and 5 percent of the trains using both tracks 
concurrently. 

Few of the stress cycles for the typical hanger exceed the 
Category D fatigue limit of7 ksi; therefore, it is unlikely that 
these members accumulate fatigue damage. The other truss 
members have expended between 14 percent and 43 percent 
of their fatigue life in Category D or between 7 percent and 
22 percent of their fatigue life in Category C. The diagonal 
has suffered the most fatigue damage; its remaining fatigue 
life is 30 years. This estimate allows for a 5 percent increase 
in both stress range and cycles per year. In addition, the draw 
movement stress range is increased to 16 ksi (after 20 percent 

TABLE 3 Cumulative Fatigue Damage for Selected Members 

n; to N;, N;, 
S,e 1989 Category D D;, Category C D;, 

Member (ksi) ( x 106) ( x 106
) Category D ( x 106

) Category C 

Framed Hanger (13-14) 
Traffic 2.3° 28 180 0.16 365 0.08 
Draw motion ll.2b 0.27 1.55 0.18 3.2 0.09 
Total 0.34 0.17 

End Post (13-15) 
Traffic 3.5c 1.05 51 0.02 103 0.01 
Draw motion l3.6b 0.27 0.88 0.32 1.78 0.16 

Total 0.34 0.17 
Top chord (11-13) 

Traffic 3.9c 0.99 36 O.Q3 74 0.01 
Draw motion 9.7b 0.27 2.4 0.11 5 0.06 

Total 0.14 om 
Diagonal (8-7) 

Traffic 2.4c 18.4 164 0.11 334 0.06 
Draw motion l3.7b 0.27 0.85 0.32 1.74 0.16 
Total 0.43 0.22 

Stringers (traffic only) 
Panels 0-2 4.2d 14 30 0.47 5.4 0.26 

(I = 1.2) 
Panels 2-16 3.8d 14 40 0.35 80 0.18 

(I = 1.1) 
Panels 16-18 4.7d 14 22 0.64 44 0.32 

(I = 1.2) 

0 Hangers: local effects (1.20) x impact (1.10) x double track* (0.86) = 1.15. 
bOraw span motion only: local effects = 1.20. 
cchord member traffic loads: local effects (1.20) x double track* (0.86) = 1.03. 

Near track 0.475 (1) = 0.475 
Far track 0.475 (0.4) = 0.030 
Both tracks 0.05 (1.4) = 0.137 

Result of addition 0.642 
(0.642)113 = 0.866 

dStress range at bolt hole, flange angle to web plate connection. 
*Double-track root mean cube adjustment based on Miner's rule and typical S-N curves. 



Jahren and Rooker 

adjustment for local effects) to account for planned modifi­
cations that will increase the lift angle to 75 degrees. Draw 
span movement contributes the most to fatigue damage for 
end post (Member 13-15), the top chord (Member 11-13), 
and the diagonal (Member 8-9), whereas draw span move­
ment and freight traffic contribute almost equally to fatigue 
damage for the framed hanger (Member 13-14). 

The bottom end post (Member 15-17) also has substantial 
stress ranges (Figure 4) but was not analyzed in detail during 
this study. The large stress ranges are partially due to bending 
moments near Node 17. The stresses are most likely altered 
by several large gusset plates that reinforce the end trunnion 
that were not modeled in the frame analysis. Further field 
instrumentation or a more refined analysis should be under­
taken before the damage index for Member 15-17 is estimated. 

The peak stresses for the typical stringers (Panels 2 through 
16) is at the fatigue limit of 7 ksi. The peak stresses for string­
ers in the end span (Panels 16 through 18) are somewhat 
higher. If the stringers accumulate fatigue damage, they ac­
cumulate it faster than other members. Considering the design 
of the bridge and the location of the stringer, this is a rea­
sonable conclusion. Except for the stringers, all of the mem­
bers of the bridge were designed to resist the load of two 
trains; however, most cyclic loads are the result of one train's 
passage. The stringers receive more cycles because of their 
short tributary length even though only half of the trains use 
each stringer. 

Impact factors of 1.10 and 1.20 were assigned to the inter­
mediate (Panels 2-16) and end (Panels 0-2, 16-18) stringers, 
respectively. The higher-impact factor was selected for the 
end stringers because special rail joints exist near the supports 
and are likely to increase impact loading. This is consistent 
with the results of a study about the effect of rail defects on 
impact loading (13). The stress ranges for the nontypical 
stringers (Panels 0-2 and 16-18) were estimated by calcu­
lating an equivalent fatigue load (EFL) from the stress range 
and section properties of a typical stringer and applying this 
load to the nontypical stringers. The geometry of the EFL is 
similar to a rail car's wheel set (Figure 3a), and the wheel 
load is 21 kips. For Stringer Panel 16-18, the remaining Cat­
egory D and C fatigue life is estimated at 7 and 25 years, 
respectively. The remaining Category D fatigue life of a typ­
ical (Panels 2-16) stringer is estimated at 22 years. These 
estimates allow for a 5 percent increase in cyclic stresses and 
the number of cycles per year. At the end of the Category D 
service life, an abrupt failure of the entire member is not 
expected. As stated earlier, Category D indicates the lower 
bound for the fatigue strength of an individual component in 
a built-up member (12). It is likely that cracks may be detected 
as they occur and the individual components replaced to ex­
tend the life of the member. 

The service life of the stringer-to-floor-beam connection 
was also investigated (10). The calculations are sensitive to 
changes in assumptions regarding the joint's fixity, which was 
not known with certainty; however, the results show that it 
is possible that these connection angles have reached the end 
of their design fatigue life. This possibility may be determined 
by regular inspection. Since the connection is supported by 
two angles, both would have to crack before the connection 
would collapse. If cracks were detected, the angles could be 
replaced at a relatively low cost. 
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CONCLUSIONS AND RECOMMENDATIONS 

It is concluded that most of the components in BN's Bridge 
4, except for the stringers, have a remaining fatigue service 
life of at least 30 years. The service life of many of the com­
ponents may be much longer. Of the components analyzed, 
it is expected that the end stringers will be the first major 
components to reach the end of their service life. It is likely 
that service life may be extended by replacing individual com­
ponents of built-up members as cracks occur. 

Comparisons with weigh-in-motion data and instrumenta­
tion results show that computerized train lists are a valuable 
source of data that may be used in the development of current 
load spectrums. 

Two possible methods were identified that could be used 
to generalize site-specific fatigue information. If an estimate 
exists for the number of TPC for a particular type of member 
(perhaps a stringer of a certain length), the number of cycles 
per year can be estimated if the gross annual tonnage is 
known and the traffic mix is similar. Since railroads routinely 
collect data on gross annual tonnage, this information is easily 
available. 

If a set of EFLs could be developed by calculating the wheel 
loads that would cause the equivalent stress range for certain 
members, these EFLs could be used to estimate the equivalent 
stress range in similar members. Ultimately, the EFLs could 
be developed into a fatigue train that would be similar in 
concept to the fatigue truck -that was proposed by Moses 
et al. (14). 
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Testing an Integral Steel Frame Bridge 

M. ELGAALY, T. C. SANDFORD, AND C. COLBY 

The Forks Bridge in the state of Maine has integral abutments 
and approach slabs that are connected to the abutments. The 
main carrying components are five rigid steel frames each in the 
form of an inverted U; the legs of the frames are embedded in 
the abutments and the horizontal girders are connected to the 
reinforced concrete deck by shear connectors. Because the design 
is unique , it was decided to instrument and monitor the bridge 
behavior for the duration of 3 years. The equipment and instru­
ments used are described. Measured and calculated strains in the 
steel frames caused by the weight of the deck are reported. The 
bridge was tested on completion using three loaded trucks . The 
results of the tests are given and compared with the corresponding 
results obtained from a finite element analysis. Finally , the in­
strument readings taken every 6 hr for a duration of approxi­
mately 6 months are presented and discussed . 

The new Forks Bridge between the Forks and West Forks is 
a stiff-legged steel rigid-frame bridge that spans the Kennebec 
River and replaces an existing steel truss bridge built in 1932 
(Figure 1). The old bridge had been damaged a number of 
times by protruding logs from logging trucks. The new bridge 's 
design , location , and approach layout will reduce the type of 
accidents that had occurred at the old bridge and will provide 
a higher live-load capacity to meet current highway needs. 
Because there is considerable rafting on the Kennebec River 
at the bridge location , a center pier was not considered . In 
addition , a center pier raised the possibility of excessive scour. 

The new bridge is a 20-degree skewed bridge with a 165-ft 
span and a 37-ft 8-in. overall width. It consists of five steel 
frames in the shape of an inverted U resting on shallow foun­
dations. The composite reinforced concrete deck is rigidly 
connected to the abutments and the approach slabs , and the 
steel legs of the frames are embedded in the abutments. Be­
cause the steel legs were to be covered by concrete , the abut­
ment wall thickness varies from 4.8 ft at the footing to 8.5 ft 
at the top. The footing , called the seal , is approximately 15 
ft wide and 9 ft thick and is resting on the bouldery and 
cobbley gravel terrain that exists at the site. The legs of the 
girders are fixed to the foundation block through a height­
adjusting distribution slab between the bottom of the legs and 
the top of the seal. The granular backfill with its good drainage 
minimizes differential water levels behind the abutment , which 
can add large forces to the abutment walls . It is also important 
to have free draining material with low fines so that frost 
pressures are not generated behind the wall. Construction 
commenced in the summer of 1989, and the bridge was open 
to traffic early in December of the same year. 

Since the soil pressure as a function of the deck movements 
is not well known , this was the principal reason for instru­
menting, testing , and monitoring the bridge. 

Department of Civil Engineering, University of Maine , Orono , Maine 
04469. 

DATA ACQUISITION SYSTEM 

It was desired to monitor the behavior of the new bridge by 
instrumenting it and taking the readings from the instruments 
at frequent intervals. The bridge is 110 mi from the University 
of Maine , and the use of a data acquisition system that can 
be reached via a telephone line from the university was found 
to be cost-effective. The system would have to read strain , 
temperature , and pressure instruments and be reliable while 
enduring Maine 's climate for the 3-year monitoring period. 
The possibility of data storage in digital form and remote 
access through the telephone biweekly was another desired 
feature. Data storage in a digital form would eliminate manual 
data entry and should facilitate the reduction , interpretation , 
and presentation of results. Remote access also provides ac­
cess at critical times for readings and frequent access to check 
instrument functioning . 

INSTRUMENTATION 

Strain gauges , temperature sensors , and pressure cells were 
installed to monitor the behavior of the Forks Bridge. The 
strain gauges are intended to measure the strains in the steel 
frames caused by loads and thermal effects. The pressure cells 
are intended to measure the pressure of the soil on the back 
of the concrete abutment wall as the bridge abutment moves 
in response to loading and temperature change. The temper­
ature sensors are intended to measure air and soil temperature 
behind the abutment . 

FIGURE 1 Old and new bridges at the Forks. 
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Strain Gauges 

Weldable electrical resistance strain gauges were used. Spot 
welding is often more convenient than adhesively bonding a 
gauge , particularly in field testing applications for which bond­
ing conditions are not ideal. After welding wires were soldered 
to the gauge terminals and the gauges were protected using 
special coating , the wires were run to the equipment box 
through polyvinylchloride (PVC) conduits. For each single 
active gauge welded to the bridge , three resistors are required 
to complete the circuit. Two precision resistors for each gauge 
and one common gauge for all the gauges connected to one 
logger were used for circuit completion . 

Pressure Cells 

Because it was anticipated that the soil pressure behind the 
abutment would vary with elevation, with skew side (obtuse 
or acute) , and possibly with the abutment location (north or 
south) , it was decided to use four vertical lines of pressure 
measuring cells with four cells per line for a total of 16 pressure 
cells . For each abutment, two lines of pressure cells were 
installed at 10 ft on each side of the abutment centerline. The 
top cell was 7 ft below grade, and the remaining three were 
6, 12, and 17 ft below the top cell. One of the four bottom 
cells was covered with a screen to allow water pressure to be 
measured . 

The 9-in .-diameter pressure cell consists of a fluid-filled 
pressure pad connected by a length of high-pressure tubing 
to a pressure transducer (Figure 2). The pressure pad is formed 
by welding two thin disks of stainless steel around the pe­
riphery. The narrow gap between the two disks as well as the 
tubing leading to the pressure-sensing device is filled with 
deaerated oil. Pressure on the face of the cell is thus reflected 
directly in oil pressure, which is sensed by the pressure trans­
ducer. Because temperature affects the pressure reading for 
a vibrating wire transducer , each transducer is equipped with 
a temperature-sensing thermistor. The thermistor output is 
used to adjust the pressure reading for temperature changes . 

To ensure that the cells were mounted to be flush to the 
back of the concrete abutment wall , they were provided with 

FIGURE 2 Pressure cell and vibratory wire transducer. 
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FIGURE 3 Pressure cell and concrete backing pad. 

concrete bedding under the whole cell (Figure 3). A special 
concrete block with a recess for the cell was prepared in the 
laboratory. During field installation this concrete block with 
the recessed cell was placed between the reinforcing and the 
forms and secured to the inside of the abutment formwork 
by concrete form bolts. This block protected the cell during 
concreting operations and isolated the cell from stresses caused 
by the set of the field-placed concrete. 

In the laboratory each cell was calibrated in the recess of 
its own concrete block. The loads measured with a calibrated 
electronic load cell were raised incrementally to an equivalent 
of about 20 lb/in. 2 and then decreased to zero. The calibration 
factor was obtained using the best-fit line through the points. 

Temperature Sensors 

Thermistor sensors are provided by the manufacturer in each 
pressure cell. Calibrations for the thermistor were provided 
by the manufacturer. Three resistance temperature detectors 
(RTDs) were used to measure the air temperature in the 
vicinity of the central steel frame under the bridge : one near 
the south abutment , one near the center of the span , and one 
inside the equipment box. The reading from the RTD is resis­
tance; the resistance to temperature conversion was calibrated 
in the field using the manufacturer's conversion tables. 

TEST RESULTS 

Two sets of test results are given and discussed. The stresses 
in the steel frames caused by the wet weight of the concrete 
deck constitute the first set. When the deck was placed, the 
fill behind the abutments was not in place ; hence , soil pressure 
readings are not applicable . The second set, obtained during 
load testing of the bridge with three loaded trucks , includes 
frame stresses as well as soil pressure behind the abutments. 

Stresses from Weight of Concrete 

Three of the five bridge frames , adjacent to one another, 
were instrumented using strain gauges. Initial readings were 
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TABLE 1 Measured and Calculated Stresses Caused by 
Weight of Concrete 

Gage No. Measured Stresses Calculated Stresses 
(ksi) (ksi) 

301 1.83 1.19 
303 1.31 1.28 
307 -6.06 -9.63 
310 -10.73 -14.21 
312 4.64 5.35 
315 8.24 8.50 
316 -5.97 -9.63 

405 -11.98 -14.21 
406 6.82 5.35 
408 -6.35 -9.63 

501 1.60 1.28 
504 -6.84 -9.63 
505 -14.24 -14.21 
506 6.06 5.35 
508 -7.13 -9.63 
509 1.28 1.28 

The negative signs indicate compression 

taken on October 26, 1989, after the forms and the reinforcing 
bars were in place. The concrete was placed on October 27, 
1989, and another set of readings was taken on October 28. 
The difference between the initial and final readings repre­
sents the strain caused by the weight of the concrete. To 
determine the corresponding stresses, the measured strains 
were multiplied by the Young's modulus of elasticity, E = 
29,000 kip/in. 2 • This is a reasonable approximation, because 
the strains in the perpendicular direction are negligible. The 
calculated stresses from the measured strains are tabulated in 
Table 1. 

The frame was analyzed with a finite element program under 
the tributary weight of the concrete. Axial forces and bending 
moments at the locations of the strain gauges were deter­
mined. The stresses were then calculated at the locations of 
the gauges. As can be noted from Table 1, there is reasonable 
agreement between the measured and calculated stresses. The 
differences can be attributed to 

1. Differences between the actual locations of the strain 
gauges and the locations used in the calculations, particularly 
important at zones of high moment gradients; 

2. Differences between actual geometric and material prop­
erties of the frame and values used in the analysis; 

3. Possible inaccuracies in the measured strains, which can 
be attributed to thermal output and wire resistance of strain 
gauges; and 

4. Readings that were taken several hours after the concrete 
was placed, creating the possibility that some concrete slab 
strength was not accounted for in the analysis (particularly 
true since, in general, the calculated stresses are higher than 
those calculated from the measured strains). 

Truck Load Testing 

Testing of the bridge was conducted on December 2, 1989, 
by using three loaded trucks at various positions on the bridge 
and recording the effect on the bridge and the abutments. 
The three-axle trucks weighed 59,8oo;58,700, and 53,725 lb, 
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TABLE 2 Measured and Calculated Stresses Caused by 
Truck Loads 

Gage No. Measured Stresses Calculated Stresses 

(ksi) (ksi) 

301 -.05 .04 

303 -.16 .04 

307 -1.95 -2.94 

310 -.03 -.46 

316 -2.23 -2.94 

403 .74 .72 

404 -1.43 -2.60 

406 2.51 3.08 

407 1.27 .72 

408 -1.44 -2.60 

501 1.03 .04 

504 -.72 -2.02 

506 1.93 2.07 

508 -.67 -2.02 

509 1.10 .04 

The negative signs indicate compression 

FIGURE 4 Finite element analysis model. 

respectively. Two tests were conducted with the trucks on the 
approach slabs, whereas 10 tests were conducted with the 
trucks on the bridge deck at various positions. Stresses were 
calculated using the measured strains as described earlier. 
These stresses are referred to as the measured stresses and 
are tabulated for the case in which the trucks were centered 
on the middle frame at midspan (Table 2). 

The bridge was modeled using a three-dimensional finite 
element model, as shown in Figure 4. Plate elements were 
used to model the concrete slab and abutments, and beam 
elements were used to model the steel frames. The bridge 
was analyzed for the case in which the trucks were centered 
on the middle frame at midspan. Axial forces and bending 
moments in the steel frames were determined. The stresses 
caused by these forces and moments at the gauge locations 
were then calculated and are tabulated in Table 2 for com­
parison with the measured values. 

Earth Pressure Caused by Truck Loads 

When the trucks were on the bridge deck, the soil pressure 
behind the abutments increased or decreased depending on 
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the location of the loading and the location of the pressure 
measurement. In general, at the obtuse side of the abutment, 
there was an increase, whereas on the acute side there was a 
decrease in pressure. The pressure readings caused by tem­
perature changes during testing were of the same magnitude 
or larger than the load response readings. The maximum pres­
sure increase measured at any cell was 35 lb/ft2 , but the max­
imum decrease was higher at 53 lb/ft2. These low pressures 
are indicative of the very little movement of the abutments 
in response to the loading. The pressures were higher when 
the trucks were on the approach slabs. 

MONITORING BRIDGE BEHAVIOR 

Monitoring of the strain in the steel, soil pressure at the back 
of the abutment, and temperatures of the soil, water, and air 
was started on a regular basis on December 2, 1989. Contin­
uous readings of all instruments were taken every 6 hr-at 
midnight, 6 a.m., noon, and 6 p.m.-during the monitoring 
period beginning December 2, 1989 and ending June 6, 1990. 
Some small gaps in monitoring caused by minor equipment 
malfunctions or problems with data transfer occurred during 
this period. Intermittent monitoring was conducted before 
December 2, 1989. The days of monitoring are numbered 
using January 1, 1989, as Day 1. 

Air Temperatures 

Air temperatures were monitored by the RTDs mounted on 
the steel below the deck. These gauges are shielded from the 
direct rays of the sun by the concrete deck, and the temper­
atures are most likely moderated somewhat by the presence 
of the steel and the river. Although they may be less extreme 
than those occurring in the open, these temperatures are be­
lieved to be representative of the steel and adjacent air. The 

56 

54 

52 
./ 11/1/89 

16::" 
50 

48 

46 

~ 44 

~Cl\.. ./ 111/90 

...... ~: ~ 

·4h~ .. 
'i 42 
::> 
iii 40 
Gi 

38 C1. 
E 
CD 36 .... 

34 

32 

"" ~ ~ El566 

~'Ji( 
"+'\..' ~E1571 

.... '-Mc -
\ ~"'-.. -- .... --........ 

30 

28 
El 577 • ~' - - ........ ~~ 

26 

24 

22 

\ 
_, 

.... 
~'- ........, ... "' ~"" 

._.5! .. ~ .. • 
i,...-"' 

\ .I' 
v 

TRANSPORTATION RESEARCH RECORD 1371 

u._ 

:40t--t---1r:T---lhhtT-t--TI-Hl~lt-fL'llf-Y 

~ 2ott---iJ!\ll\ff..lff-m!JHl-it-11l~--l----i 
~ 
5 O~Hhll\li!-+-J!---ff~-ff----'-+--+-----l 
a_ 

~-201z--'-lt----t--t----+---t----i 

-401'1---t----t--t----+---t----i 

-60,.,.,.,,mon-j-n-,-,,,,,-rf"CTTTITTTif"n,...,.,.nf=T"rn"n~=nj 
336 367 398 429 460 491 522 

DAYS 

FIGURE 5 Air temperature at 
the Forks. 

average air temperatures plotted in Figure 5 show a relatively 
cold December 1989 and a relatively warm January 1990. The 
coldest recorded air temperature at the bridge for this period 
was -27°F on December 30, 1989 (Day 364), at 6 a.m. The 
most dramatic change in temperature occurred on December 
31, when the temperature changed 55°F in 36 hr to a tem­
perature of 28°F at 6 p.m. Temperature increased steadily 
from approximately March 6, 1990 (Day 430). 

Temperature of Fill Behind Abutments 

The Kennebec River does not freeze in the channel beneath 
the bridge. The bottom cell, which· is 24 ft below grade, is 
always below the river water level and thus is surrounded by 
water connected through the surrounding gravel to the river. 
The cell that is 5 ft above the bottom cell is submerged pe­
riodically during each day because the river rises following 
daily water releases at the Harris Dam upstream. 

Temperatures measured directly behind the abutment show 
that freezing occurred in the winter at all elevations above 
the sustained river water level (Figure 6). Since the shallowest 
cell was 7 ft below grade and the deepest that froze was 19 
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ft below grade, one can conclude that the freezing front pen­
etrated the thick abutment concrete. The temperature at the 
bottom cell never went below freezing, which confirmed that 
the surrounding water was in contact with the Kennebec River, 
which is not frozen at the bridge location. 

As can be noted from Figure 6, the freezing in the soil 
behind the abutment first occurred at the highest elevation 
on about Day 340, which is at the end of the first week of 
December 1989. At that time the river temperature was ap­
proximately 39°F. By the third week of December the soil 
adjacent to the second cell from the bottom, which was in­
undated with river water, was frozen. December 1989 was 
much colder than normal; thus, the extent of freezing that 
occurred probably will not be duplicated for many years. 

The warmer weather that occurred in January 1990 was 
reflected in the temperatures behind the abutment, which 
climbed several degrees during the first 2 weeks of January, 
as can be noted from Figure 6. The soil behind the abutments 
remained frozen until the end of the first week of April 1990, 
or approximately for 4 months. 

No measurements were made between the elevation of the 
top cell and the surface. It is anticipated, however, that the 
temperature in this 7 ft may fluctuate more with the daily air 
temperature than at greater depths. It is also possible that 
more extreme cold temperatures were experienced in Decem­
ber in this upper region. 

Soil Pressure 

The average pressure measured at the elevation of each cell 
is plotted against time in Figure 7. As can be noted from 
Figure 7, most pressure changes appear to be related to tem­
perature changes and the changes in length of the bridge that 
these temperature changes cause, fluctuations in the river 
water levels, and frost buildup. 

The fill behind the abutments started on November 2, 1989, 
and was almost completed in 1 week. For the period from 6 
p.m. on November 19, 1989, to 11 a.m. on November 21, 

Day 

425 455 485 515 545 

pressure measurements taken at Y2-hr intervals (Figure 8) 
clearly show the rise and fall of the water levels at the bottom 
cells. Cell 7 is the one covered by the screen; it measures only 
water pressure. 

Temperature variation affects soil pressure because of the 
resulting bridge deck expansion and contraction. The move­
ment of the abutments is greater at the top next to the deck, 
and thus pressure changes should vary with depth. Although 
the approach fill was completed late in the fall, there is still 
a reduction in pressure in response to the cooling from No­
vember 8 to November 20, 1989, as can be noted from Figure 
7. Frost effects at the elevation of the load cell second from 
the bottom dominated that level's pressure changes and are 
discussed separately. Between March 26 and the end of this 
monitoring period on June 6; the pressure increased, as can 
be noted from Figure 7; this increase varied with depth. For 
the lowest elevation, there was little . to no seasonal change, 
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FIGURE 8 Pressure versus time, %-hr intervals. 
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since the influence of the deck movement has little effect at 
this depth. By June 6 pressures at all depths were practically 
the same because the expansion of the deck at the top in­
creased the upper pressures. 

Superimposed on the seasonal changes shown in Figure 7 
are pressure changes related to weather periods, typically of 
1 day to a week.· At the smallest scale are daily fluctuations 
as the day to night temperature changes. The mean air tem­
perature difference from 6 a.m. to 6 p.m. for this entire period 
is l5°F. 

The most unexpected and significant effect monitored was 
the frost buildup at the elevation of the second cells from the 
bottom. This frost buildup was not expected because the soil 
behind the abutment was free draining and considered a frost­
free material; the percentage of fines is less than 1 percent. 
The mechanism for the frost buildup appears to be related to 
the change of the river water level, which is typically 7 ft and 
occurred more than once a day. The frost buildup occurred 
in this zone, which was alternately saturated and then drained. 
The pores caused by filling with ice are fine enough so that 
frost buildup begins and keeps occurring as long as the ground 
stays frozen. The frost buildup began about January 1, 1990, 
although freezing temperatures had been at the frost buildup 
level for almost 2 weeks. 

Although freezing occurred at all levels except below the 
sustained river water level, there was no indication that freez­
ing was deep enough to affect the stress-strain properties of 
the soil as felt by the abutment. It is possible that there was 
a change in the soil properties in the upper 5 ft of the approach 
fill. This depth would be frozen at all points and not just near 
the abutment wall. 

Skew Effects 

One of the purposes of installing multiple lines of pressure 
gauges was to detect pressure differences that may occur be­
cause of the bridge skew. There was a higher pressure on the 
obtuse side relative to the acute side, which indicates that 
there is more movement of the bridge into the soil on the 
obtuse side than on the acute side. These lines are at only 10 
ft from the bridge centerline, and it is possible that the dif­
ference is greater at greater distances from the bridge center­
line. 

ABUTMENT SOIL PRESSURE COMPARED WITH 
DESIGN ASSUMPTIONS 

For the design of the Forks Bridge, it was anticipated that 
the expansion of the bridge deck would push the abutment 
into the approach fill. It was also recognized that this move­
ment would occur primarily near the top. The envelope pres­
sure shown in Figure 9, which was established for design in 
1986, was based on this anticipated behavior and on results 
for rigid frame bridges in Sweden and Britain (1). The en­
velope combined the Rankine passive pressure to one-third 
of the depth with the at-rest pressure at the bottom of the 
abutment wall. The passive pressure was used, although it 
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FIGURE 9 Earth pressure versus depth. 

was realized that the full passive pressure would probably not 
be developed for the expected movement associated with the 
deck expansion. A unit weight of 115 lb/ft3 , an at-rest coef­
ficient of 0.41, and a passive coefficient of 3.85 were used to 
obtain the design pressure. 

Two limiting cases obtained from the monitoring conducted 
between November 1989 and June 6, 1990, are plotted in 
Figure 9. One case is the maximum frost pressure and the 
other case is the maximum pressure found caused by summer 
heat up to June 6. The frost condition was unanticipated in 
the original design, but the conservative design envelope did 
cover the frost pressure for the 1989-1990 winter. All mea­
sured pressures up to June 6, 1990, are within the design 
envelope. However, the measured values based on one winter 
and on part of a summer do not represent the most severe 
values that will be encountered at the bridge. 

CALCULATED STRESSES IN STEEL FRAMES 

Two earth-pressure distributions behind the abutments were 
recommended based on the readings from the pressure cells 
during the monitoring period (Figure 10). One of these distri­
butions is for the summer and the other is for the winter. 

The three-dimensional finite element model of the bridge, 
described earlier, was used to calculate the axial forces and 
bending moments in the steel frames caused by the summer 
and winter earth pressures. The stresses caused by these forces 
and moments were calculated at the locations of the gauges. 
The maximum stress calculated did not exceed 0.8-kip/in2

• 

The 0.8-kip/in2 stress corresponds to a strain of 0.000028, 
which is within the error tolerances of the strain readings. 
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FIGURE 11 Strain readings, Gauge 405. 

STRAIN READINGS OF STEEL FRAMES DURING 
MONITORING 

Not all the gauges were functional; however, there is more 
information than is needed. More strain gauges were installed 
in anticipation that some of them would not function. 

The readings from two strain gauges on one of the two 
intermediate frames, one on the girder top flange and the 
other on the bottom flange at midspan (Gauges 405 and 406, 
respectively), over about 6 months are plotted in Figures 11 
and 12. The readings from the two gauges are almost identical, 
which indicates a more or less uniform expansion and con­
traction of the bridge. Furthermore, the strain readings follow 
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FIGURE 12 Strain readings, Gauge 406. 

the temperature variation (Figure 13). In Figure 13 third­
degree polynomial curves are fitted to the temperature and 
strain readings as shown. It is evident that the measured strains 
are mostly caused by free thermal expansion and contraction 
of the bridge, thermal output from the gauges, thermal effects 
on the gauge factor, and resistance of strain gauge wires. 
In Figure 13, one can note the effect of the compressive 
strains from the soil pressure during the last month, as indi­
cated by the higher rate of the temperature increase com­
pared with the rate of strain increase during that month. 
In summary, the strains in the steel frames caused by 
soil-structure interaction are very small and can hardly be 
noted. 
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CONCLUSIONS 

522 

522 

1. To eliminate the center pier for rafting safety and to 
avoid scour problems, the Forks Bridge has been designed as 
a rigid frame with integral abutments. Since this design is a 
first for the state of Maine, performance experience, espe­
cially under freezing conditions, is lacking. To improve design 
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for future bridges and to check the present design assump­
tions, a performance monitoring program was established to 
be conducted for 3 years. 

2. An economical data acquisition system that is able to 
read, store, and transmit all monitoring signals from the in­
struments at the Forks Bridge was assembled from off-the­
shelf components. Currently, all instruments are read by the 
data acquisition system every 6 hr, and the data are down­
loaded at Orono every 2 weeks, although up to 6 weeks of 
data can be stored at this frequency of readings. 

3. Strains in the steel frames caused by the weight of the 
concrete deck and truck load tests conducted after the bridge 
completion were measured. Agreement between the mea­
sured and calculated strains are reasonable for all practical 
considerations. 

4. The Forks Bridge moves in response to temperature 
changes, but as the bridge expands, the level of soil resistance 
behind the abutment gives minor stresses in the steel frames. 
The movements of the abutments were largest at the top and 
appeared to be little or none at the level of the footing. Al­
though the concrete deck was connected to the steel girder 
by shear connectors, there were no indications of any appre­
ciable stresses caused by differential thermal movements of 
the concrete and the steel. 

5. Frost pressures were measured in the non-frost-susceptible 
fill in the zone of fluctuating river water levels. The frost was 
not detected outside this approximate 7-ft fluctuation level. 

6. Although the concrete abutment was about 8 ft thick, 
the freezing front penetrated into the backfill behind the abut­
ment by mid-December 1989 and remained until April 9, 
1990. 

7. The 12-in.-thick approach slab that is keyed into the 
concrete abutment provides a bridge over gaps that will de­
velop between the abutment and the backfill during shrinkage 
of the deck in colder weather. It also provides a compression 
resistance of approximately 1,600 lb/ft2 for the upper 1-ft of 
the abutment during deck expansion as it drags on the under­
lying soil. During deck shrinkage, it should provide a tensile 
resistance of the same magnitude. 

8. The bridge has a 20-degree angle of skew. Although the 
results are different at the obtuse comers from those at the 
acute comers (larger forces at the obtuse comers), the dif­
ferences are not excessive. 
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Generalized Approach to Design of 
Posttensioned Concrete Anchorage Zones 

DAVID H. SANDERS AND JOHN E. BREEN 

The current provisions for the design of posttensioned concrete 
anchorage zones in AASHTO's bridge design specification state 
only that designers should limit the average bearing pressure ahead 
of the anchorage device to less than 3,000 lb/in. 2 or 0.9f;; (f;; is 
the initial concrete compressive strength), whichever is smaller. 
The specification does not give any guidance for other forces in 
the anchorage zone, which in many cases are critical. A research 
project funded by NCHRP and conducted at the University of 
Texas at Austin was initiated in 1984 with the primary objective 
of developing a rational and systematic approach to anchorage 
zone design that could be implemented in the AASHTO bridge 
specification. The project is completed, and the process of sub­
mitting provisions to AASHTO is under way. The proposed pro­
visions provide guidelines for both ultimate and service limit states. 
It is proposed to divide the anchorage zone into a local zone and 
a general zone, to require an acceptance test for anchorage de­
vices with high bearing stresses, and to implement design pro­
cedures for the general zone that can use a strut-and-tie model, 
finite element analysis, or approximate equations, or all of these. 
An introduction into the project and those provisions that are 
being proposed to AASHTO are presented. 

In the 1950s and 1960s extensive research on anchorage zones 
for posttensioned concrete members was conducted (1-6). 
Most researchers used theory-of-elasticity-type analysis and 
small anchor block tests to investigate anchorage zone forces 
and stresses. These studies gave a basic understanding of the 
forces in simple anchorage zone configurations. The theories 
and charts developed by Guyon (7) in the 1950s are still often 
used in the design of concentric, multiple, and eccentric an­
chorage zones. However, when anchorage zone configura­
tions are more complex, engineers have difficulty extrapo­
lating from these basic results. In the 1970s the situation 
improved somewhat as the use of finite element analysis (FEA) 
became more common. Yet, many times, this type of analysis 
is too time consuming, expensive, or difficult to translate into 
reinforcement patterns. In the late 1970s and early 1980s, a 
study by Stone and Breen (8,9) provided empirical equations 
for the design of single anchorages in thin members but did 
not provide a generalized approach. 

In 1987 an article by Schlaich et al. (JO) helped to focus 
attention on the importance of a consistent and rational ap­
proach to design. The article introduced the concept of D­
and B-regions within a structural system and utilized the strut­
and-tie model (STM). B-STM regions are zones in which 
Bernoulli's theory of plane strain is valid. D-regions ( discon­
tinuity, disturbed, or detailed) are zones in which the strain 

D. H. Sanders, Department of Civil Engineering, University of Ne­
vada, Reno, Nev. 89557. J. E. Breen, Ferguson ·structural Engi­
neering Laboratory, 10100 Burnet Road, Room 24, University of 
Texas, Austin, Tex. 78758. 

distribution is significantly nonlinear. These regions are near 
concentrated loads (anchorage zones in posttensioned con­
crete), corners, and openings. Even though the STM can be 
used in both D- and B-regions, it is especially useful in D­
regions where few rational techniques are available. The use 
of the STM for anchorage zone design was first introduced 
by Morsch in the 1920s but has not been used extensively. 

A rational and systematic approach to anchorage zone de­
sign is critical for maintaining a consistent factor of safety. A 
survey of design engineers around the world conducted by 
the Comite Euro-International du Beton (CEB) in 1987 helped 
to indicate the wide variability that occurs in the factor of 
safety (11). Engineers were asked to design a beam having 
six anchorages applying a total force of 2700 kN (607 kips), 
each according to their own national code or handbook. For 
instance, asked to calculate the bursting force (that is, the 
force caused by the spreading of the applied concentrated 
load), engineers provided results ranging from 49.5 kN (11.1 
kips) to 440 kN (98.9 kips), with an average of 192 kN (43.3 
kips). Calculations of the.length of the bursting zone and the 
cross-sectional area of the reinforcement needed to carry the 
bursting force showed similar variations. The survey makes 
it clear that progress in the current state of the art in design 
of anchorage zones is not a matter of refining 5 or 10 percent, 
but rather is at the point of reducing differences of as much 
as 500 percent. 

In the United States there are other issues as well. There 
is not a consistent division of responsibility for the anchorage 
zone between the anchorage device supplier, the engineer of 
record, and the contractor. This inconsistency and the con­
fusion that often results increase the potential of having a 
design that does not provide adequate section size or rein­
forcement to ensure a safe force path for the posttensioning 
force when the final approval is given by the engineer of 
record. 

The current anchorage zone design provisions of AASH­
TO's bridge design specification (12) state only that designers 
should limit the average bearing pressure ahead of the an­
chorage device to 3,000 lb/in. 2 or 0.9f'c;, whichever is smaller. 
(The symbol f ;; is the concrete compressive strength at stress­
ing). It gives no. guidance for other forces in the anchorage 
zone, which in many cases are critical. A research project was 
initiated and funded in 1984 by NCHRP and conducted at 
the University of Texas at Austin with the primary objective 
of developing a rational and systematic approach to anchorage 
zone design that could be implemented in the AASHTO bridge 
specification. In seeking to properly define responsibilities, 
both the legal traditions of engineering responsibility and the 
physical behavior of the anchorage zones were exar_nined. An 
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approach was found that closely relates these two seemingly 
different considerations. The purpose of this paper is to pro­
vide a brief review of the findings from that project and an 
introduction to the provisions that are being proposed to 
AASHTO. 

DESIGN APPROACH 

A concept central to the design approach developed is the 
division of the anchorage zone into a local zone and a general 
zone (see Figure 1). This concept came from the results of 
the elastic FEA done by Burdet (13), which indicated that 
stresses in the zone immediately ahead for the posttensioning 
bearing surface and within the lateral dimension of the an-· 
chorage device were essentially the same regardless of the 
type of anchorage configuration (concentric, eccentric, in­
clined, multiple, etc.). 

The local zone is defined as the volume of concrete sur­
rounding and immediately ahead of the anchorage device, 
throughout which the force applied to the anchorage device 
is transferred to the general zone. The local zone includes 
any confining reinforcement required by the specific anchor­
age device. The local zone must resist the very high local 
pressures introduced by the anchorage device. Its behavior is 
strongly influenced by the specific characteristics of the an­
chorage device and its confining reinforcement, and consid­
erably less influenced by the geometry and loading of the 
overall structure. 

The general zone is defined as the volume of concrete through 
which the lateral spreading of posttensioning forces occurs 
from the highly concentrated load at the anchorage device to 
a more linear force distribution across the entire cross section 
at some distance from the anchorage device (D-region) (the 
so-called Saint Venant Region). In the general zone, the 
spreading of forces and the induced tensile stresses are the 
major design considerations. The sections in Figure 1 are two­
dimensional representations of the anchorage zone. The an­
chorage zone is analyzed by analyzing each of the principal 
planes. 

By defining the local zone and the general zone, it is pos­
sible to attribute the various responsibilities for the proper 
performance of the anchorage zone to the engineer of record, 
the anchorage device supplier, and the constructor. The en-
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~ General Zone 
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FIGURE 1 Local and general zones, Sections A-A and B-B. 
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gineer of record is responsible for (a) the overall design for 
both the service and ultimate limit states, (b) the. approval of 
the local zone details usually based on test data submitted by 
the anchorage device supplier, and ( c) the design or approval 
of working drawings for the general anchorage zone, including 
the specific locations of the tendons, anchorage devices, and 
general zone reinforcement and for the specific stressing 
sequence. 

The anchorage device supplier is responsible for (a) fur­
nishing adequate hardware devices; (b) specifying the re­
quired auxiliary and confining reinforcement, minimum-edge, 
and center-to-center distances; and (c) specifying the mini­
mum concrete strength for stressing to ensure the proper per­
formance of the local zone. 

The constructor is responsible for (a) the proper placement 
of all materials and (b) the correct performance of all stressing 
operations according to the design documents of the engineer 
of record and the requirements stipulated by the anchorage 
device supplier. 

The posttensioned anchorage zone design provisions pro­
posed for the AASHTO bridge specification incorporate a 
limit states approach by using the load and resistance factor 
technique for strength calculations in conjunction with service 
and detailing checks. A load factor of 1.2 was selected for 
use with the maximum tendon jacking force (0.8f;A:) (t's is 
the ultimate strength of the prestressing steel and A: is the 
area of the prestressing steel). This results in a design force 
0.96 times the nominal ultimate strength of the tendon, which 
is essentially the maximum force that can be applied to a 
tendon before the grips fail. A <!>-factor of 0.85 was selected 
for anchorage zones when normal weight concrete is used and 
0. 70 for lightweight concrete. The factor reflects the impor­
tance of the anchorage zone, the brittle compression failures 
that can occur, and the relatively wide scatter of the experi­
mental results. The overall factor of safety (load factor/<!> = 
1.2/0.85 = 1.41) is essentially the same as that recommended 
by the International Federation of Prestressed Concrete (FIP) 
(14). 

Local Zone 

In the project, to assist in the development of the proposed 
specification, the large preexisting data base was examined 
by Roberts (15). In addition, 31 tests were performed that 
investigated the effects of spiral and tie size, spacing and 
length, anchorage size and type, and concrete strength. 

Roberts concluded that to satisfy service and safety re­
quirements, anchorage devices must be divided into two groups: 
(a) those with reasonable stiffness and an average bearing 
stress at ultimate of less than 0.7cj>f;;~ (A is the maxi­
mum area of the supporting surface that is similar to and 
concentric with the loaded area, and A 8 is the gross area of 
the bearing plate) and 2.25<!>[;;; and (b) those with higher 
bearing stresses. Anchorage devices in the first group are 
called basic anchorage devices. They are limited to a level of 
bearing stresses that provide good service and ultimate load 
performance without auxiliary confining reinforcement, and 
they can be used without further testing. Anchorage devices 
in the second group are called special anchorage devices, and 
they must pass an acceptance test. (Most anchorage devices 
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are in this category.) For an anchorage device system to pass 
the acceptance test proposed, the crack widths must remain 
below certain limits at several load stages and the anchorage 
must be.able to reach either (a) 1.2 times the ultimate load 
of the tendons when tested with a long-term (48-hr) testing 
procedure or a cyclic testing procedure; or (b) 1.3 times the 
ultimate load of the tendons with a monotonic testing 
procedure. 

General Zone 

The design procedure for the general zone must also satisfy 
service and ultimate limit states. Unlike the local zone-in 
which generally there are a limited number of practical con­
figurations-the general zone has a wide range of acceptable 
configurations. Therefore, it is impossible to use an accep­
tance test. Design procedures must ensure proper perfor­
mance. Basing the service limit state on a crack-free perfor­
mance is unrealistic because of the complex stress state, the 
effects of shrinkage and restraints, and the reticence of relying 
on tensile concrete strength. Therefore, in the proposed spec­
ification, the service limit state has been addressed by pro­
viding guidelines for reinforcement to control cracking to within 
acceptable limits. 

Recommended Design Methods 

The proposed provisions describe three methods for deter­
mining ultimate capacity of the anchorage zone: (a) FEA, (b) 
STM, and (c) approximate equations. In each of these pro­
cedures, all possible failure modes must be checked, that is, 
compressive failure of the concrete and tensile or develop­
ment failure of the reinforcement. The compression failure 
in the general zone will in most cases occur immediately out­
side the confined local zone or at a change in thickness within 
the section. 

Finite Element Analysis 

FEA allows the calculation of the elastic flow of forces [see 
Figure 2 (left) and paper by Burdet (13)], compatibility stresses, 
and the compression stresses from stress trajectories. The 
compressive stresses determined are compared with the max­
imum permissible stress of 0.7<f>f~;· The location and magni­
tude of the bursting force may be obtained by integrating the 
bursting stresses along the tendon path. However, the time 
required to input data and the overall cost can make FEA 
expensive. 

Strut-and-Tie Model 

STM is a lower-bound plasticity model that has the advantage 
of showing clearly the design forces necessary for tension 
reinforcement as well as indicating a plausible force path for 
the prestress force from the anchorage device into the mem­
ber. The STM consists of compression struts, tension ties, and 
nodes (intersection points). Figure 2 (middle) shows a simple 
STM that crudely represents the force flow, whereas Figure 
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FIGURE 2 Concentric anchorage analysis comparison: left, 
elastic stress; middle, single-tie STM; right, multiple STM 
trajectories (12). 

2 (right) shows an STM that more closely models the pattern 
of the compressive force and tension force distribution. The 
centroids of tie Tin Figure 2 (middle) and group of ties T1 , 

T2 , and T3 in Figure 2 (right) are approximately at 0.5h. The 
ties represent the location of the reinforcing bars. Tests showed 
that either model is acceptable (16). 

An STM is sketched by following the compression force 
paths and satisfying equilibrium. The model can be developed 
by intuition or in complex cases by following the results of 
an FEA. The model uses the elastic stress distribution at the 
end of the general zone to determine the location and mag­
nitude of the compression struts. It is not critical that the 
tension ties be located exactly at the elastic centroid of the 
tension stresses. The STM allows flexibility in the placement 
of the tension reinforcement. The STM has the adaptability 
to be used for the design of many different geometries and 
loading configurations. 

The potentially complex aspect of the STM is the checking 
of the compression capacity of the struts and nodes. The size 
of the compression struts and nodes must be estimated. The 
special anchorage device local zone is assumed to be an ac­
ceptable node, if sufficient capacity exists at the local zone­
general zone interface. Tension ties must be developed at the 
other nodes. In addition, since the STM is an equilibrium­
based model, it does not accurately model the forces that are 
needed only to satisfy compatibility conditions [see Figure 2 
(left and middle), spalling stresses]. Rules are given in the 
proposed specification for estimating the magnitudes of these 
compatibility forces, which are typically small. 

Approximate Methods 

The use of approximate equations can be a quick and easy 
way to design an anchorage zone as long as the assumptions 
of the equations are met. The extrapolation of an approximate 
equation to a more complex anchorage zone can produce 
unconservative designs. The proposed approximate equations 
are limited to members with (a) a rectangular cross section, 
(b) an anchorage zone length equal to at least the largest 
dimension of the cross section, (c) no discontinuities within 
or ahead of the anchorage zone, (d) only one anchorage de­
vice or one group of closely spaced anchorages, ( e) straight 
tendons within the anchorage zone, and (f) a minimum-edge 
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distance for the anchorage in the main plane of the member 
of at least 1.5 times the corresponding lateral dimension of 
the anchorage device. 

The approximations for the compressive stresses at the in­
terface between the local zone and the general zone are cal­
culated using Equations 1 and 2, whereas the approximations 
for the bursting tension force needed are calculated using 
Equations 3 and 4. 

0.6Pu 1 
!ca = K Aeff ( 1 1) 

l+l ---
c beff t 

(1) 

K = 1 + (2 -~) (o.3 + .!!.._) 
aeff 15 

K = 1 for s ;::: 2aeff (2) 

Tburst 0.25 LP. (i -*) + 0.5 Va (3) 

dburst = 0.5(h - 2e) + Se sina (4) 

where 

~Pu sum of factored tendon loads, 
Va shear force in anchorage zone at time of stressing, 

a = lateral dimension of anchorage device or closely 
spaced group of anchorages, 

e = eccentricity of the anchorage device or group from 
section centroid (always positive), 

h lateral dimension of cross section being consid­
ered, and 

a angle of inclination of resultant of tendon force 
with respect to the centerline of the member, pos­
itive for concentric tendons or if anchor force points 
toward the centroid of section (must be between 
- 5 and 20 degrees). 

VERIFICATION OF GENERAL ZONE DESIGN 
PROCEDURES 

A physical testing program was developed to verify the design 
procedures that use the STM, FEA, and approximate equa­
tions. Using tests to verify procedures instead of to develop 
empirical expressions enabled the researchers to test a wide 
variety of specimens with few replicates. This seemed to be 
the best use of limited resources. 

Testing Procedures 

The program was divided into two phases. Phase A focused 
on end-type anchorages and consisted of 36 general zone phys­
ical specimens reported by Sanders (16). Anchorage location 
and reinforcing patterns were varied (concentric anchorage 
with both prestressed and nonprestressed reinforcement, ec­
centric anchorage, multiple anchorages, and anchorages with 
inclination and tendon curvature). In Phase B, a total of 14 
general zone specimens (specimens with intermediate an­
chorages, anchorages in beams with support conditions per-
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pendicular to the posttensioning force, and anchorages in blis­
ters, ribs, and diaphragms) were reported by Wollmann (17) 
and 6 slab specimens (each with multiple anchorage tests) 
were reported by Falconer (18). The test specimens were 
designed using the STM to proportion the general zone re­
inforcement after using FEA (13,17) to indicate the stress 
fields. The critical reinforcement in each test specimen was 
instrumented. Crack development and ultimate loads were 
recorded. The specimen results were compared with the de­
sign models. 

Basic STM 

Examples of STM appear in Figures 3 and 4. These were 
constructed assuming an elastic stress distribution at the end 
of the general zone. For eccentric anchorages with the re­
sultant force outside the kern [see Figure 3 (left)], a tension 
force occurs on the outer longitudinal edge fibers farthest from 
the anchorage device (tension tie T2). To keep crack sizes 
small, the spalling force (T3) is located very close to the ex­
terior surface, a distance from the loading surface approxi­
mately equal to the width of the anchorage plate divided by 
four. The use of tendons with curvature adds radial forces 
along the tendon path. These forces act as a distributed load 
perpendicular to the tendon path with a value equal to the 
tendon load divided by the radius of curvature of the tendon. 
The radial forces can be modeled as forces being applied to 
the compression struts [see Figure 3 (right)]. Tie-back rein­
forcement used to carry the radial forces back across the 
tendon path are modeled as tensile forces applied to the 
compression strut [see left compression strut in Figure 3 (right)]. 
An example of an STM when multiple anchorages are close 
together is shown in Figure 4 (left), and Figure 4 (right) shows 
two anchorages that are far enough apart to cause a major 
spalling tension force (T3) to develop along the loaded surface 
in the concrete. As with the spalling force in Figure 3 (left), 
the forces C7 and T3 are very close to the loading surface. 

Once the designer determines the basic shape of the STM, 
which implicitly assumes a particular reinforcement distribu­
tion, the equally important task of defining the size and ca­
pacity of the compression struts and nodes must be done. The 
local zone surrounding the anchorage device contains the node 
that transfers the tendon force onto the concrete. In this and 
several previous studies, a pyramid or cone was observed 
under the loading plate when a bearing failure occurred; 
therefore, a pyramid was assumed for the shape of the local 
zone node. The idealization of the pyramid shape in a prin­
cipal direction for a concentric anchorage zone appears in 
Figure 5. The compression struts initiate from the local zone 
node. 

In most anchorage zone configurations, the struts will widen 
and the stresses will decrease with distance from the anchor­
age device. The spreading of the struts is why Schlaich et al. 
(10) describe some nodes as discrete and others as smeared. 
The two nodes [see Figure 2 (middle)] near the bearing surface 
are discrete nodes; they are confined to a small area and have 
high concentrated forces. The two nodes shown further away 
from the anchorage device are shown as two dots but are 
actually smeared nodes spread over a much larger area. Proper 
reinforcement detailing is necessary for both node types to 
ensure that reinforcement can be fully developed at the node. 
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FIGURE 3 Eccentric anchorage STM: left, straight tendon outside kern; right, curved tendon with 
anchorage· inclination. 

I + + I 
c 

FIGURE 4 Multiple anchorage STM: left, closely spaced 
anchors; right, widely spaced anchors. 

However, discrete nodes must also be checked for concen­
trated compressive stresses, whereas smeared nodes have dis­
tributed compressive stresses and do not need to be checked. 

The width of the compression strut is assumed to be equal 
to twice the distance from the tendon axis to the centerline 
of the strut as measured normal to the strut axis (see Figure 
5). This is assumed because (a) the two struts cannot overlap 
at the tendon axis; and (b) a uniform stress distribution is 
assumed for the strut, which defines .the exterior boundary 
since the centroid of the strut is known. Three locations are 
critical for verifying the strut capacity: (a) the interface be­
tween the node and the strut where a portion of the strut is 
typically unconfined; (b) the interface between the local zone 
and the general zone where the strut leaves the local zone 
and enters the general zone (the strut is assumed fully un­
confined); and (c) at sections where thickness changes and 
increases in the strut stresses can occur. For design purposes, 

FIGURE 5 Idealized concentric node. 

the certification of the special anchorage device provided by 
the anchorage device supplier is used to check the adequacy 
of the interface between the node and the strut. The engineer 
of record must check the compressive stresses at the local 
zone-general zone interface. The location of the local zone­
general zone interface can be assumed to be at a distance 
equal to one times the lateral dimension of the anchorage 
device away from the bearing surface or the end of the con­
fining reinforcement, whichever is closer. This assumption 
provides the best correlation with the experimental results 
when using a concrete compressive stress limit of 0.7f'c;· 

The STM is a lower-bound model based on the theory of 
plasticity and was found to be a conservative way of estimating 
the ultimate strength of the specimens. The average of the 
test ultimate strength divided by the STM prediction for the 
specimens in Phase A (end-type anchorage zones) was 1.50 
(see Table 1) with a coefficient of variation of 0.32 (16) when 
assuming the critical depth for the local zone-general zone 
interface at the end of the local zone confining spiral. Setting 
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aside Specimen B5, which had no general zone reinforcement 
and hence is really outside the scope of the STM, only one 
specimen was unconservatively predicted. This was Specimen 
B2, where the prediction was one percent unconservative, 
possibly because its bursting reinforcement was very deep 
within the section. (The distance from the loaded surface to 
the centroid of the bursting reinforcement divided by the 
section width was equal to 0.84.) If the critical depth for the 
local zone-general zone interface is placed at a depth equal 
to the lateral dimension of the anchorage device, then the 
average of the test ultimate divided by the STM prediction 
for the specimens only changes slightly to 1.52 with a coef­
ficient of variation of 0.31. More details on reasons for this 
assumption are given in the next section. 

Care should be taken not to place reinforcement, which is 
depended on to carry bursting tension, too far from the an­
chorage device. If reinforcement is placed too deep within 
the section, additional cracking must occur for this reinforce­
ment to become active. This increased cracking could cause 

TABLE 1 Phase A: Basic STM Results (16) 

LZ-GZ Interface 
at End of Spiral 

Test STM Prediction 
Name Ultimate Mode Load 

Al 298 N-S 195 
A2 275 N-S 190 
A3 265 N-S 204 
A4 437 N-S 306 

Bl 366 T-Tie 299 
B2 290 T-Tie 292 
B3 331 T-Tie 296 
B4 8 337 T-Tie 277 
B5 212 LZ-GZ 218 
B6 297 Bea:r;ing 218 
B7 296 T-Tie 269 
BS 276 T-Tie 252 

Cl 370 T-Tie 192 

TPTl 310 T-Tie 180 
TPT2 300 T-Tie 2S3 
TPT3 370 T-Tie 247 
TPT4 332 T-Tie 23S 

El 47S Bear.tng 404 
E2 soo Bear+ng 445 
E3b 522 Bear+ng 453 
E4 soo Bea:r;ing 434 
ES 332 T-Tie 238 
E6 348 T-Tie 259 

Ml 304 T-Tie 189 
M2 401 LZ-GZ 322 
M3 364 T-Tie 290 
M4 411 T-Tie 180 
MS 339 T-Tie 202 
M6 300 T-Tie 104 

MEl 3SO T-Tie 226 
ME2 370 T-Tie 261 

Fl 248 T-Tie 133 

I1 423 T-Tie 281 
I2 437 T-Tie 223 
I3 37S T-Tie 262 
I4 420 T-Tie 126 

Average 
Standard Deviation 
Coef. of Variation 
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serviceability problems or reduce compressive strength, or 
both. 

Modified STM 

The strength of several specimens exceeded the basic STM 
prediction, in one case by a factor of 3.3. The cause was sought 
by examining cracking patterns from the physical tests and 
using a step-by-step elastic analysis. It was determined that 
as the anchorage zone cracked along the tendon axis, the 
anchorage zone extended further into the· section and the 
compression struts began to shift closer to the tendon axis 
(see Figure 6). In the physical specimens, this created a more 
plastic stress distribution at the base of the specimens. As the 
struts shift in toward the tendon axis, the posttensioning axial 
capacity (as governed by the tension ties) increases because 
the moment arm of the compression force C1 about Point A 
decreases. The shift of the strut reduces the width of the strut 
at the local zone-general zone interface [Plane a-a in Figure 

LZ-GZ Interface at 
Plate Width from 
Bearing Surf ace 

Test/ STM Prediction Test/ 
STM Mode Load STM 

1.52 N-S 195 1. 49 
1.45 N-S 190 1.45 
1.30 N-S 204 1. 30 
1.43 N-S 306 1. 43 

1.22 T-Tie 299 1.22 
0.99 T-Tie 292 0.99 
1.12 T-Tie 296 1.12 
1.22 T-Tie 277 1.22 
0.97 LZ-GZ 201 1. OS 
1. 36 Bea:r;ing 218 1. 36 
1.10 T-Tie 269 1.10 
1.09 T-Tie 2S2 1.10 

1.93 T-Tie 192 1.93 

1.72 T-Tie 180 1. 72 
1.19 T-Tie 2S3 1.19 
1.50 T-Tie 247 1.SO 
1.41 T-Tie 23S 1.41 

1.17 Bearing 404 1.18 
1.12 LZ-GZ 425 1.18 
1.15 LZ-GZ 438 1.19 
1. lS LZ-GZ 407 1.23 
1.39 T-Tie 238 1. 39 
1. 34 T-Tie 259 1. 34 

1. 61 T-Tie 189 1. 61 
1.25 LZ-GZ 245 1.64 
1.26 LZ-GZ 244 1.49 
2.28 T-Tie 180 2.28 
1. 68 T-Tie 202 1. 68 
2.88 T-Tie 104 2.88 

1.S5 T-Tie 226 1.SS 
1.42 T-Tie 261 1. 42 

1.86 T-Tie 133 1.86 

1.Sl T-Tie 281 1. Sl 
1.96 T-Tie 223 1.96 
1.43 T-Tie 262 1.43 
3.33 T-Tie 126 3.33 

1. 50 1. S2 
0.49 0.48 
0.32 0.31 

T-Tie = Tension Tie Capacity Governs 
N-S = Node-Strut Interrace Capacity Governs 
LZ-GZ = Local Zone-General Zone Interface Capacity Governs 
Bearing = ~ear.tng Capacity Under Anchorage Device Governs 
All Units in kips 

a no bursting stee~ zero tension capacity ignored 
b longitudinal edge tension and spa/ling tension capacity 
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Confined 6 (right)], reducing the posttensioning axial capacity (as gov­
erned by the compression struts). P/2 P/2 
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The configuration of the modified STM (16) is determined 
by locating the strut C1 [distance x in Figure 6 (right)] at a 
position where the STM-predicted ultimate load, assuming 
that the bursting tension ties control, is the same as the STM­
predicted ultimate load, assuming that the compression struts 
control. The location is determined by shifting the assumed 
centroid of the compression strut toward the tendon axis until 
the two loads match. 

FIGURE 6 Basic STM (left), modified STM (middle), and 
comparison (right). 

Even though the modified STM was much more accurate 
for modeling behavior, it predicted unconservatively the ul­
timate strength for 14 out of the 35 specimens (setting aside 
Specimen B5). The average of the ratio between the ultimate 
test load and the predicted load for all the specimens was 1.05 
with a coefficient of variation of 0.20 (see Table 2) (16) when 

TABLE 2 Phase A: Modified STM Results (16) 

LZ-GZ Interface LZ-GZ Interface at 
at End of Spiral Plate Width from 

Bearing Surface 

Test STM Prediction Test/ STM Prediction Test/ 
Name Ultimate Mode Load STM Mode Load STM 

Al 298 N-S 199 1.49 N-S 199 1.49 
A2 275 N-S 204 1. 35 N-S 204 1. 35 
A3 265 N-S 200 1. 33 N-S 200 1. 33 
A4 437 LZ-GZ 335 1.30 LZ-GZ 335 1. 30 

Bl 366 LZ-GZ 440 0.83 LZ-GZ 343 1.07 
B2 290 LZ-GZ 381 0.76 LZ-GZ 305 0.95 
BJ 331 LZ-GZ 416 0.80 LZ-GZ 326 1.02 
B4 a 337 LZ-GZ 429 0.79 LZ-GZ 330 1.02 
B5 212 LZ-GZ 218 0.97 LZ-GZ 201 1.05 
B6 297 Bearing 218 1. 36 Bearing 218 1. 36 
B7 296 LZ-GZ 421 0.70 LZ-GZ 327 0.91 
BS 276 LZ-GZ 405 0.68 LZ-GZ 303 0.91 

Cl 370 LZ-GZ 419 0.88 LZ-GZ 328 1.13 

TPTl 310 LZ-GZ 346 0.90 LZ-GZ 290 1. 07 
TPT2 300 LZ-GZ 376 0.80 LZ-GZ 311 0.96 
TPT3 370 LZ-GZ 432 0.86 LZ-GZ 351 1.05 
TPT4 332 LZ-GZ 401 0.83 LZ-GZ 328 1.01 

El 475 Bear.tng 404 1.18 Bear.tng 404 1.18 
E2 500 Bear+ng 445 1.12 Bear+ng 445 1.12 
E3 b 522 Bear+ng 453 1.15 Bear+ng 453 1.15 
E4 500 Bear+ng 434 1.15 Bearing 434 1.15 
E5 332 Bearing 343 0.97 LZ-GZ 315 1.05 
E6 348 LZ-GZ 339 1.03 LZ-GZ 333 1.05 

Ml 304 LZ-GZ 293 1. 04 LZ-GZ 231 1. 32 
M2 401 LZ-GZ 336 1.19 LZ-GZ 256 1.57 
M3 364 LZ-GZ 355 1.03 LZ-GZ 236 1.54 
M4 411 LZ-GZ 345 1.19 LZ-GZ 280 1.47 
M5 339 LZ-GZ 280 1. 21 LZ-GZ 245 1. 38 
M6 300 LZ-GZ 206 1.46 LZ-GZ 206 1.46 

MEl 350 LZ-GZ 410 0.85 LZ-GZ 328 1.07 
ME2 370 LZ-GZ 374 0.99 LZ-GZ 330 1.12 

Fl 248 LZ-GZ 227 1.09 LZ-GZ 205 1.21 

I1 423 LZ-GZ 349 1.21 LZ-GZ 302 1.40 
I2 437 LZ-GZ 381 1.15 LZ-GZ 335 1.30 
!3 375 LZ-GZ 350 1.07 LZ-GZ 277 1.35 
!4 420 LZ-GZ 343 1.22 LZ-GZ 288 1.46 

Average 
Deviation 

1.05 1.20 
Standard 0.21 0.19 
Coef. of Variation p.20 0.16 

N-S = Node-Strut Interface Capacity Governs 
LZ-GZ = Local zone-General Zone Interface Capacity Governs 
Bearing = ~ear.tng Capacity Under Anchorage Device Governs 
All Units in kips 

~ no bursting steel, zero tension capacity ignored 
longitudinal edge tension and spa/ling tension capacity 
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the local zone-general zone interface was assumed to be at 
the end of the confining spiral. This coefficient of variation 
is similar to that found when estimating the bearing capacity 
of anchorage device systems using compression capacity equa­
tions developed by Roberts (15). Possible reasons for the 
unconservative prediction are (a) a reduction in the concrete 
compression capacity because of the excessive and large crack­
ing, (b) inaccuracies in the strut width approximation, or ( c) 
inaccuracies in the assumed location of the critical local zone­
general zone interface, or all of these. 

When the basic STM was used to predict the capacities of 
the specimens, only 6 of the 36 specimens were controlled by 
compression strut failure. It was difficult to refine the 
compression model using the basic STM. Initially, the location 
of the local zone-general zone interface was assumed to be 
at the end of the local zone-confining spiral, which varied 
between one and two times the anchorage width in the spec­
imens tested. When the depth of the interface was limited to 
the width of the anchorage, the average of the modified STM 
comparison ratio increased to 1.20 and the coefficient of var­
iation dropped to 0.16 (see Table 2). The ultimate strength 
was unconservatively predicted for only four specimens. Those 
that were unconservatively estimated had predicted to actual 
strength ratio values greater than 0.9. Therefore, in the pro­
posed specification, the location of the local zone-general 
zone interface was assumed to be at a distance from the bear­
ing surface equal to one times the lateral dimension of the 
anchorage device or at the end of the confining reinforcement, 
whichever was closer. 

The design of the anchorage zone must provide some degree 
of ductility and plenty of warning before failure. In this re­
gard, an analogy between the modified STM and the basic 
STM can be seen with reinforced concrete beam design. To 
provide ductility and warning before failure, reinforced con­
crete beam design has an upper limit on the amount of flexural 
reinforcement; the design load is based on the yielding of the 
tensile reinforcement occurring before the compression fail­
ure of the concrete. In the anchorage zone tests, extensive 
cracking was typically observed between the failure load pre­
dicted by the basic STM and the actual failure load when the 
bursting reinforcement controlled the design. Thus the basic 
STM provides a warning of failure by predicting the ultimate 
capacity before the extension of the anchorage zone occurs 
and additional redistribution of forces. The modified STM 
predicts the final failure state. At this stage of design pro­
cedure development, the basic STM is desirable for safety. 

CONCLUSIONS 

The major characteristics of the proposed design procedure 
for anchorage zones are 

1. Clear division of criteria into those associated with the 
anchorage device (local zone) and those having to do with 
the overall spread of the anchor forces (general zone); 

2. Flexibility for the engineer of record in choosing an anal­
ysis based on the STM, FEA, or, for certain simpler cases, 
approximate equations; 

3. A rational and systematic approach that examines the 
flow of forces from the anchorage device until the forces have 
spread over the entire cross section; 
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4. A lower-bound plasticity method (basic STM) that is 
highly transparent and provides reasonably accurate results 
while being conservative; and 

5. A clear and logical division of responsibility among the 
anchorage device supplier, engiheer of record, and the 
constructor. 

The current research has established the ground rules for 
a generalized approach to the design of posttensioned con­
crete anchorage zones. The design method an engineer selects 
will depend on the designer's preference as well as the char­
acteristics of the anchorage zone being designed. Each method 
can yield slightly different results, but all will be conservative 
when applied properly and when used with proper reinforce­
ment detailing techniques. 

Detailed reports (12,15-18) are available that document 
the experimental study and the various methods used. A series 
of shorter articles is being developed that will discuss in more 
detail the topics examined in this paper. Several examples 
were presented by the authors at the American Segmental 
Bridge Institute (ASBI) Meeting in Miami, Florida, in De­
cember 1990. Handouts from this meeting are available through 
ASBI (19). Although some small changes have been made in 
the code since they were published, these examples should 
provide a good reference. 
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Lateral-Load Tests of Reinforced 
Concrete Bridge 

MARC 0. EBERHARD, M. LEE MARSH, TOM O'DONOVAN, AND 

GAUKUR HJARTARSON 

Static and dynamic tests were performed on a three-span rein­
forced concrete highway bridge in eastern Washington . The ob­
jectives of these tests was to improve the ability of bridge engi­
neers to assess the vulnerability of similar bridges to earthquakes. 
During a first series of tests, a University of Washington team 
measured the stiffness and strength of the bridge in its unaltered 
state . Large, slowly varying, cyclic loads were applied in the 
transverse direction of the bridge with hydraulic rams; small­
displacement dynamic response was induced with an eccentric­
mass shaker. The bridge was then isolated from the abutments 
and a second series of static tests was performed to measure the 
stiffness, strength , and toughness of the intermediate piers. Pre­
liminary inspection of the measured data indicated that the tests 
provided good data with which to calibrate analytical models of 
bridge response . At a drift ratio (ratio of horizontal deflection to 
clear height of column) of less than 0.15 percent , the bridge 
resisted a transverse force equal to two-thirds the weight of the 
bridge. This large stiffness and strength were attributed to the 
contribution to resistance of the soil at the abutments and to the 
soil surrounding the columns at the intermediate piers. Tests of 
the piers demonstrated that , despite their deficiencies , the piers 
were able to resist forces up to approximately 40 percent of the 
weight of the bridge at a drift ratio of 3 percent. 

Static and dynamic tests performed on a three-span reinforced 
concrete highway bridge in eastern Washington were part of 
a Washington State Department of Transportation (WSDOT) 
research program to assess the seismic vulnerability of multiple­
span state highway bridges built before 1983 and to develop 
economical retrofit strategies. The WSDOT has identified 250 
bridges in seismically active areas with superstructure defi­
ciencies. A total of 85 of these bridges have in-span hinges 
and 165 bridges have inadequate support lengths at piers or 
abutments. Recognizing the vulnerability of bridges with these 
deficiencies , the WSDOT has begun to install restrainers and 
seat extensions in these bridges. An additional 127 bridges 
supported on single-column piers are scheduled to be retro­
fitted within the next 20 years (J) . 

The WSDOT has identified an additional 431 bridges with 
deficient multicolumn piers, similar to those of the test bridge 
(Figures 1 and 2). Common deficiencies in piers include (a) 
bridge columns that have little confinement reinforcement, 
(b) reinforcing splices between column reinforcement and 
footing dowels that are too short and are unconfined, and (c) 
lack of top reinforcement in footings. The California De-

M. 0. Eberhard and G. Hjartarson, Department of Civil Engineer­
ing, University of Washington, Seattle , Wash. 98195. M. L. Marsh , 
Department of Civil and Environmental Engineering, Washington 
State University , Pullman, Wash. 99164. T. O'Donovan , U.S. Army 
Corps of Engineers , Seattle , Wash. 98195. 

partment of Transportation is committed to expeditiously im­
proving the seismic response of bridges with multicolumn piers 
(2). Facing a different seismic threat (3) and political situation, 
the WSDOT has deferred retrofit of multicolumn bents until 
further research has been performed to assess the need to 
retrofit these structures (J) . Research now focuses on iden­
tifying critical deficiencies in substructures . 

The vulnerability of a pier to transverse components of 
ground motion depends on the stiffness and strength of the 
entire bridge , including the effect of abutments , and on the 
stiffness, strength , and toughness of the pier itself. Despite 
its deficiencies , a pier may not require costly modifications If 

FIGURE 1 Test bridge: top, south view; bottom, west bent. 
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transverse displacements of the pier are small and if the pier 
is relatively flexible. In contrast, a pier is likely to be damaged 
during an earthquake if it undergoes large displacements, 
particularly if the pier is stiff and brittle. Data from destructive 
tests of a bridge and of piers provide the opportunity to cal­
ibrate analytical models of bridge response and to improve 
estimates of pier toughness. Both the selection of an analytical 
model and the ductility capacity assumed for piers are critical 
to the decision to retrofit a pier. 
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DESCRIPTION OF BRIDGE 

The test bridge was one of a pair of bridges (Figure 2) con­
structed in 1966 to carry 1-90 traffic across a railroad line located 
188 mi east of Seattle near Moses Lake, Wash. After the railroad 
line was abandoned, the WSDOT decided to eliminate these 
obsolete bridges. During testing and demolition, traffic on the 
south bridge was diverted to the north bridge. To minimize 
traffic disruption, testing was limited to 30 days. 
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FIGURE 2 Structural plan and elevation. 
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An inspection of the design calculations verified that, con­
sistent with WSDOT practice for earthquake-resistant design 
at that time, the bridge was designed to resist transverse and 
longitudinal forces equal to 3 percent of the dead load of the 
bridge. In making this check, the stiffness of the abutments 
was neglected, and allowable stresses were permitted to ex­
ceed those permitted for gravity loading by 33 percent. A 
result of the relatively small design forces and the increase in 
allowable stresses was that earthquake loading did not affect 
the final design. The structural design was governed by gravity 
load considerations. 

The test bridge included three spans of 41 ft, 60 ft, and 41 
ft (Figure 1 and 2). Gravity loads from the 6.5-in. deck were 
carried to the piers and abutments by six prestressed girders 
measuring 3 ft 6 in. deep. At each pier, the deck was contin­
uous and the ends of the girders were embedded into a heavily 
reinforced, cast-in-place diaphragm. Dowels connected this 
diaphragm to a supporting cast-in-place cross beam, which, 
in turn, was supported by 3-ft-diameter columns with a clear 
height of approximately 25 ft (Figure 3). Longitudinal rein­
forcement for columns consisted of 11 No. 9 bars, providing 
a reinforcement ratio of 1.1 percent. Transverse reinforce­
ment consisted of No. 3 hoops at 12-in. spacings. 
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Columns were supported on spread footings that were em­
bedded in approximately 10 ft of soil at the centerline of the 
column (Figure 2). At the base of each column, a 3 ft 4 in. 
splice connected longitudinal reinforcement to footing dow­
els. The footings had no top reinforcement. Though the trans­
verse stiffness of the abutments was neglected in designing 
the bridge, its abutments were exceptionally stiff in the trans­
verse direction. At each abutment, the prestressed girders 
were embedded 2 in. into a diaphragm/endwall which, in turn, 
was cast monolithically with the wingwalls (Figure 4). Loads 
that were applied to the bents would be resisted by passive 
earth pressures developed along the wingwalls and by friction 
developed behind the endwall. Additional resistance was pro­
vided by elastomeric bearing pads on which the diaphragm/ 
endwall was supported. The elastomeric bearing pads rested 
on the pedestal of a spread footing. 

TEST PROGRAM 

The test program consisted of two phases, which are shown 
schematically in Figure 5. In Phase 1, large static loads were 
applied to the bridge in its unaltered condition. Resistance to 
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FIGURE 5 Imposed displacement history: top, Phase 1; bottom, Phase 2. 
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the loads was provided by both the intermediate piers and 
the abutments. The purpose ,of this phase was to measure the 
lateral stiffness and strength of the full bridge, thus providing 
data with which to calibrate analytical models. 

After the stiffness and strength of the entire bridge had 
been measured, all soil behind the wingwalls and along the 
end diaphragms was removed. Transverse loads were then 
applied to the bridge to measure its stiffness without the con­
tribution of the soil to resistance. The influence of the abut­
ments was further reduced by lifting the bridge at the abut­
ments and replacing the elastomeric bearing pads with a 
sandwich of hard nylon, grease, and polished stainless steel. 
Then another static test was performed to measure the stiff­
ness of the bridge without the contribution of the bearing 
pads to resistance. 

During Phase 1, the static tests were complemented by small­
displacement dynamic tests in which the structure was excited 
with an eccentric-mass shaker. These small-displacement dy­
namic tests were performed (a) before the structure was dam­
aged, (b) after slowly varying loads had damaged the bridge, 
(c) after the soil had been excavated, and (d) after replace­
ment of the bearing pads. In addition, ambient vibration mea­
surements and vertical impact transient vibration tests were 
performed intermittently. The dynamic tests provided further 
data with which to calibrate analytical models ( 4) and pro­
vided the opportunity to compare large-displacement static 
response with small-displacement dynamic response. 

In Phase 2, the stiffness, strength, and toughness of the 
bents (i.e., intermediate piers) were measured. The structural 
properties of the intermediate piers are particularly important 
for bridges in which the abutments do not contribute signif­
icant lateral-force resistance. Such bridges would rely heavily 
on the piers for stiffness and energy dissipation during an 
earthquake. 

After the test bridge had been isolated from the abutments, 
the bents were subjected to cycles of displacement of ± 1.5, 
3, 6, and 9 in., corresponding to drift ratios of 0.5, 1, 2, and 

Bridge bent 

Deadmen anchors 
(underground) 
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3 percent. The tests were finally stopped when damage to the 
columns threatened to collapse the structure. 

After testing had been completed, concrete cores and sam­
ples of longitudinal- reinforcement were obtained from the 
structure to permit the measurement of material properties 
in the laboratory. Additional laboratory tests were performed 
to measure the friction properties of the bearing pads and of 
the isolation system. These tests indicated that the coefficient 
of friction of the sandwich of hard nylon, grease, and stainless 
steel was less than 8 percent. 

LOADING SYSTEM 

The short length of time, 30 days, during which traffic would 
be rerouted, was the critical constraint in designing and con­
ducting these tests. The loading system (Figure 6) needed to 
be able to apply slowly varying, cyclic loads of up to 800 kips 
and yet be installed before traffic was diverted. Thus, although 
most of the mass of the bridge was located in the deck, lateral 
loads were applied directly to the piers because workers could 
obtain access to them without disrupting traffic above. 

Loads were applied to the ends of pier cross beams by 64 
prestressing cables (32 per side in groups of eight). A harness, 
composed of two ClO x 30-channel sections, welded back to 
back-a system of gusset plates and two heavy bearing plates­
distributed the concentrated loads from the cables across the 
face of the cross beam. The rural location of the site allowed 
the cables to be extended at a 1:4 slope beyond the end of 
the 1-90 right-of-way into an adjacent field. Reaction forces 
were provided by deadmen anchors, consisting of four steel 
beams, each encased in 9 to 12 yd3 of concrete, buried 15 to 
20 ft below ground level. At the location at which the cables 
emerged from the ground, jacking frames enabled eight 100-
ton hydraulic jacks (four per side) to pull the cables attached 
to the bridge with respect to cables attached to the deadmen 
(Figure 7). 

FIGURE 6 Loading system schematic. Deck is not shown for clarity.· 
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FIGURE 7 Jacking frame: top, elevation; bottom, photograph. 

INSTRUMENTATION 

During the static tests, absolute displacements of the bridge 
at the piers and the abutments were measured with respect 
to reference posts that were located in soil that was undis­
turbed by bridge movements (Figure 8) . In this arrangement , 
displacement transducers measured vertical movements of 
weights that were suspended on Y16·in. cables that ran over 
pulleys back to the bridge. The reliability of these measure­
ments was verified using an electronic distance meter to mon­
itor displacement of the structure and to verify that the ref­
erence posts did not move. 

Relative rotations of cross sections of the columns and cross 
beams were recorded at 22 locations , including the tops of all 
four columns. A trench was excavated down to the footings 
to permit installation of similar instrumentation at the bottom 
of the columns of the west bent. To minimize disturbance of 
the soil resistance , the trench was oriented transverse to the 
direction of movement of the piers. In these locations, relative 
rotations of column cross sections and absolute rotations of 
the footings were measured . At the abutments , deformation 
of the bearing pads at each abutment was measured . Applied 
forces were determined from measurements of ram hydraulic 
pressure. The reliability of these measured loads was con-

firmed by measurements from a linear variable differential 
transducer (LVDT) placed to measure strand elongation. 

The harsh environment posed complications. The temper­
ature varied from 60°F on some mornings and evenings to 
above 100°F during some afternoons . Fortunately , the vari­
ation of temperature during one test rarely exceeded 10°F. 
The effect of these temperature variations during static tests 
on electronic components was minimized by forgoing the use 
of signal amplifiers or filters , both of which can be sensitive 
to temperature. For two cable systems that were exposed to 
the wind , protective plywood shelters were installed . Dust 
was also of great concern because the site was covered with 
ash from the 1980 eruption of Mount Saint Helens . Ongoing 
construction near the site and the windy conditions com­
pounded this problem. To minimize the effect of dust on 
instrumentation , all instruments were carefully protected from 
the elements. The eight instruments that depended on pulley 
systems were placed in sealed wooden shelters along with their 
pulleys . 

An IBM AT computer was used to record the nearly 70 
channels of data measured during the static tests. All of the 
nearly 4 mi of instrument cabling was shielded and grounded 
to minimize disruptive effects of stray electrical fields. During 
dynamic tests , an accelerometer and several velocity trans-
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FIGURE 8 Plan of deck instrumentation. 

77° 13' 48" 

ducers measured the vertical and transverse response of the 
deck , abutments , and column footings. Signals were recorded 
on a Compaq 386/20 personal computer . 

OBSERVED BEHAVIOR 

The tests were completed in mid-July of 1991. Descriptions 
of observed behavior are preliminary and may be revised after 
the data have been studied further. Data from the dynamic 
tests have not yet been converted to a presentable form. 

The bridge was stronger and stiffer in Phase 1 than had 
been predicted by analysis before testing began. As indicated 
in Figure 9, the maximum lateral load resisted by the bridge 
was approximately 800 kips , corresponding to two-thirds its 
weight. The maximum load was measured at a displacement 
of approximately 0.4 in. , corresponding to a drift ratio of 0.13 
percent. Despite being subjected to large forces , damage dur­
ing the first series of tests was limited mainly to cracks in the 
wingwalls , which resulted from large passive pressures (Figure 
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FIGURE 9 Hysteretic response during Phase 1. 
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10). These cracks abruptly opened to approximately 0.10 in. 
wide at an applied load of approximately 800 kips. The abut­
ments were exceptionally stiff because the wingwalls were cast 
monolithically with the end diaphragm. In comparison, piers 
were relatively flexible and sustained only minimal damage 
during the first phase of testing. During Phase 1, the columns 
sustained only minor cracking, with all cracks less than 0.01 
in. wide. 

The load-deflection response of the bridge during Phase 2 
is shown in Figure 11. In this phase , the contribution of the 
abutments to lateral-force resistance was small. The drift ratio 
shown in the figure corresponds to the average displacement 
of the intermediate piers normalized by the clear height of 
the columns. Since, in all but the simplest structures, there 
exists no unique yield point , the displacement ductility factor 
shown in the figure is approximate. It resulted from an in­
spection of the force-deformation curve for the structure. De­
spite the small contribution of the abutments to resistance , 
the piers resisted transverse forces equal to approximately 40 
percent of the weight of the structure. The structure continued 
to dissipate energy , with little pinching of the load-displace-

FIGURE 10 Damage to southeast wingwall at end of Phase 1. 
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FIGURE 11 Hysteretic response during Phase 2. 

FIGURE 12 Damage to top of southeast column at end of 
Phase 2: Cycle 8352; load, 3,600 psi; displacement, 9 in. 
(absolute); July 13, 1991. 

10 

ment curves , up to displacements of 9 in_ , corresponding to 
a drift ratio of 3 percent. 

During Phase 2, most of the damage was concentrated at 
the tops of the columns . The cross beams remained nearly 
undamaged , except for hairline cracking. At the bottom of 
the columns damage was limited to cracking; no spalling was 
observed. Most of the cracking at the bottom of the columns 
occurred above the splice regions , suggesting that the soil 
surrounding the column may have greatly affected its stiffness 
and reduced the effective column height. The footings showed 
no signs of distress. 

Column damage increased with imposed drift. At a drift 
ratio of 0.5 percent , damage consisted of 0.02- to 0.05-in . 
flexural cracks at the top of the columns. At a drift ratio of 
1 percent , maximum crack sizes at the tops of the columns 
increased to 0.10 in . and minor flaking of the concrete in 
compression was observed. Spalling and the onset of bar buck­
ling was clearly visible at a drift ratio of 2 percent. After the 
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structure was pulled to two cycles at a drift ratio of 3 percent , 
spalling was widespread and many of the longitudinal bars 
had buckled (Figure 12). Whereas the cracks had been pri­
marily flexural for smaller displacements , the cracks at larger 
displacements had a more noticeable shear component. At 
this point , the tests were stopped out of concern for safety . 

CONCLUSIONS 

Full-scale testing of a bridge was shown to be a feasible means 
of obtaining data on the large-displacement behavior of a 
bridge and of a pair of piers. Full-scale testing is attractive 
because it avoids scaling limitations and permits study of the 
effect of soil on structural response . However , the results of 
these tests must be interpreted in light of the fact that full­
scale tests do not duplicate the effects of earthquakes . Earth­
quake motions include dynamic longitudinal , vertical , and 
torsional components that were not duplicated in the tests . 
The rates of loading during the destructive tests were much 
smaller than those that would occur during an earthquake. 

Despite the limitations of these tests, several preliminary 
observations were made. In itself, the observation that the 
bridge resisted a force equal to two-thirds its weight at a drift 
ratio of less than 0.15 percent is not trivial. The tests dem­
onstrated the importance of the contribution of the soil to the 
stiffness and strength of a bridge. In this bridge , the abutments 
were stiff enough that damage would be expected to be min­
imal during earthquakes of the magnitude that are commonly 
considered in design . The soil also affected the damage at the 
base of the columns. Unfortunately , from the point of view 
of the designer , estimates of soil stiffness are accompanied 
by great uncertainty. 

Although the piers were heavily damaged , they were able 
to continue to carry gravity loads while resisting transverse 
loads of 40 percent of the weight of the structure at a drift 
ratio of 3 percent. Despite their deficiencies , the columns had 
sufficient flexural ductility to prevent collapse in these tests. 
This ductility may be critical in ensuring the survivability of 
many other bridges . Many other bridges do not have abut­
ments that are as strong or as stiff as the test bridge or the 
number of spans is large enough that the abutments have little 
effect on intermediate pier response. 

In the remaining year of the study , the measured static and 
dynamic response will be used to calibrate analytical models 
and to better understand the sources of stiffness and strength. 
The large amount of data that describe local behavior will be 
reduced and compared with laboratory results from previous 
investigators (5 ,6) . The role of the soil will be studied further 
(7) , as will the relationship between the measured static and 
dynamic response. 
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Lessons Learned from Diagnostic Load 
Testing of 100-Year-Old Elevated Mass 
Transit Structures 

R. W. KRITZLER, S. G. PINJARKAR, R. A. RoLSING, AND P. 0. McCARTHY 

A comprehensive study has been undertaken by the Chicago 
Transit Authority and its consultants for condition assessment of 
the rapid-transit system's elevated steel structures. This study 
included a series of full-scale diagnostic load tests performed to 
evaluate actual behavior of these structures under train loading. 
Static and dynamic load tests, using an empty four-car test train, 
were performed on four different line segments, representing 
different structural systems. Dynamic monitoring of tensile bend­
ing stresses was also conducted for normal rush-hour traffic, pro­
viding actual variable stress and average response data to be used 
for fatigue life assessment. Strain gauge response data for the test 
structures showed that stringer midspan bending stresses were 36 
to 93 percent of nominal calculated stresses, assuming simply 
supported spans. The measured negative moments at the sup­
ports, caused by partial end continuity, were 25 to 86 percent of 
the fully continuous end moments for three of the test structures. 
The continuity at the stringer supports is provided by typical 
riveted full-depth web-shear framing angles. Dynamic test results 
showed the average measured impact loading for each stringer 
span to vary from 7 to 34 percent of the respective maximum 
static test response stresses, compared with American Railway 
Engineering Association-required design effects of 53 to 59 per­
cent. The measured impact varied inversely with the span length. 
Train braking test results indicated that longitudinal braking forces 
are nonuniformly distributed along a length of the track structure 
exceeding the train length, and the rails are effective in distrib­
uting those braking forces across longitudinal structural expansion 
joints. 

Previous load tests of older and apparently deteriorated rail­
road and highway structures (1) indicate that these structures 
can carry substantially higher loads than are computed by 
analytical design methods. The factors that contribute to this 
increase in strength include unintended continuity, unin­
tended composite action, better lateral load distribution, much 
smaller impact than is required by design codes, and smaller 
magnitude of live load stresses used in fatigue rating calcu­
lations. Results of a pilot load testing program of a Chicago 
Transit Authority (CTA) mass transit structure (2) indicated 
that diagnostic load tests can be successfully conducted for 
rating and evaluation of older mass transit structures. 

The Chicago Rapid Transit System includes approximately 
40 mi of elevated steel structures and bridges. As part of a 
comprehensive Engineering Condition Assessment of the en-

R. W. Kritzler, Raths, Raths & Johnson, Inc., 835 Midway Drive, 
Willowbrook, Ill. 60521. S. G. Pinjarkar, Desman Associates, 300 
West Washington, Suite 1010, Chicago, Ill. 60606. R. A. Raising, 
McDonough Associates, Inc., 224 South Michigan, Chicago, Ill. 60604. 
P. 0. McCarthy, H. W. Lochner, Inc., 20 North Wacker Drive, Suite 
1200, Chicago, Ill. 60606. 

tire system, a series of full-scale diagnostic load tests were 
performed to evaluate actual behavior of these structures under 
train loading. Load tests were performed on four different 
line segments of the elevated system built from 1891 through 
1905. 

The test locations were selected to represent variations in 
structural system and details between each line segment. A 
test program was specifically designed for each location to 
evaluate end connection continuity, load distribution, critical 
stresses, impact loading, fatigue, and longitudinal forces caused 
by train braking. Both static and dynamic load tests were 
performed to determine the response characteristics of the 
track structures. The dynamic tests included both empty four­
car test trains and actual rush-hour commuter trains. The 
results of this diagnostic load testing are currently being used 
to supplement the engineering analyses and rating calculations 
for these structures. 

DESCRIPTION OF STRUCTURES 

The elevated structures at the four test locations are generally 
constructed of steel or wrought-iron longitudinal stringers 
spanning 40 to 60 ft to transverse support bents. Two stringers 
support each open-deck standard-gauge track on timber ties. 
The ties also support the electric "third" rail to power the 
train cars. The support bents carry two active tracks and some­
times a third inactive track (Figures 1 through 4). The two · 
stringers supporting each track are laterally braced between 
their top flanges and contain either vertical cross bracing at 
span third points (Figure 3) or lateral bracing between the 
bottom flanges. The stringer pairs supporting each track are 
generally connected with a top and bottom flange horizontal 
strut at the span third points (Figure 3). 

Each of the four line segments was constructed under a 
separate contract between 1891 and 1905. Although the var­
ious line segments are of a similar type of structural system, 
there were significant variations in design and construction 
details among the segments. 

The South Mainline structure was built in two phases. The 
present southbound structure was built in 1891 using wrought 
iron. The present northbound structure was added in 1905 
and constructed of steel (Figure 1). The stringers are riveted 
built-up plate-and-angle I-sections connected to the support 
bents with full-depth web angles (Figure 5). A stringer ex­
pansion seat bearing connection ("pocket") is typically lo-
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FIGURE 1 South Mainline elevated structure. 

FIGURE 2 South Loop elevated structure. 

cated on one side of every third bent. The support bent col­
umns are located below the centerline of each track (similar 
to Figure 3). Longitudinal forces on the elevated structure 
are resisted by bending of the columns. 

The Englewood Line structure was built in 1905 using " rail­
way bridge steel. " The construction is very similar to that of 
the northbound South Mainline structure , except for the ad­
dition of longitudinal vertical x-bracing at every fourth bay 
(Figures 3, 5, and 6). The x-bracing , or "traction bracing," 
resists longitudinal forces applied to the elevated structure. 
A stringer expansion seat-bearing connection typically is lo­
cated on one side of every fourth support bent. 

The South Loop Line structure in the test area was built 
in 1891 using wrought iron (Figure 2). The stringers and end 
connections are similar to those of the South Mainline struc­
ture. The support bent columns are located outboard of the 
two supported tracks, forming a rigid frame for supporting 
the track stringer gravity loads. The transverse ("cross") gir­
ders are single-web riveted built-up I-sections. Longitudinal 
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FIGURE 3 View from below Englewood test structure. 

FIGURE 4 Jackson Park elevated structure. 

forces applied to the track by train braking and accelerating 
are resisted by cross-girder horizontal bending and longitu­
dinal column bending. 

The Jackson Park Line was constructed in 1892 using "soft 
steel" (Figure 4). The stringers were replaced in 1940, and 
the stringer end connections were modified in 1964. The 
stringers are riveted open-web trusses with chords and web 
members composed of wide-flange tee sections . The stringers 
are connected to the support bents with a combination of a 
top chord bearing connection and full-depth web angles (Fig­
ure 5). There are no stringer-end longitudinal expansion joints 
in the structure . The support bent columns are located out­
board of the tracks and support the cross girders that span 
across 63rd Street from curb to curb. The support bent cross 
girders are double trusses tied with top horizontal batten plates 
and vertical diaphragms. Again , longitudinal forces applied 
to the track by train braking and accelerating are resisted by 
cross-girder horizontal bending and longitudinal column 
bending. 
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DESCRIPTION OF TESTING PROGRAM 

Test Type and Loading 

For each line segment test structure, the following types of 
load tests were performed: (a) static tests, (b) dynamic tests 
at controlled speeds, ( c) train braking tests, and ( d) rush-hour 
tests. 

Test Trains 

An empty four-car test train was furnished by CT A for each 
test location (Figure 7). Controlled static and dynamic tests 

TEST TRAIN 
LOAD CASE~ 

PPPP PPPP 

l 46' l 46' 
'I , 
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were conducted using the test train on four Sundays during 
low passenger travel periods. A single-track outage, for 1/4 to 
1/2 mi in each direction from the test location, was provided 
by CT A for test train movement during the testing. 

Empty train car weights are approximately 54,000 lb each, 
or approximately 14 kips per axle for the Series 2601-3200 
cars used on the test structures. Passenger loading used by 
CTA for fatigue rating is 5.5 kips per axle for a total of 19.5 
kips per axle. 

Static load tests were conducted by stopping the test train 
at specific locations along the test spans to measure the re­
sponse at each location. Dynamic tests were performed by 
moving the test train across the test spans at a crawl speed 

l , 
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FIGURE 7 Example of comparison of measured and calculated stringer bending 
moments. 
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and at various operating speeds up to a maximum speed of 
55 mph to measure the effects of impact loading. Dynamic 
train braking tests were performed to determine the magni­
tude of longitudinal force caused by the application of emer­
gency brakes (includes track brake). At each test location, 
braking tests were carried out by stopping the train directly 
over the test bent and also by stopping the train at various 
distances from the test bent along the track in each direction. 

Rush-Hour Trains 

Rush-hour dynamic load tests were conducted to monitor 
strains and to evaluate the effect of passenger loading. The 
measured strain responses included the combined dynamic 
effects of the eight-car trains moving at nonpal speeds with 
passenger loading. Strains in the stringer bottom flanges at 
midspan were measured for both the inbound and outbound 
tracks. Since the passengers predominantly travel in one di­
rection during each rush hour, both tracks were monitored 
to record responses to both the loaded car trains and near­
empty car trains. 

Instrumentation 

A total of 32 to 42 weldable electric-resistance strain gauges 
were installed on each test structure. 

The gauges were located at the top and bottom flanges of 
the stringers at midspan and near each end to measure positive 
and negative bending and axial stresses. The gauges near the 
stringer ends were positioned to avoid discontinuities adjacent 
to the end connections and also shear lag in transferring flex­
ural stress to the stringer flange angles from any longitudinal 
continuity through the end connection components. Strain 
gauges were installed on the bottom flanges at midspan of 
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some stringers to monitor positive bending tensile stresses 
only at these locations. 

The support bent cross girders were instrumented with four 
strain gauges at the point of maximum positive moment to 
measure vertical and horizontal bending stresses. Strain gauges 
were installed on support bent columns to measure transverse 
and longitudinal bending along with axial stresses. The lon­
gitudinal vertical x-bracing of the Englewood Line structure 
was instrumented with strain gauges to measure longitudinal 
forces caused by the train braking. 

The data acquisition system, used to record and process the 
test data, was composed of a digital scanner, strain gauge 
completion boards, DC power supply, amplifier, and a port­
able computer. A digital sampling· rate of 500 samples per 
second per channel was typically used for most of the dynamic 
tests. A sampling rate of 100 samples per second per channel 
was used for the dynamic train braking tests and for all of the 
dynamic tests conducted on the South Loop Line. Severe 
radio interference, probably caused by the nearby Chicago 
Central Police headquarters, precluded the use of the more 
sensitive equipment capable of higher data sampling rates at 
the South Loop location. 

The data obtained from each test were reviewed in the field 
for accuracy and correctness, using computer analysis and 
screen plots, before proceeding with the next test. 

ANALYSIS OF TEST RESULTS 

Stringer End Continuity 

The results of the static tests are compared to calculated stringer 
midspan bending stresses, assuming each stringer span is sim­
ply supported (Table 1). The comparison, by test structure 
and span, indicates that midspan bending stresses were 36 to 
93 percent of the calculated stresses, assuming simply sup-

TABLE 1 Static Tests (Using Empty Four-Car Test Train): Stringer Bottom Flange Stress at 
Center of Span 

STATIC LNE LOAD STRESS 
(KSI) 

MEAS. 
END SUPPORT Maximum Calculated CALC. 

LOCATION SPAN (Ff.) CONDffiON° Measured Simple Span b RATIO 

Jackson Park 50 Fix-Fix 4.2 4.5 0.93 

Englewood 46 Exp-Fix 2.5 3.6 0.70 

46 Fix-Fix 2.5 3.6 0.70 

23.5 Fix-Fix 2.1 3.4 0.62 

46 Fix-~ 3.0 3.6 0.83 

South Loop 40 Exp-Fix 2.3 4.0 0.57 

39.8 Fix-Fix 1.4 4.0 0.36 

60 Fix-Exo 3.1 4.1 0.77 

South Mainline 46 Exp-Fix 2.9 3.5 0.85 

46 Fix-Fix 2.8 3.6 0.80 

46.8 Fix-Exo 3.1 3.6 0.85 

° Fix = Full~Depth Shear Angle Connection 
Exp = Expansion Seat Connection 

b Bending Stress Assuming Span Simply-Supported . 
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ported spans. Additional data analysis will show that, except 
for the Jackson Park structure, the reduced midspan stresses 
were the result of partial continuity at the stringer-end support 
connections. 

The stringer-end support connections consist of full-depth 
web connection angles (Figure 5) except at the expansion seat 
bearing connections, typically located at every third or fourth 
bent support. The partial continuity, provided by the full­
depth web connections on both sides of a support bent, trans­
fers stringer negative bending moment across the support bent 
and into the adjacent stringer span. This continuity, or stringer 
end rotation restraint, causes tension through the connection 
angle top rivets and compression or thrusting through the 
bottom portion of the connection angles or bottom flange 
ends. The rotational stiffness of these particular connections 
is enhanced by the near full-depth length of the connection 
angles, the short outstanding legs and rivet gauges of the 
connection angles, and the opposing stringer end rotations 
caused by the train axle lo.ads acting simultaneously on both 
spans. 

The degree of stringer end continuity is determined for 
these test structures by comparing measured static load end 
moments with calculated end moments, assuming the stringers 
are continuous over, and fixed to, the columns or cross girder. 
Bending moment diagrams for one Englewood test structure 
static load case are shown in Figure 7. This figure shows the 
approximate measured bending moments calculated from the 
test data. The measured axial stresses, sometimes caused by 
higher compressive forces across the bottom of the end con­
nections than the top tensile forces, or by frozen expansion 
seat connections, are separated from the measured bending 
stresses. The bending moments calculated at the strain gauge 
locations from the bending stresses are extrapolated to the 
support bent centerlines using calculated simple span or con­
tinuous span shears. 

Comparisons between measured end moments and calcu­
lated continuous span end moments are summarized in Table 
2. The continuity, expressed as a percent ratio of measured 
moment to calculated continuous span moment, varied from 
25 to 86 percent. The percent degree of continuity compared 
very well to the measured reduction in midspan stresses shown 
in Table 1. 
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The maximum continuity (72 to 86 percent) was found in 
the South Loop Line, which has the longest vertical end con­
nection angles relative to the depth of the stringer (Figure 5). 
The Englewood and South Mainline structures indicated less 
continuity (25 to 84 percent) because of the web coped below 
the top flange angles (Figure 5). The top flange tie angles are 
deteriorated and too small to increase the degree of stringer 
continuity at these structures. The static tests on the Jackson 
Park structure indicated very little or no measured end con­
tinuity. The double truss cross-bent support at this structure 
(Figure 5) allowed nearly free end rotations of the stringers 
through twisting of each cross truss between vertical dia­
phragm spacers. 

Cross Bent Twist 

The results of the static tests for the cross-girder bottom flange 
stresses were compared with calculated stres·ses using rigid 
frame analysis. The measured vertical bending stress for the 
Jackson Park structure compared very well with the calculated 
stress. Lower calculated vertical bending stresses than mea­
sured stresses for the South Loop structure indicated a lack 
of full fixity at the cross girder to column connections. 

Horizontal bending stresses in the cross-girder bottom flanges 
were measured for both the Jackson Park and South Loop 
structures. This increased the total measured stress in the 
girder flange outstanding legs by 60 and 47 percent, respec­
tively, over the measured vertical stresses. The horizontal 
flange bending is a twisting behavior of the cross girders caused 
by end rotation of the stringers. The twisting of the South 
Loop cross girder appears to be caused by the rotation of the 
near fully continuous stringers at a support between unequal 
adjacent spans (39.8 ft and 60 ft). 

Impact (Dynamic Amplification) 

Dynamic tests, using the empty four-car test train, were con­
ducted to measure the effects of trains moving along the el­
evated structures at various speeds. The results of the stringer 
dynamic tests are summarized in Table 3. The dynamic am­
plification of stress caused by moving live loads, or "impact," 

TABLE 2 Static Tests (Using Empty Four-Car Test Train): Stringer Bending Moment 
Continuity at Supports 

MEAS. MOMENT 0 

CALC. CONTINUOUS b 
LOCATION ADJACENT SPANS (FT.) RATIO 

Jackson Park 50- 50 0 

Englewood 46- 46 0.45 - 0.62 

46 - 23.5 0.26 - 0.84 

23.5 - 46 0.35 - 0.46 

South Loop 40 - 39.8 0.86 

39.8 - 60 0.72 - 0.81 

South Mainline 46- 46 0.25 - 0.34 

0 Average measured moment in both stringers with each adjacent span loaded. 
b Calculated continuous span moments are the theoretical calculated moments assuming the stringer 
is continuous over, and fixed to, the columns or cross-girder, as determined by computer frame 
analysis. 
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TABLE 3 Dynamic Tests (Using Empty Four-Car Test Train): Stringer Bending 
Vertical Impact 

PERCENTIMPACT 0 

SPEED Average b Maximum b AREA 
LOCATION SPAN (Ff.) (MPH) Measured Measured Design 

Jackson Park 50 23 - 33 14 18 55 
46 - 55 19 23 55 

Englewood 46 31 26 34 56 
41 - 48 27 39 56 

23.5 31 33 34 59 
41-48 34 46 59 

South Loop 60 24 - 33 7 15 53 
44 11 16 53 

South Mainline 46 31 - 38 22 30 56 
44 - 51 27 40 56 

0 Impact = Percent increase in peak stringer bending stress, at mid-span, from the moving test train 
loading across a given stringer, compared to the peak measured static load stress for that stringer. 
b One impact event = maximum recorded impact under one passage of entire test train. 

is herein defined as the percent increase in peak measured 
stress from the moving test train loading compared with the 
peak measured stress at the same location from the static test 
train loading. 

The passage of a moving train across a stringer span pro­
duces a stress-time history record of a variable amplitude 
complex stress cycle. An example of a measured dynamic 
stress record is shown in Figure 8. The stringer midspan bot­
tom flange stress cycle indicates the passage of an eight-car 
rush-hour train (Figure 8). Each group of car axles crossing 
the span produces a variation (subcycle) in stress as shown 
by the nine peaks. The dynamic effects of the moving train 
load are shown by the higher-frequency oscillations in the 
stresses, or vibrations, with frequencies typically in the range 
of 70 to 100 Hz for these elevated structures. 

The measured impact loading for these structures is com­
pared with the AREA manual (3) design impact values in 
Table 3. The average measured impact loading for the string­
ers varied from 7 to 34 percent. Although the magnitude of 
impact varied between test locations, the average measured 
impact values varied inversely with the stringer span length 
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FIGURE 8 South mainline stringer dynamic response at 
midspan of bottom flange for eight-car rush-hour train (speed, 
44 mph). 

(Table 3). There was some general increase in the measure,d 
impact values at higher train speeds. However, in some cases, 
the effect of increased train speed was negligible. The max­
imum measured impact of 46 percent was recorded for a short 
23.5-ft span. 

Fatigue Assessment Data 

The results of the rush-hour dynamic tests conducted on the 
stringers of each of the four test structures are summarized 
in Table 4, presenting the average and maximum measured 
stresses in the stringer bottom flanges at midspan for rush­
hour trains traveling in each direction. These measured stresses 
include the combined effects of the eight-car trains moving 
at normal speeds with typical passenger loading. 

A comparison of the measured stringer stresses for the 
eight-car rush-hour trains with the dynamic stresses for the 
empty four-car test trains indicates approximately the same 
stresses occurring in the Jackson Park and Englewood test 
structures. The rush-hour trains were almost empty of pas­
sengers when they passed these test locations. 

A comparison of the average measured peak stress for the 
South Loop and South Mainline rush-hour tests with the dy­
namic empty train tests indicates a 14 and 11 percent average 
stress increase primarily caused by the weight of passengers. 
The maximum recorded increase in stress over the average 
empty train tests was 25 and 26 percent, respectively . 

The rush-hour average response data (Table 4) and the 
actual variable stress cycle plots (Figure 8) can be used for 
fatigue life assessment of the stringer bottom flanges at mid­
span. These data verify that the train loads of 19.5 kips per 
axle (plus impact), used by the CTA for fatigue evaluation, 
are conservative fo_r these test structures. The average weight 
of passengers during the rush-hour tests was approximately 
1.5 to 2 kips per axle at the South Loop and South Mainline 
test locations and was negligible at the Jackson Park and 
Englewood test locations. 

The dynamic test results indicate that the partially contin­
uous stringer end connections undergo variable stresses with 
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TABLE 4 Rush-Hour Dynamic Monitoring (Using Eight-Car Trains with 
Passengers): Stringer Bottom Flange Stress at Center of Span 

LIVE LOAD PEAK STRESS 
(KSI) 

Prevailing Commuter /Opposite 
Travel Direction Direction 

SPAN SPEED Ave. Max. Ave. 
LOCATION (Ff.) (MPH) Meas. a Meas. a Meas. a 

Jackson Park 50 20 - 48 4.7 5.4 4.1 

Englewood 46 38 - 44 2.9 3.5 2.7 

23.5 38 - 44 2.9 3.6 2.6 

South Loop 40 15* 2.8 2.9 

39.8 13 - 15* 1.6 

60 13 - 15* 3.5 3.9 2.8 

South Mainline 46 42 - 44 4.0 4.5 3.7 

* Train spe<::d restriction at time of test monitoring. 
a One peak stress event = maximum recorded stress under one passage of entire train. 

the passage of each train car. The associateq tension forces 
through the top portion of the connections reduces fatigue 
life of the web connection angles and top rivets. The design 
and behavior of the stringer web-angle end connections are 
currently under evaluation at each structure using the degree 
of continuity measured by this test program, as summarized 
in Table 2. 

Train Braking Effects 

The results of the train braking tests on the four structures 
are summarized in Figure 9. Longitudinal forces were com­
puted on the basis of measured bending stresses near the test 
column bases or axial stresses in vertical bracing. The Figure 
9 graph, showing the maximum test column bending stress 
relative to the distance of the braking train from the test 
column, indicates that the longitudinal braking forces are non­
uniformly distributed along the track structure, and the rails 
are effective in distributing those braking forces across Ion-

"iii 
~ 
(/) 
(/) 
w 

2.0 

~ 1.0 
• SOUTH MAINLINE 

gitudinal structural expansion joints. Longitudinal structural 
expansion joints are typically located 140 to 160 ft center to 
center. 

The Jackson Park and South Loop test locations recorded 
a reduction of column bending stress 300 ft away from the 
train braking location to about one-third of the maximum 
value directly below the braking train. The measured maxi­
mum longitudinal forces in the column directly below the test 
train were approximately 2.4 and 1.6 kips, respectively, for 
the Jackson ParJ< and ~outh Loop braking tests. The AREA 
manual longitudinal design load for both structures is ap­
proximately 3.8 kips in each column, distributed uniformly 
along a 200-ft length of elevated structure directly below the 
200-ft-long test train. The AREA load is calculated as 15 
percent of the test train load (weight) multiplied by a standard 
factor of 0.80 to account for continuous rail along the elevated 
structure exceeding 1,200 ft in length. 

The Englewood Line segment was built with vertical lon­
gitudinal x-bracing at every fourth bay, as shown in Figure 7. 

TRAIN 

MOVEMENT 

x JACKSON PARK LINE 

o SOUTH LOOP LINE 

-1200' -900' -600' -300' ct. +300' +600' +900' 
TEST 

COLUMN 

DISTANCE (FT.) TO TRAIN BRAKING LOCATION 

* TEST COLUMN LONGITUDINAL BENDING STRESS NEAR BASE 

FIGURE 9 Measured effects of longitudinal force (braking) tests using four-car 
test train. 
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For the test train stopping 250 ft away from the x-bracing, 
the reduction in x-bracing forces and column bending stresses 
was approximately one-half, or less, of the maximum recorded 
braking force. The maximum horizontal force resisted by the 
vertical bracing was 22.6 kips, and by column bending 0.9 
kips, when the train was stopped directly over the test spans. 
The AREA longitudinal design load for the entire test train 
is 25.9 kips distributed to 200 ft of elevated structure, con­
sisting of one bay of vertical x..,bracing and five columns in 
bending. 

The dynamic braking tests conducted for the South Main­
line structure included stopping the test train using the emer­
gency brakes at seven locations along the elevated structure 
up to a distance of 1,350 ft away from the test column. Test 
records indicated that the longitudinal braking forces were 
nonuniformly resisted up to a distance of at least 850 ft away 
from the braking test train, resulting in a distribution of hor­
izontal load over a length of elevated structure exceeding 
1,700 ft. Structural rebound and longitudinal oscillation (rock­
ing) were shown by the stress record at 1,350 ft from the just­
stopped test train. The record indicated very little column 
bending during train braking, but that significant column 
stresses, equal to 25 percent of the maximum recorded column 
stress, occurred at this distance immediately after the train 
had stopped. The maximum longitudinal force in one column 
introduced by braking was measured to be approximately 3.6 
kips. This value is compared with the AREA design load of 
approximately 5.3 kips per column, distributed along 200 ft 
of the elevated structure directly below the 200-ft-long test 
train. 

CONCLUSIONS 

Diagnostic load tests have provided knowledge about the ac­
tual response of the elevated steel transit structures to op­
erating loads. This knowledge, currently being used to sup­
plement the engineering analysis and rating calculations and 
to design rehabilitations for these structures, is summarized 
as follows: 

1. Measured stringer midspan bending moments were 25 
to 86 percent of those calculated, assuming simply supported 
spans, because of partial continuity through the stringer end 
support connections. The full-depth web-shear framing angle 
connections exhibited a wide variation in degree of continuity 
depending on the particular connection configuration. One 
test structure developed up to 86 percent of the theoretical 
end moment determined from a fully continuous analysis. 

2. Stringer end rotations can impose out-of-plane stresses 
in cross-girder supports. Cross-girder horizontal bending stresses 
increased the total measured stress at one test location by 60 
percent more than the vertical bending stresses. The total 
measured stresses were well within design allowable stress 
values. 

3. Vertical impact testing was carried out using empty test 
trains. Measured vertical impact loading on the stringers, ex­
pressed as a percent of measured static stresses, averaged 7 
to 34 percent for the test spans of 23.5 ft through 60 ft. The 
average measured impact varied inversely with the span length. 
A maximum vertical impact of 46 percent was recorded for 
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the short 23.5-ft span. There was no appreciable correlation 
between impact and train speed. 

4. Stringer midspan bending stresses were monitored dur­
ing rush-hour commuter travel periods. The measured stresses 
indicated that the standard CTA fatigue design load of 19.5 
kips (plus impact) per axle is conservative for the current 
trains in service and may therefore be safely used to estimate 
the remaining fatigue life. The actual variable amplitude stress 
plots, recorded during rush hour, can be used for a more 
accurate assessment of stringer fatigue life. 

5. The measured partial continuity provided by the stringer 
web-shear framing angle connections is beneficial in reducing 
the stringer midspan stresses. This continuity reduces the fa­
tigue life of the end connections by subjecting the top portion 
of the connections to variable tensile stresses with the passage 
of each train car. Retrofitted end connections are being con­
sidered to either reduce the continuity or provide improved 
fatigue resistance for the degree of continuity measured by 
this test program. 

6. The timber open-deck track structure and steel rails were 
effective in distributing longitudinal forces caused by train 
braking across longitudinal expansion joints in the elevated 
structures. 

7. Braking tests indicated that the longitudinal forces are 
nonuniformly distributed along the elevated structure. The 
typical elevated structure resists the train braking forces through 
column bending. The measured individual column longitu­
dinal forces were less than AREA design loads uniformly 
distributed to columns directly below the 200-ft-long braking 
test train. The measured longitudinal forces significantly de­
creased in magnitude at a distance of 300 ft from the train. 
Longitudinal braking forces were nonuniformly distributed 
over a length of elevated structure exceeding 1, 700 ft at one 
test location. 
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Retrofitting of Reinforced Concrete 
Bridge Columns 

HARVEY L. COFFMAN 

The seismic performances of one control and three retrofitted 
half-scale circular reinforced concrete columns were studied. The 
columns were 10 ft high, 18 in. in diameter, fixed at the base, 
and free at the top. An axial, vertical load of 158 kips was applied 
at the top, which was translated horizontally in a plane symmet­
rically about the vertical in such a way as to produce a maximum 
of four times the yield strain in the longitudinal reinfordng steel 
at the extremes of the first cycle. The columns were then oscillated 
between these extreme displacements of the first cycle until the 
lateral forces required to produce these translations approached 
zero. The measure of seismic durability used was the number of 
such cycles that a column sustained before losing structural in­
tegrity. The four columns were all made at the same time with 
3,200-lb/in.2 concrete and the same reinforcing and ties. The ar­
rangement was intended to model that of bridge columns of the 
1960s. Three columns were retrofitted with prestressed, exter­
nally located circular ties at intervals along the lower 3 ft. The 
spacing and size of these ties varied from column to column. The 
control column sustained less than one cycle before losing struc­
tural integrity; the retrofitted columns sustained a minimum of 
13 cycles. 

Seismic design criteria for bridge columns have been changed 
considerably by the Applied Technology Council (ATC). Many 
bridges designed before the inception of the A TC-6 criteria 
are seismically deficient. Column inadequacies are usually 
evidenced by insufficient ties. 

Inelastic response of these bridges under seismic loading 
could involve- plastic hinging of the columns. Confinement of 
column reinforcing steel is essential for plastic hinging to dis­
sipate energy under seismic loading without resulting in cat­
astrophic column failure. Various details have been suggested 
for column retrofitting to increase confinement. Currently, 
there is no consensus as to which confinement detail is best. 

The purpose of this research project was to determine the 
effectiveness of retrofitting circular concrete columns by add­
ing external hoops made from standard Grade 60 steel rein­
forcing bars. To reduce parameters, columns were selected 
so that the predominant failure would be in flexure, which 
would satisfy two concerns: to fit the size and configuration 
of the existing loading frame, and to produce the predominant 
damage in the column itself. A cantilever column was selected 
so the retrofit hoops could be specifically located in the dam­
aged region. 

PROTOTYPE COLUMN DESIGN 

AASHO first included earthquake design guidance in the 1958 
interim (J). Column confinement was not officially incorpo-

Washington State Department of Transportation, Transportation 
Building, Olympia, Wash. 98504. 

rated for ductility purposes until 1983 when AASHTO ·pub­
lished its Guide Specifications for Seismic Design (2). Soon 
after the 1971 San Fernando earthquake, bridge designers 
began to detail columns with additional confinement rein­
forcement. With the majority of Washington State's bridges 
built in the mid-1960s, during the interstate program, con­
finement reinforcement was not utilized for column ductility. 
A recent program by the Washington State Department of 
Transportation (WSDOT) (3) found 897 bridges in seismic 
WSDOT performance category C to be potentially vulnerable 
to a seismic event. Circular columns with deficient details exist 
in 65 percent of these bridges. The predominant details evolved 
from AASHO's specifications for highway bridges in the 1950s 
and 1960s. AASHO made three stipulations affecting the de­
sign of column confinement reinforcement. These three cri­
teria are based on (a) compression reinforcing in flexure, (b) 
shear reinforcement, and (c) confinement for axial load. 
Buckling of flexural compression reinforcement required tie 
spacings not to exceed 16 longitudinal bar diameters. Shear 
reinforcement was required for concrete stresses exceeding 
an allowable of 0.03/; or a maximum of 90 lb/in. 2

• Axial load 
requirements specified a minimum spiral volumetric ratio of 

(1) 

with a limiting size of a No. 2 spiral at 3-in. maximum spacing. 
Minimum tied confinement was more lenient with No. 3 hoops 
at 12-in. maximum spacing. These columns were allowed to 
carry only 80 percent of the axial load of the spirally reinforced 
columns. 

WSDOT's typical circular column design consisted of a 3-
ft-diameter column with 4-kip/in. 2 concrete strength, a max­
imum aggregate size of 1.5 in., and 1to2 percent longitudinal 
reinforcement. All longitudinal reinforcement was lapspliced 
at the footing, with lengths ranging from 20 to 35 bar diam­
eters. Most column designs were governed by flexure with an 
axial load range of 5 to 20 percent AJ;. This concept resulted 
in the frequent utilization of No. 3 hoops at 12-in. spacing in 
lieu of the alternate No. 2 spiral at 3-in. spacing. These No. 
3 hoops were constructed with a 2-ft 4-in. lapsplice without 
anchoring the splice tails into the column core. These columns 
were generally supported on footings that often had no top 
mat of reinforcement, leaving the footing vulnerable to fail­
ure. Although footing failure is a major concern, the main 
emphasis of this project is on the isolated capacity of the 
column. To determine the effectiveness of the column retrofit 
method, these details were incorporated into the modeled 
column. 
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MODELED COLUMN DESIGN 

The four modeled columns (Figures 1 and 2) are identified 
as Columns 1 through 4. Columns were 18-in. in diameter 
with 1.5 percent longitudinal reinforcement (nine No. 6 grade 
40). The concrete mix was designed for a strength of 4 ksi at 
28 days with a maximum aggregate size of% in. Internal hoops 
were No. 3 grade 40 reinforcing bars spaced at 1 ft with a 1-
ft 2-in. lapsplice without anchoring the splice tails into the 
column core. Dowel bars utilized at the base were lapspliced 
with 35 bar diameters to the longitudinal column reinforcement. 

To match the bolt pattern of the existing test slab, the 
column footing was simulated by a steel base plate. The base 
plate was roughened by grinding gouges into the surface to 
simulate the construction joint. Footing dowels were threaded 
2 in. into the base plate, welded with %-in. fillet welds and 
normalized to relieve crystallization of the welded area. 

Column 1 was the control specimen tested without addi­
tional external confinement. The full column elevation in Fig­
ure 1 shows Column 1 as tested. The partial elevations in 
Figure 1 combine with the control column to make up the 
three retrofitted columns. The external reinforcement was 
varied to determine its effectiveness. Ratios were selected 
above and below the requirements of AASHTO (2, p. 28). 
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FIGURE 1 Column details and retrofit schemes. 
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External confinement reinforcement ratios are listed in Table 
1. The percentage of volumetric ratio, Ps• is based on the 
gross section (2, p. 28) and is 

(2) 

The percentages in Table 1 are based on f; = 4,000 lb/in. 2 

andfvh = 60,000 lb/in. 2
• 

Swaged couplers, designed to 150 percent of the specified 
yield strength of the Grade 60 ASTM A615 reinforcing bar, 
were utilized to attach the half circumferential external hoops. 
These hoops were prestressed to the columri by swaging op­
posing threaded couplers to each end of the hoop. As shown 
in Figure 3, a machined stud was threaded into the couplers 
to pull the two half hoops tight. A tension test showed that 
tightening with an open-end wrench produced a stress in the 
hoops to an average of 50 kip/in. 2 • 

Retrofit hoops would require some type of protection. This 
could be accomplished by painting the hoops or placing an 
additional cover concrete by slip forming. Nominal reinforce­
ment may be required for crack control. Neither of these 
schemes was included in this project. 

Direct ion of Loading 

#6 Longitudinal 
Gr. 40 
#6 Dowel 
Gr. 40 

/ 1'-6" 

4xternal 1 318"¢ Gr. 160 
conf 1nement hoop Post-tension bar 

Gr. 60 

•Indicates Strain Gage location 

FIGURE 2 Column cross section. 

TABLE 1 External Confinement Ratio 

Column Reinf. Ratio Size/Spacing % AASHTO 

1 
2 
3 
4 

0.0 
0.0152 
0.0083 
0.0062 

No Retrofit 
#4 @ 3" 
#3 @ 3" 
#3 @ 4" 

p =0.12f
1 

/f h (volumetric ratio) s c y 
All retrofit reinforcement ASTM A615 GR. 60 
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Size Lf F N 

#3 3" 1Y/ 1~" 

#4 3~" 1 %" 1 %" 

Dimension 

H s 
~~·min ~ .. min 

1t."max 1Z"max 
~;:min %"min 
J'~~·max 1Z"max 

Weight 
x coupler stud 

3" .23 lb . 13 lb 

3t" . 41 lb .29 lb 
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MATERIAL 

The concrete mix design was based on WSDOT standard 
specifications for Class AX (4,000 lb/in. 2) concrete. Ready­
mix concrete was purchased from a batch plant and delivered 
by truck. Concrete was designed as a four-sack mix with a%­
in. maximum aggregate size. Slump was 3 in. at the time of 
delivery. Concrete properties were established by ASTM C469-
87. Concrete test cylinders were taken throughout the place­
ment of columns. Sample concrete was removed from cylinder 
forms after 10 days and air cured in situ with the columns. 
Average compressive strength was 3,200 lb/in. 2 at 84 days and 
modulus of elasticity (Ee) was 3,176,000 lb/in. 2

• The standard 
deviation of the concrete strength was 87.5 lb/in. 2 • 

ASTM A615 deformed bars were used for column rein­
forcement. Table 2 shows the size and average material prop­
erties. The modulus of elasticity was 29 million lb/in. 2 • Cou­
plers were swaged to reinforcement for tensile test. Coupler 
strengths equaled or exceeded 150 percent of the specified 
yield strength for the Grade 60 reinforcing bars. Table 3 lists 
a summary of the values from coupler test. 

FIGURE 3 Swaged coupler detail and dimensions. Strength and pretensioning of the couplers can be improved 
by using a higher-strength material for the stud. The extra 
strength will prevent the wrench from stripping the hex-head 
when tightened, allowing more tension to be exerted to the 
hoop. 

COLUMN CONSTRUCTION 

All columns were constructed simultaneously. Reinforcement 
was tied in cages and supported from the forms utilizing 1 Y2 
in. steel wire chairs. Concrete was placed in the vertical forms 
by concrete bucket and consolidated with probe vibrators. 
After curing for 10 days, the forms were removed and the 
columns were open-air cured (approximately 84 days) until 
tested. During curing, columns were freestanding with no 
axial load applied. 

TABLE 2 Reinforcement Properties 

Size Grade Yield 
fy (ksi) 

Strength 
fu (ksi) 

TEST APPARATUS AND LOADING 

Axial Loading 

A total force of 158 kips was applied by a concentric rod and 
a centerhole hydraulic jack. The loading was monitored con­
tinuously by a load cell at the column top. The external hoops 
were placed before testing and before the axial load was ap-

Type of Reinforcement 

#4 60 70.0* 94.0 Exterior ~oop 
#3 60 81.0* 99.0 Exterior Hoop 
#6 40 55.0 90.0 Longitudinal Reinf. 
#3 40 63. 0* 80. 6 Interior Hoop ' 

* Estimated yield. Actual yield was not determined due to pre­
bending of reinforcement hoop bars. 

TABLE 3 Coupler Data 

COUPLER INITIAL TIGHTENING MAXIMUM TENSILE FAILURE 
SIZE (KIPS) (KIPS) MODE 

#4 9. 3 5 2 0. 0 * STUD 
# 4 10 . 5 2 0 . 7 BAR 
#3 4. 8 11. 0 STUD 
#3 4. 7 11. 0 STUD 

* Ultimate specified force for a #4 is 18.0 kips, and #3 is 9.9 
kips. 
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plied. The axial load produced hoop strains of approximately 
4 percent of the total maximum strain during testing. 

Horizontal Loading 

The horizontal load was applied by a 110-kip MTS actuator. 
Each end of the load train was attached to MTS swivels. The 
swivels allowed rotation in both vertical and horizontal di­
rections. The actuators were displacement controlled by com­
puter analog converter at a maximum loading rate of ap­
proximately 0.4 in./min. 

The actuator's total displacement stroke length was 10 in. 
Take-up in the load train limited cycling displacement to ± 4.33 
in. The first cycle had a maximum displacement of three­
quarters of the yield displacement, followed by two cycles 
with maximum displacements of yield and twice yield, re­
spectively. Loading continued with cycles of four times the 
yield displacement until forces required to maintain four times 
the yield displacement dropped significantly. 

INSTRUMENTATION 

Strain gauges were placed on dowels and longitudinal rein­
forcing bars at 3, 12%, and 20Y4 in. above the base plate on 
longitudinal reinforcing bars at five plan locations. Additional 
gauges were placed diametrically opposite on the bottom three 
internal hoops in the plane of loading. The external hoops 
were gauged in a manner similar to that for the internal hoops. 
Figures 1 and 2 show the strain gauge locations. 

Lateral force was measured with a 110-kip MTS load cell 
placed integral with the load train. Lateral displacements were 
measured with a Temposonic displacement transducer. An 
isolated reference bridge was used to support the Temposonic. 
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Absolute displacements were measured directly from the col­
umn at the same elevation as the load train. 

DATA ACQUISITION 

All data were recorded by an HP 3497 A data acquisition/ 
control unit. This unit interfaced with an HP 9216 computer 
that reduced data and stored values on 3Y2-in. HP 9121 disk 
drives. All voltage readings were normalized and zeroed. Data 
were collected under static conditions as the column com­
pleted each incremental step. 

TEST RESULTS 

For the purpose of testing, a yield displacement was defined 
as DY = 1.07 in. (4,5). This is the displacement required to 
cause yielding of the extreme longitudinal reinforcement. The 
maximum ductility factor,µ = DIDY, for the test was 4.0. 

Results of the testing are illustrated as hysteresis graphs in 
Figures 4 through 7 and as photographs in Figures 8 through 
10. The hysteresis graphs are plotted as horizontal force versus 
horizontal displacement. A comparison of Figures 4 through 
7 illustrates the significance of the retrofit method. Note that 
the initial cycles of the four hysteresis ·graphs show similar 
stiffness. This aspect is crucial to bridges because the retrofit 
method does not increase loading to the foundation. 

The hysteresis curve for Column 1 (Figure 4) is unstable at 
4µ. Evidence of a sudden drop in load-carrying capability is 
observed. The column failed to form a plastic hinge. Energy 
dissipation was poor in subsequent cycles. 

The hysteresis curves for all three retrofitted columns (Fig­
ures 5 through 7) are very stable at 4µ. No evidence of sudden 
drop in load-carrying capability was observed, and the plastic 
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FIGURE 4 Hysteresis Column 1: less than one cycle at 4µ.. 
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FIGURE 5 Hysteresis Column 2: 13 cycles at 4µ. · 
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FIGURE 6 Hysteresis Column 3: 14 cycles at 4µ. 

hinge continued to dissipate energy throughout the test. A 
large drop in load was evidenced near the end of testing when 
dowel reinforcement bars fractured at the weld to the base 
plate. The failure of the dowel at the weld is believed to be 
caused by embrittlement due to welding and was not a true 
characteristic of the prototype column. 

FAILURE MODES 

Two types of failures were encountered. The first type was 
in the lapsplice of the longitudinal reinforcement of Column 
1. Figure 8 is a photograph of Column 1 at the completion 

of testing, illustrating the nature of the lapsplice failure. No­
tice that the concrete spalled over the entire length of the 
lapsplice. Failure began at 2µ with the development of a large 
flexure crack at the top of the lapsplice and concrete crushing 
at the base. The flexure crack increased in size, progressing 
into a diagonal shear crack as cycling proceeded to 4µ. A 
lateral translation kept the crack from closing, causing the 
concrete cover to spall, the lapsplice to slip, and the horizontal 
force required to attain 4µ to drop significantly. Completion 
of the second half-cycle resulted in the complete failure of 
the lapsplice. The hysteresis curve shows a force on subse­
quent cycles, which is attributed to the action of the postten­
sioning rod. In the final half-cycle, the axial load was remov.ed 



30.0 

20.0 

if) 
0.. g 10.0 

<1.) 
(.) 
i... 

& 0.0 
~ 
.....,> 
~ 
0 
N ·c -10.0 
0 ::c: 

-20.0 

- 30.0 
-5.0 -3.0 -1.0 1.0 3.0 5.0 

Horizontal Displacement (inches) 

FIGURE 7 Hysteresis Column 4: 17 cycles at 4µ. 

FIGURE 8 Column 1 elevation at completion of test: cover 
spalled but did not fall off and was easily removed manually for 
visual inspection. 

FIGURE 9 Column 2 elevation at completion of test: notice 
that damage is all located below bottom exterior hoop; hoops 
were undamaged; bottom hoops were removed at completion of 
testing. 
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FIGURE 10 Column 4 elevation at completion of test: this 
column had minimum external confinement; concrete crushing 
developed above bottom hoop. 

and Column 1 was displaced to 4µ, . The horizontal force re­
quired to attain 4µ, was 500 lb compared with the ultimate of 
23 ,870 lb. The core concrete was unspalled at the end of 
testing and capable of carrying the axial load , although the 
section would be vulnerable to failure in shear or uplift with 
further loadings because the internal hoops were no longer 
effectively confining the lapsplice . 

The second mode of failure was predominant in the three 
retrofitted columns and consisted of concrete crushing below 
the bottom external hoop. Figures 9 and 10 are photographs 
of Columns 2 and 4 after testing. These figures illustrate the 
second failure type. Notice that the majority of the damage 
is now located in the bottom 3 in . Concrete crushing at the 
base continued to propagate toward the column core until the 
dowel reinforcement fractured at the weld to the base plate . 
Dowel reinforcement fractured just above the fillet weld. Fail­
ure was restricted at the base because of the steel plate. A 
concrete foundation would allow crushing of concrete and a 
longer hinging length , which would be beneficial to perform­
ance under these testing conditions . Increasing the length of 
plastic hinging in turn increases the energy dissipation. 

This method of retrofitting columns is successful in im­
proving the column performance , but it does nothing for im­
provement of the footing. Potentially the failure will be lo­
cated in the footing with the retrofit that has not increased 
the durability of the structure on the global scale. If it is 
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impractical to retrofit the foundation , the alternative to do 
nothing at the column base may be plausible. The failure of 
Column 1 was essentially a hinge. If the column could then 
carry the loads at the top , no retrofit would be necessary at 
the bottom , which simplifies the entire retrofit to just the top 
of the column and cross beam. 

Column 1 failed in slippage of the lapsplice after the con­
crete cover spalled. Spalling was largely caused by the wedging 
action of the deformations of the longitudinal reinforcement. 
Samples of longitudinal reinforcement had a small sheared 
wedge embedded on the compression side of the bar defor­
mation. This wedging created a perimeter crack at the center 
of the longitudinal reinforcement where the concrete cover 
spalled away from the inner column core. 

Columns 2 and 3 failed by concrete crushing due to flexural 
compression. Further damage was not evident until the dis­
placement was increased. This pattern continued up to 4µ, , 
where the dowel reinforcement fractured after a minimum of 
13 cycles. Columns 2 and 3 retrofit hoops prevented the for­
mation of a flexure crack at the top of the lapsplice. Column 
4 failure varied from that of Columns 2 and 3, developing 
instead a flexural crack at the top of the lapsplice. The crack 
did not propagate into a significant size . Column 4 also had 
concrete crushing at the base propagate above the bottom 
external hoop during the initial cycles of 4µ,. Figure 10 shows 
the damage above the bottom external hoop. No further dam­
age above the bottom bar was observed in later cycles of 4µ, . 
As testing continued , Column 4 settled into the same failure 
mode as the first two retrofitted columns. This damage is an 
indication that Column 4 was failing in the same manner as 
Column 1. Reflecting the retrofit reinforcement was close to 
the minimum required to prevent the lapsplice failure . 

EXTERNAL HOOP REINFORCEMENT 

The external confinement reinforcement showed no signs of 
distress. Strains in the bottom retrofit bars did reach 1.5 to 2 
times yield strain. Strains in the retrofit hoops varied along 
the length of the main reinforcement lapsplice , decreasing as 
you move up the column vertically to mid-lapsplice and then 
increasing again to the top of the lapsplice. Retrofit bars above 
the lapsplice showed little variation in strain. 

Figure 11 indicates strain profiles of the bottom internal 
hoops for columns 1, 2, and 4. Also shown in Figure 11 (middle 
and bottom) are strains of corresponding external hoops from 
Columns 2 and 4. The relative magnitudes show the force 
distribution between the internal and external confinement 
hoops. 

Note the unstable nature of strain in the internal hoop of 
column 1. This instability follows the first displacement to 4µ, 
when the cover concrete spalled. The interior hoop lapsplice 
begins to slip , causing chaotic strain readings . The internal 
hoop strains of the retrofitted columns indicate no evidence 
of instability because the external hoops carry a majority of 
the load. The strain in the interior hoops of the retrofitted 
column is a function of the exterior hoop confinement. With­
out the additional exterior hoops , interior hoops do not con­
tribute to confinement and should be excluded in designing 
the confinement reinforcement. 
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INCREASED DUCTILITY 

Ductility is a measure to withstand cyclic loading. Although 
it is not clear how much ductility a column should be designed 
for, ductility can be used to weigh the effectiveness of the 
retrofit method. The ductility of the retrofitted columns im­
proved markedly over that of the control column. Energy 
dissipation was 269, 1,459, 1,565, and 1,842 kip-in. for Col­
umns 1 through 4, respectively. Thus the energy dissipation 
as percentages of Column 1 are as follows: Column 2, 541 
percent; Column 3, 581 percent; and Column 4, 684 percent. 

Figure 12 relates the stability of the four columns as energy 
dissipation per cycle. Column 1 was unable to dissipate energy 
after the first cycle of 4µ. Retrofitted columns continued to 
dissipate a large proportion of energy after the first cycle of 
4µ. Figure 12 also shows the duration of cycling at 4µ. The 
drop in Column 2 is caused by the continuation of testing 
after the dowel bars fractured at the weld. 

The increase in energy dissipation with the reduction of 
confinement reinforcement can be attributed to the pinching 
of the longitudinal bar. As the confinement reinforcement 
decreases, the length to transfer force from longitudinal to 
dowel reinforcement increases. As the confinement reinforce­
ment is decreased, strains increase when wedging separate 
cover and core concrete. This allows the longitudinal rein­
forcement to yield over a longer length, thus permitting an 
increase in strain energy of the longitudinal reinforcement 
and, thus, the amount of energy dissipated. With the larger 
confinement reinforcement, the strain energy of the longi­
tudinal reinforcement is distributed over the bottom 3 in. of 
the column because of lower confinement reinforcement strains. 
This can be seen in Figure 9, where all the damage to Column 
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FIGURE 12 Energy dissipation per cycle. 
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2 is at the base plate. Column 4 in Figure 10 had damage 
above the bottom hoop, allowing about twice the length of 
longitudinal reinforcing to yield. 

This increase in length was also evident in the strain profiles 
of Figure 11. Column 2 strains in Figure 11 (middle) are much 
smaller than those in Column 4 in Figure 11 (bottom). The 
No. 4 external hoops of Column 2 are large enough to confine 
the forces in the longitudinal reinforcement at the bottom 
hoop. It was apparent from the confinement hoop strains 
going up the column that the lapsplice was fully developed in 
half of its specified length; that is, the confinement hoops 
exhibited the greatest strains at the base of the column and 
just below the top of the lapsplice. The strain decreased to­
ward the midpoint of the lapsplice. 

SUMMARY 

1. Installing hoops around the exterior as confinement im­
proved the performance of the reinforced concrete columns 
by preventing lapsplice failure and thus increasing the duc­
tility. Confinement is provided by exterior reinforcement, as 
indicated in Figure 11. Interior confinement had smaller strains 
than did exterior confinement and was unstable without ex­
terior hoops such as those in Column 1 [Figure 11 (top)]. 
Design should exclude the contribution of internal hoops. 
Confinement should be provided as specified in the AASHTO 
guide specifications for plastic hinging (2). When retrofitting 
confinement is placed around the existing column, the gross 
area becomes equal to the core area, and the reinforcement 
ratio is limited by Equation 2. 

2. Tensioning the exterior hoop is essential to performance. 
Confinement hoops should be tightened snug against the con­
crete. Although active confinement was not studied as a pa­
rameter in this project, previous studies (6,7) show that pas­
sive confinement reinforcement does not restrain the core 
until the column core fractures. This action generates a ten­
sion reaction in the confining reinforcement as the lateral 
strains increase markedly. Active confinement can increase 
strength by reducing core fracturing. The active confinement 
prevented the spalling of concrete cover, thus maintaining the 
lapsplice strength. Although no external hoops failed during 
column testing, hoop strengths were limited by the strength 
of the stud. Performance of hoops could be improved to pro­
vide additional strength and pretensioning by making the stud 
from a higher-strength material. 

3. External hoops should be placed as close as possible to 
the supporting element to prevent concrete spalling. Column 
connections to footings and cross beams are regions of high 
stress during seismic loading. These connections are where 
the concrete is most likely to spall. To prevent large spalling 
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in this locality, hoops should be as close as possible to the 
connecting part. Although shear failure was not investigated 
in this project, this retrofit method can be utilized in strength­
ening columns with insufficient shear capacity by standard 
design practice. 

4. This retrofit technique is recommended for use at po­
tential plastic hinge locations or in regions in which existing 
ties are insufficient to handle shear. 

5. Foundation retrofitting is very difficult and expensive. 
Loads created in a seismic event are proportional to the col­
umn stiffness. Increasing loads to the foundation can generate 
expensive retrofits. To reduce costs, column retrofitting should 
thus minimize the effects to the foundation. The advantage 
of this retrofit is improved ductility without changing column 
stiffness. Although it is not clear whether it necessarily would 
be needed at the bottom of these columns, the retrofit could 
be used at the top. The reason to doubt the effectiveness at 
the bottom of the column is because of the need to retrofit 
the footing. It may be possible to eliminate footing retrofit 
by only retrofitting the top portion of the column. 
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Seismic Retrofitting of Rectangular Bridge 
Columns for Shear 

LAURA L. BERNARDS, DAVID I. McLEAN, AND EDWARD H. HENLEY, JR. 

Retrofitting measures applied to ¥s-scale shear-deficient columns 
representative of existing rectangular bridge columns in the Puget 
Sound area of Washington state were investigated. The retrofit 
methods studied included external hoops applied over the height 
of the column and full-height rectangular steel jacketing. Test 
specimens consisted of a single column connected at the base to 
a rectangular footing. The specimens were subjected to increasing 
levels of cycled inelastic displacements under constant axial load. 
Performance of the specimens was evaluated in terms of load 
capacity and ductility. Tests on the column representing as-built 
conditions resulted in a brittle shear failure at the calculated yield 
displacement, that is, at a displacement ductility level ofµ = 1. 
Both retrofit methods investigated improved the behavior of the 
deficient column. With the external hoop retrofit, performance 
of the retrofitted columns was only moderately improved over 
that of the as-built column. Brittle fracture of the retrofit hoops 
limited the load-carrying capability and ductility enhancement, 
with displacement ductility levels of µ = 2 and 4 being achieved. 
With the use of the rectangular steel jacket retrofit, performance 
was significantly improved over that of the as-built column. The 
jacket retrofit resulted in a ductile column response with good 
load-carrying capability through µ = 8. Application of this re­
trofit over the full height of the column enabled the steel jacket 
to increase the column shear strength so that a flexural failure 
mode resulted. Although buckling of the steel jacket and longi­
tudinal reinforcement occurred near the maximum moment sec­
tion, sufficient confinement to the hinging region was provided 
by the buckled steel jacket to maintain load-carrying capability. 

The extensive damage to bridge structures in the 1971 San 
Fernando earthquake caused a significant reevaluation of the 
seismic design approach for bridges. Since then, improve­
ments have been incorporated into current design criteria. 
However, many bridges were built before the introduction of 
these new standards. Bridge failures in California and Alaska 
under relatively moderate earthquake loadings and, most no­
tably, the collapse of the 1-880 freeway in the Loma Prieta 
earthquake clearly indicate the vulnerability of older bridges 
and the need to develop methods for strengthening these . 
bridges to meet current safety requirements. 

In the United States, much of the work on seismic retro­
fitting of bridges has been done in California. Significant re­
trofit efforts began there in the late 1970s, with the focus of 
the retrofit program being to improve the performance of 
superstructures in an earthquake. Only relatively recently did 
the California Department of Transportation (Caltrans) begin 
retrofitting bridge substructures. It is notable that many of 
the bridges that experienced substructure damage during the 

L. L. Bernards and E. H. Henley, Jr., Washington State Department 
of Transportation, Olympia, Wash. 98504. D. I. McLean, Depart­
ment of Civil and Environmental Engineering, Washington State Uni­
versity, Pullman, Wash. 99164. 

Loma Prieta earthquake had movement restrainers installed 
in the superstructures. Clearly, retrofit efforts must address 
the entire structure before adequate structural safety can be 
achieved. 

A common problem in pre-1971 bridges is an insufficient 
amount of transverse reinforcement in the columns. Typically, 
No. 3 or ~o. 4 transverse hoops spaced at 12 in. on center 
were used in rectangular columns, regardless of column cross­
section dimensions, and the hoops had short hook extensions 
and anchorage only by lapping the ends in the cover concrete. 
Further, intermediate ties were rarely used. This detail results 
in many older columns being susceptible to shear failures, and 
it provides little confinement for developing full flexural capac­
ity or preventing buckling of the longitudinal reinforcement. 

The objective of the research presented in this paper was 
to identify retrofit techniques for increasing the shear strength 
and ductility capacity of rectangular reinforced concrete bridge 
columns. A detailed account of the research program can be 
found elsewhere (J). This paper presents an overview of the 
study and discussion of the test results and conclusions. 

BRIDGE COLUMN RETROFITTING 

Previous Retrofit Research 

Chai et al. (2,3) examined the effectiveness of retrofitting 
circular and rectangular bridge columns with circular and el­
liptical steel jackets, respectively, in which the gap between 
the jacket and column was filled with high-strength grout. 
Initially, the jacket was used only in the plastic hinge region 
and terminated just above the footing. As-built circular col­
umns with lapped starter bars did not reach their theoretical 
strength because of bond failure in the early stages, after 
which the stiffness and strength degraded quickly. A com­
parable column retrofitted with a 3/16-in.-thick circular steel 
jacket showed tremendously improved results. In tests of as­
built rectangular columns with lapped starter bars, there was 
bond failure at the splice leading to rapid strength and stiffness 
degradation. When retrofitted with a 3/16-in.-thick elliptical 
jacket, excellent hysteretic response was achieved. A later 
phase of testing showed that the same circular and elliptical 
steel jackets, extended over the full height of the columns, 
were effective in enhancing the shear strength and ductility 
in circular and rectangular columns, respectively. 

Coffman et al. ( 4) studied a retrofit method for improving 
bridge column ductility that used external hoops, prestressed 
with turnbuckles, around the lower portion of circular col­
umns. This scheme resulted in a dramatic increase in the total 
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energy dissipation of the section and an increase in seismic 
durability by an order of magnitude over the as-built column. 
This method appears to improve the force transfer between 
the dowels and longitudinal steel in the splice region, even 
under repeated inelastic displacements. 

Bett et al. (5,6) improved the performance of rectangular 
columns by adding external longitudinal reinforcement and 
closely spaced ties. This retrofit method was varied by adding 
cross ties through the column that were anchored by hooking 
around the longitudinal reinforcement. The cross ties im­
proved the confinement, resulting in decreased strength and 
stiffness degradation under reversed cyclic loading. 

Fyfe and Priestley (7) studied a retrofit method that used 
a high-strength fiber-reinforced fabric that was posttensioned 
around the plastic hinging region of a column. This retrofit 
method enhanced the flexural ductility and prevented the 
bond failures that were observed in the as-built columns tested 
by Priestly et al. (2,3). 

Current Retrofit Practice 

Currently, very little information exists on standard proce­
dures for retrofitting bridge substructures. In the United States, 
only Caltrans has implemented any standardized procedures 
for selection of critical substructure elements and specifica­
tions for retrofitting once a bridge substructure has been iden­
tified as critical (8). 

In bridges with columns identified as being unsatisfactory, 
Caltrans has standardized two column retrofit methods, the 
Class P retrofit and the Class F retrofit, which consist of%­
in.-thick steel jackets around the columns. For shear-deficient 
columns, a full-height jacket is used. Circular or elliptical 
jackets are used, depending on whether the column is circular 
or rectangular. The Class P retrofit provides partial confine­
ment in the plastic hinging regions and only modifies the 
column, whereas the Class F retrofit modifies both the column 
and the footing, resulting in higher costs with the Class F 
retrofit. For this reason, a common starting point in Caltrans 
retrofit strategy is to use a Class F retrofit on one column per 
frame and Class P retrofits on the other columns in the frame. 

EXPERIMENTAL TESTING PROGRAM 

A representative bridge column from the Puget Sound area 
of Washington state was identified and used as the deficient 
specimen to which retrofit measures were applied and eval­
uated. The prototype column was formulated by compiling 
design information from existing Washington state bridges 
and identifying common dimensions, reinforcement arrange­
ments, and deficient details in the columns. The column cho­
sen was a 20- x 30-in. section with reinforcement concen­
trated on the 20-in. faces and with a total reinforcing ratio of 
2.6 percent. The column contained No. 3 transverse hoops at 
12 in. on center with 4-in. hook extensions that were lapped 
in the cover concrete for anchorage. All reinforcement in the 
column was Grade 40, which was used almost exclusively in 
the older bridges being studied. 

The experimental tests were conducted on 2/s-scale speci­
mens that modeled the dimensions, reinforcement content 
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FIGURE 1 Column control specimen: top, plan view; bottom, 
elevation view. 

and arrangement, deficient detailing, and material properties 
of the chosen prototype column. A cross section of the scaled 
specimen is shown in Figure 1, which represents the control 
specimen to which all retrofitted column results were refer­
enced. The test specimens consisted of a single column con­
nected at the base to a rectangular footing. To prevent a 
footing failure that would introduce another variable into the 
testing program, the footing was designed to be stronger than 
those commonly found in pre-1971 designs. Continuous lon­
gitudinal bars extended into the footing using 90-degree hooks 
for resistance to pullout (see Figure 1). Tests were performed 
on parallel sets of specimens: one specimen incorporated de­
ficient as-built detailing (the control specimen), and the other 
incorporated the same detailing but was retrofitted so that 
the benefit of the retrofit could be clearly seen. 

Retrofit Methods Studied 

Two basic retrofit methods were selected for study, each with 
a set of parameter variations. The first was a technique using 
steel plates welded up four longitudinal seams to form a rec­
tangular jacket to encase the full height of the column. It was 
made slightly oversized for ease in construction, and the gap 
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between this jacket and the specimen was then filled with 
high-strength, nonshrink cement grout. A Yi-in. space was left 
between the top of the footing and bottom of the jacket to 
eliminate bearing of the jacket on the footing that would 
increase the flexural capacity and transfer excessive force to 
the footing. This retrofit scheme is shown in Figure 2. 

The effects of various plate thicknesses in the jacket retrofit 
method were studied by testing specimens retrofitted with 12-
and 16-gauge steel plates, corresponding to approximately Y10-
and Yi6-in. thicknesses, respectively. A.second variation was 
to use an epoxy mixture rather than cement grout to fill the 
gap between the jacket and column. This epoxy mixture is 
used commercially in anchor bolt applications and consisted 
of a 1: 1 ratio of epoxy to sand in which a rounded sand was 
used to produce a fairly fluid mixture. A third variation was 
investigated in which steel dowels were anchored into the 
column core near the footing to improve confinement of the 
jacket under cyclic loading and delay longitudinal bar buck­
ling. The dowels used were 0.25-in.-diameter bars set in 4-
in.-deep predrilled holes and were anchored with epoxy. They 
were located at 1 in. and 4 in. from the top of the footing on 
each 8-in. face. 

The second retrofit technique that was investigated used 
steel angle configurations at each comer of the specimen that 
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FIGURE 2 Steel jacket retrofit: top, plan view; 
bottom, elevation view. 
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were connected by threaded 0.25-in.-diameter rods acting as 
hoops spaced along the specimen (see Figure 3). These angle/ 
rod configurations, hereafter referred to as retrofit hoops, 
were expected to act as confinement for the specimen under 
cyclic loading and to provide shear reinforcement, much like 
tie reinforcement would in new construction. Expected ad­
vantages with this method were the minimal increase in flex­
ural capacity and the .ease of applying the retrofit in the field. 
Various spacings between the hoops were studied. 

A summary of the test specimens is given in Table 1. 

Test Setup and Procedures 

Figure 4 shows the test setup for the column specimens. The 
specimens were tested using reversed cyclic lateral loading 
about the strong axis of the section under a constant axial 
load. Anchor bolts were used to secure the footing to the 
strong floor, and sliding of the specimen was prevented by 
horizontal stays. An axial load level of 0.09/ ;Ag was applied 
to all columns, equivalent to a stress level of 360 lb/in. 2 on 
the 8- by 12-in. cross section. The axial load varied by at most 
± 12 percent during testing. 

STEEL 
ANGLE 

= 

EXISTING 
COLUMN 

THREADED 
BAR 

FIGURE 3 Angle and rod retrofit: top, plan view; 
bottom, elevation view. 



122 TRANSPORTATION RESEARCH RECORD 1371 

TABLE 1 Column Specimens 
---·--- --

SPECIMEN NO. COLUMN SPECIMEN DESCRIPTION 

1 Control 

2 Control 

3 · Angle/rod retrofit, 6 in. o.c. 

4 Steel jacket retrofit, 16 gage 

5 Angle/rod retrofit, 4 in. o.c. 

6 Steel jacket 

7 Steel jacket 

8 Steel jacket 

The cyclic lateral load was applied at 30 in. above the top 
of the footing by a 55-kip capacity actuator operated under 
displacement control using a closed-loop servohydraulic sys­
tem. The sequence used was chosen to display the general 
hysteretic characteristics and ductility of each specimen and 
consisted of an increasing displacement pattern to various 
multiples of the yield displacement of the column. Two cycles 
were used at each displacement to displacement ductility lev­
els of µ = 1, 2, 4, 6, and 8, unless premature failure of the 
column occurred. 

Determination of the yield displacement, Lly, of the column 
specimens was altered from typical methods [e.g., Priestly 
and Park (9)] because of restrictions associated with the par­
ticular columns under study. Use of the conventional method 
for the shear deficient columns in this research program was 

15' 

HEIGHT 
ADJUST. 

------10' 

I 

W18x 119 

ADJUSTABLE 
SUPPORT PLATE 

55 KIP 
HORIZONTAL 
ACTUATOR 

ANCHOR 
BOLTS 

W14x90 

I 

FOOTING ,, 
II 

STRONG FLOOR 

FIGURE 4 Test setup. 

retrofit, 12 gage 

retrofit, 16 gage with dowels 

retrofit, 16 gage with epoxy 

not considered feasible because of the probability of a shear 
failure occurring before% of the flexural capacity was reached. 
Therefore, an alternate method using an approximate cracked 
section analysis was used; this method produced a yield dis­
placement of 0.11 in. For the first column test, this value was 
used; however, it significantly underpredicted the actual yield 
displacement evident in the experimental data from Column 
1. On the basis of this first test, the actual yield displacement 
was determined to be 0.26 in. This value was used as the Lly 
for all subsequent column tests to subject the control and 
retrofitted columns to the same displacement history. 

Strain gauges were used to monitor the strains of the flex­
ural and transverse reinforcement as well as the external re­
trofit rods and steel jackets. All data were recorded inter­
mittently throughout the testing sequence. 

TEST RESULTS AND DISCUSSION 

In this section, experimental results for the column studies 
are presented. Results from each specimen are discussed sep­
arately to begin with, followed by a discussion of various 
groups of specimens to facilitate comparisons. Performance 
of the specimens was mainly evaluated in terms of moment 
capacity and ductility enhancement along with general hys­
teretic behavior. 

Control Column Test 

Column 2, which represented existing field conditions, dis­
played a classic shear failure with an x-pattern of cracking 
developing as the testing progressed. The failed control spec­
imen is shown in Figure 5. Results from this column served 
as the reference for all retrofitted columns. In this specimen, 
shear cracking and yielding of the ties occurred early on in 
testing, beginning in the first cycle to 1 Lly. Referring to the 
load-displacement hysteresis shown in Figure 6, there was a 
sharp degradation in load-carrying capability during the sec­
ond cycle to 2 Lly, after which the load continued to drop until 
almost no load was carried. This column was evaluated as 
having a displacement ductility level of µ = 1. 
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FIGURE 5 Shear cracking in control column specimen. 
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Angle and Rod Retrofit 

Columns 3 and 5 were tested using the angle and rod tech­
nique , each with a different spacing between retrofit hoops. 
For both columns , all bars in the retrofit hoops were uniformly 
prestressed to 50 percent of the bar's yield stress. 

In Column 3, retrofit hoops were used at a spacing of 6 in. 
on center. During testing, internal tie yielding was observed 
during the first cycle to 2 Ar At this time displacement level , 
cracks developed between the corner angles at an inclination 
of approximately 45 degrees. The load capacity dropped sharply 
in the first cycle to 4 Ay because of brittle fracturing in the 
threads of the external bars , with failure of the bars beginning 
at the bottom of the column and working upward. Although 
a mild steel (A36) was used as the material for the external 
rods , this was not reflected in the mode of failure. When the 
retrofit hoops were lost , shear cracks progressively opened 
up, similar to those observed in the control column. After 
formation of these large shear cracks , the load capacity con­
tinued to drop until almost no load was carried. The lateral 
load capacity of Column 3 showed an increase of 7 percent 
over that of the control column because of the addition of 
the retrofit hoops . A load-displacement hysteresis plot for 
Column 3 is shown in Figure 7. This column was evaluated 
as having a ductility ofµ = 2. 

In Column 5, retrofit hoops were used at a spacing of 4 in. 
on center. Before this test was conducted , the bars to be used 
in the retrofit hoops were annealed to produce a material that 
would respond in a more ductile manner than those used in 
Column 3. Internal tie yielding did not occur in the testing of 
Column 5 until the first cycle to 4 Ay. Again , shear cracks 
formed between the corner angles at an inclination of ap­
proximately 45 degrees . Column 5, using a smaller spacing 

1.0 3.0 

Displacement (inches) 

FIGURE 6 Lateral load displacement curves for Specimen 2. 
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FIGURE 7 Lateral load displacement curves for Specimen 3. 

FIGURE 8 Specimen 5 after testing. 

between retrofit hoops than in Column 3, held its load into 
the first cycle to 6 ay, when the external bars began to fail in 
the threads. However, in this specimen, the bars necked down 
in a ductile manner before fracturing , with failure of the bars 
beginning at the middle of the column and working down­
ward . When the retrofit hoops fractured , shear cracks began 
to open up, as in the control column, followed by a substantial 
buckling of the longitudinal reinforcement and destruction of 
the column core (see Figure 8). As with Column 3, the lateral 
load capacity showed an increase of 7 percent over that of 
the control column. Column 5 displayed an increase in duc­
tility capacity over that of Column 3, with good performance 
through µ = 4. A load-displacement hysteresis plot for Col­
umn 5 is shown in Figure 9. 

This discussion indicates that both columns utilizing the 
angle and rod retrofit displayed only a moderate amount of 
improvement in strength and ductility over that of the control 
column. Column 5, with a smaller spacing between retrofit 
hoops , resulted in increased ductility capacity and delayed 
internal tie yielding when compared with Column 3. Both 
columns showed an increase in lateral load capacity of 7 per­
cent. Of note is the fact that shear cracks developed before 
fracture of the external hoops , indicating that the mode of 
failure was not changed from shear to flexure. 

With use of this retrofit technique it was expected that the 
number of retrofit hoops added would increase the shear ca­
pacity of the column so that a flexural failure mode would 
occur. However, the contributions to shear strength from the 
as-built specimen and the retrofit hoops were not directly 
additive. This behavior possibly can be explained by limita­
tions in the ductility or elongation of the retrofit bars . As a 
result , the bars were not able to sufficiently stretch to accom­
modate the load without fracturing. The use of upset threads 
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FIGURE 9 Lateral load displacement curves for Specimen 5. 

could improve the performance but would significantly in­
crease the cost of the retrofit. 

Steel Jacket Retrofit 

In the steel jacket retrofit, four columns were tested with 
variations in the thickness of the steel plate, material in the 
gap between the existing column and jacket, and confinement 
near the base of the column. 

Column 4, which used a 16-gauge steel jacket with non­
shiink cement grout between the existing column and jacket, 
performed very well under the imposed cyclic loading, with 
good load-carrying capability through a displacement ductility 
ofµ = 8. A lateral load capacity enhancement of 16 percent 
was seen in this column when compared with the as-built 
specimen. From the load-displacement hysteresis plot of Col­
umn 4 (Figure 10), it can be seen that the retrofitted column 
displayed good energy dissipation, and its performance was 
vastly improved over that of the unretrofitted column. Be­
ginning during cycles to 4 ay, the column longitudinal bars 
and steel jacket buckled near the base of the column at the 
maximum moment section. During testing to larger displace­
ment levels, buckling increased, but the jacket continued to 
provide some confinement to the hinging region. As a result 
of this confinement, cracks penetrated into the footing be­
cause the plastic hinging region was forced downward into 
the footing. Throughout the testing sequence, there was no 
evidence of internal tie yielding. After the jacket had been 
removed, no evidence of any shear cracks was visible in the 
column. 

Column 6, which was retrofitted using a 12-gauge steel jacket 
and cement grout between the jacket and existing column, 

also performed well with good load-carrying capability through 
a ductility of µ = 8. Even though the steel jacket in Column 
6 was 75 percent thicker than that in Column 4, the lateral 
load capacities were the same. From the load-displacement 
hysteresis plot of Column 6 shown in Figure 11, the width of 
the loops, which are slightly wider than those in Column 4, 
indicates good energy dissipation throughout the test se­
quence. As in Column 4, buckling of the longitudinal bars 
and steel jacket occurred near the base of the column begin­
ning during the cycles to 4 ily. However, the extent of buckling 
was slightly reduced by the use of a thicker jacket. Cracking 
was again seen in the footing around the base of the column 
because of the downward shifting of the plastic hinge zone. 
Internal tie yielding was prevented using this retrofit scheme, 
and no shear cracks were seen in the column after the jacket 
had been removed. 

Column 7, which used a 16-gauge steel jacket, cement grout, 
and four steel dowels into the column core, showed excellent 
performance through a ductility ofµ = 8. This specimen had 
a lateral load capacity increase of 19 percent over that of the 
-control column, which was the largest of all columns tested, 
possibly because of the increased confinement at the plastic 
hinge. In addition, the use of dowels through the column core 
near the maximum moment section resulted in an increase in 
energy dissipation, as seen by the width of the loops in the 
load-displacement hysteresis plot in Figure 12. These hyster­
esis loops were the widest of all columns tested. By using 
dowels through the column core, buckling on one side of the 
column was essentially eliminated. However, buckling was 
seen on the other side of Column 7, possibly because of the 
severing of an internal tie while drilling into the core on this 
side of the column. As with the other jacketed columns, no 
shear cracks were seen after removal of the steel jacket, and 
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FIGURE 10 Lateral load displacement curves for Specimen 4. 

cracking in the footing was seen because of the downward 
migration of the zone associated with plastic hinging. 

In Column 8, which used a 16-gauge steel jacket with epoxy 
between the jacket and column, very good load-carrying ca­
pability was seen though µ = 8. This retrofit resulted in a 
lateral load capacity increase of 18 percent over that of the 
control° column. In this specimen, tie yielding was prevented 

throughout the testing sequence, and no shear cracks were 
seen after the steel jacket had been removed. The load­
displacement hysteresis curves of Column 8 (Figure 13) are 
almost identical to those of Column 6 with the thicker jacket. 
With the epoxy filler, performance is slightly improved over 
that in Column 4, which used the cement grout, but not enough 
to justify the substantially higher cost of the epoxy. The use 
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FIGURE 11 Lateral load displacement curves for Specimen 6. 
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FIGURE 12 Lateral load displacement curves for Specimen 7. 

of epoxy between the existing column and jacket significantly 
delayed buckling of the longitudinal reinforcement and steel 
jacket, but buckling ultimately reached the same extent as 
that in Column 6. Cracking of the footing due to shifting of 
the plastic hinge zone also occurred. 

From this discussion it can be seen that all steel-jacketed 
specimens performed well in improving the strength and due-
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tility capacity of the deficient section. In each column, a duc­
tility of µ = 8 was achieved with good load-carrying capa­
bility, after which testing was stopped. Load capacity increases 
were nearly uniform for all jacketed specimens, ranging from 
16 to 19 percent, with the highest value in the specimen in­
corporating dowels through the column core. In all jacketed 
columns, initial stiffnesses were only slightly larger than that 
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FIGURE 13 Lateral load displacement curves for Specimen 8. 
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for the control column. Yielding of the internal ties was pre­
vented using this retrofit method. After the steel jackets had 
been removed at the completion of testing, no shear cracks 
were seen in any of the columns, indicating that the mode of 
failure was changed from shear to flexure. The energy ab­
sorption characteristics of the jacketed specimens were im­
proved substantially when compared with those seen in Col­
umn 2. The use of dowels through the column core at the 
maximum moment section resulted in the most energy dis­
sipation of all specimens. Increasing the thickness of the steel 
jacket slightly improved the energy dissipation, as did using 
the epoxy mixture instead of a nonshrink grout between the 
column and steel jacket. 

Throughout the testing sequence, each steel-jacketed spec­
imen showed some buckling of the longitudinal reinforcement 
and jacket at the base of the column under the imposed cyclic 
loading. By using dowels through the column core, buckling 
was reduced and on one side was essentially eliminated. Al­
though the jackets yielded because of buckling of the longi­
tudinal bars, all jacketed columns maintained some confine­
ment in the hinging region. However, tests by Chai et al. (3) 
have shown that this level of confinement provided by the 
buckled rectangular steel jacket would be insufficient to pre­
vent strength degradation if an inadequate longitudinal re­
inforcement splice was present in the plastic hinging region. 

CONCLUSIONS 

On the basis of the results of this experimental investigation, 
both the angle and rod retrofits and the steel jacket retrofit 
were beneficial in improving the se~smic performance of shear­
deficient rectangular bridge columns. Only moderate im­
provements in ductility resulted from the application of the 
angle and rod retrofit. The full-height rectangular steel jacket 
retrofit provided significant enhancement in lateral load ca­
pacity and ductility of the deficient section. Although buckling 
of the steel jacket at the maximum moment section occurred, 
sufficient confinement was provided to maintain stable hing­
ing behavior. This buckling was reduced, and specimen per­
formance was improved, by providing dowels through the 
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column core in the maximum moment region. An elliptical 
or circular shaped jacket used locally in the hinging regions 
would improve confinement and should be investigated in 
future research. 
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Proof Load Formula for Highway 
Bridge Rating 

GoNGKANG Fu AND }IANGuo TANG 

A proof load formula is proposed for highway bridge evaluation 
through proof load testing to determine target proof load and 
load rating. This formula is based on a target structural safety 
index 13 of 2.3, which is consistent with current bridge evaluation 
practice and also with an evaluation method of load and resistance 
factors under development. It is demonstrated that the proposed 
formula will ensure a relatively uniform level of bridge structural 
safety and that possible changes in input data and probability 
distribution assumptions in the reliability models will not affect 
the results obtained. This formula can be applied to highway 
bridge evaluation by proof load testing, and the resulting rating 
·can be directly input to the current national bridge rating inven­
tory. The formula may be included in specifications for highway 
bridge evaluation by proof testing. 

According to FHW A, about 40 percent of this country's high­
way bridges are considered either structurally deficient or 
functionally obsolete. Some 68 percent of New York State's 
bridges fall into these categories, representing the highest 
percentage among the states. Funds necessary to replace and 
rehabilitate them will not be available in the foreseeable fu­
ture. Major factors contributing to this serious situation are 
age of the infrastructure, increases in both volume and weight 
of vehicular loads, environmental contamination, and inad­
equate maintenance (1). 

These statistics are based on current evaluation technology. 
For existing bridge structures, AASHTO's Manual for Main­
tenance Inspection of Bridges (2), referred to here as "the 
AASHTO manual,'' provides technical guidelines for routine 
analytical evaluation on the basis of data supplemented by 
field inspection. However, such an analytical evaluation often 
is not applicable because of inaccessibility of bridge structural 
components due to their locations or protection methods or 
lack of detailed information such as design plans of bridges, 
or both. When a bridge is evaluated by physical testing, many 
assumptions critical to analytical evaluation methods may be 
unnecessary. In addition, in many cases, physical testing may 
be the only way to obtain a reliable rating; it has proved 
effective in many parts of the world (3-5). The results have 
also demonstrated higher load-carrying capacity than pre­
dicted by conventional analytical methods. This is often at­
tributed to (a) generally conservative analytical methods and 
(b) structural system effects not covered by simplified ana­
lytical methods that usually address only behavior of structural 
components. Despite these advantages of physical testing in 
bridge evaluation, the current AASHTO Manual does not 
include provisions for field testing to evaluate highway bridges. 

Engineering Research and Development Bureau, New York State 
Department of Transportation, State Campus, Albany, N.Y. 12232. 

This paper presents partial results of a study sponsored by 
FHW A to develop and evaluate a proof load testing program 
for bridge evaluation. This study was undertaken based on 
recognition that proof load testing is one of the most effective 
approaches to examine structural load-carrying capacity. De­
velopment of a consistent method for determining both target 
proof load and load rating is a major focus here, based on a 
criterion of target structural reliability. The theory of struc­
tural reliability has been employed elsewhere to develop codes 
of structural design and evaluation (6-9). This theory has 
been recognized as an effective and realistic means to address 
unavoidable random variations of physical quantities used in 
structural engineering decision making. Recently, a load and 
resistance factor methodology for bridge evaluation, based 
on the same theory, has been adopted by AASHTO in guide 
specifications (8). This study attempts to be consistent with 
the concept used there in prescribing target proof load levels. 
The proposed proof load levels are intended to apply to eval­
uation of short- and medium-span highway bridges whose 
response is governed by vehicular loading. 

PROOF LOAD FORMULA FOR BRIDGE RA TING 

A proof load formula is proposed as follows, in the load and 
resistance factor format, 

(1) 

where 

YP target proof load effect, 
Ln nominal static live load effect, 
gn nominal load distribution factor, 
In = impact factor accounting for dynamic effects of 

vehicular loading, and 
<f>, aL = resistance reduction and live-load factors, respec-

tively. 

Ln, gn, and In are specified by AASHTO (8) and are respec­
tively based on the current AASHTO rating vehicles with a 
lane load, empirical estimations, and road surface roughness. 
Load and resistance factors are to be determined in this study 
based on a structural reliability criterion. In addition to de­
termining target proof load, the proposed formula is also 
intended to be used for rating through proof load testing: 

(2) 

where RP is proved capacity for live load equaling or lower 
than the target value YP. This rating methodology is consistent 
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with the current rating method given by AASHTO in both 
concept and format (2). Only bending moment as load effect 
is considered in this paper, although Equations 1 and 2 are 
in general forms. 

STRUCTURAL RELIABILITY MODELS FOR 
BRIDGE PROOF TESTING 

Safety Index and Target Level 

Consider a limit state function Z for a typical primary bridge 
member (e.g., a girder): 

Z = R - D - L = R' - L (3) 

where R, D, and Lare true values of resistance, dead load, 
and live load effects, respectively, and R' = R - D is a 
resistance margin for live load. Considering uncertainties and 
random variation associated with these quantities, R' and L 
are modeled- by independent random variables that are as­
sumed to be of lognormal distribution. The uncertainties are 
attributed to such factors as fluctuation of vehicular load, 
variation of material properties and construction quality, and 
scatter caused by simplified analysis methods. The mean and 
standard deviation of R', MR., and rrR', are given by means 
and standard deviations of Rand D: 

(4) 

on the basis of an assumption that R and D are independent 
of one another. Z equaling or lower than 0 indicates failure 
of the member, and a value higher than 0 means survival. 
The live-load effect is further modeled by a combination of 
the following factors (7): 

L = a HW_ 95mgl (5) 

where all variables are modeled by independent lognormal 
random variables except a, which is a deterministic coefficient 
correlating truck weight to bending moment as load effect 
based on AASHTO rating vehicles (2). His a factor account­
ing for multiple presence of vehicles on the bridge, and W.95 

is a characteristic value of the vehicle weight spectrum; their 
product is treated here as a single variable. m covers effect 
of vehicle configuration variation on the load effect, g is a 
lateral distribution factor, and I is an impact factor for dy­
namic effect. HW_ 95 and m refer to characteristics of traffic 
load, and I addresses interaction of traffic and bridge struc­
ture. They may not be determined in a proof test with ac­
ceptable accuracy. On the other hand, g may be obtained by 
a proof test since it is largely a function of the structure. 
However, its accuracy depends very much on test procedures 
used and efforts affordable, which may vary considerably in 
practice. To be conservative, g is also modeled here by a 
random variable. 

Structural reliability is often measured by its complement, 
failure probability P1, of the component: 

P1 = probability [ Z ~ O] (6) 
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If Z were a normal random variable, which can be a linear 
combination of normal variables, then 

(7) 

where <I>( ) is the cumulative probability function of the 
standard normal variable, and r3 is called safety index. In this 
study Z defined in Equation 3 is not a linear combination of 
normal variables. However, it can be linearized (by a poly­
nomial series expansion of first order) and variables R', m, 
HW. 95 , g, and I transformed (equivalently in failure proba­
bility) to normal variables at a point known as the design 
point in the variable space. Equation 6 can then be used to 
calculate the safety index after linearization and transfor­
mation, about which the reader is referred to Ang and Tang 
(JO) for more computation details. 

It has been estimated that current bridge evaluation practice 
by the AASHTO Manual assures a reliability level of the 
safety index of about 2.3 for primary components (6, 7). 
r3 = 2.3 is thus used here as the target safety level for this 
study to prescribe the target proof load level, because only 
redundant structures are addressed here. This criterion is con­
sistent with that used in development of the AASHTO Guide 
Specifications for Strength Evaluation of Existing Steel and Con­
crete Bridges ( 8). The same target safety index also has been 
used for development of a permit overload checking method 
(11). The target value will not be hit exactly for every case of 
application, and thus certain variation in resulted r3 is expected. 

Proof Load Testing with Analytical Rating 

Proof load testing has an important application in verifying 
or enhancing an existing rating obtained by analytical meth­
ods. This need emerges when the existing rating factor RF is 
not satisfactory-namely, lower than the required 1.0. For 
this case, it is advantageous to use the existing rating for 
modeling resistance. Nominal resistance Rn related to the ex­
isting rating factor RF is obtained by an analytical evaluation 

(8) 

where Dn is nominal dead load effect, and <f>, "fo, and "YL• 
respectively, are resistance-reduction, dead-load, and live­
load factors given by AASHTO ( 8). Resistance R is thus 
assumed to have a mean MR related to its nominal value Rn 
by a bias BR, as follows: 

(9) 

A proof load test eliminates possibilities that the true resis­
tance margin R' is lower than the applied proof load YP. This 
is shown in Figure 1 by truncating and then normalizing the 
probability density function of R' at YP. Thus the limit state 
function takes the following form: 

Z = R' - a m HW. 95 g I (10) 

where R' has a truncated lognormal distribution. A method 
developed by Fujino and Lind (12) is used here to calculate 
the safety index for this case. This method transforms R' to 
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Probability Density 
Functions of R' and L 

R - D = R' (before) 

R - D = R' (after) 

(proof load) 

Random 
Variables 
R' and L 

FIGURE 1 Structural reliability model for proof load testing 
with information on resistance R. 

a standard normal variable by equivalence in probability. The 
limit function is transformed accordingly, providing a basis 
for calculating the safety index. This method has been com­
pared with a direct integration method over a wide range of 
parameter variation for practical applications. Consistency 
has been observed in results obtained by the two methods 
(13). 

Proof Load Testing Without Analytical Rating 

Proof load testing is often desired also for bridge evaluation 
when a bridge is not suitable for rating by analytical methods. 
This occurs when necessary information on the bridge or re­
liable analysis methods are not available. R' is thus assumed 
to be equal to the applied proof load effect YP if the bridge 
survives the proof test, since no further information on R' is 
available. Therefore 

Z = Yp - L = Yp - a m HW_ 95 g I (11) 

is used to calculate the safety index ~ for this case. Th~ as­
sumption R' = YP underestimates the resistance conservative­
ly, because it certainly can be higher than Yr A graphic 
demonstration of the proof testing effect on structural relia­
bility for this case is shown in Figure 2. One can find a YP by 
satisfying a target structural reliability. 

Statistical Data Base for Bridge Structural 
Reliability Models 

Substantial statistical data collection has occurred for bridge 
structural reliability assessment (7,14-18). Table 1 contains 
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Random 
Variables 
R - D and L 

FIGURE 2 Structural reliability model for proof load testing 
without information on resistance R. 

a comprehensive data base used in this study as input to these 
reliability models, with information sources identified. It in­
cludes mean or bias (ratio of mean to nominal value), and 
coefficient of variation (COV, as ratio of standard deviation 
to mean). Three types of construction material are considered 
here: steel, reinforced concrete (RC), and prestressed con­
crete (PC), which covers a reasonably wide range of highway 
bridges in this country. The live-load parameters cover traffic 
load variation for a period of 2 years, to be consistent with 
the current maximal inspection interval. The four traffic con­
ditions characterizing the live (vehicular) load are defined by 
AASHTO (8). This classification permits evaluation engi­
neers to take site-specific loading conditions into account in 
rating bridges. The nominal dead load effect Dn used in Equa­
tion 8 is estimated by its empirical relations to live load effect 
L11s2o based on the HS-20 loading. These relations are also 
listed in Table 1 with sources identified. Note that the mean 
and COV of R in Table 1 are intended to cover minor de­
terioration of structural components caused by factors such 
as steel corrosion, concrete spalling, and prestress loss. They 
are used in ~-calculation for the application case of proof 
testing only with the analytical rating, where it is usually de­
sired to take deterioration into account for a more reliable 
rating by proof testing. They differ from those for components 
in good condition (7,17), to represent average strength de­
crease (by lower bias values) and uncertainty increase (by 
higher COV values) caused by deterioration. These values 
are selected here on the basis of subjective estimates, since 
no data are available. Implications of their use are examined 
in a sensitivity analysis presented later. 

The data base in Table 1 is a summary of data collected by 
a variety of techniques, including field measurement for mem­
ber dimensions, weigh-truck-in-motion for the real load spec­
trum, and empirical regression for a ratio of live to dead load. 
This data base is considered typical in covering the statistical 
variation of current practice and traffic loadings in the United 
States. 
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TABLE 1 Statistical Data Base for Structural Reliability Assessment 

Span 
Random Length 
Variablea (ft) 

m 30 
40 
50 
60 
70 
80 
90 

100 
120 
140 
160 
180 
200 

Traffic 

Mean 

1.0 
1.0 
0.95 
0.92 
0.90 
0.91 
0.92 
0.93 
0.95 
0.95 
0.96 
0.97 
0.97 

cov (%) 

11.0 
11.0 
11.0 
11.0 
11.0 
8.2 
7.5 
5.7 
5.4 
4.6 
3.4 
3.9 
3.2 

Random 
Variable a Condition Combinations, Singles Combinations, Singles 

1 170 kips, 92 kips 5.0, 8.0 
2 180 kips, 100 kips 6.0, 8.0 
3 210 kips, 120 kips 10.0, 10.0 
4 225 kips, 125 kips 10.0, 10.0 

Random 
Variable a 

I 

Surf ace 
Roughness 

Smooth 
Medium 
Rough 

Bias 

Mean cov (%) 

1.1 10.0 
1.2 10.0 
1.3 10.0 

cov (%) 

Random Reinforced Pres tressed Reinforced Pres tressed 
Variable a Steel Concrete Concrete Steel Concrete Concrete 

R 1.05a 1.05 1.0 l6a 14a 11 
D 1.0a 1.0 b 1.0a lOa lOC lOa 
g 0.9a 0.97 0.96a 13a llb Ba 

Notes: cov = standard deviation/mean, Bias = mean/nominal, SL = span length 
(ft) 

0.0132 x SL (for steel, from Ref. 19) 
0.6967 - 0.00762 x SL + 0.0001554 x SL x SL (for reinforced 

concrete, from Ref. 17) 
0.014 x SL (for prestressed concrete, from Ref. 20) 

a bFrom Ref. 7. 
From Ref. 18. 

cFrom Ref. 17. 

PROOF LOAD FACTORS BASED ON TARGET 
STRUCTURAL RELIABILITY 

To be consistent with bridge evaluation practice by current 
analytical methods (2) and the recently developed method of 
load and resistance factors ( 8), the resistance reduction factor 
cl> is proposed to be 0.95, 0.9, and 0.95, respectively, for steel, 
reinforced concrete, and prestressed concrete materials. Thus 
o.L is the only factor in the proof load formula (Equation 1), 
to be determined to reach the target safety index of 2.3. Given 
an o.L, YP determined by Equation 1 is used in limit state 
functions for Equations 10 and 11, respectively, for the two 
application cases of proof load testing. Their safety indexes 
are then calculated to be compared with the target value of 

2.3. This mechanism allows selection of o.L to satisfy the re­
quirement for structural reliability. For a given o.u ~ varies 
with traffic loading condition, span length, and material type. 
Thus for each traffic loading condition, o.L is selected by min­
imizing Ws variation as a result of other factors. 

For application of proof load testing when an analytical 
rating exists, Figure 3 shows the relation of required o.L to 
reach uniformly the target safety index 2.3 and existing rating 
factor RF. The lower the original rating, the higher the proof 
load would have to be to reach the same target safety level. 
This is expected, since the higher proof load is needed to 
reduce the greater failure risk characterized by a lower rating 
factor. It is also seen in Figure 3 that when rating factor RF 
equals or is lower than 0. 7, variation of o.L with the RF be-
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FIGURE 3 Required proof load factors Ot.L for existing rating factor RF: Traffic Conditions 1 (a), 2 (b), 3 (c), and 4 (d). 

comes less significant, regardless of traffic loading conditions. 
Thus, RF equal to 0. 7 is selected as a threshold whether to 
take into account the existing rating in determining target 
proof load. In other words, when an existing rating factor is 
higher than 0. 7, it is considered an important piece of infor­
mation to be included in selecting the target proof load level, 
but lower than 0. 7, it is not worth being considered. By this 
criterion, the proof load factor aL is proposed in Table 2 for 
the case of proof load testing with an analytical rating factor 
equaling or exceeding ·O. 7. Figure 4 shows safety index 13 using 
the proposed load and resistance factors for this case. As 
shown, they produce a relatively uniform reliability level of 
safety index equal to 2.3. Note that reinforced concrete bridges 
have significantly different ratios of live to dead loads than 
steel and prestressed concrete bridges. This is a major factor, 
causing saf~ty indexes to be higher for reinforced concrete 
bridges than for the other two types of bridge, especially for 
longer spans. Its reliability assessment is not performed for 

spans longer than 100 ft; because the available empirical ratio 
of dead to live load is considered valid only up to this span 
length, and few RC highway bridges in the United States 
exceed this span length. 

For the application case when a rating factor is not avail­
able, Table 3 contains a proposed proof load factor aL for 
the four categories of live-load traffic. These factors are higher 
than those for the previous application case, because less 
information is required to reach the same target safety level. 
Figure 5 shows the safety index assured by the proposed proof 
load factor for this case. It is seen that a relatively uniform 
safety level 2.3 is realized with respect to span length. In this 
application case, differences in 13 for various materials are 
lower than those in the previous case. This is because the 
dead-load influence on 13 is eliminated, as it no longer appears 
in the limit function (Equation 11). 

When an existing rating factor is lower than 0. 7, the live­
load factors in Table 3 can be used to determine required 
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TABLE 2 Proposed Live Load Factor aL for Proof Testing with Existing Analytical Rating 
Factor RF ~ 0. 7 

Traffic 
Condition 

1 

2 

3 

4 

Live Load Category Proposed 
aL 

Low volume roadways (ADTT less than 1000), 1. 35 
reasonable enforcement and apparent control 
of overloads 

Heavy volume roadways (ADTT greater than 1000), 1. 45 
reasonable enforcement and apparent control 
of overloads 

Low volume roadways (ADTT less than 1000), 1. 80 
significant sources of overloads without 
effective enforcement 

Heavy volume roadways (ADTT greater thRn 1000), 1. 90 
significant sources of overloads without 
effective enforcement 

Note: ADTT = Average Daily Truck Traffic 

5· 
-a- steel - R/C - P/C 4 -

3 

2· 

1 · 

b. 

0· 
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d. 

0 
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FIGURE 4 Structural reliability based on proposed proof load formula, with analytical rating: a, Traffic Condition 1, aL = 1.35; b, 
Traffic Condition 2, Ot.L = 1.45; c, Traffic Condition 3, otL = 1.80; d, Traffic Condition 4, otL = 1.90. 
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TABLE 3 Proposed Live Load Factor aL for Proof Testing Without Analytical Rating or 
Existing Rating Factor RF < 0. 7 

Traffic 
Condition 

Live Load Category Proposed 

1 

2 

3 

4 

aL 

Low volume roadways (ADIT less than 1000), 1. 45 
reasonable enforcement and apparent control 
of overloads 

Heavy volume roadways (AD1T greater than 1000), 1.55 
reasonable enforcement and apparent control 
of overloads 

Low volume roadways (ADTT less than 1000), 
significant sources of overloads without 
effective enforcement 

Heavy volume roadways (ADIT greatr.r thAn 1000), 
significant sources of overloads without 
effective enforcement 

1. 90 

2.00 

Note: ADIT = Average Daily Truck Traffic 
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= Structural reliability based on proposed proof load formula, without analytical rating: a, Traffic Condition 1, aL 
b, Traffic Condition 2, aL = 1.55; c, Traffic Condition 3, aL = 1.90; d, Traffic Condition 4, aL = 2.00. 

1.45; 
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target proof load and load rating by proof load testing. They 
are the maximum proof load levels needed for bridge rating 
to ensure the target reliability level and do not depend on 
any a priori information about the bridge's capacity. Other 
cases have also been checked to ensure the required safety 
level by the proposed proof load factors, such as nonredun­
dant structures, continuous spans, and posting practice. 

SENSITIVITY ANALYSIS 

The input data and certain assumptions in modeling and cal­
culation just described may influence the obtained safety in­
dex and, in turn, affect the proposed proof load factors. A 

5 

4· 

r--··· & & a 
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sensitivity analysis thus is warranted in this exercise of code 
calibration based on structural reliability. Its purpose is to 
ensure that reasonable changes in input data and assumptions 
will not affect uniformity in reliability level and will satisfy 
appropriate target safety levels reached by the proposed proof 
load formula. 

The assumption of random variable lognormal distribution 
is examined first. Figure 6 displays the safety index~ for cases 
in which one of the random variables is modeled by a normal, 
instead of lognormal, variable for the case of steel bridges 
under Traffic Condition 1. It shows that a different probability 
distribution assumption has little influence on the safety in­
dex, and thus the assumption of lognormal distribution is not 
critical to the results obtained. 

1 ~ 

Variable Changed From 
Lognormal to Normal 
Distribution: 

-S- MOtff(BASE CASE) 

-g 

o+-~~~----.~~~~-.--~~~~..--~~~--. --"i'- I 
0 50 100 150 200 

-n1 
Span Length, ft 

--+- HW95 

-R' 

5 

4 -

• u u 

o+-~~~--.~~~~-.-~~~~.--~~~-. 

0 50 100 150 200 

Span Length, ft 

FIGURE 6 Sensitivity of J3 to probability distribution assumption (steel, Traffic 
Condition 1): top, with analytical rating; bottom, without analytical rating. 
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Figure 7 demonstrates sensitivity of the safety index to bias 
and COY of R (BR and VR) for the application case with 
analytical rating factor equaling or exceeding 0.7. fr is seen 
iri Figure 7 (bottom) that higher V R leads to higher J3, espe­
cially for shorter spans. This is because the higher scatter in 
R increases scatter of R' = R - D for shorter spans where 
the dead-load effect is insignificant, and truncating the distri­
bution of R' by proof testing is more effective to reduce failure 
risk. For longer spans, the dead-load effect is more dominant 
and thus higher scatter of R does not .significantly increase 
scatter of R'. Figure 7 also shows that neither BR nor VR 
significantly affects the safety level. Figure 8 shows that the 
same conclusion applies to the bias and COY of dead-load 
effect D (BD and VD), since they have even lower influence 
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on J3 than BR and VR, respectively. Note that parameters of 
R and D do not affect J3 at all in the second application case 
without analytical rating because information on them is not 
needed for J3 calculation using Equation 11. 

The lateral distribution factor g has the highest influence 
on reliability index J3 among the factors in live-load effect L, 
because it has the highest COY for most of the cases consid­
ered. Thus seq.sitivity of J3 to g is discussed here. Figure 9 
(top and middle) shows safety index for the two application 
cases of proof testing with bias of g (B

8
) perturbed. As in­

dicated in the figure, the change of B
8 

has little influence on 
the uniformity assured by the proposed proof load formula. 
On the other hand, this change does affect the level of ab­
solute reliability. Figure 9 (bottom) exhibits J3 produced by 

-e- 247. 

- 167. (base case) 
-a7. 

o+-~~~~--.~~~~~.,.-~~~~~r-~~~~--, 

0 50 100 150 200 

Span Length, ft 

5 

4 -e- ·.95 

- 1.05 (base case) 
-1.15 

g 

o+-~~~~----,~~~~~-,-~~~~~.--~~~~-, 

0 50 100 150 200 

Span Length, ft 

FIGURE 7 Sensitivity of (3 to bias of R (top) and COV of R (bottom) (steel, Traffic Condition 1). 
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FIGURE 8 Sensitivity of Jl to bias of D (top) and COV of D (bottom) (steel, Traffic 
Condition 1). 

the current working stress evaluation method at the operating 
level according to AASHTO (2). From Figure 9 (bottom) 
target 13 of 2.3, 2.0, and 1.7 can be recognized for cases of 
Bg equal to 0.8, 0.9, and 1.0, respectively. Figure 9 (top and 
middle) shows that these targets are correspondingly either 
reached or exceeded by the proposed formula. A similar sen­
sitivity examination for COV of g (Vg) can be undertaken for 
the results shown in Figure 10. U:niformity of 13 still remains 
if Vg is changed for both application· cases of proof testing, 
respectively shown in Figure 10 (top and middle). Reliability 
levels reached by the proposed formula are higher than those 

reached by the c~rrent working stress evaluation method at 
the operating level under the changed parameter. The current 
evaluation method produces lower reliability levels than those 
shown in Figures 9 (bottom) and 10 (bottom) for a more severe 
loading case (Traffic Condition 4). However, the proposed 
proof load formula will ensure a uniform target safety index, 
regardless of traffic conditions. 

More cases of input data ch_ange have been examined in 
this sensitivity analysis but are not exhaustively presented 
here. However, the most predominant parameters and th~ir 
typical cases have been discussed. It is concluded that possible 
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changes of input data will not affect the proposed proof load 
formula, with respect to uniformity of r3 and satisfaction of 
target levels. 

IMPLEMENTATION CONSIDERATIONS 

Typical proof load testing of highway bridges for structural 
evaluatio_n consists of three steps: planning, test execution, 
and rating based on analysis of test results. To apply the 
proposed proof load formula for successful results, factors 
other than those addressed here may have to be considered 
to make decisions in various stages of testing. In general, 
decisions should be made to minimize costs (such as possible 
bridge damage or failure by test loading, test operation, and 
penalties caused by improper test procedures) and maximize 
benefits (such as those resulting from potential reduction ·or 
removal of load restriction, deferral of bridge replacement, 
and savings on evaluating bridges by an alternative means). 
A thorough investigation of these factors is beyond the scope 
of this paper, because they often must be examined in con­
sideration of local conditions, specifically site-specific bridge 
conditions, regional requirements on bridge capacity, and other 
factors. A procedure manual for proof load testing of highway 
bridges is under development in New York State to address 
the particular issues within that jurisdiction. 

CONCLUSIONS 

A. proof load formula is proposed for bridge rating by proof 
testing. This formula can be used to determine target proof 
load and bridge load rating. The factors of the proposed for­
mula are prescribed on the basis of a target safety index of 
2.3, which is consistent with the current practice. Two cases 
of proof load testing application are covered: (a) an analytical 
rating is available but unsatisfactory and (b) no analytical 
rating can be obtained. A relatively uniform reliability level 
is produced by the proposed proof load formula for these 
cases over a practical range of span length, material type, and 
traffic conditions. A comprehensive sensitivity analysis has 
been performed to examine implications of the input data. 
Its results show that the proposed proof load formula is not 
sensitive to the input statistical parameters and probability 
·distribution assumptions. 
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Nondestructive and Destructive Testing of 
Decommissioned Reinforced Concrete 
Slab Highway Bridge and Associated 
Analytical Studies 

A. E. AKTAN, M. ZWICK, R. MILLER, AND B. SHAHROOZ 

Recently there have been many examples of undesirable bridge 
performance under service loads and scour and after floods and 
earthquakes. There is also evidence that, according to present 
inspection and rating procedures, a large number of bridges may 
be deemed structurally deficient without justification. Many rein­
forced concrete (RC) slab bridges are.now being replaced without 
taking full advantage of their inherent capacities because of a 
lack of understanding and knowledge of the effects of deterio­
ration and aging on these bridges. To establish procedures to 
allow for the full utilization of RC slab bridge capacity, a 38-year­
old sample was loaded to failure. The bridge, which was decom­
missioned because of its age and deteriorated state, endured the 
equivalent loading of 22 rating trucks before failure. 

A legislatively mandated program to inventory, inspect, and 
improve the nation's bridges was initiated in 1977 after the 
collapse of the Silver Bridge over the Ohio River at Point 
Pleasant, W.Va. (J). This program has not been able to elim­
inate bridge colfapses and failures completely: over only a 5-
year window from 1977 through 1981, 14 cases of bridge col­
lapse and an additional 19 cases of bridge failure short of 
collapse under service loads were documented (2). More re­
cently, the vulnerability of bridges against natural hazards has 
been realized in the well-publicized collapses of the Schoharie 
Creek and Hatachie River bridges caused by scour (3) and 
the. collapse of segments of the Nimitz freeway and the Bay 
Bridge in 1989 because of the Loma Prieta earthquake (4). 
Therefore, a more effective means of inspection and diagnosis 
is needed to evaluate bridge condition and vulnerability against 
collapse as a result of both traffic and natural hazards. 

Certain bridge types, such as reinforced concrete (RC) sla}? 
bridges with sound piers and abutments, are inherently more 
resistant to collapse than others. Not a single RC slab bridge 
collapse was reported among the 33 cases studied by Hadi­
priono (2). An NCHRP review of field tests also has indicated 
that redundant bridges may have far greater strength than 
may be anticipated by the current rating methods (5). Other 
studies confirm this view (6). Many of these bridges have 
been, or are being, decommissioned without fully utilizing 
their available capacities. The financial implications can be 
staggering if one considers that the national bridge inventory 
as of 1987 listed 98,777 RC slab and T-beam bridges, of which 
15,519 had an SR of less than 50, and 57,331 had an SR 

Department of Civil and Environmental Engineering, University of 
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between 50 and 80. By recognizing and using all of the in­
herent capacities of these bridges, highway funds may be 
prioritized more effectively. 

OBJECTIVES OF RESEARCH 

The first goal of this research is a rigorous study of the tech­
nical aspects of inspection, rating, maintenance, and decom­
missioning of RC slab bridges. The second goal is to assess 
the state of the art in some of the experimental and analytical 
tools needed for more effe~tive infrastructure preservation. 
These included a modal test-based quantitative nondestruc­
tive evaluation (NDE) technique that has been developed by 
University of Cincinnati (UC) researchers for Ohio Depart­
ment of Transportation (ODOT)/FHWA (7). 

In this study researchers explore whether the modal test­
based NDE technique can accurately diagnose the condition 
of a concrete bridge deck from over an asphalt overlay, and 
whether the technique would reveal if a bridge has been over­
loaded. Further objectives in the area of NDE include ex­
ploring the feasibility of using truck-load tests as an effective 
NDE procedure and calibrating the currently used visual rat­
ing procedures for identifying distress in slab bridges. 

The analytical tools explored included linearized identifi­
cation of three-dimensional (3D) finite element models for 
bridge rating and 3D nonlinear finite element analysis (NLFEA) 
of complete, aged bridges that may have properties affected 
by damage and deterioration. · 

TES'I;' SPECIMEN 

Description of Test Specimen 

The test specimen (Figure 1) is a three-span, RC skewed slab 
bridge that was constructed in 1953. The piers are set on 
footings· placed on the bedrock, whereas the abutments are 
placed on steel piles driven to the bedrock. The piers and 
abutments are all skewed at a 30-degree angle (Figure 1). 

Material Properties 

Design drawings indicate Class C concrete, whereas no ref­
erence was made. to the reinforcing steel grade. Core samples 
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FIGURE 1 Description of test bridge: top, site plan; middle, site elevation; 
bottom, photograph. 

4 in. in diameter through the asphalt overlay and the concrete 
deck were taken to study the material properties and their 
variation. 

Concrete coring revealed that concrete in the shoulder re­
gions was severely deteriorated. It was not possible to obtain 
sound cores from the shoulders since the concrete under the 
asphalt would crumble during coring, which jammed the cor­
ing bit. Throughout the driving lanes , full-depth , solid cores 
could be obtained. 

Bridge Condition with Asphalt Overlay 

Data for the initial damage surveys could not be collected 
from the top surface because of the presence of the asphalt 
overlay. An extensive effort was made toward searching for 
damage through the overlay by use of NDE techniques , be­
cause an overlay is common, especially over older bridge 
decks. These studies are described in the NDE section of the 
paper. 

Although the bottom of the bridge did not exhibit any signs 
of extensive deterioration, the exposed sides of the bridge 

slab were heavily deteriorated. This damage was attributed 
to run-off mixed with salt used in deicing the bridge during 
winter months. Other than the heavily deteriorated sides, the 
survey revealed little other damage that was mostly limited 
to some light spalling and cracking on the bottom of the slab. 

Bridge Condition After Removal of Asphalt Overlay 

When the asphalt overlay was removed , the shoulder regions 
were found to be in an extremely deteriorated state, having 
completely lost the cover over a large number of bars. The 
concrete in the traffic lanes appeared reasonably solid. Ex­
tensive study and petrographic analyses of the concrete sam­
ples indicated that the primary agent in the deterioration was 
D-cracking of the porous coarse aggregate, which may have 
initiated during the freeze-thaw cycles of the first winter. The 
D-cracking left pathways in the concrete through which water 
and salt could pass. This cracking led to the secondary de­
terioration mechanism of alkali-silica reaction between some 
of the aggregates and the cement paste . The overlay was 
identified as a further facilitator of the deterioration by trap-
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ping water between the overlay and concrete deck for long 
periods. After the cover concrete deteriorated, some of the 
reinforcing bars rusted, whereas others in the vicinity were 
observed to be in excellent shape. 

The D-cracking near the top re bars· opened up pathways 
for the water to enter and freeze, which induced spalling of 
the top layer of concrete. This primary deterioration mech­
anism is attributed to poor selection of materials and poorly 
implemented concrete construction. The deterioration was 
not triggered by corrosion of th.e reinforcing steel. Therefore, 
the deterioration of the bridge, within a short life span of 
only 38 years, could not have been avoided only by utilizing 
epoxy-coated rebars or cathodic protection. Instead, a pos~ 
sible deficiency with concrete material design specifications 
and the use of asphalt overlay are indicated. 

NDE AND SUMMARY OF PRELIMINARY 
FINDINGS 

Two methods of NDE were explored. The first is based on 
modal testing by impact and structural-identification devel­
oped at UC (7). The second procedure is based on monitoring 
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bridge responses under static truck loads. Both of these pro­
cedures were performed on the bridge before removal of the 
asphalt overlay; this allowed the researchers to determine the 
effectiveness of NDE in diagnosing hidden damage and quan­
tifying its effects on the mechanical characteristics of the struc­
ture. Modal tests were repeated after various stages of loading 
and damage during the destructive test program to explore if 
the modal test-based NDE technique would recognize dam­
age caused by overloading. A complete reporting and eval­
uation of these tests is forthcoming; meanwhile the prelimi­
nary results ofNDE conducted above the overlay are presented. 

Modal Test-Based NDE Procedure and Preliminary 
Results 

The NDE methodology is summarized in Figure 2. The meth­
odology uses multireference modal testing to measure a suf­
ficient number of mass-normalized mode shapes, frequencies, 
and damping coefficients that permit quantifying flexibility 
coefficients with respect to a fine discretization (7). Flexibility 
coefficients of even highly redundant structures may serve as 
a meaningful structural signature, as well as indexes sensitive 
to localized damage. 

·1 
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LOAD DEFLECTIONS 
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,, 
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' 
FORM A DATABASE FR.OM ALL THE ANALYTICAL AND 
EXPERIMENTAL DATA AND CORRELATE INDEXES TO 

DIAGNOSE POSSIBLE DAMAGE 

FIGURE 2 · Summary of nondestructive evaluation. 
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Meanwhile, the measured dynamic characteristics are used 
to develop and numerically calibrate a linearized finite ele­
ment (FE) model of tlie bridge in the absence of an experi­
mental baseline. The calibrated FE model may serve as a 
basis for evaluating the dynamic test-based flexibility coef­
ficients to diagnose damage. Research for establishing deriv­
ative indexes from flexibility to diagnose the influence of var­
ious forms of damage and deterioration of the capacities of 
a slab bridge is in progress. Naturally, if a reference flexibility 

. is available from previous tests of the same bridge or tests of 
another benchmark bridge, damage diagnosis is facilitated. 

Since the stress level arising from the modal test is typically 
much smaller than the stress level under truck traffic, a truck 
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load test may help to validate the dynamic test-based flexi­
bility. Truck load tests of typical slab or beam-slab bridges 
are generally impractical because measuring small displace­
ments in the field is a difficult problem. Local strain measure­
ment is not revealing, and in general it is possible to measure 
only a few displacements under truck loads. As a result, truck 
load tests do not lead to a finely discretized flexibility, as may 
be obtained from modal testing but serve to validate the re­
liability of results obtained from modal testing as well as a 
proof test if several multiples of legal loads may be safely 
applied. 

Figure 3 compares some of the mode shapes and frequencies 
obtained from modal testing of the test bridge and the cor-
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FIGURE 3 Comparison of experimental (left) and analytical (right) mode shapes. 
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responding dynamic characteristics of a calibrated FE model. 
Figure 4 compares some of the dynamic test-based flexibility 
coefficients with the corresponding coefficients of the cali­
brated analytical model. The coefficients correspond to bridge 
deflections along the transverse lines labeled D and I on the 
modal test grid shown in Figure 4, as a unit load is respectively 
placed at the midpoint of Lines D and I. The correlations 
reveal that the bridge is considerably more flexible than the 
"rational" analytical model along both Lines D and I. The 
difference between analytical and experimental deflections 
increases especially toward the east shoulder. These obser­
vations reveal that the structural properties of the slab are 
affected considerably by damage, particularly along the east 
shoulder. Research is in progress to extrapolate from the 
influence of damage on flexibility to the influence of damage 
on strength capacity. 
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Results of Truck Load Tests 

Truck load tests were used to verify ·the flexibility from the 
modal test. Three single-axle dump trucks loaded with gravel 
were used. The tire weights were measured with portable 
scales, whereas the bridge deflections were measured at 21 
points with sufficiently sensitive and specially calibrated and 
mounted electronic transducers. Bridge deflections measured 
along Line D under one and three trucks are compared with 
the corresponding deflections predicted from the calibrated 
analytical model and modal test-based flexibility in Figure 
5. There are magnitude differences in deflections measured 
under truck loads· and those predicted from the modal test­
based flexibility, although the deflection patterns are similar. 
The differences are attributed to the difference in stress level 
at the impact and truck load tests in conjunction with non-
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FIGURE 4 Comparison of experimental and analytical flexibility. 
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linearity. Although the "rational" analytical model indicates 
that the flexibility of the east shoulder should be considerably 
less than the flexibility along the west shoulder because of 
skew, in reality both the truck load measurements and modal 
test-based flexibility are contrary, indicating that there should 
be relatively higher damage along the east shoulder. 

analyses and yield line analyses were also performed to sup­
port NLFEA. 

Researchers from the Delft Technological University (the 
Netherlands) collaborated with UC researchers at this. step of 
the research. The analyses performed by Delft were helpful 
in assessing the state of the art since the software (DIANA) 
developed by the Delft group, as well as the NLFEA expertise 
represented by this group, is considered some of the best in 
the world ( 8). 

PREDICTIVE ANALYSES 

Predictive analyses were performed to design the loading setup 
and to establish the loading program. Another objective was 
to evaluate the state of the art in NLFEA for predicting be­
havior of reinforced concrete bridges. Linear finite elemep.t 

Figure 6 (top) shows the geometric characteristics of the 
analytical model used by UC for the NLFEA. The initial 
boundary stiffness at the abutments of this model was estab­
lished through structural identification, incorporating the dy­
namic characteristics of the bridge measured by modal testing. 
Although concrete cracking, concrete plasticity, and yielding 
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FIGURE 6 NLFEA model (top) and results of NLFEA analyses 
(bottom). 

of reinforcing bars were accounted for during the NLFEA, 
the boundary conditions were not. However, subsequent to 
the tests, it became apparent that the boundary conditions at 
the abutment comprised the most critical parameter. 

Figure 6 (bC?ttom) shows some of the predicted global re­
sponses of the bridge conducted by UC compared with the 

.. corresponding measured response during the test. Analytical 
responses demonstrate the significance of parameters that de­
fine the boundary conditions at the abutment and the stress­
strain response of concrete under uniaxial tension. These pa­
rameters are associated with the greatest uncertainty in ana­
lyzing the bridge, although the modal test results and standard 
material test responses were available. 

The sensitivity of analytical responses to the described 
boundary and material parameters indicates that it is not yet 
possible to rely on NLFEA to predict available capacities and 
failure modes of slab bridges. This analytical tool may serve 
to understand the critical parameters for optimizing the design 
of new bridges or the upgrade of existing ones. 

DESIGN OF LOADING AND DATA ACQUISITION 

Loading Position 

A decision was made to simulate a one-lane, one-trailer load­
ing during the test, although a multilane loading of the bridge 
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would have been more critical for rating. One-lane loading 
permitted the observation of more complex modes of slab­
bridge behavior, and made it possible to extend the findings 
to estimate with reasonable reliability the bridge capacity under 
multilane loading. Figure 7 shows the position and manner 
of the loading applied to the bridge during the tests, along 
with the truck it is simulating. The load simulated the front 
tandem of a trailer as it is entering the bridge in the north­
bound lane. Analyses indicate the southbound lane of the 
loaded end span to be stiffer than the northbound lane, as 
discussed earlier, in relation to the truck load test responses 
(see Figure 7). However, NDE also revealed that the loss of 
stiffness caused by damage at the northbound lane and shoul­
der at this end span was more critical than at the southbound 

. lane. Therefore, the decision was made for loading the south­
east quadrant of the bridge to reveal the extent of the influ­
ence of damage and deterioration on bridge behavior. 

The destructive test loading simulated loading of the bridge 
as envisioned in the rating process based on the AASHTO 
Manual of Maintenance Inspection (9,10), as opposed to the 
actual dynamic manner in which the traffic load is imposed 
on the bridge. The rationale behind loading the bridge stat­
ically is clear: it permits one to test the reliability of the rating 
process, especially as it applies to the computing of capacity 
and demand for RC slab bridges. 

Design of Loading and Loading Control Systems 

Predictive analyses. indicated that the upper bound of the 
bridge load capacity may be as high as 1,400 kips (about 40 
rating trucks) for)he loading position that was selected. The 

·loading system was designed for this upper bound. It is not 
feasible to apply this level of load without hydraulic cylinders. 
Moreover, applying the load to the bridge while simulating 
tire loads and without creating local crushing was a challenge. 
An even greater challenge was the manner in which reaction 
could be developed in applying this type of load. · 

On the basis of lengthy research and feasibility analyses, it 
was decided to use rock anchors to develop the reaction and 

· to pour two concrete blocks directly on the bridge to simulate 
the footprints of a tandem trailer (Figure 7). The blocks were 
designed to accommodate the four hydraulic cylinders (ac­
tuators), each with 350-kip capacity and 12-in. stroke. Double­
acting actuators were acquired with a 4-in.-diameter hole 
through their length to accommodate eight-strand rock anchor 
cables. 

To fabricate the loading setup, four cores were drilled in 
the bridge deck to allow for the drilling of the rock anchors 
and to allow the cables from the rock anchors to pass through 
the bridge deck. The rock-anchors were then installed and 
the concrete loading blocks were fabricated. The cables passed 
through the bridge deck, the concrete load blocks, and each 
actuator. The strands were then locked by wedges at the top 
of the actuator, so that as the actuator extended, the rock­
anchors provided the reaction needed to load the bridge (Fig­
ure 7). 

A state-of-the-art servocontrolled electrohydraulic loading 
system that consisted of a pump, the four actuators, two ser­
vovalves, a two-channel digital servocontroller, pressure feed­
backs for load control, and stroke feedbacks for displacement 
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FIGURE 7 Plan view (a) and elevation view (b) of loading system; plan view (c) and elevation view (d) of simulated loading. 

control was developed for loading. Together with the ser­
vocontrol system, real-time digital plotting was used for in­
stantaneous feedback of actuator loads, strokes, and critical 
specimen responses. This real-time system provided the in­
formation needed to make de~isions for commanding the ser­
vocontrol system. The test control and data acquisition sys­
tems were located and controlled at a field office adjacent to 
the bridge. 

Instrumentation and Data Acquisition Systems 

A principal objective of the experiment was to evaluate the 
state of the art in NLFEA. Therefore, extensive global and 
local instrumentation that would permit comprehensive cor­
relations between analytically predicted (and subsequently 
simulated) and measured responses of the bridge was re­
quired. Such instrumentation was designed on the basis of the 
results of preliminary analyses conducted by UC and Delft; 
more than 160 transducers were placed on the bridge. These 
electronic transducers.measured the forces and strokes of the 
four actuators, vertical and lateral displacements of the slab, 
slab rotations at the abutment and pier, concrete distortions, 
and steel strains through the critical regions of the slab. 

Global instrumentation consisted of wire potentiometers 
used to measure the vertical displacements of the bridge deck, 
and DC-linear variable differential transducers (DC-LVDTs) 
used to measure the horizontal movements of the bridge deck. 
For the local instrumentation, DC-LVDTs and clip gauges 
were used to measure concrete distortions, and pier and abut-

ment rotations. Foil strain gauges were placed on several 
rebars. All the wire potentiometers, DC-LVDTs, and clip 
gauges were calibrated in the laboratory through their ex­
pected operating spans. The transducer readings were re­
corded by data acquisition systems supplied by UC and WJE. 

Design of Loading Program 

Design of the loading program was aided by the upper-bound 
load-displacement response predicted by the NLFEA, and 
adjustments were made as the actual responses of the bridge 
were observed .. First the bridge was rated based on the 1989 
AASHTO guide specifications (1) to establish a rating factor 
corresponding to an impact factor of unity and to the single­
lane load simulation developed for the test. The calibrated· 
3D finite element model discussed earlier in reference to NDE 
was used to estimate the demands. This procedure indicated 
a rating factor of 4.95. Therefore, a test load corresponding 
to the weight of five rating trucks was considered to signify 
the upper limit of the serviceability limit state for the bridge. 
Throughout the test, loading was applied in increments of 
rating trucks, where one rating truck corresponded to a total 
of 32 kips (one tandem weight) 9n the two loading blocks: 

Figure 8 shows the load versus vertical displacement re­
sponse measured next to the loading block near the shoulder 

_(Point C3 shown in the inset). The first stage of the test was 
composed of numerous loading and unloading cycles that cor­
responded to shakedown at the serviceability limit state. These 
cycles also permitted debugging the test control, loading, and 
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FIGURE 8 Load displacement response at Point C3. 

operation of the data acquisition systems. The service-level 
load cycles were followed by a large inelastic excursion that 
revealed the damageability limit state characteristics of the 
bridge and left a permanent vertical deformation of about 0.5 
in. after unloading. The final leg of loading led to the failure 

. of the bridge and left a permanent deformation exceeding 4 
in. (Figure 8). 

Preliminary Results 

The limit states indicated by the load versus load-point de­
flection response of the bridge are marked on Figure 8, cor­
responding to 7, 13, 17, and 21 truckloads. Each limit state 
corresponds to a change of stiffness at the load point. These 
limit states were attributed to progressive cracking of the slab 
and were also strongly influenced by the slab rotations at the 
abutment. 

To monitor rebar strains at the critical regions, 19 strain 
gauges were installed on the top and bottom bridge reinforce­
ment in the vicinity of the loading points and near the abut­
ment and pierline. It is significant that none of these gauges 
indicated yielding before the load level reached 20 truckloads. 
At a load of 20 truckloads, several of the gauges in the vicinity 
of the loading blocks indicated initiation of yielding. It follows 
that the nonlinearity observed in the global load-deflection 
response in Figure 8 up to a level of 20 truckloads is not 
caused by yielding. 

Figure 9 shows the three points along the abutment where 
slab rotations relative to the _abutment were measured as well 
as the corresponding load-versus-rotation envelopes. At many 
limit states marked on· the global load-deflection response in 
Figure 8, the rotational stiffness provided to the slab by the 
abutment at locations corresponding to Gridlines 3 and 6 
experienced a marked change. It follows that changes in the 
boundary conditions of the slab at the abutment, with in-

creasing load level, played a significant role in the behavior 
of the bridge up to its failure. 

Behavior at Failure Limit State 

The damageability limit state behavior (between 7 and 21 
truckloads, Figure 8) of the bridge did not reveal any alarming 
signs of distress although 20 truckloads corresponded to over 
four times the load the bridge was rated for. Even under 
sustained 20 truckloads, experie.nced ODOT bridge engineers 
did not have any reservations about inspecting the underside 
of the loaded bridge. Although there was extensive cracking, 
no distinct yield lines had emerged. 

When the load was increased to the equivalent of 22 rating 
trucks, the bridge failed in a brittle manner. The topside view 
of the failure plane is shown in Figure 10. The failure was 
apparently triggered by a diagonal tension failure at the edge 
of the pier-slab interface in the damaged shoulder region. The 
failure front then progressed along the pierline until, a:t about 
the midpoint of the bridge, it followed a circular path arching 
back toward the abutment. This failure front followed top­
bar cutoff points along most of its circular path. The servo­
control system maintained a considerable portion of the fail­
ure load until it was turned off, as reflected in the postfailure 
response in Figure 8. In spite of the brittle nature of the 
failure, a considerable postfailure strength reserve is impli­
cated. Dowel action of the bottom longitudinal bars that were 
continuous from the abutment and through the pier was par­
ticularly effective in preventing the total collapse of the end 
span and providing the postfailure strength. 

Although a more detailed study of the failure mechanism 
is in progress, it is relevant that the average shear stress within 
the failure plane was Jess than 1.0 v7'c. A photograph of the 
topside view of failure is shown in Figure 10 (bottom). 
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PRELIMINARY CONCLUSIONS 

The modal test-based NDE procedure holds great promise in 
diagnosing concrete deterioration and damage hidden under 
asphalt overlay. The procedure also leads to a calibrated li­
nearized FE model of the bridge that is the key for reliably 
rating a bridge per the 1989 AASHTO specifications. The 
capability of the modal test-based NDE procedure to diag­
nose overload-related damage is promising, as will be re­
ported subsequently. 

The truck load tests may serve as an NDE tool as well 
although instrumentation is difficult and the results do not 
lead to the comprehensive information that is revealed by a 
rigorous modal test. The stress level at a truck load test is 
much higher than the stress level during the impact-modal 
test. However, considering that the service level stiffness of 
the bridge did not decrease appreciably until the bridge was 
loaded by more than five trucks, the differences in the stress 
levels of the impact test and the truck load tests do not seem 
very important in bridge diagnostics unless the conditions 
warrant a proof test. 

Bridge engineers should start recognizing the inherent ca­
pacities in RC slab bridges that have sound abutments and. 
piers. Even with the extensive deterioration of shoulder con­
crete, the test bridge safely carried more than 20 rating trucks, 
a load exceeding four times the bridge rating based on a 
calibrated FE model. It follows that bridge rating and decom­
missioning based on only visual inspection may greatly un­
derestimate the actual capacity of slab bridges. Considering 
that the average replacement cost of a two-lane, three-span, 
approximately 100-ft-long slab bridge is in the order of $250,000, 
the financial implications of using these bridges over longer 
life spans with some maintenance is significant. 

The mechanics of the deterioration involved environmental 
attack directly on the concrete, indicating that measures such 
as using epoxy-coated re bars or cathodic protection would not 
avoid all kinds of bridge deterioration. Instead, concrete ma­
terials and additives should be specified to eliminate possible 
alkali attacks or other chemical reactions that may cause de­
terioration. Concrete should be designed for maximum resis­
tance against cracking and surface deterioration. The me­
chanical and microchemical characteristics of coarse aggregate 
are most important parameters and· should be adequately 
specified. 

The inability to predict bounds of nonlinear responses of 
the bridge within a narrow band even by using state-of-the­
art software and expertise point to the difficulty in analytically 
estimating RC bridge capacity. In particular, the failure mode 
could not be predicted, and it is doubtful that it is possible 
to properly simulate the failure that was observed in an an­
alytical model. The much simpler limit analyses that were 
carried out could reveal the possible bounds of the .strength 
capacity with as much error or accuracy as the NLFEA; how­
ever, they could not have been used for estimating stiffness 
characteristics. The assumed concrete tension response and 
modeling the boundary conditions of the slab at the abutment 
were found as the most critical parameters influencing sig­
nificantly the predicted structural response. 

Obviously, predicting bridge capacity by NLFEA within a 
narrow band is not possible since response is very sensitive 
to a considerable number of parameters that cannot be es-
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tablished with confidence even if the boundary conditions of 
the bridge are established at the service limit states and the 
materials are sampled and tested. The sensitivity of RC slab 

. bridges to parameters such as the tension response of concrete 
is unlike RC beams or bare frames, the strength of which are 
less sensitive to similar parameters. 

The mode of failure of the skew slab was not anticipated · 
· as it was not previously experienced in laboratory tests of 
slabs. In fact, there are no code provisions that would guide 
a designer to check against this type ~f shear failure in slab 
design. The failure initiated as diagonal tension failure at the 
~nterface of the slab and pier and was apparently triggered 
because of the damage to slab concrete at the edge of the 
pier. 

The average shear stress within the failure plane was less 
than 1.0 vf'c, which is much less than what is generally ex­
pected as the shear capacity of concrete, even in one-way 
flexural shear. Because of the delamination in the shoulder 
concrete, no shear resistance may have been provided by the 
concrete along a certain percentage of the failure plane. This 
may explain the low level of average shear stress at failure 
within the failure plane. Obviously, the capacities and failure 
modes of aged constructed facilities may be profoundly influ-: 
enced by any existing damage and deterioration. Therefore, 
an attempt to evaluate the capacities of an aged constructed 
facility without understanding and incorporating its existing 
conditions will not be realistic. The existing conditions of a 
constructed facility cannot be established without nondestruc­
tive experimentation coupled with sampling and testing of the 
materials. 
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Feasibility of Applying Cathodic 
Protection to Underground 
Corrugated Steel Pipe 

J. D. GARBER, J. H. LIN, AND LARRY G. SMITH 

The Louisiana Department of Transportation and Development 
uses corrugated steel pipes in various parts of the state. A study 
was undertaken to assess the feasi.bility of applying cathodic pro­
tection both externally and internally to corrugated steel pipes to 
prevent corrosion. The m~thodology employed ranged from a 
laboratory test to an actual field study. The laboratory test was 
conducted to prove that internal cathodic protection would work 
inside 24-in. corrugated steel pipes using zinc anodes. The field 
work consisted of installing 10-ft sections of eight different types 
of corrugated steel pipes with and without cathodic protection. 
Current and potential measurements have been made during the 
2 years of field exposure. The results of the field study have 
proved that corrugated steel pipes can be protected from cor­
rosion economically using cathodic protection. The outside of the 
corrugated steel pipe has been found to require significantly more 
current for protection than does the inside. The corrugated steel 
pipe requiring the least amount of current is the polymer pre­
coated galvanized steel. All of the unprotected corrugated steel 
pipes are experiencing corrosion. The polymer coatings used are 
a film ethylene acrylic acid type. · 

Field s~udies conducted previously by the Louisiana Depart­
ment of ·Transportation verified that most corrugated steel 
pipes installed underground experience severe attack in low­
resistivity soils after exposure times of 10 years or less (1). 
The nature of the corrosion attack is caused primarily by 
oxygen in the soil and water. At the same time, the highway 
department is being asked to install corrugated steel pipes 
that can provide a life expectancy of 50 to 70 years. From the 
previously referenced study, it is obvious that coatings alone 
will never provide the required life expectancy, and·, there­
fore, an alternative system must be considered. Using coated 
corrugated steel pipes in conjunction with cathodic protection 
appears to be a viable alternative. · 

The application of cathodic protection to the outside of 
pipes has been extensively studied and standards have been 
established (2). One company in California, Farwest Corro­
sion Control Co., actually presents the design by which one 
can apply external cathodic protection to corrugated steel 
pipes. However, to protect the buried pipe completely from 
corrosion, cathodic protection must be installed internally as 
well as externally. The primary interest in this study is to 
determine the current required to completely cathodically 
protect corrugated steel pipes having various types of coat­
ings. Another consideration is the practical as_pect of provid-

J. D. Garber and J. H. Lin, University of Southwestern Louisiana, 
P.O. Box 44130, Lafayette, La. 70504. L. G. Smith, Corrosion Con­
trol, Inc., 197 Pat Street, Lafayette, La. 70506. 

ing internal cathodic protection to corrugated steel pipes with 
24-in. or larger diameters. 

A careful study of the available literature on the application 
of cathodic protection to corrugated steel pipes has revealed 
that only external anodes have been applied. There has not 
been any previous work reported that determined the effec­
tiveness of various coatings on corrugated steel pipes when 
internal cathodic protection is being used. Researchers at Mo­
bil have applied internal cathodic protection in cement-lined 
piping and have found that the larger-diameter pipes gave the 
best current distribution (3). A zinc spool anode gave suffi­
cient cathodic protection at a distance of more than 50 times 
the diameter of the pipe. Similar results were found by Groover 
and Peterson, ( 4) who showed that low-carbon steel pipes in 
_stagnant sea water would be completely protected only when 
the diameters were larger than 2 in. (4). Cathodic protection· 
was most effective in systems in which there was a slow flow 
rate of corrosive fluid. 

MacKay and Grace designed a zinc anode assembly and 
tested it inside tanker pipelines containing stagnant sea water 
(5 ,p.345). The anode used inside a 14-in. steel pipe produced 
a current density of 14.5 mA/m2 and provided cathodic pro.­
tection over a length of 520 pipe diameters. 

A study by Simpson and Robinson examined which coatings 
on steel pipes work best in conjunction with cathodic protec­
tion (6). The worst blistering was found to occur at the highest 
protective potentials. The best coatings proved to be epoxy 
and coal tar epoxy systems. These coating systems showed no 
deterioration after 4 years of exposure. 

These studies represent the limited amount of literature 
that is available on the application of internal anodes to cor­
roding systems. It is clear that this project can provide infor­
mation that is very important to a better .understanding of 
applying cathodic protection to corrugated steel pipe systems 
that have various types of coatings. 

METHODOLOGY 

This project was divided into two areas.: (a) proving in the 
laboratory that it is possible to apply anodes inside of cor­
rugated metal pipes and (b) installing cathodically protected 
and unprotected corrugated metal pipes in the field. Methods 
have been developed by which each of these areas could be 
studied. 
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Laboratory Study Using Internal Anodes 

Some experimental data in the literature have suggested that 
internal cathodic protection on pipes is achievable. The lit­
erature suggests that the current distribution improves with 
increasing pipe diameter. To determine whether anodes would 
work inside corrugated steel pipes, a test tank was constructed 
with dimensions of 2.5 x 24 x 12 ft. The tank was capable 
of holding five corrugated steel pipes that were 10 ft in length. 
A circulation system was designed to pump water through 
each pipe on a continuous basis. The flow rate through each 
pipe was set at 7 gal/min, which corresponds to a residence 
time of 35 min . The water contained 0. 75 percent sea salt, 
which maintained the resistivity at 90 ohm-cm. The corrugated 
steel pipes used in this study were 2 ft in diameter and were 
completely filled with water. Figure 1 shows the tank and the 
water circulation system used to test the corrugated steel pipes. 
A 2-in. x 2-in. x 5-ft zinc anode was placed in the center 
of the pipe on a rubber mat to prevent electrical contact. The 
electrical connections were made on each of the 5-ft sections 
and the connecting metal band. The leads from the anode 
and pipes were connected across a 0.01-ohm shunt so that 
current flow versus time could be determined. Potential mea­
surements were made using a copper-copper sulfate reference 
electrode. The current was measured each day, and the po­
tential was measured at the mouth of each pipe at four po­
sitions: 12:00, 3:00, 6:00, and 9:00 with the anode connected. 
At the same time each day, the anode was disconnected, and, 
after approximately 2 hr, the potentials were measured again. 
The open-circuit potential of the zinc anode could be deter­
mined at that time. 

After 30 days of this type of measurement , the tank was 
drained and the corrugated steel pipes were removed for ex­
amination. After this, the tank was reloaded with water and 
a new set of corrugated steel pipes were tested. The final test 
was on the polymer precoated black steel pipe, which was 
tested alone. 

The test was designed to determine whether the corrugated 
steel pipes could be internally cathodically protected. The 
potential measurements verified that fact. Also, the current 
measurements through the 30-day period showed which cor-

FIGURE 1 Large water tank with circulating water. 
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rugated steel pipe system required the minimum amount of 
current from the anode . The coatings that are less incom­
patible with cathodic protection show increased current out­
put from the anode with time. 

Field Installation of Corrugated Steel Pipes 

On June 13 and 14, 1989, eight sets of corrugated steel pipes 
were installed at Pecan Island , La. (near the Fresh Water 
Bayou pontoon bridge). The Louisiana Department of Trans­
portation installed eight 10-ft sections of corrugated steel pipes 
parallel to Highway 3147 at two different sites. Site 1, closest 
to the pontoon bridge, is where eight 10-ft sections of cor­
rugated steel pipes were installed with zinc anodes on the 
inside and outside of each one. Site 2 is where eight 10-ft 
sections of the same corrugated steel pipes were installed 
without anodes. At each site there was a drainage ditch and 
the eight pipes were placed on the north side of the drainage 
ditch. The pipes are listed as follows with No. 1 being closest 
to the ditch at each site. 

Pipe Pipe Type 

1 Polymer precoated black steel 
2 Polymer precoated aluminized Type 2 steel 
3 Polymer precoated aluminized Type 1 steel 
4 Polymer precoated galvanized steel (Supplier 2) 
5 Polymer precoated galvanized steel (Supplier 1) 
6 Bituminous coated galvanized steel 
7 Galvanized steel 
8 Fiber-bonded bituminous coated galvanized steel 

The intention of this experiment was to check the potential 
of the protected and unprotected section of pipe and to mea­
sure the current output of the zinc anodes. 

The actual corrugated steel pipe installation took 2 days 
and used equipment and a crew of five men from the Louisiana 
Department of Transportation. Both of the 5-ft sections and 
the metal band were electrically connected. As in the labo­
ratory test, the 2-in. x 2-in. x 5-ft anodes were placed on a 
rubber mat and then placed in the center of the pipe. The 
pipe was then lowered into the ditch and covered (see Figure 
2). The external zinc anodes were pushed into the ground 
using a Gradall shovel (Figure 3). 

FIGURE 2 One of corrugated steel pipes is lowered into ditch. 
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At Site 2, the process of installation was much simpler. It 
was necessary to run only one wire from the pipe so that 
potential readings could be made. Since anodes were not 
involved at this site, it was easier to install the pipes (see 
Figure 4). 

DISCUSSION OF RESULTS 

The two tests that were described previously have been per­
formed on several different types of corrugated steel pipes to 
establish which type might be best to use in conjunction with 
cathodic protection. 

FIGURE 3 External anodes are pushed into ground using 
Gradall shovel. 

Results of Laboratory Study 

The large water tank test was very important for proving that 
zinc anodes would provide cathodic protection inside a 2-ft­
diameter pipe. The circulation system pumped water through 
each filled pipe so that its volume was displaced every 35 min. 

Eight pipes were tested in this manner. The following test-
ing order was used in this part of the study: 

Pipe Pipe Type 

1 Fiber-bonded bituminous coated galvanized steel 
2 Bituminous coated galvanized steel 
3 Polymer precoated galvanized steel (Supplier 1) 
4 Polymer precoated galvanized steel (Supplier 2) 
5 Galvanized steel 
6 Polymer precoated aluminized Type 1 steel 
7 Polymer precoated aluminized Type 2 steel 
8 Polymer precoated black steel 

FIGURE 4 Unprotected steel pipe is lowered into ditch. 

Internal potential measurements were made on the pipes 
each 24-hr period. An example of the results of this 1-month 
test is presented in Figure 5. The potential of the fiber-bonded 
bituminous coated galvanized steel pipe was measured while 
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FIGURE 5 Connected and open-circuit potential of fiber-bonded bituminous coated galvanized steel in large 
water tank. 
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connected to the anode, as well as its potential 2 hours after 
being disconnected from the anode. The amount of current 
required to shift the potential of each pipe was measured each 
day. An example of these results is shown in Figure 6. Table 
1 shows the ending voltage and current values of these cor­
rugated steel pipes tested in the large tank. The fiber-bonded 
bituminous coated galvanized steel pipe showed the largest 
potential difference of 0.245 V while drawing 10 mA of cur­
rent from the internal anode. The galvanized steel pipe shifted 
only 0.002 V and drew 1 mA of current. All of the polymer 
precoated pipes showed relatively low current draw-always 
4 mA or less. The worst material appears to be the bituminous 
coated galvanized steel. since it drew 44 mA and showed a 
potential difference of 0.152 V. 

The potential difference between the closed-circuit value 
and the open-circuit value (after 2 hr) is very important since 
it shows which pipes depolarize the fastest. Rapid depolari­
zation is generally an indication of a relatively poor coating. 
The results in Table 1 suggest that the two polymer precoated 
galvanized steel pipes should provide the best coating system 
to be used in conjunction with cathodic protection. In general, 
all of the closed-circuit potential values are well below the 
-0.85-V value required to protect the steel beneath the coat­
ing. The average open circuit potential of the zinc anodes 
used in this study was -1.093 V versus a copper-copper sul­
fate reference electrode. 

Results of Field Study 

Since installation on June 13 and 14, 1989, the test sites have 
been visited on 15 different occasions. Measurements of the 
resistivity of the water have been made on 10 of these oc­
casions. The data suggest that the values are somewhat cyclic 
and range between 140 and 1,170 ohm-cm (Table 2). In gen­
eral, the resistivities of the two sites tend to follow each other, 
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and the average values are very close in magnitude. The soil 
resistivities were 428 ohm-cm for the protected site and 370 · 
ohm-cm for the unprotected site. These soil values are not 
expected to change with time. During installation, samples of 
water were also tested for chloride and pH, yielding a pH of 
7 .7 and 0.22 percent c1- at the protected site, and a pH of 
7.3 and 0.22 percent c1- at the unprotected site. The water 
level at the site also varies, and occasionally the pipes,are not 
completely liquid filled. 

Measurements of the potential of the protected and un­
protected corrugated steel pipes have been made on both the 
inside and outside of the pipe during each visit. Figure 7 shows 
typical results obtained on the fiber-bonded bituminous coated 
galvanized steel pipe. Table 3 shows the internal potential 
values of the protected and unprotected pipes and the voltage 
difference that existed between these two numbers on June 
13, 1991. The larger this potential difference, the ·more the 
structure is protected. This information suggests that the pol­
ymer precoated galvanized steel appears to have experienced 
the greatest potential shift. In fact, all of the polymer pre­
coated pipes appear to be very well protected. The fiber­
bonded bituminous coated galvanized steel and bituminous 
coated galvanized steel pipes show much less shift. This sug­
gests that these pipes have few holidays (holes in the coating), 
and they are primarily being attacked on the ends where 
galvanizing is present. 

It takes current from the internal and external anodes to 
maintain the potential differences shown. Figure 8 shows a 
typical graph of the internal and external current measure­
ments that were made during the 15 visits since the installa­
tion. Table 4 shows recently obtained current values for the 
eight pipes in the field. The two polymer precoated galvanized 
steel pipes require the least amount of current and appear to 
be performing the best. The galvanized pipe requires sub­
stantially more current to be protected than any of the other 
pipes because it has no coating to help provide protection. 
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FIGURE 6 Current required to shift potential of fiber-bonded bituminous coated galvanized pipe in large 
water tank. 



TABLE 1 Ending Potential and Current Values for Corrugated Steel Pipes in Large Water Tank Test 

Open Closed 
Circuit Circuit Current· 

Pipe Potential, V Potential, V 
Potential 

Difference, V ma 

Fiber-Bonded -0.760 -1. 005 0.245 10 
Bituminous 

Bituminous -0.808 -0.960 0.152 44 
Galvanized 

Polymer -1.008 -1. 055 0.047 4 
Precoated 
Galvanized 
(Supplier 1) 

Polymer -0.962 -1.032 0.070 4 
Precoated 
Galvanized 
(Supplier 2) 

Galvanized -1.064 -1. 066 0.002 1 

Polymer -0.885 -1.060 0.175 3 
Precoated 
Aluminized Type 1 

Polymer -0.900 -1.063 0.163 3 
Precoated 
Aluminized Type 2 

Polymer -0.913 -1. 034 0.121 4 
Precoated 
Black Steel 

Open circuit potential values were measured two hours after being 
disconnected from the zinc anode using a copper-copper sulfate 
reference electrode. 

TABLE 2 Resistance Readings at Field Test Sites 

Site 1 Site 2 
(Protected) (Unprotected) 

Date Da~ Soil Water Soil Water 

June 13, 1989 0 140 160 

June 30, 1989 ~7 220 190 

September 30, 1989 109 428 432 370 585 

November 30, 1989 170 655 945 

March 30, 1990 290 825 790 

May 30, 1990 351 488 475 

August 31, 1990 444 280 310 

November 30, 1990 535 140 180 

February 28, 1991 625 613 1170 

June 13, 1991 730 815 712 

Average Resistivity 428 460 370 552 

Note: Values are in ohm-cm. 
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FIGURE 7 Internal potential readings of protected and unprotected fiber-bonded bituminous coated 
galvanized pipe. 

The internal current requirements of all the pipes are fairly 
close in magnitude: they range from 8.5 to 28 mA. The outside 
current requirements are much larger values, and they range 
from 20 to 100 mA. These high extern~l corrosion currents 
are somewhat of a surprise because at the start of the project 
it was unclear where the major corrosion action on a corru­
gated steel pipe was occurring. 

These preliminary results show that, in general, the current 
requirement to protect any of the pipes i's reasonable.· To 
prove this point, the following calculation has been performed. 

Calculate the pounds of zinc required to protect a 24-in., 10-
ft polymer precoated aluminized Type 1 steel pipe, inside 
and outside, for 25 years. [The current requirement for this 

TABLE 3 Internal Potential Readings Made June 13, 1991 

Pipe Protected Unprotected Difference 
Potential, Volts Potential, Volts Volts 

Polymer Precoated -1. 052 -0.651 0.401 
Black Steel 

Polymer Precoated -1.057 -0.662 0.395 
Aluminized Type 2 
Steel 

Polymer Precoated -1.067 -0.690 0.377 
Aluminized Type 1 
Steel 

Polymer Precoated -1. 077 -0.661 0.416 
Galvanized 
Steel (Supplier 2) 

Polymeric Precoated -1.069 -0.731 0.338 
Galvanized 
Steel (Supplier 1) 

Bituminous Galvanized -1.063 -0.965 0.098 
Steel 

Galvanized Steel -1.027 -0.931 0.096 

Fiber-Bonded Bituminous -1. 052 -0.775 0.276 
Galvanized Steel 
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FIGURE 8 Internal and external current readings for fiber-bonded bituminous coated galvanized pipe. 

pipe is 50 mA (Table 4).] Therefore, the pounds of zinc 
required for protection are 

zinc = (0.050 amps) (25 years) (25 lb zinc/amp year) 

31 lb. 

A 30-ft pipe would require three times this amount, or 93 
lb, of zinc; to protect this 30-ft pipe for 50 years instead of 
25 years, it would require twice as much zinc, or 186 lb. If a 
polymer precoated galvanized steel pipe were used, this re-

quirement would be reduced by about one-third because of 
the lower current requirement. 

One estimate of the materials cost of installing a corrugated 
steel pipe in the Pecan Island, La., area is $85/ft; the pipes 
in that region historically have lasted for 25 year.s. Installation 
of the anodes required to protect these pipes for 50 years 
would cost approximately $1,000 and the pipes would be in 
like-new condition. This figure compares with that of two 
replacements of the pipes by the Louisiana Department of 
Transportation at an estimated present value cost of $2,60Q. 

TABLE 4 Current Measurements Made June 13, 1991 

External Internal Total 
Pipe Current Current Current 

ma ma ma 

Polymer Precoated 60 11 72 
Black Steel 

Polymer Precoated 48 15 63 
Aluminized Type 2 Steel 

Polymer Precoated 38 12 50 
Aluminized Type 1 Steel 

Polymer Precoated Galvanized 20 8.5 29 
Steel (Supplier 2) 

Polymer Precoated Galvanized 30 16 46 
Steel (Supplier 1) 

Bituminous Galvanized Steel 41 17 58 

Galvanized Steel 100 28 128 

Fiber-Bonded Bituminous 49 10 59 
Galvanized Steel 
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This calculation assumes a 6 percent inflation rate and an 8 
percent interest rate over that period and illustrates that cath­
odic protection on pipe.sis economically feasible. 

CONCLUSIONS 

1. All corrugated steel pipes in the field have successfully 
responded to both internal and external cathodic protection. 

2. All coated corrugated steel pipes can be economically 
protected by cathodic protection. A calculation made on a 
polymer precoated aluminized Type 1 steel pipe shows that 
it would require 186 lb of zinc to completely protect a pipe 
24 in. in diameter and 30 ft long for 50 years. This can be 
done at an estimated installed cost of $1,000. After the project 
is completed, more-conclusive economics can be obtained. 

3. On the basis of measurements made after 2 years of 
exposure, it can be said that the polymer precoated galvanized 
steel pipe is requiring the least amount of current for protec­
tion. The bituminous coated galvanized steel pipe requires 
more current than the polymer precoated galvanized steel 
pipe, but only about half as much as the bare galvanized pipe. 

4. The unprotected corrugated steel pipes in the field are 
losing whatever protection they may have had from their gal­
vanized or aluminized coatings, and they are experiencing 
corrosion. This is known to be true because the potentials of 
the pipes are more positive than the - 0.85-V potential value 
required for protection of steel. 

5. Internal current requirements are lower than external 
values because there was less coating damage to the inside 
during installation and the natural soil stresses are causing 
coating damage on the outside of the pipes. 

6. Even though the resistivity of the water at the protected 
culvert site varied from 140 to 825 ohm-cm, it was still easy 
for the zinc anodes to protect the pipes. 

7. The field study has proven that a corrugated steel pipe 
disconnected from the anode can be readily identified. After 
reconnection to the anode, the potential and current values 
return to normal almost immediately. 

8. The 30-day water tank test demonstrated that the cor­
rugated steel pipes could be cathodically protected in the 
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laboratory. All of the closed-circuit potentials were much more 
negative than the - 0.85-V potential required for protection .. 

9. The large water tank proved that the polymer precoated 
galvanized steel pipes would not very readily depolarize and 
would have a low current requirement. 
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Structural Perfo_rmance of Perforated· 
PVC Pipe 

SHAD M. SARGAND, GAYLE F. MITCHELL, ROBERT KASTNER, AND 

JULIAN RUEDA 

Plastic pipes are being used increasingly in transportation facilities 
and for other infrastructural applications. However, limited in-. 
formation is available on the performance of these pipes under 
live load. Furthermore, little is known about total deflections and 
their relationship to corresponding strains induced on the outside 
and inside surface of the pipe. Since laboratory tests cannot ef­
fectively model these variables, a field facility must be used to 
study these pipes. This paper presents information on the response 
and performance of a small-diameter pipe under field conditions. 
Unique instrumentation, developed for small-diameter pipes by 
the lead author, provided a means for installing strain gauges on 
the interior surface of the pipe. Analysis of the strains and de­
flections for 10 'incremental loads up to a total load of 187 tons 
showed that the strains caused by the backfill and live load were 
not very large. However, at a total load exceeding about 80 tons, 
large changes occurred in the strain, particularly the transverse 
strain. Deflections during the application of the live load were 
small. However, deflections caused by the backfill alone were 
large, and the backfill process had an influence on the subsequent 
performance under application of load. · 

Plastic pipes, such as high-density polyethylene (HDPE) and 
polyvinylchloride (PVC), have become widely employed for 
infrastructure applications, for example, highway drainage, 
municipal sewers, water supply systems, and underground 
telephone conduit. They offer advantages in durability, ap­
plication under various aggressive environments, ease of han­
dling, and economics. 

In design of these plastic pipes, the following factors are 
considered: deflection, ring bending moment, ring compres­
sion force, and buckling. None of the present procedures used 
for de'sign considers the long-term performance of the plastic 
pipe. Generally, the strength of these pipes is determined by 
short-term tests, such as the parallel plate test. Janson suggests 
that long-term response be determined by deflecting pipes to 
strain values from 0.8 to 3.7 percent for 10,000 hr (J). As a 
short-term test he recommends testing to 5 percent strain in 
3 min. In addition, when these pipes are employed in an 
undrained system they generally would have circular or slotted 
holes. It is obvious that this modification of the pipe wall will 
result in a severe stress concentration around the perforations. 
Also, most information about the performance of these pipes 
has been provided by the manufacturers, and not all manu­
facturers are familiar with loading conditions that occur in the 
field. 

S. M. Sargand, G. F. Mitchell, R. Kastner, Department of Civil En­
gineering, Stocker Center, Ohio University, Athens, Ohio 45701. 
J. Rueda, Waste Management of North America, Inc., 303 Butter­
field Road, Oak Brook, Ill. 60521. 

PIPE PERFORMANCE 

The current· equations that are used in design of plastic pipe 
are summarized by Chambers et al. (2). Standard procedures 
that are currently in use do not incorporate the true properties 
of plastic pipe, such as viscoelasticity. No data are available 
as to whether small- and large-diameter pipe respond the same 
and so can be designed by identical procedures. Design pro­
cedures are not verified with sufficient field data. Also,, in­
vestigators have suggested that d.esign parameters, such as 
modulus of elasticity of the pipe material (E) in the Iowa 
culvert design formula, may be too conservative. The follow­
ing discussion summarizes the major literature on the subject. 

Adams et al. fully instrumented a 24-in.-diameter corru­
gated polyethylene (PE) pipe and buried it under a 100-ft­
high embankment (3). They did not see any distress under 
95 ft of embankment, noting that change in the horizontal 
diameter was less than 0.5 percent and the vertical diameter 
was reduced 3 to 5 percent. Gabriel investigated the perfor­
mance of 4-, 6-, 8-, and 12-in.-diameter perforated HDPE 
pipe under simulated backfill 42 ft high ( 4). He predicted that 
pipe placed under poorly compacted fill would sustain an 
embankment exceeding 42 ft. · 

Horn reported on one study of three types of plastic pipe 
(PVC, PE, ABS) with diameters of 10, 12, and 15 ·in. and 
another dynamic test of slotted 4- and 6-in.-diameter PVC 
and PE pipe (5). The pipes were buried under shallow cover 
and tested under static and dynamic wheel loads. The loads 
were to simulate the type of conditions that would exist on 
runways at airports. The 10- and 12-in. PVC pipes performed 
well for all depths of cover tested in both pea gravel and lean 
clay. Two 6-in.-diameter PVC pipes installed 6 in. deep had 
permanent deflections greater than 5 percent but less than 8 
percent. Under 12 and 18 in. of cover, 6-in. PVC had per­
manent deflections less than 3 percent; a 4-in. PVC pipe in­
stalled at 12 in. of cover depicted about 2.5 percent permanent 
deflection. 

Watkins and Reeve investigated four specimens of 6-in.­
diameter HDPE pipe in the Utah ·state University small soil 
cell to determine the performance under deep cover; this 
study was conducted for King County Solid Waste (6). One 
of these pipes was unperforated, one was perforated, and two 
were slotted. Under the load condition for this experiment, 
they reported that when the 6-in. pipe was buried in washed 
gravel it performed satisfactorily under 200 ft of fill simulated 
at 50 lb/ft3 . Deflection was less than 3.3 percent. They re­
ported that there was no cracking or tearing close to the 
perforations, concluding that stress concentration in the per-
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foration region is not very serious. The instrumentation em­
ployed in this study was very crude, particularly in determin­
ing the stress concentration and bending moment. Also, the 
loading condition was very close to a hydrostatic situation. In 
addition, Watkins et al. tested 24-in. corrugated PE pipes 
under compacted granular backfill and live load (7). On the 
basis of this study, he concluded that the ring compression . 
should be the primary design parameter, and the effect of the 
ring deflection should also be included. 

Since these pipes are generally very flexible, special atten­
tion should be given to their installation procedure. Field 
observations reported by Hurd indicated that there are several 
installations in Ohio in which flattening (15 percent deflec­
tion) and buckling (25 percent deflection) have occurred (8). 
He suggests installation procedures as the cause and recom­
mends higher pipe stiffness as the remedy to this problem. 
Prevost and Kienow discussed buckling of six pipes-two 
thermoplastic, three thermoset, and one metal (9). They said 
that the principal buckling factor for low-stiffness pipe may 
be the result of the change of shape that occurs during the 
installation procedure. They recommended that to minimize 
changing the shape of the pipe, great care should be taken 
during installation. 

Because various types of materials and wall profiles of plas­
tic pipe are available, knowledge of strain and stress fields is 
necessary for proper application and analysis of these pipes. 
Strain is an essential part of design of plastic pipes, because 
stress is difficult to determine. Furthermore, little is known 
about total deflections and their relationship to corresponding 
strains induced on the outside and inside surface of the pipe. 
A limited number of studies have been conducted to compute 
the strain in small-diameter plastic pipe. Moore and Donald­
son developed a profile meter to monitor the deflection of 
pipe having a diameter range of 0.6 to 1.5 m (10). The results 
recorded by this device were used to compute the strain. Some 
of the major concerns of this technique are that computed 
strains cannot indicate the local distress. In the profile of some 
of the plastic pipes there is discontinuity through the depth. 
Again, the predicted strains are not necessarily the actual 
interior strains. Furthermore, a profile meter will not operate 
properly when the deflection of the pipe exceeds 10 percent. 
Alternately, the procedure that is commonly used for com­
puting the strain in small-diameter plastic pipe is an empirical 
technique such as the modified Iowa Formula. 

This paper presents results from the performance of a small­
diameter plastic pipe (PVC) installed in a field facility. Be­
cause a new technique was developed by Sargand et al. to 
install strain gauges inside of small-diameter pipe (J J), perfor­
mance is presented in terms of measured interior and exterior 
strains in conjunction with deflections. 

PIPE DESCRIPTION, INSTRUMENTATION, AND 
INSTALLATION 

Pipe Description 

A 6-in.-diameter Schedule 80 PVC perforated pipe, 20 ft in 
length, was selected for the study. The perforations in the 
pipe are circular of diameter 0.5 in. spaced at intervals of 5 
in., and the wall thickness is 0.436 in. Two lines of perforations 
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are separated by an angle of 110 degrees. Laboratory testing 
of the pipe indicated that the average stiffness factor would 
be about 2,774 in. 3-lbf/in.-in. for 5 percent vertical deflection 
and 2,227 in. 3-lbf/in.-in. for 10 percent vertical deflection. 

Instrumentation 

A unique method of surface preparation and gauge installa­
tion, developed by Sargand et al. (11), was used to install 
eight biaxial strain gauges at the pipe interior midsection (10 
ft from the pipe end). The interior of the pipe was cleaned, 
conditioned, and neutralized using an adapted method of sur­
face preparation from Measurements Group, Inc. (12)., for a 
PVC surface. A 10-ft-long piece of %-iil.-diameter steel tub­
ing, fitted with ~ chuck on one end (so that an electric drill 
could be used to rotate the shaft) and a metal piece at the 
other end that secured an engine cylinder hone, was used to 
clean, hone, and prepare the inside of the pipe. 

Eight biaxial strain gauges (KFG Series, KFG-5-120-D16-
65 L3M 3S, 120 ± 0.8 ohms, Kyowa Electronic Instruments 
Co., Tokyo, Japan) were placed on the pipe interior surface 
using Type 10 curing agent mixed witp Type AE ·adhesive 
resin. A 10-ft-long piece of copper tubing with a shutoff air 
valve on one end and a round disk with eight plungers·on the 
other end was employed to install the strain' gauges. The air 
hose was attached to the copper tubing applicator, and a 
pressure of 41 lb/in. 2 was applied to provide a clamping pres­
sure on the gauges while the adhesive was hardening. These 
gauges were located at the crown and invert, and at 45, 90, 
and 135-degree positions clockwise and counterclockwise on 
the crown gauge. Eight biaxial strain gauges. (Micro Measure­
ments, CEA-06-125WT-350, 350 ± 0.5% ohms, Raleigh, N.C.) 
were also adhered to the exterior of the pipe in the same 
locations as the interior gauges. 

The deflection was monitored at the 20-ft pipe midsection 
with a profile meter that used a remotely triggered linear 
variable differential transducer (L VDT), secured to the end 
of an aluminum I-beam, which was held in position by a 
special holding stand. Voltage output from the counterclock­
wise rotating L VDT provided a determination of the angle 
of rotation, and a photoelectric eye, attached to the L VDT, 
detected each of eight tape marks on the inside circumference 
of the pipe during each sweep. Deflection, as well as the 
strain, were monitored concurrently using a portable data 
acquisition system. 

Pipe Installation Procedure 

At the field installation site, the pipe was installed in a rec­
tangular trench that was excavated in the original soil, a lean 
clay. The trench dimensions were 26 in. wide x 240 in. long 
x 18 in. deep. A 20-ft-long geotextile (Trevira Spunbond 
nonwoven type 1125, Hoechst Celanese Corp., Spartanburg, 
S.C.) was placed on the bottom and sides of the pipe instal­
lation trench. Crushed limestone (AASHTO No. 3) was spread 
in the bottom of the trench for a 4-in.-thick bedding layer. 
The pipe was then positioned on this layer, and additional 
limestone material was placed on the sides and over the pipe 
to a depth of 18 in. A mound about 5 in. high at the top of 
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Original Soil 

Load Frame I-Beam 
Frame 

FIGURE 1 Schematic of test pipe setup. 

the trench was made with river gravel (AASHTO No. 8 stones). 
Then, the geotextile was wrapped over this material with an 
overlap of 12 in. Finally, river gravel material was placed over 
the pipe in an area 10 by 20 ft to a depth of 24 in. The 
schematic of the profile is shown in Figure 1. 

TEST FACILITY AND LOADING 

The field facility used for testing the pipe is located on the 
Ohio University campus in Athens. This unique facility con-

Concrete Ba.se 

26" 
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Original Soil 

sists of four concrete columns, spaced approximately 25 ft 
from center to center, that serve as a support for a structural 
I-beam frame. The structural I-beam frame is tied to bedrock 
through a total of eight grouted tension rock anchors. Two 
230-ton-capacity hydraulic cylinders, attached to the frame, 
apply the load. For this test a loading platform, covering an 
area 6 ft square, was assembled under the two hydraulic cyl­
inders. The platform, weighing about 2. 7 tons, applied an 
initial stress of 1.16 lb/in. 2 over the backfill material. During 
the test, incremental hydraulic pressures of 200 lb/in. 2 were 
used up to a maximum of 1,200 lb/in. 2 • (The hydraulic power 

Hydraulic Cylinders 

FIGURE 2 Schematic of loading profile with deflection measurement device. 
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FIGURE 3 Load application to pipe system (hydraulic power 
system on right and loading platform at center). 

FIGURE 4 Hydraulic cylinders and loading platform with 
data acquisition system. 

system can develop up to a 2,200-lb/in. 2 pressure in each 
loading cyclinder.) 

The schematic shown in Figure 2 illustrates the loading and 
deflection measurement device. The photographs in Figures 
3 and 4 depict the loading of the pipe system during the test ; 
the load was applied in an incremental process up to a total 
of 187 tons. 

FIELD RESULTS 

Deflection 

At each load sequence, five sweeps or rotations of the LVDT 
system were performed. Results from the five sweeps were 
then averaged to arrive at the shape and dimensions of the 
pipe at each load condition. The data indicated antisymmetric 
behavior of the pipe , which was caused by the initial change 
in shape during the backfill process. This occurrence can be 
reduced by utilizing a pipe of higher stiffness or modifying 
the backfill process. 
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Figure 5 illustrates the change in diameter of the pipe from 
application of the backfill and the live load . The measured 
displacement is the vertical dimension and not necessarily the 
maximum value of the shortening of the diameter. Also , the 
change in shape was measured to an accuracy of 0.03 in. The 
diameter in the vertical direction decreased by 3.14 percent 
because of the backfill , whereas in the horizontal direction it 
increased by 1.57 percent. Moreover, due to the application 
of 157 tons loading the vertical and horizontal diameters changed 
7.90 and 3.13 percent , respectively. This behavior indicates 
that a large amount of deformation can occur because of the 
construction sequence. When the load was removed at the 
end of the test , a permanent change in shape was noted. 

Bending Moment and Thrust 

The moment and the thrust were computed from the strains 
that were recorded in both the transverse and longitudinal 
directions during the application of live load. Table 1 presents 
the values obtained for the strains at the crown of the pipe 
at selected load increments. (The sign convention is positive 
for tension and negative for compression.) All the strains are 
calculated using as the initial conditions the completion of the 
backfill with the loading platform. 
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FIGURE S Vertical deflection versus total load curve. 

TABLE 1 Strains at Crown of Pipe 

Total Load Transverse Strain 
(tons) (micros train) 

Outer Inner 

33.5 -1646.42 1454.48 
48.9 -2098.36 1781.76 
64.3 -2758.30 2225.89 
79.7 -3369.85 2686.83 
95.1 -4674.19 3988.36 

110.5 -5947.56 4805.12 

Longitudinal Strain 
(microstrain) 

Outer Inner 

8.47 137.73 
6.72 214.03 
8.36 332.08 

10.60 385.68 
25.37 442.89 
25.67 781.52 

160 
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The strains in the transverse as well as the longitudinal 
directions generally were reasonable numbers. Most of the 
strains were very small compared with the limitations of the 
strain gauges. The strain values confirm the change in the 
shape of the pipe during the application of the load, as illus­
trated in Figure 6. The high values of transverse strain occur 

-2758.30 

-1433.79 893.07 
1327.43. -2193.47 

1 651 .89 -318.84 -2715.75 1439.44 

-21°75.79 605.01 
1 007.04 

~ad Gage 

-3214.69 

-1253.66 

FIGURE 6 Deflection and transverse strain for 
64.28-ton load. 
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at the crown and invert of the pipe. The same antisymmetric 
trend noted in the deflection was observed also for the strain. 

Figure 7 presents the values for the moment calculated from 
field data using the value for modulus of elasticity of 400,000 
lb/in. 2 and Poisson's ratio of 0.38. A significant increase in 
·the moment at the crown is noted for ·each incremental load 
increase. At the high level of loading, only two data points 
are shown for the moment, since the wires connected to some 
of the gauges were damaged by the backfill material before 
this loading sequence. Figure 8 presents the values of thrust 
for the upper half of the pipe. Surprisingly, the thrust was in 
tension on the left side of the spring. This thrust could be 
attributed to the initial distortion of the pipe caused by the 
installation process or local response to the backfill material, 
or. both. 

The pipe that was tested in this study typically will be used 
in a landfill. Since the material that will be used as backfill 
must have a high permeability value, the crushed limestone 
was applied around the pipe. With this type of backfill ma­
terial it is difficult to obtain a uniform distribution of stress 
around the pipe. In addition, when the pipe was excavated, 
it was observed that the aggregate around the pipe was crushed 
by application of the heavy load. Also, numerous dents were 
made on the surface of the pipe, and, despite the fact that 
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FIGURE 7 Bending moment in upper section of pipe. 
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FIGURE 8 Thrust in upper section of pipe. 
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the gauges and wires were well protected, the wires connected 
to the gauges were damaged by the sharp edges of the stone. · 

SUMMARY AND CON°CLUSIONS 

On the basis of the performance of the pipe for this one test, 
the following statements can be made: 

1. The strains caused by the backfill and live load were not 
very large. 

2. Deflections caused by the backfill were large compared 
with the application of live load. 

3. The change in shape of .the pipe caused by the backfill 
process had an influence on the subsequent performance under 
the application of load. 

4. The deformation of t_he pipe caused by the backfill pro­
cess could be controlled by more careful installation proce­
dures. Furthermore, deformation could be reduced by con­
straining the pipe segment(s) during installation of the backfill. 

5. This pipe, overall, performed well during this test; how­
ever, it should be noted that this was the first time a study 
of this type has been conducted, and further verification is 
needed to extrapolate results to field application. 
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