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Foreword

This volume is composed of 20 papers that were presented in six sessions sponsored by four
TRB Structures Section committees at the 1993 TRB Annual Meeting and 1 paper that was
submitted for publication only.

The first seven papers were presented at a session sponsored by the Committee on General
Structures. Burke discusses the attributes and limitations of integral bridges, which account
for their general favor over jointed bridge counterparts. Van Lund describes bridge
modular expansion joints and the steps taken by the Washington State Department of Trans-
portation to improve their quality and durability. Fu et al. discuss an analysis method for
design of base plates for span wire traffic signal poles. Sotiropoulos and GangaRao present
a quantitative study of bridge deck deterioration factors and propose a method for mitigation.
GangaRao et al. examine the effects of freeze-thaw cycles on various concrete structural
components, especially on concrete-filled steel-grid bridge decks. Kuo et al. describe the use
of a large-scale accelerated testing facility to simultaneously test five bridge rehabilitation
joint systems. Hulsey and Powell present time-dependent empirical equations for various
weather conditions at two bridge sites, describing how these exposure models were used to
study thermal stresses and movements in the structures.

The Committees on General Structures and Sealants and Fillers for Joints and Cracks
cosponsored a session on Development of Bridge Bearing Systems, at which the next two
papers were presented. Mander et al. describe field tests on 30-year-old fixed and expansion
steel bridge bearings along with an analytical study of the deck-substructure interaction.
Atkinson discusses three types of modern high-load multirotational bridge bearings and how
they act within the structural system.

The next three papers were presented at a session sponsored by the Committee on Steel
Bridges. Menzemer and Fisher summarize a study to examine issues associated with the
design of welded aluminum structures, including material characterization, residual stress
measurements, fatigue testing, and detailed examination of fracture surfaces. Price discusses
innovations in enhancement of the design, durability, constructability, and economics of

.composite steel box girder bridges. Wang et al. modeled multiple vehicles moving across
rough bridge decks to study the vibration and impact in seven steel multigirder bridges.

Following these are five papers presented in a session sponsored by the Committee on
Concrete Bridges. Cook et al. discuss a new type of short-span, precast, posttensioned, flat-
slab bridge system for transversing wetlands and shallow waters to replace the traditional
trestle-type bridge. Khaleel and Itani present a study of fatigue life of partially prestressed
concrete girder bridges via modeling loadings due to a variety of alternative truck configu-
rations and weights. Dusseau and Dubaisi analyze ambient vibration on 50 concrete bridges
along two Interstate highways in the state of Washington. Buckingham et al. present favorable
results of an experimental study of concrete bridge columns with interlocking spiral rein-
forcement. Deatherage et al. discuss prestressed girders and their behavior under static
loading.

The final five papers in this volume result from the work of the Committee on Dynamics
and Field Testing of Bridges. Four were presented at two Annual Meeting sessions; the final
one was submitted to the committee for publication only. Nowak et al. present an approach -
for evaluating fatigue performance and apply the proposed approach to an existing steel
girder bridge. Hulsey and Delaney summarize tests conducted on a cable-stayed bridge in
Alaska with statically positioned trucks. Aktan et al. describe a comprehensive structural
identification process that incorporates dynamic and static tests for a 3-D finite element model
of a three-span steel-stringer bridge. Verma and Priestley present a design algorithm for
optimal design of single-column circular reinforced concrete bridge piers to resist seismic
loadings. Bednar compiles results of continuing field inspections to update the limits of
environmental conditions for aluminized steel Type 2 drainage pipe.

vii
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Integral Bridges: Attributes and

Limitations

MARTIN P. BURKE, JR.

In some areas of the United States, integral bridges are now being
used whenever application limits do not favor another type of
structure. Integral bridges have numerous favorable attributes
and few limitations. Because design provisions can be made for
some of the limitations, only application limitations such as length,
skew, and curvature should negate the use of integral bridges in
favor of their jointed bridge counterparts. Design procedures and
details used for the construction of single- and multiple-span in-
tegral bridges of continuous moderate length [91 m (300 ft)] are
described, and the comparative attributes and limitations of in-
tegral and jointed bridges are elaborated on. The integral bridges
discussed have shallow, stub-type abutments supported by em-
bankments and piles. For integral bridges with multiple spans,
piers are either flexible and attached to the superstructure or
semirigid and self-supporting with movable bearings.

Integral structures, or structures without movable joints, are
ages old. The most celebrated are the natural arches carved
from bedrock by water and wind. The largest such structure
is Rainbow Bridge National Monument in Utah near the Ar-
izona border. It is composed of pink sandstone and has a span
of 85 m (278 ft).

However, in considering integral bridges built by human
beings, one cannot go much further back into recorded history
than the first arch bridges containing unreinforced concrete
constructed by the Romans. More recently, most are familiar
with the construction of reinforced concrete arch bridges in
the early decades of this century.

BACKGROUND AND OVERVIEW

Reinforced concrete began as a substitute for stone masonry
in the construction of filled spandrel arch bridges. In these
bridges, the pavement and spandrel fill are supported on one
or more continuously reinforced arched slabs. Although many
of the multiple-span spandrel-filled arches were constructed
with-movable joints in spandrel walls and railings, many of
the one- or two-span bridges of this type can be classified as
true integral bridges because they were constructed without
movable joints. (In this paper, the designation “movable joint”
replaces the misnomer “‘expansion joint.”)

By the third and fourth decades of this century, arch bridge
construction culminated in the construction of long-span closed-
and open-spandrel arch bridges. Although the major sup-
porting elements of these bridges (abutments, piers, and arch
ribs) have no movable joints, they are not true integral bridges
because the deck slabs and spandrel walls have movable joints

Burgess & Niple, Ltd., 5085 Reed Road, Columbus, Ohio 43220.

at each intermediate pier and occasionally in the deck slabs
and spandrel walls within each span.

By midcentury, however, many transportation departments
were building concrete rigid frame bridges. These bridges
represented a standard type of construction for many trans-
portation departments. Those built in Canada by the province
of Ontario are good examples. Although vertical movable
joints are used between the bridges and their lateral wing-
walls, the bridges can be classified as integral because they
have no movable joints in their decks or primary supporting
elements. ’

The construction of rigid frame bridges was paralleled by
the construction of bridges with multiple-span, continuous-
slab beams or girders. Ultimately, the overall economy of
continuous construction made practicable the use of multiple
spans, embankments, and small stub-type abutments sup-
ported on a single row of flexible piles in lieu of a conventional
single- or multiple-span bridge with wall-type abutments (Fig-
ure 1). Many of the shortest of these bridges—those shorter
than 61 m (200 ft)—were constructed without movable deck
joints. The economy, durability, and simplicity of these early
integral designs led to the use of this type of construction for
progressively longer spans.

Thus, although various types of integral bridges have been
constructed for centuries, the term “‘integral bridge” is now
generally used to refer to continuous jointless bridges with
single and multiple spans and capped-pile stub-type abut-
ments (Figure 2).

Piers for integral bridges can be of any type. If the inherent
flexibility of a chosen type will accommodate structure move-
ments, the piers may be built integrally with the superstructure
or connected to it with anchor bolts. Otherwise, piers are
designed as semirigid self-supporting substructures with mov-
able bearings between them and the superstructure.

ATTRIBUTES AND LIMITATIONS

The popularity of integral bridges has grown with their num-
ber (1-3). It soon became evident that these bridges, which
were originally built as a reaction to the destructive effects of
leaking deck joints and massive pavement pressures, had many
more attributes and fewer limitations than their jointed coun-
terparts. Interestingly enough, these attributes not only re-
duced a bridge’s first cost and life-cycle cost, they also reduced
the cost of its own future modification (e.g., widening) and
its eventual replacement. Integral bridges have been found
to be an ideal structure for secondary road systems for states
and counties, and with thoughtful crafting they are-becoming
popular for rural and urban primary and Interstate systems.




FIGURE 1 Different bridge types for the same site: (fop)
multiple-span integral bridge with stub-type abutments; (bottom)
single span with movable bearings and wall-type abutments.

Although their jointless construction and resistance to
pavement pressure and consequent long-term durability ap-
pear to be the primary attributes that first motivated the con-
struction of longer and longer integral bridges, it also appears
that their simple design, rapid construction, and other attri-
butes have gained favor for them as these attributes become
more widely recognized.

. For design engineers and engineer administrators who are
considering integral bridges for the first time, a review of the
discussion in this paper should help to explain why these
bridges are now being constructed with increasing frequency.

Attributes

Because discussions of attributes (and limitations) of integral
bridges would have little significance unless they were con-
sidered with respect to another bridge type with familiar char-
acteristics, the descriptions that follow and the comparisons
that are made all refer to similar single-span or multiple-span
continuous deck-type structures with movable deck joints at
abutments and with both fixed and movable bearings.

Simple Design

Where abutments and piers of a.continuous bridge are each
supported by a single row of piles attached to the superstruc-

: :'r‘
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FIGURE 2 Capped-pile stub-type abutments for integral
bridges: (leff) for prestressed concrete box-beam stringers;
(right) for steel I-beam stringers.
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ture or where self-supporting piers are separated from the
superstructure by movable bearings, an integral bridge may,
for analysis and design purposes, be considered a continuous
frame with a single horizontal member and two or more ver-
tical members. When the stiffness and distribution factors are
calculated for such a frame, the vertical members are so flex-
ible when compared with the horizontal member that the
horizontal member may be assumed to have simple supports.
Consequently, except for the design of the continuity con-
nections at abutments, frame action in integral bridges can
be neglected in considering the effects of vertical loads applied
to superstructures.

The design of integral bridges is further simplified because
piers and abutments generally need not be designed to resist
either lateral or longitudinal loads. This is possible because
the laterally and longitudinally rigid concrete deck slab is
rigidly attached to both abutments, and the abutments are
rigidly restrained by the confining embankments. Conse-
quently, essentially all lateral and longitudinal loads applied
to ‘the superstructures of integral bridges are distributed di-
rectly to abutment embankments. As a result, piers and abut-
ments need not be designed to resist horizontal loads applied
to superstructures.

The design of abutment-superstructure continuity connec-
tions and transverse wingwalls can be standardized for a wide
range of bridge applications. A nominal amount of reinforce-
ment will be suitable to resist the slight live and dead loads
typical of such applications plus a wide range of secondary
effects (shrinkage, creep, passive pressure, etc.). Also, a nom-
inal amount of reinforcement can be provided for transverse
wingwalls to resist the maximum anticipated passive pressure.
Once these standard details are established, each bridge
abutment can be configured and reinforced for the vertical
reactions associated with various roadway widths and span
lengths. In general, this consists of no more than the deter-
mination of an appropriate pile load and spacing and pile cap
reinforcement.

The design of piers is similarly accomplished. Essentially
all horizontal superstructure loads are distributed to approach
embankments, and moments resulting from pier-superstruc-
ture continuity are negligible. Therefore, piers of integral
bridges (capped-pile or free-standing types with movable
bearings) need be designed only for vertical superstructure
and pier loads and for lateral loads that may be applied di-
rectly to the piers (streamflow, stream debris, earth pressure,
wind). Where these lateral pier loads are small, and this is
usually the case, most piers, like abutments, can be designed
essentially for vertical loads alone.

For flexible piers that receive much of their lateral support
from their connection to the superstructure, construction pro-
cedures are necessary to ensure that these piers are not lat-
erally loaded until after they have been connected to the
superstructure and the continuity connections to the super-
structure abutment have been completed.

Because the superstructure and abutment embankments
resist primary lateral loads, piers (piles, columns, footings,
foundations) of integral bridges may be reduced to minimum
sizes and dimensions. Battered piles are not required. Fixed
piers are not required. In general, pier design can be simpli-
fied to the extent that standard designs can be developed for
a wide range of roadway widths and span lengths. '
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Jointless Construction

The primary attribute of integral bridges is their jointless
construction. To fully appreciate this attribute, one must be
familiar with the performance of bridges with movable joints.

Open-deck joints permit contaminated deck drainage to
penetrate joints and cause extensive below-deck deteriora-
tion. Closed joints and sealed joints give a measure of pro-
tection from deck drainage deterioration. However, all mov-
able deck joints (open, closed, or sealed) are vulnerable to
the destructive effects of approach pavement growth and pres-
sure. Bridges with movable deck joints constructed in con-
junction with rigid, jointed approach pavement have inad-
vertently functioned as elaborate and expensive pavement
pressure relief joints. As approach pavements grow and the
moving deck joints accommodate this growth, bridges are
progressively squeezed until the movable joints are closed.
Thereafter, additional pavement growth and bridge elonga-
tion generate sufficient pavement pressure to crush joint seals
and to fracture abutment backwalls and bridge seats. Con-
sequently, the avoidance of such joints obviates the need for
maintenance-prone joint seals and the extensive pressure-
damage repair that has come to be associated with them.

As a secondary benefit, smooth jointless construction im-
proves vehicular riding quality and diminishes vehicular im-
pact stress levels.

Pressure Resistance

The solid, jointless construction of integral bridges distributes
longitudinal pavement pressures over a total superstructure
area substantially greater than that of the approach pavement
cross section. Consequently, approach pavements are more
likely to fail by progressive localized fracturing or instanta-
neous buckling than the more pressure-resistant bridge su-
perstructure. Unless approaches to integral bridges are fur-
nished with cycle control joints that are appropriately
designed— joints that facilitate the thermal cycling of the bridge
and attached approach slabs—they are more likely to expe-
rience early distress because restrained expansion of the bridge
contributes to the generation of pavement pressure.
Because integral bridges are capable of sustaining signifi-
cant longitudinal compression without distress, almost any
pressure relief joint used by maintenance forces to relieve
pavement pressure would be suitable for them. However,
jointed bridges need highly efficient pressure relief joints if
pavement pressures are to be reduced low enough to keep
deck joints functioning. Few such pressure relief joints are
being used by pavement design or maintenance engineers.

Rapid Construction

Numerous features of integral bridges facilitate their rapid
construction, and these features are probably responsible for
much of the outstanding economy that has been achieved by
their construction. Dry construction, simple members, broad
tolerances, few construction joints, few parts, few materials,
elimination of labor-intensive practices, and many other fea-
tures combine to make possible completion of such structures

in a single, short construction season. The more rapid con-
struction is possible even when the structures have to be built
in stages to maintain traffic. Consider the following features
in more detail. '

Embankments Embankments can be placed and con-
structed with large earth-moving and compaction equipment.
Only limited use of hand-operated compaction equipment is
needed.

Cofferdams Integral bridges, especially those constructed
with capped-pile or drilled-shaft piers, can be constructed with
fewer delays due to inclement weather and stream flooding.
Abutment excavations and pile driving near the top of ap-
proach embankments can be done without cofferdams and
generally without the need for dewatering. Foundation con-
struction can progress as fast as pier and abutment piling can
be driven. Subsequently, pile cap and superstructure con-
struction can proceed with little regard for streamwater levels.

Small Excavations At abutment benches, excavations need
be no more than 0.6 to 0.9 m (2 to 3 ft) deep.

Vertical Piles At abutments, vertical piles are uniformly
spaced and driven in a single horizontal row. In contrast, the
typical abutment foundation of jointed bridges consists of two
or more rows of both vertical and battered piles.

Pier piles also are uniformly spaced and driven vertically
in a single horizontal row. This arrangement avoids the need
for pile clusters with some battered piles for each column
footing, the typical pier foundation for many cap and column
piers of jointed bridges. For bridge sites with high water lev-
els, driving piles for pier footings is more difficult because
the piles must be driven inside deep cofferdams.

Simple Forms Pier and abutment pile caps are formed
quickly because they are usually composed of simple rectan-
gular shapes.

Few Joints Few construction joints are used for integral
bridges. Consequently, few concrete placement and curing
days are needed. For example, no more than four concrete
placement days are needed for most integral bridges. Only
one day each is required for placing pile caps, continuity
connections, deck slab, and approach slabs. Single-span in-
tegral bridges in some states have been simplified to the extent
that only two days are required; the second day is necessary
only to place separately cast approach slabs. In contrast, con-
structing most jointed bridges requires five or more placement

'days and subsequent curing days.

Few Parts Fixed and movable bearings, armor for deck
joints, and deck joint seals are unnecessary. The normal de-




lays associated with deck joint installation, adjustment, and
anchorage are avoided.

Broad Tolerances The close construction tolerances usu-
ally associated with jointed bridges are not necessary for
integral bridges. For example, the elevation, slope, and uni-
formity of bridge seats are not important because only rough-
surfaced construction joints are required.

Reduced Removals Using typical multiple-span integral
bridges with embankments and stub abutments to replace
shorter bridges with wall-type abutments permits new bridges
to be constructed without requiring the complete removal of
existing substructures. The new bridges can be configured to
straddle existing foundations (Figure 3), and where existing
abutments are located in the new embankments, most of the
existing abutments need not be removed. At many sites, sig-
nificant savings are possible. For example, where normal water
levels are high, complete removal of existing substructures
could require the building of large cofferdams for this purpose
alone.

Simple Beam Seats Some of the labor-intensive practices
required for jointed bridge construction are either eliminated
or substantially simplified in integral bridge construction. For
example, consider the problem of providing appropriate load-
ing surfaces for the elastomeric bearings of side-by-side and
spread prestressed box-beam bridges.

Side-by-side prestressed box beams must be canted laterally
to match the deck crown and tilted longitudinally to accom-
modate bridge grade. Also, because the ends of these beams
are sloped owing to residual camber, adjustments usually need
to be made in beam bottoms, bearings, or bridge seats to
compensate for these geometric irregularities and provide par-
allel loading surfaces for elastomeric bearings. A number of
options are available to the designer:

1. A longitudinally tapered recess can be cast in beam bot-
.toms to match a longitudinally level and laterally crowned
bridge seat surface,

2. Bridge seats can be sloped to match the orientation of
beam bottoms, and )

3. A tapered metal laminate can be molded within the bear-
ings to compensate for differences in the longitudinal orien-
tation of beam bottoms and seat surfaces, and bridge seats
can be laterally crowned to match the canted beams.

Proposed Spans

! 1
iy

‘ Existing Span I

| ! | h

| | ‘ |

FIGURE 3 New bridge straddles old
foundations. '
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If this is not complex enough, the specific provisions adopted
to compensate for crown, grade, and camber may, in some
bridges, have to be unique for each bridge seat because bear-
ing geometry changes from one substructure to the next as a
result of changes in grade and span lengths. In addition, poor
estimates of residual camber, differences in residual camber
from beam to beam, skew effects, errors in computing actual
surface orientations, and errors in construction make the at-
tainment of parallel loading surfaces uncertain. Consequently,
even after all these considerations have been accounted for,
occasionally it is necessary to use shims under elastomeric
bearings to obtain solid seating of beams on bridge seats.

Integral bridge construction makes most of these consid-
erations and procedures unnecessary. Because beams of in-
tegral bridges need only temporary support until continuity
connections have been cast, a narrow temporary elastomeric
erection strip can be used on a temporary bridge seat surface
to support the beams. After continuity connections are cast
and cured, all the beam reactions (dead, live, and impact
loads) will be uniformly supported by cast-in-place continuity
connections, connections that are far superior in supporting
superstructure loads to the series of separate and uncertainly
loaded elastomeric bearings characteristic of jointed box-beam
bridges.

Because concrete or steel I-beams are placed vertically,
crown effects need not be considered when appropriate bear-
ings and bridge seats are provided. However, even for I-beam
bridges, the use of integral construction (continuity connec-
tions) considerably simplifies bridge seat and bearing require-
ments and improves the distribution of superstructure
reactions.

Elimination of Bearing Anchor Bars For the typical jointed
bridge, superstructures are usually fixed at one or more sub-
structure elements, usually at an intermediate pier. For side-
by-side prestressed box-beam bridges, this fixing often is done
by placing anchor bars down through precast holes in the box
beams and into field-drilled holes in bridge seats. Because of
the uncertainties of beam fit-up, beam length, and substruc-
ture locations, holes in the bridge seat must be field drilled
after all beams have been placed and compacted together.
Considering the errors that are likely to occur in locating

-substructures accurately and the bridge-seat reinforcement in

these substructures, it is reasonable to assume that some pri-
mary bridge-seat reinforcement is cut by field drilling anchor
bar holes. »

Because superstructures of integral bridges receive lateral
and longitudinal support from abutment embankments, only
flexible piers not integrally constructed with superstructures
(the types of piers that depend upon the superstructure for
lateral and longitudinal support) need to be provided with
anchor bars and field-drilled holes. All other pier types (flex-
ible integral piers and self-supporting piers with movable bear-
ings) do not need bearing anchor dowelis or field-drilled an-
chor dowel holes. For both pier types, because field-drilled
anchors are not needed, the potential damage associated with
drilling anchor-bar holes in the field is avoided.

Of particular significance is the saving per hour of work
made possible by eliminating the labor-intensive procedures
of drilling and cleaning the holes and placing anchor bars and
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grout. This labor can be significant when such anchors are
located in each beam and at every support.

Eliminating holes for field-drilled anchor bars is particularly
important in projects for bridge modification. For example,
in replacing the superstructure of an existing bridge (and this
type of bridge modification occurs increasingly frequently),
conversion of a jointed bridge to an integral bridge with con-
tinuity connections cast in place at abutments enables the
designer, when working with self-supporting piers, to elimi-
nate attachments between piers and superstructure. Fixed
bearings and their anchor bars can be eliminated. Conse-
quently, the designer of such a project can, by eliminating
the need to field-drill anchor holes, avoid the probability of
cutting existing primary pier cap reinforcement.

Broad-Span Ratios

The ratio of end span to center span of continuous spans
(L./L,) is generally set at or near 0.8 to achieve stable su-
perstructures and a balanced beam design. This is the ratio
most often used for stream crossings. Lesser ratios are often
used for grade separation structures where short end spans
are needed to achieve the shortest possible bridge length.
However, for sites where a ratio of less than 0.6 is necessary
for jointed bridges, provisions must be made to prevent beam
uplift during deck placement and superstructure uplift be-
cause of movement of vehicular traffic. Such provisions can
become complex and expensive when bearings must be pro-
vided that will allow horizontal movement of the superstruc-
ture but prevent uplift.

Integral bridges, on the other hand, are more resistant to
uplift because the abutment weight resists it. Thus, a span
ratio of 0.5 can be used without any change in the integral
bridge design. For the smallest span ratios, a procedure for
deck slab placement can be used to counteract uplift during
construction.

Earthquake Resistance

Because decks of integral bridges are rigidly connected to
both abutments and consequently to both embankments, these
bridges are in fact part of the ground and will move with the
ground during earthquakes. Consequently, when integral
bridges are constructed on stable embankments and subsoils,
they should have an adequate response to most earthquakes.

For an integral bridge located across a fault line—a highly
unlikely situation—differential lateral movement of the ground
at the fault line could seriously stress the bridge deck, but the
integral construction of the structure should enable it to resist.

Simplified Widening and Replacement

Many of the bridges placed on the highway system in the past
were designed for immediate needs with little consideration
for future requirements. Through arches of concrete, through
trusses of steel, and bridges with wall-type abutments with
flared wingwalls are prime examples of such bridges. Most
often, through structures have to be completely replaced when
increased traffic and traffic speeds necessitate building wider

roadways. Widening bridges with wall-type abutments and
flared wingwalls is complex and expensive.

In contrast, integral bridges with straight capped-pile sub-
structures are convenient to widen and easy to replace if future
demands have not been accurately foreseen. Of particular
significance is the fact that their substructures (the piling) can
be recapped and reused or, if necessary, they can be with-
drawn or left in place. They avoid the necessity of building
extensive foundations that interfere with the placement of
future foundations.

Many of the stream crossings in Ohio—and presumably
the same is true for many states and provinces—have been
spanned by at least three separate earlier -bridges, with a
fourth presently being planned. For many of these early bridges,
the foundations have been left in place. Consequently, when
planning today’s replacement structure for small stream cross-
ings, the engineer finds that parts of the streambed are filled
with the old foundations. With the use of capped-pile sub-
structures, the new substructure can be placed to clear existing
foundations and avoid the expense of removing them. Also,
the greater span ratio range gives the integral bridge great
adaptability for the foundation-filled bridge sites.

Improvement in Live Load Distribution

Superstructures that are integrally constructed with capped-
pile abutments and piers instead of separated from them by
numbers of compressible elastomeric bearings give vehicular
wheel loads broader distribution than would otherwise be
possible. This arrangement reduces superstructure service load
stresses.

Limitations
High Abutment-Pile Stresses

Except for abutment piling and wingwalls, the various mem-
bers of integral bridges are subjected to essentially the same
levels of primary stresses (dead load, live load, impact, etc.)
and secondary stresses (shrinkage, creep, thermal gradients,
etc.) as their jointed bridge counterparts. However, because
the bending resistance of the vertical piling of integral bridge
abutments will resist the lengthening and shortening of bridge
superstructures responding to temperature changes, the piling
of long integral bridges can be subjected to flexural stresses
considerably greater than those of their jointed bridge coun-
terparts. For longer integral bridges, research with abutments
supported by steel piles has shown that abutment piling stresses
of integral bridges can approach, equal, or even exceed the
yield strength of pile material.

Such flexural piling stresses, if they are large enough, will
result in the formation of plastic hinges that will limit the
flexural resistance of the piles to additional superstructure
elongation. At the same time, the laterally supported piles
should retain their capacity to sustain vertical loads.

Because piles of integral bridges may be subjected to high
bending stresses, only suitable pile types should be used for
these applications. Such piles should retain sufficient axial
load capacity while localized pile transformations occur that
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will reduce the resistance to bending. For this reason, only
steel H-piles or appropriately reinforced concrete or pre-
stressed concrete piles should be used to support abutments
of the longer [>91 m (>300 ft)] integral bridges.

For shorter integral bridges, pile flexural stresses should be
well within normal allowable stress levels for the material
under consideration.

In addition to the most appropriate piling, other provisions
can be considered to reduce the resistance of piles to lateral
abutment movement: Steel H-piles can be oriented to place
the weak axis parallel to the abutment centerline, bridge skews
can be limited (typically <30 degrees), piles can be placed in
prebored holes filled with fine granular material, pile-footing
connections can be altered to reduce the resistance of the
piles to bending at this junction, appropriate reinforcement
can be placed in concrete piles to facilitate the formation of
hinges, and so forth.

For short- and medium-length bridges provided with the
usual single row of cast-in-place concrete, precast concrete,
or steel H-piles, pile flexural stresses should be well within
the elastic range. No unusual provisions should need to be
made in their design.

Limited Applications

The superior economy of integral bridges is due to their abil-
ity, within a limited application range, to satisfy all functional
requirements with safety, durability, and optimal economy.
They are not broadly adaptable to most bridge applications
as are their jointed bridge counterparts.

Integral bridges with abutments supported on single rows
of piling should be limited in a number of ways based on the
primary design features that have been incorporated into stan-
dard designs. In general, their length should be limited for
two reasons: to minimize passive pressure effects and to limit
bridge movements to those that can be accommodated by the
movement range of approach slab—approach pavement cycle
control joints and standard approach guardrail connections.
They should not be used where curved beams or beams with
horizontal bends are used. They should not be used for ex-
treme skews (>30 degrees). They should not be used where
abutment piles cannot be driven through at least 3 to 4.5 m
(10 to 15 ft) of overburden. They should not be used at sites
where the stability of subsoils is uncertain or where vertical
abutment settlement may be significant (where it cannot be
effectively compensated for by added roadway overlays alone).
Finally, they should not be used at sites where they can be-
come submerged unless the superstructure is vented, verti-
cally restrained to resist uplift due to superstructure buoyancy,
or both.

Buoyancy

Because of their jointless construction, many types of integral
bridges are subject to uplift when they become submerged.
This is true for many I-beam bridges and some spread box-
beam bridges.

The weight of diaphragms and abutments provides some
resistance to uplift, but generally some positive design pro-
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visions must be made to ensure that integral bridges have a
reasonable factor of safety against flotation. I-beam webs can
be pierced near top flanges by 76.2-mm (3-in.) diameter holes
spaced uniformly throughout the beam length; the space be-
tween spread boxes can also be vented by placing 76.2-mm
(3-in.) minimum diameter horizontal vent ducts near the top
flange of all beams. These ducts should pass completely through
the beams from one web to the other, and they should be
placed in concrete diaphragms or be completely encased in
concrete to prevent floodwaters from entering beam voids.
Counterweights could be used, but their weight must be taken
into account during beam design. Uplift restraints could be
provided at pier bearings, or some piers can be integrally
constructed with the superstructure to add sufficient uplift
restraint to counteract buoyancy.

In lieu of vent holes, added weight, uplift restraints, or
integral pier construction, most buoyant structures should be
used only at those bridge sites where the highest floodwater
levels are well below the superstructure.

Construction Procedures

Embankments Abutments and piers of integral bridges
composed primarily of a single row of piles have a very limited
resistance to lateral loads. So they must be constructed in a
way that either controls or eliminates lateral earth move-
ments. In this respect, most major earthwork must be placed
and compacted before piling is driven to ensure that lateral
movement of subsoils both below and within embankments
has been allowed to stabilize before piles are driven. A typical
plan note used for this purpose can be phrased as follows:

EMBANKMENTS shall be constructed up to the subgrade

for a distance of 61 m (200 ft) (other) back of abutments

before excavation is made for abutments, prebored holes
placed, and pier and abutment piles driven.

The limitation given above for piers is important. Even
though piers may be located beyond the toe of abutment
embankments, they can be adversely affected by subsurface
movement if they are placed before embankment construction
has been completed. However, if they must be placed before
embankment construction, they also must be of the type that
can resist lateral earth pressure without depending upon their
attachment to the superstructure for support.

Abutment and Approach Slab Concrete Because concrete
continuity connections at abutments and approach slabs must
be cast integrally with superstructures and superstructures are
continuously responding to changing ambient temperatures,
such placement, especially for long bridges, should be con-
trolled to minimize the effect of superstructure movement on
fresh concrete.

It is generally not feasible to restrict concrete placement to
those days of the year with the smallest temperature range
and consequently to periods of the smallest potential for large
superstructure movements. But it is practicable to limit con-
crete placement during daily periods when the superstructure
movement is the smallest, generally shortly after the ambient
temperature approaches, reaches, and departs from the day’s
peak temperature. A plan note to provide such control and
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some protection for freshly placed concrete can be phrased
somewhat as follows:

CONCRETE for continuity connections at abutments

shall be placed and completed at least four hours prior

to the concrete placement day’s peak ambient temper-
ature.

Approach slab connections to abutments should be simi-
larly protected from the effects of the superstructure’s re-
sponse to ambient temperature changes. A plan note some-
what as follows can be used:

APPROACH SLAB concrete shall be placed towards

the superstructure and be completed at least four hours

prior to the concrete placement day’s peak ambient tem-
perature.

To avoid damaging freshly placed concrete continuity con-
nections during sudden ambient temperature changes, espe-
cially for long superstructures, in some states superstructure
beams are mechanically fastened to abutment pile caps before
continuity connections are placed. Thus, after this attachment
is completed, the continuity connection (abutment backwall)
can be placed without concern for changes in the ambient
temperature because concrete is being placed on a pile cap,
a cap that is moving with the superstructure. However, even
for these structures, control of approach slab concrete is still
necessary.

Deck Slab Concrete Deck slab placement on integral bridges
with short end spans must be controlled to eliminate uplift of
beams during concrete placement. This can occur when both
deck slabs and continuity connections at abutments (integral
backwalls) are placed simultaneously. To avoid uplift in these
applications, continuity connections should be placed first and
cured adequately before placement of deck slab concrete.

Approach Slabs

Full-width approach slabs should be provided for most inte-
gral bridges. They should be tied to the bridge to avoid having
the slabs shoved off their seats by the constant horizontal
cycling of the bridge as it responds to daily temperature changes.
To facilitate the slab’s movement, a sealed cycle-control joint
should be provided between approach slabs and approach
pavements to accommodate the cycling of the approach slabs.
The sealed joint should also prevent roadway drainage from
penetrating the joints and flooding the subbase. To protect
the joints, approach slabs, and bridge from pavement pres-
sure, an effective pavement pressure relief joint also should
be provided in all jointed approach pavement.

Approach slabs have a number of beneficial effects. By
spanning between abutments and approach embankment, ap-
proach slabs prevent vehicular traffic from consolidating the
backfill adjacent to the abutment, thereby diminishing passive
pressure effects. If the approach slabs are long enough, they
eliminate live-load surcharge on abutment backfill. They help
to control roadway drainage by conducting it across the abut-
ment backfill to the bridge or pavement approaches and pre-
vent erosion of abutment backfill or saturation and freezing
of the backfill. Finally, they serve as a ramp from the rigidly
supported abutments to approach pavements supported on

consolidating embankments, and thereby help to retain a ser-
viceable riding surface and minimize vehicular impact.

However, approach slabs tied to integral bridges become
part of the bridges and respond to temperature and moisture
changes. Consequently, they effectively increase the ovérall
structure length and require cycle-control joints with greater
movement ranges.

To minimize the amount of force necessary to move the
slabs, they should be cast on smooth, low-friction (polyeth-
ylene, filter-fabric, etc.) surfaces.

Cycle-Control Joints

Integral bridges with attached approach slabs lengthen and
shorten in respone to temperature and moisture changes. For
such structures built adjacent to rigid approach pavement, the
boundary between the approach slabs and approach pavement
should be provided with cycle-control joints to facilitate such
movement. Otherwise, the cycling of both structure and ap-
proach slabs can generate pressures sufficient to fracture the
approach pavement either progressively or instantaneously
(blow-up).

Over time, jointed approach pavement will lengthen pro-
gressively (grow). Where such progressive movement is re-
strained by an integral bridge, substantial longitudinal pres-
sures will be generated in the pavements and adjacent bridge.
To control such pressures, pressure relief joints should be
used between rigid approach pavement and integral bridges.

Consequently, two types of joints are required adjacent to
integral bridges. One should facilitate the cycling of the bridge
and attached approach slabs, and the other should be capable
of responding to the progressive growth of the approach pave-
ment. Designs by four transportation departments are given
elsewhere (4). All the designs in use have their limitations.
To avoid the maintenance problems associated with complex
or unusual cycle-control joints, maintenance engineers of the
Ohio Department of Transportation (ODOT) prefer simple
0.3-m (12-in.) wide pressure-relief joints for longer integral
bridges to facilitate both types of movement. The narrow
joints will be progressively compressed by the growing ap-
proach pavement. When the bridge and attached approach
slabs withdraw during periods of cold temperature, the joints
will be open to water and debris. This is the primary fault of
this design, but the fault is considered acceptable until a more
suitable design becomes available. The joints can be filled by
maintenance personnel during cold weather or they will be
closed in warm weather by expanding pavement. Ultimately,
the joints, approach pavement, and bridge will become com-
pressed and joint movement will be limited. Eventually the
joints will have to be restored through a process involving
cutting away part of the approach pavement and replenishing
filler extruded by prior joint compression.

No single-joint design is available to accommodate these
movements suitably, so ODOT engineers say that they prefer
to use the simple pressure relief joint because it is the only
one that can be easily maintained by state maintenance per-
sonnel. Other, more complex designs now available do not
function well and are difficult to repair and in many cases
have to be replaced.
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Extensive research on passive pressure is needed to describe
both the relationship between the amount of soil compression
and the generation of passive pressure and the effect of al-
ternating cycles of soil compression and expansion. Until such
research has been accomplished, present integral bridge de-
sign procedures will depend on idealizations and simplifica-
tions that probably do not accurately predict passive pressure
effects.

Shrinkage and creep studies are needed for both integral
bridges and their jointed bridge counterparts. Although pres-
ent research in this area has been illuminating, the numerical
procedures presently recommended do not properly account
for the composite behavior of various combinations of beam
and slab sizes. Also, the results of recent computer studies
have not been verified by comprehensive physical testing nor
been presented in a form suitable for use by practicing design
engineers.

The lack of comprehensive research on passive pressure is
probably responsible for the lack of specifications to guide
the development of suitable designs for integral bridges.

SUMMARY

As the above enumerations have shown, integral bridges have
numerous attributes and few limitations. Because design pro-

visions can be made to account for some of these limitations
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(cycle-control joints, pressure-relief joints, approach slabs,
construction procedures, and structure buoyancy), only ap-
plication limitations (structure length, curvature, skew, over-
burden depth, and unstable subsoils) should negate the use
of integral bridges in favor of their jointed bridge counter-
parts. In many areas of the country, integral bridges are being
used whenever application limitations do not prevent their
use. The high abutment pile stresses and uncertain passive
pressure effects are being accepted as the only negative as-
pects of such designs. However, these negative aspects are
acceptable whenever they are weighed against all the attri-
butes that integral bridges provide.
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Improving the Quality and Durability of
Modular Bridge Expansion Joints

Joun A. VAN LunD

The Washington State Department of Transportation (WSDOT)
has taken steps to improve the quality and durability of modular
bridge expansion joints that have a movement rating greater than
150 mm. Expansion joints are subject to a greater number of
load cycles than normal bridge components. As a result of pre-
mature fatigue failures of modular bridge expansion joints in
Washington State and elsewhere, WSDOT requires that all mod-
ular joint components meet fatigue design and testing require-
ments. Components are designed for a fatigue life of 100 million
cycles. Fatigue design and testing requirements are included in
the contract specifications. Improved specifications and quality
control during manufacture and construction are needed in order
to eliminate possible loss of quality caused by competitive bidding
and bid shopping. Preapproved expansion joint models and man-
ufacturers should be identified in the contract plans and speci-
fications. Contractors should identify which manufacturer is se-
lected at the time of bid submission. It is recommended that
modular bridge expansion joints have at least a 5-year guarantee
on performance and durability.

The three functional areas concerning bridges are: design,
construction, and maintenance. As shown in Figure 1, effec-
tive lines of communication between these three areas are
critical to ensure that a bridge project is successfully con-
structed and that existing bridges are safe. The ultimate goal
is an aesthetically pleasing bridge with a long service life.

Modular bridge expansion joints are lightweight steel struc-
tural systems that permit both translation and rotation be-
tween adjacent superstructure bridge elements. The joints are
located in the plane of the bridge deck and are perpendicular
to the direction of traffic. The movement ratings of modular
bridge expansion joints range from 150 to 1280 mm. These
watertight joints were developed in Europe in the 1960s and
have been manufactured in the United States for more than
20 years.

Two design concepts are used for modular bridge expansion
joints: the multiple support bar system and the single support
bar system. The multiple support bar expansion joint shown
in Figure 2 was first introduced in the United States in the
early 1970s. Each steel center beam, which has a sealing ele-
ment between parallel center beams, is rigidly connected to
and supported below by a steel support bar. A horizontal
force acting at the roadway surface produces an overturning
moment that is resisted by the support bar’s span. The hori-
zontal force is transmitted to the bridge by horizontal control
springs. The largest multiple support bar expansion joint in
Washington State was installed on the Pasco-Kennewick In-

Bridge and Structures Branch, Washington State Department of
Transportation, Transportation Building KF-01, Olympia, Wash. 98504.

tercity Bridge in 1978. The 10-seal joint has a total movement
capability of 600 mm (7).

Figures 3 and 4 show the single support bar concept, which
is more complicated than the multiple support bar system.
The center beam has a steel yoke that accommodates the
support bar. All center beams are supported by the same
support bar. Precompressed springs and bearings trap the
support bar between the bottom of the center beam and the
yoke. The softer spring is below the support bar, and the
stiffer bearing is between the center beam and the top of the
support bar. The spring/bearing system must allow the center
beams to translate along the length of the support bar to
accommodate movement. The springs and bearings must also
resist overturning while allowing sliding to occur. The two
1280-mm movement joints on the third Lake Washington
floating bridge between Seattle and Mercer Island on Inter-
state 90 are the largest single support bar modular expansion
joints in the United States (2).

In 1991, as a result of several premature fatigue failures of
expansion joint components, the Washington State Depart-
ment of Transportation (WSDOT) took steps to improve the
quality and durability of modular bridge expansion joints. The
steps involved fatigue design and testing, stricter quality-
control requirements during manufacturing and construction,
preapproval based on proven field experience, and a 5-year
guarantee of satisfactory performance and durability.

This paper provides background information on fatigue de-
sign and testing of modular bridge expansion joints so that
effective policy decisions can be made concerning improve-
ments in the quality and durability of these systems.

FATIGUE DESIGN AND TESTING
Static Wheel Load Analysis

In the United States, expansion joints have been designed in
accordance with the AASHTO Standard Specifications for
Highway Bridges (3) using AASHTO HS20 wheel loads with
an impact factor of 30 percent. Impact factors as high as 60
to 100 percent have been used, depending on local agency
requirements. For a 30 percent impact factor, the wheel load
is 92.5 kN, and for a 100 percent impact factor it is 142.3 kN.
Until recently, the center beam has been analyzed for only
static vertical loads either as a beam on rigid supports or as
a beam supported by springs. For expansion joints on a 5 to
6 percent grade, an analysis based only on vertical loads may
not reflect the actual loading if the effects of horizontal loads
are not included. The wheel load distribution to each center
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Maintenance

FIGURE 1 Lines of communication between functional areas.

beam depends on the gap between the center beams and the
width of the center beam in contact with the tire (4).
Fatigue failures in Washington State and on the Burlington
Bay Skyway on Queen Elizabeth Way, Ontario, Canada, have
occurred after a very short service life: within the first 5 years
(5). Three failures involved welded connection details. The
stainless steel pin failure that occurred at the interface be-
tween a center beam and support bar may have been initiated
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by a crack caused by contact with a snowplow blade. How-
ever, ‘“‘beach marks” on the fractured surface clearly indicate
a progressive fatigue failure. It is apparent that a static analysis
using allowable service load stresses is not adequate to ensure
a long service life. The problem cannot be solved by arbitrarily
specifying greater wheel loads or higher impact factors with-
out considering the cumulative damage effects caused by
fatigue.

Wheel Load Range for Fatigue Design

Wheel load ranges and allowable fatigue stress ranges for the
design of expansion joint components subject to high cyclic
loading are not available in the AASHTO Standard Specifi-
cations for Highway Bridges (3). Designers must either ex-
trapolate existing data, which may not be based on adequate
testing, or look elsewhere for guidance.

Research in Austria by Tschemmernegg indicates that the
fatigue critical details, particularly connections, should be de-
signed for a vertical limit states fatigue load range of 118.3
kN per wheel (+91.0 to —27.3 kN) and a horizontal load
range of 36.4 kN/wheel (+18.2 to —18.2kN) (4). These loads
include a 40 percent impact factor and are shown in Figure
5; actual measured wheel loads are less than these loads. This
vertical load range is very close to an HS25 wheel load plus
30 percent impact, which is 115.6 kN. An HS25 wheel load
is 25 percent greater than an HS20 wheel load. The horizontal
load range proposed by Tschemmernegg is approximately 30
percent of the vertical load range for an HS25 wheel load
with a 30 percent impact factor (4).
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FIGURE 2 Multiple support bar expansion joint after Maurer-Sohne.
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FIGURE 3 Plan, single support bar expansion joint.
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FIGURE 4 Section A-A showing center beam, support bar, springs, and

bearings of single support bar system.

The effect of both vertical and horizontal loads on the ex-
pansion joint is a function of approach road surface roughness,
vehicle speed, dynamic characteristics of both vehicle and
expansion joint, and expansion joint vertical and horizontal
stiffness. The horizontal loads are associated with the tire
rolling resistance, air pressure acting on the vehicle, and trac-
tive or braking forces.
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FIGURE 5 Limit states fatigue wheel loads proposed
by Tschemmernegg (4,9).

Effect of Roadway Grade

The loads shown in Figure 5 are for an expansion joint on a
flat or 0 percent grade. As the grade steepens, the horizontal
loads parallel to the roadway surface increase by the com-
ponent of the gravity acting wheel loads (Figure 6). This ad-
ditional force component of the vertical wheel load is often
overlooked by designers. It can be critical since horizontal
forces produce a torque on the center beam and an increase
in the stresses in the fatigue-sensitive connection between the
center beam and support bar. The load ranges of fatigue limit
states should be modified to account for the increased hori-
zontal force caused by roadway grade.

Effect of Support Settlement

Settlement of the center beam is caused by deflection of the
support bar, softening or creep of the support bar bearings,
or potential foundation settlement in the anchorage area. In
the more-complicated single support bar system, the potential
for settlement is greater because there are additional springs
and bearings at the intersection of the center beam and sup-
port bar. If these springs and bearings creep over time, the
center beam can deflect under wheel impact loads.

Any support bar settlement caused by softening of the bear-
ings or gaps caused by complete loss of precompression, in-
cluding those at the ends of the support bar, will produce
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FIGURE 6 Effect of roadway grade (top) and
horizontal force (Hg) on rear drive wheels due to
grade (bottom).

additional stresses in the center beams. Settlement of supports
may produce a greater fatigue stress range than initially as-
sumed in the original design because the effective span has
increased.

Fatigue Limit States Design

Limit states design has been widely used in Europe and Can-
ada (4,6). In the 1980s, it gained acceptance in the United
States for steel building design. Known as load and resistance
factor design (LRFD) (7), this probabilistic design method
was developed by Galambos and Ravindra at Washington
University in St. Louis, Missouri (8).

For expansion joint design, no LRFD criteria, calibration,
or evaluation studies have been done in the United States.
However, as a result of long-range fatigue testing of expansion
joint details, Tschemmernegg at the University of Innsbruck
has developed a limit states fatigue procedure applicable to
expansion joint design (4).

One of the design limit states is the serviceability of the
expansion joint; specifically, the expansion joint components
are to remain free of cracks after 100 million cycles, which is
assumed by Tschemmernegg to be an infinite life. Since ex-
pansion joints are subject to a greater number of load cycles
and higher impact than other bridge components, fatigue test-
ing of critical components and connections is necessary to
establish the theoretical limiting stress range at the endurance
limit of 100 million cycles. The fatigue limit states equation
proposed by Tschemmernegg (4;9,p.2) is

(Os)fsr calc = Fsr test (1)

where f,, ... is calculated stress range based on fatigue wheel
load range and F,, .., is theoretical fatigue stress range at 100
million cycles determined from S-N tests.
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Fatigue Testing and Development of S-N Diagrams for
Critical Details

The phenomena of fatigue failure and fatigue cracking of steel
bridge structures have been described by Fisher et al.
(10,p.26;11,p.252). Plots of stress range versus number of
cycles, or S-N diagrams, are developed from constant ampli-
tude fatigue tests for critical details. Typical S-N diagrams for
AASHTO Categories A to E' are shown plotted in Figure 7.
For ferrous metals, these diagrams are generally straight lines
with a slope of approximately 3 to 1 (horizontal to vertical)
on a log-log plot.

Bridge structure components are subject to loads that pro-
duce variable amplitude stress ranges. However, research has
shown that if a structure is to remain free of cracks, the
maximum stress range it experiences due to live loads must
be less than that obtained from a constant amplitude S-N
diagram for a specific number of cycles. If any stress range
cycles, including those produced by overloads, exceed the
allowable fatigue stress ranges determined from a constant
amplitude fatigue test, fatigue cracking is likely (10,p.26).

Each fatigue critical detail has a characteristic fatigue strength
that is a function of loading range, number of cycles of load-
ing, geometry, type of connection, inherent stress risers, and
material properties. Figure 8 shows a welded center beam—
to—support bar connection tested by Tschemmernegg (4).
The proposed S-N diagram for this detail (Figure 9) shows
that the slope from N = 100,000 cycles to N = 5 million
cyclesis 3 to 1 (m = 3). From N = 5 million to N = 100
million cycles, the slope is 5 to 1 (m = 5), and for more than
100 million cycles, the slope of the S-N curve is 0 (m = 0).
The stress range at 100 million cycles is the theoretical en-
durance limit.

Figure 9 is constructed from constant amplitude fatigue
testing of a number of test specimens at different stress ranges
to determine the number of cycles to produce fatigue cracks.
Generally, three specimens are tested and at least one speci-
men exceeds 2 million cycles without cracking. On the basis
of a probability analysis, a stress range with a 95 percent
confidence level is established at 2 million cycles (Point C,
Figure 9). The proposed S-N diagram is drawn through the
95 percent confidence point. The theoretical endurance
limit at 100 million cycles is established from the known slopes
of the S-N diagram using the appropriate logarithmic
relationships.

It is possible to satisfy the AASHTO fatigue design stress
range for more than 2 million cycles while not satisfying the
fatigue design stress range at 100 million cycles proposed by
Tschemmernegg (4). Therefore, it is important that fatigue
critical details be tested to establish S-N diagrams and to
determine the theoretical endurance limit at 100 million cycles.

QUALITY AND DURABILITY
M. P. Burke recently noted the effects of the current com-
petitive bidding practice on the quality and durability of bridge

deck joints and bearings when specifications are incomplete:

As competition between products drives prices down, manufac-
turers are forced to reduce the prices of their products to remain
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competitive. And since the quality has not been described and
quantified (measured), the design of products and their quality
can be changed, lowered in most cases, to make them more
competitive. Ultimately, the quality available in such devices will
adversely affect their integrity and durability and consequently
their suitability for particular applications. (12)

Competitive bidding, bid shopping (13), and value incentive
clauses in contract specifications should not pose problems
for owners if the contract specifications are complete. These
documents should clearly specify the requirements and how
compliance with these requirements is to be determined and
enforced. Specifications should include acceptable manufac-
turers, design loads, design parameters, required testing, ap-
proved testing facilities, material specifications, testing re-
quirements, quality-assurance requirements, guarantee, and
certificates of compliance. Specifications should require that
the manufacturer be identified at the time bids are submitted.
In the contract bid documents, the pay item for expansion
joints can be separated into two parts: supplying and installing
the expansion joint.

The following topics describe criteria in WSDOT contract
specifications to ensure that quality is addressed in expansion
joint design, manufacture, and installation.

Quality Control During Design

Calculations for structural components are stamped by the
engineer in responsible charge of the design. The engineer
must be a full-time employee of the expansion joint manu-
facturer and a registered professional engineer. The design
calculations shall include a fatigue analysis supported by test
data. Fatigue testing is done at test sites approved by WSDOT,
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not at the manufacturer’s plant. Joints that have proven field
experience are specified and are identified by model and man-
ufacturer. Other design, specification, and shop plan review
criteria for joints used by WSDOT have been described pre-
viously (14).

Required Certificates

Besides the submission of design calculations with the shop
plans and welding procedures, certificates of compliance, test
reports, and material samples-are submitted for review, test-
ing, and approval.

Some required certificates of compliance are

@ Manufacturer’s certificate of compliance with the Amer-
ican Institute of Steel Construction Quality Certification Pro-
gram, Category III, Major Steel Bridges.

e Certification of welding inspectors under American
Welding Society QC1, Standard for Qualification and Cer-
tification of Welding Inspectors.

o Certification of personnel as NDT Level II nondestructive
testing inspectors under the American Society for Nonde-
structive Testing Recommended Practice SNT-TC-1a.

o Certified mill test reports for all steel and stainless steel
in the expansion joints and other material certificates.

® Certified test reports confirming that the springs and
bearings meet the design load requirements.

Inspection Requirements

Three levels of inspection must be satisfied before the
expansion joints are accepted: quality-control inspection,
quality-assurance inspection, and final inspection. The manu-
facturer provides for both quality-control and quality-
assurance inspection. If the expansion joints fail any one of
the three levels of inspection, they are replaced or repaired.
Any proposed corrective procedure is submitted for WSDOT’s
approval before the corrective work is begun.

Quality-Control Inspection i

During the fabrication process, the manufacturer provides
full-time quality-control inspection to ensure that the mate-
rials and workmanship meet or exceed the minimum require-
ments of the contract. Quality-control inspection is the re-
sponsibility of the manufacturer’s quality-control department.

Quality-Assurance Inspection

Quality-assurance inspection is performed by an independent
inspection agency provided by the manufacturer and ap-
proved by WSDOT before fabrication is started. Quality-
assurance inspection is not required to be full-time inspection
but is done at all critical phases of the manufacturing process
before and during assembly of the expansion joints.
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Final Inspection

Upon arrival at the job site and before installation, the ex-
pansion joints are inspected by WSDOT personnel. A clean,
dry, enclosed area is provided by the contractor for the final
inspection.

Quality Assurance During Construction

Proper installation of the expansion joint during construction
is critical to ensure a long service life. Expansion joints are
one of the last items to be installed during bridge construction.
WSDOT has taken the following steps to ensure adequate
quality control during installation:

1. A qualified installation technician, who is employed full-
time by the joint manufacturer, is on site to ensure that each
expansion joint is installed properly.

2. The contractor shall adhere to recommendations made
by the installation technician and approved by WSDOT"s field
engineer.

3. The contractor shall at all times protect the expansion
joints from damage.

4. Before installation of the joint, the blockout and sup-
porting system are protected from damage and construction
traffic.

5. After installation, construction loads are not permitted
on the joint. The contractor is required to bridge over the
joint.

6. All forms and debris that tend to interfere with the free
action of the joint are removed.

7. The expansion joint is water-tested after installation to
ensure that it is watertight.

8. Upon completion of the water test, the joint manufac-
turer’s installation technician certifies in writing that the con-
tractor followed the proper installation procedure.

Partnering

In any undertaking, quality and durability are attainable only
if all parties involved—contractor, owner, and joint manu-
facturer—are working as partners or team members with
common goals. WSDOT uses partnering to enhance a co-
operative climate with the contractor and to manage conflict
on the construction project (15,p.14).

Guarantee

WSDOT has required a 5-year guarantee for two large-move-
ment expansion joints to ensure satisfactory performance and
durability. The following guarantee was used on a recent
WSDOT contract for a large-movement expansion joint with
a 900-mm movement range:

The Contractor shall provide a five-year written guarantee for
the operation and durability of the expansion joints. Broken
welds or bolts, cracks in steel members, fatigue, loss of pre-
compression in springs or bearings, debonded TFE, breakdown
of corrosion protection, and leakage shall constitute unsatisfac-
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tory operation and durability of the joints. Replacement or repair
of any joint parts within the first five years, commencing from
the date of completion of the contract, shall be covered under
the guarantee. The Contractor shall replace or repair any joint
parts within the period of the guarantee at the Contractor’s
expense.

If problems occur with expansion joints, they will most likely
occur within the first 5 years of service. Guarantees for man-
ufactured items should be mandatory on all projects. Federal
regulations that prohibit the use of federal funds from being
used on a project if guarantees are specified should be revised.
Guarantees for manufactured items provide a measure of se-
curity for owners.

ACCESSIBILITY AND MAINTAINABILITY

In 1990-1991, FHWA conducted a field evaluation on the
performance of large-movement finger and modular expan-
sion joints in six states: Florida, Kansas, Michigan, New York,
Washington, and Wisconsin. Romack noted that limited-
access space made inspection and repair of modular bridge
expansion joints difficult for maintenance personnel (16). The
complexity of these systems demands expertise and equip-
ment that is beyond the capability of the average bridge main-
tenance crew. Training and technical assistance is required
before undertaking repairs. Traffic control, lane closures, and
the need to work at night make the repair of these systems
expensive.

Bridge designers and expansion joint manufacturers must
address the need for maintenance. Expansion joints are not
maintenance-free. As with any mechanical system, replace-
ment of parts subject to wear must be allowed for in the design
(17). The manufacturer should make recommendations as to
how often parts should be inspected. Wear tolerances and
methods for determining wear should be made part of the
maintenance and part replacement plan.

CONCLUSIONS

1. Background information on the fatigue design of mod-
ular expansion joints is given.

2. Design based on a static analysis and allowable service
load stresses is inadequate to ensure a long service life for
expansion joint components subjected to high cyclic loading.

3. Designers and joint manufacturers need to provide ad-
ditional access space for inspection, maintenance, and repair
of expansion joints.

4. Teamwork between contractor, owner, and joint man-~
ufacturer is essential to ensure a successful expansion joint
installation.

5. Repair and replacement of failed expansion joint com-
ponents is expensive and time-consuming.

RECOMMENDATIONS

1. Fatigue design and testing should be required for all
modular bridge expansion joints. A minimum of 100 million
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cycles should be used to determine the theoretical endurance
limit of fatigue critical details.

2. AASHTO specifications should include fatigue design
and fatigue testing requirements and procedures for expan-
sion joint components.

3. Specifications should include quality-control and inspec-
tion requirements during manufacture and installation to en-
sure durability and a long service life.

4. Specifications should be written in clear, specific lan-
guage.

5. Preapproved expansion joint models and manufacturers
should be identified in the contract plans and specifications.
Contractors should identify at the time of bid submission which
manufacturer is selected.

6. A written maintenance and part replacement plan should
be included at the shop plan submission stage. A list of parts
to be inspected, acceptable wear tolerances, and method of
part replacement should be included.

7. A minimum 5-year guarantee on performance and du-
rability should be required. Federal regulations prohibiting
the use of guarantees should be revised.
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Decomposed-Components Approach to
Signal-Pole Base-Plate Design

GONGKANG Fu, SHERIF J. BouLos, DENIZ SANDHU, AND

SREENIVAS ALAMPALLI

The AASHTO specification does not specify the analysis method
for base-plate design of span-wire traffic signal poles. The study
reported here consisted of full-scale testing and finite element
analysis of a number of existing signal poles to examine their
behavior and evaluate their structural adequacy. A simplified
analysis method has been developed because present procedures
were found to be unreliable. This method is consistent with the
working stress design concept in the current code. It decomposes
the base plate into three elementary components corresponding
to three critical regions of maximum stress. The subsequent anal-
yses become straightforward on the basis of these modelings, with
the assistance of empirically determined coefficients to reach
equivalent section capacities with respect to critical stresses. Hand
calculation is adequate for applications of this method in routine
design.

Traffic-signal poles that are span-wire mounted (referred to
here simply as “‘signal poles’’) currently are designed accord-
ing to the AASHTO specification (I). Provisions are given
for analysis and design of the post and anchor bolts, but no
method is specified for analysis of the base plate. This study
examined structural adequacy of the base plates of signal poles
supplied to New York State. As a result, a semiempirical
method was developed for analyzing base plates because the
current procedures were found to be unreliable. This method
is intended to be consistent with the working stress design
adopted by the current code and may be included in the
specification for design applications.

In New York State, a typical signal pole consists of a round
or polygonal steel post with changing diameter welded to a
square steel base plate. The base plate is anchored to a con-
crete footing by four bolts. A reinforced hand hole is provided
in the post. Typical pole details are shown in Figure 1. Dead,
wind, and ice loads are required to be covered in pole design
(1,2). Their combinations and corresponding strength re-
quirements are provided by the code (Z). In this paper signal
poles are identified by the first letter of the manufacturer’s
name, design load in kips, and height in feet. For example,
C530 is a pole manufactured by Carlan Manufacturing Com-
pany, with a design load of 22.2 kN (5 kips), that is 9.14 m
(30 ft) tall. Two critical loadings are considered here: parallel
loading, in which the wire runs parallel to a side of the square
base plate, and diagonal loading, in which the wire runs along
a diagonal of the base plate.

Full-scale load tests and material tests were performed to
investigate signal pole behaviors under loading. Finite ele-

Engineering Research and Development Bureau, State Campus, New
York State Department of Transportation, Albany, N.Y. 12232.

ment analysis (FEA) models were developed and verified by
the test results. Typical areas of critical stress concentration
in the base plate were identified. Simple models based on
decomposed elementary components were developed for each
critical case, with corresponding loads. Analysis of these crit-
ical cases can thus be simplified, with assistance of empirical
coefficients to reach equivalent capacities with respect to crit-
ical stresses. These coefficients were determined by FEA for
23 representative signal poles and 5 inadequate ones that were
redesigned.

TEST PROGRAM AND FEA

Three poles were instrumented with electrical resistance strain
gauges and load tested. Two (C530 and C832) were from the
manufacturer’s standard stock. The third, C530(T), was spe-
cially built with a thinner base plate than the standard C530
pole, to examine the effect of this thickness on the behavior
and strength of the base plate. Their dimensions are detailed
in Table 1. They were selected to include various base plate
thicknesses and clearances between the bolt circle diameter
(BC) and the pole diameter at its bottom (DB). These were
initially considered important factors affecting stress distribu-
tion in the base plate.

Test setup details are shown in Figure 2. All poles tested
were individually anchored horizontally to a foundation. Fig-
ures 3, 4, and 5 show strain gauge identifications and locations

- on the post, base plate, and anchor bolts. Loads were applied

laterally to each pole at 457 mm (18 in.) from its tip (where
the span wire is mounted in service condition) by a hydraulic
jack. Applied load levels were measured by a pressure gauge
with a resolution of 0.995 kN (223.6 1b) [i.e., 690 kPa (100
psi) on a cylinder area of 0.00144 m? (2.236 in.?)]. The poles
were subjected to either diagonal or parallel loading by ro-
tating them about their central axes without changing the
direction of load (Figure 2). No concrete packing was pro-
vided between the base plate and the steel test foundation
(Figure 2) as would be the case in a critical—even if tem-
porary—service condition.

After the load tests, samples were taken from each standard
pole’s post, base plate, and anchor bolts for material labo-
ratory tests; the results are given in Table 2. A second sample
from the C832 base plate was tested after the first showed an
unexpectedly low strength, which was thus confirmed.

Load test results and FEA predictions will now be dis-
cussed. For simplicity of presentation, the structural response
obtained in strain has been converted to stress according to
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TABLE 1 Dimension Details of Tested Signal Poles
Pole
ID C530(T) €530 (€832
Pole Height (PH), m 9.14 9.14 9.75
Design Load, kN 22.2 22.2 22.2
Diameter at Top of Post (DT), mm 273 273 324
Diameter at Bottom of Post (DB), mm 324 324 406
Wall Thickness of Post at Base (W), mm 7.94 7.94 9.53
Base Plate Side Length (L), mm 584 584 559
Base Plate Thickness (T), mm 31.8 44.4 57.2
Bolt Circle Diameter (BC), mm 584 584 559
Anchor Bolt Diameter (AD), mm 38.1 38.1 50.8




Fu et al.

Deflection Measurement

19

i 76:2 mm.Steel s, 2 7 o B o ™
—  Reference Foundation J - ° A4
A A w:D = I
a
457.2\9# Test Pole s
() 3 | : o
T T ,,
5 a
| L Deflection // / 9
! Measurement Point
A+9 Load o $
Load Cell -
Steel Plate .
i — J5a e . 9
NN N\ AN Y NN \N AN \N NN\ o . Beg't, . & \WA\N
- o = O > C P
o g oncrete o~ s
o g Y,Y .Foundation [ = o w
— Deflection Measurement
Reference
_ & @ Base Plate
Deflectian ~—T——
Measurement Foint
| © 2 ’ —
e || o @ W o
"MLoad MLoad
| ] [ ] :
[ ]
AN NN NN XN PN XN WVTNN RSN AN NN
PARALLEL LOADING DIAGONAL LOADING
View A—A

FIGURE 2 Load test setup (not to scale).

the elastic stress-strain constitutive relation, although it is
obviously not valid in inelastic ranges. The FEA was per-
formed using Graphics Interactive Finite Element Total Sys-
tem (GIFTS) software (3). This analysis was limited to the
elastic range. Two quarter models were generated to analyze
the poles under the diagonal and parallel loading, taking into
account their symmetric and antisymmetric behaviors. The
post was modeled by a combination of plate elements (for
the top part) and solid elements (for the bottom part near
the base). The base plate was modeled by multiple layers of
solid elements. The anchor bolts were modeled by beam
elements.

Load Test A

Pole C530(T) was loaded diagonally to failure, with the in-
strumentation shown in Figure 3. Two load cycles were ap-
plied up to loads of 17.9 kN (4,025 Ib) and 20.5 kN (4,616
Ib), respectively. Figure 6 shows the stress response of the
base plate to the loads. Only the dominant component S,
(bending stress in the y direction) of Gauge R12 is included,
'showing the maximum response. The FEA predicted virtually
the same stress shown by the strain gauge, within the elastic
range. Note that the inelastic behavior under higher loads
shown in Figure 6 was initiated in an anchor bolt (4). In
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FIGURE 3 Instrumentation for Load Test A: C530(T).

addition, by linear extrapolation of the first (elastic) part of
the load-stress relation in Figure 6, the base plate was also a
deficient component of the pole because of its reduced thick-
ness. The base plate showed residual deformation in the area
between Gauges R12 and R13 as well as its symmetric coun-
terpart, which was apparently associated with the maximum
stress discussed earlier.

Load Test B

Pole C530 was subjected to diagonal loading with strain gauges
on the post observing tensile strains (Figure 4). It was loaded
successively up to 10.9 and 12.9 kN (2,460 and 2,907 Ib) in
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FIGURE 4 Instrumentation for Load Test B: C530.

two cycles. Among the strain gauges on the base plate, R4
showed the highest stress level. Its dominant component S,
is shown in Figure 7. The FEA result is in good agreement
within the elastic range with that of the testing. Inelastic be-
havior of the pole was caused by partial yielding of an anchor
bolt, a result similar to that in Load Test A (4). By linear
extrapolation of the elastic part of its load-stress relation, the
base plate also was found to be deficient. The same pole was
load-tested again under a diagonal load after being turned
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TABLE 2 Material Coupon Test Results

Nominal 2% Yield Ultimate
Yield, Strength, Strength,
Sample Steel Type MPa MFPa MPa
POLE C530
Post A 252 345 375 490
Plate A 36 248 256 436
Bolt A 366 M 55 379 417 611
POLE C832
Post A 53 345 326 489
Plate* A 36 248 194 310
A 36 248 200 304
Bolt A 36 M 55 379 405 595

*Second sample tested for verification.

180 degrees about its central axis. Similar results were ob-
tained, and the assumed symmetry was verified (4).

Load Test C

Pole C832 was first loaded diagonally, with the strain gauges
on the post under tension (Figure 5). The pole was loaded
up to 25.9 and 31.8 kN (5,814 and 7,155 1b) in two successive
cycles. Among the base plate strain gauges, R8 and R10 showed
the highest stress levels symmetrically. Figure 8 shows load-
stress curves for R10; only the dominant (bending and shear)
components are included. The validity of the FEA models for
the elastic range is again demonstrated. Residual strains were
observed at the ends of both cycles. Yielding was initiated at
a load between 20.9 and 25.9 kN (4,696 and 5,814 1b) at an
anchor bolt (4).
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FIGURE 6 Load Test A: C530(T) under diagonal load.

Load Test D

Pole C832 was reset for parallel loading (Figure 5) and loaded
through five cycles. Among the base-plate strain gauges, R8
and R10 showed the highest stress levels. Figure 9 shows load-
stress curves of their respective dominant components. FEA
again predicted these stresses fairly accurately. Inelastic be-
havior under higher loads shown in these figures was initiated
in an anchor bolt, although the maximum stress level was
much lower than that in Load Test C (4). This shows, as
expected, that the diagonal load is the governing loading case

15000

for the anchor bolts, -which appears to have been ignored in
the design of these poles.

Table 3 gives a numerical comparison of test and FEA
results of C832 (Load Test C) as a typical case including
nondominant components of stresses. These results are shown
to be consistent with one another, especially for the pro-
nounced stresses indicating critical response to the load. Rel-
atively larger differences between FEA and test results (for
example, in R7) are attributed to inevitable discrepancies
between the location of a strain gauge and its corresponding
element in FEA or higher noise-to-signal ratios in the acqui-
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FIGURE 7 Load Test B: C530 under diagonal load.
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sition of test data, or both, when the strain signal was low.
Good agreement between FEA and test results was also ob-
served for tip deflections and stresses on the post and in the
anchor bolts (4). This agreement also verified the beam as-
sumption adopted by the current AASHTO code.

BASE-PLATE BEHAVIOR AND DECOMPOSED-
COMPONENTS METHOD FOR ANALYSIS

Figure 10 shows typical deflection distribution and stress con-
tours of the top surface of a base plate under diagonal loading

as obtained by FEA for the design load. Stress is expressed
as the percentage of overstress using the Von Mises criterion
against the pole’s nominal yield stress F, = 248 MPa (36 ksi).
The shaded area is a critical region (120 and 130 percent of
F,), obviously associated with the deflection described. Figure
11 shows another typical case of behavior under parallel load-
ing. Stress contours again are expressed by overstress per-
centage using the same criterion as in Figure 10. Two shaded
areas are identified as critical regions. It is interesting that
they represent maximum stresses under the given load con-
tributed by the dominant bending component (S, in Region
B) and shear component (T, in Region C). Figure 12 shows
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FIGURE 9 Load Test D: C832 under parallel load: (fop) bending stress, (bottom)
shear stress.

TABLE 3 Numerical Comparison of Testing and FEA Results in Base Plate Stress (Pole C832 in
Load Test C Under Diagonal 15.9-kN Load)

Difference
Strain Stress Components, MPa Dominant In Dominant
Gage Test FEA Stress Stress
1D Sx Sy Txy Sx Sy Txy Component Component, %
R7 +3.65 -3.65 +27.7 +1.86 -9.31 +32.6 Txy +17.7
R8 +1.79 -91.0 +41.4 +2.21 -90.9 +43.2 Sy +0.1
R9 -13.7 -34.5 -54.1 -15.4 -53.6 -56.5 Txy +4.5
R10 +1.59 -91.2 -41.4 +2.21 -90.9 -43.2 Sy +0.2

NOTE: See Figure 5 for loading and gage locations.
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VIEW A

VIEW A

FIGURE 12 Actual residual deflection resulting from parallel loading in an accident.

the true deflection distribution of an accidental failure. This
incident occurred under parallel loading when a truck snagged
a span wire in service. The three critical regions indicated in
Figures 10-12 are thus addressed in the suggested new anal-
ysis method for the base plate.

This method of analysis uses the concept of decomposed
components for simplification. For each potential failure mode
(or critical region), a part of the base plate is isolated and
modeled by an elementary component (e.g., a beam or bar).
Then a critical cross section and the corresponding load are
identified. The subsequent analysis thus becomes straightfor-
ward, with the assistance of an empirical coefficient modifying
the section’s elastic capacity to reach an equivalent section
modulus with respect to the maximum stress. These equiva-
lent coefficients were determined empirically by considering
23 representative signal poles designed by three major New
York State suppliers and 5 inadequate poles that were rede-
signed; the dimensions are given in Table 4.

This method is intended to be consistent with the current
working stress design concept adopted by the AASHTO code
with respect to strength requirements, to obtain critical stresses
within the elastic range. The resulting stresses are to be used
to meet the AASHTO strength requirements:

f,<kF, f, <KkF, 1)

where

k = value given by the current AASHTO code—
for example, 1.4 for Group II load;
F = allowable stress;
f = computed stress; and
b and v = subscripts for bending and shear stresses, re-
spectively.

All three critical stresses must be considered for proportion-
ing.
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TABLE 4 Dimension Details of Sample Poles

U840 279 470
U1040 391 533
U1044 401 546

.94 660 63. 635 57.
699 57.

711 57.

Post Base Plate Anchor
Pole Dimensions, mm Dimensions, mm Dimensions, mm
iD DT DB w L T BC _AD
EXISTING POLES
C326 219 273 6.35 432 38.1 432 31.8
C328 219 273 6.35 457 38.1 457 31.8
C430 273 324 7.11 457 44.5 457 38.1
C530 273 324 7.94 584 44.5 584 38.1
C530' 273 324 7.94 457 50.8 457 44.5
C732 324 406 7.94 635 63.5 635 38.1
C832 324 406 9.53 559 57.2 559 50.8
S324 178 254 4.76 533 38.1 533 38.1
§328 191 279 4.76 533 38.1 533 38.1
S334 216 330 4.76 686 38.1 635 38.1
S434 241 356 4.76 686 44.5 635 44.5
S530 267 368 4.76 686 44.5 635 44.5
S632 305 419 4.76 686 50.8 737 50.8
S832 381 483 4.76 813 57.2 813 50.8
S934 419 533 4.76 838 57.2 851 57.2
S1036 445 572 4.76 889 57.2 851 57.2
U226 174 267 4.55 358 38.1 356 31.8
U530 249 356 6.35 521 50.8 508 44.5
U636 297 425 6.35 660 50.8 597 44.5
U832 305 419 7.94 622 63.5 597 50.8
7 5 2
7. .9 2
7 9 2

.94 737 69.

REDESIGN CASES

632 305 419 4.76 686 57.2 737 50.8
934a 419 533 4.76 838 69.9 851 57.2
934b 419 533 4.76 838 76.2 851 57.2
226 174 267 4.55 358 44.5 356 31.8
1040 401 546 7.94 737 82.6 711 57.2

Dimensions (Fig. 1): DT = diameter at top of post,

DB = diameter at bottom of post, w = wall thickness
at its base, L = side length of square base plate,

T = thickness of base plate, BC = bolt circle dia-

meter, AD = anchor bolt diameter.

Bending stress due to diagonal load (for Critical Region A
in Figure 10) is

f» = anchor force * moment arm/equivalent flexural

elastic section modulus

M BC- DB
Y Tel ) /{a(1.414L — DB)T?%/6} (2a)
where M is the moment at the post base due to the design
load and « is an empirical coefficient for an equivalent section
modulus in terms of the critical stress:

o = {4.304 — 0.02021BC/T — 4.304DB/L + 4.503(DB/L)?
— 0.9750(L — 0.707BC)/L — DB) — 1.686BCILYC.,, (2b)

C, =1.097 (2c)

Equations 2a, 2b, and 2c are obtained by simplifying the
problem as a cantilever beam under a concentrated load at
its free end applied by an anchor bolt, as shown in Figure 13.
This assumes that the critical point being checked is in Section
S..
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1.414L-DB

FIGURE 13 Simplified analysis model for maximum bending
stress under diagonal load.

Bending stress due to parallel loading (for Critical Region
B in Figure 11) is

f» = midspan (maximum) moment/equivalent elastic flexural

section modulus

M
"~ 4(DBIL')?

+ (1 — DB/L")12}{B(L — DB)T?12} (3a)

{1/, — (1 — DBIL')3

where L' = max{0.707BC, DB} (max{ } means the maxi-
mum value of), and B is an empirically determined coefficient
for an equivalent section modulus with respect to the critical
stress:

B = {157.6 — 21.85L/DB — 0.3300BC/T — 259.3DB/L
— 48.13(L » TIDBI/(L — DB))"?

+194.6(DB/L)? + 127.4T/BC — 21.65DB/BCY C, (3b)
C, = 1.080 (3¢)

This case is treated as a beam with both ends built in and a
span of 0.707BC under a triangularly distributed load applied
by the post, as shown in Figure 14. Equation 3a checks a
critical point on Section S,.

Shear stress due to parallel loading (for Critical Region C
in Figure 11) is

f. = torque by anchors/equivalent elastic
torsional section modulus
M
=2 /weory (42)
where
M2 = torque induced by anchor forces on the post base,

which in turn is due to the design load;
min{0.707BC, DB} (min{ } means the minimum
value of);

b

I
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FIGURE 14 Simplified model for maximum bending stress under parallel

load.

C' = coefficient given in Table 5 based on the elasticity Equations 4a, 4b, and 4c are based on a simplification of the
solution, depending on the ratio b/T (5); and . problem that considers a rectangular bar under torque M/2
v = empirical coefficient to reach an equivalent cross applied by a pair of anchor bolts, as shown in Figure 15. The

section for prediction of critical stress: maximum shear stress occurs on Section S,.
Figures 16—18 show the comparison of calculated stresses
v = {210.0 — 66.9BC/DB — 0.1719(BC — DB)/T f by the suggested method and frz, by FEA for the three
— 714.8DBIL + 358.3(DBIL) critical stress cases. The conservatism (overestimation) in f

observed there is introduced by an amplification factor C; =
— 48.16(L — 0.707BC)/(L — DB)

— 288.2(BC — DB)/(1.414L — DB) W
+ 381.0BC/L}/C, (4b) =

C, = 1.094 CON |

TABLE 5 Coefficient C’ for

Torsion (4)

b/T _C' b/T _C'

1.0 0.208 3.0 0.267

1.2 0.219 4.0 0.282 ANCHOR FORCES

1.5 0.231 5.0 0.291

2.0 0.246 10.0 0.312 FIGURE 15 Simplified model for maximum shear stress under
2.5 0.258 ] 0.333

parallel load.



Fuetal.

a
400
a
N R A
A
A
350 N
r a
Py
> a8 %
& 300 =
2 A &/
M-D
Py
250 ’y
A
200
n [y
1 t 1 L L
200 250 300 350 400

fFEA

FIGURE 16 Comparison of critical stresses (MPa) by FEA
and proposed method: bending under diagonal load.

m; + o; (i = a, B, ¥), where m;(m; + o) and o,(m;, + o)
are, respectively, the mean and the standard deviation of
flfeea for respective cases of critical stresses. m; is around
1.0 and o; is about 0.090 for each case.

ILLUSTRATIVE EXAMPLE

The suggested analysis method is applied here to Pole S632
for its evaluation and modification as an example. F, = 345

MPa (50 ksi) is used for proportioning; kF, = 1.4 * 0.66 *
400 =
A
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FIGURE 17 Comparison of critical stresses (MPa) by FEA
and proposed method: bending under parallel load.
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FIGURE 18 Comparison of critical stresses (MPa) by FEA
and proposed method: shear under parallel load.

345 = 0.924 * 345 = 319 MPa (46.2 ksi) and kF, = 1.4 *
0.4 = 345 = 0.56 = 345 = 193 MPa (28 ksi) are assumed for
Load Groups II and III.

Step 1

From Table 4, L = 686 mm (27 in.), T = 50.8 mm (2 in.),
BC = 737 mm (29 in.), and DB = 419 mm (16.50 in.). By
definition, the pole is 9.75 m (32 ft) high and its design load
is 26.7 kN (6 kips).

For maximum bending stress under diagonal loading,

Anchor force
= 6 * (32 — 1.5) = 12/29(4.448) = 337 kN (75.7 kips)
Moment arm = 0.5 = (29 — 16.5)(25.4) = 159 mm (6.25 in.)
Equivalent coefficient a
= {4.304 — 0.02021(29/2) — 4.304(16.5/27) + 4.503(16.5/
27)? — 0.9750[27 — 0.707(29)]/(27 — 16.5) — 1.686(29/
27)4/1.097 = 0.5909
Equivalent section modulus
= 0.5909(1.414 * 27 — 16.5)2%/6(25.4)> = 140 x 10° mm?
(8.541 in.3)
Maximum bending stress
= 75.7 * 6.25/8.541(6.90) = 382 MPa (55.4 ksi) > 319 MPa
(46.2 ksi) NG.

Step 2

Increase the thickness 7 by 6 mm (0.25 in.): L = 686 mm
(27 in.), T = 57 mm (2.25 in.), BC = 737 mm (29 in.), and
DB = 419 mm (16.50 in.).
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For maximum bending stress under diagonal loading,

Anchor force = 337 kN (75.7 kips)
Moment arm = 159 mm (6.25 in.)
Equivalent coefficient «
= {4304 - 0.02021(29/2.25) - 4.304(16.5/27) +
4.503(16.5/27)* — 0.9750[27 — 0.707(29)}/(27 — 16.5)
— 1.686(29/27)}/1.097 = 0.6206
Equivalent section modulus
= 0.6206(1.414 = 27 — 16.5)2.25%/6(25.4)®> = 186 x 10°
mm? (11.35 in.3).
Maximum bending stress
= 75.72(6.25)/11.35(6.90) = 288 MPa (41.7 ksi) < 319 MPa
(46.2 ksi) OK.

For maximum bending stress under parallel loading,

M = 6+ (32 — 1.5) = 12(4.45 = 25.4) = 248 X 10°> mm®
(2196 kip-in.)

L' = max{0.707 * 29, 16.5}(25.4) = 521 mm (20.50 in.)

DB/L' = 16.5/20.50 = 0.8049 1 — DB/L' = 0.1951

Midspan moment

= 2,196/4/0.8049%{0.25 — 0.1951/3 + 0.1951%12}(4.45 =
25.4) = 17.7 x 10° kN-mm (156.8 kip-in.)

B = {157.6 — 21.85(27/16.5) — 0.3300(29/2.25) — 259.3(16.5/
27) — 48.13[(27) (2.25)/16.5/(27 — 16.5)]' + 194.6(16.5/
27)? + 127.4(2.25/29) — 21.65(16.5/29)}/1.080 = 0.8070

Equivalent section modulus

= 0.8070(29 — 16.5) = 2.25%/12(25.4)> = 69.7 X 10° mm’
(4.26 in.?)
Maximum bending stress
= 156.8/4.256(6.9) = 254 MPa (36.84 ksi) < 319 MPa (46.2
ksi) OK.

For maximum shear stress under parallel loading,

M/2 = 6 * (32 — 1.5) = 12/2(4.45 * 25.4) = 124 x 10° kN-
mm (1,098 kip-in.)

b = min{0.707 * 29, 16.5}(25.4) = 419 mm (16.5 in.)

b/T = 7.333 C' = 0.301

v = {210.0 — 66.9(29/16.5) — 0.1719(29 — 16.5)/2.25 —
714.8(16.5/27) + 358.3(16.5/27)> — 48.16[27 —
0.707(29)])/(27 — 16.5) — 288.2(29 — 16.5)/(1.414(27)
— 16.5) + 381.0(29/27)}/1.094 = 1.545

Equivalent torsional section modulus = 1.545(0.301)

16.5(2.25?)(25.4)* = 637 x 10°> mm? (38.85in.3)
Maximum shear stress = 1,098/38.85(6.90) = 195 MPa (28.28
ksi) =~ 193 MPa (28 ksi) OK.

The experience of several such redesigned examples for
deficient existing poles shows that increasing the base-plate
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thickness is most effective in reducing the stress level in the
base plate.

CONCLUSIONS

In general, both the diagonal and parallel loadings should be
considered as critical loading cases in designing signal poles.
Current AASHTO analysis methods for the post and the an-
chor bolts appear to be appropriate on the basis of the load
test results. A semiempirical analysis method for the base
plate is suggested that decomposes the base plate into three
simple components for respective critical stresses under the
two critical loadings. This method presents clear mechanical
origins of the stress concentration simply and is based on FEA
of 28 poles with modelings verified by five full-scale load tests.
Hand calculation is sufficient for its design applications.
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Design Anomalies in Concrete Deck—Steel

Stringer Bridges

Sotiris N. SorirorouLos AND Hota V. S. GanGcaRao

The deterioration of highway bridge decks has been recognized
as the most important factor governing the serviceability of bridges.
Because of limited information provided in American Association
of State Highway and Transportation Officials (AASHTO) spec-
ifications for the design of highway composite bridges to account
for deterioration with time, a quantitative study of bridge dete-
rioration factors is provided here. A description of the most im-
portant factors influencing bridge deterioration is presented. A
review of the mechanism of deterioration and the status of current
practice for each of the deterioration factors is provided to dem-
onstrate the need to incorporate them into the AASHTO spec-
ifications. Finally, a stress comparison between a typical design
of a highway bridge deck based on AASHTO specifications and
the proposed method that accounts for four deterioration factors
is presented, with a list of research needs to establish a complete
understanding of the effects of bridge deterioration via suitable
design formulas.

The National Bridge Inventory (NBI) study found that 23.5
percent of the nation’s highway bridges are structurally de-
ficient. These deficient bridges have been restricted to light
vehicles. The most common deficiency observed was deck
deterioration (I).

Although American Association of State Highway and
Transportation Officials (AASHTO) specifications (2) con-
tain adequate information about the flexural or shear design
of highway composite bridges subjected to dead or live loads,
little information is given about the factors that need to be
included in the bridge design to account for deterioration with
time.

The objective of this paper is to review the factors that
influence the deterioration of concrete deck-steel stringer
bridges, which have not received adequate attention in the
current AASHTO highway bridge design specifications, and
to investigate the accuracy of current design procedures and
suggest some modifications.

A brief literature review of the performance of composite
bridges follows. The description of the mechanism for each
deterioration is suggested to provide a better understanding
of bridge system behavior. Such an assessment may help
develop priorities for the incorporation of different time-
dependent deterioration mechanisms in design. Although spe-
cific influences of different failure mechanisms are not com-
puted, stress levels for some mechanisms of deterioration are
provided for a typical bridge to enable the reader to appreciate
the significance of these mechanisms.

Constructed Facilities Center, College of Engineering, West Virginia
University, Morgantown 26506-6101.

FACTORS INFLUENCING DETERIORATION OF
BRIDGE SUPERSTRUCTURES

Concrete deck-steel stringer bridges began to show an in-
creasing degree of deterioration in the early 1960s. The main
categories of deterioration are scaling, cracking, spalling, and
delamination (3). The factors that seemed to play the most
important role are

1. Corrosion of reinforcing steel,

2. Surface degradation (scaling, cracking, spalling, or rut-
ting) due to moisture absorption and freeze-thaw cycles,

3. Loss of composite action,

4. Aging of concrete,

5. Tensile-stress inducement at the deck top,

6. Unequal expansion and contraction coefficients in con-
crete leading to thermal creep, .

7. Stress inducement because of temperature gradients along
the stringer depth,

8. Stress inducement at the interface between deck and
stringers because of shrinkage and creep, and

9. Out-of-plane (impact) or in-plane (acceleration/deceler-
ation) forces.

Much work has been performed on corrosion of steel re-
inforcement (4—7). The focus of this paper is on factors other
than corrosion that affect deck deterioration. Results from
the analysis of a typical composite bridge (Figure 1), including
the effect of the most important deteriorating factors covered
here, are compared with AASHTO results.

Loss of Composite Action Between Deck and Stringers
Mechanism of Deterioration

Composite concentration has been used extensively in high-
way bridge design because each material (concrete, steel) is
employed to its best advantage (8). When the concrete is cast
over steel stringers, shear studs are embedded into the con-
crete and can be considered to be in full contact with the
surrounding concrete. Microcracks develop in the concrete
surrounding the shear connectors. Microcracks may be caused
by shrinkage or early creep of concrete or to corrosion of

.studs. Because the shear stud can undergo larger deformations

resulting from progressive increases in cracking, the studs
begin to crush the surrounding concrete and reduce its strength.
Therefore, cyclic loads lead to initial crushing of concrete and
possibly to a stud failure in fatigue.
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FIGURE 1 Design example of a composite concrete deck—steel
stringer bridge (b, = 2.1 m, L = 17.4 m) (1 MPa = 145 psi).

The design of composite concrete and steel bridge super-
structures using AASHTO specifications is based on the as-
sumption of full composite action between deck and stringers.
However, the slope of the curve of load versus slip decreases
with time (9). The presence of slip violates the assumption of
full composite action and reduces the bending stiffness. This
stiffness reduction leads to additional deflection and induced
stresses in the structure.

Status of Current Practice

Design of stud shear connectors in AASHTO or American
Institute of Steel Construction (AISC) (I10) specifications in
composite structures is based on the principle that shear con-
nectors have to withstand the ultimate load on the bridge
(ultimate strength design) and resist the numerous applica-
tions of serviceability loads (9).

AASHTO specifications provide shear connector design by
suggesting the check for ultimate strength (Article 10.38.5.1.2)
and fatigue strength (Article 10.38.5.1.1) of the connectors.
Oehlers (9) states that the fact that no interaction between
monotonic strength of the connectors and fatigue loads is
considered in the design can be explained by the absence of
a design mechanism to allow the stud to experience fatigue
damage. The shear connectors are also designed assuming full
composite action between steel and concrete at service loads
after a number of fatigue cycles. However, a considerable
drop was reported in ultimate load of concrete decks with
steel stringers after fatigue loading (1,12). The ultimate
strength drop is between 51 and 73 percent of their expected
static strengths. Oehlers (9) showed that the residual strength
of the studs after a number of cycles also depends on the
initial strength of the connectors. The semiempirical equa-
tions proposed by Oehlers are based on his experimental work;
it is a great design tool.

Cracking or crushing of concrete around the studs and fa-
tigue of the studs lead to a partial composite action that is
not accounted for in the AASHTO specifications. Partial com-
posite action in concrete and steel beams has been discussed
by a number of authors (8,13) and has also been included in
the AISC (10) design code (Article 1.11.4, 1988), but these
code provisions lead to the use of fewer shear connectors in
the ultimate strength design without consideration of the loss
of stiffness of the structure from the loss of composite action.
It has been observed that partial interaction of concrete deck
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and steel stringers increases deflection with higher concrete
strength, lower steel strength, lower modulus of connector,
lower ratio of steel area to concrete area, and low span-to-
depth ratio (14). Knowles (/3) introduced a simple method-
ology to account for partial composite action by establishing
equilibrium equations of forces and moments acting on the
partially composite section.

Zaremba (15) also investigated the partial composite action
of composite members. Using a nonlinear load-slip relation-
ship for shear connectors and equilibrium equations based on
the strain distribution of a partial composite member, he
developed a system of two differential equations and a
computer-aided solution. He was able to evaluate the loss in
stiffness at various load stages.

The fact that interfacial slip in composite structures can
cause redistribution of strains and stresses under service or
ultimate loads led Al-Amery and Roberts (16) to include the
nonlinear material and shear connector behavior in the anai-
ysis of partially composite members. Their illustrative ex-
ample presented the ability of the method to obtain reason-
ably accurate results for the load range, including failure.

All the findings described reveal that a percentage of com-
posite action between the bridge deck and stringers decreases
because of the decrease in contact of shear studs with the
surrounding concrete. The stiffness degradation may not be
severe for static service loads, but it can be detrimental when
fatigue loading is involved. Sotiropoulos and GangaRao (17)
have studied the effect of stiffness degradation associated with
the loss of composite action for a typical composite bridge
7.3 m (24 ft) wide and 17.4 m (57 ft) long (Figure 1). Using
Oehlers’ (9) design equations, the interfacial slip between
deck and stringers was calculated and the composite deck was
designed including partial composite action. Results showed
a 25 percent decrease in bending stiffness and 8 and 180 per-
cent in stresses at the bottom and top of the steel stringer,
respectively. Stress values for the particular design example
are summarized in Table 1.

Thermal Stresses Due to Temperature Variation
Mechanism of Deterioration

Temperature rise or drop during a day or throughout a year
induces, in many cases, longitudinal and transverse stresses
that are often overlooked during the design of bridge super-
structures. Malfunctioning expansion-contraction joints or a
nonuniform temperature gradient through the deck depth lead
to the development of stresses that can reach high levels.
Because of concrete’s poor heat conductivity and the in-
creased depth of concrete decks, temperature differentials
between upper and lower surfaces (or inner and outer walls
in a box-girder section) are observed more often than in steel
structures (I8).

Most of the temperature-related problems in bridge super-
structures have been observed in continuous spans (19). In
precast, segmental concrete decks, absence of continuous re-
inforcement at the bottom of beams (at the intermediate pier
location) may cause horizontal movement of each span be-
cause of the thermally induced curvature, leading to exertion
of horizontal forces on the bearings and possible damage (20).
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TABLE 1 Changes in Stresses Due to Effect of Deterioration
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aclop acbol aslop asbox
(MPa) (MPa) (MPa) (MPa)
AASHTO -3.8 1.63 -20.86 116.41
Loss of Comp. 2.0 0.90 -37.46 9.05
Action
Thermal -0.55 0.32 4.45 -3.72
stresses
Creep & 3.48 -0.09 -8.76 65.85
Shrinkage
Transverse 3.94 - - -
tensile stress
1 MPa = 145 psi
o%= stress at top of concrete deck
o= stress at bottom of concrete deck
olP= - stress at top of steel stringer
o= stress at bottom of steel stringer

- indicates that data are not applicable

Radolli and Green (I8) stated that temperature differences
of 40°F (20°C) can give rise to thermal stresses equal in mag-
nitude to maximum live-load stresses at the bottom fiber of
the midspan section and up to three times larger than the
live-load stresses at the top fiber. The combination of thermal
stresses with dead- or live-load stresses or fatigue can create
additional cracking in the concrete deck. It must be noted
that cracking causes stress relief, and the reduction of the
moment of inertia can lead to a reduction of thermal moments
21).

Status of Current Practice

As mentioned before, AASHTO specifications (2) do not
consider temperature variations through girder depth. They
only specify a rise or drop of mean temperature of the bridge
superstructure in moderate or cold climates. A nonlinear tem-
perature gradient has, however, been proposed in the draft
copy of the load resistance factor design (LRFD) specifica-
tions by AASHTO (22); these design specifications are pend-
ing acceptance by the designers. The particular gradient can
be used for concrete or steel superstructures, but no provision
was made for composite bridges.

Evaluation of temperature distribution and thermally in-
duced stresses has been a topic of interest for a number of
years. A number of different temperature profiles along the
deck depth have been proposed. Linear and nonlinear tem-
perature gradients for a composite bridge have been proposed
and are presented in Figure 1. The bilinear temperature distri-
bution of the American Society of Civil Engineers (ASCE)
(23) is selected to illustrate the example (17).

A deck subjected to nonlinear temperature distribution
through depth experiences three effects: (a) uniform expan-
sion or contraction (covered by AASHTO), (b) a curvature

(hogging) that does not create any stresses in a simply sup-
ported case, and (c) Eigen stresses that are developed to
compensate for the Navier-Bernoulli assumption of plane sec-
tions remaining plane, that is, linear strain distribution through
depth. For continuous spans, additional stresses are ac-
counted for in the calculations to compensate for the conti-
nuity of the span (continuity stresses). A formulation of one-
dimensional heat transfer was used in most of the theoretical
investigations to calculate thermal stresses for given temper-
ature variation. The most popular and well-documented
methods available in the literature are reported by Priestley
(24) and Zuk (25,26). Both methods are simple static or
equilibrium equations, and the former is used mainly for all
concrete decks, whereas the latter is used in composite struc-
tures. Soliman and Kennedy (27) simplified Zuk’s method
and applied it in an illustrative example for a composite steel
and concrete beam. Following the same procedure, but as-
suming ASCE’s temperature distribution (Figure 2), the ther-
mal stresses for the particular design example of the 7.3-m
x 17.4-m (24-ft x S7-ft) composite bridge were presented by
Sotiropoulos and GangaRao (17). The illustrative example

17°C 17°C 17°C  17°C

N.A.

Steel n.a,

British ~ Maher
Standards

ASCE Priestley

FIGURE 2 Proposed temperature gradients.
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revealed that thermal stresses developed in the particular sec-
tion under ASCE’s proposed temperature distribution reached
the level of 60 percent of the live-load stresses at the top of
the steel beam in the example.

Calculations of thermal stresses developed under a nonlin-
ear temperature gradient through the depth are well docu-
mented in the literature, and good correlation with experi-
mental results verified their accuracy (27). Assuming a
temperature gradient proposed by ASCE (23), the developed
thermal stresses along a deck depth are calculated for simply
supported or continuous spans and all concrete or composite
decks. Temperature variation across the deck width is not
considered in any of the methods mentioned; this variation
can have significant effects on box-girder bridges.

Thermal Creep Due to Difference in Thermal
Expansion and Contraction Coefficients of Concrete
and Steel

Mechanism of Deterioration

Concrete, unlike steel, experiences unequal expansion and
contraction when subjected to a temperature rise or drop of
the same amount (AT). The phenomenon of unequal thermal
" expansion and contraction coefficients has been observed by
a number of researchers, but in most cases no provisions are
made during the design of concrete decks. Incompatibility of
thermal coefficients between steel and concrete plays a major
role in the performance of a deck, including deck growth
problems. '

The unequal thermal expansion and contraction coefficients
in concrete have been recognized as contributing factors in
deck deterioration (28). As has been reported by a number
of researchers (29-31), thermal coefficients of concrete are
different at different temperature ranges (above and below
the freezing point of water) and even at the same temperature
ranges (30). Variations in expansion and contraction coeffi-
cients of concrete and thermal coefficients between concrete
and steel lead to inducement of residual thermal stresses and
strain incompatibility. These factors in turn lead to deck cracking
and ‘““deck growth.”

Explanation of the expansion and contraction incompati-
bility of concrete is based on the composite nature of the
material. The thermal coefficient of concrete depends on the
quantity of the aggregate in the mix and the coefficient of the
aggregate itself (32). Decrease of moisture and increase in
age decrease the thermal coefficient (29). Thermal expansion
or contraction is the result of the normal expansion and con-
traction of anhydrous materials and the hygrothermal expan-
sion and contraction associated with the movement of internal
moisture from capillaries or from gel pores (31). It has also
been suggested (32) that if the thermal coefficients of aggre-
gate and cement differ greatly, a large temperature change
may introduce differential movement and a break in the bond
between the aggregate and the surrounding paste. Therefore,
if this differential movement occurs, cooling of concrete will
not lead to recovery of the initial dimensions. The result will
be a mismatch in expansion and contraction coefficients caus-
ing development of residual stresses. ’
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Status of Current Practice

Although the mismatch of expansion and contraction coef-
ficients of concrete has been observed, little has been done
to correlate this effect with concrete deterioration. Limited
experimental work has been conducted on specimens from
actual bridge decks by GangaRao et al. (28), who studied,
among other parameters, the magnitude of thermal creep and
residual stress buildup in several concrete and concrete and
steel specimens cast in laboratory conditions or cut from actual
bridge decks under temperature and freeze-thaw cycles. Re-
sults verified the difference between thermal expansion and
contraction coefficients that also varied in value at different
temperature ranges (the contraction coefficient is always smaller
than the expansion coefficient). The difference in expansion
and contraction coefficients increased as the temperature range
increased. Residual tensile strains were observed in both con-
crete and steel bars. The fact that their values differed in the
same direction verified strain incompatibility between steel
and concrete. The thermal strain buildup after 40 to 50 ther-
mal cycles and after subtracting the ‘“‘shrinkage compensa-
tion” was in the range of 400 microstrains (400 X 106 in./
in.). It has also to be noted that plain concrete behaved dif-
ferently from reinforced concrete. A good understanding of
the behavior of concrete under freeze-thaw cycles awaits ad-
ditional experimental data.

Shrinkage and Creep Effects in Steel and Concrete
Composite Decks

Mechanism of Deterioration

As concrete is integrally connected with steel in composite
structures, creep and shrinkage stresses have to be transferred
from concrete to steel. The development of these stresses in
concrete, resulting from the restraint set by the steel beam,
reduces the efficiency of concrete in resisting loads (33). If
the shrinkage stresses after reduction of the creep effect are
greater than the allowable tensile stresses, cracks form in a
concrete deck. As creep relief decreases with age, the tend-
ency to crack becomes greater (32). The shrinkage and creep
of concrete and steel structures result in an increase of de-
flection (34). Stresses induced by differential shrinkage may
be as high as 50 percent of the dead load stresses in shorter
bridges (35).

The magnitude of the shrinkage and creep stresses in a
composite structure depends on the parameters that directly
or indirectly affect the shrinkage and creep of the concrete
itself. The typical parameters affecting shrinkage and creep
are drying rate, size and. grading of aggregate, water-to-
cement ratio, relative humidity, externally applied stress level,
strength of concrete, and so forth (32).

Status of Current Practice

Ghali and Favré (36) have researched the creep and shrinkage
(time-dependent parameters) problems in all concrete struc-
tures. Their work provides theoretical calculations for shrink-
age and creep stresses and deflections for composite steel and
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concrete structures. Bradford (34) has also presented a sim-
plified method to calculate deflections resulting from creep
and shrinkage of composite structures. The usual method of
calculating the shrinkage and creep forces is the so-called
“composite section technique,” in which the differential
shrinkage and creep forces are resisted by the composite sec-
tion (35). An illustrative example and brief explanation of
these proposed methods have been presented by Sotiropoulos
and GangaRao (17).

AASHTO specifications do not neglect shrinkage and creep
effects in concrete decks. The information given in the spec-
ifications is rather conservative for creep and not very ex-
planatory for shrinkage. In particular, AASHTO specifica-
tions (Article 9.13.3.3, 1989) state that differential shrinkage
of cast-in-place concrete over precast beams may influence
the cracking load and the beam deflection profile. When these
factors are particularly significant, the effect of differential
shrinkage should be added to the effect of loads. In Article
10.38.1.4 (2), a multiplier of 3 is specified on calculated stresses
of composite structures to account for creep. It has been noted
that creep and shrinkage cannot be fully separated, because
they take place simultaneously (35).

Creep and shrinkage stresses are large. The magnitude of
tensile stresses developed at the top of the concrete deck for
the design example mentioned before was in the area of 3.45
MPa (500 psi) (7). Combining this stress with the instanta-
neous stress resulting from dead load may lead to excessive
tensile stresses and possibly to cracking. AASHTO’s ap-
proach may not provide good results, especially for composite
structures, because the differential shrinkage effect was not
included in that calculation.

The methodology of the “composite section” can be con-
sidered adequate to address the differential creep and shrink-
age between different concrete members in the same structure
or composite concrete and steel decks. Cracked concrete sec-
tions as well as continuous spans can be studied by adding
appropriate continuity stresses (36). All methodologies use
the assumption of full composite action (no interfacial slip)
between concrete deck and steel stringers, despite the tend-
ency of the deck to lose some composite action with increasing
number of load cycles. Therefore, the method of Ghali and
Favré needs to be modified to include partial composite ac-
tion. For simplification, incorporation of partial composite
action in the calculations of shrinkage and creep stresses can
be accomplished by using an “effective deck thickness,” that
is, the thickness of the deck that will result in the same ef-
fective bending stiffness of the composite beam after reduc-
tion resulting from partial composite action (37). The addi-
tional in-plane shear forces transmitted to the steel stringer
through the connectors caused by shrinkage and creep, or
accelerating or braking forces, need to be accounted for in
the design of the connectors.

In-Plane and Out-of-Plane Forces on Decks
Mechanism of Deterioration
The in-plane forces from accelerating or braking vehicles can

lead to deterioration of the deck surface (concrete spalling,
rutting). Local, friction-type loading on decks leads to an
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increase in stress on top of the deck. Such stress intensity may
lead to breaking of the bond between the concrete’s constit-
uents or between the concrete and its reinforcement, causing
spalling and delamination. Braking or accelerating forces also
affect the composite action of composite structures because
the in-plane forces are transmitted from the concrete deck to
the steel stringers through the shear connectors. Existence of
such loads can lead to additional local shear loading of the
studs and subsequent loss of composite action with steel in
the same manner as described earlier. Braking or accelerating
forces cause redistribution of axle loads and can lead to an
increase in impact force that may exceed the factors adopted
by design codes (38).

Out-of-plane impact loads from the pounding of passing
vehicles because of the rough riding surface of the concrete
deck or even “launching” of trucks onto the deck because of
unleveled approaches often cause deterioration of concrete
decks. In addition to the induced vibrations in a local and
global sense, high-intensity repetitive loading forms a punch-
ing type of load that can be detrimental close to the stringer
locations. This out-of-plane fatigue load leads to deterioration
of the integrity of concrete and causes spalling and rutting.
Also, depending upon the bridge and vehicle characteristics,
it may lead to excessive vibrations of the bridge as a whole
and excessive stresses and deformations.

Status of Current Practice

Limited experimental or theoretical work has been published
on the effect of local in-plane loads on bridge decks. The
problem of impact or longitudinal forces on bridge decks has
been dealt with in design codes or by individual researchers
as a problem of vibration of the bridge superstructure by
specifying equivalent static loads™(2) or proposing rigorous
analyses to predict the actual behavior of a bridge under these
loading conditions.

AASHTO specifications define equivalent static loads to
represent the longitudinal and impact forces exerted by the
vehicular traffic. The design value for the force resulting from
braking is taken as 5 percent of the live load in all lanes
carrying traffic headed in the same direction (Article 3.9).
The center of gravity of this force is assumed to be located 6
ft above the floor slab. Impact forces are considered through
an impact allowance factor given by Article 3.8.2.

According to the Committee on Loads and Forces on Bridges
(23), AASHTO specifications (2) requirements for minimum
longitudinal forces are far less than the longitudinal load re-
quired by many other codes.

Modeling of braking forces and the consequent response
on bridge decks was attempted by Gupta and Traill-Nash (38).
They showed that the impact factor was 0.25 for a symmetric
loading case and 0.33 for an eccentric case when AASHTO
specified 0.27 for the particular span length. Differences were
also reported by O’Connor and Chan (39) between the
AASHTO specified impact factor and measured values from
tests on composite steel and concrete bridges. O’Connor and
Chan presented a method to evaluate the impact factor based
on deflection or even strain readings. GangaRao (40) also
presented a deterministic procedure, based on the orthotropic
plate theory, to compute frequencies, deformations, and
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stresses. Analytical results for impact factor correlated well
with measured data from a number of highway bridges in
West Virginia. Harsh and Darwin (41) stated that traffic-
induced vibrations did not appear to be detrimental to bond
strength and compressive strength in bridge deck repairs if
the concrete had low slump. The majority of recent studies
have contradicted the current AASHTO impact factor (40).
Maximum values of impact factor in the range of 0.80 were
observed in a study of continuous bridge superstructures by
Csagoly et al. (42).

As Schilling (43) noted, the impact factors used in fatigue
design of bridges are different from those for nonfatigue de-
sign because they have to be based on average and not ex-
treme loading conditions and have to account for the dynamic
effects on the stress range rather than the peak stress. Analysis
of the response of model bridges under four- and five-axle
trucks presented an impact factor of 0.25. According to Schill-
ing, the AASHTO formula can be used for fatigue calculations
for simple-span and continuous-span bridges.

All the theories presented and research have revealed a
number of differences between impact factors and longitu-
dinal forces and AASHTO specifications. The differences are
expected because of the dynamic nature of impact and braking
forces. It is impossible for a design code to include all param-
eters that can affect the dynamic response of the deck.

The comparatively low design value for longitudinal force
resulting from braking can be verified by a series of wheel-
load tests on bridge decks. So far, wheel-load testing has been
used for fatigue testing of decks. Such a test will be able to
simulate the impact (pounding) nature of traffic loads and the
horizontal braking or accelerating forces in the plane of the
deck. Such a test can also be used to monitor the durability
and wear resistance of the concrete deck surface against rut-
ting, delamination, and spalling.

Tensile Stress Inducement on the Deck Top
Mechanism of Deterioration

Depending on the location of the concentrated loads that a
typical vehicle exerts on the deck and relative transverse deck
stiffness and longitudinal beam stiffness, eccentric loads on
bridge decks may induce net tensile stresses on the concrete
top. If the reinforcement is not adequate to withstand the
induced tensile stresses, the concrete will crack. This phe-
nomenon can be repeated and in time lead to fatigue failure
of the deck.

Status of Current Practice

Current AASHTO specifications (2) lead to the bridge deck
design for maximum moment when the design truck has one
of its two 142-kN (32-kip) axles over the transverse center
line of the bridge (HS20-44 design truck). Similar shear design
of the deck uses the location of the truck as close to the
extreme stringer as possible. No reference is made in the
specifications to the possibility of stress reversals across the
width of a deck under eccentric loads.
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Using a simplified methodology of a beam on elastic springs
developed by Kallomalos (44), an approximation can be made
of load distribution factors across the deck width. Establishing
the force interactions between deck and stringers, a moment
diagram of the deck can be obtained resulting from the load
by one axle of the design AASHTO truck and the area of the
deck in which stress reversals exist can be located. Theoretical
results on a timber deck 7.3 m X 12.2 m (24 ft x 40 ft) with
a thickness of 23.5 cm (9.25 in.) presented a tensile stress at
the top of the timber deck of the order of 3.45 MPa (500 psi)
for an eccentric position of the design truck. The beam-on-
elastic-springs model was analyzed by finite elements (17) and
by representing the concrete deck of the design example (Fig-
ure 1) by a strip 1.52 m (60 in.) wide and the stringers by
elastic springs. The resulting maximum tensile stress at the
top of the deck for an eccentric position of the AASHTO
truck load was 3.94 MPa (571 psi). The magnitude of the
tensile forces in this design example may not seem adequate
to cause concrete failure, but these tensile forces in conjunc-
tion with fatigue cycling can lead to fatigue faiture of the deck.

Finite element analysis, including composite and noncom-
posite action, of concrete bridge decks on steel stringers (45)
determined that for a bridge 8.5 m x 18.3 m (28 ft x 60 ft)
with an 18-cm (7-in.) concrete slab, tensile stresses in the
range of 1.4 MPa (200 psi) developed at the top of the deck
away from the truck position. The designed deck has almost
the same dimensions as the one that is adopted in the example
(17). Noncomposite action between stringers and deck pre-
sented a more dispersed distribution of tensile stresses in the
center half of the span, whereas when full composite action
was assumed, tensile stresses developed along lines coincident
to the unloaded stringer positions.

Eccentric fatigue tests of concrete slabs on steel girders need
to be performed to monitor the induced tensile stresses and
the possible crack formation at the concrete top as well. It is
necessary to examine whether the conventional orthotropic
reinforcement ratios recommended by AASHTO for deck
slabs can provide adequate strength because of this particular
extreme loading condition. Batchelor (46) found that deck
slabs with such reinforcement presented large reserves of
strength against fatigue failure. Csagoly and Lybas (47) also
stated that 0.3 percent isotropic reinforcement is adequate
for serviceability fatigue and ultimate capacity. Before any of
these recommendations are adopted, additional tests should
be performed on decks to determine their service life.

RESEARCH NEEDS

As stated in the preceding section, deficiencies exist in the
current AASHTO specifications covering the design of high-
way bridge decks to withstand or tolerate deterioration. Sim-
ple numerical calculations presented the effects of various
factors on the performance of the deck and the entire bridge
superstructure (17).

As the evidence of the growing need to improve deck life
becomes paramount, a rank ordering of research needs in this
area of bridge design is important; such a listing is suggested
here.
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1. Loss of composite action constitutes the most urgent
aspect that needs to be considered in design computations
because it directly affects the stiffness of composite structures
and no provisions are made in the specifications about the
loss of composite action with time. Considerable progress has
been made in predicting the loss of composite action, but
additional research is needed to unify all the proposed meth-
ods to predict the decrease of bending stiffness with time.

2. Thermal effects on bridge superstructures can be signif-
icant under extreme temperature conditions, but more em-
phasis needs to be placed on understanding the variations of
thermal coefficients of concrete leading to thermal creep. As
far as thermal stress evaluations due to nonlinear temperature
gradients through the depth of the deck are concerned, trans-
portation officials need to include this aspect as an important
item for the new AASHTO specifications because design
methodologies have a way of gaining general acceptance.

3. Creep and shrinkage effects on composite decks urgently
need attention because of the magnitude of the developed
stresses. Knowledge and experience gained from the study of
creep and shrinkage of plain reinforced concrete are expanded
to understand and calculate the resulting stresses on concrete
decks and steel beams of composite decks. The significance
of this factor is based on the fact that even though creep and
shrinkage originate in the concrete deck, their action affects
both the deck and stringers.

4. The AASHTO specifications for transverse reinforce-
ment of concrete decks should be revised on the basis of more
accurate transverse load distribution formulas. Inducement
of tensile stresses at the concrete top (under eccentric loads)
should be studied from the point of view of serviceability
because tensile stresses may cause cracking or fatigue to the
deck.

5. The effects of out-of-plane and in-plane loads on con-
crete decks should be studied as the main factors of material
disintegration in a local and global sense.

A summary of the results of the preliminary analysis
(I17) of a typical 7.3-m X 17.4-m (24-ft x 57-ft) concrete and
steel bridge with a deck of 18.5 cm (7.25 in.) is presented
(Table 1) to illustrate the need to modify current AASHTO
specifications.

CONCLUSIONS

This study presents the major factors affecting bridge deck
deterioration. Special empbhasis is placed on items not fully

covered in the current AASHTO design specifications. A .

description of the deteriorating mechanisms of each factor is
given, with a list of advancements in theory or experiment
toward a better understanding of each phenomenon, as re-
ported in the literature. Specific additional research is rec-
ommended. This work presents areas in the design of highway
bridges that need to be revised by AASHTO. The results
from the design example presented are preliminary. Similar
calculations for superstructures with different dimensions need
to be studied. The paper emphasizes the need to account for
the deterioration of bridge superstructures during design.
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Freeze-Thaw Studies on Concrete

Structural Elements

Hora V. S. GANGARAO, HEMANTH K. THIPPESWAMY, AND

PEnMATSA R. RajU

The effect of freeze-thaw cycles on plain concrete decks and
concrete-filled steel grid decks is presented. The test program
stimulates field temperature conditions. An attempt has been
made to correlate the freeze-thaw effect to the longitudinal growth
behavior of concrete-filled steel grid decking systems. To study
the longitudinal growth, emphasis has been placed on the deter-
mination of expansion and contraction coefficients of concrete
for different temperature ranges. Residual tensile strain buildup,
a result of the differential expansion and contraction coefficient
of concrete, is found to be a function of freeze-thaw cycles. Ther-
mal incompatibility between concrete and steel and the conse-
quent growth in concrete-filled steel grid decks are dealt with
from the viewpoint of thermal creep.

Concrete is an important construction material that has many
advantages and few limitations. One of the major concerns
is the response and durability of concrete under environmen-
tal conditions such as thermal cycling. In most of the appli-
cations, concrete is used along with steel, resulting in com-
posite members of reinforced or prestressed concrete
components. In such components, concrete and steel are forced
to deform together under temperature fluctuations. However,
the difference in thermal properties of concrete and steel
results in thermal strain incompatibility and eventually leads
to residual stress buildup (7). The residual stress buildup is
tensile in nature and becomes cumulative with the number of
freezing and thawing cycles. The strains due to freezing in
the case of saturated cement paste specimens were reported
(2) to be as high as 1600 microstrains, and about 500 mi-
crostrains of permanent elongation after reaching the original
temperature was also reported. Pigeon et al. determined the
freeze-thaw durability of concrete and found a strain buildup
of 2,000 to 5,000 microstrains over 100 cycles for varying
constituents in concrete (3). Attiogbe et al. determined the
freeze-thaw durability of concrete containing superplasticizers
and reported a strain buildup on the order of 1,300 micro-
strains over 300 cycles (4). The difference between thermal
coefficients of expansion and contraction, which is one of the
causes for residual stress buildup, has been reported by many
researchers (5—7). The variation in coefficients is more pro-
nounced above and below the freezing point of water. The
moisture content in the pores of concrete freezes and forms
ice below 0°C (32°F). The materials in concrete contract but
ice in pores expands below 0°C (32°F), resulting in a decreased
coefficient of expansion of concrete. The coefficient of ex-
pansion and contraction above and below the freezing point

Constructed Facilities Center, West Virginia University, Morgan-
town, W. Va. 26505.

of water, for a concrete with a 0.49 water-to-cement ratio that
has been dry-cured for 28 days, has been reported to be 4.26
X 107¢ and 2.83 x 10-9, respectively (5).

The limitations of this phenomenon are cracking and growth
of concrete, which are generally associated with regions that
experience a number of freeze and thaw cycles during winter
seasons. Cracks permit water to enter into concrete. The
moisture ingress leads to enlargement of the cracks due to
freezing, which in turn permits additional water to seep and
cause concrete deterioration.

Longitudinal growth, which poses a very serious mainte-
nance problem, is found extensively in concrete-filled steel
grid decks (8—10). For instance, an 11-span highway bridge
217 m (710 ft) long, built in 1948 at Massillon, Ohio, that had
a concrete-filled steel grid decking system was closed to traffic
in December 1964 because of growth in the bridge deck (8).
The deck growth caused the sidewalks to crack and buckle
and the expansion joints to close. The deck growth resulted
in failure of welds between the deck and supporting stringers
and dislocation of the deck from its abutment. Sturrett (17)
reported a growth in concrete-filled decks on the order of 102
mm (4 in) for 31 m (100 ft) of length in the field. He also
reported that the maximum force in one cross bar of the
concrete-filled steel grid deck can be as high as 58 kN (13
kips). Additional literature (9) reveals that more than half of
the totally bare (without concrete overlay) concrete-filled steel
grid decks and more than a quarter of concrete-filled steel
grid decks with concrete overlay showed a deck growth prob-
lem in Ohio alone.

The probable reasons attributed to the deck growth were
corrosion of steel and use of expansive aggregates (8). Some
researchers (9,10) also put forth remedial measures for the
concrete-filled deck growth problem. However, the design
details accounting for the effect of thermal fluctuations, ther-
mal movements, freeze and thaw cycles, thermal incompati-
bilities, and separation of concrete from steel, which can be
attributed to differential expansion between concrete and steel,
were not given much importance. Yanev (/2) and Callahan
et al. (I3) have pointed out the importance of such parameters
in their work.

The objective of this paper is to present (a) expansion and
contraction phenomena of concrete at different temperature
ranges; (b) expansion and contraction coefficients, and resid-
ual stress buildup within concrete due to freeze-thaw cycling,
for plain concrete slabs and concrete-filled steel grid decks;
(c) thermal incompatibility between concrete and steel in
concrete-filled steel grid decks leading to their growth; and
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(d) concrete strength (tensile and compressive) variations be-
fore and after freeze-thaw cycles.

SCOPE

Accelerated tests were conducted in a laboratory environment
on plain concrete slabs and concrete-filled steel grid decks,
simulating field conditions to study the deck growth phenom-
enon. The test program was designed on the basis of simu-
lating field temperature and freeze-thaw effects only. Test
specimens were monitored for dry and wet conditions, and
humidity conditions were maintained at the ambient levels
only. The length and width of the deck specimens were scaled
to suit the apparatus size; however, the specimen thickness
was nearly identical to the field conditions. The temperature
in the core of the concrete slab and concrete-filled grid decks
was monitored with the help of embedded thermocouples.
Strain data were obtained using strain gauges.

The test specimens consisted of plain concrete slabs and
concrete-filled steel grid decks. Table 1 summarizes the speci-
men sizes and main bar and cross bar spacing and orientation
in addition to other information such as temperature range,
duration of each cycle, and number of cycles for each speci-
men tested for freeze-thaw effect. Figure 1 shows the main
bar and cross bar sizes used in the concrete-filled steel grid
deck specimens. Eight specimens were studied. Series I con-
sisted of a concrete-filled steel grid deck and an open steel
grid deck. The concrete-filled steel grid deck was cast in the
laboratory. The specimens of Series I were subjected to 18
cycles in the temperature procession of 21 to —32 to 21°C
(70 to —25 to 70°F). Series II and III comprised two concrete-
filled steel grid decks and a plain concrete slab. All the speci-
mens in Series II and III were cast in the laboratory. The
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temperature procession for specimens in Series II and III was
21 to 2 to —17 to 2 to 21°C (70 to 35 to 0 to 35 to 70°F).
Series II and III specimens were subjected to 70 and 155
cycles, respectively. Series III specimens were subjected to
both dry and wet cycles. The duration of each cycle for all
the specimens in Series I through III was 24 hr. The mix
proportions of specimens within the series was kept constant.

EQUIPMENT AND MEASURING DEVICES

The equipment and measuring devices used for the testing
program were Tenny Environmental Equipment (chamber),
Omega Thermocouple Thermometer, Datran II Multichannel
Strain Indicator, thermocouples, and strain gauges.

The Tenny Environmental Equipment was designed to
create and control the temperature and relative humidity within
the specified operating ranges. Simulated environments were
controlled automatically by manual selection switches. The
clear working space available inside the chamber was 1.2 X
1.2 x 1.2 m (48 x 48 x 48 in.). The chamber had a full
opening door, viewing window, and electrical and thermo-
couple feed throughs. The temperature variations were achieved
using a cam device. The Omega Thermocouple Thermometer,
which was used to monitor the temperature in the core of the
specimens, was a digital panel meter and served as a readout
for J-, K-, T-, or E-type thermocouple sensors. The J-type
thermocouple was used throughout the experimental pro-
gram. The Datran II strain indicator, with a scanner control
section and 80 channels used to measure strains in concrete
and steel, was a precision DC millivolt-per-volt instrument
that had a high degree of operational versatility and reliability.
The types of strain gauges used were EA-06-250BG-120 for
steel and EA-06-20CBW-120 for concrete. The strain gauges

TABLE 1 Type, Size, and Freeze-Thaw Parameters of Specimens

SPECIMEN SERIES | SPECIMEN MAIN BAR TEMPERATURE NO. OF

TYPE # SIZE (mm) DIRECTION RANGE (OC) CYCLES

1. FILLED DECK 1 254x914x127 LONG 21 To-32To 21 18

2. OPEN STEEL 254x914x127 LONG 21t0-32To 21 18
GRID

1. FILLED DECK I 305x914x108 LONG 21 To2To-17To2To 21 70

2. FILLED DECK 406x1219x108 SHORT 21To2To-17 To2To 21 70

3. PLAIN CONC. 305x914x108 - 21 To2To-17 To2 To 21 70
DECK

1. FILLED DECK 111 305x914x108 LONG 21To2To-17To2 To 21 155%*

2. FILLED DECK 610x610x108 LONG 21 To2To-17To2 To 21 155%*

3. PLAIN CONC. 305x914x108 - 21 To2To-17To2 To 21 155%*
DECK

Note: 1in = 25.4 mm ; (OF - 32)/1.8 = 0C

**Wet type of cycles are conducted beyond 105 cycles
Main bar spacing is 203 mm in all the specimens
Cross bar spacing is 102 mm in all the specimens
Duration of each cycle is 24 hours in all the specimens
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FIGURE 1 Strain gauge location and nomenclature in concrete-filled

steel grid decks.

were self-temperature-compensating, hence the readings were
free from temperature-induced strain. A three-wire lead sys-
tem was used to eliminate the length effect of lead wires. A
330-DFV type of conductor cable (lead wire) was used.

STRAIN GAUGE POSITIONS AND PLACING OF
SPECIMENS

Strain gauges were placed on the main bar steel (MB in figures
and tables), on the cross bar steel (CB in figures and tables),
and on the concrete, one in the main bar direction (MBD in
figures and tables) and one in the cross bar direction (CBD
in figures and tables) as shown in Figure 1. This strain gauge
pattern was used at the center cells and at the end cells. Since
the end cells were free to expand (no restraint from adjacent
cells), the strain gauge readings were obviously greater in the
end cells than in the center cells and did not represent the
actual expansion or contraction values. Therefore, only the
readings given by the strain gauges fixed in the center cells
were used for the synthesis of experimental data. In the plain
concrete slab specimens, strain gauges were fixed in the long
and short directions at the center of the specimen. All the
specimens of Series I and III'were placed flat resting on rollers
and supported on wooden blocks. The specimens of Series 11
were made to rest on their edges in the longer direction by
placing them on two wooden blocks at the ends. The arrange-
ment ensured minimum restraint to expansion and contraction
in the specimens. Care was taken not to disturb the original
position of the specimens until the required number of freeze-
thaw cycles was completed.

The experimental procedure mainly involved the measure-
ment of strains during the progress of each cycle. The strain
readings were read at regular intervals. The cam, designed
according to the required temperature range and duration of
each cycle, provided the simulated field conditions. The ther-
mocouple readings, indicating the temperature inside the deck
specimens, were read at regular intervals. The temperature
readings from the thermocouple and cam indicator were found
to be nearly identical at any given time.

EXPERIMENTAL DATA

The experimental data in terms of strain readingé were used
to

1. Establish the residual strain buildup per cycle and cu-
mulative residual strains in the plain concrete slabs in both
long and short directions, main and cross bar steel, and con-
crete in the main and cross bar directions (for concrete-filled
decks). The residual strain was calculated as an increase or
decrease in the strain reading from the previous reading at a
given time.

2. Compute the coefficients of thermal expansion and con-
traction in concrete in all the specimens. This was computed
by taking the average increase or decrease in strains per de-
gree increase or decrease in the temperature for a given range
of temperature.

3. Compute the forces developed because of residual strains
in steel and concrete for concrete-filled steel grid decks. The
residual strain buildup over a number of cycles was computed.
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Forces were then calculated using these residual strains by a
simple stress-strain relationship. More details can be found
elsewhere (1). )

To determine tensile and compressive strengths of concrete,
split tension and axial compression tests were conducted on
concrete cylinders before and after freeze-thaw cycles. The
data from these tests were used to determine the change in
the strengths.

RESULTS

Figure 2 indicates the residual strain buildup in concrete and
steel for Series I concrete-filled steel grid decks. The initial
discrepancy in the strain readings as seen in Figure 2 can be
attributed to the initial adjustment that the specimen under-
goes for shrinking cracks when subjected to freeze-thaw cycles.
Figure 2 indicates that the open steel grid deck is unaffected
by the freeze-thaw cycles. However, it can be seen from Fig-
ure 2 that there is residual strain buildup in steel for concrete-
filled steel grid decks. Figure 3 is a plot showing residual
strains versus number of cycles for a Series II plain concrete
deck. Figures 4 and 5 show the residual strain plots versus
number of freeze-thaw cycles for two concrete-filled steel grid
decks of Series II. Because the strain gauge malfunctioned
on concrete in the main bar direction of the Series IT decks
and on cross bar and main bar steel in Series III decks, read-
ings were not available beyond 32 and 105 cycles, respectively,
as seen in Figures 4 and 6. From Figure 5, it can be seen that
strains in the main bar have stabilized, whereas strains in the
cross bar follow an increasing trend. Figures 6 through 8 show
the residual strain plots versus number of freeze-thaw cycles
for Series III plain concrete deck and two Series III concrete-
filled steel grid deck specimens. The residual strain plots up
to 105 cycles are due to dry cycles, and the residual strain
plots from 106 cycles up to 155 cycles are due to wet cycles.
A trend similar to that in Series II specimens can be seen in
Series I1I specimens with regard to the residual strain buildup
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in the main and cross bars. Figures 6 through 8 also indicate
the effect of moisture on the residual strain buildup.

Tables 2 and 3 give the in-plane force calculations due to
residual strain buildup in concrete and steel for concrete-filled
steel grid decks of Series I, II, and III. The average coeffi-
cients of expansion and contraction for concrete in the
concrete-filled steel grid decks and plain concrete deck of
Series I and II are shown in Table 4. Similar results for plain
concrete slabs of Series II and III are also shown in Table 4.

OBSERVATIONS AND DEDUCTIONS

The following salient features are brought out after synthes-
izing the experimental data and also from visual examination
of the filled deck specimens that were tested in the Major
Units Laboratory at West Virginia University:

® Microcracks were observed that were due to concrete
shrinkage along the main bar as well as the cross bar directions
of concrete-filled decks. The cracks were less severe along
the cross bars because of the continuity of concrete beneath
the cross bars.

® The initial strain buildup from thermal cycling was large
up to a strain level required to overcome shrinkage strains
in concrete-filled decks. This was referred to as “shrinkage
compensation.” '

® The initial residual strain buildup in concrete due to ther-
mal creep for 30 to 40 cycles was equivalent to 800 to 1,000
microstrains. This initial concrete strain buildup was attrib-
uted to the concrete shrinkage compensation (which was
checked by monitoring plastic as well as drying shrinkage after
actual pouring of concrete into the steel grid). The thermal
strain buildup over the initial 800 to 1,000 microstrains caused
by shrinkage strains was found to be 300 to 400 microstrains.
Such a magnitude of buildup has also been observed by other
researchers (2-4).

® Thermal strains in concrete and steel (cross bar) were
found to be tensile and increasing with the number of freeze-
thaw cycles.

—&— Concrete (Specimen 1), MBD (Long)
Concrete (Specimen 1), CBD (Short)
Steel (Specimen 1), Main Bar
Steel | (Specimeg 2), Main Bar
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FIGURE 2 Residual strains versus number of cycles: Series I, Specimens 1

and 2 (254 x 914 X 127 mm).
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2000 ® Main bar strains tend to stabilize after about 25 freeze-
thaw cycles. The concrete and cross bar strains did not sta-
bilize at the same number of cycles, but continued to increase.
The earlier stabilization in the main bar was attributed by the
authors to relatively higher stiffness and lower thermal creep
in that direction.

® Residual strains in terms of their magnitude in steel and
concrete were not same in the same direction (e.g., Figures
4 and 5). This difference led to strain incompatibility between
steel and concrete in the filled grid deck and needs to be
properly accounted for in the design.

® Concrete was found to be more susceptible than steel in

T y terms of residual strain buildup because of its heterogeneity

20 40 60 80 and anisotropy.
NO. OF CYCLES ® In laboratory experiments, concrete-filled steel grid decks
FIGURE 3 Residual strains versus number of cycles: have been found to develop resiflual stresses under.freeze-
Series II, Specimen 3 (305 X 914 X 108 mm). thaw cycles. However, such a buildup is not found in open
steel grid decks (Figure 2).
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FIGURE 4 Residual strains versus number of cycles: Series II,
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TABLE 2 Force Due to Residual Strains in Steel
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FIGURE 8 Residual strains versus number of cycles: Series
III, Specimen 1 (305 x 914 x 108 mm) and Specimen 2
(610 X 610 x 108 mm).

® From Table 4, the coefficients of expansion and contrac-
tion of concrete in the filled deck specimens are 2.91 x 10-¢
and 2.08 x 107 [Series II, Specimen 1, Gauge B, —17 to
2°C (0 to 35°F) temperature rise, and 2 to —17°C (35 to 0°F)
temperature fall]. The expansion and contraction coefficients
of concrete in the filled decks are lower than the values of
the coefficients of expansion and contraction of concrete (3.95
X 1075 and 3.47 x 1079, Series III, Specimen 3, Gauge B)
in the plain concrete decks. Such low values in the filled decks
have resulted from the presence of steel in filled decks.

e From Tables 2 and 3, the forces developed in concrete
and steel due to residual strain buildup were found to be
different, which revealed strain incompatibility.

® The tensile strength of concrete was reduced by the effect
of freeze-thaw cycles. The maximum decrease in tensile strength
was about 30 percent. A very small increase in the compres-
sive strength was observed. Pigeon and Lachance (14) also
reported a small increase in the compressive strengths of speci-
mens that were subjected to freeze-thaw cycles.

Main Bar and Concrete (Main Bar

Direction)
RESIDUAL
STRAINS
SERIES #| SPECIMEN
# (10-6)

FORCE TOTAL FORCE
(N) (N)

MB | PAN| CONC.

MB |PAN | CONC.|STEEL | CONC.

(MBD) (MBD) (MBD)
1 1 30 - 490 6.6 - 21.4 6.6 21.4
11 1 78 | 78 46 15.3| 3.0 19.7 18.3 19.7
2 58 | 58 76 11.4] 2.2 32.5 13.6 32.5
I 1 15 15 10 2.910.6 4.3 3.5 4.3
2 34 | 34 22 6.7 | 1.4 9.4 8.1 9.4

Note: 1 Ibf = 4.45 N; -: No bottom pan
The residual strains in the pan are
strains in the main bar

assumed to be equal to the residual
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TABLE 3 Force Due to Residual Strains in Steel Cross Bar and Concrete (Cross Bar Direction)
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RESIDUAL STRAINS FORCE TOTAL FORCE
10-6) (N) (N)
SERIES| SP. | CB | PAN |REBAR |[CONC. | CB |PAN|REBAR | CONC.| STEEL | CONC.
# # (CBD) (CBD) (CBD)
I 1 50 50 25 2.5(1.0f 2.1 6.7 5.6 6.7
11 146 | 146 146 121 {3.4|0.5] 6.0 32.3 9.9 32.3
165 | 165 165 197 |3.913.2]| 6.8 42.1 13.1 42.1
111 1 68 68 40 1.6 1.3 2.8 8.5 5.7 8.5
228 | 228 | 228 88 5.3| 4.4 9.4 18.8 19.1 18.8
Note : 11bf = 445 N

The residual strains in the pan and the rebar are assumed to be equal to the

residual strains in the cross bar

® The high strains observed in concrete are not unusual.
There are reports (2) that the strains due to freezing in satu-
rated cement paste specimens can be as high as 1,600 micro-
strains; on thawing to original temperature, about 500 mi-
crostrains of permanent elongation has been observed. How-
ever, this is encountered where moisture in the specimen is
involved in the freeze-thaw cycles.

e From Figures 6 through 8, the residual strain buildup due
to water can be noted. A sudden increase in residual strains
with the addition of water is noted. Thus, the effect of mois-
ture is severe on residual strain buildup.

CONCLUSIONS

On the basis of our limited experimental results and theo-
retical analysis, the preliminary conclusions follow.

The thermal coefficients of concrete varied for different
temperature ranges. The thermal coefficients of expansion
and contraction within the concrete itself were different. Re-
sidual tensile strain buildup was observed in concrete and
cross bar steel of concrete-filled steel grid decks. However,
a significant residual strain buildup was not noted in the main
bar steel owing to its relatively higher stiffness. Residual ten-

TABLE 4 Coefficient of Expansion and Contraction as Determined on Concrete in Concrete-Filled Steel

Grid Decks and Plain Concrete Decks

SERIES/ INCREASING | COEFF. OF EXPANSION | DECREASING [ COEFF. OF CONTRACTION
SPECIMEN | TEMP. RANGE (10-6) TEMP. RANGE (10-6)

# GAGE A GAGE B GAGE A GAGE B
I-1 -32 TO 21 2.10 1.91 21 TO -32 1.64 1.84
Im-1 -17 TO 2 1.99 2.91 2 TO -17 1.11 2.08

2 TO 21 1.98 2.39 21 TO 2 1.47 2.74
Im.2 -17 TO 2 1.87 2.62 2 TO -17 1.67 2.12
2 TO 21 2.18 2.94 21 TO 2 2.19 2.52
Im-3 -17 TO 2 5.10 4.54 2 TO -17 3.81 3.81
2 TO 21 4.35 4.01 21 TO 2 3.13 2.98
I -3 -17 TO 2 4.65 3.95 2 TO -17 3.14 3.47
2 TO 21 4.08 3.73 21 TO 2 3.97 3.33
Note : All temperatures in 0C

(OF - 32)/1.8 = oC
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sile strains in steel and concrete of a filled grid deck were
different in the same direction, which revealed strain incom-
patibility. The behavior under thermal loads of concrete in
combination with steel was different from the behavior of
concrete alone in terms of the magnitudes of the expansion
and contraction coefficients. Freeze-thaw cyclic effect led to
decreased tensile strength of about 30 percent and very little
increased compressive strength properties of concrete.

In the present work, the effects of different moisture con-
ditions and humidity levels were considered in a limited man-
ner. To establish proper understanding of freeze-thaw effects
in concrete, extensive amounts of experimental data gener-
ation and interpretation must be accomplished from the view-
point of microscopic material behavior. Emphasis was given
to thermal expansion and contraction coefficients of concrete.
However, other thermal properties such as thermal conduc-
tivity, thermal diffusivity, and specific heat, must be inves-
tigated. In the present work, there was no special control
placed on the concrete mix parameters such as water-cement
ratio, mix proportions, type of aggregates, curing techniques,
and age. Hence, these must be accounted for in future re-
search. Detailed investigations must be carried out to establish
the effect of freeze-thaw cycles on concrete strength prop-
erties and strain incompatibility aspects between steel and
concrete. Besides filled decking systems, other systems, such
as.reinforced concrete decks, should be investigated. Finally,
the real challenge for future research is to develop concrete
admixtures that can minimize, if not eliminate, the freeze-
thaw effects on concrete while properly accounting for the
behavior of admixtures in the concrete mix.
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Testing of Bridge Expansion ]oints by
Large-Scale Testing Apparatus

S. S. Kuo, Kirk EASTMAN, AND D. MICHAEL WADDELL

A full-scale accelerated testing facility designed and constructed
by the University of Central Florida was used to simultaneously
test five separate bridge rehabilitation joint systems under the
effects of wear, abrasion, and impact loading. During a 5-week
test period, the program established a simulated life expectancy
for each joint system as a result of its performance under full-
scale live loading. This method of testing proved to be a timely,
feasible alternative to live bridge applications and monitoring
procedures. Test results indicated several areas of deficiency com-
mon to many of the joint components and systems. The results
also promoted further development of some of these products to
enhance their performance.

During the past several years engineers have become increas-
ingly aware of the importance of bridge joints and joint materials
in the design and maintenance of bridge structures. A bridge
joint must provide to the various superstructure elements the
same level of protection from exposure that would otherwise
be provided by the deck, in addition to accommodating all
movement transmitted by the superstructure to the joint. The
joint materials must be durable enough to withstand the wear
and impact of heavy traffic loads and must be resistant to
roadway oils and chemicals, debris, ultraviolet rays, and other
harmful influences. Yet the joint also must remain flexible
and resilient throughout its life to accommodate numerous
cycles of temperature extremes.

Histories and documentation indicate that most bridges have
a life expectancy in excess of 50 years. However, most bridge
joints experience problems within the first 5 to 10 years of
life, and many joints experience some failure within the first
6 months to 1 year after installation. Failure of a joint system
or individual component can occur in many ways and in vary-
ing degrees. For joint nosing materials and headers, failure
can occur from a debonding of the nosing and substrate, a
delamination of separate material layers, severe wearing or
grooving of the material, cracking or spalling of the nosing,
or a collapse of the material resulting from improper mixing
and placement. Steel armor retainers can experience failure
resulting from fatiguing of their anchorage systems under im-
pact loading. Bridge joint seals can become debonded, ripped
or torn, disfigured from excessive wear or deformation, or
damaged by environmental influences.

Engineers and manufacturers continue to develop new joint
configurations and materials in an attempt to improve upon
this poor record of serviceability. However, testing methods
are limited and most promising new joint products must be

S. S. Kuo and K. Eastman, Department of Civil and Environmental
Engineering, University of Central Florida, Orlando 32816-0450; D. M.
Waddell, Howard Needles Tammen & Bergendoff, 5900 Lake Elknor
Drive, Suite 600, Orlando, Fla. 32809.

placed in live bridge installations to be tested. Although this
method of testing is the most reliable and realistic, several
years of monitoring may be required to prove a joint product
acceptable. A literature search has not revealed any previous
methods of full-scale testing or modeling to predict the life
expectancy of expansion joints, yet full-scale accelerated test-
ing can prove a timely and economical method of continuously
monitoring the performance of bridge joints.

The Department of Civil and Environmental Engineering
at the University of Central Florida (UCF) recently developed
and constructed a facility for full-scale accelerated testing.
The facility comprises a test track 15.2 m in diameter, a variable
weight-loading apparatus, and a power source. The circular
test track is a reinforced concrete slab 1.2 m wide by 38.1 cm
thick supported on an earth embankment. Within the track
are two 2-span bridge decks 3.7 m long by 1.8 m wide with
a20.8-cm reinforced concrete slab and transverse center joint.
The loading system consists of three support beams 7.6 m
long, W36 x 150 spoked from a center pivot at 120-degree
intervals. Each support beam is attached to a hydraulically
driven dual-wheel truck-axle assembly. A water tank 3.7 m
in diameter by 2.4 m high is centrally mounted on top of the
support beams and is used to generate additional weight to
the loading system. The total weight of the loading apparatus
and water can vary between 133 kN (30,000 Ib) and 333.6 kN
(75,000 Ib), and is evenly distributed to the three dual-wheel
assemblies. The entire loading device is powered by a 220-hp
diesel engine with a hydraulic transmission and is capable of
speeds up to 48 km/hr. A center support assembly, used to
hold the entire system in place, is designed to restrain the
testing apparatus from horizontal movement while allowing
free rotation and vertical movement and a small amount of
tilt. The support allows for a total load transfer to the dual-
wheel assemblies and is hollow to accommodate.the hydraulic
transmission lines. Figure 1 shows the complete testing facil-
ity. The facility can accelerate the testing of bridge joint prod-
ucts under heavy wear and impact.

It should be noted that there are limitations to this method
of testing. The test-track facility is not configured to examine
the effects of ultraviolet radiation. Hence this form of testing
cannot be included in test programs. Also, because of the
scale of the test bridges and relatively short duration of testing
for this program, the effects from thermal movement cannot
be accurately measured. The 48-km/hr top speed of the load-
ing apparatus is also considerably lower than the speed of
actual traffic. To partially compensate for this fact, a heavier-
than-normal wheel load is used.

In spring 1992, engineers from the Florida Department of
Transportation (FDOT) District 5 and Howard Needles Tam-




48

FIGURE 1 University of Central Florida test track.

men & Berdendoff (HNTB) needed to select replacement
joints for several bridge joint locations along the heavily trav-
eled corridor of Interstate 4 through Orlando, Florida. A
product investigation revealed several new bridge joint prod-
ucts using current technology, but little in-place performance
history to aid in selection. It was decided to set up a testing
program at the UCEF test track to establish a minimum 5-year
simulated life expectancy of wear capabilities for various ex-
pansion joint types through accelerated testing procedures.
Five separate manufacturers of bridge joints agreed to install
one of their bridge joint products for testing. Each was asked
to install a nominal 6.4-cm joint. Those bridge joint products
will be identified here as bridge joints A through E.

LIFE EXPECTANCY SIMULATION ANALYSIS

The test program was developed to monitor continuously the
performance of each expansion joint system placed on the
large-scale test track under the application of repetitive dual-
wheel loading. The sum of the repetitions successfully com-
pleted was used to equate the tested joint materials to a sim-
ulated life expectancy (SLE) of normal highway use. The SLE
has been tailored to site-specific applications through the use
of actual traffic volumes and joint opening requirements from
the Interstate 4 project mentioned.

The first step of the simulation analysis was to determine
the actual volume of yearly heavy truck traffic to equate to
the tests. The I-4 joint rehabilitation project is to be con-
structed in 1993 with a joint life of 5 years determined as a
minimum requirement. Therefore, a median year (1995) vol-
ume of average daily traffic (ADT) of 75,000 vehicles for three
lanes of westbound travel was obtained from the 1989 1-4
Corridor Study for use in this project. The average proportion
of trucks through this corridor was determined to be 6 percent,
with a conservative assumption that half of these, or 3 percent,
would be heavy trucks concentrated mainly in the center lane.
Thus the annual volume of heavy truck traffic was determined
using the following equation:

AHT = ADT X %HT x MLF X days/year
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where

AHT = annual heavy truck traffic,
ADT = average daily traffic,
%HT = percent heavy trucks, and
MLF = multilane factor.

Hence, for this test program, the annual volume of heavy
trucks was calculated as

75,000 x 0.03 x 0.9 x 365 = 739,125

where 0.9 is the multilane loading reduction factor as set forth
by AASHTO for three travel lanes in one direction.

For this project, a 66.7-kN wheel load was used for the
accelerated testing. This wheel loading is considered to be
much heavier than normal applied wheel loads. Therefore, it
is necessary to convert this heavier wheel load to an equivalent
standard wheel load. For the seven Florida legal load trucks
used by FDOT, the maximum single-axle load present on a
majority of the trucks is 98 kN. An equivalent wheel-load
factor generally defines the damage per pass caused to a spe-
cific pavement system by the vehicle in question relative to
the damage per pass of an arbitrarily selected standard vehicle
moving on the same pavement system. One of the most widely
used forms of load equivalency factors is that presented in
the AASHTO Guide for Design of Pavement Structures. On
the basis of AASHTO conversion tables from the 1986 man-
ual, the differential equivalency factor between the 133.4-kN
single-axle load used for testing and a standard 98-kN single-
axle load is 5.51 for the concrete slabs 20.3 cm thick. The test
track, unlike actual field conditions, applies the wheel loading
over the same path for every repetition. An assumed probability-
of-occurrence factor of 3 has been used for analysis purposes.
In other words, every third wheel load is assumed to cover
the same path along the bridge joint. The following equation
was used to equate the test track results to a simulated life
expectancy of one year:

N x DEF x POF = AHT

where

N = number of test track load repetitions per year,
DEF = differential equivalency factor,
POF = probability of occurrence factor, and
AHT = annual volume of heavy truck traffic.

Given DEF, POF, and AHT, solving for N provides a total
of 44,715 repetitions required annually. A simulated life ex-
pectancy of 5 years thus would require a minimum of 223,600
repetitions of test-track loading for this project. In an effort
to allow conservatively for any margin of error in the analysis
procedures, a minimum of 250,000 repetitions was used for
this testing program.

Although the simulated life expectancy can be equated to |

site-specific conditions for traffic volumes and joint opening
requirements, it is restrictive because as a result of the scale
of the testing apparatus and the short duration of the tests,
it does not take into account aging or weathering consider-
ations. These factors are not considered as important in the
life of a bridge joint as the wear, impacts, and abrasion in-
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cluded in this test program, but they can have a significant
effect in certain climates. This test was performed in central
Florida temperatures of +27°C, which, coupled with high
temperatures generated from the testing apparatus, showed
significant effects on certain products. Other factors, such as
freeze-thaw and road salts, can have equally significant effects
on some bridge joint materials in northern climates. This
testing program could not feasibly test for all external factors
affecting the life expectancy of a bridge joint; therefore it
targeted the factors considered most important.

TESTING PROCEDURES

The entire program for testing expansion joints was carried
out in 5 weeks, including down time for joint and tire repair,
with the testing apparatus in operation 8 to 10 hr per day.
Approximately 260,450 load repetitions with 66.7 kN of dual
wheel load were applied. The program included testing for
normal wear, abrasion, and impact. A constant operating
speed of 24 km/hr was maintained throughout the testing
program. The tire pressure on the radial 12R22.5 tubeless
truck tires was maintained at 758 kPa. With this tire pressure,
the footprint of the tire was measured at approximately 21.6
by 27.9 cm.

The normal wear test was conducted during the first week.
The loading apparatus was run for approximately 25 hr clock-
wise and another 25 hr counterclockwise. A total of 73,124
repetitions was achieved during this phase of the test.

The second week included the abrasion test. Each joint was
covered lightly with a mix of coarse sand, small aggregates,
fragments of broken glass, and miscellaneous metal parts (small
bolts, screws, etc). As in the previous test, this phase was
divided into 25 hr of clockwise rotation followed by 25 hr of
counterclockwise rotation. During the clockwise rotation phase,
a small bolt punctured one of the tires on the apparatus. All
bolts and screws were removed for the remainder of the test.
A total of 70,664 repetitions was applied during this test.

The last phase of the project included 2 weeks of impact
testing. The concrete bridge slabs were jacked up approxi-
mately 1 cm to create a difference in elevation between the
expansion joint headers. Because of the geometry of the cir-
cular test track, certain joints with elevation differentials would
be affected by clockwise rotation, whereas others would be
affected by the counterclockwise direction (see Figure 2). The
testing apparatus was run counterclockwise for 50 hr. It was
intended to accumulate 50 hr of clockwise rotation as well;
however, after 28 hr of rotation, one of the dual-wheel as-
semblies on the apparatus failed and the test was stopped. A
total of 116,864 repetitions was achieved during this phase of
testing. Although the testing ended prematurely, a total of
over 260,000 repetitions was achieved. The numbers exceeded
the original proposal of 250,000 repetitions.

BRIDGE JOINT CONFIGURATIONS

A graphic representation of each bridge joint system tested
in this program is shown in Figures 3-7 in which the dashed
line on each joint system represents the original joint profile.
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FIGURE 2 Impact test diagram.

The irregular profile under the dashed line shows the damage
or wear from the test.

Bridge Joint A

The configuration of Bridge Joint A consisted of two steel
armor angle retainers with a sinusoidal anchoring system of
No. 4 rebar. Each steel angle retainer was anchored into a
nosing of elastomeric concrete approximately 15.2 cm wide
by 6.4 cm deep. A primer was used to enhance the bond
between the nosing material and the concrete bridge slab, as
well as between the nosing material and the steel angle. The
square bridge seal, a dense foam material with longitudinal
grooving on each vertical face, was bonded to the steel angle
retainers with an epoxy. The foam seal allowed for elongation
of approximately 20 percent, and the elastomeric concrete
yielded an average compressed strength of 8867 kPa.

Bridge Joint B

Bridge Joint B consisted of two-cell neoprene bridge seal
seated between a nosing of soft polymeric concrete approx-
imately 7.6 cm wide by 2.5 cm deep on each side. The neo-
prene seal had small protruding fins running longitudinally
down each side and was bonded to the polymeric concrete
nosing with an epoxy adhesive. The seal was pressurized against
the polymeric nosing until the adhesive curing was complete
and allowed for an ultimate movement range of + 50 percent.
The polymer concrete was a pourable self-leveling material
that required no primer and had an initial set time of ap-
proximately 1 hr.
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Bridge Joint C

Bridge Joint C consisted of a winged, multicell Santoprene
compression seal with the wings imbedded in a header of
polyurethane elastomer concrete approximately 7.6 cm wide
and 3.2 cm deep. An elastomer bond coat was used between
the seal wings and the various layers of the elastomer concrete
header. The Santoprene seal allowed for elongation in excess
of 300 percent and the wings used slotted holes for additional
bonding and load transfer. The elastomer concrete nosing had
an initial cure of approximately 4 to 6 hr.

Bridge Joint D

Bridge Joint D consisted of two steel retainer bars anchored
on each side with an angled bar 1 cm in diameter in a soft
elastomeric concrete nosing, approximately 12.7 cm wide by
5.1 cm deep. A V-shaped neoprene strip seal was seated in
the retainer bar and bonded with an epoxy. The strip seal

6.4 cm

\I%—%i

CONCRETE BRIDGE SLAB
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was designed to accommodate horizontal movement up to
10.2 cm. The elastomeric concrete nosing material took ap-
proximately 2 hr to cure and yielded a compressive strength
of 15 169 kPa after 7 days.

Bridge Joint E

Bridge Joint E consisted of two elastomeric concrete nosings,
each approximately 5.1 cm wide by 2.5 cm deep, separated
by a compressed form-backer rod and a sealant of poured
elastomer. A polymer conditioner was required for proper
bond between the elastomeric concrete nosing and the con-
crete test track, as well as between the elastomeric concrete
nosing and the poured elastomer seal. The seal, poured to a
depth of approximately 0.6 cm over the center of the backer
rod, required heat lamps for proper cure. The joint material
required approximately 4 hr for initial cure. It was designed
to accommodate an elongation of approximately 25 percent.
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FIGURE 7 Bridge expansion joint system: Joint E.
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TEST RESULTS
Bridge Joint A

After 600 repetitions of wear testing, the foam seal of this
joint developed slight markings and collected small pieces of
burnt rubber from the tires. After approximately 35,000 rep-
etitions, the markings developed into slight scratches that
continued to form throughout the normal wear test. Some
slight separation between the foam seal and the armor angle
occurred with depths of approximately 0.3 cm. At the con-
clusion of all testing, the foam seal exhibited some grooving
and separation along the steel angle bond line to a depth of
approximately 0.6 cm. The elastomeric concrete exhibited
only slight signs of wear throughout the entire testing, ex-
posing some small aggregate. The steel angle retainers ex-
hibited no problems.

The joint performed satisfactorily throughout the test pro-
gram. The minimum SLE for this joint is

260,450
44,715

= 5.8 years

Bridge Joint B

The polymer concrete nosing of Joint B showed signs of wear
during the early stages of the normal wear test. The wear
increased with the development of large, deep cracks and
incipient spalling throughout the header material after ap-
proximately 44,000 repetitions of normal wear testing. The
abrasion test brought spalling of the header material and sep-
aration of the bond between the polymer concrete and the
concrete test track, with resulting gaps approximately 0.3 cm
to 0.6 cm wide. Small gaps also appeared in the bond between
the neoprene seal and polymer concrete nosing. During the
impact testing large bits of polymer concrete broke off at the
nosing. A liquid polyuria material was applied to the damaged
areas of the polymer nosing in an attempt to repair the damage
and reseal the bonds. The repair material seemed to perform
fairly well throughout the remainder of the impact testing
(approximately 90,000 repetitions). However, by the end of
all testing, numerous cracks had developed in the repair ma-
terial.

The SLE for this joint, as a result of early nosing failure,
is

40,000
44,715

= 0.9 years

The SLE for the nosing material repaired with the polyuria
patch is

90,000

24715 = 2.0 years

Bridge Joint C

The elastomer concrete nosing displayed only slight wear dur-
ing the normal wear test, with a slight collection of debris
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noted in the grooves of the seal. The abrasion test brought
continued minimal wearing of the elastomeric nosing, with a
small crack observed at the end of this phase (approximately
144,000 repetitions). The Santoprene seal collected a large
amount of debris in the top grooves, but it did not appear to
be damaged. The early portion of the impact testing revealed
signs of spalling in the edge of the elastomeric nosing. A small
piece (approximately 1.9 cm long) broke away at the seal-
nosing bond line after approximately 243,000 repetitions. On
further impact, larger chunks of the nosing material broke
off; the largest of these was approximately 15.2 cm long.
Other signs of incipient spalling also were noted on both sides
of the joint. The Santoprene seal resulted in slight wear, with
a 5.1-cm tear in the seal wing at the bond line between the
wing and the seal body.

The initial signs of nosing material failure yield an SLE of

144,000
44,715

= 3.2 years

The occurrence of more severe deterioration of the nosing
material and winged seal gives a cumulative SLE of

243,000
44,715

= 5.4 years

Bridge Joint D

The soft elastomeric concrete header material in Joint D ex-
hibited moderate wear during early stages of the normal wear
test. There was a 0.3-cm groove by the end of that testing,
after approximately 74,000 repetitions. The nosing material
continued to wear down during the abrasion test to a depth
of approximately 1.3 cm below the riding surface. The elas-
tomeric concrete material was repaired at the end of the abra-
sion test because of concern that the tires might be damaged
on the sharp edge of the retainer bar. The impact testing
resumed and the header material quickly spalled to its earlier
state. It was then removed and replaced for the remainder of
the testing (approximately 116,000 repetitions) with a more
heat-resistant elastomeric concrete that appeared to hold up
well. The retainer bar assembly and neoprene seal showed
little or no sign of wear during the testing program.

The classification of extreme nosing material wear as an
early stage of failure gives an SLE of

74,000
44,715

= 1.7 years

The new higher heat-resistant nosing material performed
satisfactorily for the period that it was in place for testing, -
yielding a minimum SLE of

116,000

24715 = 2.6 years

Bridge Joint E

After approximately 6,000 repetitions, Joint E failed in bond
between the elastomeric concrete and the ‘elastomer seal. It
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was determined that the joint material was improperly in-
stalled and the joint was removed and replaced. The normal
wear test proceeded with slight signs of wear and separation
of the bond between the elastomeric concrete and the elas-
tomer seal after approximately 112,000 repetitions. During
the abrasion test, this bond separation continued to grow to
approximately 0.3 cm in depth, and the elastomeric concrete
nosing began to wear down. Signs of spalling appeared on
the surface of the nosing material. During the impact test, a
complete separation between the elastomeric concrete and
the elastomer seal occurred in the areas of tire contact. Slight
spalling and increased wear also were noted in the elastomer
concrete nosing.

The SLE for this joint, as a result of early debonding and
wear, is

112,000
—3:‘:7—1? = 2.5 years
CONCLUSIONS

Time and cost are major obstacles in the testing of new system
technology for bridge joints under the effects of full-scale
loading. To date, most full-scale testing has occurred only
through the installation of new products on actual Interstate
bridges. Although these applications certainly provide the
most realistic results, monitoring programs can require years
to gather enough load-cycle information to prove or disprove
a joint product. In addition, routine inspection of the joint
applications can be impractical or virtually impossible because
of heavy traffic volumes. Costs for such tests can prove ex-
cessive because of material quantity and maintenance-of-traffic
requirements, and can continue to increase if the products
being tested fail prematurely and require replacement.

The full-scale accelerated testing apparatus in operation at
the University of Central Florida has proven to be a timely,
cost-effective means of testing bridge joint systems. The joint
applications require placement of only a few linear feet of
material and can be observed and inspected daily. The field
observations of various component deficiencies experienced
during this testing program are consistent with actual defi-
ciencies and problems encountered in live applications. Spe-
cifically, live field applications of Bridge Joints B and C were
inspected during the testing program. Both joint products
were located on heavily traveled Interstate routes in central
Florida with similar conditions to those in the test simulation.
In each case, the bridge joints exhibited wear deficiencies
identical to those experienced on the test track. Both Bridge
Joint B applications—actual and test track—exhibited wear-
ing and spalling of the nosing material and a debonding of
the nosing material to the bridge seal. Both Bridge Joint C
applications exhibited cracking and spalling of the nosing ma-
terial over the seal wings under impact loading. In addition,

S3

the simulated life durations calculated during this program
are consistent with information collected from field obser-
vations and maintenance reports. It can be concluded that
test results are relevant and representative of actual condi-
tions.

Several consistencies in the various joint deficiencies also
were observed. First, several of the joint applications revealed
that the bond line between the seal and the nosing material
is a weak link in the joint system. The bonding of soft, pliable
materials to rigid epoxy bonding agents appears to be sus-
ceptible to the movements encountered under impact and
cyclic loading. Second, the softer nosing materials appear to
accommodate impact loading acceptably but are less resistant
to excessive wear and abrasion than the harder materials.
Conversely, although the harder materials are more wear re-
sistant, they appear to be brittle and susceptible to spalling
under impact loading. Steel armored headers obviously were
the best component for resisting impact load if the anchorage
systems were properly seated in the nosing material. Third,
all nosing materials required precise mixture and placement
techniques to ensure their intended performance. There seemed
little room for error with any of these materials, as witnessed
by the fact that Bridge Joint B debonding problems resulted
from improper surface preparation and Bridge Joint E had
to be removed and replaced early in the testing program be-
cause of improper placement.

Finally, it should be noted that the full-scale accelerated
testing afforded the bridge joint manufacturers the oppor-
tunity to identify weaknesses in their products and to make
improvements to their systems. As a result, the physical char-
acteristics of Bridge Joint C have been modified and the chem-
ical properties of Bridge Joint D nosing material were ad-
justed as discussed.

It can be concluded that full-scale accelerated testing for
bridge joint systems is a timely, feasible method of obtaining
realistic results. The determination of proper individual com-
ponent characteristics to be included in a given bridge joint
system must be based on site-specific criteria such as location,
joint movement requirements, and characteristics of local traffic.

Recommendations for future testing include these obser-
vations: Temperature sensors should be installed on the bridge
slabs to measure temperature variations during operation.
Strain gauges may be placed on the joint nosing to measure
strains or stresses. Measurement can be undertaken with a
system of computerized data acquisition already at the UCF
test track facility.
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Rational Weather Model for

Highway Structures

J. LEROY HULSEY AND DONALD T. POWELL

Empirical time-dependent equations for ambient air temperature,
solar radiation, and wind speed are presented for summer and
winter air temperature extremes at two sites for hourly solar
radiation-surface meteorological observations (SOLMET): Co-
lumbia, Missouri, and Fairbanks, Alaska. The time-dependent
equations, in recurrence periods from 1 to 100 years, give engi-
neers a rational basis for selecting a climatic exposure for a desired
design period. These time-dependent models may be incorpo-
rated into finite element or finite difference heat-flow programs
to calculate temperature variations through members of highway
structures. Examples demonstrate how a weather exposure may

be selected at a geographic location. Mean recurrence of bridge -

temperature is presented for composite, box girder and T-beam
bridges. The Fairbanks, Alaska, models of weather exposure were
used previously to study thermal stresses and movements for a
50-year design event in a jointless composite-girder bridge located
in the Arctic.

Ambient air temperature, solar radiation, cloud cover, wind,
and precipitation are predominant atmospheric components
of weather that cause heat flow in highway structures (1-6).
These atmospheric phenomena cause temperatures in outdoor
structures to vary nonlinearly with time; temperature changes
induce thermal movements and stresses. The magnitude of
thermal movements and thermal stresses are affected by tem-
perature profiles, superstructure geometry, material proper-
ties, and restraints imposed by connections and substructure
stiffness.

The design of structures that are safe and maintenance-free
may. require two types of weather models to account for ther-
mal effects: one to account for weather extremes with a return
period and the other to characterize daily chaos over time so
that material damage accumulation may be examined. The
importance of these complex time-dependent weather-structure
interaction phenomena in relation to other loads is not well
understood (7-10).

Because of the complex nature of an environmental ex-
posure, there has been some reluctance to determine recur-
rence for thermal loading. In 1984, Church and Clark (7)
presented probable combinations of highway and temperature
difference loads. Recurrences in temperature differences were
based on a guess of observed bridge gradients by Emerson
(11) for the British Isles and later modified. Potgieter and
Gamble (4) studied prestressed bridges for extremes at 26
climatic sites established by the National Oceanic and At-
mospheric Administration for hourly solar radiation-surface
meteorological observations (SOLMET). Later Kuppa and

J. L. Hulsey, Department of Civil Engineering, University of’ Alaska
Fairbanks 99775. D. T. Powell, Boeing Commercial Airplane Group,
P.O. Box 3707, Seattle, Wash. 98214.

Roeder (6) used 11 climatic SOLMET data sites to study
extremes in thermal movements for three bridge types. Nei-
ther study compared exposures to a return period. Hulsey (2)
and later Hulsey and Powell (5) showed that recurrence pe-
riods may be determined for annual temperature extremes.
In 1989, Ho (I10) suggested a random technique for 50-year
extremes of thermal highway loading on highway bridges in
which attention was given to a statistical approach.

A weather model is presented in this paper to provide a
mechanism for assessing environmental factors on response
and performance of highway structures. The model approx-
imates maximum summer Or minimum winter air temperature
days with return periods of 1 to 100 years at two sites: a cold
climate in Fairbanks, Alaska, and a hot climate near Colum-
bia, Missouri. Daily maximums, averages, and minimums also
are presented for air temperature and solar radiation at each
site. This type of model may be used to compare structural
temperature profiles from different climates. No attempt is
made to include precipitation, wind fluctuations, or spring
and fall conditions or to characterize diurnal irregularities.
These considerations are under study and will be presented
later.

BACKGROUND

Bridge engineers use two design approaches to account for
thermal effects: expansion devices and jointless decks. The
conventional design approach assumes that bridge deck ex-
pansion devices and expansion bearings allow bridges to ex-
pand or contract without restraint. Yet it is common to find
improperly tilted and frozen bearings, inoperative expansion
devices, and distressed appurtenances; these examples show
that free movement does not exist (12). Some states design
bridges with jointless decks supported by bearings or flexible
bents, or both (6,12-14). In either case, Emanuel and Taylor
(15) showed that bridge length does not influence stress
inducement.

The methodology for calculating movements and stresses
involves three steps: (a) characterizing climatic exposure; (b)
determining structural temperatures with respect to construc-
tion conditions; and (c) using the internal strains caused by
temperature to calculate deformations and strains and stresses
(2,4,9,14,16-19).

Most research to date has focused on Step b, identifying
temperature profiles for different bridges of various expo-
sures, or Steps b and c, assessing stresses and movements for
different bridge types. Bridge temperatures in the literature
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are usually based on field-measured structure temperatures
(16,17,20-22), calculations using exposures measured for a
limited time (19), or laboratory studies (15,18,23—-25). Some
studies have used climatic data to approximate extremes (2—
6,14). Others have approximated temperature profiles with
polynomials (8,9,21,26), but no provisions were made for
differences in climate or return periods.

In summary, weather-induced thermal stresses can be large
and should be considered in design, little understanding exists
of the interaction between weather and induced movements
and stresses, and AASHTO gives limited guidelines to ac-
count for movements, with no guidelines for thermal stresses
and no provision for regional climates and design periods.
Prediction of induced thermal stresses and movements ne-
cessitates a rational method for determining both extreme
weather conditions affecting structures in a given geographic
region and anticipating climatic conditions over the life of the
facility.

SITE CLIMATIC DATA

Tapes were examined of hourly surface observations for Fair-
banks, Alaska (1952-1976) and Columbia, Missouri (1946—
1965), combined with annual summaries to 1987 (27). Fair-
banks is at a latitude of N64°49’ and Columbia is N38°45'.

Irregularities aside, weather follows two trends: annual and
diurnal. Annual trends account for seasonal change from win-
ter to summer and diurnal trends account for warming during
the day and cooling at night. Daily trends may be altered by
clouds, precipitation, and circulating cool or warm air masses
to the region (2,3).
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Annual Trends and Extreme Events

Heat transfer occurs through a highway structure by conduc-
tion, convection, solar radiation, and thermal long-wave ra-
diation. Climatic boundary conditions such as air tempera-
tures influence both long-wave radiation and convection, wind
contributes to convective cooling, and solar flux provides heat
to pavements and bridge decks (Figure 1). Precipitation can
modify these influences. If contributions of precipitation and
variations in wind velocity are ignored, daily accumulated heat
transfer energy on the boundaries is a function of ambient air
temperature (7,), solar radiation (Q,), wind (v), for day (d),
or

9(t) = fIT); Qu(); vs .. ] 1= d (annual) (1)
Empirical annual expressions for each of the contributions of
Equation 1 were determined for Fairbanks, Alaska, and Co-
lumbia, Missouri, and are presented herein for consideration.

Ambient Air Temperature

It is valid to assume that annual trends in ambient air-tem-
perature will follow a periodic cycle (2) of the form

2w(d — )

T, = i
4 Adsm[ 363

]+Bd 0=d =365 2)

where

T, = daily temperature,
A, = annual temperature fluctuation about yearly aver-
age,
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FIGURE 1 Pavements and bridges subjected to climatic conditions.
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B, = average yearly temperature,
v = lag in days, and
d = day of the year.

Figure 2 presents record maximum, minimum, and average
daily ambient air temperatures for the 25-year period 1952—
1976 at Fairbanks, Alaska, and Figure 3 represents the 20-
year period 1946-1965 at Columbia, Missouri. Applying the
Equation 2 curve fit using a regression analysis (28) for record
maximum, minimum, and average daily ambient tempera-
tures resulted in curves A, C, and B, respectively. Curves D
and E are high and low temperatures valid for concrete place-
ment. Table 1 provides Equation 2 coefficients for T,;,, T,,
and T,,,, without regard for recurrence.

Although both ambient air temperature and solar radiation
influence bridge temperature profiles significantly, air tem-
perature has a dominant effect (2,16,17). For present pur-
poses, the weather model corresponds to ambient air tem-
perature extremes.

Hourly tape temperature data and annual summaries iden-
tify yearly record minimum and maximum temperatures for
the period 1930 to 1987 for Fairbanks, Alaska, and the period
1921 to 1987 for Columbia, Missouri. These annual maximum
and minimum temperatures were separated into data sets and
ranked in ascending order for each site. An estimate of re-
currence is given elsewhere (29) as

&)
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= recurrence in years,
rank, and
number of years in data set.

The probability P that an annual temperature will be equaled
or exceeded in a given year is

“

In 1941, Gumbel (29) reported that recurrence may be
estimated statistically if probability is expressed in the form
P=1-¢°" 5)
where P is the probability of occurrence that an event will be

equal to or greater than an extreme event, and e is the base
of Napierian logarithms. For this study, b is given by

1

b = m (T — T + 0.450) (6)

in which T is a temperature extreme with a probability P, T
is the arithmetic average of annual temperature extremes in
the data set, and o is the standard deviation computed from
= 172

[2 (T — T)2]

g = Y, .

N 1 ™)
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FIGURE 2 Curve fits for observed daily air temperature for the 25-year period 1952-1976,

Fairbanks.
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. } Return periods for yearly maximums and minimums of air
= - temperature are shown in Figures 4 and 5, respectively, for
. W 40 ! A » TeSf ;
o0 i /0L e 1 the two sites. Assuming that the annual variation (4,) and
. 80 roalls day lag (y) of Table 1 are valid for maximum and minimum
temperature return periods, B, will vary with recurrence (Table
& 60 S 2). A ratio (§,) is used to measure air temperature at some
E < return period to the 100-year event. Each summer, maximum
& 40 air temperatures are expected to reach ~82 percent of the
% ' 100-year event in Fairbanks and about 79 percent of a 100-
~ 20 R year event in Columbia. The 100-year event in Fairbanks is
2E 36.67°C (98°F) and in Columbia, 45.56°C (114°F). Each win-
e B8 ) . L ':fq ter, minimum air temperatures are 43.8 percent of the 100-
0 50 100 150 200 250 300 350 year event in Fairbanks and —36.3 percent in Columbia. The
DAY 100-year event in Fairbanks is —58.3°C (—73°F) and in Co-
FIGURE 3 Curve fits for observed daily ai ture f lumbia, —32.78°C (=27°F).
the 20-year perl;;;elgz:){9gsse£‘¢;ium:;ay air temperature for Record temperatures between 1952 and 1976 for Fairbanks
‘ ’ ) were 34.4°C (94°F), a 30-year event, and —52.2°C (—62°F),
TABLE 1 Ambient Air Temperature, Annual Trends
Site: High Temperatures, T, Low Temperatures, T,,,
Ad Bd Y [o] pe wW peratur
Annual Temperatures °F °C °F °C (days) °F °C days  recur(yrs) °F °C  days recur(yrs)
Fairbanks, Alaska:
i 29 161 56 - 13.3 100 85 29.4 191-192 1.5 27 -28 89 --
Maximum, Ty 0y
39 217 26 -33 100 65 18.3 191-192 -- -13 -256.0 89 --
Average, T, @
i 51 28.3 -45 -20.3 104 46.5 8.0 195-196 - -56.5 -48.6 12-13 5
Minimum, T, o)
Columbia, Missouri: .
Maximum, T 20 1.1 85 294 110 || 105 406 201202 10 65 183 1819 -
' 14 uax)
- 25 139 55 128 110 80 26.7 201-202 - 30 -1.1 18-19 =
Average, T, @
Minimum, T, .. 30 167 25 -39 110 55 128 201202 - 5 206 1819 2
' )
115 a5
COLUMBIA, MISSOURI :
el - ]a0 .
B o c 5
w T . - g
= : Lo : : 2 2 2
£ o5 FARBANKS, ALASKA = = =
'6"_' . . Lol . lﬁ_u E li.l
= = = =
[ = o I
85_
75 N N N S : .
1 , 10 100
RECURRENCE (years) RECURRENCE (years)
FIGURE 4 Recurrence for maximum daily air temperatures. FIGURE 5 Recurrence for minimum daily air temperatures.
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TABLE 2 Recurrence Coefficients for Ambient Air Temperature Extremes

Recurrence Maximum Temperature, Hot Days Minimum Temperatures, Cold Days
Period Daily Maximums Diurnal Daily Minimums Diurnal
(Years) Variations Variations
T max E A, By Y A, vy Torin £ Ay By Y A, vy
°C (°F) ’ (°F) (°F)  (day) (°F)  (hour) [ °C (°F) 7 (°F) (°F)  (day) (°F)  (hour)
Fairbanks:
1 26.7(80) 0816 29 51 100 15 12 -35.3(-32) 0438 51 19 104 5 -6
2 30.0(86) 0878 29 57 100 15 12 -45.0(-49) 0671 51 -1 104 5 -6.
5 31.7(89) 0908 29 60 100 15 12 -48.3(-55) 0.753 51 -4 104 5 -6
10 32.8(91) 0928 29 62 100 15 12 -51.1(-60) 0822 51 -9 104 5 6
20 33.9(93) 0949 29 64 100 15 12 -63.3(-64) 0877 51 -13 104 5 -6
50 35.6(96) 0980 29 67 100 15 12 -56.1(-69) 0945 51 -18 104 5 -6
100 36.7(98) ) 1.000 29 69 100 15 12 -58.3(-73) 1.000 51 -22 104 5 -6
Columbia:
1 32.2(90) 0790 20 70 110 15 9 -12.2( 10) -0.363 30 40 110 11 9
2 37.8(100) 0877 20 79 110 15 9 -20.6(-5) 0201 30 25 110 1 9
5 39.4(103) 0910 20 83 110 15 9 -23.9(-11) 0415 30 19 110 11 9
10 41.1(106) 0932 20 86 110 15 9 -26.1(-15) 0557 30 15 110 1 9
20 42.2(108) 0953 20 88 110 15 9 -27.8(-18) 0692 30 12 110 11 9
50 43.9(111) 0980 20 2l 110 15 9 -30.6(-23) 0.868 30 7 110 11 9
100 45.6(114) 1.000 20 94 110 15 9 -32.8(-27) 1.000 30 3 110 11 9
Note: ¢ = -1 for maximum; g, = —TM Note: ¢=1 tor minimum conditions; th)—
(d-100yrs) (d-100yrs) -

a.15-year event. In Columbia, record temperatures were 45°C
(113°F), an 80-year event, and —28.3°C (—19°F), a 22-year
event.

Solar Radiation

The maximum, average, and minimum daily solar radiation
(direct and diffuse) incident on a horizontal surface was ex-
amined at each site. In addition, daily solar radiation corre-
sponding to maximum and minimum air temperature days
was evaluated. Variations in solar radiation from year to year
on a given day indicate fluctuations in factors such as industrial
pollution, air turbidity, ozone, and cloud cover. A regression
analysis (30) in the form of a general Fourier series expansion
was selected to fit daily solar; the fit is of the form

N N
Q.= a, + 2 a,sin (n\) + >, b, cos (n\)
n=1 n=1

P C )]
A=2m s (®)
where
Q, = amount of daily solar radiation incident upon
a horizontal surface;
a, = average daily solar radiation;
a, and b, = the amplitudes of the series;

Q) = lag in days; and
d = day of the year.

Satisfactory convergence was attained with two terms (N =
2) for Fairbanks and one term (N = 1, b, = 0) for Columbia.
Figures 6 and 7 and Equation 8 coefficients of Table 3 show

Fourier series fit for maximum, minimum, and average daily
trends in solar radiation throughout the year for Fairbanks
and Columbia, respectively. Solar radiation corresponding to
maximum (Q, . ey and minimum (Q,_ min)y, temperature
days is assumed appropriate for recurrences (Table 3).

Wind

In Fairbanks from 1952 to 1976, the dominant range of maxi-
mum wind speed varied between 0 and 8.9 m/sec (0 and 20
mph) with a daily average maximum of 2.2 m/sec (5 mph).
Wind speeds corresponding to maximum and minimum tem-
perature days were predominately less than 2.2 m/sec (5 mph).
In Columbia the average wind speed was 4.0 m/sec (8.9 mph)
and 4.7 m/sec (10.6 mph) for maximum and minimum tem-
perature days, respectively.

Diurnal Trends and Extremes

For simplicity, wind speed was generally low and therefore
considered constant. Precipitation was not included. There-
fore, heat transfer energy at any time ¢ during the day is
assumed to be a function of ambient air temperature, [T,(1)],
solar radiation [1,(¢)], wind [v(7)], and other factors expressed
by

q(t) = fIT.(0); L(0); v - . J t = (diurnal) C)]

The trends show that summer extreme temperatures occur on
days 191 and 192 in Fairbanks, Alaska, and days 201 and 202
in Columbia, Missouri. Similarly, winter extremes occur on
days 12 to 14 and 8 and 9 for Fairbanks and Columbia, re-
spectively. Diurnal equations for ambient air temperature,
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FIGURE 6 Curve fit of daily accumulated solar radiation incident on a horizontal surface,

Fairbanks.

corresponding solar radiation, and wind speed for these sum-
mer and winter temperature days are presented here.

\

Air Temperature

Trends in diurnal ambient air temperature are of the form
@.5)

. h—-V
T.() = A, sin 27 (T)
. 2w(d — v + h/24
+ A, sin ( 365 ) B,
B, = B, + ¢A, (10)

O = N W d e~ @ @
(W/m2)

50 100 150 200 250 300 350
DAY

FIGURE 7 Curve fit of daily accumulated solar
radiation incident on a horizontal surface,
Columbia.

where

T, = air temperature,

h = hours,
¥ = hourly lag,
A, = half the daily temperature range,

=
I

average of daily temperature, and
¢ = —1for summer (maximum), 0 for average, and 1 for
winter (minimum).

The daily range in temperatures observed at each site is shown
in Figure 8. In Fairbanks, ~75 percent of the days had tem-
perature ranges between 5.56°C (10°F) and 13.89°C (25°F).
About 82 percent of the days in Columbia had temperature
ranges between 8.33°C (15°F) and 16.67°C (30°F). A random
sample of the temperature extremes was used to obtain the
daily ranges for the summer and winter recurrence equations
(Table 2).

Solar Radiation

The intensity of solar radiation received on a horizontal sur-
face at any time ¢ measured from sunrise may be expressed
as (2,3,31)

L(®H =0 (hy > h > hy) (11a)
2 h —

L@ = 29, sin? ﬁ(—h—“) (hey =h=<hy) (11b)
’ dh dh

where

Q, = daily integral of solar radiation given of
Equation 8,
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TABLE 3 Coefficient for Daily Solar Radiation
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Ste: Coefticients, W-hfm? (Btufft?) Q Valid Range
Conditions a, a, b1 b1 bz (days) (days)
Fairbanks, Alaska:
Maximum, Qy gmasy 3482 (1105) 3976 (1262) 142 (45) 63 (20) -353 (-112) 80 13<d<338
’ [MAX,
Average, Q, ey 2395 (760) 2782 (883) 214 (68) 246 (78) -290 ( -92) 80 14<d<9
' d (g
MINImUM, Q) oiny 1040 (330) 1273 (440) 110 (35) 94 (30) -253 ( -74) 80 18<d<353
Max temp days, (Qy ), 2962 ( 940) 3845 (1157) 123 (39) -9 (-3) -627 (-199) 80 19<d<344
Min temp days, (Q,.), 2075 (849)  2899(920)  79(25) 139 (44) -38 (-12) 80 11<d<332
. -min’yr .
Columbla, Missouri:
Maximum, Q, 6648 (2110) 3056 (970) 0 0 0 82  0<d<365
Average, Qy o 4439 (1409) 2442 (775) 0 0 0 82 0<d<365
Minimum, Qd ) 1207 ( 383) 1084 (344) 0 0 0 99 0<d<365
Max temp days, (@0, 0155 (1636)  2078(345) 0 0 0 82 0<d<365
Min temp days, (Qy-um 5318 (1688) 2580 (819) O 0 0 82 0<d<365
bl
h, and hy, = hour at sunrise and sunset, where I is day angle and d is day of the year. The latitude,
d, = length of day (sunrise to sunset), $, is N64°49’ in Fairbanks and N38°45’ in Columbia. Esti-
h = hour measured from sunrise, and mations for the declination of the sun and day length at Fair-
t = time in hours measured from midnight. banks International Airport compared well with ephemeris
The length of day may be approximated by (32) values.
d, = 2 arc cos [~ tand tand] a2) STRUCTURAL TEMPERATURE CALCULATIONS

15

where ¢ is the geographic latitude in degrees (north positive).
The declination of the sun, 3, may be approximated (33) by

3 = (0.006918 — 0.399912 cosI"
+ 0.070257 sinl" — 0.006758 cos2I'
+ 0.000907 sin2I" — 0.002697 cos3I’

+ 0.00148 sin3T) (180>

_2n(d - 1)
I'="3:s (13)

TEMPERATURE (°C)
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FIGURE 8 Histogram of temperature differentials,
Fairbanks and Columbia.

Assuming that a highway structure is isotropic with constant
thermal properties over length (Figure 1) temperatures will
vary with time through the cross section away from the ends
in accordance with the familiar heat flow equation:

?*T T oT
(5; + ——2) + Q(t) = Cp - (14)
in which

T = temperature in the structure at x, y, and
time ¢;
O(f) = heat generated per unit volume (e.g.,
heat of hydration or freeze-thaw);
#T/ox?, 3*T/dy* = temperature gradients;
dT/ot = change in temperature; and
k, ¢, p = conductivity, specific heat, and density,
respectively.
Table 4 gives thermal properties.” Either finite element or
finite difference techniques may be used to solve Equation
14 accurately (2,4,23).
Mean air temperature [7,,(d)] may be used for initial tem-

- peratures, provided analysis is started at least one day earlier,

so (2,4) ‘
T(x,y, 0) = T,(d) v (15a)

At any exterior surface exposed to weather, energy is trans-
ferred by the Fourier expression of

k—l +k§11 + qb,t) =0 (15b)
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Material Thermal Properties
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ltems

Values

References

1. Material Properties:
Density, p

air

Asphalt

Concrete

Steel
Specific heat,c

air

Asphalt

Concrete

Steel
Conductivity, k

air

Asphalt

Concrete

Steel
Diffusivity,a = cp/k

asphalt

concrete

steel

kJm3; (IBjf)

1.3 (.081) _

2100 - 2580 (130 - 160)

2243 - 2723 (140 - 170)

7834 - 7850 (489 - 490)

J/k8-°C; (Btu/lb-° F)

922 - 1000 (0.22 - 0.24)

838 - 1673 (0.20 - 0.40)

922 - 1170 (0.22 - 0.28)

464 (0.111)

Wim-°C; (Btulft*~hr-°F)

0.023 - 0.028 (.040 - 0.05)

| 0.69-09 (1.21- 1.58)

| 1.4-3.7(0.8-2.1)
45-54 (26 -31)

m?[s; (ft¥/hr)

0.2¢-06 - 0.5e-06 (0.024 - 0.06)

0.5e-06 - 1.5¢-06 (0.06 - 0.2)

4.3e-06 (0.570)

2,4,40,41,42,43

2,4,40,41,42,43

2,4,40,41,42,43

2,4,40,41,42,43

2. Boundaries Coefficients:
Flim Coefficient, i,

Fairbanks wind (0 - 2.2 m/s)
Columbia wind (0 - 4.7 rmvs)

Absorptivity, a

asphalt pavements, decks 0.90
concrete pavements, decks  {0.50 -
steel decks(rusted) 0.65 -
steel decks (new paint) 0.12 -
layer of ice 0.3
layer of snow, frost 0.13
Emissivity, €

asphalt pavts, decks 0.92
concrete pavts, decks 0.88
steel decks (rusted) 0.80
steel decks (new paint) 090 -
layer of ice 0.96
layer of snow, frost 0.91

Wim*-°C; (Btulft*-°F)
5.68 - 22.2 (1.0 - 3.9)
5.68 - 333 (1.0 - 5.87)

0.80
0.80
0.15

0.95

4,22,35,36.37

2,4,40,41,42,43,44

2,4,40,41,4243,44

where

0T/ox and §7/3y = change in temperature in x and y di-
rections,

L., I, = direction cosines at boundary,
q(b, f) = heat flow from exposure, and

b = x,y coordinates along pavement or deck.

At a pavement surface, bridge deck, parapet, or any exterior
face exposed to the sun, g(b,¢) has contributions of solar flux,
q,(t), convection, g.(b,t); and thermal radiation, g,(b,f). At
the underside of a bridge, q(b,f) consists of convection and
thermal radiation (Figure 1).

The heat transfer components of Equation 15b may be
determined from the weather model for air temperature, solar
radiation, and wind. Heat gain due to the sun’s rays received
on a deck or pavement may be expressed daily or hourly by

_ I(t) = Q,(Equation 8, annual
9:(t) = oL(t) {Is(t) =1, (Eq?lation 11, diurnal)) (16)

in which a is an absorption coefficient (Table 4) and [(¢) is
the sum of direct and diffuse solar radiation incident upon a
horizontal surface. By separating direct and diffuse, any angle
of tilt can be accounted for with respect to the horizontal
plane (34).

Heat transfer by convection is given by Newton’s law of
cooling, or

qb, 1) = h[T(b, 1) — T (1] €0
where
h. = film coefficient depending on surface texture,
slope, and wind speed |4, is defined in the lit-
erature (22,35-37)];
T(b, ) = temperature of body boundary, and
T,(¢) = air temperature given by Equation 2 (annual) or

Equation 10 (daily).

Heat transfer between the structure and the surrounding
atmosphere resulting from long-wave radiation produces a
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boundary that is nonlinear and time-dependent. It can be
modeled by

q.(b, 1) = ae[6(b, )* — O,(¢)*] (18)

where

o = Stephen-Boltzman constant = 5.677 X
10-8 W/(m? — °K*) or 18.891 x 10~8 Btw/
(hr — ft2 — °K%),
¢ = emissivity coefficient that relates radia-
tion of a gray surface to an ideal black
body (0 < ¢ = 1), and
O(b, 1), ©,(f) = boundary and air temperature in degrees
absolute, respectively..

Values are presented in Table 4.

BRIDGE EXPOSURE

AASHTO (38) states that “provisions shall be made for stresses
or movements resulting from variations in temperature. The
rise and fall in temperature shall be fixed for the locality in
which the structure is to be constructed and shall be computed
from an assumed temperature at the time of erection.”” The
AASHTO provisions give a range of mean bridge tempera-
tures for steel bridges of 83.3°C (150°F) for cold climates and
66.7°C (120°F) for moderate climates. A rise of 17°C (30°F)
and fall of 22°C (40°F) of mean bridge temperatures is given
for concrete bridges for moderate climates and a rise of 19°C
(35°F) and fall of 25°C (45°F) in cold climates.

Mean Bridge Temperatures and Movements

A 1991 National Science Foundation report by Kuppa and
Roeder (6) provides insight into movements in relation to
exposure. Movements were calculated and compared with
AASHTO using mean temperatures for three types of bridges
at 11 SOLMET climatic sites. Columbia, Missouri, was one
of the sites Kuppa and Roeder studied. Linear equations for
maximum and minimum mean bridge temperature were €x-
pressed as a function of maximum, minimum, and air tem-
perature in the form

© =a+bT (19)

where

© = mean bridge temperature,
a and b = constants, and

T = maximum or minimum air temperature. The
equations are based on 50 years of temperature
extremes and clear sky solar radiation. Assum-
ing that these linear relationships are valid for
return periods, T is replaced by return period
temperatures giving summer and winter expo-
sure.
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Summer Exposure

Using Table 2, maximum mean bridge temperatures in de-
grees centrigrade are

(Oma)ys = —3.88 + 1.015 (Trar)ys composite (20a)
(Oma)ye = —2.19 + 0.979(Tsr),e  box girder (20b)
(Oumar)yr = —6.74 + 0.9526(T,na),,  T-beam (20c)

Winter Exposure

Using Table 2, minimum mean bridge temperatures in degrees
centrigrade are

(Omin)ys = —6.74 + 1.096 (Trin),  composite (21a)

(Ormin)yr = —12.88 + 1.186 (T,rin),, Box, T-beam (21b)

The proposed modifications to Kuppa and Roeder’s equa-
tions (6) suggest that 50-year maximum mean bridge tem-
peratures for a composite bridge would be 39.94°C (103.9°F)
and 48.4°C (119.2°F) for Fairbanks and Columbia, respec-
tively. The 50-year minimums would be —54.8°C (—66.66°F)
for Fairbanks and —26.7°C (—16.1°F) for Columbia. These
are temperature ranges of 94.4°C (170°F) for Fairbanks and
75°C (135°F) for Columbia. Kuppa and Roeder suggested
65.4°C (117.7°F) as the mean bridge temperature range for
Columbia, but no recurrence was given. The value suggested
by AASHTO is 83.3°C (150°F) for a cold climate.

Fairbanks Bridge Temperatures and Stresses

Bridge temperature variations, stresses, and movements in a
composite bridge subjected to Fairbanks weather extremes
were studied for the effects of varying thermal strain coeffi-
cients (39). Exposures consisted of three 50-year extreme tem-
perature days in summer and three 50-year extreme temper-
atures days in winter (5,39). The summer maximum concrete
deck temperature was 47.2°C (117°F); the maximum temper-
ature differential was 18.9°C (34°F). The winter maximum
deck temperature was —16.1°C (3°F). The minimum was
—56.1°C (— 69°F). The maximum temperature differential for
the winter exposure was +1.72°C (3.09°F).

EXAMPLES

Air temperature, solar radiation, and a constant wind velocity
are the factors considered. A more refined model should allow
for variations in precipitation and wind velocity and the daily
range of temperatures. The proposed weather model is based
on the idea that maximum temperature gradients occur for
exposures involving air temperature extremes.

Consider a 10-year design period in Fairbanks, Alaska. The
maximum daily ambient air temperature (Day 191) is obtained
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by substituting coefficients of Table 2 into Equation 2 to give

(Tdmax)w yr

_ . | 2w(d — 100) R
= 62'+ 29 sin [———————365 ] F

16.67 + 16.11 sin [ 365

2m(d - 100)] o

Substituting coefficients of Table 2 into Equation 10 gives the
10-year maximum hourly temperature equation

_2m(h — 12
(Th—max)myr = 15 sin _(-24—_)

2m(d ~ 100 + h/24)
365

. 2m(h = 12)
8.33 sin 4

2m(d — 100 + h/24)
365

+ 47 °F

+ 29 sin

Il

+ 16.11 sin + 8.33 °C

The corresponding solar radiation for all ambient air tem-
perature recurrence intervals is given using Equations 11a and
11b

Ih(t) = 0 (hsr > h > hss)

2 —max/yr _: ™ h — hsr
() = Aemmdic o [(—zo‘T)] (ho < h=hy)

where (Q,_max),: is found by substituting the coefficients of
Table 3 into Equation 8, to give

(O man)ye = 2962 + 3845sin(T) — 9 cos(T)

+ 123sin(2) — 627 cos(2I) W — hr/m?
The equations for minimum periods are obtained by the
same procedure.

SUMMARY AND CONCLUSIONS

The discussion provides a rational method for studying the
effects of weather extremes on bridges and pavements. The
weather exposure models can be incorporated easily into finite
element or finite difference programs, or both, to calculate
temperature distributions within these structures. A study of
a bridge subjected to Fairbanks, Alaska, weather extremes
illustrated clearly that the AASHTO provision for thermal

loading is inadequate and should be updated to incorporate -

provisions for design life and thermal gradients.

The method proposed does not account for a random event
at any time of year. This type of approach should be developed
to provide a rational approach for examining fatigue consid-
erations.
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Experimental Performance and Modeling
Study of a 30-Year-Old Bridge with

Steel Bearings

J. B. MANDER, J. H. Kim, AND S. S. CHEN

The strength and deformation characteristics of 30-year-old steel
bridge bearings, both fixed and expansion, are presented on the
basis of field and laboratory experiments. The interaction be-
tween the deck and the substructure is analyzed. Field experi-
ments were performed on a two-span, slab-on-girder bridge at
Niagara Falls, New York, where the bridge deck was cyclically
loaded over the central pier by alternating the placement of a
hydraulic jack, forcing the spans apart in transverse and longi-
tudinal directions. For the transverse tests, a ratio of about 1.5
of high lateral force to tributary weight was observed without
bearing failure. Overall deformation was due mostly to diaphragm
action between the deck and bearings, with only minimal move-
ment in the bearings themselves. For longitudinal loading the
expansion bearings did not slide on the bronze-steel sliding sur-
face as expected, but the sole plate slid at a friction coefficient
of about 0.6. An analytical study of the longitudinal test is pre-
sented in an attempt to account for the effects of girder depth
and to identify the abutment stiffness from the results of the field
experiments. The conclusion is that such bearings should behave
satisfactorily in the event of a moderate earthquake such as may
be expected in the eastern and central United States.

For existing bridges throughout the United States, abutment
bearings and girder seats are often considered the most vul-
nerable elements in earthquakes. In high-risk seismic zones
(such as in California), current practice may require retro-
fitting with isolation bearings and the provision of shear keys
or cable restrainers to limit seat width demand. In zones of
low to medium seismicity, such as the eastern and central
United States, sophisticated retrofits may not be warranted.
The existing bearings may possess sufficient intrinsic strength,
displacement capability, or both, to survive a moderate level
of ground shaking; thus, replacement may not be required.
However, the performance of steel bearings, particularly those
in most older bridges built during the highway construction
boom period of the 1950s, is not well understood. Their behavior
under a variety of loading conditions requires investigation.

To assess the strength and deformation characteristics of
bearings in nonseismically designed bridges, an experimental
field study has been carried out on a 30-year-old concrete slab
on a steel-girder two-span bridge. The results are compared
with companion laboratory experiments on bearings and can
be used to study the deck-to-substructure interaction when
the bridge is subjected to strong longitudinal and transverse
ground shaking. It is also of interest to glean relevant infor-
mation pertaining to the performance of bridge bearings under

Department of Civil Engineering, State University of New York at
Buffalo, Buffalo 14260.

thermal expansion in the longitudinal direction, which is how
they were designed to perform. A survey of the literature
reveals little, if any, research on the performance of steel
bridge bearings under generalized loadings. Limited work has
been done on the longitudinal resistance of steel expansion
bearings under monotonic loading (7).

The results are described of experimental field studies on
a 30-year-old bridge at Niagara Falls, New York, with two
spans of composite concrete slabs on steel girders. This bridge,
shown in Figure 1, was formerly part of an on-off ramp system
for the Robert Moses Parkway. Because of adjacent realign-
ment of the parkway, the bridge was no longer needed and
was demolished. A number of associated experiments were
conducted before the bridge was destroyed. These included
tests of ambient (traffic) vibration and transverse free vibra-
tion (snap-back). This study is concerned principally with the
response of the bridge deck to large in-plane quasi-static loads
to determine the in situ response of the bearings. This loading
was applied in both longitudinal and transverse directions.
The in situ response of the bridge as a whole is compared
with the longitudinal and transverse loading behavior of com-
panion bridge bearings tested in the laboratory. For the lon-
gitudinal field test, an analytical study was performed by con-
sidering the pre- and post-sliding behavior of the bearings.
This analysis is used to assess the stiffness of the abutments.
Results from an eigenfrequency analysis are then compared
with the observed ambient (traffic) and free vibration (snap-
back) frequencies.

IN SITU FIELD EXPERIMENTS
Bridge Configuration

The 30-year-old bridge shown in Figure 1 was in sound con-
dition with the exception of the concrete deck around the
expansion joints and girder corrosion at span ends. The bridge
had a curved, two-lane roadway with a 220-m centerline ra-
dius. The northern and southern spans of the bridge were
skewed by 7°35’ and 3°18' respectively. The deck and pier
cap of the bridge had a superelevation of 1:24 from west to
east. At both the abutments and the central pier the steel
girders were seated on a series of fixed and expansion bearings
of the low type shown in Figure 2. The 20-mm gap for each
of the three expansion joints was partially clogged with debris.
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Experimental Setup, Instrumentation, and Testing
Procedure

Horizontal quasi-static loads in the longitudinal and trans-
verse directions were applied to the bridge deck by a hydraulic
jack with 900-kN capacity. To apply these large forces, pock-
ets 250 mm X 750 mm were cut into the concrete deck to
accommodate a hydraulic jack and a cylindrical load cell. The
configuration of the jacking pockets over the pier for the
transverse and longitudinal loadings is shown in Figures 3 and
4, respectively. An electrical pump controlled the hydraulic
pressure in the jack. This enabled force to be applied grad-
ually to the bridge through the concrete deck via the load cell
in the jacking pocket with its capacity of 1.3 MN. The stroke
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rate of the hydraulic jack was about 45 mm/min, with a maxi-
mum stroke of 150 mm.

The bridge was loaded cyclically in the transverse direction
by alternating the placement of the hydraulic jack and the
load cell as shown in Figure 3. In the longitudinal direction,
the bridge was loaded over the central pier by forcing the
spans apart toward each abutment.

Displacements were measured using a combination of sonic
transducers and linear potentiometers. Data were logged into
a 24-channel portable PC-based data acquisition system. The
measured components of the bridge displacements are de-
noted by the arrows shown in Figures 3 and 4.

LABORATORY EXPERIMENTS TO DETERMINE
STEEL-BEARING PERFORMANCE

For comparative purposes, the results of the field test are
compared with the results of laboratory experiments on sim-
ilar fixed and expansion steel bearings. The bearing specimens
were retrieved from a bridge on Jewett-Holmwood Road in
Erie County, New York, with bearings similar to those on
the Niagara Parkway structure. These bearings were also 30
years old and had been operated in a salt-laden winter en-
vironment like that of the Niagara Parkway bridge. Both the
expansion and fixed bearing types were tested under a variety
of longitudinal and transverse horizontal loads with different
vertical loads to emulate the effect of varying span lengths on
bearing performance. In all cases, several reversed cycles of
quasi-dynamic lateral load were applied with increasing dis-
placement amplitudes until failure occurred. Further results,
together with a description of the experimental test facility,
are discussed elsewhere (2).

With the exception of two monotonic tests, all experiments
were performed in displacement control. The control wave-
forms were sinusoidal in both monotonic and cyclic tests. In
general, the nominal velocity of the waveforms was varied
between 1.6 and 16 mm/sec. Depending on the displacement
amplitude, cycling frequencies ranged from 0.01 to 2 Hz.

Each kind of bearing was tested under nominal vertical
loads of 180, 270, and 360 kN representative of 18-, 24-, and
30-m spans, respectively. Test results for four specimens are
presented here as a representative sample of the responses
for the low type of bearing that was also present in the field
tests on the Niagara Parkway bridge. For simple Coulomb-
type frictional sliding surfaces, the results are expressed as a
coefficient of friction; for nonsliding surfaces, the resistance
is expressed as a horizontal-to-vertical-force ratio referred to
as the base shear coefficient.

Three types of sliding interfaces are encountered in the
discussion that follows. These interfaces are shown diagram-
matically in Figure 2, and the corresponding coefficients of
friction for laboratory and field experiments are summarized
in Table 1.

Typé 1: Steel-Bronze Interface
At the steel-bronze interface, sliding occurs between the steel

sliding plate and a phosphor bronze surface riveted to the
masonry plate. This type of interface exists in the low expan-
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FIGURE 4 Longitudinal field test results for (a) deck movement, (b) instrumentation, (¢) north
abutment bearings, (d) pier bearings, and (e) south abutment bearings; theoretical responses for
() north abutment bearings, (g) pier bearings, and (k) south abutment bearings.

TABLE 1 Coefficients of Friction for Low-Type Bearing Interfaces

Coefficient of Friction

Transverse Longitudinal
Laboratory Field Laboratory Field
Expansion Sliding Bearing:

" Steel - Bronze 0.50 Ns* 0.20 Ns*
Steel - Lead 0.65 NA® NS® NA®
Steel - Steel 0.80 14 NS® 0.59

Fixed Pintle-Rocker
Bearing: 0.38 NA® 0.22 NA®
Steel - Lead 0.45 NS® 0.60 0.59

Steel - Steel

. *Interfaces were bonded due to corrosion adhesion.
®Sliding did not occur.
‘Lead did not present in Niagara Parkway Bridge.
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sion sliding bearing only. In the transverse direction, sliding
is limited to +3.2 mm by keeper plates strongly riveted to
the masonry plate. In the longitudinal direction sliding is lim-
ited to the half seat width dimension, which in this case is
+100 mm. Beyond this limit, seating instability begins.

Type 2: Steel-Steel Interface

At the steel-steel interface, sliding occurs between the sole
plate and the sliding plate in the case of the expansion bearings
and the masonry plate in the case of the fixed bearings. Sliding
in both the longitudinal and transverse directions is limited
to +1.6 mm by the hole clearance around the pintles.

Type 3: Steel-Concrete or Steel-Lead Interface

The steel-concrete and steel-lead interfaces exist between the
masonry plate and the concrete mounting pedestal. Sliding in
either the longitudinal or transverse direction for both the
fixed and expansion bearings is limited to =4.8 mm by the
masonry plate hole clearance around the anchor bolts.

It should be noted that for the Niagara Parkway bridge the
bearings were mounted directly onto the concrete abutment
or pier pedestals. For the Jewett-Holmwood Road bridge lead
shims were placed beneath the masonry plate for leveling and
seating purposes. These constructions were also duplicated in
the laboratory tests.

TRANSVERSE LOADING BEHAVIOR
Laboratory Test Results on Individual Bearings

Figure 5(a) presents the results for a typical low expansion
sliding bearing in the transverse direction that was observed
to slide progressively at the steel-bronze, steel-lead, and steel-
steel interfaces. The slip at each of these interfaces was limited
by impact with the keeper plates, anchor bolts, and pintles,
respectively. The result indicated respective frictional coef-
ficients of 0.50, 0.65, and 0.80. With concurrent pintle and
keeper impact, the resistance to further displacement in-
creased rapidly and led to yielding of the pintles with base
shear coefficients in excess of 3.0.

Figure 5(b) presents the behavior of a typical low fixed
pintle-rocker bearing under transverse loading. These bear-
ings were observed to slide progressively at the steel-lead and
steel-steel interfaces. The results in Figure 5(b) show that the
masonry plate slid first on the lead shim (Type 3) with an
average friction coefficient of 0.38 until the masonry plate
impinged on the anchor bolts. Then the sole plate slid on the
masonry plate (Type 2) with an average friction coefficient
of 0.45 until the sole plate impinged on the pintles. Once both
the anchor bolt and pintle clearances were exhausted, the
resistance to further sliding increased rapidly.

Experimental Results from the Field Test

The results of the field test in the transverse direction are
presented in Figure 3. It should be emphasized that in the
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FIGURE 5§ Laboratory test results in the transverse
direction: (a) low expansion sliding bearing (vertical
force, 272 kN); (b) low fixed pintle-rocker bearing
(vertical force, 182 kN).

transverse direction not all bearings were able to slide, with
the exception of some play resulting from clearances men-
tioned. Even though individual bearings may permit some
sliding within the clearances described, it is improbable that
all five bearings at a given support line will be uniformly
aligned to permit this magnitude of displacement. It is likely
that at least one or more of these gaps have been closed and
are already in contact with a bolt, a pintle, or a keeper plate.
It is thus not surprising to find that the resistance to transverse
movement was much higher than the highest breakaway fric-
tion values observed previously for similar bearings in the
laboratory tests.

The experimental field test results revealed that there was
minimal movement between the concrete contacting surface
on the pier and the masonry plates for both the fixed and
expansion bearings. This movement was much less than dis-
placements N2 in Figure 3(a) and S3 in Figure 3(c), respec-
tively. For the expansion bearings, one of the components of
movement was steel-steel sliding limited by pintle yielding
that commenced at a radio of lateral load to normal force of
1.4. This displacement is the difference between S2 and $3
in Figure 3(c).
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It is evident from this experiment that the majority of the
transverse movement in the two decks resulted from trans-
verse diaphragm-girder distortion. The transverse diaphragms
were located at the span ends and one-third points. Each
diaphragm was rigidly bolted to a web stiffener by eight bolts
22 mm in diameter. The net displacement can be obtained by
subtracting the sole plate displacement from the deck dis-
placement, that is, NI — N2 in Figure 3(a) and SI — S2 in
Figure 3(c) for the north and south spans, respectively. These
results suggest an elastoplastic bilinear-type behavior attrib-
uted to slippage in the diaphragm-web stiffener semirigid bolted
connections.

Implications from Experimentally Observed Behavior

In the event of an earthquake, it is normal for spectral ac-
celerations to be less than about 1.2 g regardless of the seismic
risk zone and return period. The observed high ratio of lateral
to vertical load strength, which is in excess of 1.4 in the trans-
verse direction for this bridge, implies that under transverse
ground motions large inertia forces could be transmitted to
the substructure by this class of bearing system through elastic
response of the superstructure. The substructure, therefore,
would be subjected to the full effect of the inertia loading
from the bridge deéck. If the pier does not possess sufficient
strength, pier yielding would result in the subsequent inelastic
response of the bridge system.

LONGITUDINAL LOADING BEHAVIOR
Laboratory Test Results for Individual Bearings

Figure 6(a) presents the results for a typical low expansion
sliding bearing in the longitudinal direction. These bearings
were observed to slide at the bronze-steel interface. It was
observed during the test that this interface was being polished
and that dirt and corrosion debris were being plowed by the
sliding plate. For the example bearing shown, an initial break-
away friction coefficient of 0.25 and reversal coefficient of
0.21 were indicated for the first cycle of this previously tested
specimen. The average friction coefficient for subsequent cycles
was lower at 0.20. At large displacements near 100 mm, the
sliding plates were observed to rock on the edge of the ma-
sonry plates, indicating potential instability.

Figure 6(b) presents the results for a typical low fixed steel
bearing test in the longitudinal direction. Behavior was similar
to the transverse test on a fixed bearing. For the example
shown in Figure 6(b), the data indicate that the lead interface
slid first, with an average friction coefficient of 0.22, until the
masonry plate impinged on one or both anchor bolts. This
was followed by sliding at the steel-steel interface, with an
average friction coefficient of 0.60, until the sole plate im-
pinged on one or both of pintles. Once both the anchor bolt
and pintle clearances were exhausted, the resistance to further
displacement increased rapidly. One specimen was taken
monotonically to failure by severe plastic deformation of the
pintles in shear and the pintle sockets in the bearing. This
deformation was accompanied by loss of articulation of the
sole plate and masonry plate at the maximum measured resis-
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FIGURE 6 Laboratory test results in the longitudinal
direction: (@) low expansion sliding bearing (vertical
force, 245 kN); (b) low fixed pintle-rocker bearing
(vertical force, 182 kN).

tance of 675 kN for the normal load of 182 kN. The result
was a very high base shear coefficient of 3.7.

. Experimental Results of the Field Test

Figure 4 presents the results of the field test in the longitudinal
direction. The transverse direction bearing clearances previ-
ously mentioned also permit similar limitations to movements
in the longitudinal direction. Movements also may be limited
because of the 4°17' misalignment resulting from the curved
and skewed nature of the bridge geometry. Adhesion resulting
from a significant amount of corrosion also limits displace-
ments. It is evident from the results [displacements NA3 and
SP3 in Figures 4(c) and (d), respectively] that virtually no
sliding movement between the bronze-steel interfaces took

v place (Type 1 sliding). However, the results show that some

Type 2 sliding was accommodated by the pintle clearances
[displacements NA2, SP2, and SA2 in Figures 4(c), (d), and
(e)]. The overall trend shown in the results indicates a form
of bilinear response with an apparent yield point at a jacking
force of 620 kN. The subsequent post-breakaway stiffness
represents the stiffness of the central supporting pier and some
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abutment resistance. These effects are discussed and analyzed
more fully. ) :

Implications from Experimentally Observed Behavior

In the longitudinal direction, the observed lateral-load-to-
strength ratio is about 0.6, which implies that energy due to
inertia forces could be dissipated by dry (Coulomb) friction
in the expansion bearings. The inertial driving forces from
deck to pier would thus be limited through the sliding bear-
ings. The magnitude of the sliding displacements will depend
on whether the pier response is elastic or inelastic because of
alow pier strength. The sliding displacement magnitude needs
to be quantified for various earthquake motions, bridge geo-
metrics, and pier strength in future research.

ANALYTICAL MODELING OF LONGITUDINAL
PERFORMANCE

From the bilinear response observed in the longitudinal field
test, it is evident that the complex interplay of forces is due
to superstructure-bearing interaction as well as interaction of
the substructure (pier and abutment) and the soil. In an at-
tempt to understand these interactions better, a structural
model of the bridge was used to investigate the behavior
analytically.

From the test results, it is immediately obvious that a con-
ventional one-dimensional beam-column element cannot be
used to model the composite concrete deck on steel girders.
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With the bearing reactions some 860 mm below the applied
jacking force (at deck level), it is apparent that this eccen-
tricity leads to girder moments that significantly affect the
displacement response. Hence the bridge superstructure was
modeled as a two-dimensional (2-D) beam-column member
as shown in Figure 7(b).

Two approaches using the stiffness method of analysis were
employed to obtain solutions. In the first approach a funda-
mental matrix structural analysis was used in which a stiffness
matrix for a 2-D beam-column was derived, and in the second,
existing frame analysis computer programs were used to model
the 2-D beam-column effects with an analogous portal frame.
These two methods are described below.

Matrix Structural Analysis

Figure 7(a) shows the structural modeling of the Niagara Park-
way bridge in the longitudinal direction. Member and com-
ponent stiffnesses are represented by K, for the pier, K, and
K, for the northern and southern abutments, and K, K.,
K,,., and K, for the bearing stiffnesses of the northern and
southern abutments and north and south bearings over the
central pier, respectively. The superstructure of the composite
concrete deck on steel girder is represented by a single 2-D
beam-column member for each span. The reference datum
shown in Figure 7(a) denotes the location where the field
experimental measurements were taken. This represents where
either the linear potentiometers or the sonic transducers were
mounted. All displacements are computed as relative move-
ments with respect to the corresponding measurement data.
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FIGURE 7 Model for analysis: (a) bridge in longitudinal direction; (b) 2-D
beam-column; (c) portal frame analogy; (d) coordinate for 2-D beam-column;

(e) transformed coordinate.
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The stiffness matrix for a 2-D beam-column member that
represents each span can be obtained by transforming for the
coordinate set d to e shown in Figure 7, as discussed elsewhere
(3). The stiffness matrix of Figure 7(d) for an ordmary beam-
column member is given by

A A 0 0

El-4 A0 0
Slo=Z 1 o o a1 u )
0 0 2 4 -

where E is the modulus of elasticity for concrete, and A, I,
and L are respectively the transformed section area, trans-
formed moment of inertia, and span length of a 2-D beam-
column. The subscript denotes a corresponding coordinate.
The following transformation equations provide the stiffness
matrix of coordinate e:

{F}(e) [H]'T{F}(d) 2
Slo = HTSlalH] ©)

where {F} is a force vector and [H] is a transformation matrix.
Carrying out the transformation from d to e demonstrates that
the transformed 2-D stiffness matrix that relates end displace-
ments and forces is given by

[S] (e)

4 + A —4] + Ace —2I — Ace 21 — Ae?
E |-4I + Ace 4l +s A 20 — A2 -2 — Ace
&L|-21 - Ace 21 — A 4l + A —4I + Ace

21 — Ae* =21 — Ace —4I + Ace 4] + Ae?
)
where
¢ = location of neutral axis from base,
e = eccentricity of applied jack force from neutral axis,

and |
d = sum of ¢ and e (distance of applied jack force from
base of a 2-D beam-column).

The global stiffness matrix for the entire bridge model then
can be expressed in the well-known form {F} = [K] {D} and
partitioned into known and unknown variables as follows

Fel _ [Ku ! Ki| [Dy
{Ef} B [KZI T Kzz] {Dx} ©)

in which [K] is the global stiffness matrix and {F} and {D} are
force and displacement vectors with subscripts K and U re-
spectively denoting known and unknown quantities. Because
{D4} = {0} from the boundary conditions of the model, the
solution of the matrix equation can be obtained from

{Dy} = [Ku]_l {FK} (6)

{FU} = [K21] {DU} (7)
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Deck Modeling Using Portal Frame Analogy

A portal frame analogy can be used as an alternative to the
approach described in Equations 4—7. This portal approach
modifies standard beam theory to account for depth of fix of
the superstructure. Figure 7(c) presents a portal frame that
has the same global displacement attributes as the 2-D beam-
column shown in Figure 7(b). Both beams have the same
flexural and axial stiffnesses of EI and EA. To model the
effects of 2-D beam depth, the portal frame analogy uses rigid
(or very stiff) end columns with an overall length equivalent
to the beam depth (¢ + €). The analogous beam is located
at the neutral axis of the real beam, given by the dimension
c from the base.

The utility of the portal frame analogy becomes evident in
the modeling of a large bridge structure. Conventional frame
analysis computer programs can use this approach without
resorting to modeling the 2-D action of the deck with multiple
solid or plate finite elements or both types. The entire bridge
structure can be modeled with conventional beam-column
elements requiring only prescriptions of EI, EA, and L. One-
dimensional spring elements also can be modeled this way by
using a low I; alternatively, truss members can be employed
as used in this study.

Application to Niagara Parkway Bridge

The foregoing analysis was applied to study the performance
of the Niagara Parkway bridge, principally to assess the abut-
ment stiffness. In this analysis real material and sectional
properties were used for all of the clearly identifiable elements.

Because of the small strains mobilized in the tests, the
stiffness properties for the Niagara Parkway bridge were based
on an initial tangent modulus of elasticity for concrete of E_,
where E; = 5000 f, in which f_ is the compressive strength
of concrete in megapascals (4). Compressive tests of core
specimens retrieved from the pier of the bridge gave f. = 48
MPa; thus E; = 35 GPa. Thus the transformed cross-section
areas for the northern and southern spans are 3.84 and 3.71
m?, and the transformed moments of inertia are 0.395 and
0.322 m*, respectively.

Table 2 presents the stiffness calculated (a) for the pier
assuming an uncracked transformed section and (b) for the
pre- and post-sliding bearing on the basis of results from the
laboratory and field tests. It is worth noting that true Coulomb
sliding of the steel-bronze interface would exhibit an elasto-
perfectly-plastic type of response. The sliding invoked in the
field tests, however, was at the steel-steel interface. It is ap-
parent from the laboratory and field tests that for this case
the post-sliding stiffness was about 1 to 3 percent of the pre-
sliding stiffness [Figures 6(b) and 4(c) and (d)].

From the longitudinal field test results it is evident that
there are two behavioral states; (a) pre-sliding at loads below
about 620 kN and (b) post-sliding at loads above 620 kN. The
second stage commences at an equivalent coefficient of fric-
tion of about 0.59 in the bearings. This corresponds well with
the laboratory test results of similar steel-steel interfaces as
shown in Figure 5(a) and (b) and Figure 6(b).

From the foregoing discussion it is evident that stiffnesses
for the structural model can be determined from first prin-
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TABLE 2 Values Used in the Stiffness Analysis of the Niagara Parkway Bridge

Component Stiffness (kN/mm)

Pre - Sliding Post - Sliding

Pier, K, 429 429
Abutment, K, 1930 1930
Bearings:

Northern Abutment Expansion, K, 8580 85.8

Southern Abutment Fixed, K 8580 85.8

Pier Fixed, K, 8580 8580

Pier Expansion, K, 8580 215

ciples (deck), separate component tests (bearings), or rational
assumptions (pier). Only abutment stiffnesses remain un-
known.

Various values were assumed for the abutment stiffnesses,
and the forces in the model for the applied load were com-
puted. The total post-sliding displacements and forces were
found by superposition on the pre-sliding results found at a
jack force of 620 kN.

The value of abutment stiffness found to match the ob-
served displacements well was 1930 kN/mm. The results from
this analysis are plotted for comparison with the experimental
observation in Figure 4(f), (g) and (k). The analyses by the
matrix method and the computer-based portal frame analogy
gave close agreement, with differences not detectable within
plotting accuracy. The stiffness corresponds favorably with a
value of 115 kN/(mm-m) recommended by the California De-
partment of Transportation (Caltrans) for bridge abutment
analysis and design (5). It is worth noting, however, that the
displacements were small and engagement of the abutment
with the backfill is probably minimal.

A check on the validity of this result was made by comparing
the eigenfrequencies of the structural model using a lumped
mass matrix with masses located at nodal points and midspan
of the girders. The analytical and experimentally observed
frequencies are presented in Table 3. To obtain the appro-
priate analytical first-mode frequency, the full mass of each
abutment (295 tonnes) was used in the eigenfrequency analysis.

CONCLUSIONS

The following conclusions can be drawn from the experimen-
tal observations and analytical study presented:

1. The low steel bearings possess a series of multiple sliding
surfaces that will progressively engage as the displacements
increase until all the clearances are exhausted.. At this point,
yielding of the anchor bolts or pintles inhibits further sliding.
Pintle yielding may provide base shear resistance well in ex-
cess of earthquake loading demand.

2. The low steel expansion sliding bearings in the longitu-
dinal direction may result in residual steel-bronze sliding fric-
tion coefficients as low as 0.2. This relatively low resistance
to motion could potentially lead to displacement demands in
earthquakes with bearing instability at 100 mm displacement.
This could subsequently lead to unseating of the girders. The
theoretical longitudinal seismic displacement demand needs
further quantification. However, the laboratory experiments
showed that resistance to longitudinal motion is governed
primarily by the degree of corrosion present in the bearings.
The in situ field tests also demonstrated that because of mis-
alignments and corrosion adhesion in the bearings, breakaway
of the steel-bronze interfaces may not occur for normal mag-
nitudes of seismic loading. Thus seat widths may not be of
concern, because high breakaway forces are necessary to in-
duce movement to overcome the adhesion resulting from
corrosion.

3. Rigorous structural analysis is needed that accounts for
the two-dimensional effects of beams, because it is able to
capture the pre- and post-sliding response if abutment stiff-
nesses can be determined. The present study revealed that
an abutment stiffness of 180 kN/(mm-m) compares favorably
with the design value of 115 kN/(mm-m)[200 kips/(in.-ft)]
recommended by Caltrans.

4. Further theoretical study is needed on the diaphragm
action to evaluate the strength and displacement demand of
the pier in the transverse direction.
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TABLE 3 Comparison of Natural Frequencies

Modal Frequencies (Hz)

First Mode Second Mode
Analytical 10.1 14.7
Experimental Ambient (Traffic) 8-12° 13-17°
Experimental Free Vibration (Snap-Back) 10.1 19.9

“Range dependent on mass of vehicle crossing the bridge.
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Bearings in Structural Systems:

Action and Reaction

BARRIE ATKINSON

Specifications for modern high-load multirotational bridge bear-
ings tend to create the impression that they can be used inter-
changeably on any structure. In general, bearings are specified
and approved for use on the basis of three traditional parameters:
maximum vertical load, maximum service rotation, and in the
case of expansion bearings, maximum expected expansion and
contraction. Although it is usually possible to design a pot bear-
ing, a spherical bearing, or an unconfined elastomer pad (or disc)
bearing to fit a given set of such parameters, it is important to
understand that each of the three reacts differently within a struc-
tural system. Clues to differing reactions can be found by looking
at how the three types of bearings carry load and absorb rotation.
An examination of these behavior patterns relates them to typical
structural systems and points out areas of incompatibility, which
in extreme cases result in malfunction of the bearing. One such
case is presented involving the leaking of elastomer from pot
bearings at the end of a continuous span. A theory for the leakage
mechanism is postulated. Increased awareness of the interaction
of bearings and structural systems is indicated and research into
certain aspects is suggested.

Modern high-load, multirotational bridge bearings fall into
three categories: pot bearings, spherical bearings, and un-
confined pad (or disc) bearings. State specifications, bid items,
and project details seldom differentiate among the types and
thus give the impression that they are interchangeable—and
in some cases they are specified as being interchangeable.

Typically, project plans detail bearings on the basis of three
parameters: bearing capacity, or maximum vertical load;
maximum rotation; and in the case of expansion bearings,
maximum expansion and contraction. Because bearings in all
three categories use similar polytetrafluoroethylene/stainless
steel slide systems for expansion and contraction, only loading
and rotation data will be discussed here to draw attention to
the widely different characteristics of the three types of bearings.

Given these limited data on maximum load and rotation
plus a few dimensional requirements, it'is possible to design
a bearing from any-of the categories to fit the requirements.
However, it is important to understand that each of the three
may react quite differently within a structural system. Further,
any of the three may not react in one structural system as it
does in another.

Clues to these differing reactions can be found by consid-
ering how the three types of bearing carry load and absorb
rotation.

Cosmec, Inc., P.O. 390, Walpole, Mass. 02081.

LOAD AND ROTATION CHARACTERISTICS

The pot bearing (Figure 1) transfers load from a circular
plate (piston) onto a round rubber pad confined within a
mating recess in a steel plate (pot). There is virtually no
vertical deflection. When the bearing is loaded, rotation input
causes the rubber within the pot to flow from beneath the
downward-tilting side of the piston toward the upward-tilting
side.

The spherical bearing (Figure 2) transfers load from a cir-
cular concave plate directly onto a mating convex plate; the
actual curved interfaces are stainless steel and ptfe. Rotation
input results in sliding at this interface.

Unconfined elastomer pad (or disc) bearings (Figure 3)
transfer load through the pad onto a steel base plate. When
the bearing is loaded, the pad compresses. Compression must
be kept within acceptable limits, generally by steel laminates
or by increased hardness of the elastomer. Rotation input
further compresses one edge and relieves the opposite edge.

The pot bearing is basically a closed hydraulic system; under
pressure, the rubber reacts like a fluid. When lightly loaded,
however, this hydraulic system breaks down. The rubber
strength dominates and rotation input may result in lift-off or
separation at the piston-elastomer interface. Seal rings may
be momentarily unloaded and a leakage mechanism may be
started.

In the spherical system, effective rotation is available at
any load (within the bearing’s capacity) down to zero, but it
is vital that this type of bearing not be subjected to a coincident
horizontal force. Low vertical load together with high hori-
zontal load could cause a critical dislocation of the concave
and convex parts. This instability has been documented by
Gilstad (7).

In the unconfined pad (or disc) system, there is an inherent
conflict between the need to limit compression and the re-
quirements for rotation. Design specifications limit strain at
the compressed edge of a pad under rotation and dictate no
lift-off at the relieved edge. This ‘coupled with a maximum
acceptable vertical compression clearly restricts rotation (Fig-
ure 4). Unconfined elastomers under load are subject to fur-
ther deflection beyond the initial amount; this is due to creep
of as much as 40 percent.

Consider the manner in which these bearing systems react
to rotational input. Figure 5 shows a comparison of eccen-
tricity and rotation characteristics for the principal types of
structural bearing from a paper by Kauschke and Baigent (2).
Curves B, C, and D relate to the bearings discussed here. Of
these three, the pot bearing offers the lowest reaction to ro-
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J tation up to about 0.02 rad, beyond which the spherical bear-
ing, with its constant rate resistance, gives the least eccen-
tricity. The unconfined pad or disc unit has eccentricity several
orders greater than the other two for all practicable rotation
requirements. :

Consider also the geometry. The pot bearing and uncon-
FIGURE 1 Diagram of pot bearing. fined pad bearing allow rotation about the approximate center
of their upper elastomeric surfaces; the spherical bearing ro-
tates about the center of the sphere. Obviously the orientation
of the up curve or down curve will affect such structural details
as the expansion joints, but it will also affect the amount of

horizontal travel imposed on an expansion bearing by rotation
v’ (Figure 6). Wear characteristics of ptfe on such bearings might
N’/—l warrant closer attention. ,

In general, pot bearings are best suited to high vertical
loads, medium and high horizontal loads, and 0.02 to 0.03
rad rotation. Their strong feature is their low load eccen-
tricity under rotation, and their weak feature is their limited
ability to accept rotation at low vertical loads. Spherical bear-
ings are best suited to high vertical loads, low and medium
horizontal loads, and rotation above 0.02 rad. Their strong

—

FIGURE 2 Diagram of spherical bearing.

feature is their ability to accept high rotations at constant
4"—' _ eccentricity under rotation, and their weak feature is their
T l limited ability to sustain horizontal force at low vertical loads.

Unconfined pad bearings are best suited to medium vertical
FIGURE 3 Diag'ram of unconfined elastomer loads, low and medium horizontal loads, and rotations up to
pad (disc) bearing. 0.02 rad. Their strong feature is simplicity, and their weak
features include amount and variability of compression de-
flection and a high resistance to rotation, which results in high
edge loading on ptfe when used. All types can be adapted to
accept uplift loads.

%7— [ 1! l RELATION OF BEARINGS TO STRUCTURES
I

Relating the reactions of the three types of bearings to various
FIGURE 4 Diagram of unconfined pad structural designs indicates that some structures are better
bearing in rotated state. suited to one bearing design than to another.
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FIGURE 5 Comparison of

eccentricity and rotation FIGURE 6 Comparison of the
characteristics for the principal geometry of up-curved and down-
types of structural bearings. curved spherical bearings.
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The bridge in Figure 7 is well suited to pot bearings. It
imposes a high permanent load and moderate rotation and
requires the minimum of eccentricity to reduce bending mo-
ments in the tall piers. Spherical bearings, which require sup-
plemental lateral restraint (the structure is vulnerable to hur-
ricanes), would be less satisfactory. Unconfined pad bearings
would be unsatisfactory because of the high bending moments
induced in the tall piers and possibly because of the compres-
sion differential between the two bearings on any pier.

The bridge in Figure 8 makes excellent use of spherical
bearings. The high rotation requirement and low load during
initial construction make pot bearings less satisfactory for this
structure. Unconfined pad bearings must be made thicker to
accommodate higher rotation and this results in even more
compression deflection. There also exists, under these loading
conditions, the probability of lift-off and concomitant high
edge loading of ptfe.

Unconfined pad bearings would be satisfactory in the type
of structure shown in Figure 9. Although the other two types
of bearings would be serviceable here, their particular attri-
butes would not be of significant advantage.

The compatibility of structural action and bearing reaction
is so important that without it, bearing malfunction may re-
sult. It is possible, for example, that this incompatibility exists
in the structure shown in Figure 10. This overpass has a two-
span composite plate girder—concrete deck superstructure,
fully continuous over the pier. Contract bearing notes indicate
that pot, spherical, or unconfined disc bearings should be
used. It may be, however, that because of the competitive
bid system, the pots used were not the appropriate bearing
for the structure.

Figure 11 shows a pot bearing with some elastomer leakage.
This bearing, one of the abutment bearings on the structure,
was made by a second manufacturer to replace one of the
original lot that was leaking. It can safely be assumed that
the replacement bearing was fabricated with particular care
and diligently inspected and load-tested, yet it is leaking also.
The reason for the leakage is postulated as follows: This su-
perstructure is sufficiently stiff to transfer live loading of one
span into uplift at the opposite abutment. Such uplift loading
may result in widely fluctuating pressures within a pot bearing.
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FIGURE 8 Typical structure suited to spherical bearings.

FIGURE 9 Typical structure suited to unconfined pad
bearings.

FIGURE 7 Typical structure suited to pot bearings.

FIGURE 10 Structure in which pot bearing leakage was
found.
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FIGURE 11 Abutment bearing on structure in Figure 10.

This “‘bounce-loading’” would be of high frequency and, be-
cause of hysteresis in the elastomer, its reaction would be out
of phase with the springier brass sealing rings. Thus, during
each fluctuating load cycle, there could be an instant when
the seal rings are not loaded against the pot wall, yet the
elastomer is still loaded. At this moment, a small amount of
elastomer would escape upward and be pinched between the
seal ring and pot wall. Once there is elastomer in this area,
pressure within the system would tend to equalize the loading
on the inside and outside edges of the seal ring, reduce the
ring’s effectiveness, and allow more elastomer to be pumped
out during succeeding cycles. This leakage mechanism is con-
sistent with the finely shredded appearance of the escaping
elastomer.

There is also consistency between the design of this struc-
ture and that of the other few structures experiencing similar
leakage. However, research into this theory is clearly needed.

CONCLUSION

This paper is not a damage report. The example presented is
intended to emphasize to structural engineers the importance
of awareness of the way different bearing designs react under
given circumstances.
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FIGURE 12 Typical modern spherical bearing.

In his paper on bridge deck joints, Burke (3) stated, ‘“Poor
performance and failures cannot be used as a general con-
demnation of the devices themselves. The success or failure
of a design is directly related to the expertise of those re-
sponsible for its creation, development and application.” High-
load multirotational bearings have achieved a refined state of
development (Figure 12). Their creation is governed by a
process of approval, specification, and inspection that, al-
though onerous, goes a long way toward assuring the owners
of good quality products. Problems will continue to arise,
however, until due attention is given to the application.

The bearing industry and structural engineers must work
together to ensure full understanding of the way these devices
react in any particular structure.
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Fatigue Design of Welded Aluminum

Structures

Craic C. MENZEMER AND JOHN W. FISHER

Welded structures subjected to repeated loads often exhibit stable
crack growth or fatigue. Fatigue cracking has not been limited to
a single class of material or application. Reasons for these failures
are numerous but in general may be linked to some shortcoming
in the design process. Despite the long history associated with
welded aluminum structures, comprehensive fatigue design spec-
ifications did not appear in a U.S. code until 1986. Experimental
results used in the development of this specification are based
primarily on fatigue tests of small specimens. Limitations on the
application of such data to large structures have been documented
for steel. This specification is further constrained by the lack of
provisions governing variable amplitude loadings. A study was
undertaken in 1988 to examine some of the issues associated with
the design of welded aluminum structures. Experimentation in-
cluded material characterization aimed at the development of
predictive models, residual stress measurements, fatigue testing
of axial specimens and beams, and detailed examination of frac-
ture surfaces. Results pertinent to the development of the next
generation fatigue design provisions are examined.

Welded structures subjected to repeated loads often exhibit

subcritical crack growth or fatigue. Given the proper root

conditions, crack growth normally occurs along the weld toe
adjacent to the fusion line or through the weld throat. Details
that fail from internal flaws, such as porosity, usually possess
higher fatigue strengths as there is no geometric condition
worse than the discontinuity itself (7). Joints with failure in-
itiating from the weld toes require lower design stresses be-
cause the detail geometry results in large stress concentra-
tions. Detail categories are essentially a geometric ranking of
the severity of the stress concentration condition of the various
joint types.

Field experience has shown that fatigue cracking is not
limited to specific types of applications or to individual classes
of materials. Reasons for the failures often may be attributed
to inadequacies in the design process. Examples include an
inadequate data and knowledge base for design provisions,
cursory treatment of member interaction and joint behavior,
improper detail classification, and poor definition of con-
trolling load cases (2,3). This is by no means an all-inclusive
list, but it does point to some of the deficiencies in current
specifications.

Welded aluminum structures have been designed and built
for more than 40 years. Examples include bridges, sign and
luminary structures, railings, automotive and truck frames
and components, cryogenic storage tanks, and so forth (4).
Despite the application history, fatigue design provisions did

C. C. Menzemer, Alcoa Technical Center, 100 Technical Drive, Al-
coa Center, Pa. 15069. J. W. Fisher, ATLSS Research Center, 117
ATLSS Drive, Building H, Lehigh University, Bethlehem, Pa. 18015.

not appear in a governing U.S. aluminum specification until
1986 (5). Most of the experimental results incorporated into
the code are based on small specimen tests (6—8). Fatigue
tests of any welded member or component should be con-
sistent with the geometric, mechanical, and service conditions
of the intended application. Any general fatigue design pro-
visions then should reflect the lower-bound behavior of the
various classes of joints. Limitations on small-scale specimens
have been well documented for the case of steel structures
(9,10). As the volume or size of the test specimen increases,
the fatigue resistance decreases. Such behavior may be at-
tributed in part to residual stresses and in part to the distribu-
tion of initial discontinuities. Simply stated, the larger the test
specimen, the greater the constraint to expansion and con-
traction during welding. As a result, residual stresses in full-
scale test samples are greater than those in smaller specimens.
A decrease in fatigue strength normally accompanies an in-
crease in the residual stresses.

All welded joints contain defects (11-13). Typical discon-
tinuities include porosity, undercut, lack of fusion, large-grain
structures, nonmetallic inclusions, and solidification cracks.
The origin of fatigue cracks may be traced to such discontinui-
ties. In fact, much of the fatigue resistance is consumed in
the early stages of subcritical crack growth, when the defect
develops into a macrocrack. As the size of the test sample
increases, the probability of finding larger, more dominant
flaws increases. A larger initial discontinuity will lead to a
shorter fatigue life. Characterization of such discontinuity dis-
tributions allows fracture mechanics to be used to “predict”
the lives of welded members and components.

COMPARISON OF ALUMINUM FATIGUE DESIGN
CODES

Recent comparisons of worldwide provisions for fatigue de-
sign for aluminum structures revealed significant discrepan-
cies in philosophy and strength values (14,15). Among the
codes considered were the Italian or UNI 8634 (1985) spec-
ification, a draft of the British BS 8118 document (1985), the
Canadian Standards Association code or the Alcan specifi-
cation (1983), the 1986 version of the Aluminum Association
(AA) code, and the European ECCS (1991) design provi-
sions. Philosophical differences among these documents allow
the classification of specifications into two broad groups. The
Italian UNI 8634, the Canadian Standards Association, and
to a limited degree the ECCS specification consider the fatigue
strength to be a function of the loading, or R, ratio. R-ratio
is the minimum stress in a load cycle divided by the maximum
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stress in the cycle. Both the AA and the British BS 8118
design provisions assume an R-ratio independence.

Inherent in the assumption of R-ratio independence is the
influence of tensile residual stresses. Much of the fatigue life
of a welded structure is spent in the formation and growth of
small cracks. As a result of the tensile residual stress fields,
a relatively large portion of the structure’s life is spent under
high mean stress levels. Even under reversed loading, the
material near the initial discontinuity will be subject to a fully
effective stress cycle. This is the primary justification for use
of stress range as the variable that describes the fatigue resis-
tance of welded details. Full-scale details in steel have had
measurements confirming residual stresses as high as the par-
ent material yield point (16). Although the presence of large
tensile residual stresses has been confirmed for aluminum as
well, some localized softening may prevent the stresses from
approaching the base metal yield point (7). This, combined
with tests of small-scale specimens, has given rise to the R-
ratio effect. It is interesting to note that the most compre-
hensive specification, the ECCS document, considers fatigue
strength a function of stress range. However, for cases in
which the residual stresses are known, a fatigue-enhancement
factor may be applied to the strength when the applied R-
ratio is less than —0.25. Given the complexity of quantifying
residual stresses under laboratory conditions, it seems un-
likely that designers will be able to take advantage of the
enhancement factor.
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Variable amplitude fatigue damage is accounted for through
the use of Miner’s rule, with the exception of the 1986 version
of the AA specification. This code gives no guidance to design
or assessment of details subjected to a variable stress history.
S-N curves for the British BS8118, ECCS, and newly proposed
Canadian Standard employ a dual slope. Beyond the constant
amplitude fatigue limit, the curves are given a second slope
that implies that damage accumulates at a different rate for
relatively low applied stresses. The particular value of the
second slope varies between specifications, but the shapes of
the S-N curves reflect the multifaceted crack-propagation be-
havior of aluminum.

PROJECT SCOPE AND OBJECTIVES

Early in 1988 a cooperative project was developed between
the ATLSS Engineering Research Center at Lehigh Univer-
sity and Alcoa Laboratories. Objectives of this study included
the extension of the full-scale fatigue data base for aluminum
structures, examination of the behavior differences between
small axial test specimens and full-scale beams, investigation
of life prediction techniques, and recommendation of design
rules. In support of these goals, tensile, smooth S-N fatigue,
strain control fatigue, fatigue crack growth, and fracture
toughness tests were conducted. Component testing included
axial fatigue of plate specimens with cover plates (Figure 1)

4]

FIGURE 1

Axial cover-plate specimen: top, photograph; bottom, schematic.
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and unloaded fillet-welded attachments (Figure 2). Axial cover-
plate details were fabricated one at a time, while the cruciform
specimens were fabricated from large welded panels that were
subsequently saw-cut. Beam details tested were cover plates,
stiffeners, butt-weld splices, and web-to-flange fillet welds as
shown in Figure 3. Scanning electron microscopy (SEM) ex-
aminations of fracture surfaces were used to establish failure
locations, defect sizes, orientations, and mechanistic differ-
ences in crack propagation under controlled environmental
conditions.

Fatigue life prediction traditionally has used both fracture
mechanics and strain control methodologies. Both techniques
were explored for the constant amplitude behavior of the
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cover plate and stiffener beam details. Predicted S-N curves
were compared to the experimental results as a means of
assessing their applicability to full-scale welded aluminum de-
tails. Variable amplitude behavior was examined through ex-
tension of the fracture mechanics model. Several stress spec-
trums were chosen to yield applicable stress range values and
included constant, linear, and Rayleigh distributions.

As the amount of work conducted in this study is beyond
the present scope, emphasis will be placed on results that
directly address design issues. The specifics of the residual
stress measurements have been discussed elsewhere, so only
the conclusions will be reviewed (Z8). Toughness of weldable
aluminum alloys has been an issue that has, on occasion,

]
|

FIGURE 2 Cruciform joint: top, photograph of cruciform joints cut from plate; bottom,

schematic of cruciform joint test specimens.
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FIGURE 3 Elevation of fuli-scale beam sample,
showing details of two sections.

restricted applications. R-curve tests of 5456-H116 and A36
steel will be discussed. Component fatigue tests and the im-
pact on current design specifications will be examined. A brief
discussion of the variable amplitude modeling and its impact
on the code will follow.

RESIDUAL STRESS MEASUREMENTS

The existence of residual stresses in welded components sig-
nificantly influences the fatigue behavior of the components.
During the course of this study, residual stresses were mea-
sured on as-fabricated beams and axial fatigue specimens. In
addition, measurements were taken on samples that had been
tested but that contained no evidence of fatigue damage. In
all cases, the hole-drilling technique was used (19).
Residual stress measurements demonstrated that significant
differences exist between full-scale and small axial specimens.
Maximum residual stresses for the cruciform panel and cover-
plated beam details typically reached 80 degrees of the parent
metal yield strength. The axial test samples, on the other
hand, typically had residual stresses of 40 to 50 percent of the
parent metal strengths. Figure 4 illustrates as-fabricated
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residual stresses for a cruciform panel and axial specimens cut
from the panel. Such differences may be attributed to con-
straint developed around the detail during welding. Measure-
ment comparisons on as-fabricated and tested details showed
no appreciable change of the surface residual stresses as a
result of elastic cyclic loading. As much of the fatigue resis-
tance is consumed in the growth of small defects, it is rea-
sonable to conclude that the residual stresses have a major
impact on the behavior of welded aluminum structures. In
addition, residual stresses of this magnitude are consistent
with fatigue failures observed on the compression side of the
beams.

FRACTURE TOUGHNESS

Material toughness is often a secondary consideration in the

. minimization of cracking. Of primary importance is the design

and selection of fatigue-resistant details and quality assurance
in the shop during fabrication. Over the past three decades,
a number of localized failures have developed in welded struc-
tures as a result of fatigue crack growth. In a few cases,
subcritical crack growth eventually led to failure of the struc-
ture by rapid fracture. Most of these failures could not have
been prevented by increased material toughness alone (20).
However, some such failures have had catastrophic conse-
quences; as a result, emphasis has been placed on forgiving
materials and measurement of the appropriate properties.
Toughness of many of the structural aluminum alloys can-
not be characterized by any of the currently available stan-
dardized test methods (21). Given the difficulties in crack tip
characterization when the plastic zone is large, a comparison
of the fracture behavior of 5456-H116 and A36 steel was
undertaken nevertheless. As none of simple screening tests
are considered applicable to both aluminum and steel, com-
pact tension samples and R-curve testing seemed most suit-
able. A schematic of a compact tension specimen is shown
with some test results in Figure 5. Loads are applied through
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FIGURE 5 Curves for A36 steel specimens tested at +75°F and —150°F.

pins placed in the holes. Because the ductility of both ma-
terials would result in prohibitively large specimen dimensions
not representative of practical applications, specimens were
chosen to be 1.0 in. thick. Tests were conducted at room
temperature, —60°F, —150°F, and —200°F. The —60°F
toughness requirements are typical of many structural spec-
‘ifications (22).

An R-curve is a plot of a material’s resistance as a function
of effective crack extension. Material resistance may be de-
fined by the stress intensity factor, K,. From a practical stand-
point, K, is a measure of the magnitude of the stress field
around the crack tip. Effective crack extension comprises the
physical crack length and the plastic zone correction. Around
the tip of a crack is a region where the material is plastically
deformed. The presence of such a region makes the crack
behave as if it were slightly larger than the physical crack size

itself. Crack extension implies that the increment of crack
growth is plotted as the ordinate of the R curve.

Figure 5 summarizes the test results for the A36 steel sam-
ples over the range of temperatures considered. Room tem-
perature data indicate the development of large toughness
values throughout the range of crack growth. Behavior at
—60°F and at —150°F is markedly different. Both of these
data sets show a reduction in the material’s resistance to crack
extension. What is more striking is the reduction in amount
of stable crack extension before failure. Comparison of frac-
ture surfaces also showed a decrease in shear lip development
and specimen thinning as the test temperature was lowered.
Smaller amounts of plastic deformation indicate a drop in
toughness.

Figure 6 summarizes the aluminum test results for the range
of temperatures considered. Room temperature response shows
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FIGURE 6 Aluminum specimen R-curves for the range of temperatures.
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a rising R-curve throughout the range of stable crack exten-
sion. Behavior at the lower temperatures is not significantly
different. Although the amount of stable crack extension is
somewhat smaller, the difference is less than that observed
for the A36 steel. Maximum toughness values increase with
adecrease in temperature. Further, all specimens tested showed
evidence of plastic deformation, even at the lowest temper-
ature considered.

Both sets of curves show a slight reversal in curvature near
the center of the plots. This is indicative of specimens too
small to obtain valid, linear elastic test results. Implicit in the
calculation of K, is the assumption of small-scale yielding.
Materials with significant ductility are difficult to characterize
with any of the currently available techniques. As such, the
vertical lines in Figures 5 and 6 indicate the range of valid
data. Further, the elevation of toughness with decreasing tem-
perature is consistent with the increase in yield point at lower
temperatures. As the temperature is decreased, an equivalent
crack opening displacement will require an increase in the
load. This will correspond to an increase in the stress intensity
factor.

A comparison between aluminum and steel R-curves by
like temperature conditions reveals several interesting trends.
At room temperature, the A36 exhibits larger resistance val-
ues over the entire range of stable crack extension. At the
lower temperatures, the aluminum samples developed tough-
ness equal to or greater than the A36. Also, the 5456-H116
specimens show a wider range of stable crack extension before
failure.

A36 steel has been successfully used in welded structures
for many years. Given the difference in modulus values and
crack propagation rates, a similar aluminum structure will
have dimensions somewhat larger and be designed for lower
allowable stresses. As a result, a direct comparison of tough-
ness should be made on resistance values normalized to reflect
this difference. Figure 7 compares room temperature R curves
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that have been normalized with an effective driving force.
Category C constant amplitude fatigue limits of 10 and 4 ksi
were used as the applied stress ranges for the steel and alu-
minum samples respectively. Crack lengths were taken to be
those measured in the tests. In the context of allowable fatigue
design provisions, the 5456-H116 alloy shows larger resis-
tances to crack extension. The same trend is apparent at lower
temperatures as well.

Fatigue tests on full-scale welded beams further demon-
strated the ability of 5456-H116 to resist and arrest unstable
crack extension under realistic loading conditions. In no case
was there rapid fracture that completely severed a beam.

COMPONENT FATIGUE TESTS

Twelve beams were tested in four-point bending. This allowed
evaluation of 48 cover-plate details, 96 stiffeners, and 24 butt
splices. Tests were conducted using closed-loop servohydraul-
ics with digital control. To accompany the beams, 32 axial
tests on cover plates and cruciform joints were completed.
All plate thicknesses and weld dimensions were the same on
the axial and beam samples to minimize any ‘“‘thickness” ef-
fect. Fatigue cracks on the beams were allowed to grow through
the plate thickness; then the damage was repaired by splicing,
drilling stop holes, or both. Tests were resumed until failure
occurred at another location.

Figure 8 compares the performance of the axial cruciforms
and beam stiffener samples. Also shown is the mean regres-
sion line for each. As is easily seen, there is a significant
difference in the mean resistance of the two sample types.
The difference appears to increase with the number of applied
cycles. Figure 9 compares the results of the beam tests with
the current AA Category C design curve. It should be noted
that the specification provides fatigue strengths in tabular
form although the continuous curve is shown here. Category
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mean regression lines.

C is slightly unconservative as compared with the test results.
Several of the points plot on or below the design curve.

The axial cover plate and beam detail test results were
compared. Regression analysis used to develop the 95 percent
confidence limits for 97.5 percent probability of survival showed
a significant difference in the lower-bound fatigue resistance.
As expected, the limit for the beam samples is lower than for
the axial samples. Figure 10 compares the beam cover-plate
data with Category E of the 1986 A A specification. The design
category appears to be somewhat conservative. The band of
the data appears to be rotated upward as compared with the
design curve. Increasing the design strengths may be war-
ranted but will require review of other full-scale data above
2 x 10° cycles.

VARIABLE AMPLITUDE BEHAVIOR MODEL

A fracture mechanics model was developed for the constant
amplitude case and verified through comparison with the beam

data. This model was then extended to the case of variable
amplitude loadings. Specifics of the model have been dis-
cussed elsewhere, and only a review pertinent to assessment
and design is presented here.

Stress intensity factors were developed from well-known
handbook solutions (23). Crack-growth information for a S XXX
series alloy was taken from a compendium of curves and was
based on the K,,,, AK decreasing test procedure (24). Such
information is thought to be representative of crack growth
in welded structures as closure is diminished. Several shapes
of loading spectrums were considered including constant, lin-
ear, and Rayleigh distributions. Either the spectrums were
shifted or smaller stress cycles were truncated to obtain dif-
ferent characteristic stress range levels. Overloads were ap-
plied at different frequencies. An overload is a stress cycle
that exceeded the constant amplitude limit. Emphasis was on
examining cover-plate details.

Several methods were used to define an equivalent char-
acteristic stress for the distributions. These included a fourth-
order transformation of Miner’s rule and an equivalent con-

20 100
1986 Category C O Beam Data —]
10 - ©

i o
4 2

= w

3 - (O]

o 2

[C] 7] [+

Z 0 NN »

« Proposed Curve 3

7 B o«

[ =

w »

«

'_ -

7] — 10

1 L1 IIJJIII L 1 IIlIII 1 111
10% 106 107 108
CYCLES

FIGURE 9 Comparison of stiffener test data with current specification

Category C and proposed design curve.




86

TRANSPORTATION RESEARCH RECORD 1393

20
—{100
10 _
) &
) ] —50 =
g 2
= =
g 2
B &
N —
.
o Cover Plate Test Data —10
1 T LN B I S e 8 8 S JN Su B S B o R | T T 1T 1 TTTr
0° 10 1’ 10

CYCLES

FIGURE 10 Cover-plate data compared with 1986 version AA Code

Category E.

stant amplitude stress range that resulted in the same amount
of damage. Miner’s rule may be given by

) (ﬁ) =1 (1)

where n is the number of cycles applied at a specific stress
range and N is the number of cycles to failure at that stress
range. Assuming a straight-line S-N relationship, Miner’s rule
may be transformed to

S, = (E OL,-S?.-> ‘ 0)

b = slope of S-N curve, and
S,. = characteristic stress range for distribution.

For Miner’s rule, both nominal stress ranges and effective
stress ranges were calculated. Nominal values include all the
stress cycles in the spectrum, whereas effective stress ranges
include only those cycles contributing to crack growth. Gen-
eral trends in the behavior were the same, regardless of the
stress range definition employed.

Figure 11 illustrates. the predicted response of the cover
plate to a linear stress spectrum shift with overload frequen-
cies varying from 0 to 0.1 percent. Crack growth occurred
even though the nominal stress range is below the constant
amplitude fatigue limit. The outermost point had a charac-
teristic stress range of 1.7 ksi and a maximum stress in the

where . spectrum only slightly above the fatigue limit of 3 ksi. Over-
o, = frequency of occurrence of ith stress range, loads of 1.0 ksi plus the maximum stress in the spectrum were
S,; = ith stress range in spectrum, considered as well. As the frequency of this overload in-
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FIGURE 11 Influence of overload on the fatigue resistance of cover

plates—linear spectrum.
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creases, the S-N curve is pulled downward or the resistance
is decreased. This is most pronounced for lives greater than
107 cycles. As the number of cycles in the spectrum exceeding
the constant amplitude fatigue limit increases, there is little
if any influence of the overload.

Figure 12 illustrates cover-plate response to a linear spec-
trum shift with no overloads but with all three definitions of
the characteristic stress. Each curve shows the same general
shape, and the difference between the stress ranges at any
given life is less than 0.6 ksi. This difference is largest at the
lowest stresses considered but becomes significantly smaller
as the number of cycles exceeding the fatigue limit increases.
In addition, it seems unlikely that stresses can be calculated
or measured within a 0.6 ksi spread; so many of the arguments
as to which stress definition is correct are of theoretical im-
portance only. This is to be expected, because most cycles in
the spectrum contribute to growth when the characteristic
stress approaches the fatigue limit. It is interesting to note
that the equivalent constant amplitude stress range falls be-
tween the bounds as defined by Miner’s rule.

SUMMARY

Residual stress measurements confirmed the existence of large
tensile residual stresses in full-scale welded aluminum com-
ponents. Peak stresses were on the order of 80 percent of the
parent metal yield strength, but the axial specimens showed
maximum values closer to 40 or 50 percent. Measurements
on tested, but undamaged, specimens showed that shakedown
was minimal and that the residual stresses are present for a
significant portion of the fatigue life. For general-purpose
design specifications, stress range is the appropriate strength
variable and any enhancement at full reversal should not be
taken advantage of.

Fracture toughness tests on 5456-H116 illustrated the ability
of the material to deform plastically in the presence of a notch
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at temperatures down to —200°F. Comparisons with A36 steel
revealed that in the context of allowable fatigue design pro-
visions, the aluminum alloy gave a higher degree of damage
tolerance and toughness. Fatigue tests on the beams con-
firmed the ability of the material to arrest cracks before com-
plete member separation. A36 has been used successfully in
welded structures for many years, so a properly designed
aluminum structure should give adequate performance.

Component fatigue tests showed that in general, the de-
tails on the beams defined the lower bound on fatigue resis-
tance compared to the flat-plate specimens. Current alu-
minum specifications are slightly overconservative for
Category C joints; some adjustment in the Category C al-
lowable design stresses is warranted. Cover-plate beam
details did not follow current design provisions. Further
long-life data review is warranted before Category E design
constraints are relaxed.

An extension of the fracture mechanics model demon-
strated that crack growth could occur when the characteristic
stress was below the fatigue limit. Furthermore, it seems likely
that variable amplitude behavior may be assessed using con-
stant amplitude design data and a fourth-order representation
Miner’s rule. Comparisons of different characteristic stress
definitions showed that the differences were small and were
largely of academic interest.

Opverloads had the greatest influence on the variable am-
plitude response when the number of cycles exceeding the
fatigue limit was small. As the frequency and magnitude of
the overload increased, the high cycle portion of the S-N curve
was pulled downward. The result was a reduction in fatigue
resistance. When exceedance levels became large, the over-
load appeared to have no influence on the cover plate be-
havior. A lack of variable amplitude data makes further rec-
ommendations difficult. Additional data are needed for
comparison to the models and for further development of
design guidelines.
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FIGURE 12 Comparison of effective stress range defined by Miner’s rule
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Economical Steel Box Girder Bridges

KeN D. Price

Composite steel box girder bridges have become an effective
alternative to more conventional plate girder bridges and concrete
girder bridges in North America in the past 25 years. At present
a number of innovations taking place in Ontario and elsewhere
have the potential of further enhancing the design, durability,
constructibility and, by extension, the economics of steel box
girder bridges. These innovations include reduction in the number
of boxes, posttensioning of the concrete deck, and construction
technology. These developments are by no means the end of
opportunities to further enhance steel box girder technology.
Combinations of steel boxes and concrete boxes, posttensioned
decks, single box girder bridges, multiweb and multicell boxes
are all design and construction options that have potential. For
the evolution of steel box girder bridges to continue, researchers,
code writers, and designers must continue to cooperate with own-
ers and agencies to take advantage of current advances in mod-
eling and analysis software, instrumentation and testing technol-
ogy, and the current trend among designers and researchers to
do more full-scale modeling, analysis, and testing of total bridge
structures.

Steel box girder bridges have become an accepted method of
constructing highway bridges. Significant design and construc-
tion advances have occurred in the past 25 years.

THE PAST

In 1965 the “Criteria for Design of Steel-Concrete Composite
Box Girder Bridges” were incorporated into the AASHTO
bridge specifications. These criteria were based on folded
plate analysis methods and scale model testing completed at
that time. Richard Fountain presented this background re-
search to the Canadian Society for Civil Engineering in 1968.
This research has provided the basis for current code provi-
sions in the AASHTO specifications, Ontario Highway Bridge
Design Code (OHBDC), and elsewhere for the past two or
more decades.

At the conclusion of his paper, Fountain made the following
comment: ‘“By using the least number of boxes practical to
support a cross section, it should be possible to obtain designs
requiring the least amount of steel. Such designs will also
require the least number of boxes to be fabricated and erected”
(I). This statement is fundamental to the design principles
presented in this paper.

THE PRESENT

There have been a few bridge projects recently for which the
designers have reduced the number of boxes to support a

Delcan Corp., 133 Wynford Drive, North York, Ontario, M3C 1K1,
Canada.

given cross section. The result has been a corresponding in-
crease in the number of design lanes per box. Some owners
and agencies have encouraged this trend through the technical
review and approvals process and through inclusion of pro-
visions in current codes that allow designers to move outside
the limitations of the original criteria published in 1965, pro-
viding they can demonstrate an appropriate methodology for
analysis and design. Significant economic advantage can be
achieved by reducing the number of boxes required to support
a given cross section.

Bridges are complex structures. For this reason, designers
have sometimes attempted to reduce their analytical models
to simple or continuous beams to reduce the analytical effort.
Design codes have reflected this approach. Typically a com-
plex bridge deck is idealized as a beam or an orthotropic plate
to assist designers by providing simplified methods of live load
distribution. This has resulted in bridges that are difficult to
calibrate to the actual design because many important char-
acteristics of the superstructure are ignored in the analytical
method. This situation is beginning to change.

Modeling bridges in three dimensions using elements de-
signed to simulate the behavior of actual bridge components
is particularly important for steel box girder bridges. Design-
ers are gradually moving in this direction as desktop hardware
and software with modeling capability becomes available in
the design office. The result will be bridges with a more uni-
form strength reserve, that are more economical as a result.
Researchers can begin to correlate structural responses based
on testing to actual designs.

THE FUTURE

The history of box girder bridges in North America is rela-
tively short. Many innovative and cost-effective steel box gir-
der bridges have been constructed in the past 25 years. Future
design innovations may include posttensioning of concrete
decks, precast decks, multimaterial designs that integrate con-
crete and steel box girders, multicell/multiuse, and single box
bridges. Construction innovations may include more incre-
mental launching and lateral sliding.

Current codes in North America generally provide design-
ers with a simplified method of live load distribution for bridges.
This approach is rational for a large percentage of the smaller
and less complex structures. However, it may be counter-
productive in some respects by limiting designers to approx-
imate solutions and simplified methods of analysis when a
more direct method of analysis and design could result in a
better understanding of bridge behavior and in significant
economies. This is particularly true of larger and more com-
plex structures.
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Limiting criteria in current codes restrict the designer to a
maximum number of design lanes per box. These criteria are
defined by the original research and development on which
the current provisions are based and have been used effec-
tively for many years. These limiting criteria should be re-
viewed carefully to explore box girder configurations outside
the limitations of the current code provisions. Further re-
search and development in this area have the potential for
increasing the cost-effectiveness of steel box girder bridges in
the future.

DESIGN FOR ECONOMY
Fewer Boxes

Steel box girder bridges are inherently more efficient than
conventional plate girders and reduce the amount of steel
required for bending and shear by virtue of their torsional
stiffness and enhanced live load distribution. A significant
incidental benefit is the reduced transverse bending in the
deck due to better load sharing between boxes and corre-
sponding reductions in differential deflections.

Figure 1 demonstrates schematically how the torsional stiff-
ness of a closed box girder section contributes to better live
load distribution in a bridge superstructure.

Several current codes contain the following live load distri-
bution provisions for composite steel box girder bridges. The
provisions are in accordance with the 1989 AASHTO bridge
specifications, Clause 10.39.2.1, and the 1983 Ontario High-
way Bridge Design Code (OHBDC), Clause 3.7.1.4.2(b).
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TABLE 1 Bridge Design in Ontario
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APPLIED LOAD

TORSIONAL RESISTANCE

FIGURE 1 Live load distribution.

where

W, = fraction of wheel load;
NW

R = ;
number of box girders
N,, = number of design lanes;
N, = WJ12, reduced to nearest whole number; and

=
I

roadway width between curbs (ft).

As can be observed in Table 1, Ontario designers have typ-
ically designed bridges for one design lane per box. This is
not accidental, given the limiting criteria for R.

On several recent projects listed in Table 1, there have
been significant increases in the ratio of design lanes per box.

Figure 2 demonstrates how the total live load carried by a
given cross section decreases as the number of boxes is re-
duced. In the process, the amount of steel in the bridge has
been reduced. This is a result of the inherent torsional be-
havior that makes steel boxes more efficient for live load
distribution, but, more significantly, it is a result of reducing
the number of webs. Webs are typically underused in box
girder bridges. Minimum thicknesses are required for fabri-
cation and handling. Much of the web in a bridge cross section

SPAN NUMBER OF R

(m/ft) LANES® GIRDERS
Communication Rd 58/190 2 2 1
Burnstown 76/249 2 2 1
Lacroix 46/151 4 4 1
Whirlpool 50/164 3 3 1
Brimley 51/167 3 3 1
Trenton 74/243 2 2 1
Burlington Bay 64/210 5 3 1.67
Skyway
Hunt Club 100/328 3 1 3
Hwy 407 80/262 7 2 3.5
Humber 1 81/266 3+ 2 1.5
Humber 2 81/266 5 2 2.5

¢ Design Lanes as defined by AASHTO (1989) and OHBDC (1983)
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650 FEET (4 - DESIGN LANES)

W| (PER BOX}) = 201x 4 BOXES (R = 1)

TOTAL = 8.04 WHEEL LOADS

W, (PER BOX) = 257 x 3 BOXES (R = 1.33)

TOTAL = 7.71 WHEEL LOADS

W_ (PER BOX) = 3.71x 2 BOXES
TOTAL = 7.42 WHEEL LOADS
® EXCEEDS CURRENT AASHTO LIMITATIONS

R = 2°

FIGURE 2 Total live load.

‘is required to provide a reasonable separation between the
top and bottom flanges and occurs in areas of relatively low
shear.

Redundancy and Fatigue

Redundancy becomes an issue in multispine bridges where
the number of spines is reduced. Several factors alleviate this
concern for box girder bridges:

® As the number of girders is decreased, the ratio of dead
load to live load increases. This in turn reduces the stress
ranges for fatigue and the potential for fatigue problems.

® Boxes consist of individual plate elements. It can be ar-
gued that as such, even single box girder bridges have multiple
load paths and significant redistribution potential.

® Fatigue cracks in the web will typically commence in re-
gions of high stress and move toward regions of lower stress.
This has the effect of slowing rather than accelerating the
propagation of these cracks.

e Sometimes the designer will choose to carry longitudinal
bottom flange stiffeners continuously through positive mo-
ment regions for stability and strength, particularly during
construction. This provides additional load paths should fa-
tigue cracks develop in the flanges.

® The same arguments can be applied to longitudinal web
stiffeners.

® Quality control continues to improve in fabricating plants.
Fully automated welding, NDT methods, and girder building
machines are increasing the quality of the finished product.
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Unit Weight of Steel

Figure 3 represents the relationship between the unit weight
of steel in a bridge relative to its longest span. These curves
represent a data base of several hundred steel bridges con-
structed in Ontario between 1980 and 1990. Several obser-
vations can be made from this figure:

® Single-span bridges become inefficient compared to mul-
tispan bridges in the range of 40 m (130 ft).

® The unit weight of steel for multispan continuous bridges
is linearly proportional to the span.

o The unit weight of steel is consistently reduced where the
number of boxes is reduced (R > 1.5) on the basis of these
data.

Figure 4 illustrates an actual bridge for which an alternative
preliminary design was completed using two boxes instead of
four. This bridge is a five-span structure with main spans of
72 m (236 ft) and an overall length of 319 m (1,047 ft). The
alternative design reduced the total weight of steel in the
structure by 500 tonnes (550 tons), or about 20 percent of the
total.

Longer Transverse Deck Spans

Reducing the number of boxes increases the transverse deck
spans. This could be considered a disadvantage. Several so-
lutions to this apparent disadvantage could be considered by
the designer:

® Increasing the deck thickness,
e Vaulting the deck soffit,

® Considering arching action, or
® Transverse posttensioning.

Increasing the deck thickness, within limits, can have cer-
tain benefits: increased stiffness, reduced cracking, increased
mass, and better dynamics are examples. The cost of material
and forming probably begin to offset these benefits for av-
erage deck thicknesses of more than 250 to 300 mm (10 to 12
in.).
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FIGURE 3 Unit weight of steel.
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FIGURE 4 Longer deck spans: top, conventional cross
section; bottom, alternative cross sections.

Vaulting the deck results in a thicker deck, which requires
more concrete. Some benefits are associated with this prac-
tice, including enhanced durability and damping of dynamic
effects.

Deck arching becomes more effective in resisting live loads
when the deck thickness is increased. Deck arching has been
adopted by some agencies (such as Ontario) when certain
geometric criteria are met; it reduces significantly the amount
of reinforcing steel needed.

Current code provisions have relatively stringent require-
ments for the maximum tensile stress in concrete decks. The
result can be a significant amount of reinforcing steel for
longer spans. Transverse posttensioning is a cost-effective way
of controlling the maximum design tensile stress, providing
the required strength and reducing the amount of normal
reinforcement at the same time.

As the deck span increases between adjacent girders, the
designers must consider the distribution of both live load and
dead load effects for the following components and config-
uration of the design:

® Framing,

® Transverse deck bending,
o Girder torsion, and

® Bearing configuration.

The relative stiffness and interaction of these elements is
fundamental to the behavior of a steel box girder bridge. If
the designer wishes to consider single bearings, for example,
the torsional effectiveness of the girders for live load distribu-
tion may be significantly reduced as the torsional fixity pro-
vided by double bearings is eliminated. This has the effect of
redistributing torsional effects into the cross frames and the
deck.
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Deck Posttensioning

As a result of reducing the number of boxes, the transverse
deck span can exceed the practical limits for normally rein-
forced concrete and transverse posttensioning becomes nec-
essary. The transition to posttensioning appears to be nec-
essary in the range of 5 to 6 m (16-20 ft).

The following parameters were used on a recent bridge
using transverse posttensioning in Ontario: the clear span
between boxes was 9.86 m (32 ft 4 in.); the deck thickness
varied from 260 to 460 mm (10.24 to 20 in.). The transverse
posttensioning consisted of four 15-mm (% in.) strands at 700-
mm (30-in.) centers.

The cross section of this bridge is illustrated in Figure 5.
Figure 6 is a schematic representation of the posttensioning
layout, staging, profiles, and type. This deck was postten-
sioned using a combination of strand and threadbar to ac-
commodate geometric and staging constraints.

Table 2 gives some of the key data used for this postten-
sioning design. The amount of reinforcing steel compares fa-
vorably to Ontario deck designs, which average 30 to 40 kg/
m? (6 to 8 1b/ft2) based on the empirical deck design provisions
of the OHBDC, and transverse deck spans that vary from 2
to 4 m (6 to 12 ft). Posttensioning the deck can have significant
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FIGURE 5 Posttensioned deck, Highway 407.
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FIGURE 6 Posttensioning profiles: top, strand; bottom,
threadbar.
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TABLE 2 Key Data Used for Posttens‘ioning Design
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Datum

Value

Class of concrete

Ultimate tensile strength of transverse strand
Ultimate tensile strength of transverse threadbar
Average transverse prestress in concrete deck

Maximum design tensile stress at SLS II¢

Maximum design compression stress at
SLS II-

Total weight of posttensioning steel

Total weight of reinforcing steel

40 MPa (5800 psi)
1860 MPA (270 ksi)
1030 MPa (150 ksi)
1.49 to 3.18 MPa
(216 to 462 psi)
1.52 MPa (220 psi)

15.98 MPa (2,320 psi)
9.2 kg/m? (1.88 psf)
46.0 kg/m? (9.42 psf)

aSLS II refers to Serviceability Limit State II as defined by the 1983 OHBDC. This limit state limits deformations

and cracking.

advantages relative to the amount of reinforcing requlred for
longer transverse spans.

These decks responses, and in particular the maximum de-
sign tensile stress, conform to the ASSHTO criteria of 1.57
MPa (228 psi) for severe exposure conditions. The amount
of transverse reinforcing steel required for this design con-
sisted of 20M bars at 225 mm (No. 6 bars at 8.5 in.) top and
bottom.

In some cases, depending on the relative transverse spans,
cross-frame stiffness and box girder proportions, transverse
posttensioning effects can result in a significant redistribution
of bearing reactions and axial forces in crossframes. The de-
signer must account for these effects in the analysis and
design.

Bracing, Framing, and Diaphragms

Several different elements of the framing and bracing systems
are effective in distributing live and dead loads through the
structure:

o Cross frames between boxes,

o Diaphragms inside and outside the boxes,
e Upper lateral bracing inside the boxes, and
o Distortion bracing within the boxes.

It is imperative that the designer take full account of the
proposed bracing configurations and the relative stiffness of
each for the distribution of both dead and live loads within
the structure. In many cases dead load governs the design—
particularly for larger spans, bigger boxes, and wide cross
sections. Staged placement of the deck concrete can produce
very different responses within the steel girder and bracing
systems than the responses predicted by simultaneous place-
ment of the deck. This factor becomes important as the spans
increase over 60 m (200 ft) in conjunction with transverse
eccentricity of the dead load relative to the shear center of
the boxes.

One bracing option and associated details are shown sche-
matically in Figure 7. This continuous transverse framing sys-
tem is carried into each box and occurs at quarter points.

Nonprismatic Girders

Intermediate- and long-span bridge girders with the same ap-
proximate shape as the bending moment diagram use material
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FIGURE 7 Crossframe (top) and detail (bottom).

most efficiently. In most cases it is possible to reduce, and in
some cases even eliminate, changes in flange-plate thickness.
This has the benefit of reducing fabrication costs associated
with shop splices.

In addition to the above, haunched girders typically are
reduced in depth in regions where there is reduced shear with
associated material savings in the web.

Fountain originally predicted that a span-to-depth ratio
(L/d) for box girders in the range of 25 would result in the
most economical design. He also noted that box girders would
conform to current AASHTO provisions for live load deflec-
tion with a span-to-depth ratio as high as 40. Typically in
Ontario, noncomposite span-to-depth ratios are in the order
of 30 to 32 and composite ratios are in the order of 28. Deeper
girders have been used when incremental launching is pro-
posed, to control cantilever deflections when necessary.

A nonprismatic girder can be proportioned in such a way
as to require a single thickness of bottom flange throughout
the entire bridge. This minimizes the need for bottom flange
shop splices at thickness changes. For example, a three-span
bridge with spans of 32 X 46 X 32 m (105 x 151 x 105 ft)
was designed recently with a continuous 16-mm (%-in.) bot-
tom flange plate throughout the entire bridge. The span-to-




94

depth ratio at the piers was 27 and at midspan, 42. This
resulted in a very economical steel box.

Use of a nonprismatic girder usually results in material
savings when the design is properly executed. With the use
of modern digitally controlled cutting machines there is little,
if any, cost penalty in fabricating webs with variable depths.
Webs are frequently cut to a profile for curvature or camber
in any event.

Trapezoidal Section

The typical trapezoidal section used in many box girder bridges
has the benefit of allowing the designer to provide the same
amount of material required in the bottom flange for bending
- in a thicker plate. This increases the stability of the wider
bottom flanges and reduces the need for longitudinal stiff-
ening.

Typically the neutral axis goes up in a trapezoidal section
and makes the bottom flange more efficient. This does not
necessarily mitigate against the efficiency of the top flange
because most of the load in the top flange is dead load due
to composite action of the deck for live loads.

In addition, the trapezoidal shape is inherently more stable
for fabrication and erection and reduces the fatigue problems
arising from secondary vibrations.

Software

There is good news for the designers of larger and more
complex steel box girder bridges. Software exists that enables
the designer to model, analyze, and design for the specific
responses of a complex box girder bridge of any configuration.
If the designer had to list modeling, analysis, and design tools
in order of importance, accurate bridge modeling would prob-
ably be the most important tool. The value of a software
package that provides the designer with the tools for building
a realistic yet practical model of his bridge for analysis cannot
be overestimated.

DESIGN FOR CONSTRUCTION
Erection Methods

Designers should work closely with contractors for construc-
tion design. Specialist contracting experience exists that, if
properly considered during design, can be effectively incor-
porated into the contract documents without eliminating ef-
fective competition, and can reduce construction costs.

Conventional Techniques

More and more structures are being constructed in urban
areas where access is increasingly difficult because of built-
up conditions and adjacent infrastructure. These conditions
make the erection of steel girders more attractive where field
sections can be placed quickly at night with limited impact on
the traveling public. By contrast, falsework construction for
concrete bridges can be expensive, time-consuming, and in
many cases disruptive.

Reducing the number of boxes will generally result in fewer
field sections. Fewer field sections means fewer field splices.
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Offsetting this advantage is the fact that the field sections will
generally increase in weight. Field sections should be sized as
a function of local fabricator and contractor capability. Fab-
ricators and contractors normally prefer to fabricate sections
that are a maximum of 45 tonnes (50 tons) but are capable
of increasingly large sections, in some cases up to 105 tonnes
(115 tons) or more.

Incremental Launching

Reducing the number of boxes is a direct advantage for steel
bridges that must be incrementally launched.

In some cases, new infrastructure projects for ““green field”
locations are subject to increasingly onerous environmental
restrictions. In other cases, existing transportation functions
or site topography impose significant limiting criteria for con-
ventional construction techniques. Mobilization of large cranes
and delivery of field sections to environmentally sensitive or
functionally difficult locations are specifically prohibited by
owners and other agencies. Steel boxes are ideally suited for
incrementally launching given their relatively light weight and
inherent torsional stability (particularly on curved bridges),
their reduced self-weight relative to concrete, and the fact
that they can be fabricated off-site and off the critical path
for construction.

One of the advantages to incremental launching of steel
box girder bridges is that in most cases they can be launched
over longer spans without the expensive intermediate piers
and bents required for incrementally launched concrete bridges.
In addition, steel boxes require very limited additional design
effort or material to be added to the girder section for launch-
ing. Incrementally launched concrete structures must be de-
signed specifically for the launching conditions because of the
dead weight associated with concrete cantilevers. Concrete
structures likewise are very sensitive to dimensional toler-
ances and elastic/inelastic deformations. Steel structures are
forgiving and can experience large elastic deformations with-
out distress. During launching, steel box girders are typically
braced at the top flange, resulting in a quasiclosed section
that is torsionally relatively flexible. This arrangement pro-
vides torsional as well as flexural flexibility during launching
that assists in redistribution of launching reactions between
webs.

Sliding: A Case Study

Steel bridges provide the opportunity for innovative construc-
tion techniques. The opportunities sometimes increase as the
number of boxes is reduced.

The city of Trenton in Ontario, Canada, requested con-
sultants to submit a technical proposal for replacing an existing
swing bridge. The bridge spanned a busy recreational water-
way on a major highway feeding the central business district
of a popular tourist town. The owner specified several con-
straints:

e The new bridge was to be a fixed-span high-level crossing
to replace the existing swing span, which was becoming more
and more expensive to operate and maintain.

e The new bridge was to be located in the same position
as the existing structure to avoid any property acquisition on
the main street through town.
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® The new bridge was to be constructed without any impact
on existing traffic operations through the central business
district.

® The new bridge was to be constructed without any impact
on existing recreational boat traffic.

The solution consisted of a high-level fixed three-span box
girder bridge constructed in a temporary location adjacent to
the existing bridge. Construction was scheduled so the new
bridge could be built around the seasonal operation of the
existing swing span and then at off-peak hours be slid into its
final position in the location of the existing bridge. The final
bridge was 184 m (518 ft) long, carried two lanes of traffic
and two sidewalks, and weighed 3000 tonnes (3,300 tons). It
was slid into its final location in 3 hr 20 min.

Steel box girder technology provided the solution to con-
struction over a busy waterway without interruption to rec-
reational traffic and resulted in a structure light enough to be
relocated easily in a short time.

DESIGN FOR REHABILITATION
How Long Do Bridges Live?

Several factors should increase the durability, lifespan, and
feasibility of rehabilitation of steel girder bridges with a re-
duced number of boxes and longer posttensioned transverse
deck spans. These include

® Increased thickness of deck,

o Controlled cracking resulting from posttensioning,

® Increased capacity to carry live load under partial deck
demolition, and

® Staged deck replacement.

Recent statistics published by the Organization for Eco-
nomic Cooperation and Development (2) on the average life-
span of bridges in Europe indicate that bridges are usually
replaced for functional reasons before they reach their struc-
tural life expectancy. Life expectancies for a sample popu-
lation of steel and concrete bridges using an a posteriori es-
timation of bridge life were reported as follows:

Estimated Life
Bridge Material (years)
Steel 63
Reinforced concrete 59
Prestressed concrete 33

This study indicates that steel bridges can be expected to
last at least as long as concrete bridges. The bridge designer
should be sensitive to measures that make the bridge more
durable in the first place and that facilitate future rehabili-
tation.

What Components Die First?

Recent analysis of National Bridge Inventory (NBI) data in
the United States (3) has indicated that the most common
source of deficiencies in prestressed bridges is the concrete
deck. This is no doubt true of steel bridges as well.

One of the significant advantages of a slab-on-girder type
of structure is the fact that the deck can be replaced relatively
simply compared to a concrete box girder bridge. Replace-
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ment can often be accomplished incrementally under live traffic
conditions.

Other components of the superstructure can easily be replaced
or repaired on steel girder bridges to extend their service life
and increasing load-carrying capacity where required.

What To Do?

On the evidence that deck components are often the most
common cause of deficiencies, two options could be consid-
ered: (a) design decks to last longer in the first instance, and
(b) design decks as throwaway components to be replaced
when they have reached the end of their service life.

Slightly thicker concrete decks associated with longer trans-
verse spans that are transversely posttensioned should last
longer than thin decks using conventional reinforced concrete.

Steel structures that can be designed in the manner de-
scribed can be very attractive in the long term when total life-
cycle costs are considered, especially if they are capable of
significantly reducing negative impacts on existing traffic func-
tions at the same time.

CONCLUSIONS

Reduce the number of boxes wherever possible in steel box
girder bridges. This design principle will result in more effi-
cient box girder bridges for both design and construction.

® The amount of steel can be reduced. This results in re-
ducing fabricating cost, which is typically labor-intensive.

® Posttensioned decks are a cost-effective solution to longer
transverse deck spans. Conventional posttensioning in the
transverse direction can be introduced to enhance the strength
and durability of longer transverse deck spans.

¢ Construction technology such as incremental launching
is cost-effective in many structures. A reduced number of
boxes lends itself well to this technique. Launching is a proven
solution where site constraints mitigate against conventional
erection techniques. Owners and designers should address the
feasibility of incremental launching on a site-specific basis to
satisfy specific environmental or infrastructure constraints.

Reducing the number of boxes in a bridge cross section
will, in some cases, result in increased analytical effort. This
could well be an advantage, as the increased understanding
of steel box girder structures will result in more economical
structures and further design developments that will further
advance the state of the art for steel box girder bridges. This
benefit should more than offset the additional design effort.
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Vibration and Impact in Multigirder

Steel Bridges

ToN-Lo WANG, DoNGgzHOU HUANG, AND MOHSEN SHAHAWY

Vibration and impact due to multiple vehicles moving across rough
bridge decks are studied in seven steel multigirder bridges with
different span lengths. The bridges are modeled as grillage beam
systems. The vehicle is simulated as a nonlinear vehicle model
with 12 degrees of freedom according to the HS20-44 truck design
loading specified by AASHTO. Four classes of road surface
roughness generated from power spectral density function for the
approach roadways and bridge decks are used in the analysis.
The results indicate that the impact of exterior girders of short-
span bridges are highly sensitive to lateral loading position, ve-
hicle weight, road roughness, and so forth. Maximum impact
factors of girders were obtained for two trucks (side by side)
through changing their transverse positions, with different speeds
and road surface roughness. Results are useful for the bridge
design and the further study of impact formula proposed by
AASHTO.

The impact on highway bridges of vehicles passing across the
spans is a significant problem of interest to bridge engineers.
A considerable amount of literature exists on this subject.
The literature most relevant to this study concerns code pro-
visions, experimental impact values, and the models for ve-
hicles and bridges used in analytical studies.

"~ The 1989 AASHTO specifications (1) are the basis for the
design of highway bridges in many countries. They specify

50 .
=T W

where I is an impact factor not greater than 0.3, and L is the
loaded length in feet. The 1983 Ontario Bridge Design Code
(2) has introduced more conservative values of 1.

In the past two decades, many experimental studies re-
ported that high impact occurred in some highway bridges
(3-7). Many papers on the theoretical study of the dynamic
loading of girder bridges have been published during the past
three decades (§—-11). The theoretical and experimental in-
vestigations indicate that the impact of a bridge depends on
many factors: (a) the type of bridge and its natural frequencies
of vibration, (b) vehicle characteristics, (c) speed of the ve-
hicle, (d) the profile of approach roadway and of bridge deck,
(e) the damping characteristics of bridge and vehicle, (f) weight
of the vehicle, and so forth.

However, most of these previous studies used a planar beam
model or orthotropic model to simulate bridge structure and
a single car to simulate vehicle loading. A recent investigation

T.-L. Wang, D. Z. Huang, Department of Civil and Environmental
Engineering, Florida International University, Miami, Fla. 33199. M.
Shahawy, Structures Research and Testing Center, Florida Depart-
ment of Transportation, Tallahassee, Fla. 32310.

by Wang and Huang (12,13) has shown that the impact of
bridges was greatly influenced by the wheel-load distribution,
and the impact of each girder is not same. Nevertheless, a
thorough investigation on this subject needs to be conducted.

The present objective is to analyze systematically the vi-
bration and impact of multigirder steel bridges with seven
span lengths from 35 to 140 ft (10.67 to 42.67 m), under
the passage of design vehicle loading. The results obtained
are useful for further theoretical and field study of bridge
impact as well as for modification of highway bridge design
specifications.

MATHEMATICAL MODEL FOR VEHICLE

The mathematical model for HS20-44 truck loading is illus-
trated in Figure 1. The nonlinear vehicle model consists of
five rigid masses representing the tractor, semitrailer, steer
wheel/axle set, tractor wheel/axle set, and trailer wheel/axle
set, respectively. In the model, the tractor and semitrailer
were each assigned 3 degrees of freedom (df), corresponding
to the vertical displacement (y), rotation about the transverse
axis (pitch, or 8), and rotation about the longitudinal axis
(roll, or ¢). Each wheel/axle set is provided with two df in
the vertical and roll directions. The total degrees of freedom
are 12. The tractor and semitrailer were interconnected at the
pivot point (the so-called fifth wheel point; see Figure 1).
Both distances between the steer axle and the tractor axle as
well as the tractor axle and the trailer axle are taken as 14 ft
(4.27 m). The equations of motion of the system were derived
by using Lagrange’s formulation. Details of derivation and
data are discussed by Wang and Huang (13).

ROAD SURFACE ROUGHNESS

The power spectral density (PSD) functions for highway sur-
face roughness have been developed by Dodds and Robson
(14) and modified by Wang and Huang (13). They are shown
as

— 5) -2
S =A, |= )]
(¢) ( 3 |
where A
S(@ = PSD (m?%cycle/m)

wave number (cycle/m),

b,
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FIGURE 1 HS20-44 vehicle model: left, side view; right, front view.

A =
by =

roughness coefficient (m>/cycle)
discontinuity frequency = 1/(2w) (cycle/m).

The detail of the procedure has been discussed by Wang and
Huang (13). In this study, the values of 5 x 10~6,20 x 1076,
80 x 10-¢, and 256 x 10~¢ m*/cycle were used according to
International Organization for Standardization (ISO) speci-
fications (15) as the roughness coefficient A, for the classes
of very good, good, average, and poor roads, respectively.
The sample length was taken as 256 m (839.9 ft), and 2,048
(21*) data points were generated for this distance. The average
vertical highway surface profiles from five simulations are
shown in Figure 2.

BRIDGE MODEL AND EQUATIONS OF MOTION

To study the general impact behavior of steel multigirder
bridges, seven highway steel bridges were designed according
to 1989 AASHTO specifications (I) and the 1982 Standard
Plans for Highway Bridges of the U.S. Department of Trans-
portation (16). The span lengths range from 35 to 140 ft
(10.67 to 42.67 m). These bridges are designed for the HS20-
44 loading. Figure 3 (top) shows the typical bridge cross sec-
tion. All seven bridges consist of five identical girders that
are simply supported. The plan of the bridge with a span of
100 ft is given in Figure 3 (bottom); the other bridges have
similar arrangements. The number of diaphragms for bridges
with span lengths of 35, 45, 55, 75, 100, 120, and 140 ft (1 ft
= 0.305 m) are 1, 1, 2, 2, 3, 4, and 5, respectively. The
primary bridge data are given in Table 1.

The multigirder bridges are treated as grillage beam systems
(Figure 4). Dynamic response of the bridge was analyzed with
finite elément method. The bridge was divided into grillage
elements (Figure 5). The node parameters are

oy

where

(€)

{3} = [w.. 8, 6,]7 = displacement vector of left joint,

{3} = [w,6,,6,]7 = displacement vector of right joint,
w = vertical displacement in z-direction, and
0., 8, = rotational displacements about x- and y-axes, re-

spectively.

The equations of motion of the bridge are

[M){8} + [Ds){8} + [Ks){8} = {Far} (4)

where

[Mg] = global mass matrix;
[Kg] = global stiffness matrix;
[Dg] = global damping matrix;
{3}, {8}, {8} = global nodal displacement, velocity, accel-
eration vectors; and
{Fs;} = global nodal loading vector, resulting from
interaction between bridge and vehicle.

INTERACTION EQUATIONS AND NUMERICAL
METHODS

The interaction force of the ith axle between the bridge and
vehicle is given as

FSBT = K!yiUryi + DryiUryi (5)
where

K, = tire stiffness of ith axle,

D,,; = tire damping coefficient of ith axle, and

U, = relative displacement between ith axle and bridge
= Yu — (—uy) — (—wy), where y,, = vertical
displacement of ith axle,

u,,; = road surface roughness under ith axle (positive up-
ward), and
w,; = bridge vertical displacement under ith axle (positive

upward); w,, can be evaluated by nodal displace-
ments {8}¢ of element and displacement interpola-
tion function of element (12); a dot superscript de-
notes differential with respect to time.

The equations of motion of the vehicle are nonlinear, while
those of the bridge are considered linear. According to the
different characteristics of the equations of motion, the fourth-
order Runge-Kutta integration scheme (17) was used to solve
the equations of motion of the vehicle, while the solutions of
those of the bridge were determined by the mode-superpo-
sition procedure based on the subspace iteration method. The
main procedure for dynamic analysis of the bridges is dis-
cussed elsewhere (12).
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FIGURE 2 Vertical higliway surface profiles: left, right line; right, left line.

VIBRATION AND IMPACT CHARACTERISTICS

It is assumed that the bridges have damping characteristics
that can be modeled as viscous. One percent of critical damp-
ing is adopted for the first and second modes according to
the experiment results. The mode-damping coefficients were
determined by using an approach described by Clough and
Penzien (18). To obtain the initial displacements and veloc-
ities of vehicle degrees of freedom when the vehicle entered
the bridge, the vehicle was started in motion at a distance of
140 ft (42.67 m, i.e., a five-car length) away from the left end
of the bridge and continued moving until the entire vehicle
cleared the right end of the bridge. The same class of road
surface was assumed for both the approach roadways and
bridge decks.

Table 2 presents the first six frequencies of each bridge.
From the table, it is apparent that the first two frequencies
of each bridge— corresponding with bending and torsion modes,
respectively—are nearly the same.

To learn the space impact characteristics of multigirder
bridges, two loading cases, symmetric and asymmetric load-
ings of a single truck [Figure 6 (top) Loading 1 and Loading
2], are considered. Under the conditions of vehicle speed of
45 mph (72.41 km/hr) and good road surface, the lateral wheel-
load distribution factors and impact factors of three bridges
with span lengths of 35, 55, and 100 ft (10.67, 16.75, and 30.48
m), respectively, are computed and shown in Figure 7. The
wheel-load distribution factor acquired for the study is defined
as

m=F MQi/F MOt 6
where

Fro: = Fuoln

Fyo = sum of bending moment or shear of all girders at
one section,

number of wheel-loads in transverse direction, and

n
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TABLE 1 Properties and Masses of Bridges

Girder Intermediate diaphragm Diaphragm at ends

Span

length I 1" Mass (kips/in) r I Mass r 1" Mass
ft x 10* x 10° x10* | x10° | (kips/in) x 10* | x 10® | (kips/in)

(in%) (in*) Exterior Interior (in*) (in%) (in*) (in%)
girder girder

35 1.209 1.792 0.0927 0.0661 0.211 | 0.498 | 0.0027 0.211 | 0.498 | 0.0027
45 1.659 1.792 0.0941 0.0676 0.225 0.640 0.0027 0.225 0.640 0.0027
55 2.352 1.799 0.0967 0.0701 0.355 0.783 0.0027 0.228 0.782 0.0035
15 3.734 1.830 0.1052 0.0787 0.367 1.066 0.0027 0.256 1.065 0.0035
100 8.002 1.797 0.0991 0.0725 0.981 1.420 0.0057 1.852 1.420 0.0031
120 10.688 1.801 0.1037 0.0776 1.222 1.705 0.0064 2.802 1.704 0.0038
140 15.475 1.805 0.1078 0.0812 1.765 1.989 0.0064 3.965 1.988 0.0038

* Inertia moment.
** Torsional inertia moment.
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FIGURE 5 Grillage elements.
F,,o; = maximum bending moment or shear of one girder
at the section.

The impact factor is defined as
1,,(%) = [R/R, — 1] x 100% @)

in which R, and R, are the absolute maximum response for
dynamic and static studies, respectively.

Figure 7 (left) presents the static load distribution factors
and impact factors of each girder for the three bridges sub-
jected to lateral symmetrical loading of a single truck. It is

TABLE 2 Frequencies of Seven Bridges

interesting to observe from Figure 7 (left) that lateral static
and dynamic load distributions are quite different, especially
for short-span bridges. The larger the static lateral load distri-
bution factor is, the smaller the impact factor will be. The
impact factors of exterior girders are much larger than those
of interior girders. Therefore, taking an average impact factor
of all girders as that of each girder in the theoretical and field
study is not reasonable. However, the difference of impact
factors between exterior and interior girders will decrease with
the increase of span length.

Figure 7 (right) shows the results for the case of asym-
metrical loading of a single truck. The same relation between
static wheel-load distribution factor and impact factor will be
observed from Figure 7 (right). However, because of the effect
of torsion, the impact factors of Girders 1 to-3 have nearly
the same value.

Figure 8 gives the variation of the impact factors of moment
at midspan for exterior and center girders of three bridges
with varying vehicle weight. The results in Figure 8 were based
on the conditions of a single truck loading symmetrically [Fig-
ure 6 (top), Loading 1], 45-mph (72.41-km/hr) vehicle speed,
and good road surface. Figure 8 shows the impact factor in-
creases as the weight decreases. However, the relation be-
tween impact and vehicle weight is related to different span
lengths, girders, and cross sections. The shorter the span length
is, the more rapidly the impact factor will increase with less-

No. of Span Jength (ft)
frequency 35 45 55 75 100 120 | 140
1 11.657 8.231 6.467 4.185 3.502 2.791 2.410
2 11.754 8.368 6.588 4.327 3.526 2.814 2411
3 16.882 13.247 12.967 10.131 13.368 10.647 9.152
4 31.096 26.8717 24.970 16.236 13.617 11.186 9.694
5 44.844 31.713 25.282 16.533 13.961 13.956 15.488
6 44.854 31.729 29.996 20.054 18.767 17.796 17.654
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FIGURE 6 Truck-loading model: top, one-truck loading;
bottom, two-truck loading.

ening vehicle weight; the impact factors of exterior girders
increase much faster than those of center girders.

Figure 9 illustrates the variation of the maximum impact
factor with varying span length for two typical sections of
midspan and span fourth point. Figure 9 (leff) represents the
response of exterior girders, while that of center girders is
given in Figure 9 (right). The maximum impact factors were
obtained on the basis of the transverse position that can pro-
duce the maximum static response in the girders concerned
(see Figure 6) and vehicle speeds ranging from 15 to 75 mph
(24.14 to 120.68 km/hr).
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Figure 9 provides important information concerning the
relationship among maximum impact factor, span length, and
others. For all seven bridges, the maximum impact factors of
exterior girders are apparently larger than those of center
girders. Generally, the impact factors of moment of exterior
girders for bridges with span length in excess of 60 ft (18.29
m) are distinctly smaller than those evaluated according to
Equation 1, provided that bridges have a deck of good road
surface roughness. Higher impact factors will occur in the
bridges with short spans, for which the AASHTO specifica-
tions may underestimate the impact of exterior girders. Never-
theless, the impact factors of center girders of the seven bridges
with good road surface are all smaller than those predicted
by Equation 1. It seems that Equation 1 will overestimate the
impact of center girders for the bridges whose span lengths
are in excess of 55 ft (16.76 m). The variation of the impact
factors of moment at span fourth point with span lengths is
different from that at midspan. For the bridges with short
span lengths and very good roughness, the impact factors at
span fourth point are generally less than those at midspan.
For the opposite situation, most impact factors at span fourth
point are greater than those at midspan. Figure 9 also shows
that the impact of bridges increases considerably with increas-
ing road roughness.

CONCLUSIONS

1. The impact of each girder of steel multigirder bridges is
closely related to the lateral loading position of vehicles. Lat-
eral static and dynamic distributions of the bridges are quite
different, especially for short-span bridges. The larger the
static lateral distribution factor is, the smaller the impact fac-
tor will be. It appears more reasonable to study the maximum
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girders.

impact of each girder than to adopt the average value of all
girders in field investigations, particularly for short-span bridges.

2. Impact factors of bridges decrease with increasing vehicle
weight. However, the relation between the impact and the
weight of vehicle is correlated with different span lengths,
girders, and sections. The shorter the span length is, the more
rapidly the impact factor will increase with lessening vehicle
weight. The impact factors of exterior girders increase faster
than those of interior girders.

3. The maximum impact factors of interior girders for alil
seven bridges are significantly smaller than those of exterior
girders and less than the results calculated by AASHTO spec-
ifications, provided that the bridges have good road surface.
It appears that Equation 1 will overestimate the maximum
factors of moment for bridges with span lengths longer than
55 ft (16.76 m), especially for midspan. ‘

4. Generally, the maximum impact factors of moment of
exterior girders with span lengths longer than 75 ft (22.86 m)

are distinctly lower than those predicted by AASHTO spec-
ifications, provided that bridges have good road surface. For
bridges with short spans, it appears that Equation 1 may un-
derestimate impact value. This situation should be noted in
practice.
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Service, Fatigue, and Ultimate Load
Evaluation of a Continuous Prestressed
Flat-Slab Bridge System

RonaLp A. Cook, FErNaNDO E. FAGUNDO, ADRIAN D. R0OZEN, AND

HaAskeEL MAYER

A new type of short-span bridge system for traversing wetlands
and shallow waters (i.e., a trestle-type bridge) has been developed
and implemented over the Albemarle Sound south of Edenton,
North Carolina. The new system incorporates precast flat-slab
sections that are posttensioned for continuity. The new system
has the potential to replace traditional trestle-type bridges con-
structed using simple-span prestressed beams with a cast-in-place
deck. A continuous two-span, half-scale model of this precast,
posttensioned, flat-slab bridge system was built and tested under
various load conditions. The bridge was evaluated analytically
and experimentally for the transfer load case (deal load plus pre-
stress), the maximum negative moment service load case, the
maximum positive moment service load case, fatigue load, crack-
ing load, and ultimate load. The model bridge performed as pre-
dicted for all load cases. Comparisons between analytical and
physical models showed good correlation for all types of tests.
At service load levels the bridge exhibited an elastic response
with no evidence of cracking. The results of the fatigue load tests
showed no degradation of stiffness. The ultimate load and de-
flections of the new bridge system were readily predicted by stan-
dard behavioral models for prestressed concrete. With the cost
savings, short erection time, and multispan continuity of this sys-
tem, it should be considered a viable alternative to the standard
girder systems available for trestle-type bridges.

The selection of a bridge system for any application is linked
to the site’s physical constraints, such as clearances, accessi-
bility, sensitivity of environment, location, and availability of
local materials and labor. Even with these constraints a num-
ber of options remain to the designer, with the final selection
usually directed by cost and aesthetics.

Much work has been done in the area of standard pre-
stressed girders with cast-in-place bridge decks. These systems
are currently being used with a high degree of efficiency. To
realize further savings, new systems must be explored.

One new system consisting of a precast segmental flat-slab
bridge, posttensioned for continuity, has the potential to re-
place most low, short-span bridges such as those that traverse
wetlands and relatively shallow waters. This system has been
used successfully over the Albemarle Sound south of Eden-
ton, North Carolina (see Figure 1). A 50 percent to 60 percent
cost savings could be obtained with this system for certain
applications. The bid price for the superstructure of the ex-
isting bridge system was only $23/ft? (1).

R. A. Cook and F. E. Fagundo, Department of Civil Engineering,
University of Florida, Gainesville, Fla. 32611. A. D. Rozen, Kimley-
Horn & Associates, Inc., West Palm Beach, Fla. 33407. H. Mayer,
E. N. Bechamps & Associates, Inc., Miami, Fla. 33126.

The cost savings is realized through an efficiently designed
cross section and decreased labor costs through assembly-line
production of individual segments. Another advantage of this
system is an integrally cast pile cap in the bent segment. This
allows for the segment to be placed directly on piles without
the need for a bent to be formed and cast in the field. As
with any standardized system, the savings are proportional to
the repetition of the application.

OBJECTIVES

An experimental and analytical research program was un-
dertaken to evaluate the behavior of the new bridge system.
The objectives of the research program were to

1. Develop and construct a physical scale model of the bridge
system,

2. Test the model bridge system for service, fatigue, and
ultimate loads;

3. Develop analytical models to predict the performance of
the system; and

4. Verify the analytical results by comparing them with those
obtained from experimental data to develop a degree of con-
fidence in the new system.

EXISTING STRUCTURE

As mentioned, the original structure used as the basis for this
study is a bridge over the Albemarle Sound in northeastern
North Carolina on State Highway 32. The concept and design
for the bridge were developed by the Figg Engineering Group.
This posttensioned flat-slab concrete bridge system consists
of precast segments that range from 4.57 to 6.10 m (15 to 20
ft) in length with a cross section 34 ft 3 in. 10.44 m wide and
a center slap thickness of 413 mm (16% in.). The crown slope
is 2 percent and the edge slab thickness is 203 mm (8 in.).
The segments were transversely prestressed with both pre-
tensioned and postensioned steel in the casting yard. The
bridge was designed for three lanes of AASHTO (2) loading.
The segments were placed on temporary steel erection girders
that spanned pile groups (three piles per group). Concrete
then was placed in 1-ft closure joints between each segment
and in voids shaped like truncated pyramids directly over each
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FIGURE 1 Existing bridge.

pile to create the section 79.25 m (260 ft) long shown in Figure
1. The section was posttensioned longitudinally, after which
the temporary erection girders were removed. All postten-
sioning tendons were grouted. The total length of the original
project was approximately 5.6 km (3.5 mi).

TEST SPECIMEN

When a new structural system is developed, it is important
that the analytical models used to predict the behavior of the
system be reliable. One method of ensuring the validity and
reliability of the analytical models is by the physical testing
of a scale model of the system. The results of the analytical
models can then be compared with test results. The structural
model chosen for this study is shown in Figures 2 and 3. The

!‘93

297 m

test specimen chosen represents a two-span, three-segment,
half-scale model of the existing structure.

The model was constructed using two end segments and
one bent segment from the existing structure (see Figure 1).
Although the distance between the centerlines of the pile
groups at the end spans was 9.14 m (30 ft), the actual span
length was 8.79 m (28 ft 10 in.) because of end-bearing details.
The span length of the model was exactly half that of the end
spans of the existing structure as indicated in Figure 3. The
actual length of the end segments in the model was slightly
less than half the length of the full-scale end segment. The
discrepancy results from a protective concrete cover that was
provided over the tendon anchors in the existing structure.

All requirements for similitude between the model and ex-
isting system were met (3). To correctly model dead load,
dead load compensating blocks were distributed evenly over
the surface of the model bridge before posttensioning.

2

9'-9" 274m  9-0"
END SEGMENT BENT SEGMENT
(TYP)

522 m
17°=1 1/2"

152mm
\—6" CLOSURE JOINT—/

899 m

..

FIGURE 2 Model bridge: plan view.
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FIGURE 3 Model bridge: sections.

The model bridge was constructed using the same type of
erection procedure as used for the existing structure. The
bridge segments were cast on the floor of the laboratory. After
curing, the segments were placed on temporary shoring lo-
cated between the two end supports and center pier support
shown in Figure 3. Closure pours were then made between
the segments and in the three voids over the piers at the center
support. The bridge was then posttensioned and the tendons
were grouted, after which the temporary supports were re-
moved.

All nonprestressed and prestressed reinforcement in the
existing bridge system was duplicated in the model bridge
with appropriate similitude requirements. The prestressing
forces and losses were determined on the basis of the dimen-
sions of the model bridge. Details of nonprestressed and pres-
tressed reinforcement are provided by G. M Sabnis et al. (3).
In the model, all prestressing strands were 13 mm (0.5 in.)

SECTION C-C

in diameter, seven-wire, low-relaxation Grade 1860 MPa (270
ksi).

The concrete had-a 28-day compressive strength of 37.9
MPa (5,500 psi). Displacements were measured with 20 linear
variable differential transformers (LVDTs). Strains were
measured with internal and surface strain gauges.

TEST SETUP

Three loading systems were used during the testing program.
As shown in Figure 4, the service load tests (both static and
fatigue) were performed using a test apparatus that repro-
duced the effects of three lanes of the AASHTO (2) HS20-
44 truck load. Loading configurations were used that pro-
duced maximum positive and negative moments in the two-
span continuous bridge. These loading configurations repre-
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FIGURE 4 Load points for service load tests (static and fatigue).
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sent the controlling design conditions for the existing bridge.
Note that the loading arrangement shown in Figure 4 indicates
only four wheel loads per truck. The effects of the front wheels
of the standard AASHTO HS20-44 truck were neglected be-
cause their contribution to the overall maximum moment was
insignificant. As shown in Figure 4, in the maximum positive
moment test configuration all axle loads were placed in one
span, whereas in the maximum negative moment test config-
uration the axle loads straddled the center support. To be
sure of having equal loads on all wheels, the test rig was
designed to be fully determinate by using a series of stacked
beams and one central hydraulic ram.

A single line of concentrated loads was used for fatigue-
load testing after cracking and for the ultimate load test. The
loading arrangement used for these test series is shown in
Figure 5. Analysis based on conventional prestressed, rein-
forced concrete beam theory indicated that the positive mo-
ment load case (i.e., all the load on one span) would control
both the minimum cracking load and the ultimate load.

Because different loading configurations were used for the
positive moment load case, it was necessary to establish the
load equivalence between the configurations. For the three
lanes of truck loading used in the service-level load tests (Fig-
ure 4), the maximum load applied to the system was 250 kN
(56.2 kips). This load was based on three trucks, each with
four wheel loads of 71 kN (16 kip). The AASHTO (2) mul-
tiplication factor of 1.30 for impact and 0.90 for three lanes
of loading as well as the model scale factor of one-fourth for
load were included in the calculation of this load. For the
single line load configuration used for the ultimate load tests,
the equivalent load was determined to be 147 kN (33.0 kips).
The equivalence of this load was determined analytically by
influence lines and verified experimentally by both strain and
deflection measurements. This means that a total load of 147
kN (33.0 kips) applied as shown in Figure S produced the
same maximum strain and deflection as a total load of 250
kN (56.2 kips) applied in the positive moment load configu-
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ration shown in Figure 4. Therefore, a 1.70 multiplication
factor should be used to determine the equivalent Figure 4
load for a load applied in the Figure 5 test setup.

SERVICE LOAD TESTS

Experimental results obtained from the transfer (dead load
plus prestress) load case, the maximum positive moment
service load case, and the maximum negative moment service
load case are discussed and compared to analytical results.
Analytical results were obtained from a finite element analysis
(FEA) of the prestressed bridge system performed with com-
mercially available software (4).

Unless noted, all experimental results represent only the
load case under consideration (i.e., transfer plus dead load,
live load positive moment, and live load negative moment).
For example, the deflections shown for the positive moment
load case are the deflections that occurred during that load
case only, not the total deflections that occurred since con-
struction of the model. For the figures in this paper, positive
deflection is defined as up.

Test Results for Transfer (Dead Load plus Prestress)

Figure 6 shows the deflection profile measured along the lon-
gitudinal centerline axis of the bridge. In Figure 6, the ex-
perimental data in general show the same shape as the ana-
lytical data. One span exhibited higher experimental deflections
and the other span exhibited lower deflections compared to
the analytical solution. As more of the longitudinal stressing
occurred from the end with the higher deflections, this appears
to be reasonable. The loss of prestress because of tendon friction
and wobble would cause the deflections for the span farthest
from the stressing operation to have lower deflections.

036 m

522 m
1771 1/2°

119 m

124 m

O LOAD POINTS

FIGURE 5 Load points for cracking, fatigue load after cracking, and ultimate

load tests.
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FIGURE 6 Longitudinal deflection for transfer (dead load and
prestress).

Results for Maximum Positive Moment Service Load
Test

Figure 7 presents the longitudinal deflection curve at the cen-
terline of the bridge for the positive moment load case. The
shape of the longitudinal profile appears to indicate that the
structure was not performing as expected. Although the basic
form of the deformations is close to that predicted, the mag-
nitude of the measured deflections is smaller than those ob-
tained from the analysis. In the analysis, the center support
was modeled as a frictionless hinge whereas the end supports
were modeled as rollers. The test indicates that some stiffness
was in fact associated with the center pile support constructed
in the laboratory that allowed less rotation than expected;
this stiffness accounts for the differences in deflections. The
pile support constructed in the laboratory incorporated a built-
in hinge 229 mm (9 in.) below the bottom of the bridge deck
).

Test results for load-strain and load-deflection relationships
at all locations indicated linear response. Stress distributions
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FIGURE 7 Longitudinal deflection for maximum positive
moment service load test.
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through the slab thickness (determined from strain measure-
ments at the top, interior, and bottom of the slab) indicated
linear distribution in close agreement with analytical results.

Results for Maximum Negative Moment Service Load
Test

The longitudinal deflection profile in Figure 8 shows very good
correlation between experimental and predicted results. The
right span’s deflections were slightly less than those predicted.
This is attributed to that span having a greater prestress force,
which would tend to reduce deflections due to live load. Load-
strain and load-deflection relationships at all locations indi-
cated a linear elastic response.

Discussion of Service Load Test Results

The experimental results closely matched those predicted by
the analysis for all individual load cases. As previously noted,
the major differences occurred in the cases of transfer and
maximum positive moment load. For the case of maximum
negative moment load, the experimental and analytical results
matched almost exactly.

In the transfer load case, the measured deflections were
slightly higher than predicted in one span and lower than
predicted in the other. This difference can be attributed to
the posttensioning sequence used in construction of the bridge.

In the maximum positive moment load case, the measured
deflections were slightly less than expected in both spans. This
result can be attributed to the rotational stiffness of the center
pier support, which was not accounted for in the analysis.
The rotational stiffness of this support reduced the moment
transfer between spans. The result was smaller experimental
deflections than predicted by the analysis.

In summary, the model bridge performed very well and
remained in the elastic range of behavior. The test results
were close to the analytical predictions for each load case.
The service load tests are discussed further elsewhere (5).
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FIGURE 8 Longitudinal deflection for maximum negative
moment service load test.
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FATIGUE LOAD TESTS

Two types of fatigue load tests were performed. The first type
of fatigue load test was performed for the maximum service
level fatigue loading expected on the bridge. This maximum
was considered to be two lanes of AASHTO HS20-44 truck
loading. This condition assumes that two trucks are located
at the worst possible position at the same time. This type of
fatigue test was conducted for a total of 3 million cycles, which
was considered to be far in excess of the number of cycles
that the actual bridge would experience for this load condi-
tion. The loading was applied as shown in Figure 4. The total
load for this type of test was determined to be 185 kN (41.6
kips) based on eight wheel loads of 71 kN (16 kips), an impact
factor of 1.3, and a model scale factor of one-fourth for load.

The second type of fatigue load test was conducted after
the bridge was cracked. The loading configuration shown in
Figure 5 was used for this test. The maximum fatigue load
for this type of test was 150 percent of the design service load
of three lanes of AASHTO HS20-44 truck loading. Two mil-
lion cycles of fatigue load were performed for this type of
test.

To determine if any degradation in stiffness had occurred,
a static load test equivalent to the maximum service level
design load of three AASHTO HS20-44 trucks was performed
about every 100,000 cycles. For each of these static tests, the
relative stiffness of the system was evaluated by dividing the
applied load by the displacement measured at different lo-
cations in the spans.

Results for Fatigue Load Tests

Two load configurations were used for the service level fatigue
load tests. The first 2 million cycles of load were applied with
the test setup in the maximum negative moment test config-
uration (see Figure 4). Another 1 million cycles of loading
were performed with the test setup in the test configuration
of maximum positive moment (see Figure 4). Figure 9 shows
the actual load history for these tests as a percent of the two-
lane AASHTO HS20-44 truck loading. No degradation in
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FIGURE 9 Load history for service level fatigue tests.
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stiffness or variation from linear behavior was observed during
these tests.

After the service-level fatigue load tests were performed,
the loading configuration was changed to the single line load-
ing indicated in Figure 5. The bridge was then loaded mon-
otonically until cracking occurred at a load of 418 kN (94
kips). As observed, this load was equivalent to 710 kN (160
kips) applied in the positive moment test configuration in
Figure 4 (1.70 multiplication factor for converting Figure 5
loads to Figure 4 loads). After the bridge was cracked, another
2 million cycles of load was applied in the test configuration
in Figure 5. The maximum load applied for this test was 220
kN (49.5 kips) and the minimum load was 89 kN (20 kips).
The maximum load was equivalent to 150 percent of the three-
lane service load, 200 percent of the two-lane service load,
28 percent of the predicted ultimate load, and 26 percent of
the measured ultimate load. No degradation of stiffness or
variation in linear behavior was observed over the course of

this test.

" Discussion of Fatigue Load Test Results

No degradation of stiffness or structural integrity was noted
during any of the fatigue load tests. The system response
remained linear elastic throughout the fatigue load testing
program. This is not surprising as the load applied in these
tests was below the cracking load of the prestressed bridge
system. As with most prestressed, posttensioned systems with
grouted tendons, reasonable fatigue loading does not affect
the integrity of the system. To obtain early fatigue failure,
the bridge would need to be subjected to fatigue loads above
cracking. In the case of this particular system, this would
amount to a loading above 50 percent of the ultimate load or
270 percent of the three-lane design service load. Because
these load levels will never be experienced in the actual bridge,
it is reasonable to assume that fatigue loading is not a problem
for the new bridge system. Further discussions of the fatigue
load tests are presented elsewhere (6,7).

ULTIMATE LOAD TEST

The predicted behavior from service load to ultimate load was
determined from conventional prestressed, reinforced con-
crete beam theory (8). The analysis indicated that the critical
load condition was controlled by flexure due to positive mo-
ment. Punching shear at the center piers, negative moment
over the piers, and negative moment in the unloaded span
also were investigated as possible critical load conditions. These
factors were found not to produce the minimum cracking or
failure load on the bridge system.

For cracking and ultimate load analysis, the entire cross
section of the three-lane bridge was considered a longitudi-
nally spanning beam continuous over three supports. The
moment-curvature diagrams for both the loaded and unloaded
spans were developed to predict the results. Because the cross
section and reinforcement in both spans were identical, one
moment-curvature diagram was developed. The live load pro-
duces positive curvature in the loaded span, whereas in the
unloaded span the live load produces negative curvature. The
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moment-curvature diagrams for both spans are shown in Fig-
ure 10. Before the addition of any live load, the moment in
both spans resulting from dead load and secondary moments
was determined to be 55.6 kN-m (41 kip-ft). According to
Figure 10, this indicates an initial negative curvature in both
spans that is verified by Figure 6.

The values on the moment-curvature diagram in Figure 10
were used to predict the cracking load of 342 kN (77 kips)
and ultimate load of 787 kN (177 kips) of the bridge system.
The moment-curvature diagram in Figure 10 was also used to
predict the load-strain and load-deflection behavior of the
system.

Results for Ultimate Load Test

Figure 11 shows the measured longitudinal displacements for
various stages of the ultimate load test. Displacements were
linear up to the cracking load of 418 kN (94 kips). After initial
cracking in the loaded span, the deflection under the load
increased significantly. The unloaded span also cracked at the
construction joint between segments before ultimate load and
began to experience large upward deflections. The observed
crack in the construction joint was minimal and confined to
the interface between the cast-in-place closure joint and the
end segment. The formation of this crack should not be con-
sidered to be detrimental to the performance of the bridge
system because it occurred at a load substantially higher than
the design service load.

Figure 12 shows the predicted and measured strains on the
top surface of the concrete at the bridge centerline directly
under the load for the ultimate load test. The predicted and
measured strains are in close agreement. Figure 13 shows the
measured load-deflection relationship at the bridge centerline
directly under the load compared to the calculated load-de-
flection relationship for the ultimate load test. Figure 13 in-
dicates that the predicted results are in close agreement with
test results.

The actual ultimate load for the bridge system was 832 kN
(187 kips). The controlling failure mode was by flexural failure
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resulting from crushing of the concrete at the top surface of
the bridge deck directly under the load. The flexural compres-
sion failure occurred over about half the width of the bridge
at this location.

Discussion of Ultimate Load Test Results

Both Figures 12 and 13 show that the predicted results are in
close agreement with test results. This fact indicates that the
behavior of the bridge system from service load to cracking
load and from cracking load to ultimate load is readily pre-
dictable by the theory of conventional prestressed, reinforced
concrete beam. The ratio of experimental to predicted crack-
ing load was 1.22, and the ratio of experimental to predicted
ultimate load was 1.06.

In both experimental and predicted results, the cracking
load was about 2.5 times the design service load, and the
ultimate load was about 5.5 times the design service load.
Further discussion of the ultimate load test is presented else-
where (7).

SUMMARY

A half-scale model! of a flat-slab bridge system that was con-
tinuous, precast, and posttensioned was built and tested for
service load, fatigue load, and ultimate load. Individual load
cases studied included transfer (dead load plus prestress),
maximum negative service load moment, maximum positive
service load moment, fatigue load before and after cracking,
and ultimate load. Analytical models were developed and the
results were compared to experimental results.

For the tests of service load, the model bridge remained in
the linear elastic response range throughout its loading his-
tory. No cracking developed and the data indicated that the
bridge remained in compression for all load cases. Test results
compared well with results predicted by analysis.

No degradation of stiffness or loss of structural integrity
was noted in 5 million cycles of fatigue loading. The behavior
of the bridge system remained linear after the fatigue load
tests.

The results of the ultimate load test indicate that the be-
havior of the bridge system can be determined from conven-
tional prestressed, reinforced concrete beam theory. Both the
cracking strength and ultimate strength of the system were
well in excess of minimum AASHTO requirements.

CONCLUSIONS

The multispan bridge system appears to be an excellent al-
ternative to the standard simple-span prestressed girder sys-
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tem for short-span applications that traverse wetlands and
shallow water. The behavior of the new system is readily
predicted by standard analytical and behavioral models.
With the apparent cost savings, short erection time, and
multispan continuity of this system, it should certainly be
considered as an alternative to the simple-span prestressed
girder system with a cast-in-place deck for this application.
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Effect of Alternative Truck Configurations
and Weights on the Fatigue Life of

Bridges

MoHAMMAD A. KHALEEL AND RAFIK Y. ITANI

The life of a bridge is principally influenced by repetitive loading
resulting from vehicular traffic. The service data on the fatigue
life of concrete, reinforcing bars, and prestressing steel show
considerable scatter in their service life. This is due to both the
stochastic nature of the imposed loading and the variability in
their strengths as determined by the quality control in their man-
ufacture. The fatigue life of partially prestressed concrete girder
bridges, subjected to a spectrum of traffic imposed by the Poisson
arrival of various categories is investigated. Each category ex-
amined has a different expected frequency of arrivals per unit
time and a different distribution of gross weight. The allocation
of the live load to the girders in skew and normal bridges is
determined using the finite element method. The girders of the
bridge are each assumed to be part of a series system consisting
of four components: prestressing strands, reinforcing bars, cast-
in-place concrete slab, and precast girder. The nine-axle B-train
double trucks were found to be most damaging, whereas two-
axle single trucks were least damaging. The incremental damage
caused by each truck depends on the truck configuration, gross
weight, axle-load distribution, and lateral load distribution. The
median life of ordinary reinforcing bars is the lowest among the
girder components.

Concrete structures, when subjected to fluctuation in strain
during duty cycles, will eventually accumulate sufficient dam-
age within the constituent materials of their components to
limit their useful service life. These repetitive loadings can
reduce bonding properties at the interface between steel and
concrete and lead to cracks of substantial width, thereby al-
lowing extensive deflections under service loads. The degree
of damage is a function of many factors. Principally, these
factors are the number and magnitude of the stresses during
load cycles; the variability of loads; the configuration of the
loads and their allocation to the structural components in-
ducing the corresponding strains; and the degree of micro-
scopic cracking with resultant change in constituent material
properties.

A primary example of such structures of importance in civil
engineering is the partially prestressed concrete (PPC) girder
bridges that are subjected to repeated heavy loadings from
truck traffic. The effect of loading on the bridge components
is modified somewhat through different truck designs now
necessary because of extreme truck weight allowed. If, as a
result of these continual load fluctuations, significant cracking

M. A. Khaleel, Automation and Measurements Department, Bat-
telle Pacific Northwest Laboratories, Richland, Wash. 99352. R. Y.
Itani, Department of Civil and Environmental Engineering, Wash-
ington State University, Pullman, Wash. 99164.

occurs in the concrete and material losses occur with the al-
teration of the material properties entailed, the structure may
eventually fail in fatigue.

Nearly 45 percent of the nation’s 600,000 bridges have been
classified by FHWA as severely damaged and deteriorated
because of heavy vehicles, natural environmental hazards, or
lack of maintenance. Many studies using various experimental
techniques, have been conducted to investigate the fatigue
properties of prestressed concrete girders. In some instances,
the reliability of the results of the tests was questioned by
members of the prestressed concrete industry who claimed
that inappropriate test techniques were used or that the ex-
perimenters were ignorant of material properties (7).

All available data on the fatigue life or cumulative damage
of structural materials show considerable scatter and lack of
deterministic predictability. This is due both to the variability
of material properties among specimens and to uncertainties
in predicting the deterioration of the structural material under
cyclic loading. Moreover, simplified deterministic methods of
analysis do not allow for uncertainties in calculating actual
loads that will be applied to the structure. Most studies on
the safe-life for concrete structures not only have ignored the
considerable scatter induced by material variability and the
randomness in anticipated loads but also have bypassed the
necessity of censoring (i.e., aborted tests or run-outs in the
specimens) the fatigue-test data.

Adopting Turner trucks may contribute significantly to fa-
tigue damage of PPC bridges because cracks are more likely
to develop in the bridge girders. Crack formation will accel-
erate fatigue damage and shorten the lives of these bridges.
The present objective is to develop a model of fatigue reli-
ability for PPC bridges using a theory of stochastic cumulative
damage to evaluate the bridges in the nation’s highway
system.

LOAD MODELS

Truck weight is considered to be well defined by the inverse
Gaussian distribution (2). In this study, the trucks are grouped
into six categories on the basis of the number of their axles.
Table 1 shows the categories of trucks and the average and
standard deviations of their gross weight in each class. Be-
cause of the lack of statistical data on such trucks, the coef-
ficient of variation of a Turner truck weight is assumed to be
.30. Hwang and Nowak (3) found that the mean value of
dynamic load factors and coefficient of variation for pre-
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TABLE 1 Truck Categories and Their Statistical Parameters

Class A.W.* S.D.° Axle Spacing Axle Weight
(KN) (KN) (m) Distribution
2-Axle Single 70. 26.6 5.1 =°¢ - - - - - - 33.6 66.4 -
3-Axle Single 124. 30.0 5.1 1.3 - - - - - - 30.1 69.5 -
4-Axle Semi- 144. 53.9 3.6 7.7 1.1 - - - = - 17.9 38.3 43.8
Trailer
5-Axle Semi- 226. 78.7 3.6 1.3 8.7 1.2 - - - - 13.9 48.1 38.0
Trailer

5-Axle Split 240. 78.3 3.7 1.3 7.7
Nine-Axle B~  494. 148. 3.0 1.3 7.3

Train Double

2.8 - - - - 11.9 47.5 40.5
1.3 1.3 1.3 7.2 1.3 9.91 11.3 11.3¢

* Average dgross weight of a truck.
® standard deviation of truck weight.
¢ Not applicable.

¢ All other 6-remaining axles have the same weight.

stressed concrete girder bridges are span-dependent. The dy-
namic load factor (I) is assumed to be log-normal; its coef-
ficients of variation are equal to .53 and .62 for bridge spans
of 80 and 100 ft, respectively. The mean value of I is constant
and equal to 0.12.

ALLOCATION OF LOAD

Khaleel and Itani (4) investigated the live load distribution
for slab-girder bridges. They proposed an analysis procedure
expressed in the form of an algorithm. The maximum bending
moment is given by

b
M = M,— KI ’
v g M
where
b/D = lateral load distribution factor,
K = skew reduction factor,
I = impact allowance, and
M, = maximum static moment (half the truck load ap-

plied to a single isolated girder).

9

The maximum static moment for a k-axle truck (or semitrailer
or tractor) is expressed by

w
M, = 32 a? + aA,(s, 8) + B(s, d) 2)

where

span of bridge,

gross weight of truck,

vector of axle spacings,

vector of ratios of axle weight to gross
weight, and

A.(.) > B,(.) = functions of s and 3.

»w Sa
I

1l

The lateral distribution and skew reduction factor are assumed
to be normally distributed. Khaleel (5) used the finite element
method to derive expressions for b/D and K for both single-
span and continuous-skew girder bridges. Expressions of D-
values for exterior and interior girders are presented in Fig-
ures 1 and 2.

Live and dead loads are allocated to girders on the basis
of the model described in Equations 1 and 2. Al-Zaid et al.

nO

D-Value in Feet

d250
1o
[
2
()
=
£

H2.25 o
=
o
>
]
a

-2.00

(o] 0.01 0.62
H(b/a)®

1 L
003 0.04

FIGURE 1 D-values for exterior girders in a normal bridge.
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(6) developed a general time-step analysis procedure that con-
siders the effects of time- and cycle-dependent creep, concrete
shrinkage and relaxation of prestressing steel. This model
calculates stress in cracked or uncracked composite sections;
it is used here to compute maximum and minimum stresses
in bridge components, with maximum stress resulting from
total load and minimum stress from dead load only. These
stresses are then used to compute median life (B) and shape
parameter (o) for cumulative-damage distribution for bridge
life under stochastic loading.

Cumulative Damage Distribution

Khaleel (2) derived composite fatigue life that has the fol-
lowing formula:

— 1
B=ur ©)
where

B = units of average daily truck traffic (ADTT),

k = number of traffic categories,

B; = bridge fatigue life resulting from arrival of all trucks

in category i, and
\; = expected number of truck per day for ith category.

For each passing truck, B; is calculated on the basis of en-
gineering data presented by Khaleel (2) and the shape and
scale parameters from the B-S distribution fitted to all stress
ranges. Then B, is calculated as

R 1
Bi = Ni(0) 1
25,

i=1

4

Equation 3 is the Miner’s rule in central tendency (i.e., me-
dian). It has been empirically shown to hold better than any

other fatigue-life rule. The harmonic mean, Miner’s rule, is
rigorously derived as the actual value of the median life under
the assumptions specified.

Moreover, Khaleel (2) calculated the corresponding shape
parameter for the distribution of the fatigue life for the struc-
ture under the mixture of loads imposed, which is given by

)\,-[A 1]
~|la + =
B Bi

Thus, a distribution has been found to which the median life
(i.e., composite fatigue life) can be calculated under a mixture
of traffic using Miner’s rule and the coefficient of variation
determined so that it is possible to calculate “the fraction of
life used,” that is, the probability of failure after any fraction
of the characteristic life has been spent. But, as is known
empirically, this probability depends upon factors other than
the median life. The formula in Equation 3 recognizes this
influence through the corresponding cumulative-damage dis-
tribution and the associated «.

@ =B ©®)

Traffic Influence Model

Consider a structure that sustains random loads in service but
in which each load is allocated to all its multiple components.
The strain (or stress) for each component, for a given ge-
ometry of the structure and a fixed type of load, is a complex
but deterministic function found by using finite element anal-
ysis. Unfortunately the magnitudes, intensity, and allocation
of total load to each component are random. Moreover, it is
assumed the load order is random, the sequences of a given
type form an identically independent distributed sequence,
and the frequency of loads of each category is a stationary
stochastic process.

The total cumulative damage sustained by the structure up
to time ¢ >0 is the damage from all categories of load fluc-
tuations (2) and is given by

Ni(D

Y, = 2 2 Y,

i=1 j=1

(6)

~.
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where
Y1, Y5, . .. = incremental damages to structure from
successive loads of type i = 1,2, ...,
k;

k = number of truck categories; and
N(t) = frequency of loading under each category
assumed to be a Poisson process.

The probability of survival of the structure (2) is given by

PT=q=1- d)[-;—g(—é)] (7)

where £(x) = x'2 — 1/x'2 and @ is cumulative normal distribu-
tion function.

VERIFICATION OF MODEL

The method for calculating the number of cycles to fatigue
failure is verified by comparison of experimental and pre-
dicted data. Holmen (7) studied the effect of various load
histories on the fatigue behavior of plain concrete. Experi-
mental results from two- and multistage constant amplitude
loadings (7) are compared against theoretical results. In two-
stage loading, the test specimen was exposed to a constant
stress amplitude of a given level until a fixed number of cycles
was completed. Then, in the second stage, the level was changed
and maintained until failure. The calculated number of cycles
to failure are compared with the experimental ones as shown
in Tables 2, 3, and 4. For the multistage constant-amplitude
loading, the predicted and experimental numbers of cycles to
failure are 1,338,907 and 1,502,931, respectively. The maxi-
mum stress in the multistage case ranged from 0.12 to 0.88
of the concrete compressive strength, f.. The results for Al-
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ternatives A and B of the two-stage loading show good agree-
ment between the experimental and theoretical results. The
maximum stress levels in the two-stage loading are very high;
this fact explains the differences in the predicted and exper-
imental results. The experimental and theoretical results show
that the presence of small amplitudes in a loading histogram
seems to reduce the sequence effects. Bridges are generally
subjected to small amplitudes of stresses; therefore, it is rea-
sonable to ignore the load-order effect.

RESULTS

A simply supported bridge with a span of 80 ft is considered.
The reinforced concrete slab is supported by 10 AASHTO
Type IV precast and pretensioned girders spaced at 8 ft as
shown in Figure 3. The girders were designed according to
the AASHTO specifications (8). The traffic is grouped into
six categories on the basis of number of truck axles. Moses
and Ghosn (9) conducted a study using weigh-in-motion tech-
nology to obtain reliable information on bridge traffic. A
FORTRAN program was written to implement the traffic
model. This program is available from the lead author of this

paper.

Effect of Truck Configuration

For purposes of investigating the effect of truck configuration
on bridge fatigue life, the ADTT is assumed to consist entirely
of one category of trucks of varying gross weights. Figure 4
shows the composite fatigue life of two of the girder com-
ponents (i.e., prestressing steel and reinforcing steel) versus
the truck category (two-axle single, three-axle single, four-
axle semitrailer, five-axle semitrailer, five-axle split, and nine-

TABLE 2 Multistage Constant Amplitude Loading: Experimental and

Theoretical Results

O max Applied By N\

f: Cycles -B;
.88 380 656 .579

.82 1,069 3458 .309

.75 3,470 2,4071 .144

.68 9,882 167,556 .059

.61 24,917 1,166,326 .021

.54 54,588 8,118,579 .006

.47 105,561 5.65x107 1.86x1073
.40 177,354 3.93x10°% 4.51x10%
.33 256,555 2.74x10° 9.37x10°
.26 314,583 1.91x10'" 1.65x%10°¢
.19 315,864 1.33x10" 2.38x10°%
.12 238,708 9.24x10" 2.58x107
Ng ® 1,502,931 -t 1,338,907

* Np is the total number of cycles to fatigue failure.

* Not applicable.
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TABLE 3 Predicted and Experimental Number of Cycles to Failure Based on Two-Stage

Constant Amplitude Loading: Alternative A

Number of Cycles

Specimen Experimental Predicted

tumber .75 £ .90 £l .75 £ .90 £
1 4980 136 8824 239
2 4110 520 2680 335
3 6710 344 5735 287
4 6760 195 8515 243
5 2260 187 3804 317
- 4136° 276° 4926° 236°

* Maximum applied stress (the first stage) was maintained until
a fixed number of cycles were completed.
® Maximum applied stress (the second stage) was maintained until

failure.

¢ Average number of cycles of the five specimens at a certain

maximum stress level.

axle B-train are Categories 1 to 6, respectively). The nine-
axle B-train double trucks were the most damaging, whereas
the two-axle single trucks were least damaging. The four-axle
semitrailer trucks are less damaging than three-axle single
trucks, even though their average weight is higher than that
of three-axle single trucks. The incremental damage caused
by each passing truck depends on its gross weight, configu-
ration, axle load distribution, and lateral load distribution on
the bridge.

Effect of Concrete Strength

The compressive strength of concrete was varied to study its
influence on the fatigue life of the structural components sub-
jected to the spectrum of loads. The effect of increasing f.
from 30 to 40 MPa yields a slight increase in the fatigue life
of prestressing and nonprestressing steel. The fatigue lives of

cast-in-place slab and precast girder were increased 233 and
355 percent, respectively. The results are shown in Figure S.

Effect of Change from Nominal Values

Figure 6 shows that the effect of uniform reduction of the
nominal area of reinforcing steel on the fatigue life of pre-
stressing steel is negligible. Reducing the area of prestressing
steel by 20 percent, however, results in 62 and 79 percent
reductions in the fatigue life of prestressing and reinforcing
steel, respectively.

Effect of Partial Prestressing Ratio

Several girders were designed with the same moment capacity
but with different partial prestressing ratios (PPRs) to inves-

TABLE 4 Predicted and Experimental Number of Cycles to Failure Based on Two-Stage

Constant Amplitude Loading: Alternative B

Number of Cycles

Specimen Experimental Predicted

Humber .90 £ .75 £ .90 £l .75 £
1 108 22140 90 18348
2 74 10940 62 9145
3 40 710 294 5288
4 45 4340 151 14448
5 80 4110 209 10681
- 69° 8448° 161° 11582°

* Maximum applied stress (the first stage) was maintained until
a fixed number of cycles were completed.
b Maximum applied stress (the second stage) was maintained until

failure.

¢ Average number of cycles of the five specimens at a certain

maximum stress level.




Shoulder

Lane 1 \ Lane 2 lShoulder

I 12 ft

I 12 ft ‘ ‘

|

20" ' ‘

8" A l $ TR
. 35"
. =49 T
54" 49.43"
—] 8 fe— 50m
A S
125" - r
Asl
26"
FIGURE 3 Cross section of a typical slab-and-girder bridge.
105 ¢ T T T T T 3 T T T T T T T T T
E e Reinforcing Steel 3 [

'9;5 L L] Prestressing Steel ] % 2t ——— Rainforcing Steel
S 104 L 4 % 104 £ "7 Prestressing Steel J
> E L] E > E == Precast Girder -
2 F . ] g f - - --— CastinplaceSlab _ _ .- --"" 1
z I ] x I -7 -
8103 E L} ™ E o -7 R
5 F [ ] ] 5108 ¢ _ -~ - E
o [ ® E -~ PR E
] E "
202 | 4 2 T
& F ® . (] ° 1 & 2 e
2 i ] 2 mm g emmee e m TSI
3 [ ' 3102 oot
a0 | 3 2 E .~ 3
] E ] E [ ]
S b S LI 3

1 00 1 L 1 L 1 1 0«' 1 L I I 1 - 1 1 it

0 1 2 3 4 5 6 20 22 24 26 28 30 32 34 36 38 40
Truck Category Concrete Compressive Strength (MPa)

FIGURE 4 Effect of truck configuration on fatigue life.

FIGURE 5 -Effect of concrete strength on fatigue life.



118

2 T T T T T T T T T
_
173
°
[%]
N
8 >
-~ ~.
x S
etoz | UTITee— -~ :
. >

~

2 o
& .
w 77 -
2 N
z st .
g
E st -————— Damage in Reinforcing Steet
(& Damage Iin Prestressing Steel

. . . : I - :

] 2 4 6 8 10 12 14 16 18 20
Percent Decrease in Ag or Aps

FIGURE 6 Effect of damage in reinforcement on fatigue life of
prestressing steel.

tigate the effect of PPR on fatigue life. Figure 7 shows that
a girder with a high PPR has a higher fatigue life than one
with a low PPR.

SUMMARY AND CONCLUSIONS

An efficient method is presented for calculating the number
of loadings a bridge member can withstand before a detectable
fatigue crack develops. This method recognizes that the prob-
ability of survival depends on factors other than the median
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life through the corresponding cumulative damage distribu-
tion and the associated @. The following major conclusions
are drawn from the study:

® The nine-axle B-train double (i.e., one of the Turner)
trucks were found to be most damaging, whereas two-axle
single trucks were least damaging. The incremental damage
caused by each truck depends on truck configuration, gross
weight, axle-load distribution, and lateral load distribution
factor.

® The median life of ordinary reinforcing bars is the lowest
among the girder components. Cast-in-place slab, on the other
hand, has the highest median life.

® Reducing the nominal cross-sectional area of prestressing
steel reduces the fatigue life of all components significantly,
whereas reducing the area of reinforcing steel has virtually
no effect on the fatigue life of the structure.

® Girders designed with low PPR have a much shorter me-
dian fatigue life than those designed with high PPR.
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Natural Frequencies of Concrete Bridges
in the Pacific Northwest

RarrH A. Dusseau AND HassaN N. DuBAISI

Analyses of field ambient vibration were performed on 50 con-
crete bridge spans along Interstate highways I-5 and I-405 in
Washington State. These 50 spans included 21 pretensioned con-
crete beam (PCB) spans, 19 reinforced concrete box-girder (CBOX)
spans, and 10 reinforced concrete slab (CS) spans. Eight measure-
ment transducers were used to record ambient bridge vibrations
at three locations on each span: midspan, one-quarter point, and
one support. These records of bridge motion versus time were
each subjected to a fast Fourier transformation, and plots of
amplitude versus frequency were generated for each record. The
plots of amplitude versus frequency were used to determine the
fundamental vertical and lateral frequencies for the bridge spans
measured. These fundamental frequencies were used with the
bridge design parameters to derive empirical formulas that will
be used to estimate the fundamental vertical and lateral fre-
quencies of other PCB, CBOX, and CS bridge spans along I-5,
1-205, and I-405 in the Pacific Northwest.

The research reported here was part of a 3-year project spon-
sored by the U.S. Geological Survey (USGS) as part of the
National Earthquake Hazards Reduction Program. This study
is referred to as the “I-5 Bridge Project.” Two major objec-
tives of the research are

1. To develop a computer data base, called the I-5 Bridge
Database, containing design information for all 1,000 high-
way, railway, and pedestrian bridges on and over Interstate
highways I-5, I-205, and I-405 (collectively referred to as “the
I-5 corridor’) in western Washington and northwestern
Oregon.

2. To perform field ambient vibration analyses on a repre-
sentative sample of highway bridge spans in Washington and
to derive empirical formulas for estimating the fundamental
vertical and lateral frequencies of other bridges in the I-5
Bridge Database.

The present focus is on the second objective, which includes
the results generated by the field ambient vibration analyses
and the empirical formulas derived from these results.

The importance of structure frequency in seismic analysis
is well established. In the wake of the September 19, 1985,
Mexico City earthquakes (Z), which demonstrated a strong
correlation among earthquake frequency, structure fre-
quency, and structure damage, structure frequency has be-
come an even more important issue in earthquake engineer-
ing. The maximum ground acceleration in the Mexico City
area during the earthquakes was about 0.5g, with a dominant
frequency of 0.5 cycles per second (cps) and a secondary

Department of Civil and Environmental Engineering, Wayne State
University, Detroit, Mich. 48202.

frequency near 1.0 cps. The majority of the buildings damaged
in these shocks (61 percent) were 6- to 15-stories tall with
fundamental frequencies of approximately 0.6 to 1.4 cps. This
strong correlation between ground motion frequency, struc-
ture frequency, and structure damage has provided an im-
portant new indication of the criticality of structure frequency
in the determination of structure seismic damage.

With the goal of determining natural structure frequencies,
field ambient vibration analyses have been conducted on a
variety of structures, including multistory buildings (2,3), steel
truss bridges (4), and suspension bridges (5 to 9). Thus the
state of the art of field ambient vibration analysis is well
established and the procedures are well known (10).

The goal in performing field ambient vibration analyses as
part of the I-5 Bridge Project was to determine the natural
frequencies for a representative sample of bridge spans along
the I-5 corridor in'Washington and to extrapolate these results
to other bridges in the I-5 Bridge Database. To this end, field
ambient vibration measurements and laboratory data analyses
were performed on 52 spans from 20 typical highway bridges.

BRIDGE SPANS ANALYZED

The 52 bridge spans analyzed were chosen to reflect as closely
as possible the actual distribution of bridge span type and
length for the highway bridges along the I-5 corridor in Wash-
ington. These 52 spans were distributed as follows among four
types of concrete bridges:

® 21 (40 percent) pretensioned concrete beam (PCB) spans,

® 19 (37 percent) reinforced concrete box-girder (CBOX)
spans,

® 10 (19 percent) reinforced concrete slab (CS) spans, and

® 2 (4 percent) reinforced concrete T-beam spans.

Although other bridge types, such as prestressed concrete
box-girders, steel beams and girders, steel trusses, timber
trestles, steel and concrete arches, and steel box-girders, exist
along the I-5 corridor in Washington, none represent more
than 3 percent of the total number of bridge spans along the
I-S corridor. ’

The results presented here are for the 21 PCB spans, 19
CBOX spans, and 10 CS spans. These three span types repre-
sent approximately 90 percent of the bridge spans along the
I-5 corridor in Washington. These 50 spans are part of 19
different bridges along the I-5 corridor. The bridge type;
Washington State Department of Transportation (WSDOT)
bridge number; bridge name; number of spans per bridge;
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top and bottom slab thickness (where applicable); number of
beams, box-girders, or slabs; and number of columns or walls
per intermediate support for each of these 19 bridges are
presented in Table 1.

For safety reasons, most of the bridges measured in the
field were undercrossings with wide sidewalks. The traffic
along the I-5 corridor was deemed too heavy to permit safe
measurements on most highway overcrossings or ramps, and
wide sidewalks were necessary to facilitate safe access to each
bridge without disruption of vehicular traffic. At each bridge
site, the measurement transducers, equipment, and cables
were placed on only one of the two sidewalks to avoid having
cables stretched across the roadway.

FIELD MEASUREMENTS

The bridge motion measured in the field was generated by
ambient loads that consisted primarily of traffic and wind
loads. For each bridge span analyzed, field ambient vibration
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measurements were taken using eight signal transducers—six
SS-1 seismometers and two FBA-11 accelerometers. The sig-
nal output from these eight transducers was amplified and
then recorded on tape recorder. The two transducer config-
urations used covered half each bridge span, from midspan
to one of the two supports. The configuration that was initially
used and applied to all 21 PCB spans was as follows:

1. Seismometer—midspan location and vertical orienta-
tion,

2. Seismometer— midspan location and lateral orientation,

3. Seismometer—midspan location and longitudinal ori-
entation,

4. Seismometer—quarter-point location and vertical ori-
entation,

5. Seismometer—quarter-point location and lateral ori-
entation,

6. Seismometer—support location and vertical orientation,

7. Accelerometer—midspan location and vertical orien-
tation, and

TABLE 1 General Infm"mation for Concrete Bridges Analyzed

Bridge WSDOT Bridge Name INumber Slab Number JNumber
Type Bridge J(OC = Overcrossing, of Thick- of of
Number JUC = Undercrossing, jSpans nesses, Beams, |Columns
- 1 RR = Railroad) per mm Box— or
Bridge Girders{ Walls
Top Bot. or per
Stabs [Support
Pretensioned] 5/457 PORT OF TACOMA UC 4 146 NA 9 5
Concrete
Beam 5/602 J236TH STREET SW UC 4 146 NA 6 3
(PCB)
Bridges 5/605 220TH STREET SW UC 4 178 NA 15 7
5/615 164TH STREET SW UC 4 178 NA 12 6
5/630 41ST STREET UC 4 165 NA 7 3
5/656 MARSHALL ROAD UC 2 165 NA 8 2
405/42 MAIN STREET UC 3 146 NA 9 3
405/42.5] NE 4TH STREET UC 2 191 NA 13 6
Reinforced | 5/418 BRIDGEPORT WAY UC 4 165 | 165 7 4
Concrete
Box-Girder | 5/419 CARLYLE ROAD UC 4 165 § 152 4 1
(CBOX)
Bridges 5/596 NE 185TH STREET UC 4 165 152 7 4
405/17 BENSON ROAD UC 4 165 152 5 1
405/50 Nj NE 72ND PLACE UC 4 191 178 4 1
405/50 S} NE 72ND PLACE UC 4 191 178 4 1
405/57 SINE 124TH STREET UC 4 191 178 4 1
Reinforced |5/415 A |GRAVELLY LAKE RR OC 1 305 NA 1 1
Concrete
Slab 5/417 CLOVER CREEK BRIDGE 3 330 NA 1 1
(cs)
Bridges 5/425 S 84TH STREET UC 2 864 NA 1 1
5/428 S 56TH STREET UC 4 584 NA 2 6
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8. Accelerometer—quarter-point location and vertical ori-
entation.

Because the vertical direction was initially assumed to be
the most flexible for each bridge span, three seismometers
were oriented in that direction with one at midspan, one at
a quarter point, and one at a support. In order to cover the
full range of potential vertical bridge frequencies, the two
accelerometers were also oriented vertically, with one at mid-
span and one at the quarter point. Two seismometers were
oriented laterally, with one at midspan and one at the quarter
point. The longitudinal direction was assumed to be the least
flexible, and only one seismometer (located at midspan) was
oriented longitudinally.

On the basis of the results for the PCB spans, the seis-
mometers were considered sufficient for recording all vertical
frequencies, but additional information on bridge responses
at the supports was desired. Therefore for the CBOX and CS
spans, the two accelerometers were moved to the support
with one oriented longitudinally and one laterally.
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LABORATORY DATA ANALYSES

In the laboratory analyses of the data recorded in the field,
the signal output from each transducer was played back through
a spectrum analyzer, and a fast Fourier transformation was
performed. The final results for each transducer were plots
of signal amplitude (velocity for the seismometers and accel-
eration for the accelerometers) versus frequency, from which
the natural frequencies of the bridge span at the given location
and in the given direction could be read directly. These anal-
yses also included comparisons of phase and coherence be-
tween pairs of transducer signals. The comparisons aid in
deducing the mode shape associated with each frequency.

SAMPLE OUTPUT

As samples of the analysis results that were derived for each
bridge span, Figure 1 shows the amplitude versus frequency
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FIGURE 1 Sample output for Span 3 of WSDOT Bridge 405/17:

(a) Transducer 1, (b) Transducer 2.
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results for Transducers 1 and 2 as recorded on Span 3 of
WSDOT Bridge 405/17. The results shown in Figure 1(a) for
Transducer 1, which represent vertical motion at midspan,
indicate that for this span the fundamental frequency in the
vertical direction is 5.8 cps. Previous experience suggests the
associated mode shape is probably a half sine wave vertical
motion of the bridge span.

The results for Transducer 2, which are plotted in Figure
1(b) and which represent lateral motion at midspan, show
that the fundamental lateral frequency for WSDOT Bridge
405/17 is 3.1 cps. The corresponding mode shape is most likely
a half sine wave lateral motion of the entire bridge deck. This
conclusion is supported by the fact that this frequency is also
the fundamental lateral frequency for Spans 1 and 2 of this
bridge as measured in the field.
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FUNDAMENTAL VERTICAL FREQUENCIES

Because each bridge support is essentially rigid with respect
to vertical versus lateral motion, the results of field ambient
vibration analysis generally indicated that each bridge span
has its own unique fundamental vertical frequency, whereas
each bridge has a fundamental lateral frequency that is the
same for all bridge spans. For each PCB span, the WSDOT
bridge number, span number, span length, beam depth, and
fundamental vertical frequency derived by field measurement
are presented in Table 2. The WSDOT bridge number, span
number, span length, box-girder depth, and fundamental ver-
tical frequency derived by field measurement for each CBOX
span are presented in Table 3. The WSDOT bridge number,
span number, span length, slab thickness, and fundamental

TABLE 2 Vertical Results for PCB Bridge Spans

WSDOT [Span| Span Beam | Span | D°-5 Fundamental Percent
Bridge ] No. JLength, |Depth,| End Vertical Differ-
Number Hmeters Imeters|Conti- Lst-7 Frequencies, ence
nuity cycles/second Between
m-1-2 Empirical
Theo- |Field-|Empiri- and
retical| Meas-| cal Measured
Formula| ured |Formulaj Vvalues
5/457 1 12.47 0.81 none |0.01234} 10.2 14.1 15.6 + 10.6
5/630 4 12.95 1.27 none 10.01449] 15.2 16.0 18.3 + 14.4
405/42 3 15.85 1.47 one 0.01106} 18.9 14.5 14.0 - 3.4
5/457 4 16.72 0.86 none 10.00772 6.4 11.1 9.8 - 11.7
5/615 1 16.92 1.47 none }0.00989| 10.9 12.9 12.5 - 3.1
5/605 1 17.06 1.47 none }0.00976) 10.8 12.9 12.4 - 3.9
5/602 4 18.29 1.35 none ]0.00831 8.1 10.2 10.5 + 2.9
5/615 4 20.42 1.47 none {0.00719 7.5 8.9 9.1 + 2.2
405/42.5 1 20.84 1.27 one 0.00645 9.7 8.9 8.2 - 7.9
405/42.5 2 20.84 1.27 one 0.00645 9.7 8.7 8.2 - 5.7
5/630 3 22.40 1.27 none }0.00571 5.2 6.8 7.2 + 5.9
5/602 1 22.71 1.35 none J0.00575 5.3 7.1 7.3 + 2.8
5/605 4 23.77 1.47 none 0.90555 5.6 7.4 7.0 - 5.4
5/602 2 28.04 1.35 none ]0.00402 3.4 4.6 5.1 + 10.9
405/42 1 28.50 1.47 one |0.00408 5.9 4.9 5.2 + 6.1
5/615 2 30.48 1.47 none |0.00364 3.3 4.2 4.6 + 9.5
5/457 2 30.78 1.47 none. 0.00358 3.2 4.1 4.5 + 9.8
5/605 2 31.08 1.47 | none [0.00352| 3.2 4.6 4.5 - 2.2
5/656 1 33.07 1.47 one (0.00317 4.3 3.9 4.0 + 2.6
5/656 2 33.07 1.47 one (0.00317 4.3 3.9 4.0 + 2.6
405/42 2 34.90 1.47 both }0.00289 5.7 4.6 3.7 - 19.6
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TABLE 3 Vertical Results for Reinforced CBOX Bridge Spans
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WSDOT 'Span Span |Girder| Span | D°-5 Fundamental Percent

Bridge } No. JLength, [Depth, | End , Vertical Differ—
Number Imeters [meters|Conti-} Ls?-8 Frequencies, ence

nuity cycles/second Between

m-1-3 Empirical
Theo- [Field-JEmpiri- and
retical] Meas-} cal Measured

Formula} ured JFormulal Values

5/596 4 13.72 t.21 one 0.00987f 21.5 16.2 17.4 + 7.4
5/596 1 16.46 .21 one 0.00711] 14.9 13.0 12.5 - 3.8
5/418 1 18.07 1.12 one 0.00578} 11.4 11.5 10.2 - 11.3
5/418 4 | 18.07 | 1.12 | one [0.00578] 11.4 12.8 | 10.2 - 20.3
405/17 1 18.43 1.16 one 0.00568] 11.0 7.2 10.0 + 38.9
5/419 4 20.73 1.17 one 0.00462 8.5 8.9 8.1 - 9.0
5/596 2 22.96 1.21 both §0.00391] 11.1 6.2 6.9 + 11.3
5/596 3 ] 22.96 | 1.21 | both J0.00391] 11.1 6.2 6.9 + 11.3
405/57 S| 4 | 23.77 | 2.36 | one ]0.00512f 12.7 10.5 9.0 - 14.3
405/17 2 §23.77 | 1.16 | both |0.00359f 9.6 5.8 6.3 + 8.6
' 405/17 3 23.77 1.16 both |0.00359 9.6 5.8 6.3 + 8.6
5/418 2 1 26.67 } 1.12 | both |0.00287} 7.6 5.5 5.1 - 7.3
5/418 3] 26.67 § 1.12 | both ]0.00287] 7.6 5.6 5.1 - 8.9
5/419 3 27.58 1.17 both [0.00276 7.0 5.1 4.9 - 3.9
405/50 N 3 29.81 1.65 both §0.00285 8.4 3.9 5.0 + 28.2
405/50 S 3 31.30 1.65 both ]0.00261 7.6 4.1 4.6 + 12.2
405/50 N 4 33.83 1.65 one 0.00227 4.5 3.8 4.0 + 5.3
405/50 S 4 34.14 1.65 one 0.00223 4.4 4.1 3.9 - 4.9
405/57 S 3 43.59 2.36 both }0.00172 5.5 3.4 3.0 - 11.8

vertical frequency derived by field measurement for each CS
span are presented in Table 4.

Rough theoretical estimates of the fundamental vertical
frequencies for each span are also presented in Tables 2-4.
These rough estimates were based on consistent-mass systems
that assumed the ends of each span to be either simply sup-
ported, fixed at one end only, or fixed at both ends. The
resulting theoretical formulas for fundamental vertical fre-
quency are functions of the main member depth (beam depth,
box-girder depth, or slab thickness) divided by the square of
the span length. The end conditions for each bridge span are
also noted in Tables 2—4. Because of the prestressing effects,
the gross moments of inertia of the bridge deck were used to
derive the theoretical fundamental vertical frequencies for the
PCB spans, whereas half the gross moments of inertia of the
bridge deck were used to calculate the theoretical fundamen-
tal vertical frequencies for the CBOX and CS spans.

In deriving empirical formulas to estimate the fundamental
vertical frequencies of other PCB, CBOX, and CS spans along
the I-5 corridor, it was assumed that because the vertical
stiffness and total mass of a given bridge span are functions

of the span length and depth, the fundamental vertical fre-
quency of the span will also be a function of the span length
and depth (similar to the theoretical formulas discussed here).
Thus the following general form for these empirical formulas
was assumed:

Kv - D™
f=——00 SN ¢Y)

where

fv
Ls
D

estimated fundamental vertical frequency,
span length, and
beam depth, box-girder depth, or slab thickness.

It

The constant Kv and the coefficients m and n were derived
for each bridge type by minimizing the standard deviation of
the field-measured data points versus the empirical results.
More precisely, for each bridge type and each trial empirical
formula, the quantity Fv-Ls"/D™ was calculated for each span,
where Fv is the fundamental vertical frequency based on field
ambient vibration measurement. The mean value and stan-
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TABLE 4 Vertical Results for Reinforced CS Bridge Spans
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WSDOT |Span| Span [Slab Span | DO-4 Fundamental Percent
Bridge | No. |Length,]Thick-]1 End , Vertical Differ-
Number meters jness, ]Conti-] Ls'-5 Frequencies, ence
meters|nuity cycles/second Between
m-1-1 Empirical
Theo- {Field-|Empiri- and
retical| Meas-| cal Measured
Formula] ured |Formula] Values
5/417 1 6.37 0.33 one 0.03992]) 25.3 19.0 24.5 + 28.9
5/417 3 6.37 0.33 one 0.03992| 25.2 18.6 24.5 + 31.7
5/415 A 1 8.17 0.30 none }0.02646( 12.0 20.1 16.3 - 18.9
5/417 2 8.23 0.33 both ]0.02718} 22.0 18.4 16.7 - 9.2
5/428 1 13.72 0.58 one 0.01582 8.5 13.5 9.7 - 28.1
5/428 4 13.72 0.58 | one 0.01582 8.5 13.5 9.7 - 28.1
5/428 2 17.37 0.58 both J0.01111 7.7 5.6 6.8 + 21.4
5/428 3§ 17.37 0.58 both j0.01111 7.7 5.6 6.8 + 21.4
5/425 1 21.45 0.86 | one 0.00948} 4.9 5.1 5.8 + 13.7
5/425 2 21.45 0.86 | one 0.00948f 4.9 4.9 5.8 + 18.4
dard deviation for the quantities Fv-Ls"/D™ were then cal- fo = 1760 - D> 3)
culated for each bridge type and each trial empirical formula. VST e

The empirical formulas that yielded the lowest standard de-
viation for each bridge type are presented next.

PCB Spans
The empirical formula derived for the PCB spans is as follows:

. 0.5
- B @
The quantity D%5/Ls'7 for each PCB span, the fundamental
vertical frequency derived by Equation 2 for each span, and
the percent difference between the latter and the fundamental
vertical frequency derived by field measurement are pres-
ented in Table 2. A plot of the fundamental vertical frequency
for each span as derived by field measurement versus D%/
Ls'7 is presented in Figure 2. Figure 2 also contains a straight-
line plot of Equation 2 for comparison. )

The empirically derived fundamental vertical frequencies
for the PCB spans, as presented in Table 2, are close to the
field-measured values, with the results for 9 of 21 spans within
4 percent, 14 of 21 spans within 8 percent, 19 of 21 spans
within 12 percent, and all 21 spans within 20 percent. Only
one of the empirically derived fundamental vertical frequen-
cies is more than 15 percent different from the corresponding
field-measured value.

Reinforced CBOX Spans

For the CBOX spans, the empirical formula derived is as
follows:

The quantity D°3/Ls'® for each CBOX span, the fundamental
vertical frequency derived by Equation 3 for each span, and
the percent difference between the latter and the fundamental
vertical frequency derived by field measurement are pres-
ented in Table 3. Figure 3 shows a plot of the fundamental
vertical frequency for each span as derived by field measure-
ment versus D%%/Ls'-8. A plot of Equation 3 is also shown in
Figure 3 for comparison.

The empirically derived fundamental vertical frequencies
presented in Table 3 for the CBOX spans are moderately
close to the field-measured values. The results for 4 of 19
spans are within 6 percent, 10 of 19 spans are within 9 percent,
16 of 19 spans are within 15 percent, and all 19 spans are
within 39 percent. Only one of the empirically derived fun-
damental vertical frequencies is more than 29 percent differ-
ent from the corresponding field-measured value.

Reinforced CS Spans
The empirical formula derived for the CS spans is as follows:

615 - D¢

o= @

The quantity D%4/Ls'*> for each CS span, the fundamental
vertical frequency derived by Equation 4 for each span, and
the percent difference between the latter and the fundamental
vertical frequency derived by field measurement are pres-
ented in Table 4. A plot of the fundamental vertical frequency
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FIGURE 2 Vertical frequency plot for PCB bridge spans.

for each span as derived by field measurement versus D4/
Ls' is shown in Figure 4. For comparison, a plot of Equation
4 is also presented in Figure 4.

For the CS spans, the empirically derived fundamental ver-
tical frequencies presented in Table 4 are moderately close
to the field-measured values with the results for 2 of 10 spans
within 14 percent, 6 of 10 spans within 22 percent, and all 10
spans within 32 percent. Only one of the empirically derived
fundamental vertical frequencies is more than 29 percent dif-
ferent from the corresponding field-measured value.

FUNDAMENTAL LATERAL FREQUENCIES

Tables 5-7 present the WSDOT bridge number, bridge length,
deck width, maximum support height, and fundamental lat-
eral frequency derived by field ambient vibration measure-
ment for each PCB, CBOX, and CS bridge, respectively.
To estimate the fundamental lateral frequencies of other
concrete bridges along the I-5 corridor, it was assumed that
because the lateral stiffness and total mass of a given bridge
are functions of the bridge length, deck width, and maximum
support height, the fundamental lateral frequency of the bridge

will also be a function of these three parameters. Thus the
following general form for these empirical formulas was
assumed:

Kil-wm
fl= o ®)
where

fl = estimated fundamental lateral frequency,
Lb = overall bridge length,

W = deck width, and

H = maximum support height.

The constant K/ and the coefficients m, n, and p were derived
for each bridge type using a procedure similar to the one
described previously for the vertical direction. For each bridge
type and trial empirical formula, the quantity FI- Lb"- H?/W™
was calculated for each bridge, where Fl is the fundamental
lateral frequency derived by field ambient vibration analysis.
The mean value and standard deviation for the quantities
Fl-Lb"- H?/W™ were then calculated for each bridge type and
each trial empirical formula. The empirical formulas that yielded
the lowest standard deviation for each bridge type follow.
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PCB Bridges

For the PCB bridges, the empirical formula derived is as
follows:

836 - WO3

A=——Trg 6
The quantity W°3/Lb-H for each PCB bridge, the funda-
mental lateral frequency derived by Equation 6 for each bridge,
and the percent difference between the latter and the fun-
damenta] lateral frequency derived by field measurement are
presented in Table 5. Figure 5 shows a plot of the fundamental
lateral frequency for each bridge as derived by field measure-
ment versus Wo5/Lb- H. A plot of Equation 6 also is presented
in Figure 5 for comparison.

The empirically derived fundamental lateral frequencies for
the PCB bridges, as presented in Table 5, are close to the
field-measured values with the results for five of eight bridges
within 5 percent and all eight bridges within 14 percent. Only
one of the empirically derived fundamental lateral frequencies
is more than 9 percent different from the corresponding field-
measured value.

Reinforced CBOX Bridges

The empirical formula derived for the CBOX bridges is as
follows:

917 - Wos

= ppon mgos ™)

Table 6 presents the quantity W0/ Lb%4- H%3 for each CBOX
bridge, the fundamental lateral frequency derived by Equa-
tion 7 for each bridge, and the percent difference between
the latter and the fundamental lateral frequency derived by
field measurement. A plot of the fundamental lateral fre-
quency for each bridge as derived by field measurement versus
Wo-s/Lb%4- H*3 is shown in Figure 6. For comparison pur-
poses, a plot of Equation 7 is also presented in Figure 6.

As listed in Table 6 for the CBOX bridges, the empirically
derived fundamental lateral frequencies are close to the field-
measured values, with the results for all seven bridges within
10 percent. Only one of the empirically derived fundamental
lateral frequencies is more than 5 percent different from the
corresponding field-measured value.
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TABLE 5 Lateral Results for PCB Bridges
WSDOT |Bridge | Deck jMaximum] wo-5 Fundamental Percent
Bridge |JLength, [Width, |Support , Lateral Difference
Number Imeters }meters|Height,] Lb-H Frequencies, Between
meters cycles/second Empirical
m-1-5 and
Field- |Empirical] Measured
Measured| Formula Value;
405/42.5| 41.68 | 27.95| 8.38 }0.01514] 13.0 12.7 - 2.3
5/656 66.14 14.20 9.88 ]0.00577 4.6 4.8 + 4.3
5/630 79.25 15.09 15.06 0.00443 3.4 3.7 + 8.8
405/42 | 79.25 | 17.37| 10.52 }0.00500 4.6 4.2 - 8.7
5/457 90.75 { 15.91] 10.97 ]0.00401 3.0 3.4 + 13.3
5/602 97.08 | 10.88] 11.49 {0.00296 2.6 2.5 - 3.8
5/615 98.30 20.36] 11.28 ]0.00407 3.4 3.4 + 0.0
5/605 102.99 26.09| 14.54 10.00341 3.0 2.9 - 3.3
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TABLE 6 Lateral Results for Reinforced CBOX Bridges

WSDOT [Bridge | Deck IHaximum wo.6 Fundamental Percent
Bridge }Length, {Width, |Support j——, Lateral Difference

Number |meters |meters|Height, |Lb0-4-HO-3 Frequencies, Between

{meters cycles/second Empirical
m-0.-1 and

Field- |Empirical} Measured

Measured| Formuila Values
5/596 76.10 |18.07 |10.61 0.494 4.6 4.5 - 2.2
405/17 84.41 |11.67 [11.92 0.352 3.1 3.2 + 3.2
5/418 89.48 |19.51 |13.17 0.455 4.4 4.2 - 4.5
5/419 96.62 |10.36 8.90 0.339 3.1 3.1 + 0.0
405/50 N{127.29 9.02 112.56 0.252 2.4 2.3 - 4.2
405/50 S]130.88 9.02 12.16 0.252 2.4 2.3 - 4.2
405/57 S{134.72 ]10.12 }13.87 0.256 2.1 2.3 + 9.5

Reinforced CS Bridges

For the CS bridges, the empirical formula derived is as
follows:

17.4 - WO+
= —fps ®

The quantity W°4/Lb°5 for each CS bridge, the fundamental
lateral frequency derived by Equation 8 for each bridge, and
the percent difference between the latter and the fundamental
lateral frequency derived by field measurement are presented
in Table 7. Figure 7 shows a plot of the fundamental lateral
frequency for each bridge as derived by field measurement
versus W%4/Lb%>. Figure 7 also contains a plot of Equation
8 for comparison.

For the CS bridges, the empirically derived fundamental
lateral frequencies presented in Table 7 are close to the field-
measured values, with the results for all four bridges within
6 percent. Only one of the empirically derived fundamental
lateral frequencies is more than 5 percent different from the
corresponding field-measured value.

CONCLUSIONS

For vertical motion, the best fit between the empirical for-
mulas and the field-measured results was obtained for the
PCB spans. For lateral motion, however, the CBOX and CS
bridges yielded somewhat better fits between the empirical
formulas and the field-measured results. All the CBOX and
CS bridges have continuous spans, with expansion joints (if
any) located at the abutments. Only two of the eight PCB
bridges have continuous spans, however. Thus, in general,
the PCB spans act independently with respect to vertical mo-
tion. Therefore the influence of adjacent spans is much lower
for the PCB bridge spans under vertical motion, and the em-
pirical formula, which is based on span length, is closer to
the field-measured results. With respect to lateral motion,
however, the CBOX and CS spans are continuous. Therefore
the CBOX or CS spans for a given bridge act as a single unit
with respect to lateral motion, and the empirical formulas,
which are based on overall bridge length, are somewhat closer
to the field-measured results.

For all three bridge types the empirically derived funda-
mental frequencies were closer to the field-measured values

TABLE 7 Lateral Results for Reinforced CS Bridges

WSDOT |{Bridge | Deck |Maximum| we-4 Fundamental Percent
Bridge |Length, [Width, |Support , Lateral Difference
Number [meters |metersHeight, |LbO-% Frequencies, Between
|meters cycles/second Empirical
m-0.1 and
Field- |Empirical| Measured
Measured| Formula Values
5/415 A 8.17 ]21.06 9.42 1.184 19.6 20.6 + 5.1
5/417 20.97 |]53.19 2.13 1.070 18.6 18.6 + 0.0
5/425 42.90 |19.51 7.41 0.501 8.8 8.7 - 1.1
5/428 62.18 ]27.68 7.83 0.479 8.7 8.3 - 4.6
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for the lateral direction than the vertical direction. For each
bridge type, however, the empirical formula for the vertical
direction was based on more than twice as many data points
as the empirical formula for the lateral direction. Therefore
for each type of bridge the moderate-to-good fit of the em-
pirical formula for vertical motion, which is based on more
data points and hence has greater reliability, would seem to
balance the good-to-very-good fit of the empirical formula
for lateral motion, which is based on fewer data points and
hence has less reliability. All six empirical formulas presented
here will be used in the future to estimate the fundamental
vertical and lateral frequencies of other PCB, CBOX, and CS
bridges along the I-5 corridor in the Pacific Northwest.
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Tests of Concrete Bridge Columns with
Interlocking Spiral Reinforcement

GrANT C. BuckingHAM, DAviD I. McLEAN, AND C. ERNEST NELSON

The behavior of concrete bridge columns incorporating inter-
locking spirals under flexural, shear, and torsional loadings was
investigated experimentally. Tests were performed on approxi-
mately 1/5-scale column specimens subjected to increasing levels
of cycled inelastic displacements under constant axial load. Rec-
tangular and oval cross sections with either two interlocking spi-
rals or conventional ties were investigated. Variables studied in-
cluded the performance of interlocking spirals compared to ties,
the amount of spiral overlap, and the size of longitudinal bars
required in the overlap region to maintain spiral interlock. Col-
umn performance was evaluated in terms of lateral load capacity,
strength degradation, energy dissipation, and failure mechanisms.
Columns with interlocking spirals performed as well or better
than columns with ties, despite approximately 50 percent more
transverse reinforcement being provided in the tied columns. Test
results indicated improved performance when the center-to-
center spacing of interlocking spirals was not greater than 0.6

times the spiral diameter. At least four longitudinal bars of ap- .

proximately the same size as the main longitudinal reinforcement
are required in the overlap region to maintain spiral interlock.
When adequate longitudinal bars and spiral overlap were pro-
vided, the spirals remained interlocked even when loaded to large
displacements thus preserving load transfer between the spirals.

Transverse reinforcement in bridge columns normally consists
of spiral reinforcement in columns with circular cross sections
and tied reinforcement in columns with square or rectangular
cross sections. The circular shape of spiral reinforcement is
inherently efficient in providing confinement to the concrete
core and restraint of longitudinal bar buckling. In contrast,
rectangular columns require cross ties or overlapping ties in
addition to the perimeter tie to provide adequate confinement
and restraint of bar buckling. As a result, tied columns are
often more difficult to construct and require larger amounts
of transverse reinforcement than columns with spiral
reinforcement.

To incorporate the benefits of spiral reinforcement into
noncircular columns, the California Department of Trans-
portation (Caltrans) has begun to use interlocking spirals.
Although special construction techniques are required for col-
umns with interlocking spirals, the volume of transverse re-
inforcement is normally less than that for columns with ties.
The seismic performance of columns with interlocking spirals
may also be superior to that for tied columns. However, the

G. C. Buckingham, U.S. Army Corps of Engineers, Walla Walla,
Wash. 99362. D. 1. McLean, Department of Civil and Environmental
Engineering, Washington State University, Pullman, Wash. 99164.
C. E. Nelson, Bridge and Structures Branch, Washington State De-
partment of Transportation, Transportation Building KF-01, Olym-
pia, Wash. 98504.

performance of columns with interlocking spirals has not been
fully established.

"The Caltrans specifications contain provisions for the design
of columns with interlocking spirals (I). However, most of
the design provisions are apparently based on specifications
for single spiral columns with circular cross sections, which
may not be adequate for interlocking spiral columns. Fur-
thermore, several important design elements are not ad-
dressed in the specifications. Additional information on the
behavior of columns with interlocking spirals is needed in
order to determine specific design requirements.

The objective of this study was to investigate experimentally
the behavior of columns incorporating interlocking spiral re-
inforcement under shear, flexural, and torsional loading. The
effects of several design variables on the behavior of columns
with interlocking spirals were investigated, including trans-
verse reinforcement requirements, size of longitudinal bars in
the interlock zone, flexural detailing of interlocking spirals in
rectangular columns, and performance of columns with inter-
locking spirals compared with columns with ties. Recommen-
dations are made for the design of bridge columns incorporating
interlocking spirals as the transverse reinforcement.

PREVIOUS RESEARCH AND CURRENT
PRACTICE

Tests of Columns with Interlocking Spirals

The work done by Tanaka and Park is the only information
now available on the experimental behavior of interlocking
spiral columns (2). Tanaka and Park tested three interlocking
spiral columns and one tied column under cyclic lateral load
and constant axial load. The column specimens were designed
to fail in flexure, and each column was detailed for plastic
hinging at the base of the column in accordance with the New
Zealand Concrete Design Code. Results of the tests showed
similar levels of satisfactory performance for the tied column
and the interlocking spiral columns, even though the tied
column contained approximately 200 percent more transverse
reinforcement by volume than the similar interlocking spiral
column.

To ensure force transfer between interlocking spirals, Tan-
aka and Park proposed that at least four longitudinal bars be
placed within the interlock region and that the spacing be-
tween centers of adjacent spirals be limited to 1.2r,, where
r, is the radius of the spiral reinforcement. The spacing cri-
terion corresponds to a minimum spiral overlap of 25 percent,
where the overlap percentage is defined as the depth of the
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interlock region divided by the total depth of the transverse
reinforcement.

Caltrans Specifications for Interlocking Spirals

Columns with interlocking spirals are widely used in Califor-
nia, but only limited guidance is given for the design of such
columns in the Caltrans specifications (7). The specifications
set the maximum allowable center-to-center spacing of ad-
jacent spirals at “0.75 times the diameter of the cage,” or a
minimum spiral overlap of 14.3 percent. Caltrans also requires
that at least four longitudinal bars be placed in the interlock
region. No requirement is given in the specifications for the
minimum cross-sectional area of these interlock bars. Special
detailing requirements for interlocking spiral columns with
rectangular cross sections have been addressed in the Caltrans
bridge design manual (3). Longitudinal bars are placed in the
four corners of the column and outside both points of spiral
intersection to minimize strength losses due to spalling in these
areas. The unconfined longitudinal bars are tied into the in-
terlocking spiral core of the column using dead-ended
anchors.

EXPERIMENTAL TESTING PROGRAM
Test Specimens and Parameters

Experimental tests were conducted on column specimens with
both tied and interlocking spiral transverse reinforcement.
The main tests were performed on eight approximately 1/5-
scale column specimens subjected to cycled inelastic lateral
displacements under constant axial load. The selection of
specimen details and test parameters was based on areas of
design uncertainty and on results obtained from preliminary
tests conducted on approximately 1/25-scale specimens.

Parameters investigated in the experimental testing pro-
gram included the following:

® Variation in spiral overlap percentage,

® Use of small-diameter (nominal) longitudinal reinforce-
ment in the interlock zone,

® Comparison of column performance with ties and inter-
locking spirals,

® Variations in flexural detailing, and

® Column cross-sectional shape.

Cross sections and reinforcement layout for the specimens
investigated in the 1/5-scale study are shown in Figure 1. De-
tails of the 1/5-scale testing program are summarized in Table 1.
Additional information on the testing program can be found
elsewhere (4).

The concrete used for all 1/5-scale specimens was typical
of concrete used for bridge column construction. The concrete
consisted of Type I/II portland cement, river-gravel coarse
aggregate with a maximum size of 1 in., sand, water reducer,
and an air-entraining agent. The average compressive strength
at the time of testing was approximately 4600 psi. (Conversion
factors for this paper are as follows: 1 in. = 25.4 mm, 1 kip
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= 4.448 kN, 1 in.-kip = 113 N-m, and 1 psi = 0.006895
MPa.)

All reinforcement in the 1/5-scale specimens was Grade 60.
The ties and spirals were constructed of No. 2 deformed rebar.
The column longitudinal steel consisted of No. 4 rebar in the
flexural specimens and No. 5 rebar in the shear and torsion
specimens, except for Column 4, which had No. 2 rebar in
the interlock zone.

Test Setup and Procedures

The test setup for the 1/5-scale shear and flexure specimens
is shown in Figure 2. The footing of the test specimen was
anchored to a laboratory strong floor. Lateral load was ap-
plied using a 55-kip actuator operated under displacement
control. Axial load was applied to the top of the column using
a 200-kip jack. An axial load of approximately 0.09 f; A, was
applied to all specimens except that used in the torsion test,
which had no axial load (f.is the compressive cylinder strength
of the concrete, and A, is the gross area of the column sec-
tion). The axial loading system resulted in a variation of the
axial load during testing of approximately =6 percent. The
contribution to total applied moment resulting from displace-
ment of the axial loading system was determined to be neg-
ligible. :

The determination of the column tip horizontal displace-

“ment at first yield (A,) and the loading sequence was similar

to the procedures used by Priestley and Park (5). To dem-
onstrate the ductility and hysteretic behavior of the test spec-
imens, the specimens were subjected to a simulated seismic
loading pattern consisting of increasing multiples of A,. The
loading pattern for the flexure specimens consisted of two
cycles at displacement ductility levels (i.e., multiple values of
A)of p = =1, x2, +4, *6, and =8, with the exception
of Column 2, which was taken to a maximum displacement
level of w = =+7 because of actuator stroke limitations; . is
the structure displacement ductility factor, or A/A , where A
is the column tip horizontal displacement. The loading pattern
for the shear test specimens was halted at a displacement
ductility level p = *4 because of failure of the specimen and
possible instability of the axial load application system.

The specimen for the 1/5-scale combined shear and torsion
test was attached to the laboratory strong floor in the same
manner as those for the shear and flexure tests. However,
the specimen was offset approximately 6 in. in the direction
perpendicular to loading to better facilitate the eccentric load-
ing system. Load was applied to the column with the same
55-kip hydraulic actuator described earlier. A loading collar
with a steel W-section welded horizontally to one side pro-
vided the eccentric connection necessary to produce the de-
sired combined loading effect. The loading sequence used to
test Column 8 consisted of two cycles at displacements of
+0.5, =1.0, =1.5, £2.0, *2.5, +3.0, and *=3.5 in. De-
flections and loads recorded from the actuator were trans-
formed to equivalent rotations and torques using trigono-
metric relationships.

Strain gauges were used to monitor the strains in the flex-
ural and transverse reinforcement. Linear variable displace-
ment transformers and load cells measured column displace-
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TABLE 1 Parameters for 1/5-Scale Specimens

0.5”

Specimen Type of Transverse Spiral/Tie Spiral Nominal Column
Number Loading Reinforcement Spacing Overlap Interlock Cross-section
(in) (%) Steel

1 Shear Spirals 5.0 25 No Oval
2 Flexural Spirals 1.25 25 No Rectangular

3 Shear Spirals 5.0 15 No Oval

4 Shear Spirals 5.0 25 Yes Oval

5 Flexural Spirals 25 25 No Oval
6 Flexural Ties 2.5 NA NA Rectangular
-7 Shear Ties 5.0 NA NA Rectangular

8 Torsion Spirals 5.0 25 No Oval
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FIGURE 2 Test setup.

ments and applied loads. All data were recorded intermittently
during testing.

TEST RESULTS AND DISCUSSION
Shear Tests
General Behavior

Column 1 was an interlocking spiral column with the minimum
overlap percentage of 25 recommended by Tanaka and Park
(2) and full-size longitudinal bars in the interlock zone. Test
results from this specimen were used as a guideline for com-
parison with the other shear tests. Initial cracking occurred
at a lateral load of approximately 20 kips. An x-crack pattern
typical of shear deficient reinforced concrete columns under
cycled inelastic displacements formed at p = =1, and crack
widths increased at . = *2. Cracking in the specimen even-
tually led to spalling of the cover concrete and internal frag-
mentation of the core at w = 4. The load-displacement
curve for Column 1 is shown in Figure 3. The load-carrying
capacity of the specimen remains virtually constant at . =
+1 and displays a small decrease at . = +2. However, severe
degradations in lateral load capacity corresponding to the
physical damage mentioned earlier are apparent at . = *4.
- Column 4 was designed in the same manner as Column 1
with the exception of the smaller longitudinal bars (No. 2
rebar) in the interlock zone. The initial cracking load for
Column 4 was approximately 22 kips. The x-crack pattern
displayed in Column 1 was also apparent in this specimen for

displacement levels of p = +2. However, the crack widths
in Column 4 were larger than those in Column 1 at u = *2.
Spalling of the cover concrete started early in the p = =4
cycle and was followed by core fragmentation and straight-
ening of the spiral reinforcement. The two nominal interlock
bars on the transverse faces of the column displayed significant
amounts of deformation due to tensile forces acting on the
spiral reinforcement arising from shear on the column. A
posttest photograph of one of the nominal interlock bars is
shown in Figure 4. The load-deflection curve for Column 4,
shown in Figure 5, reflects the physical behavior described
previously. Moderate degradation occurs for p = *2, fol-
lowed by severe degradation at p = =4 due to core frag-
mentation and longitudinal reinforcement damage.

Column 3 was constructed with an overlap percentage of
15 to examine the minimum overlap of 14.3 percent recom-
mended by Caltrans (I). All of the longitudinal bars in the
interlock zone were the same size as the bars used in the rest
of the specimen. The initial cracking load and crack pattern
exhibited in this specimen were similar to those described for
Columns 1 and 4. However, crack widths in Column 3 at p
= =2, shown in Figure 6, were significantly larger than those
encountered in the previous two tests at the same level of
displacement. Spalling of cover concrete in this specimen com-
menced in the latter stages of the . = *2 cycle and continued
into the final two cycles at w = *4. Rupture of the spiral
reinforcement, shown in Figure 7, occurred on the first cycle
to u = +4 at approximately 93 percent of full cycle displace-
ment. The load-deflection plot for Column 3 is shown in Fig-
ure 8. Decreases in the load-carrying capacity of the column
are detectable at every level of displacement ductility past the
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FIGURE 3 Load-displacement curves for shear test, Column 1; A, = 0.45 in.

first cycle to w = +2. The fracture point of the spiral rein-
forcement is indicated by the drop in lateral load on the first
cycle top = +4.

Rectangular ties and cross ties were used as transverse re-
inforcement in Column 7 to compare the performance of a
conventionally reinforced column with one using the inter-
locking spiral detail (Column 1). A modified testing procedure
was used for Column 7 because of limitations encountered in

the capacity of the testing equipment. The first two cycles at
wn = =1 were accomplished without any alterations to the
testing procedure or equipment. However, the load required
to attain a displacement corresponding to p. = +2 was beyond
the range of the 55-kip hydraulic actuator. After two failed
attempts to reach p = +2 with normal testing procedures,
the specimen was relieved of all axial load and cycled manually
to produce strength deterioration until the desired displace-

FIGURE 4 Nominal interlock bar in Column 4.
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FIGURE 5 Load-displacement curves for shear test, Column 4; A, = 0.495 in.

Crack patterns in Column 3 at p = £2.

ment was obtained. For the cycle to p = *4, axial load was
returned to the specimen and normal procedures for con-
trolling the lateral load and displacement were resumed. Deg-
radation of Column 7 occurred rapidly in the final two cycles
at . = =4. The core concrete was reduced to rubble at this
stage because of the loss of confinement and possibly also
because of the increased number of load cycles imposed on
the specimen. A posttest photograph of one of the rectangular
ties in Column 7 is shown in Figure 9. The bend angle on the
end return has rotated from an original position of 135 degrees
to approximately 90 degrees, resulting in a reduction in the
confining capability of the tie. Similar damage to the end
returns on the internal ties and cross ties also occurred. The
load-deflection plot for Column 7 is shown in Figure 10. Al-
though influenced by the increased number of cycles used at
p = =2, the graph reveals rapid deterioration of the load-
carrying capacity of the specimen at p = *4, as described
earlier. The two sharp drops in load at deflections of ap-
proximately 2.0 and 2.5 in. on the first cycle to p = *4
correspond to sudden unraveling of rectangular tie end re-
turns.

Comparison of Hysteresis Curves

Comparison of the load-deflection hysteresis curves for the
four shear specimens indicates that the reductions in load-
carrying capacity for Columns 3 and 4 were greater than the
reduction for Column 1 at similar levels of displacement duc-
tility. The hysteresis curves for Column 7 indicate a degra-
dation in load-carrying capacity that is comparable to that in
Columns 3 and 4 and is greater than that in Column 1. How-
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FIGURE 7 Spiral reinforcement rupture in Column 3.

ever, it is important to note that the testing procedure used
for Column 7 was different from that used in the rest of the
tests.

Comparison of Calculated and Experimental Strengths

A summary of the experimental and theoretical ultimate shear
strengths for the 1/5-scale shear test specimens is given in
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FIGURE 8
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Table 2. The theoretical shear strengths for the interlocking
spiral columns were calculated assuming that the spiral re-
inforcement was fully effective, and hence the shear contri-
bution of the interlocking spirals was equivalent to that for
two spirals. The ratios of experimental to theoretical shear
strength for the interlocking spiral columns (Columns 1, 3,
and 4) are all within 3 percent of one another. This difference
is negligible considering the inconsistent nature of shear fail-
ure in reinforced concrete members. The normalized shear
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Load-displacement curves for shear test, Column 3; A, = 0.52 in.




FIGURE 9 Rectangular tie and returns in Column 7.
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FIGURE 10 Load-displacement curves for shear test, Column 7; A, = 0.66 in.




Buckingham et al.

TABLE 2 Summary of 1/5-Scale Shear Test

Results
Specimen Viest
Number Viest vV,
(kips) | (kips) vV,
e
1 55.5 412 1.347
3 61.9 445 1.391
4 53.1 385 1379
7 734 53.8 1.364

V . = experimental shear strength
V,, = theoretical shear strength

strength for Column 7 also falls within the range of scatter
established by the other shear specimens. The calculated shear
strength for Column 7 was determined assuming that all por-
tions of the outer ties, inner ties, and cross ties parallel to the
direction of load contributed to shear resistance.

Flexure Tests
General Behavior

The interlocking spiral detail used in Column 5 consisted of
a spiral overlap percentage of 25 in an oval-shaped cross sec-
tion. Flexure cracks initially appeared in Column 5 at a lateral
load of approximately 15 kips. At w = =1, shear and flexure-
shear cracks formed along the entire height of the specimen
at intervals of 3 to 4 in. Although these cracks persisted
throughout the duration of the test, the primary mode of
failure in the specimen remained flexural in nature. Crushing
of the concrete on the extreme load-bearing faces of the spec-

LOAD (kips)

60
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imen just above the top of the footing occurred at p = *4
and eventually led to spalling in these areas at p = *6. On
the final cycle to w = + 6, a longitudinal bar buckled outward
between two sections of spiral reinforcement. Further cycling
of the specimen resulted in fracture of this bar at . = ~8
due to fatigue stress. The load-displacement curve for Column
5 is shown in Figure 11. Except for the sharp drop in lateral
load at the point of longitudinal bar fracture, the load-carrying
capacity of the specimen remains nearly constant throughout
the test.

Column 6 represented a conventionally designed reinforced
concrete column with rectangular ties and cross ties used as
transverse reinforcement. The initial cracking load for Col-
umn 6 was approximately 13 kips. Crack patterns and crack
development for this specimen were similar to those in Col-
umn 5 for p = =2. Spalling of the cover concrete on both
of the extreme compression faces began at p = +4 because
of minor buckling of the longitudinal reinforcement. The lack
of confinement from the rectangular ties and cross ties led to
severe buckling of the longitudinal reinforcement and unrav-
eling of tie and cross-tie end returns at p = =6, as shown in
Figure 12. Continued cycling through p = =8 resulted in the
fracture of 5 of the 10 longitudinal reinforcing bars concen-
trated on each of the short faces of the column. The load-
deflection plot for Column 6 is shown in Figure 13. The load-
carrying capacity of the specimen remains stable for p < =6,
then drops significantly at w = +8 because of fracture of the
longitudinal reinforcement.

Column 2 was constructed to investigate a reinforcing detail
used for interlocking spiral columns enclosed in rectangular
concrete cross sections. The cracking pattern in Column 2 for
p = =2 was similar to that described for Column 5. Dete-
rioration of the cover concrete began at p = *4, along with
moderate buckling of the four unconfined corner longitudinal
bars. Cycles to p = =6 and p = *7 led to the fracture of

Longitudinal
steel fracture

pu=-8

-60
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L

FIGURE 11 Load-displacement curves for flexural test, Column 5; A, = 0.51 in.




FIGURE 12 Buckling of longitudinal reinforcement in Column 6.

LOAD (kips)

-40

u=-2

-60

FIGURE 13 Load-displacement curves for flexural test, Column 6; A, =

0.62 in.
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all four unconfined corner bars, moderate buckling of the
confined longitudinal bar on the extreme bending face, and
necking of the spiral reinforcement. The load-deflection plot
for Column 2 is shown in Figure 14. The load-carrying capacity
of the specimen shows little degradation through p = +4,
then drops sharply during loading to . = =6 and p = =7
because of longitudinal bar fracture.

Comparison of Hysteresis Curves

Comparison of the load-deflection hysteresis curves for the
three flexure specimens indicates that Column 5 maintained
a higher percentage of peak load than Columns 6 and 2 at
similar levels of displacement ductility. The degradation in
load-carrying capacity for Column 2 from p = +4top =
+7 is primarily the result of unconfined longitudinal bar frac-
ture.

Comparison of Calculated and Experimental Strengths

A summary of the calculated (using strain compatibility) and
experimental ultimate strengths for the 1/5-scale flexure spec-
imens is shown in Table 3. Ratios of experimental and the-

oretical flexural strength for Columns 2, 5, and 6 display a
maximum difference of less than 4 percent.

Combined Shear and Torsion Test
General Behavior

Column 8 was an exact replica of Column 1, with an overlap
percentage of 25 and an oval-shaped cross section. The pur-

60

LOAD (kips)
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pose of this test was to investigate the ultimate state behavior
of an interlocking spiral column under combined shear and
torsional load. Initial cracking in Column 8 occurred at a
torsional load of approximately 110 in.-kips. A spiral cracking
pattern was exhibited in the specimen and was typical of crack-
ing in reinforced concrete members under combined shear
and torsional load. Cracking became more severe at A =
+1.0 in. (approximately +2.88-degree rotation) and was fol-
lowed by spalling of the cover concrete at A = +1.5 in.
(approximately *4.3-degree rotation). Additional cycles re-
sulted in straightening of the spiral reinforcement around the
longitudinal bars and some internal cracking of the concrete
core.

The torque-twist curve for Column 8 is shown in Figure 15.
The data displayed in the graph include corrections for ro-
tations in the loading collar and actuator and translations
parallel and perpendicular to the plane of the reaction frame.
The most prominent characteristic depicted in this graph is
the. difference in specimen degradation at positive and neg-
ative values of rotation. A possible explanation for this phe-
nomenon is the fact that spiral reinforcement tends to tighten
around the concrete core when twisted in one direction and
separate from the core when twisted in the opposite direction.

Interaction Curve for Shear and Torsion

A graph displaying the results from Column 8 with respect to
shear and torsion interaction is shown in Figure 16, in which
T, is theoretical torsional strength and T, is experimental
torsional strength. The procedure used for calculating the
shear strength of Column 8 was the same as that used for the
shear test specimens. The torsional strength for Column 8 was
calculated using the procedures in ACI 318-89 for rectangular

-60

DEFLECTION (inches)

FIGURE 14 Load-displacement curves for flexural test, Column 2; A, =

0.72 in.




144

TABLE 3 Summary of 1/5-Scale Flexural Test

Results
Specimen  Myegt
Number (ix'fisfas) (in.}rli(‘l?ps) M,
2 2,477 1,913 1.295
1,723 1,291 1.335
6 2,438 1,824 1.337

M, = experimental flexural strength
M, = theoretical flexural strength

beams. With respect to the shear and torsional strengths, it
can be seen in the graph that most of the load applied to
Column 8 was torsional in nature. The overstrength displayed
for Column 8 is approximately 48 percent. The procedures
for calculating the torsional strength of the oval column with
interlocking spirals, although apparently conservative, are likely
to be inexact. Further research is needed on the behavior of
interlocking spiral columns subjected to torsional loading.

CONCLUSIONS AND RECOMMENDATIONS
Conclusions

On the basis of the results of this experimental investigation,
the following conclusions are made:

1. Specimens constructed with interlocking spirals for trans-
verse reinforcement performed as well as or better than spec-

TORQUE (in.—1bs.)

-250

250
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imens with ties under both shear and flexural loading, even
though the specimens reinforced with ties contained 50 per-
cent more transverse reinforcement than the specimens with
interlocking spirals. The superior performance of the inter-
locking spiral detail would be particularly beneficial in earth-
quake regions.

2. When loaded to failure in shear, the specimen incor-
porating a spiral overlap of 25 percent (center-to-center spac-
ing of spirals equal to 0.6 times the spiral diameter) dem-
onstrated less strength degradation than the similar specimen
incorporating a spiral overlap of 15 percent (center-to-center
spacing of spirals equal to 0.75 times the spiral diameter).
Failure in the specimen with the 15 percent overlap was caused
by rupture of the spiral reinforcement, whereas failure in the
specimen with the 25 percent overlap was a result of gradual
deterioration of the concrete core of the column.

3. The use of small-diameter (nominal) longitudinal bars
in the interlock region resulted in higher degradation when
compared with the similar specimen with the same size of
longitudinal bars in the interlock region as that used for the
main column reinforcement. The reduced performance of the
specimen using nominal interlock bars was due to separation
of the spiral cages resulting from severe deformation of the
interlock bars.

4. The shear and flexural capacities of columns with inter-
locking spirals can be reasonably estimated using current pro-
cedures for the design of reinforced concrete structures. The
torsional capacity of columns with interlocking spirals can be
conservatively predicted using an approach adapted from cur-
rent design equations for the torsional capacity of rectangular
beams.

FIGURE 15 Torque-twist curve for Column 8.
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FIGURE 16 Shear-torsion interaction curve for Column 8.
Recommendations

The following recommendations are based on the results of
this study and a survey of literature:

1. The center-to-center spacing of adjacent spirals in col-
umns with interlocking spirals should not exceed 0.6 times
the diameter of the spiral cage.
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2. Atleast four longitudinal bars of approximately the same
size as the main longitudinal reinforcement should be incor-
porated into the interlock region to prevent the individual
spiral cages from separating.

3. Further research is recommended on the torsional be-
havior of columns with interlocking spirals, particularly in
regard to rotation-direction bias resulting in unwinding of the
spirals. It is also recommended that the behavior of columns
with more than two interlocking spirals be investigated.
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Behavior of Prestressed AASHTO Girders

Under Static Loading

J. HAROLD DEATHERAGE, CHONG KEY CHEW, AND EDWIN G. BURDETTE

Recently FHWA restricted the use of certain sizes of seven-wire
prestressing strand in the fabrication of highway bridge beams.
The research reported is the result of the prestressing industry’s
interest in evaluating the effects of development length and trans-
fer length on the behavior of AASHTO Type I beams. Addi-
tionally, variations in transfer and development length were in-
vestigated for different diameters of reinforcing and different wire
manufacturers. Twenty-two full-scale AASHTO Type I beams
were static-tested to failure; the results of these tests are reported.
Factors that affect both transfer and development length are eval-
uated and discussed. The computed and measured moment ca-
pacities are compared, and reasons for variations are evaluated.
Three distinct failure modes were observed, depending on the
location of the load in relation to the development length of the
prestressing strand. The relationship between failure modes and
the ultimate moment capacity is evaluated.

Recently FHWA limited the use of certain sizes and spacings
of seven-wire prestressing strand in AASHTO bridge girders.
This restriction was primarily based on the results of the ex-
perimental research in which both transfer and development
lengths significantly larger than those predicted by the Amer-
ican Concrete Institute (ACI) and AASHTO equations were
obtained (7). Since the FHWA mandate severely restricted
the ability of many AASHTO prestress producers to satisfy
the needs of the construction programs of several state de-
partments of transportation, the Precast/Prestressed Concrete
Institute in conjunction with the Regional Transportation
Center program funded the University of Tennessee to per-
form additional research to confirm or refute these results
(Z). The results of the University of Tennessee research were
reported in 1991 (2).
The purpose of the research at Tennessee was twofold:

1. To determine whether or not the existing AASHTO de-
sign criteria for transfer lengths and development lengths in
prestressed beams were satisfactory or should be modified to
reflect changes in technology and methodology of production
since the code criteria were established.

2. To identify the factors affecting both transfer and de-
velopment lengths and to quantify their effects.

Consideration of these factors is the subject of this paper.
Twenty-two full-scale beams were tested to failure to evaluate
their performance when loaded at or near the expected de-
velopment length of the strand. Since the loads were applied
at a position closer to the reaction than to the centerline of
the beam, each beam allowed for two static tests; therefore,

Transportation Center, University of Tennessee, 357 South Stadium
Hall, Knoxville, Tenn. 37996.

44 static tests were performed, and results were obtained on
43 of the tests.

DESCRIPTION OF TEST PROGRAM

Each of the 22 beams was 31 ft long with a cross section
conforming to the AASHTO Type I configuration and having
varying strand configurations depending on the diameter of
the strand. Figure 1 describes the shear and confinement rein-
forcing used for each beam, and Figure 2 shows the various
strand configurations used. Prestress reinforcement manufac-
tured by four manufacturers was evaluated. A three-part des-
ignation is used to identify an end of a beam, as illustrated
by 5S-1-EXT. The first part refers to the diameter of the
strands used in a beam for which

® 5 = iin. regular strand, nominal diameter of 0.500 in.
® 5S = iin. special strand, nominal diameter of 0.5224 in.
@ 916 = t-in. strand, nominal diameter of 0.5625 in.

®6 = #in. strand, nominal diameter of 0.600 in.

e 5SE = }-in. epoxy-coated strand.

For the beams from the strand-diameter groups or with the
epoxy-coated strands, the second part of the designation re-
fers to one of the beams prestressed with the strands, and the
third part refers to a specific end of this beam. INT or EXT
refers to the interior or exterior end of a beam, because two
beams were stressed with strands between the same two abut-
ments. For the beams from the strand manufacturer’s group,
the second part of the designation refers to the name of the
manufacturer, and the third part refers to an end of the beam.
A summary of the beam properties is given in Table 1.

TRANSFER LENGTH TESTS

Transfer lengths of the strands were measured at prestress
transfer on 26 Type I AASHTO girders. These results were
initially reported by Smith (3). Table 2 gives the average
transfer bond strengths for all milled surface strands. Con-
finement reinforcement was placed over a distance of about
40 in. from each end of the beams, a distance that is longer
than almost all the measured transfer lengths. In some ex-
ploratory tests with spiral smooth-wire confinement reinforce-
ment around each strand, Kaar et al. found a decrease of 15
percent in transfer length as compared with those without the
reinforcement (4). Accordingly, transfer bond strengths for
the beam tests should be higher than for strands with no
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FIGURE 1 Shear and confinement reinforcement in each end
of beam.

FIGURE 2 Strand configurations: left, Pattern A; middle,
Pattern B; right, Pattern C.

TABLE 1 Measured Transfer Bond Strength for Beams

Milled Surface Bond Strength Number
Strand Diameter (kips/inch) of
(in.) Tests
1/2" Regular 0.889 4
1/2" Special 0.982 ) 4
9/16" 1.050 4
6/10" 1.700 8

TABLE 2 Average Measured Transfer Lengths of Beams

Strand Average Transfer Length (dp)
Milled Weathered Weathered
. 1-day 3-day
1/2" Regular 64.5 46.5 39.0 (8)
1/2" Special 62.2 -- 59.3 (4)
9/16" 62.2 -- 489 (4)
6/10" 40.6 -- - -
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confining reinforcing. However, other factors such as the mul-
tiple strands in beams may have a negative influence on the
bond strength. Multiple strands in beams were flame-cut one
at a time, and strands cut earlier might have been affected
by the transfer force of strands cut later. This effect could
degrade the transfer bond strength in beams, perhaps more
so for beams with more strands. From Table 2, the decrease
in the measured bond strengths for }-in. regular and %-in.
strands were about 25 and 10 percent, respectively. Greater
reduction in bond strengths of beams with the 3-in. regular
strands may be due to the greater number of strands in the
beams.

Effects of Strand Diameter

The perimeter of seven-wire prestressing strand is approxi-
mately equal to 4/3wd,. Adhesion force, which is directly
proportional to the amount of adhered surface, is therefore
directly proportional to strand diameter. Friction may be af-
fected by strand diameter because of the difference in normal
force from different wire sizes. Because the grooves between
the outer wires of a strand get larger with increasing strand
diameter, mechanical bond strength would increase with strand
diameter. Table 3 illustrates that the average transfer lengths
for the 3-in. special, 3-in. regular, and w%-in. strands of milled
surface condition are approximately proportional to the strand
diameter, but this relationship is not true for the f-in. strands.
The shorter transfer length for f-in. strands may be attributed
to the increase in mechanical bond. The numbers in paren-
theses are the number of tests.

Effects of Strand Surface Condition

The wires of all stress-relieved and low-relaxation strands
have residual surface oil from the wire drawing process. The
residuals prevent good adhesion and lower the coefficient of
friction at shear interface, thereby decreasing friction bonds.
Weathered strands have their residual surface oil washed away
and have roughened rusted surfaces with higher coefficients
of friction, which are also better for concrete adhesion. From
Table 3, the average improvement in the transfer length for
1-day weathering of %-in. regular strands was about 27.9 per-
cent, and that for 3-day weathering for the same strand ap-
pears to be about 40 percent. The average improvement for
all the 3-day weathered strands was about 22 percent. This
reduction in transfer length may be due to an increase in
friction for the slightly roughened surface.

DEVELOPMENT LENGTH TESTS

Development length of strand in a pretensioned member con-
sists partly of transfer length and an additional bonded length
called flexural bond length. Development length, unlike transfer
length, cannot be measured directly: it can be measured only
with an indirect approach in which the behavior and strength
of beams loaded at different locations from the ends of beams
are studied to determine whether the ultimate stress of the
strands could be developed at the load points. This procedure
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was followed for different strand diameters, surface condi-
tions, concrete strengths, and pretension levels. Different
spacings of strands from different manufacturers were used.
Blended in the results are other variables such as concrete
strength, reinforcement ratio, and strand pretension level, all
of which have some influence on both the behavior and the
strength of the beam section.

The development length for a beam is interrelated with the
beam behavior. The steel stress that a strand can develop at
a beam section is affected by variables such as concrete strength,
steel pretension level, reinforcement percentage, concrete
confinement, and beam geometry. The corresponding force
in the strand must also be adequately transmitted along the
development length into the concrete. Transmission of the
force over the available development length is dependent on
the bond behavior and the beam behavior. For example, the
deformational characteristics of the strand at the beam section
when the steel force is transmitted over the development length
affect the steel stress that can be developed at the section.
Using the following procedure to obtain the steel stress de-
veloped, the effects on the steel stress of the variables that
affect beam strength are minimized.

Theoretical Steel Stress at Ultimate Flexural
Compression Failure i

The ultimate moment strength of each beam was measured
during the development length tests. Because of confinement
vertically and laterally by the steel bearing plate at the load
point of the top fibers of the concrete in compression and the
sharp stress gradient beneath the single load point, a consid-
erably higher concrete strength was apparently attainable at
the critical load-point section. The moment strength calcu-
lated according to the ACI allowable rectangular stress block
and strain-compatibility method was therefore somewhat lower
than the actual moment strength for these beams. The steel
stress is overestimated greatly if it is calculated from the mea-
sured moment strength using the ACI method. This overes-
timation leads to an error in the steel stress assumed to have
been developed, which is then used in the derivation of the
bond strength for the development length. Though the ACI
method for the calculation of flexural strength is adequate for
general design purposes, particularly for a flexural member with-
out lateral confinement for the concrete in compression, it is
not sufficiently accurate for the needs of the present research.

A fundamental approach somewhat similar to the analysis
method found in the publication by Warwaruk et al. (5) is
devised here to solve this problem. In their research, the
compressive concrete in the beams loaded at mid-span ap-
peared to have twice the effective strength of the concrete in
beams with two-point loadings. Typically, a condition of strain
and stress at failure is assumed for a beam as in Figure 3. The
steel strain at ultimate is calculated by adding the steel strain
at effective prestress (e,,), the elastic shortening (.. ), and
the additional steel strain beyond flexural cracking of the
section (g,,). Assumptions for the present analysis include
the following:

1. Plane sections remain plane under flexure;
2. Strain compatibility factor is known and is a constant
1.0;
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a = 0.42*%kd
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FIGURE 3 Conditions of strain and stress for AASHTO Type
I beam, cross section; area = 276 in.2, I = 22,750 in.%, C, =
12.59 in., s = strand spacing (in.).

3. Failure of concrete occurs when concrete strain in the
extreme fibers reaches a useful limit of 0.005 (i.e., g, =
0.005.4);

4. The location of the resultant compressive force of the
concrete is at a distance from the extreme compressive fibers
equal to 0.42 of the depth of the neutral axis (i.e., a = 0.42
* kd);

5. Concrete does not carry tension.

6. The stress-strain relationship for the reinforcement is
known.

7. A horizontal inward reaction, H, is equal to a friction
coefficient of 0.4 times the smaller of the two support reaction
forces.

It is realized that the fourth assumption is likely to vary
very slightly with concrete strength or when kd is greater than
the flange thickness of 4 in. However, the calculated flexural
strength is quite insensitive to such small variation. For ex-
ample, for an actual value of a = 0.35kd in comparison to
the assumed a = 0.42kd, only an error of 0.35 in. in moment
arm results for a typical kd value of 5 in. This translates into
an error in the flexural strength of less than 1.5 percent.

It is necessary to determine the effective concrete strength,
feu, of the concrete subjected to the effect of confinement for
the beams in this test program. A computer program was
written that iteratively calculates the fou for each of the beams
from the measured ultimate moment in accordance with the
strain compatibility condition for the steel strand and the
assumptions stated previously.

The ratio of the effective concrete strength to the 6 x 12-
in. concrete cylinder strength, fcu/f'c, is calculated. The re-
sults of the calculation are summarized in Table 4 under the
heading ‘“With Strain Compatibility.” The value of fcu/f'c is
plotted against the depth to the neutral axis, kd, in Figure 4.
From this figure, the ratio of fcu/f'c is much larger at smaller
values of kd and rapidly reduces to a more-stable lower value
of approximately 0.85 as kd increases. The data points with
the smaller values of kd correspond to the beams with the
smaller reinforcement ratios. The larger fcu/f'c with smaller
kd values is consistent with the knowledge that the effect of
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TABLE 4 Measured Moment and Mode of Failure
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confinement is more significant right beneath the bearing plate
and within a shallower kd. The figure also shows that for the
beams with bond failure, the data points for which are plotted
as BF, the fcu/f’c ratio is generally smaller than for the beams
without bond failure (F). This is, however, an inherent result
of the assumption for the analysis that strain compatibility
holds and of the fact that the beams with bond failure gen-
erally have slightly lower moment strengths. For the beams
with bond failures, deviation from the strain compatibility
condition leads to a kd value greater than it would have been
with no bond failure. This greater kd value consequently en-
ters into the calculation of the resulting lower fcu value. Thus,
only the beams that develop the full flexural strengths without
any end slippages were used in establishing the fcu needed
for the calculation of the steel stresses developed in the beams
with bond failure.

For the beams with bond failure, the steel stresses can be
calculated from the measured moment strengths with a chosen

approximate fcu value for each beam group in reference to
the fcu/f'c calculated earlier with strain compatibility for beams
without bond failure. Because the bottom strands in the beams
with bond failure slip, the assumption of perfect strain com-
patibility condition is not valid. Except for the strain com-
patibility condition for the bottom steel, the assumptions for
the flexural strength analysis stated previously are used. The
top steel does not slip; its stress can therefore be calculated
from strain compatibility with the previously set ¢, = 0.005
and a kd value. The concrete force, C, and position, a =
0.42kd, from which the moment, Mn, can be calculated, are
only dependent on the kd value. There is a unique kd value
that gives the Mn that is equal to the measured moment. A
computer program was written to iteratively seek for this kd
value. The steel stress was then calculated for this kd from
the equilibrium of horizontal forces. The calculated steel stresses
and the corresponding adjusted fcu values are presented in
Table 4 under the heading ‘“Force Equilibrium.” The steel
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FIGURE 4 fcu/f'c versus kd for all beams with flexural
failure.

stress in the beams that failed by shear is not predictable with
the flexural analysis. These beams are shaded in Table 4.

For beams with lower reinforcement ratios, slight slippage
of some strands will only redistribute the stresses among the
strands and do not immediately result in a lower flexural
strength. Thus, a steel stress higher than that at first slippage
may be achieved for an underreinforced beam. However, steel
in underreinforced beams is generally stressed more than steel
in highly reinforced beams. Although bond failure is more
likely for an underreinforced beam, the flexural strength of
the beam may not be affected by the bond failure. On the
other hand, flexural strength of overreinforced beams is con-
trolled by the available area of compressive concrete. The
overreinforced beams, therefore, cannot tolerate slippage that
reduces the compressive concrete area. These relationships
are studied for a better understanding of the effects of strand
slippage on beam behavior.

The different modes of failure observed in the destructive
tests were examined in detail, particularly the interaction be-
tween the flexural compression failure or shear failure with
a bond failure. As illustrated in Figure 5, a sudden shear
failure at the initiation of diagonal shear cracking (Type I
failure) may occur without an adequate development length
from the end of a beam to the shear crack that starts at the
interior face of support. The measured shear load, V, that
beam 5-1-INT could sustain after the diagonal cracking was
much reduced—only 74 kips. The effects of the diagonal shear
cracks on the bond development seem to be adequately an-
alyzed using the Truss analogy method. The total tensile force
(T") that can be developed at the shear crack that initiates
from the face of support is calculated from the transfer bond
strength for the number of bottom strands. For a 45-degree
angle of the shear crack, the shear force V at the cracked
section that failed because of insufficient development length
would be close to 7". Also illustrated in the figure is a flexural-
shear failure (Type II failure) with crack that propagates from
a flexural crack some distance closer to the end of beam. The
cracking from Type I and Type II failures in essence move
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FIGURE 5 Interaction of shear crack with development
length.

the critical section for the evaluation of development length
to the cracks.

Effects of Bond Failure on Beam Behavior

The effects of bond failure on the behavior of all the bridge
beams tested are examined in detail and discussed with illus-
trations. As has also been observed by previous investigators,
many of the beams tested could develop additional beam
strength even after end slips of some strands were detected.
Bond failure of the strands apparently did not cause a sig-
nificant loss in the steel stress of the strands, and the additional
flexural strength gained was probably contributed by the other
strands that did not slip. The plastic nature of the bond be-
havior permits the strands to keep slipping with virtually no
loss of bond resistance. This is an extremely important char-
acteristic of the strand performance in contrast to the plain
wires. Slippage of the strands that have exhausted their “‘us-
able” bond strength is beneficial because it permits the other
strands—those that are not yet slipping and have some re-
serve bond strength—to continue to participate in carrying
the extra load. Ideally, for a beam that has less than the full
development length, maximum flexural strength is developed
only when all usable bond strength in all the strands has been
exhausted. However, the inability of slipping strands to carry
any additional tension reduces the stiffness of the beam. For
a beam approaching its ultimate strength with the steel stressed
past the yield point and the extreme fiber of compressive
concrete stressed into the inelastic range, this loss of stiffness
certainly would result in a flexural compression failure.
Research with pullout bond tests has suggested that the
bond resistance, although with significant variability, gener-
ally drops slightly when the last of the adhesive bond is broken
at the initiation of strand end slip, and that higher bond resis-
tance is attainable at greater slip when mechanical bond takes
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effect (6). Therefore, bond length has an effect on the drop
in load at the loaded end when end slip at the free end occurs.
Stocker and Sozen observed from their test results that the
mechanical bond may become effective immediately after slip
or only after a relatively large slip of about 0.01 in. (7). The
large slip cannot be accommodated at a flexural section with-
out excessively reducing the compressive concrete area and
causing a failure. When only a small proportion of the strands
suffer “slight” slips, there may be just a minor drop in load
with the stiffness provided by the other strands. Creep of the
concrete surrounding a strand that experiences the high in-
tensity of bond stress has been observed in pullout tests to
gradually relieve bond resistance and permit slight slippage
of the strand to occur until it becomes stabilized. This slight
slippage probably occurred for the strands in the UTK beams.
The load-versus-deflection plots in Figures 6 and 7 show that
a slight drop in load occurred while the end slips of a small
number of the strands were detected. The load capacity of
the beams did not reduce with increasing applied deflection
until flexural compression failure occurred. However, when
most of the strands in a beam slip nearly at the same time,
the load drops off significantly, to not regain strength and
finally fail in a flexural compression failure at increasing de-
flection; Figure 8 shows the load-versus-deflection plot of Test
6-2-INT, which has five out of six strands slipping when load
drops.

Increases in the steel stresses of strands that did not slip
were measured by strain gauges, which confirmed that higher
bond resistance was possible after slippage of some strands
in the beam. As presented in Table 4, not all strands had
slipped when the beam finally failed in flexural compression
and lost most of its strength. Further increase in steel stress
was also observed beyond flexural compression failure of some
beams.

Some slight slippage of the strands during static testing did
not significantly reduce a beam’s flexural strength, but it did
make the beam more susceptible to shear failure, especially
when loaded at short shear span. Bond failure relieves the
compressive strain in the lower beam web to permit greater
participation of the concrete to carry tensile stresses until
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FIGURE 6 Load versus deflection for Beam 916-2-EXT.
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FIGURE 7 Load versus deflection for Beam 6-2-EXT.

cracking of the concrete occurs. Shear cracks further reduce
the available development length and precipitate a shear fail-
ure with a significantly reduced beam strength. Flexural
compression failure of beams having web-shear cracks is often
not reached.

Load Capacity and Mode of Failure

In accordance with the ACI equivalent concrete stress block
and the strain compatibility condition with an ultimate com-
pressive strain of 0.003 for the concrete extreme fiber, the
theoretical moment strength is computed for each beam sec-
tion and listed in Table 5 as Mn. The computed Mn values
are compared with the measured Mu and Mb of the corre-
sponding beams. As seen in the table, all beams without a
bond failure had Mu exceeding Mn. The ratios of measured
to computed ultimate moments of the beams, Mu/Mn, appear
to be somewhat related to the reinforcement ratios—the lower
the reinforcement ratio, the higher the Mu/Mn. The higher
Mu/Mn ratios for the beams with lower reinforcement ratios
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FIGURE 8 Load versus deflection for Beam 6-2-INT.
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TABLE 5§ Minimum and Full Development Lengths

Strand Minimum * Full Development
(Mill Condition) Development Length (in.)
Length (in.)
1/2" Regular 77.4 above 92
1/2" Special 81 above 83
9/16" 87 above 106
6/10" 74.4 86

are due to the effects of greater confinement of the com-
pressive concrete in these beams.

All the tests with bond failure also developed Mu exceeding

the Mn. Bond failure of these beams occurred also at a mo-

‘ ment above the Mn, except for four tests that developed the

moments of slightly less than the Mn when bond failures

" occurred (i.e., tests 5S-4-INT, 916-1-INT, 916-2-EXT, and

| SE-2-EXT). All the beams with bond failure were near to

flexural compression failures when bond failures occurred,

and the strengths of these beams did not seem to be affected
significantly by the bond failures.

Only four tests did not ultimately develop the calculated
Mn. In each of these tests, the beam experienced a shear
failure soon after strand end slips were detected. One other
test (5-2-EXT) reached an Mu slightly greater than Mn when
shear cracking occurred simultaneously with a bond failure;
it failed in shear immediately thereafter. Flexural compression
failure of these five beams was not reached. The beams with
shear failure apparently had load capacities after shear crack-
ing that were below the load at bond failure. These beams
are previously explained to have failed due to insufficient
development length (or anchorage) at the shear cracks. Ac-
cording to the truss analogy for the Type I failure as illustrated
in Figure 5, the load capacities of these beams after shear
cracking are calculated and presented in Table 5.

The “minimum measured development lengths” of the
strands to develop the computed ultimate moment, Mn, of
the beams are 77.4, 81, 87, and 74.4 in., respectively, for
i-in. regular, 3-in. special, %-in., and %-in. strands of milled
condition and pretension of 202.5 ksi. These minimum de-
velopment lengths correspond to approximately 155 times the
diameter of the strands (155d,) for all the strands except the
#-in. strand. Contrary to expectation, the f-in. strand requires
only about 125 d, or less than what is required for the 3-in.
regular strand. However, significantly longer development
lengths are required to totally prevent any slippage of the
strands at the ultimate flexural moments of the beams; in
Table 5 these lengths are tabulated as the full development
length. Strands exposed to weathering of up to 3 days in
comparison with milled surface condition strands have better
bonding characteristics and thus reduced development lengths.
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The epoxy-coated 3-in. strands performed significantly better
than all the uncoated strands with a full development length
of less than 51 in. Reduction of strand spacing from 2 to 1.75
in. for #-in. strands did not appear to cause any adverse effects
on the development length. In the eight tests with the smaller
spacing, there was no evidence of splitting between the strands.

CONCLUSIONS

Information is presented herein regarding the bond strength
of seven-wire strand in AASHTO-PCI beams and the effect
of strand diameter and of weathering on bond strength and,
in turn, on transfer length. Exposure to weathering has a
significant effect on transfer length, as illustrated in Table 3.

An analysis is presented of the behavior of the beams tested
in the research project on which this paper is based, and the
effects of bond failure on this behavior are discussed. It was
found that although bond failure and the resulting strand slip
does not typically lead to a moment capacity less than that
calculated by the ACI code, strand slippage did make the
beam more susceptible to shear failure. Some of the most
interesting information to emerge from the tests relates to the
variation of average stress in the compressive stress block,
kd, as illustrated in Figure 4. For beams with relatively low
areas of reinforcement, kd is relatively small and the average
concrete stress significantly larger than that assumed in con-
ventional strength analysis.
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Fatigue Load Spectra for a Steel

Girder Bridge

ANDRzE] S. Nowak, HANI Nassir, AND KArRL H. FRANK

The objective is to present an approach for the evaluation of
fatigue performance. The proposed method is a combination an-
alytical and experimental approach. The steps include identifi-
cation of critical components and details, determination of the
load distribution factors and stress range, instrumentation of the
bridge, measurement of strains under a control vehicle to cali-
brate the equipment and determine the load distribution factors,
measurement of strain under normal traffic, verification of load
distribution factors, verification of load range, and evaluation of
fatigue performance. Critical components and details are iden-
tified on the basis of analysis and past experience. The analysis

provides theoretical values of load distribution factors and stress

ranges. Measurement results provide a basis for verification of
the analytical values. The number of load cycles is determined
from the stress record under normal traffic. For a given number
of load cycles, the effective stress range is calculated and com-
pared with the critical level. Then the remaining fatigue life is
estimated as a percent of the remaining number of cycles to
failure. This serves as a basis for the evaluation of fatigue perfor-
mance. The proposed approach is applied to an existing steel
girder bridge. The superstructure consists of four plate girders
and transverse floor beams. The bridge is instrumented, and the
results of measurements are presented and discussed. For the
considered components and details, the measured stress range
and estimated number of load cycles are not critical. Some minor
cracking may be expected, but in general the bridge may be
considered as adequate with regard to fatigue.

Knowledge of fatigue load spectra is important in evaluating
the performance of existing steel bridges. Live load effects
may be different for different components and details. In
many cases analytical methods do not allow for an accurate
estimation of load, in particular load distribution factor and
actual stress range. Therefore there is a need for field mea-
surements to verify the analytical results.

Estimation of fatigue life of an existing bridge involves
evaluation of fatigue resistance (capacity) and load spectra.
Fatigue resistance depends on material properties, type of
detail, degree of corrosion, and other deterioration. Load
analysis requires knowledge of load history (accumulated
damage), current load spectra, and-prediction of future loads.
The objective of this paper is to present an approach to eval-
uation of the fatigue load for an existing steel girder bridge.

The load is modeled on the basis of weigh-in-motion (WIM)
measurements, truck count, and statistical analysis. The re-
sulting load spectrum (number of cycles and effective stress
range) is compared with fatigue strength. This comparison

A. S. Nowak and H. Nassif, Department of Civil and Environmental
Engineering, 2370 CG Brown Building, University of Michigan, Ann
Arbor, Mich. 48109. K. H. Frank, Department of Civil Engineering,
University of Texas, Austin, Tex. 78712.

serves as a basis for evaluation of the adequacy of the con-
sidered component or detail.

The approach is demonstrated on the evaluation of fatigue
performance for the Woodrow Wilson Memorial Bridge (7).
The structure carries Interstate I-95 over the Potomac River
between Maryland and Virginia. When the bridge was opened
to traffic in 1962, the average daily traffic (ADT) was esti-
mated to be 75,000. The current ADT is 165,000, and it is
estimated that it will increase in the future to 235,000. There
are three lanes of traffic in each direction. The bridge has a
moveable portion, which is not considered in this study.

EVALUATION PROCEDURE

The procedure for evaluating fatigue performance includes
analysis and field measurements. A list of the major steps
follows.

1. Review the available drawings. Identify the fatigue-prone
components and details on the basis of experience. Special
attention should be paid to distortion-induced fatigue (trans-
verse components and connections, varying stiffness of girders).

2. Perform analysis to determine the load spectra for main
girders (load distribution factors) and fatigue-prone compo-
nents and details.

3. Instrument the bridge and take WIM measurements.
Measure the actual load distribution to girders (girder distri-
bution factors). Measure stress and stress range under-a nor-
mal flow of traffic.

4. Verify the accuracy of analytical girder distribution fac-
tors by comparison with measured distribution factors.

5. Verify the calculated stress ranges by comparison with
measured values.

6. Establish the cumulative distribution functions for stress
range (for the critical components and details).

7. Estimate the fatigue resistance of the critical components
and details. :

8. Evaluate the fatigue performance of critical components
and details by comparison of load and resistance.

9. Estimate the remaining fatigue life.

The evaluation of fatigue load (Steps 3-6) is the primary
consideration here. The instrumentation and measurements
are described for the bridge. The formula for the remaining
fatigue life, in terms of number of load cycles to failure, is
also provided.
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INSTRUMENTATION

The tests were performed on the western approach spans,
shown in Figure 1. The bridge, considered the Woodrow Wil-
son Memorial Bridge, is a multispan continuous structure with
typical spans equal to 19 m (62 ft). The superstructure consists
of four steel plate girders spaced at 7.8 m (25 ft 8 in.), as
shown in Figure 2. Main girders have identical webs; however
flanges are larger in interior girders. Therefore exterior gir-
ders have a lower stiffness than interior girders. Transverse
floor beams are spaced at 6.3 m (20 ft 8 in.). The calculations
showed high fatigue stress levels in exterior girders. To verify
the analytical results, strain gauges were installed at these
locations. Evaluation of plans and site inspection revealed
other fatigue-prone details. Several years ago cracks were
observed in the connections of transverse floor beams with
main girders. Another fatigue-prone detail was intersection
of longitudinal to transverse stiffener. Typical connection and
stiffeners of floor beam to girder are shown in Figure 3.
The bridge was instrumented using strain gauges and strain
gauge transducers. In particular, strains were measured at the
critical connections between floor beams and exterior girders.
Main girders were instrumented to verify girder distribution
factors. The location of strain gauges is shown in Figure 4. A
test truck was used to determine bridge response to a known
load and to compare the measured response to that obtained
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by analysis. The test truck was a three-axle vehicle with a
total weight of 275 kN (62.5 kips).

The waveform of the measured stresses agreed with the
predictions, an indication that the bridge was responding as
predicted in the analysis. However the measured stresses were
always considerably less than the calculated stresses, because
of the distribution of the truck load to the adjacent girders
in the actual bridge.

Examples of typical plots of the floor beam gauge outputs
are shown in Figure 5. The recorded stress ranges resulting
from the test truck are presented in Tables 1 and 2, for the
truck in the right and center lanes, respectively. On average
the response for the truck in the center lane was 50 percent
larger than the response for the truck in the right lane.

The floor beam gauges produced some unexpected results.
The stresses measured at the end of the floor beams, near
the exterior girder, indicate that the top flange of the floor
beam is subjected to compression and that the bottom flange
is subjected to tension during passage of the test truck over
the floor beam. It was expected that the stresses would have
the opposite sign. If the floor beam behaves as a fixed-end
beam, loaded in the center, with no rotation and displacement
at its ends, the stress would have been tension at top and
compression on the bottom at the connection to the exterior
girder. The measured compression stress at the top and ten-
sion stress at the bottom of the floor beam at its exterior
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TABLE 1 Stress Ranges for Test Truck in Right Lane

Gage location . Stress Range (ksi) Measured/
Number  Distance Top/bottom Measured Calculated Calculated
of from

girder support

First week:

Gl 24’ bottom 2.43 9.24 .263
G1 12’ bottom 3.49 9.98 .350
Gl o} top 0.51 4.93 .104
Gl 15' bottom 1.16 6.87 .169

Second week:
G2 5' bottom 1.01 6.18 .163
Gl 9.5 bottom 4.00 9.61 416

1' = 305 mm; 1 ksi = 6.89 MPa

i
|
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FIGURE § Typical stress range versus time for floor beam.
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TABLE 2 Stress Ranges for Test Truck in Center Lane

Gage location

Number Distance

of from -

girder support

First week:

Gl 24" bottom
G1 12 bottom
Gl o top

G1 15' bottom
Second week:

G2 5' bottom
G1 9.5 bottom

1' = 305 mm; 1 ksi = 6.89 MPa

support indicate that it is responding as a beam fixed against
rotation but undergoing a relative displacement between its
supports, the exterior, and the first interior girders. The pri-
mary stresses at the end of the floor beams are generated by
the differential deflection of the girders and not by the fixed-
end moments caused by the rotational restraint provided by
the girders. The floor beams are acting like a cantilever from
the interior girders supporting the more flexible exterior girders.
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Stress Range (ksf) Measured/

Top/bottom Measured Calculated Calculated

1.15 9.24 .124
1.59 9.98 .159
0.25 4.93 .051
0.44 6.87 064
1.70 6.18 275
1.76 9.61 183

To determine the lateral distribution of truck load, gauges
were placed at the bottom flanges at the midspans of the main
girders. The resulting stress ranges are shown in Figure 6.
Each curve corresponds to a passage of the test truck. The
highest stress ranges were observed in exterior girders for the
controlled truck traveling in the right lanes, close to the ex-
terior girders. The lateral distribution of the moment caused
by the truck weight is shown in Figure 7. In Figure 7, a mo-
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FIGURE 6 Measured stress in girders for various truck positions.
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FIGURE 7 Moment distribution to girders.

ment distribution factor denotes the fraction of the total mo-
ment resisted by a girder.

TRUCK SURVEY

To verify the estimates of truck numbers, the Maryland De-
partment of Transportation (DOT) carried out a traffic sur-
vey. The traffic flow was recorded for 24 hr with a video
camera. The filmed traffic was analyzed to count trucks in
each lane and direction. Multiple presence cases (more than
one truck per span) were also counted. A total of 11,334 trucks
was counted, with 5,174 in the eastbound direction. Less than
10 percent of trucks used the left lane (closest to the median).
Approximately every 20th to 25th truck is on the bridge si-
multaneously with another truck moving side by side in the
adjacent lane (within the same span and traveling in the same
direction).

The number of trucks also was obtained from the strain/
stress data in field tests. The measurements were carried out
continuously for 2 weeks. The equipment counts the stress
cycles at each location using a rainflow counting scheme. The
rainflow counting method counts each individual stress cycle

measured. The fatigue life estimate is based on Miner’s rule,
which includes all the measured stress cycles. The number of
stress ranges at various levels is stored for each day counted.

In the fatigue analysis, the average daily truck traffic (ADTT)
values are based on the results of truck surveys, field tests,
and Maryland DOT estimates. They vary from 7,000 in 1962
(opening of the bridge) to 12,000 in 1991 to an estimated
16,000 in 2010.

NORMAL TRAFFIC TESTS

The girder gauges and floor beam gauges were installed to
measure the stresses caused by normal traffic on the bridge.
Results are plotted in a histogram of the stress range at each
location as well as an effective stress range calculation. A
typical histogram of the stress range is shown in Figure 8. The
effective stress range, S,.¢, is the stress range of constant am-
plitude that would produce the same fatigue damage as the
variable amplitude stresses recorded on the bridge. It can be
determined from the linear damage assumption (2,3) as

Sref =3 Z(S? ’Y!) (1)



160
50
F <
F -
[y
40 ]
[
Q
-]
Eso
8
L
§
9207
107
—oinini—irioi~ioioio
i~ 0i0i0i0i0 0i0 0
Clo00 0000000
0-
NMOOMNQA NI QNI®D~ FS ~ O
QOO M~~~ AN AN NN DN OO
Stress Range (ksi)

FIGURE 8 Typical hisfogram of stress range.

where
Y: = ni/n (2)

where n; is the number of cycles recorded at stress level S;
and n is the total number of stress cycles recorded.

The effective stress range and the number of cycles counted
were used to evaluate the expected fatigue performance of
the bridge. The largest traffic volume was observed on
Wednesday; therefore Wednesday traffic was used as a ref-
erence. The results of measurements and calculations are
presented in Table 3. Girders are denoted by G1 (exterior
girder) and G2 (interior girder). Floor beams are denoted by
FB. Strain gauges were attached to bottom or top flange of
girders and floor beams. Location of a strain gauge is de-
scribed by the distance from the support (pier). The number
of cycles recorded on each Wednesday and the effective stress
range of each gauge are given. The sixth column presents the
number of cycles measured at the gauge divided by the es-

TABLE 3 Effective Stress Range and Number of Cycles

Gage location: Top/ Stress Cycles Sref  Cycles/
No. Distance bottom Wednesday (ksi) 12,000
First week:

Gl 24' bottom 6,679 1.12 0.56
G1 12 bottom 5,746 1.39 0.48
Gl o' top 33 0.70 0.00
Gl 15’ bottom 450 0.77 0.04
FB midspan  bottom 7,062 1.28 0.59
FB midspan  bottom 7,103 1.29 0.59
Second week:

G2 5' bottom 5,906 1.07 0.49
G1 9.5' bottom 6,560 1.49 0.55
FB midspan  bottom 11,794 1.01

FB midspan  bottom 12,387 1.03 1.03

1' = 305 mm; 1 ksi = 6.89 MPa
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timated ADTT of 12,000 both ways from the truck traffic
prediction. The number of cycles at each gauge is different
because of the counting threshold imposed. In the first test
week stress ranges below 3.5 MPa (0.5 ksi) were ignored. In
the second week the level was reduced to 1.75 MPa (0.25
ksi). It was observed that about half the westbound trucks
produced a measured stress cycle. The readings for floor beams
indicate that each truck had two axles that produced a stress
cycle.

FATIGUE LOAD ANALYSIS

The fatigue life of a welded detail, expressed in terms of the
number of load cycles (N) may be represented as

N = A/S?ef (3)

where A is a constant depending on the welded detail and
S, is the effective stress range. The value of A may be cal-
culated from the values of stress range and life (number of
load cycles) in the AASHTO specification (1989) for each
category of welded detail. The fraction of the fatigue life
consumed for the given number of cycles, n, and effective
stress range, S..;, is denoted by D and may be calculated as

D =nSi/A . @)

Using the estimated past, present, and future ADTT, the
percent of the fatigue life of the girders and floor beams were
estimated. The estimated life is calculated for AASHTO Cat-
egory C, D, E, and E' details. The stiffener intersection fa-
tigue category was also evaluated. Fatigue life was estimated
for the weld at the end of a longitudinal stiffener close to a
transverse stiffener weld. This is a severe fatigue detail pro-
ducing lives below a Category E’ (denoted by > E’). The
fraction of fatigue life consumed, D, is plotted versus year in
Figures 9, 10, and 11, for a girder, floor beam, and stiffener
intersection, respectively. For girders and floor beams, the
value of D is determined for detail categories C, D, E, E’
and >E'. For a stiffener intersection, only category >E’ is
considered. The analysis based on experimental results in-
dicates that only the stiffener intersection detail has a potential
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for fatigue cracking during the next 30 years of service. The
girders have only Category C and D details. The floor beams
have welded stiffeners, which are Category C details. The
analysis indicates that no cracking is expected at these welded
details on either the girders or floor beams.

CONCLUSIONS

A procedure is presented for evaluation of fatigue perfor-
mance of an existing steel girder bridge. The study is focused
on the development of fatigue load spectra. The structure is
instrumented and truck loads are recorded. A control truck
is used to verify load distribution factors. Stress history was
measured under normal traffic conditions. The fatigue perfor-
mance is evaluated by comparison of load (number of cycles
and effective stress range) and fatigue strength.

The proposed procedure is demonstrated on a fatigue per-
formance evaluation of an actual bridge. Based on this study,
it was found that the main girder flanges should not exhibit
fatigue cracking at the flange butt welds and stiffener welds
during the next 30 years of service. Cracking in the webs of
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the girder and in the floor beams caused by the restraint of
the connection between the floor beam and the girder may
occur. It may also occur in the girder webs at the stiffener
intersections. These web cracks are slow-growing cracks that
may be detected and repaired easily. This should be consid-
ered a maintenance problem and not a safety tissue.

Based on the available information, measurements, and
analysis, it is found that the bridge evaluated is capable of
continued service for an unlimited period of time. The mea-
sured fatigue load spectra are within the stress ranges for
unlimited periods. However further fatigue cracks may be
expected in fatigue-prone details at the end of the floor beams
and possibly at the longitudinal-to-transverse stiffener inter-
sections. In the future more refined analysis and field studies
are needed to determine the extent of the possible cracking
and development of required retrofits. Inspection of these
suspect areas should be undertaken regularly.

Previously observed cracks in transverse beams are caused
by the differences in girder stiffness between exterior and
interior girders. Therefore further cracking may be expected.
However these are slow-growing cracks, their potential lo-
cation is known, they are accessible for inspection from the
walkways, and therefore they do not pose a serious problem.

AASHTO specifications provide the requirements and pro-

~ visions for analytical evaluation of fatigue performance for

bridge componer{ts. The tests demonstrated that experimental
results can provide additional information about the actual
load distribution and fatigue load spectra for components
and details. This can improve the accuracy of fatigue life
predictions.
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Static Live Load Tests on a Cable-Stayed

Bridge
J. LErRoy HUuLSEY AND DAviDp K. DELANEY

A 91.4-m (300-ft) fracture critical cable-stayed bridge near Skag-
way, Alaska, carries conventional traffic and 712-kN (160,000-
Ib) ore trucks. The bridge has a laminated timber deck supported
by transverse floor beams spanning two stiffened ASTM AS588
steel box girders. Two inclined cables stay each girder near mid-
length to a single tower. The abutments and tower are rock-
anchored to the canyon walls. The bridge was instrumented and
field tested with statically positioned trucks to help determine
boundary conditions provided by rock anchor supports and assess
behavior for non-AASHTO ore trucks. Two types of trucks were
used to load the bridge: (a) a 176.84-kN (39.74-kip) snooper truck,
and (b) four different ore trucks with weights from 699.1 to 701.1
kN (155.1 to 157.6 kips). A fracture critical inspection was also
conducted and cracks were found. Strain, girder deflection, a

temperature profile of the girder, wind velocity, solar radiation,
and ambient air temperature were monitored. Experimental de- -

flections and strains compared with a traditional two-dimensional
(2-D) analysis are presented. Maximum strains for ore truck static
load tests were: 224 microstrain (276 calculated) in the box girder
and 134 microstrain (193 calculated) in the tower support. Ore
truck loads did not vary significantly and like loading produced
excellent repeatability. For this structure, a 2-D analysis provided
satisfactory results for symmetric loads; conservative answers on
the loaded side for asymmetric loads. A three-dimensional anal-
ysis is suggested for modifications. Rock anchors acted as fixed
supports.

Consider an unusual 91.44-m (300-ft) cable-stayed highway
bridge near Skagway, Alaska. The bridge carries about forty
712-kN (160,000-1b) ore trucks a day in addition to normal
traffic and is exposed to harsh climatic conditions. The back-
stays, tower, and abutments are anchored to the canyon walls
with prestressed rock anchors. Recently, modifications were
made to provide for an increase in ore truck load limits and
volume of traffic (Arvid Grant and Associates, unpublished
data). This paper is based on the bridge condition before
1991-1992 design modifications.

GENERAL INFORMATION

The Captain William Moore Creek bridge is a two-lane bridge
located between Skagway, Alaska, and Carcross, Canada. A
5.08-cm (2-in.) asphalt wearing surface is attached to a timber
deck with wire mesh. The deck consists of 17.78-cm (7-in.)
laminated timber planks supported by transverse floor beams
spaced at 3.66 m (12 ft) on center. Floor beams connected

J. L. Hulsey, Transportation Research Center, University of Alaska
Fairbanks, 263 Duckering Building, Fairbanks, Alaska 99775. D. K.
Delaney, Centennial Engineering, Inc., 15000 West 64th Avenue,
Arvada, Colo. 80004.

by shear plates (no-moment transfer connection) span two
stiffened ASTM AS88 steel box-shaped girders (Figures 1 and
2). Each girder is supported at the ends by columns and a
bearing assembly at the pylon and is stayed about mid-span
by cable pairs in a double plane arrangement. The pylon
bearing assembly has a curved steel plate adjacent to and
slightly below a 2.54-cm (1-in.) neoprene pad. The bridge
length of 91.44 m (300 ft) is divided into four span lengths of
9.14,36.16, 38.17, and 6.10 m (30, 123, 127, and 20 ft) [Figure
1 (top)]. :

The two main box-shaped longitudinal girders are 80 cm (2
ft 63 in.) wide and 154.9 cm (5 ft 1 in.) deep and fabricated
from 18.28-m (60-ft) ASTM AS588 steel plates welded and
spliced at the ends with bolts [Figure 1 (bottom)]. Ventilation
ports were not installed. Each girder is stayed by two inclined
cables 7.62 cm (3 in.) in diameter made of galvanized struc-
tural strands that extend through the girders and are anchored
to the underside of the bottom flange. The stays are supported
above the deck by an inclined H-shaped tower. The tower is
supported by the canyon wall and extends up to and supports
the girders and then continues approximately 32.31 m (106 ft)
with a tapered box-shaped cross section. The ASTM AS88
steel tower is inclined forward over the canyon wall at about
15 degrees to vertical. The backstays terminate at tripod sup-
ports attached to the canyon by prestressed rock anchors.

The bridge was designed in 1974 (constructed in 1975) for
AASHTO HS20-44 highway loads. During winter 1986—1987,
cover plates were welded to the main girders to strengthen
the bridge to accommodate ore truck traffic between a mine
at Whitehorse, Canada, and a barge port in Skagway. Final
inspection was completed in February 1987. Between 1986
and 1990, in addition to other traffic, up to 40 ore trucks a
day made round trips across the bridge. On each trip to Skag-
way, a loaded truck weighs about 712 kN (160,000 1b); on the
return trip, an empty truck weighs 244.7 kN (55,000 1b).

Sometime during the latter part of 1987, a request was made
to increase ore truck load limits to 756.5 kN (170,000 1b) and
the trips to 50 per day. Subsequently, the Alaska Department
of Transportation and Public Facilities (AKDOT&PF) per-
formed a two-dimensional (2-D) analysis for the existing load-
ing. Calculated stresses were significantly affected by bound-
ary condition assumptions, which led to the question: Do
prestressed rock anchor supports act as pinned, fixed, or other?
This influenced decision making. Other questions were these:
Is a 2-D model sufficient? What type of elements should be
used? How are non-AASHTO loads distributed to the gird-
ers? Answers were not available by mathematical means.

In 1988 the bridge was instrumented and static-tested with
a control load (snooper truck) and four ore trucks. Strains



Hulsey and Delaney

Span 4

Pre-stressed Rock Anchor

Sta. 397+43/\

N 18.29m i 18.29m 18.29m 18.29m 18.29m ,
?_'16611'1 Girders W\ Floor Beams \
1 z,s:nI 93;’— <] I r/‘ C )
- T aS\E2aN1RZa Pali
dbdddeeD OOEBOBOGOBOD OB B

Position Numbers
l 5 Girder Section @ 18.29m = 91.24m

Lateral Bracing
typ. at top and
bot. of Floor
Beams

FIGURE 1 Captain William Moore Creek bridge geometry: fop, bridge geometry elevation;
bottom, bridge frame plan view.

163

and girder deflections were recorded to assist in obtaining
answers to the preceding questions.

During 1991 and 1992 cracks were found during fracture
critical inspections of the bridge (Arvid Grant Associates and
Mayes Testing, unpublished data). A three-dimensional (3-
D) sophisticated analysis was performed in 1990, dynamic

le
. 1
[ Je—

10.5m

tests in 1991 and 1992, and structural modifications in 1991
and 1992; these results will be presented later.

It is the purpose of this paper to give static test results for
a control vehicle and ore truck loading, show an experimental
comparison with a 2-D analysis, and present the general con-
dition of the structure. The validity of using a 2-D model is
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FIGURE 2 Bridge section geometry: top, bridge section; bottom, pylon bearing pad.
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discussed. Degree of fixity for rock anchor supports and sen-
sitivity of the girder pylon bearing assembly are discussed.

STATIC TESTS

The literature reveals that laboratory models of cable-stayed
bridges have been used to study erection stresses, construction
sequencing, cable anchorage stresses, and nonlinear effects
and to develop techniques for analysis and design of these
types of structures (I-3).

In the full-scale testing category, the 366-m Tjorn Bridge
in Sweden was subjected to dynamic tests 1 week before being
opened to traffic (4). Acceleration measurements were taken
for three types of tests: dynamic load, free decay, and forced
vibration. Except for tests on this structure (5~7), there is no
evidence of field static tests on cable-stayed bridges in the
literature.

Planning and Preparation

Before an instrumentation strategy was formulated, an anal-
ysis was conducted and influence lines were prepared for the

Strain Gage
Locations

Cables to Strain
Gages & Instruments

A)
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box girders. This information was used to locate strain gauges
and position trucks for field testing. Instruments selected were
25 full-bridge, 350-ohm weldable strain gauges; a 25.4-cm (10-
in.) clamp-on extensiometer; transit and level; velocity seis-
moprobe; eight 3000-ohm thermistors; one Type-T thermo-
couple; an annometer; and a pryanometer. Because of a lim-
ited budget, rosettes were not used.

Field Test Procedure

Each test was designed to provide results for a known truck
load at a given static position on the bridge. This was accom-
plished by referencing for each test (a) the type of truck,
(b) its position across the deck, (c) the location of the front
axle along the girder, and (d) the direction of movement (Fig-
ure 3). The terms left and right are used to reference truck
position across the roadway when facing upstation.

For each test, the front wheels of a truck were positioned
in a lane or centerline over paint marks on the deck. Data
were collected with a data acquisition system and stored on
a floppy disk; the system was located in a van parked off the
bridge (Figure 3) (5-7).
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FIGURE 3 Arrangements for testing: a, instrument monitoring equipment; b, bridge frame and load position; ¢, snooper truck; d,

B-train (ore truck).
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A typical static test series involved initializing instrumen-
tation, positioning the truck, and checking for vibration damp-
ening with a velocity probe; then time and voltages for each
strain gauge, linear variable differential transformer, ther-
mistor, anemometer, and pyranometer were recorded. Vi-
brations of the structure occurred from normal movements,
potholes in the asphalt, and wind.

Field Tests

Two types of trucks were used for static load tests over a 2-
day period (Figure 3). The first was a snooper (control ve-
hicle) approximating AASHTO H20-44 with a front-axle weight
of 36.4 kN (8.18 kips) and two axles of 70.22 kN (15.78 kips)
each. On the first day, five series of tests for a total of 106
load positions were conducted with the snooper truck: 53 with
the truck in the left lane, 28 in the right lane, and 25 on the
centerline (Table 1). Girder elevations were measured for
nine of the 106 load positions. Because of procedural errors
(electronic spikes from a hand-held radio), data for the first
25 tests were contaminated and rejected.

On the second day, data were recorded for three load po-
sitions for four B-trains (Table 1). Each B-train carried ore
in four pots mounted on the lowboy trailers (Figure 3d). Truck
weights varied from 690.06 to 701.12 kN (155.07 to 157.556
kips). Axle weights for B-trains were obtained from weight
tickets. Twelve static B-train tests were conducted: six in the
left lane, three on the bridge centerline, and three in the right
lane. Girder elevations were measured for 6 of the 12 tests.

TEST RESULTS (EXPERIMENTAL AND
ANALYTICAL)

Cable stiffness is dependent on cable tension, angle, weight,
and end restraints (8; D. K. Delaney, unpublished data, 1990).
Therefore, several techniques have been suggested for anal-
ysis of cable-stayed bridges, such as iterative 2-D methods

TABLE 1 Truck Test Series
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(9,10), 3-D methods (11-13), and elastic-plastic schemes (14).
Others have used models to predict nonlinear behavior (Z,3,15).
It is one of the objectives of this paper to determine whether
a 2-D linear elastic finite element model with beam and axial
elements can be used with enough accuracy to calculate strains
and deflections.

Finite Element Models

A two-dimensional frame analysis computer program with 6
degrees of freedom (d.o.f.) beam elements, 2 d.o.f. axial
elements, linear/axial rotational springs with provisions for
eccentric connections, linear flexibility matrix, and nonlinear
axial springs were selected. Nodal point loads, concentrated
element loads, varying distributed element loads, element
temperatures, element strains, and load case combinations
are available in the program library.

The program was modified to create a table of computed
forces and a table of displacements for the elements and nodes
that correspond with measured values. A postprocessor was
written in FORTRAN 77 to transform computed forces into
strains, sort the information, and create tables comparing
computed strains and deflections with experimental results.

Parametric Studies

The analytical study was used to determine the degree of fixity
provided by rock anchor supports and the adequacy of a 2-
D analysis. In an attempt to seek answers, parametric studies
were initiated to investigate boundary condition sensitivity,
influence of constant section element approximations of the
tapered pylon, and interaction between the curved steel bear-
ing plate and neoprene pad at the pylon bearing assembly.
These parameters were studied by comparing analytical with
experimental results for load positions when the B-train was
on the bridge centerline.

Truck Front Axle  Truck Measured
Test Weights (kN)  Positions Detflection
Locations Movement Locations
Snooper Truck Test Series:
SLDOSO01 106.86 0-24 Center of left lane downstation none
SLDOS02 106.86 0-24 Center of left lane downstation none
SLDOS03 106.86 24-0 Center of right lane upstation none
SCDOS04 106.86 0-24 Center of bridge downstation 1494
SCDOS05 106.86 49,14 Center of right lane upstation 49,14
1494 Center of left lane downstation 149,4
B-Train Test Series:
SLDOBO06 690.06 49,14 Left lane wheel path downstation none
SLDOBO08 700.03 49,14 Left lane wheel path downstation 149,4
SCDOB10 701.12 49,14 Center of bridge downstation ~  14,9,4
SRDOB11 699.06 49,14 Center of right lane downstation none

NOTE: "Left" and "right” refer to view upstation.
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Load Distribution

It was assumed that axle weights are distributed equally to
each wheel line of the tested vehicles. Each floor beam is
connected to a girder with a web plate and a single line of
H.S. bolts 2.22 cm (3 in.) in diameter [Figure 2 (top)]. First,
it was assumed that the web plate transfers only shear forces
(i.e., simple beam theory). The validity of this approximation
was tested against both rigid and eccentric shear connector
assumptions with girder torsional stiffness included. Analyt-
ical comparisons illustrated that simple beam distribution more
accurately approximated behavior. Interaction of deck flex-
ibility was not considered.

Pylon and Cables

The upper tapered section of the pylon was approximated
with three constant section 6 d.o.f. beam elements. Analysis
showed that three equal length elements with section prop-
erties for the average section over the length of the element
provided satisfactory results. A preliminary investigation of
cable tension indicated that sufficient accuracy could be ob-
tained by using linear axial elements (§).
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Pylon Bearing Assembly

The box girders are supported at the pylon by a curved steel
plate and neoprene pad bearing assembly that is mounted on
a shelf [Figure 2 (bottom)]. The steel plate was coated with
teflon and used to launch the girder and is slightly lower than
the neoprene pad. Thus, it was initially assumed that the pad
supported the girder. A comparison between analytical and
experimental pylon base strains showed that moments were
transferred from the girders through both bearings to the
pylons; the results further showed that the structure is ex-
tremely sensitive to the load path through this bearing assem-
bly. The bearing assembly was approximated by Elements 70,
11, and 68 (Figure 4). Element 70 is a rigid link, Element 11
approximates the plate (large area, zero moment of inertia),
and Element 68 approximates the pad (modulus of neoprene,
25 percent pad area since neoprene modulus varies with com-
pressive stress, and zero moment of inertia).

Support Boundary Conditions

Pylons are supported by piles and anchored with prestressed
rock anchors (Figure 1). The upstation end bent column is

SPAN 2 SPAN 3 SPAN 4
LEGEND: SPAN 1 o -
Node Number O 13
17
Element Number — 14
[] )
67
17
13 .
16 13 ss] |7 62
12 40 43 50 kd 9 )r—
” &3
O B0 20f [ T o Lo m
I ——3 3)|@ = @
.__--20 v - n ’ﬂ 21)(23) - 60
1 2 2 10 m
BOUNDARY CONDITIONS:
Node Assu Sy t Condition
w2 1 Pinned Support
2 4 > 2 Fixed Support
i 10 Fixed Support
69 CTR. LINE
= GIRDER 19 Pinned Support
= 20 Pinned Support
1 12 P :
CTR LINE 67 Fixed Support
PYLON 21)(22
68 Pinned Support

ENLARGEMENT OF GIRDER/PYLON
CONNECTION
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anchored with prestressed rock anchors, and the base of the
strut is not. At the downstation end bent, one is anchored
with a prestressed rock anchor and the other is not. Different
boundary conditions assumptions were examined by analysis
and compared with experimental data. The studies showed
that rock anchors act fixed, other supports pinned, and be-
havior is sensitive to boundary condition assumptions.

Final Model

Except for 2 d.o.f. axial elements used to approximate cables,
all members were approximated with 6 d.o.f. beam elements.
Nodes were placed at changes in section, floor beam-to-girder
connections, locations of strain gauges, pylon intersection,
forestay cable connections, and column and strut connections.
The final model had 68 nodes, 64 beam type elements, and
4 axial elements (Figure 4).
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Strains

Strains at the extreme inside face of the girders, exterior face
of the pylon bases (above the stiffeners), and the exterior face
of the upstation left column were monitored during testing
(Figure 3a). In this paper, results of 9 snooper truck tests and
12 ore truck tests are presented for a truck at positions 4, 9,
and 14 for left lane, bridge centerline, and right lane (Table 1).
For comparative purposes, the snooper truck weighed 176.85
kN (39.74 kips) and the four ore trucks weighed 690.06, 699.06,
700.34, and 700.3 kN (155.07, 157.093, 157.379, and 157.379
kips).

Figures 5 and 6 show a comparison between measured and
calculated girder strains for three truck positions when a 700.3-
kN (157.379-kip) B-train is parked in the left lane. The results
show that calculated strains overpredict strains for the left
girder and underpredict the right girder. Figure 7 shows that
except for a change of section near the strut (84.8m), calcu-
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FIGURE 6 Bottom of girder strains, 700.3-kN (157.379-kip) B-train in left lane.

lated and experimental strains compare well when a 701.1-
kN (157.556-kip) B-train is parked at three positions on the
bridge centerline. Figure 8 shows that the calculated top of
girder strains overpredict experimental strains on the loaded
side and underpredict on the unloaded side when a 699.1-kN
(157.093-kip) B-train is parked in the right lane. Similar re-
sults were found for the bottom of the girder.

Table 2 presents a comparison between measured and cal-
culated girder strains for the three B-train static tests. The
results show that the maximum measured girder strain is 224
microstrain and the corresponding calculated value is 276 mi-
crostrain.

Table 3 gives maximum measured strains in girders, pylon,
and upstation columns for the three B-trains. Except for a
condition when the truck was on the bridge centerline, cal-
culated maximum strains typically overpredicted the maxi-
mum experimental strains.

For comparison, a summary of 9 snooper truck tests and
12 ore trucks at the three load positions is presented in. Table 4.

Girder Deflections

Fog and wind precluded accurate deflection data for most of
the snooper truck tests. However, the maximum measured
snooper truck girder deflection for load positions 4, 9, and
14 was 1.96 cm (0.77 in.). The maximum girder deflection for
the B-train tests occurred in position 9, with a truck in the
left lane giving 7.0 cm (2.76 in.) measured and 8.6 cm (3.4
in.) calculated. The maximum girder deflection for a B-train
on the bridge centerline was 5.49 cm (2.16 in.) measured and
5.54 cm (2.18 in.) calculated. Figures 9 and 10 present cal-
culated and experimental deflections for B-train loads. The
deflections show that the analysis overpredicts the loaded side
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FIGURE 7 Girder strains for 701.1-kN (157.5.

for asymmetric loading and gives accurate results for sym-
metric loading.

FRACTURE CRITICAL INSPECTION

An inspection of the cable-stay assemblies was conducted in
September 1990 (Arvid Grant and Associates, unpublished
data) using ultrasonic, magnetic particle, and X-ray nondes-
tructive testing. Cables, zinc-poured cable anchorage sockets,
and cable anchorage connections were inspected. Cables,
spanner nuts, and connectors were in good condition. An X-
ray of the anchorage sockets revealed cracks in the zinc and
voids between the zinc, cable wires, and steel socket.

In June and July 1991, visual and magnetic particle in-
spections were performed on the upper pylon and strand con-
nection plate welds, box girder cover plates, box girder in-
ternal longitudinal stiffeners, and floor beam connections
(Mayes Testing Engineers, unpublished data). Fifty percent
of the cover plate ends (14) showed signs of cracks (Figure
11). Most of the cracks were in the ASTM A588 girder flanges

56-kip) B-train on centerline.

adjacent to the fillet weld toe, in or near the zone affected
by the weld heat. Approximately 80 weld terminations were
examined inside a box at the longitudinal stiffeners, with no
cracks found. Cracks were visually evident at the top of the
floor beam webs at the termination of the web flange weld
in 31 of 60 locations and 1 bottom location. The largest cracks
in the beam webs exceeded 2.54 cm (1 in.). The floor beam
webs were not coped. Other items found included three deep
gouges in the flange of one box girder and improper welding
techniques.

In June 1992, fracture critical inspections were again con-
ducted to assess crack growth. Ten of 18 previously cracked
locations showed some crack growth.

SUMMARY AND CONCLUSIONS

Experimental results indicated that wheel loads on the loaded
ore trucks did not vary significantly and, like loading produced
excellent repeatability. Comparisons between analytical and
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FIGURE 8 Top of girder strains, 699.1-kN (157.093-kip) B-train in right lane.

experimental results showed that

e Behavior is sensitive to interaction between the curved
steel plate and neoprene bearing pad at the girder pylon in-
terface (i.e., results were influenced by deformation of the
neoprene);

® Boundary condition assumptions significantly influenced
load distribution; and

® Supports with prestressed rock anchors act fixed and other
supports act pinned.

A 2-D linear elastic model was satisfactory for symmetrically
applied loads. For asymmetrical loads, the 2-D model over-
predicts the load side and underpredicts the unloaded side of
the structure. A 2-D model (conventional frame programs)
will give conservative answers for this geometric configuration
as long as special attention is given to the support conditions.

Floor beams were connected to the box girders with shear
connections. At this connection, the web-to-flange of the floor

beam was not properly coped and visible cracks existed at the
top of the web in more than 50 percent of the floor beams.
In 1987 cover plates were added to the flanges of the ASTM
AS588 box girders to accommodate 712 kN ore truck loads.
In 1991 and 1992 about 50 percent (14 locations) of the flanges
in this fracture critical structure showed evidence of cracks at
the weld terminations at the end of the cover plates. Gen-
erally, the cracks varied between 0.16 to 3.12 cm and were
approximately 0.16 cm deep.

Calculated maximum stresses using a 2-D model were con-
servative. However, because of cracks and a need to strengthen
the structure for heavier loads and more traffic, this structure
should be tuned for asymmetric loads by a 3-D model with
provisions for geometric nonlinear stiffness of existing or ad-
ditional cables. It is important that the material condition of
fracture critical structures be considered when modifications
are made. Visible cracks are difficult to identify in ASTM
A588 steel, and nondestructive testing should be used at crit-
ical locations.



TABLE 2 Strain Extremes for Symmetric and Asymmetric B-Train Loads

Top of Girder

(microstrain)

Bottom of Girder (microstrain)

Left Girder Right Girder Left Girder Right Girder
S:: g:n) Max. Tens. Max. Comp. Max. Tens. Max. Comp. Max. Tens. Max. Comp. Max. Tens. Max. Comp.
a) Exp Calc  Exp Calc Exp Calc  Exp Calc Exp Calc  Exp Calc Exp Calce  Exp Calc
Symmetric
101 153 175 - 152 178 - - - 157 191 - — 158 193
299 - 169 178 - - 164 176 148 157 67 72 163 156 74 72
445 -- — 69 82 —— - 72 82 34 40 31 38 33 41 31 47
62.8 14 16 144 167 15 16 165 168 116 122 17 17 m 124 15 15
848 117 134 - 127 135 - — 158 1 - a7
Max diff.® l -22 -23 | L -26 —r -12 -1 47 | | -13 60
Asymmetric
10.1 204 22 4 - o1 28 4 - - 28 297 - - 197 2n
29.9 - 224 276 - 207 216 196 243 81 112 205 219 85 100
4.5 - - 94 128 B - 93 115 51 62 38 59 47 56 35 52
62.8 17 25 189 260 20 22 204 234 150 180 22 26 138 173 18 22
848 157 210 - - 160 189 - - - - 211 174 - - 215 155
Max diff.® 1 -68 ] -7 I -58 ] -30 I -47 -89 [ ] -35 -74
a) 1m=232787ft
b) Maximum strain difference = (Measured - Computed)
TABLE 3 Maximum Strains Produced by B-Trains
Strain (micro-strain)
Load Condition  Truck wt (kN) Tension Compression
Type of Member Exper.  Calc. Exper. Calc
A) MAXIMUM B-TRAIN LOAD CONDITIONS
" Symmetrical 699.1-701.1 Along the girders 163 156 171 111
Pylon base 40 50 99 124
Upstation column (left 22 15
side) -
Asymmetrical 699.1-701.1 Along the girders 205 219 224 276
Pylon base 54 78 134 193
Upstation column (left 26 23
side)
B) B-TRAIN LOAD LOCATION (LANE POSITION)
Left lane 700.3 Girder (10.1m,29.9m) 204 272 224 276
¢ Pylon base (left) 54 78 134 193
Left column 25 23
Centerline 7011 Girder (10.1m,84.8m) 163 156 171 111
Pylon base (left) 40 50 99 124
Left column 22 15
Right tane 699.1 Girder (29.9m,29.9m) 205 219 207 246
Pylon base (right) 26 42 103 143
Left column 17 9 - -
1 kN = 0.2247 kips; 1m=3.2787 ft




TABLE 4 Bridge Maximum Measured Strains and Stresses

Experimental Calculated
Strain Stress®>  Strain Stress®
Item Location (microstrain)  (kPa) (microstrain)  (kPa)
Snooper truck
Left girder 10.1 m* 58 11,589 71 14,186
Right girder 10.1 m* 53 10,590 72 14,386
Left column upstation 8 1,598 2 400
Left pylon base 39 7,792 49 9,791
Right pylon base 30 5,994 25 4,995
B-train
Left girder 29.9 m* 224 44,757 276 55,148
Right girder 29.9 m“ 207 41,361 246 49,153
Left column upstation 26 5,195 23 4,596
Left pylon base 134 26,774 193 38,563
Right pylon base 103 20,580 143 28,573

“Distances are along bridge incline from downstation end; 1 m = 3.279 ft.
bStress is calculated from o = Eg; 1 kPa = 0.1451 psi.
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FIGURE 9 Girder deflections, 700.3-kN (157.379-Kip) B-train in left lane.
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Structural Identification of a Steel

Stringer Bridge

A. EMIN AxTAN, CHUAN CHUNTAVAN, KUo-LIANG LEE, AND

Torcay Toksoy

The concept of structural identification may help improve an
understanding of the actual load-carrying mechanisms of bridges
by integrating experimentation with analysis. A process of com-
prehensive structural identification incorporating dynamic and
static tests for a 3-D finite element modeling of a three-span steel
stringer bridge with continuous integral abutment is described.
Researchers were able to conceptualize, then instrument and re-
liably measure, a number of critical local response mechanisms.
These mechanisms were then incorporated in the analytical model,
with resulting excellent correlation with the experiment. Bridge-
rating factors, obtained by idealized models, increased by several
times when the identified analytical model was used for rating.
Field experimentation in the context of structural identification
research greatly enhanced the reliability of the experiments and
increased the benefit-to-cost ratio of the research.

A recent National Science Foundation study (/) defined three
critical emerging research and application areas as ““condition
assessment technologies,” “‘deterioration science,”” and ‘“re-
newal engineering.” The consensus is that “condition assess-
ment” is the most important prerequisite for effective pres-
ervation (2).

The concept of structural identification (3) may hold the
key for “carrying out meaningful large-scale assessments of
the state of health of constructed facilities,”” which is identified
by the National Science Foundation as a major problem in
infrastructure preservation (7). In the last decade identifica-
tion has been used as a component of structural control ap-
plications or as a tool to characterize buildings, bridges, and
towers for conceptualizing their behavior; to test design as-
sumptions; to establish effects of a loading environment; or
to detect damage (4,5).

Inspired by the potential of the concept of structural iden-
tification, the authors have been conducting research in an
effort to improve the state of the art for its implementation.
Here they discuss steel stringer bridge behavior and dem-
onstrate the potential of structural identification as a rational
approach for condition assessment, damage diagnosis, and
prediction of remaining capacities and service life.

OBJECTIVES AND SCOPE

The first objective is to identify local and global behavior
mechanisms of continuous steel stringer bridges with integral

abutments. These included modal tests by impact and vertical

University of Cincinnati Infrastructure Institute, Cincinnati, Ohio
45221-0071.

and lateral forced excitation, which were followed by truck-
load tests for measuring global and local responses of the
bridge under different static loading patterns by 60 trans-
ducers. The results of these experiments helped improve an
understanding of some obscure local response mechanisms
that significantly influenced bridge behavior at the service
limit states.

The second objective is to present and discuss the rating
coefficients of the test bridge on the basis of analyses of the
experimentally identified 3-D finite element (FE) model. Sig-
nificant discrepancies were observed when the corresponding
rating coefficients were obtained based on analysis of ideal-
ized models recommended by the AASHTO Guide specifi-
cations. These discrepancies are discussed and the reasons for
their existence are summarized.

STRUCTURAL IDENTIFICATION OF A STEEL
STRINGER BRIDGE

The Westbound Cross-County Highway Bridge (Figure 1) in
Cincinnati was selected as a test specimen because it repre-
sents a large population of bridges in Ohio. The noncomposite
steel stringer bridge has two lanes, three spans (16.76 m,
23.77 m, and 16.76 m), and continuous, integral abutments.
It was constructed in 1990 in accordance with the 1983
AASHTO specifications for two-lane HS 20-44 loading. It is
skewed by 15 degrees 11 ft 16 in. The superstructure is com-
posed of six 91.4-cm (36-in.) W-flange girders of ASTM A-
36 steel, resting on elastomeric pads over the main piers and
supporting a reinforced concrete (RC) slab 21.6 cm (8.5 in.)
thick. At the abutments, the girders and deck slab are inte-
grated together by a cast-in-place RC head-beam that rests
on the abutment with a 2.54-cm (1-in.) preformed expansion
joint filler. The abutment further functions as lateral brackets
at each end.

3-D Analytical Modeling and Analytical Studies

An a priori 3-D FE model (Figure 2) of the bridge was con-
structed based on the nominal geometric and material prop-
erties presented in Table 1. Every effort was made to con-
ceptualize and analytically simulate the 3-D geometry as well
as the boundary, interelement, and span-continuity conditions
of the bridge.

PC-based SAP90 (6) was selected as the software for struc-
tural analyses. The shell elements were used to model the
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FIGURE 1 Test bridge.
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deck; frame elements were used to model the girders, trans-
verse diaphragms, pile caps, piles, and side barriers; and stiff
frame elements were used to connect the elements together,
preserving the local 3-D geometric attributes while ensuring
interelement compatibility.

A sensitivity study of the a priori model was carried out
for two reasons: to identify important response mechanisms
with the associated model parameters and their possible ranges
and to refine the a priori model. This sensitivity study revealed
that the level of composite action between the girders and
the deck, the manner of simulating the boundary conditions
at the abutment, and the girder-pier continuity conditions at
the piers were critical mechanisms.

An eigenvalue analysis of the a priori model was carried
out to predict frequencies, mode shapes, and modal density.
The results served as a guide for discretizing the bridge for

SHELL ELEMENT (DECK)

BEAM ELEMENT
(CROSS BRACING)

BEAM ELEMENT (GIRDER)

FIGURE 2 A priori finite element model of the test bridge: global attributes.
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TABLE 1 Nominal Versus Calibrated Parameters of A Priori Model 1 and Model 2

Model 1 Model 2
Parameter Nominal Calibrated Calibrated
Value Value Value
MATE PR RTIES
- CONCRETE: Modulus of Elasticity, E (MPa) 28042 Nominal Nominal
: Shear Modulus, G (MPa) 10784 " 11700
- STEEL : Modulus of Elasticity, E (MPa) 200000 " "
: Shear Modulus, G (MPa) 76907 " "
SUPPORTING SPRINGS:
- ABUTMENTS:
¢ X-dir. translational spring (kN/cm) Fixed 1.75E7 Fixed
: Y-dir. translational spring (kN/cm) Fixed 1.75E7 Fixed
: Z-dir. translational spring (kN/cm) Fixed 1.75ES 1.75ES
: Y-dir. rotational spring (kN-cm/rad) Free 113E3 113E9
: Y-dir. rotational spring at the end of girder Fixed - 113E2
- PIER BASES:
: Z-dir. translational spring (kN/cm) Fixed 1.75ES5 1.75ES
CROSS SECTIONAL PROPERTIES OF ELEMENTS
- DECK SLAB (SHELL ELEMENT):
: thickness (cm) 21.59 Nominal Nominal
: mass density (kg/cu cm) 6.2183E-6 " "
- STEEL GIRDER (BEAM ELEMENT):
END SPANS (W36x150)
: area (sq cm) 285 Nominal Nominal
: moment of inertias (cm“ )
(about major and minor axes) 376273 ; 11238 " "
: torsional inertia (cm") 420 " "
: mass / unit length (kg/cm) 5.7771E-5 " "
MID SPAN (W36x170)
: area (sq cm) 323 Nominal Nominal
: moment of inertias (cm‘ ) 437043 ; 13319 " "
: torsional inertia (cm‘) 629 " "
: mass / unit length (kg/cm) 6.5473E-5 " "
- BEARING PAD ELEMENT:
: axial stiffness, AE/L, (kN/cm) 7215 11.68E4 5.83E4
- PILE CAP BEAM ELEMENT:
: area (sq cm) 11239 Nominal Nominal
: moment of inertias (cm“ ) 14135760; 7828564 " "
: torsional inertia (cm‘) 16632982 " "
: mass / unit length (kg/cm) 6.9873E-4 " "
- PILE COLUMN ELEMENT:
: area (sq cm) 6568 Nominal Nominal
: moment of inertias (cm4 ) 3431745;3431745 " "
: torsional inertia (cm‘) 6863490 " "
: mass / unit length (kg/cm) 4.0836E-4 " "

1 em. = 03937 in; 1 MPa. = 6.895 ksi.; 1 kN. = 4.448 kip force; 1 kg/cm = 1.7858 kip/in.

the modal tests, selecting the frequency band of interest, and
locating the reference stations for optimum data acquisition
during field testing.

Modal Tests

The bridge was subjected to two separate modal tests to mea-
sure the dynamic characteristics in both the vertical and hor-
izontal directions: the modal test by vertical impact and the
modal test by horizontal forced vibration.

Procedures for reliable vertical impact testing of bridges
have been reported by Raghavendrachar and Aktan (7). The
study reported here is the first-time application of multiref-
erence impact testing to a steel stringer bridge.

The modal test by horizontal forced vibration was con-

ducted to capture the lateral response characteristics of the '

bridge. The forced vibration testing was performed in the
horizontal direction transverse to the traffic direction. The
excitations were produced by a linear inertia-mass exciter that
was integrated with multichannel signal-processing software
and hardware as described by Somaprasad et al. (8).

Some of the bridge’s natural frequencies, damping factors,
and mode shapes obtained from the impact and forced-vi-
bration tests are summarized in Figure 3.

Modal Flexibility As Bridge Signature

Many researchers have recognized that the frequencies,
damping coefficients, and mode shapes of bridges do not serve
as reliable condition indices. The authors have made similar
observations. For example, the maximum change in the mea-
sured 20 frequencies of a slab bridge, after it yielded under
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FIGURE 3 Mode shapes, frequencies, and damping ratios obtained from impact and

horizontal forced-vibration tests.

a single-lane loading equivalent to 20 HS 20-44 trucks, was
less than 5 percent (9). No appreciable changes were discerned
in the mode shapes, whereas the changes measured in the
damping coefficients were of the same order because of
postprocessing errors. Moreover, frequency shifts in some
modes on the order of 5 percent may also occur because of
changes in bridge characteristics resulting from ambient ef-
fects as well as the inherent linearization, experimentation,
and postprocessing errors in field modal testing of large
bridges (7).

The authors therefore caution against using modal char-
acteristics as signature. On the other hand, if a sufficiently
large number of frequencies and mass-normalized mode shapes
of a bridge may be accurately experimentally measured (gen-
erally about 20 modes would be needed), these may be trans-
formed directly into a close measure of the flexibility matrix
of the structure, termed “modal flexibility”” (7). It should be
clearly noted that multireference modal testing and postpro-

cessing conducted with extremely stringent standards are re-
quired to accurately measure 20 mass-normalized modal vec-
tors. Currently this may be accomplished only in the context
of collaborative research between civil and mechanical struc-
tural engineers combining facility-specific experience with field
modal testing of large constructed facilities.

Relative changes in the local flexibility coefficients of ad-
jacent nodes were shown to correlate strongly to damage in
redundant offshore platform towers (10). More recently, the
authors demonstrated that modal flexibility may serve as a
reliable condition index for slab bridges (7,11). In this re-
search, the modal flexibility of the test bridge was used for
model calibration; this is discussed in the following section.

Analytical Model Calibration

The measured dynamic characteristics, as well as the modal
flexibility obtained from a transformation of unit-mass-normal
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modal vectors, contain a wealth of information regarding the
current state of the bridge. It is important to exploit rationally
this ensemble of experimental results to quantify the analytical
model parameters.

Because the number of independent parameters in the an-
alytical model typically exceeds the number of experimentally
measured characteristics even when a comprehensive modal
test is conducted, no unique solution to the parameter iden-
tification and model calibration problem exists. On the other
hand, a proper conceptualization of the bridge’s behavior is
possible by incorporating heuristic and rational procedures.
The band of uncertainty in the numerical bounds of critical
parameters may be considerably narrowed. Thus it may be
possible to arrive at a sufficiently complete and reliable an-
alytical model.

Calibration in the Modal‘Space

Analytical model parameters were adjusted until the corre-
lation between analytical and measured frequencies and mode
shapes improved while the sequencing of the measured modes
was preserved. The calibrated a priori model is termed Model
1 from here on. Its analytical parameters are presented in
Table 1. The frequency correlation between analysis and ex-
periment are presented in Table 2. Improving the correlation
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further, particularly without violating the modal sequence,
proved difficult. This difficulty indicated that certain funda-
mental response mechanisms may not have been properly
simulated in the analytical model.

Testing “Completeness” of the Analytical Model in the
Flexibility Space

Uncertainties prevailed in spite of efforts to generate a com-
plete representation of the bridge. Although it is not possible
to identify a unique analytical model for the bridge, it is
important to ensure ‘“‘completeness.” The model should cor-
rectly and completely incorporate the 3-D geometry, bound-
ary, and continuity conditions and the existing conditions of
all the bridge components so that the global and local flexi-
bility distributions and the 3-D displacement kinematics are
correctly simulated. This would ensure that all the critical
response mechanisms and the load paths are accurately sim-
ulated.

One possible test of model completeness is conducted by
correlating the analytical flexibility of the model (after cali-
brating in the modal space) with the experimental ‘“modal
flexibility.” The 3-D deflection profiles (Figure 4) permit such
a correlation because these profiles correspond with loading
the measured modal flexibility and the analytical model of

TABLE 2 Comparison of Experimental Frequencies with Analytical Counterparts

EXPERIMENTALLY
MODE IDENTIFIED
NO. A-PRIORI CALIBRATED
ANALYTICAL ANALYTICAL IMPACT TEST FORCED-
MODEL 1 MODEL 2 VIBRATION
(Ho)® (Hz)? FREQ | ¢ (%) | FREQ | ¢ (%)
(Hz) (Hz)
1 528 4.901 4.94 2.55 - -
2 593 5385 530 1.61 - -
3 8.94° 7.609° - - 7.00 3.24
4 9.64 7.298 7.47 130 . .
5 - - - - 7.94 4.13
6 1034 8.777 925 326 - .
7 1125 9.631 9.81 2.74 9.67° 2.45
8 1130 9.831 10.29 3.65 - .
9 11.99 10374 10.58 3.10 10.84° 2.86
10 14.98 11219 11.58 1.54 11.51° 3.40
11 15.47 11.429 12.01 1.53 . -
12 16.03 12.597 1334 1.05 - .
13 15.89 14211 14.56 2.16 . .
14 16.18 14268 14.90 221 . .
15 1824 15341 15.71 1.47 - .
16 20.50 15.612 16.49 136 16.42° 3.28
17 20.41 15.966 17.02 1.08 - -
18 17.62° 16.64° - - 19.53 2.55
19 2220 18.505 19.79 122 - -
20 22.96 21.916 22.76 1.90 . .
21 23.91 22.063 23.59 120 . .

*Each frequency listed so that corresponding mode shape matches experimental mode shape for

given mode number

*Analytical transverse bending mode.

“Coupled modes.
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FIGURE 4 Correlation of bridge deflections under uniform
load given by modal flexibility, Models 1 and 2.

the bridge by a uniformly distributed load. Normally deflec-
tions from the modal flexibility should be somewhat less be-
cause of modal truncation. However, the deflections given by
the analytical flexibility are less than the deflections given by
the modal flexibility (Figure 4), particularly with discrepancies
at the piers and abutments. This indicated a lack of “‘com-
pleteness.”

Additional Experiments for Completing the Model

Additional experiments were designed to better observe, con-
ceptualize, instrument, and measure the critical response
mechanisms of the bridge that are not adequately represented
in the a priori model. The test bridge was loaded statically
by positioning four trucks in various configurations. Each
truck weighed approximately 222 kN (50 kips) and featured
a tandem axle, making it equivalent to a Type 3 AASHTO
vehicle. The bridge was extensively instrumented by 60 strain,
distortion, and displacement transducers concentrated in one
end span. Measured responses included closely spaced de-
flections along a girder and a lateral brace; the strain profile
at a cross section at the midspan of a girder, including the
RC deck; and displacements and rotations of a girder at the
pier and at the abutment.

Figure 5 shows the strain profile at the middle of the end
span when the bridge was loaded by all four trucks positioned
back to back and side by side to maximize the positive moment
demand of the girder at the instrumented cross section. The
measured strains indicate a nearly fully composite action. The
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FIGURE 5 Strains and distortion of girder-slab
under 4-222 kN (50 kip) trucks (Type 3 equivalent):
(a) strain profile at midspan, Girder 3; (b) distortion
of Girder 2 and deck at midspan.

maximum girder flange strain indicates an incremental stress
of only 27.58 MPa (4 ksi). Attenuation in the compressive
strains in concrete at the top of the deck indicates an effective
flange width of about six times the deck thickness. The dis-
placement kinematics of the deck [Figure 5(b)] further con-
firms the composite action.

Figure 6 indicates the vertical displacement and rotation of
a girder at the pier as the end span was loaded by four trucks.
Before the truck loading, the girder exhibited a counterclock-
wise rotation at the pad resulting from dead loads. Because
of this rotation, one edge of the pad was observed to lift up
while the opposite edge was firmly compressed against the
pier-cap. Truck loading induced a rotation in the opposite
sense while also resulting in a vertical distortion at the pad.
The observed displacement kinematics resulting from the fi-
nite size of the pad were properly simulated by modifying the
analytical model as shown in Figure 6.

The construction details at the integral abutment are shown
in Figure 7. This region was instrumented to measure the
torsional rotation of the RC head-beam, vertical displacement
of the steel girder relative to the abutment, and flexural ro-
tation of the steel girder relative to the RC head-beam. The
latter relative rotation occurred although the steel girder was
encased within the RC head-beam. This type of relative ro-
tation occurs as a result of the slippage of a steel element at
an interface. The corresponding displacement kinematics were
represented by modifying the analytical model to incorporate
the girder-RC beam interface rotation, vertical displacement
of the steel girder relative to the abutment, and the torsional
twist of the RC head-beam relative to the abutment.
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Calibrating and Verifying the Completed Model

Following the second round of experiments, the analytical
model was modified for completeness, and some of the pa-
rameters were adjusted to simulate closely the measured local
responses. The calibrated parameter values of the completed
model are presented in Table 1 in the fourth column, labeled
“Model 2.” Correlation between the experimental and ana-
lytically simulated frequencies may be observed in Table 2 by
comparing the third column with the fourth and sixth columns.
The agreement between the measured frequencies versus those
simulated by Model 2 is less than 2 percent for the lower
modes, whereas errors of 5 percent are observed for the higher
modes.

Correlation between the simulated and measured bridge
characteristics is more definitively confirmed in the flexibility
space in Figure 4, which indicates that the 3-D displacement
profile under uniform vertical loading of the bridge given by
Model 2 is close to the profile given by the modal flexibility.
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In fact, modal flexibility yields a slightly stiffer response as
expected because of modal truncation.

Further verification of the fidelity of analytical Model 2 is
shown in Figure 8, in which the simulated and measured ver-
tical deflections of the bridge along a girder and a lateral
brace at the end span under truck loading are compared. The
responses labeled “truck” were measured directly when four
loaded trucks were positioned on the bridge, as shown in
Figure 8. The responses labeled “Model 1”7 and “Model 2”
were simulated by analyzing the respective analytical models
subjected to the same truck loads. The responses labeled
“modal flexibility”” are obtained by multiplying the experi-
mental modal flexibility with the appropriate load vectors
corresponding to the measured truck loads.

Whereas Model 1 is about 30 percent stiffer than is indicated
by the measured deflections on the bridge, responses simu-
lated by Model 2 show close correlation with their experi-
mentally measured counterparts. This result illustrates the
significance of correctly conceptualizing and simulating local
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FIGURE 8 Correlation of truck-load deformations with simulations

by analytical and modal flexibility.
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response mechanisms for good analytical correlation. It is also
significant that the deflection profiles given by the modal
flexibility agree closely with the profiles measured directly
under four loaded trucks clustered on one lane at an end
span. The concentration of trucks in the experiment creates
a considerably higher stress level under the loaded region than
any legal two-lane loading configuration, even after allowing
for the impact factors. The truck loading shown was permitted
by highway officials during the experiments only because the
critical bridge responses were being monitored in real time
and the test could be stopped if the strains approached the
limiting values shown in Figure 5. It follows, therefore, that
this test may also be considered a proof-load test.

APPLICATIONS OF STRUCTURAL
IDENTIFICATION

The agreement between the deflection profiles obtained from
modal flexibility and those measured under truck loads in-
dicates that modal flexibility, obtained by impacts applied at
the dead load stress level of the bridge, may be considered a
reliable condition index or signature capable of reflecting bridge
conditions even at the upper levels of serviceability. This con-
dition is attributed to the remarkable linearity of the new
bridge even under proof-load stress levels. In the case of
deteriorated bridges, such an accord between impact and proof-
test results should not always be expected. For example, the
writers observed considerable nonlinearity even at the service-
load stages when a concrete slab bridge, which had extensive
delamination at the shoulder regions, was loaded at these
areas (11).

It is natural that if long-term deterioration is permitted or
damage resulting from overloading occurs at the ultimate limit
states, the structural condition of the new bridge (and there-
fore its flexibility) will change. For example, the chemical
bond providing composite action between the deck and steel
girders may deteriorate in aged or overloaded bridges, and
the flexibility may increase significantly. In such cases, the
analytical model identified cannot be relied on for estimating
the strength capacity available. On the other hand, because
the analytical model identified for the test specimen is shown
to simulate closely bridge behavior even at the upper levels
of the serviceability limit, it should serve reliably for rating
the test bridge.

Once a completed analytical model is identified, more prac-
tical modal tests with only a sparse measurement grid, or truck
load tests with only a few transducers measuring only some
critical responses, may be carried out intermittently to update
selected critical terms in bridge flexibility. For example, an
impact modal test may be conceived for measuring only girder
flexibility at midspan. Advances in sensor technologies should
make it possible and practical to monitor continuously certain
instantaneous and residual deflections of the bridge under
truck loads. In this manner it may be possible to diagnose
changes in structural condition. If future tests reveal a no-
ticeable increase in flexibility relative to when the bridge was
new, the identified 3-D FE model would have to be modified
to incorporate mechanisms leading to increase in flexibility
before it may be used for further predictions. :
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Rating the Test Bridge by Using the Identified 3-D FE
Model

The test bridge was rated by the identified 3-D FE model. In
the following discussion, some of the critical rating factors are
compared against corresponding factors obtained by analysis
of idealized models recommended by AASHTO (12,13). This
phase of the study helped to evaluate the realism provided
by different analytical modeling and analysis procedures for
stringer bridges. Because the 3-D FE model captured the
important global and local response characteristics of the bridge
in its current state, rating the bridge with this model consti-
tuted an “academic” example of integrated field testing and
bridge rating.

Issues To Consider in Rating the Bridge

The issues to consider in rating the bridge with the 3-D FE
model were these:

1. The limit-state that should govern rating. Current practice
is to consider yielding of the girder. However the truck-load
test revealed that the bridge could maintain perfectly linear
response at stress levels considerably exceeding any legal load-
ing. Furthermore, evidence indicates that if the chemical bond
in a noncomposite bridge is lost, significant serviceability and
maintenance problems come soon after. Therefore it is ra-
tional to carry out strength evaluation of the bridge with the
analytical model that reflects the linear service limit state. If
maintaining the composite action resulting from chemical bond
is a desired feature of the bridge, because of the evidence
that the loss of composite action may render a bridge unser-
viceable and difficult to maintain, it should make even more
sense to evaluate the bridge capacity for the limit state where
this composite action is still available. Because the actual
structural behavior is far more complex than the behavior of
a simple steel beam, it does not make sense to evaluate the
structural capacity based on beam steel yielding.

2. Establishing critical elements, regions, and various ca-
pacities. Slab and girders may be considered separate or com-
positely behaving elements on the basis of the measured strain
distributions under truck load. Flexural and shear capacities
of the girder would depend on cracking, separating, or yield-
ing of the slab.

3. Establishing the truck positions that would maximize de-
mands at the critical regions. In the case of a 3-D model
incorporating the transverse load distributions between gird-
ers as facilitated by the slab and lateral braces, considerable
analysis effort is required for locating trucks for rating.

Some of the resulting rating factors for the steel girder
obtained from different recommendations and analysis ap-
proaches are shown in Figure 9. This figure shows the maxi-
mum positive and negative moments at the critical regions of
the critical girder. Rating factors are also obtained based on
the current Ohio Department of Transportation (DOT) prac-
tice, using the software BARS in conjunction with idealized
1-D beam models.

Significant differences are revealed in the rating factors
based on the different approaches. Rating factors derived
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FIGURE 9 Rating factors for steel girder.

from the analyses of the 3-D FE model are several times larger
than the corresponding factors obtained from planar ideali-
zations of the bridge. The discrepancy caused by different
approaches to computing demand is revealed when the two
rating factors corresponding to the AASHTO Guide speci-
fications are compared. Here, the same capacity computations
and coefficients were used, and the only difference was in the
demands computed from the AASHTO load distribution ver-
sus the prediction of the 3-D FE model.

In the case of positive moment the 3-D FE model incor-
porates composite action, reducing the girder demands.
Therefore a rating factor of 9.29, which is more than four
times the corresponding factor based on the AASHTO rec-
ommended load distribution, is obtained. In the case of neg-
ative moment the 3-D FE model yields a rating factor of 6.24,
which is 2.6 times the corresponding factor obtained by the
AASHTO load distribution. Such differences clearly dem-
onstrate that in rating stringer bridges the uncertainty that
may arise because of idealizations in analytical modeling may
be of the same order of magnitude as the uncertainty that
governs the loading envelopes.

It is also noted that if cracking of the slab is considered as
the critical limit state, this may control the rating factor. What
is important is that the idealized AASHTO load distribution
does not permit correct evaluation of the demands of the
concrete slab, whereas the 3-D FE model permits evaluation
of all the possible critical components and regions of the bridge.

CONCLUSIONS

‘The concept of structural identification may hold the key for
improving the state of the art in bridge field testing, condition
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evaluation, rating, health monitoring, and other applications.
The authors have developed tools for demonstrating a com-
prehensive structural identification methodology and applied
this to a newly commissioned continuous steel stringer bridge
with integral abutments.

Modal flexibility is shown to serve as a conceptual, reliable,
and comprehensive experimental signature, perhaps the best
collection of numerical indices expressing bridge condition.
In this application modal flexibility also served for testing the
completeness of the 3-D FE model that is calibrated as a
byproduct of the structural identification process.

The 3-D FE model of the bridge was completed by incor-
porating the observed local deformation kinematics at the
critical regions and by calibrating the numerical model pa-
rameters so that the measured and simulated modal and flex-
ibility characteristics of the bridge agreed to exacting goodness
of fit. It is important that the test stress levels under truck
loads considerably exceeded the stress levels that may be
expected under legal loads even after allowing for impact and
other safety factors. Because the 3-D FE model was shown
to simulate the measured behavior under the test truck load-
ing, it was considered a reliable tool for rating the bridge.

The rating factors obtained from analyses of the identified
3-D FE model exceeded those obtained by considering the
AASHTO recommended load distributions by several times.
This revealed that the uncertainties in rating resulting from
failure to represent the load distribution mechanisms of steel
stringer bridges correctly may exceed the uncertainties known
to prevail in the load envelopes. Significantly, the 3-D FE
model revealed the distribution of demands throughout the
elements, including the slab and lateral braces, which are
typically omitted in the rating process because of analytical
limitations. These secondary elements may sometimes govern
rating depending on the limit state considered. However un-
less a 3-D FE model is calibrated through structural identi-
fication, the potential for large errors cannot be overlooked.
The confidence in the analysis results from a 3-D FE model
that has not been verified and calibrated to exacting standards
and cannot exceed the confidence in the estimates from the
idealized analysis approaches currently used by experienced
bridge engineers.

A global conclusion is that structural identification research
of the type outlined here is essential for true appreciation of
the limitations in current understanding of bridge behavior
and in the manner of design, inspection, evaluation, and rating
of bridges.
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Optimization of Seismic Design of
Single-Column Circular Reinforced

Concrete Bridge Piers

RAVINDRA VERMA AND M. J. NIGEL PRIESTLEY

A design algorithm is developed to incorporate design philosophy
for seismic capacity in a computer program for the optimal design
of single-column circular reinforced concrete bridge piers for seis-
mic loading. The program designs the circular column as a single
degree of freedom system under the combined effect of axial and
lateral seismic loads over a broad range of axial load ratio, column
height, and design displacement ductility capacity. For a given
column height and axial load, results indicate the existence of an
optimal column diameter and design displacement ductility level.
As the column diameter is reduced, cost savings are effected by
reduced volume of concrete but tend to be offset by P — A effects,
increased longitudinal reinforcement for flexure, and increased
transverse reinforcement for confinement and shear. On the basis
. of common trends, solutions are provided for the most econom-
ical range of axial load ratio and design displacement ductility
capacity for a given column height.

Any structural design should include consideration of aspects
of optimization. This means developing several technically
feasible alternatives, evaluating their efficiency, and then
making the best engineering choice. Comparative assessment
of design efficiency requires predicting structural response
and expected cost of design and construction, and estimating
potential damage under design-level earthquake loading.
Guidance on selection of structural alternatives and optimiza-
tion procedure is not provided by design codes, the role of
which is the specification of criteria to ensure that perfor-
mance goals are met. The purpose of this study was to in-
vestigate cost-based optimal solutions for single-colurnn cir-
cular reinforced concrete bridge bents subjected to transverse
seismic loading. This is to be done by encoding a capacity
design procedure in a computer program and performing com-
parative designs over a practical range of column height, col-
umn diameter, and design displacement ductility level.

The designer’s prime variable will be the column diameter,
which is directly related to the costs. A change in the column
diameter would influence factors such as column stiffness and
hence the natural period and lateral design force. For a given
superstructure mass, a natural direction toward optimization
thus would appear to be to decrease column diameter, which
generally reduces the lateral seismic design forces because the
reduction in stiffness normally will shift the natural period to
a range of lesser dynamic response. Other effects, however,
could become important: increased confinement steel require-

Department of Applied Mechanics and Engineering Sciences, Uni-
versity of California at San Diego, 9500 Gilman Drive, La Jolla,
Calif., 92093-0411.

ments, greater longitudinal steel requirements, more promi-
nent P — A effects, and increased shear requirements. Opti-
mization of the design thus involves finding the right balance
among these counteracting influences.

SCOPE OF RESEARCH

Although the seismic capacity design approach for ensuring
a ductile response of bridges has been prevalent for some
time, not much has been done to investigate optimal choices
in the seismic design of reinforced concrete columns. It is
common practice in Japan to build bridge columns with low
axial load ratios and low ductility demand and, hence, large
diameter sections. On the other hand, in New Zealand and
the United States, columns tend to be designed with higher
ductilities and higher axial load ratios, and hence smaller
diameter sections. The economics and structural desirability
of the alternatives are unclear. To obtain insight into this area,
a circular single-column bridge bent under transverse re-
sponse was investigated. Various aspects of seismic design
were considered by analysis for the following range of column
axial load ratio, column height, and ductility capacity:

1. Axial load ratio, A = P/f_A,, between 0.05 and 0.50,
in steps of 0.05, where P is the axial load acting on the column
and is equal to 1,200 kips (5338 kN) in this study; f! is the
concrete compressive strength, which is assumed to be equal
to 4 ksi (27.6 MPa) in this study; and A, is the gross sectional
area of the circular column.

2. Column height, L, ranging between 10 ft (3.05 m) and
50 ft (15.25 m), in increments of 10 ft (3.05 m).

3. Design displacement ductility demand, w, varying be-
tween 2 and 10, in increments of 1.

Some of the more detailed aspects of capacity design ap-
proach, as applicable to the seismic design of circular bridge
columns, have been discussed elsewhere (I); only issues rel-
evant to the optimization computer program OPTCOL are
addressed here.

RELATIONSHIP AMONG DUCTILITY, FORCE
REDUCTION FACTOR, AND TRANSVERSE
REINFORCEMENT

Displacement ductility, related to lateral displacements mea-
sured at the center of mass, is the most convenient measure
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of gross deformation; it can be related directly to the force
reduction factor reducing the design lateral force from the
elastic response level. Thus, the displacement ductility ratio
is given by

Ha = A4, M

where A, is the ultimate, or maximum, displacement and A,
is the lateral displacement corresponding to the yield point
of equivalent elastoplastic response. This concept of displace-
ment ductility is shown in Figure 1 for a single-column can-
tilever bridge pier idealized as a single degree of freedom
system subjected to an axial load and a transverse seismic
force. Also shown are the assumed deflected shapes of the
column at first yield and at maximum ductility demand.

The following relationship between displacement ductility
factor, w,, and the force reduction factor, R, is used in this
study to assess the required levels of inelastic seismic response
forces (1):

_ (s — DT
R=1+ 15T, = u, 2)

where T, is the period corresponding to peak spectral response
and T is the fundamental period. Equation 2 provides a grad-
ual reduction in R from the equal acceleration principle (R
= 1, regardless of p) at T = 0, through the equal energy
approximation [R = (2p, — 1)*?] at about T = 0.75T,, to
the equal displacement approximation (R = p) for T=1.5 T,.
For this study, 1.5T, was taken to be equal to 0.7 sec.

Concepts addressing issues related to column curvature
ductility, its relationship with displacement ductility and plas-
tic hinge length L,, and required level of transverse rein-
forcement for confinement provision are discussed elsewhere
(). These concepts have been incorporated in the program
OPTCOL.

FLEXURAL DESIGN PRINCIPLES

Based on tests on large-scale bridge columns, it has been
noted that the prediction of flexural strength of confined col-
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FIGURE 1 Lateral seismic response of a
cantilever bridge column.
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umns on the basis of the American Concrete Institute (ACI)
concrete compressive stress block—which assumes a mean
stress of 0.85f(, an ultimate compression strain of 0.003, and
the measured material strengths—results in excessively con-
servative prediction of actual strength. This predicted moment
is hereafter termed the “ACI moment.” Based on a large
number of tests, the average moment enhancement as related
to the ACI moment may be expressed empirically (/) as

for P/(fLA,) < 0.1: M, /M, ro; = 1.13 (3a)
for P/(fiAg) > 0.1: My /M, acey = 1.13

+ 235 {(PIf.A,) - 0.1}>  (3b)

To avoid the unnecessary conservatism inherent in the ACI
computations, flexural strength calculations should use a stress-
strain relationship applicable to confined concrete (2) and a
higher ultimate compression strain, say 0.005. Alternately, as
suggested by Priestley and Park, the dependable flexural
strength may be taken as

M, = d)KMi,ACI 4

where K is the moment enhancement ratio given by Equation
3(K = M,,,,/M,), and ¢ is a flexural strength reduction factor,
taken as ¢ = 0.9 for all axial force levels of well-confined
columns. This procedure has been included in the program
OPTCOL for the enhanced level of column flexural strength.

DESIGN SHEAR FORCE

The current seismic design philosophy is to ensure against
shear failure by setting the shear strength of a bridge pier
higher than the maximum flexural strength that can be de-
veloped. These actual shear forces generated during earth-
quakes may be as high as three times the code-specified nom-
inal values (3), if conventional flexural strength design is
adopted. The ideal shear strength, V,, should be matched to
the overstrength shear force, V,,, because use of a reduction
factor for shear strength is generally deemed inappropriate
when the shear force is established on the basis of principles

~of capacity design. In this study, the shear strength of a column

is based on the ACI approach of considering separate concrete
shear-resisting mechanisms, V., and steel shear-resisting truss
mechanisms, V. Thus the actual requirement is

Vi=V.+V, =V, 5)

Shear carried by concrete and steel can be assessed conser-
vatively in accordance with the provisions of the New Zealand
(NZ) Concrete Design Code (4), which is followed in the
program OPTCOL for the design of column shear reinforce-
ment, both within and outside the plastic hinge regions. It
should be noted that recent research shows the shear strength
of plastic hinge regions is a function of ductility demand and
the NZ shear design equations for both hinging and non-
hinging zones are somewhat conservative. Consequently, the
amount of transverse reinforcement provided in this study for
shear strength will be slightly conservative compared with
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more recently developed design criteria (5) currently under
evaluation for design.

SEQUENCE OF OPERATIONS FOR
OPTIMIZATION

The design approach outlined previously is appropriate for
the design of any simple bridge column, given a knowledge
of the required flexural strength and ductility. To draw con-
clusions about the economic consequences of adopting dif-
ferent design alternatives, the following sequence of opera-
tions was adopted for a specified column height:

1. Select the design response spectrum. Five elastic spectra
were considered in this study.

2. Select an axial load ratio. This defines the circular col-
umn diameter.

3. Select the design displacement ductility. This enables the
lateral design force to be selected by an iterative procedure
requiring sequential estimation of member stiffness, natural
period and, hence, the lateral seismic force.

4. Design longitudinal reinforcement for the provision of
flexural strength.

5. Design transverse reinforcement for the provision of duc-
tility and shear requirements.

6. Estimate the total costs involved in the design alterna-
tives.

Some of the aspects of this optimization sequence are dis-
cussed in the following sections.

Response Spectra

The traditional method for describing ground shaking is a
smoothed elastic response spectrum for single degree of free-
dom systems. Five response spectra, shown in Figure 2, were
used to allow assessment of the influence of various spectral
characteristics on the overall seismic design of bridge columns.
They are the AASHTO Guide-based spectra specifications
for an acceleration coefficient equal to 0.4 and for stiff clay
or deep cohesionless conditions (6); the California Depart-
ment of Transportation (Caltrans) A.R.S. Spectra for 150 ft
or deeper soil alluvium, with peak ground acceleration equal
to 0.5g and 0.7g (7); the Seed/Sun spectra proposed for deep
soft soils after the Loma Prieta earthquake; the New Zealand
Zone A inelastic design spectra for a peak ground acceleration
equal to 0.5g (8); and a constant elastic design spectrum at
0.75g.

Natural Period

Following the choice of a certain axial load ratio (and hence
the column diameter, for a known axial load) and a design
displacement ductility capacity for a circular column with a
specified height, the next step involves calculating the equiv-
alent natural period of vibration of the cantilever column
idealized as a single degree of freedom system, as shown in
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FIGURE 2 Comparison of five response spectra.

Figure 1. This is given by

T=2mw [— 6)

m = mass of the superstructure = P/g,
specified axial load on column,
g = acceleration resulting from gravity, and
k., = equivalent lateral stiffness of the cantilever column
including both flexure and shear flexibility terms.

~
i

The stiffness should correspond to conditions at first yield and
thus is influenced by the axial force level and the reinforce-
ment content (9). Since the latter is not known at the start
of the analyses, an iterative approach was used in this study
(10). The initial lateral stiffness of the section was calculated
by assuming the sectional moment of inertia to be 50 percent
of that for the gross circular section and ignoring the influence
of longitudinal reinforcement. The effective shear area was
assumed to be equal to 0.94g, where Ag is the gross sectional
area, and the value for the shear modulus G was assumed
equal to 0.4E. This was followed by the estimation of the
lateral seismic design forces and assessment of the longitudinal
steel requirements for the total flexural moment including the
P — Amoments. Aniteration scheme was followed for achiev-
ing a desired level of accuracy in the amount of longitudinal
steel. For the first iteration in every cycle in the column design
and for all other subsequent cycles when the accuracy was
not reached, the actual lateral stiffness of the cracked section
was computed on the basis of a modified equation for the
effective moment of inertia of the circular reinforced concrete
column section.

Design Base Moment

Once the actual design lateral seismic force has been evaluated
on the basis of a modified natural period of the section, an
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estimate of the total overturning moment acting on the column
base is made, as shown in Figure 3. The base moment will
thus equal

M,=V-L + P-A 7

where

V = lateral seismic design force,

P = axial load,

A = peak lateral displacement, and
L = column height.

Designing for the full P — A moments is known to be some-
what conservative, and approaches suggesting reductions of
close to 50 percent have been made (9) on the basis of energy
considerations. The trend toward more slender columns, mainly
in the United States and New Zealand, has led to potentially
more significant P — A effects, and thus the justification to
include these effects in the calculation of the total bending
moment acting on the column.

Figure 3 also compares the bending moment diagram and
the deflected shape of the column at an initial ductility level
of p = 2 and for an inelastic state at w = 10. As is evident
from the diagrams, the influence of P — A effects is significant
at higher ductility levels for the same column. Also, the de-
flected shape, and hence the bending moment diagram, are
almost linear at high ductility levels, with the majority of
rotation being concentrated at the plastic hinge forming at
the column base.

To include the P — A effects in the program OPTCOL, an
approximate approach was used to determine the column peak
lateral displacements. In the elastic case, the equation for
simple harmonic motion can be used to determine the peak

V2 *P 4,
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FIGURE 3 Design base moments and P — A effects for a
cantilever column.

189

yield displacement of the column. If A is the total maximum
inelastic displacement occurring at the designed displacement
ductility level p., it can be shown (10) that

7
A= Iyinélasticlmax =R lylmax = ""4_1_1_21y|max (8)

where | ¥|,.... is the magnitude of the peak ground acceleration
and w (= 27/T) is the angular frequency specified in radians
per second, |J|m.x can be obtained, for a specified natural
period of vibration and on the basis of any characteristic de-
sign response spectra, as the inelastic design coefficient times
the acceleration due to gravity.

Concrete and Steel Cost Evaluation

The total amount of concrete and steel used in the various
cases of column design was calculated. This calculation was
followed by an estimation of the respective costs on the basis
of current rates in California, including the cost of form work,
pouring of concrete, and cost of cutting, bending, and placing
the steel. The costs were assumed to be equal to $350/yd? for
concrete and $0.60/1b for the steel. To assess the effect of
varying the ratio of unit prices of concrete and steel, all cases
also were analyzed for a concrete price of $60/yd?, while the
steel price was held constant.

Figures 4 and 5 show typical total cost versus axial load
ratio plots for a design displacement ductility level of p equal
to 6 for the AASHTO response spectra, the New Zealand
Zone A spectra, and the Caltrans A.R.S spectra, respectively.
Figure 6 shows total cost versus displacement ductility ca-
pacity plots for the AASHTO response spectra for column
heights equal to 20 ft (top) and 40 ft (bottom), respectively.

RESULTS AND CONCLUSIONS

The following conclusions may be drawn from results for the
five cases analyzed:

1. For a specified column height and required design dis-
placement ductility level, an increase in the axial load ratio,
and hence a decrease in the column diameter, results in cost
savings for a limited range of the axial load ratio. Beyond the
value of the optimal column diameter, other effects—such as
dominant P — A effects, increased confinement requirements
for shear and ductility, and greater longitudinal steel for flex-
ure—result in either increased costs or “flattening” of the
cost plots, as shown in Figures 4 and 5. The optimal axial load
ratio decreases as the column height increases and is usually
in the range of 0.10 < A = 0.30 for column height in the
range of 50 ft (3.05 m) = L = 10 ft (15.24 m).

2. For a specified column height and a low value of the
axial load ratio, the total cost decreases for increasing the
design level of the displacement ductility capacity up to a
certain optimal p, beyond which the costs start increasing, as
shown in Figure 6 (top). This subsequent increase is due to
greater costs for provision of transverse confinement for the
higher levels of ductility capacity. The optimal design ductility
capacity is typically in the range of 6 = p = 10. However,
for slender piers with higher levels of axial load ratios, the
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(P/f.Ag) for AASHTO spectra (top) and New Zealand
spectra (bottom).

costs simply go on decreasing for increased levels of design
displacement ductility level, as shown in Figure 6 (bottom).
This occurs because for slender piers, for a specified column
height and a selected value of the column diameter, the in-
crease in costs caused by increased confinement requirements
for greater w is offset by the decrease in the longitudinal steel
requirements owing to the reduced design inelastic seismic
forces for higher levels of ductile response.

3. An increase in the maximum allowable longitudinal steel
ratio from 6 to 8 percent leads only to more design cases being
possible, without any associated savings in the total design
cost, as the steel cost is already dominant at that stage. The
effect of increasing the design peak ground acceleration is to
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reduce the number of possible design cases as the maximum
steel ratio limit of 6 percent is exceeded for higher seismic
design moments. This effect also significantly increases the
total costs for slender piers for the same reason.

4. To study the effect of altering the ratio of unit concrete
to steel price, the concrete price was reduced from $350/yd?
to almost one-sixth value at $60/yd* while the steel cost was
held constant. The result: the existence of distinct optimal
axial load ratios for given column heights and design displace-
ment ductility levels is observed, in accompaniment with sharply
rising cost curves beyond the optimal minima. This is shown
in Figure 5(b) for the Caltrans spectra, which, when compared
with cost plots at concrete price of $350/yd? in Figure 5(a),
reflects the sensitivity of the shape of the cost plots to varying
cost ratios. However, the influence of lower concrete cost on
the optimal axial load ratio is not significant. The tendency,
as expected, is to lower somewhat the values of the optimal
axial load ratio.
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5. From the cost plots for this study, the general trends in
the seismic design solutions for single-column reinforced con-
crete bridge piers are clear. Table 1, based on the results of
the optimal seismic design of bridge bents of single-column
circular reinforced concrete and using five design response
spectra, presents the range of axial load ratio A and the cor-
responding range of the possible design displacement capac-
ity, ., for the most economical solutions at a specified column
height L, in the range of L = 10 ft (3.05 m) to 50 ft (15.24 m).

6. The solutions recommended by this optimization ap-
proach are based solely on ultimate seismic displacement con-
sideration. In many cases, gravity load considerations may
dominate and make the recommended high ductility factors
impractical. The use of high ductility factors also may result
in excessive incidence of minor damage, such as spalling of
cover concrete, under a moderate earthquake that may be
expected to occur several times in the design life of a bridge.
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TABLE 1 Optimal Range of Design
Axial Load Ratio and Displacement
Ductility Capacity

COLUMN OPTIMAL AXIAL |OPTIMAL
HEIGHT (FT.)|LOAD RATIO DUCTILITY
RANGE CAPACITY

RANGE

10 0.25<A <035 |6<p<10

20 020<A<025 |6<p<10

30 0.15<A<020 |7<pu<10

‘40 0.10SA<0.15 [7<p<10
50 0.10sA<0.125|7<pu<10

This will be particularly pronounced in the case of columns
with high axial load ratios and high longitudinal reinforcement
ratios.

Nevertheless, the results appear to justify, both technically
and economically, current practice for seismic design of col-
umns in axial load ratio and ductility level. However, current
Caltrans practice (7) of limiting displacement ductility factors
for single-column piers to values as low as . = 3 (dependent
on the period) does not appear to be justified based on the
results of this study.

RECOMMENDATIONS FOR FUTURE RESEARCH

This study focused on single-column piers in their transverse
response to seismic excitation. Extending the study for mul-
tiple-column bridge bents, especially with taller piers and under
bidirectional seismic attack, should then follow as a logical
step. Rectangular column piers also may be included in the
study. Comparative study should be made as to the most
efficient number of columns at any bent (e.g., comparing the
cases for two- and three-column bents with the results for the
single-column bent).

Influence of foundation flexibility on the optimization of
the seismic design of the bridge bent also should be investi-
gated further and included in the optimization procedure. Its
effects will particularly pronounce the P — A moments for
slender piers and could alter the existing trends. Also, a change
in the column diameter, and hence the stiffness, would affect
both the footing and the superstructure design. These aspects
also need to be examined.

A more consistent approach should be used to assess the
shear strength of the bridge columns during ductile response.
Further research needs to be done on aspects related to dy-
namic shear strength of single- and multiple-column bridge
piers, behavior of columns in double curvature, influence of
practical levels of reinforcement on shear strength, and effects
of axial tension and multidirectional loading on the concrete
shear carrying capacity.
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Updated Environmental Limits for
Aluminized Steel Type 2 Pipe Application

L. BEDNAR

The limits of environmental conditions over which aluminized
steel Type 2 drainage pipe exhibits good long-term service life
have been defined more clearly owing to the results of continuing
field inspections. As a result, the strengths of the material com-
pared with galvanized steel and its behavior under severe expo-
sure can now be illustrated with increased clarity.

The advantageous durability of aluminized steel Type 2 pipe
demonstrated in field tests and in actual service (I -3) provides
an effective means to address the statistically more important
limitations in corrosion behavior of galvanized steel in drain-
-age pipe environments. Aluminized steel complements gal-
vanized steel in drainage pipe applications in a fashion that
results in expansion of the limits of environmental conditions
over which corrugated steel pipe can be effectively used. How-
ever, for best results it is important to specify the limits of
environmental tolerance for both materials reasonably well.
The California Department of Transportation (Caltrans) chart
has filled this need for galvanized steel pipe for many years,
although it has proven to be unreliable under some environ-
mental conditions. To help ensure that galvanized steel is used
within the limits of its capabilities, Armco Research spent
considerable time in field studies to develop a more realistic
modified Caltrans-type graph to guide galvanized steel ap-
plication. The results were introduced a few years ago (4,5).

_Recently, cumulative studies on aluminized steel pipe field
performance became sufficiently comprehensive to permit
construction of a new graph for reasonable conservative es-
timation of product durability under a range of conditions,
including those approaching and exceeding the limits of en-
vironmental tolerance.

BACKGROUND

Initially, aluminized steel application was guided mainly by
the results of a series of inspections of 30-year-old riveted
pipe installed at numerous culvert sites in 14 states in the
United States (7). The ranges of environmental conditions
existing among these sites did not establish the limits of en-
vironmental tolerance but were sufficiently comprehensive to
justify stipulation of general water and soil limits of a pH
range of 5—-9 and a resistivity above 1500 ohm-cm. Some of
the data suggested the resistivity limit could be as low as 1000
ohm-cm under some conditions, but Armco preferred to use
a conservative 1500 ohm-cm general limit until the field data

Armco Steel Co., Research & Technology, 703 Curtis Street, Mid-
dletown, Ohio 45044-3999.

became sufficiently comprehensive to determine the condi-
tions under which a lower resistivity limit would apply. As is
the case with any new product, during the years following the
introduction of aluminized steel, occasionally the product was
exposed under corrosive conditions too severe for expected
service life to be realized. Such cases emphasized the need to
determine the limits of environmental tolerance.

Sufficient field performance data now exist on newer lock
seam and weld seam aluminized steel pipe exposed over a
range of conditions in service for a sufficient length of time
(up to about 12 years) to begin to estimate better the limits
of environmental tolerance. For pipe water environments,
these limits have now been estimated with reasonable con- -
fidence, and behavioral trends have been determined using
simple water alkalinity and hardness measurements in addi-
tion to the normal resistivity and pH measurements. Water
data are believed to be sufficiently accurate and comprehen-
sive to permit a realistic comparison with galvanized steel
pipe, for which there is a good deal of Armco data. This is
fortunate because, for the nation as a whole, water chemistry
is the primary factor controlling galvanized pipe durability.
Generally, therefore, water chemistry is the only environ-
mental factor requiring testing and usually it is the only factor
aluminized steel must address.

Armco data for aluminized and galvanized steel perfor-
mance in soil environments are less comprehensive than the
data for water environments, and soil corrosivity is inherently
difficult to investigate. Fortunately, soilside corrosion prob-
lems for corrugated steel pipe are unlikely (6) except under
well-defined conditions found in certain geographical areas.
Such areas include those with saline soils found mainly in arid
regions (4,5) and those with highly acidic soils found in parts
of certain wet regions (7,8). In these areas, adverse soil con-
ditions associated with low resistivity or low pH can control
durability, and soil guidelines based on minimum resistivity
(water-saturated resistivity) and pH are quite useful.

Although an increasingly strong case can be made for ex-
tending the soil minimum resistivity limit of aluminized steel
to about 1000 ohm-cm with a reduced pH range (~6.0-8.5)
below 1500 ohm-cm, Armco is still uncertain of the actual
limit of tolerance and prefers to retain a conservative general
nationwide lower limit of 1500 ohm-cm for the present. How-
ever, because of the results of a recent field inspection survey
in western states, Armco has enough field data from arid
climates to recognize a considerably lower soil minimum re-
sistivity limit for regions with arid climates. This special limit
applies because waterflow in such climates is generally too
infrequent to influence durability considerations, and soils are
usually dry enough that the effect of salt content is greatly
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reduced (in situ resistivity controls corrosion). Of course, a
condition of infrequent waterflow means that, in general, soil
minimum resistivity and pH will be the only criteria governing
materials selection in arid climates.

DISCUSSION ON MECHANICS OF THE METHOD
Water Environments

The graph for behavior of aluminized and galvanized steel in
waters shown in Figure 1 includes the effect of water alkalinity
and hardness as well as pH and resistivity because this effect
is important in determining the reaction of both materials to
the water. For galvanized steel, alkalinity and hardness are
important in determining the tendency toward protective min-
eral scaling necessary for good long-term service life (4). For
both materials, the determination of alkalinity and hardness
reveals the proportion of corrosive Cl~ and SO; 2 salts con-
tributing to the resistivity. The total dissolved salt content
indicated by the resistivity generally consists mainly of ben-
eficial or nonharmful alkalinity or hardness salts instead of
corrosive salts such as SO; 2 and Cl-, and it is necessary to
determine the proportions of the two types of salts to char-
acterize the effect of resistivity on behavior. At any level of
hardness and alkalinity, decreasing resistivity corresponds to
increasing C1~ and SO, 2 and decreasing service life. It is also
important to determine free carbonic acid (CO,) (calculated
from pH and alkalinity) because free CO, is the only form of
free acidity present in most pipe waters.

CO, has a direct adverse effect on galvanized steel and can
enhance the adverse effect of C1- and SO, 2 on galvanized
and aluminized steel. At any given level of hardness and
alkalinity, increasing free CO, corresponds to decreasing ser-
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vice life to a degree determined by Cl—, SO; 2, and resistivity.
To express the corrosive influence of free acidity, the free
CO, concentration is more realistic than the pH alone (4).
Figure 1 does not deal with acidity other than CO, because
water containing other free acidity would necessarily be below
pH 4.5. Water below pH 4.5 is likely to contain other free
acidity. The result of having pipe water containing such free
acidity would be a condition too severe for most common pipe
materials (4). Thus, the graph cannot be used for waters with
pH values below 4.5, and a negative sum on the graph vertical
axis refers only to water relatively low in hardness and al-
kalinity and relatively high in free CO,. The graph also cannot
be used at pH values above 9.0, where normally beneficial
alkalinity becomes partially detrimental because of an adverse
effect on the aluminum layer of the bilayer aluminized coating.

The 50-year and 20-year lines in the graph of Figure 1
represent the lower water chemistry limits at which at least
50-year or 20-year service life is realized for each material.
Any chemistry falling below these lines will tend to give lower
service life because such a low reading indicates higher pro-
portions of C1- and SO;? or free CO,, or both, at a given
resistivity. Service life is defined as the time in service before
pipe maintenance at certain minimum gauges is likely to be
needed. The minimum gauges representing the two materials
in the graph are different because the data were from two
different studies using baseline materials of 2.0-mm (14-gauge)
galvanized steel and 1.62-mm (16-gauge) aluminized steel.
The limit lines for galvanized steel were developed from ear-
lier field studies (4). The limit lines for aluminized steel were
developed from later field studies; the data are presented in
Figure 2. Thus Figure 1 is a composite of Figure 2 and the
earlier figure for galvanized steel. The aluminized steel data
are from random field inspections except for the five problem
waters (less than 20-year life), which are from three problem
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sites specifically chosen for study. Two of these sites had
multiple waterflow sources (lateral intercept flow as well as
main invert flow), thus affording the opportunity to investi-
gate the effect of more than one water at one site. Because
the problem sites were not chosen randomly, their number
with regard to the total number studied obviously has no
statistical significance, but inclusion of data from these sites
is helpful in establishing the limits of environmental tolerance.

Figure 1 is intended for groundwater evaluation at sites
where the groundwater table is high enough to produce at
least some slight dry weather groundwater seepage and flow
at the depth of pipe burial. At aluminized sites that are dry
during nonrainfall periods, there is normally no need for a
water evaluation because the material is generally not sub-
stantially affected by rainwater surface runoff. Likewise there
is normally no significant effect of surface runoff in the high-
water zone above the groundwater level. Surface runoff is
usually relatively soft and near-neutral in pH because of di-
lution or aeration effects, and aluminized steel has optimum
resistance to such water (). The higher velocity of surface
runoff is no problem because of the enhanced resistance of
aluminized steel to erosion corrosion and abrasion by tur-
bulent rapid flow (7).

Because groundwater is normally the only pipe effluent of
any concern, water testing should be accomplished in dry
weather at least 2 days after the last rainfall, when dissolved
mineral concentration is maximal. In arid climates, only sites
with significantly prolonged flow or standing water resulting
from a local high water table are of concern. The degree of
accuracy required in water analysis is not high enough to
justify use of standardized methods of analysis. For hardness
and alkalinity testing, simplistic digital titration kits employing
prequantified encapsulated reagents are adequate. Alkalinity
and hardness data are commonly expressed in ppm as CaCQO,.
These data must be converted to ionic concentration form
before use in Figure 1 by multiplication of the alkalinity by
1.22 and of the hardness by 0.4.

Soil Environments

The graph for behavior in soil environments is shown in Figure
3. This graph is more simplistic and less specific for three
reasons. First, for practical purposes it is limited to the pa-
rameters of pH and resistivity. Second, because of the limited
data available, the limits of environmental tolerance have not
yet been estimated, and it is necessary to use conservative
limits adequately supported by the available data. Third, the
data limitations prevent a reliable soilside comparison of the
two materials. The present form of the soilside graph in Figure
3 serves only to illustrate the soilside conditions necessary
to ensure a minimum 50-year service life for aluminized
steel at 1.62 mm thickness (16 gauge) according to present
knowledge.

One potential problem in detecting low soil pH values that
must be recognized is the possibility that in a nonselect het-
erogeneous backfill there may be a highly acidic phase that
directly contacts the pipe but is not detected because of the
normal practice of mixing soil for pH measurement. A dark
or light gray, blue, or olive-colored clay phase in a native-soil
fill may be acidic and should be isolated for a pH measure-
ment. Highly acidic clays of such color are found in certain
geographical areas and arise from conditions chemically com-
parable to those that produce environments of acid mine-
water. When extensively distributed in a pipe watershed soil,
such clays may give rise to groundwater seepage of temporary
high acidity during prolonged dry weather when the volume
of groundwater flow is minimal.

One potential problem in resistivity measurements arises
because of the influence of chloride deicing salts. These salts
induce snow and ice melting that produces a trickle flow of
salty moisture that percolates through the soil and may attack
the pipe if the salt content is high enough. The advent of
spring weather brings rains that leach the soil to remove this
temporal salt, and measurement of resistivities afterward gives
misleading high values. In sandy or other granular soils, drain-
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FIGURE 3 pH/resistivity soilside tolerance limits of Type 2 aluminized steel for good long-term durability
approaching 50 years minimum in nonarid and arid regions (1 in. = 25.4 mm).

age and leaching occur quickly after the first rainfall, and
even in arid climates, all traces of chloride from deicing salt
are removed after the first appreciable rainfall.

Other Comments

The estimation of pipe service life in waters and soils is derived
by extrapolation of field performance under a variety of ex-
posure conditions and has been described previously (9). The
method is based on the results of inspections of 30-year-old
culvert sites in which the progress of coating and substrate
attack at 20- and 30-year intervals was studied. Extrapolation
of performance from 30 to 50 years involved little uncertainty.
Actually, the inspection results showed that the long-term
behavior of aluminized steel is predictable early in the ex-
posure period. This is so largely because a passive metal such
as aluminum that exhibits normal good passive behavior dur-
ing the first several years in service continues to do so over
the long term, and the existence of any troublesome condi-
tions becomes evident early.

RESULTS AND DISCUSSION
Characteristics of Graph for Water Environments

The most important factor limiting galvanized steel service
life for the nation as a whole is softer higher-resistivity water
containing significant free CO, and having little or no natural
protective mineral scaling tendency (10). This condition is
common in certain regions of the country, and the use of
aluminized steel in such regions effectively addresses the prob-

lem, as shown in Figure 1. According to the figure, a minimum
50-year aluminized steel service life is realized under condi-
tions of higher resistivity and free CO, encompassing even
those severe enough to limit galvanized service life to some-
what less than 20 years. As a passive metal with passive oxide
film protection, aluminum is highly resistant to soft high-
resistivity water and to a weak acid like carbonic acid (7).
Nonpassive zinc develops minimal film protection of any kind
in such water and is subject to acceleration of corrosion by
CO, in accordance with the free acidity concentration (12).
As resistivity decreases from high levels, the combined ad-
verse effect of increasing C1=/SO; 2 and any significant free
CO, becomes increasingly potent. However, aluminized steel
continues to maintain a minimum 50-year service life under
conditions of moderately low resistivity, even those severe
enough to limit galvanized steel to a service life of less than
20 years. This degree of advantage persists down to a resis-
tivity level on the order of 950 ohm-cm. Thus, aluminized
steel may be used effectively to address corrosion problems
existing over the range of high to moderately low resistivity.
This advantage is the result of the combined influence of
superior resistance to free CO, and a modestly superior resis-
tance to Cl=/SO; 2. As resistivity decreases still further and
Cl~ and SO; 2 increase further, pitting corrosion accelerates
notably and the advantage of aluminized steel over galvanized
steel decreases more and more abruptly. At some point over
the 950 to 600 ohm - cm range, pitting becomes severe enough
that the advantage becomes minimal. Thus, aluminized can-
not be used to address corrosion problems caused by low
resistivity. If water resistivity is low enough and water chem-
istry coordinates on the graph fall far enough below the 50-
year service life line, service life can be relatively short.
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Characteristics of Graph for Soil Environments

In general, field experience indicates that soilside environ-
ments are less severe than waterside environments (6), and
problems for aluminized or galvanized steel pipe are less likely,
except for cases involving certain well-defined avoidable con-
ditions. This is fortunate because soilside studies are inher-
ently more difficult, and Armco soilside performance data are
not yet sufficient to permit a reliable estimation of the limits
of tolerance for either material. The most useful approach
under these circumstances is to use for good long-term du-
rability conservative limits that are supportable by compre-
hensive data, and to depict known behavioral trends near
these limits.

As shown in Figure 2, for good long-term aluminized steel
service life (approaching 50 years as a minimum), a 1500
ohm-cm general nationwide lower limit on soilside minimum
resistivity and a 5-9 pH range will be retained until soilside
data become sufficiently comprehensive to determine the con-
ditions under which lower resistivity can be tolerated. For the
present, the only exception sufficiently supportable by avail-
able data is a general 1000 ohm-cm minimum resistivity limit
for arid climates with 381 mm/year (15 in./year) or less total
annual precipitation. Armco’s experience suggests the lower
general limit in arid climates is as low as 800 ohm-cm and
possibly even as low as 600 ohm-cm, but 1000 ohm-cm is
better supported by the present data and will be used for the
present. For arid climates Armco has no idea of resistivity
tolerances at pH values below a level of about 7.2 because
the company has never observed lower pH values than this
at low resistivity levels in arid climates. Such conditions ap-
pear to be rare and may not exist at all. Of course, the special
1000 ohm-cm limit applies in recognition of the benefit of dry
soil conditions and does not apply at installations where soil
is wetted by groundwater. In arid or nonarid regions, the
presence of groundwater seepage resulting from a ground-
water table that reaches up to the pipe burial depth neces-
sitates the use of Figure 1 for further guidance.

Figure 3 also shows a mild adverse effect of soil alkalinity
at pH values above 9.0 on aluminized behavior. This effect
is mild because high alkalinity adversely affects only the alu-
minum layer of the coating. The Fe and Al alloy (interme-
tallic) layer of the coating is not attacked by excessive alka-
linity, and the substrate performs better as pH increases. Data
above pH 9.0 are limited but suggest that a mild adverse effect
on total service life can be expected in the 9-10 soil pH range.
As the pH approaches 10, long-term performance of the sub-
strate and the Fe and Al alloy coating layer are expected to
be quite good, so the long-term effect of loss of the coating
aluminum layer will become insignificant in attaining 50-year
minimum life.

Figure 3 further shows a pronounced accelerating adverse
effect of acidity on performance below pH 4.8, and good long-
term service life over the 4.8—4.5 pH range is attainable only
at increasingly high resistivity. Although this is a bit conserva-
tive, it is nonetheless indicative of the trend of a pronounced
adverse effect of acidity that begins at some pH value near
the 4.5 level at which free acidity other than CO, is likely to
be introduced. The effect of acidity throughout the 4.0-4.8
pH range actually varies considerably, being minimal in well-
drained oxidizing soils and maximal in poorly drained reduc-
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ing soils (similar to the effect on galvanized steel). In water-
logged reducing soils, the effect of acidity is sometimes
controlled by water-soluble heavy metals, primarily iron, in
certain geographical areas. In such soils, pH values may drop
below 4.0. Armco studies on materials behavior in water-
logged soils are continuing, and behavioral characteristics will
be discussed in future reports.

CONCLUSIONS

1. The use of aluminized steel Type 2 to complement gal-
vanized steel by effectively addressing the more important
limitations in galvanized corrosion resistance substantially ex-
pands the limits of environmental chemistry over which cor-
rugated steel pipe can be used. However, the limits of cor-
rosion resistance capabilities of aluminized as well as galvanized
steel must be recognized. Recognizing these limits is readily
and easily accomplished by using new updated field-derived
application guidelines and by conducting simple groundwater
hardness and alkalinity tests in addition to the normal pH and
resistivity tests wherever groundwater is a factor.

2. Updated guidelines indicate 50-year minimum service
life for aluminized steel over water conditions ranging from
high resistivity and high free CO, to moderately low resistivity
and significant free CO,. Throughout this range, conditions
encompassed include those severe enough to limit galvanized
steel life to somewhat less than 20 years. This advantage for
aluminized steel persists down to resistivity values on the
order of 950 ohm-cm, but the degree of advantage diminishes
increasingly abruptly at lower values and becomes minimal
at a point somewhere over the 950-600 ohm-cm range. Thus,
use of aluminized steel effectively addresses water problems
existing over the high to moderately low resistivity range down
to at least 950 ohm-cm but does not effectively address prob-
lems resulting from very low resistivity. The use of aluminized
steel also effectively addresses problems associated with rain-
water surface runoff.

3. Updated soil guidelines retain the pH and resistivity basis
for evaluating soil corrosivity and retain the 1500 ohm-cm
minimum resistivity and 5-9 pH limits for aluminized steel
for the nation as a whole. However, in arid climates with 381
mm/year (15 in./year) or less annual precipitation and with
generally dry pipe inverts and soils, a general minimum re-
sistivity lower limit of 1000 ohm-cm over the 7.2-9.0 pH
range is now recognized. Exceptions to the arid-region soil
application guidelines exist at installations where the ground-
water table reaches the pipe burial depth. In arid or nonarid
regions, any groundwater seepage .at the pipe burial depth
necessitates the use of Figure 1 for further guidance.

4. Updated guidelines illustrate the effect of excessive soil
acidity and alkalinity somewhat more specifically than has
been done in the past. It is well known that pipe materials
are not expected to give good service life beyond certain
critical levels of acidity, and for aluminized steel this critical
level can be exceeded somewhere near pH 5.0-4.8. Severe
limitations in service life can occur at pH values below 4.5
where various types of free organic or inorganic acidity are

.likely to appear. Alkalinity at pH values above 9.0 has a rather

mild adverse effect on service life because, although strong
alkalinity attacks the aluminum layer of the aluminized steel




198

coating, it does not attack the Fe and Al alloy layer, and it
helps protect the steel substrate.
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