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Foreword 

This volume is composed of 21 papers that were presented in five different sessions sponsored by the 
TRB Structures Section at the 1995 TRB Annual Meeting. 

The Committee on Steel Bridges and the Committee on Concrete Bridges sponsored sessions at 
which the first four papers were presented. Barker uses load factor ratings to show significant reserve 
capacity of slab-on-steel girder bridges. Tabsh and Marchese investigate the span capability of typical 
composite beams designed with AASHTO' s conventional method and the alternative approach of 
the American Institute for Steel Construction. Expansion of inelastic design provisions to include 
noncompact steel bridge sections is discussed by Hartnagel et al., and results from the testing of two 
full-size long-span, high-strength prestressed concrete bridge girders are presented by Ahlborn et al. 

The next 13 papers were presented in two sessions sponsored by the Committee on Dynamics and 
Field Testing of Bridges. Roschke describes the testing of a posttensioned fiat slab bridge using a se
ries of actuators to simulate dynamic wheel loads. Saunders et al. investigate several retrofitting mea
sures for improving the seismic performance of existing bridge substructures, Uzgider et al. describe 
a damage detection procedure to identify rehabilitation required for bridges on the Turkish railway sys
tem, and Casas investigates the feasibility and accuracy of various models to predict dynamic behav
ior of various bridge types. The dynamic load factor under truck traffic of various load ranges and axle 
configurations is determined by Nassif and Nowak, who conclude that it needs to be considered on the 
basis of girders of maximum stress values. Cook et al. model the interface between friction piles and 
loessial soil for analysis when the structure being supported is subjected to seismic loading. Barker in
vestigates the impact of AASHTO guide specifications for evaluation of bridge strength on 73 bridges 
in Missouri. Deatherage et al. examine data collected during testing of an existing bridge near 
Knoxville, Tennessee, using controlled loads. Pentas et al. describe a comprehensive experimental in
vestigation conducted to obtain thermally induced movements of a bridge in Louisiana. Aktan et al. 
present nondestructive dynamic field testing and structural identification studies of three steel-stringer 
bridges. Fugler et al. perform a comprehensive statistical analysis of data from underwater inspection 
of bridges in Louisiana. Siros and Spyrakos utilize a three-dimensional model for nonlinear creep 
analysis of composite integral bridges. Hasan et al. conduct a field evaluation to assess the in-service 
performance in Indiana of bridge decks reinforced with epoxy-coated steel. 

The Committee on General Structures sponsored a session in which the final four papers were pre
sented. Thippeswamy and GangaRao analyze five in-service jointless bridges for primary live and dead 
loads and also for secondary loads caused by temperature, creep, shrinkage, settlement, and other 
forces. Fenske et al. present a computer-based bridge analysis procedure that incorporates nonprismatic 
member behavior. Wojakowski and Hossain cond~ct long-term monitoring of six bridge decks in 
Kansas that have interlayer membranes. Dober-Young and Tsiatas evaluate the results of monitoring a red 
oak stress-laminated timber bridge. 

vii 
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Load Rating and Ultimate 
Capacity Evaluation of Compact 
Steel Girder Bridges 

MICHAEL G. BARKER 

Slab-on-steel girder bridges are highly redundant structures and show 
significant redistribution capacity and a large reserve capacity in the 
inelastic range. To achieve consistent levels of safety over the bridge 
inventory, consideration should be given to the ultimate capacity of the 
system. First-hinge and inelastic limit rating methods for a single-span 
and a three-span composite bridge were examined. The rating methods 
were the AASHTO load factor rating maximum-strength operating 
level rating, the AASHTO Guide Specifications for the Strength Eval
uation of Existing Steel and Concrete Bridges rating, and the single
girder and the system shakedown limit ratings. Examination of limits 
beyond the first hinge yielded insight into the available reserve capac
ity. A comparison of the methods showed that even simple-span bridges 
have significant reserve capacity beyond the first hinge. The additional 
capacity was attributed to transverse redistribution of forces. However, 
the total reserve capacity was not uniform for all bridges. The three
span bridge example shows that, in addition to this transverse compo
nent, longitudinal redistribution of forces adds even more to the reserve 
capacity. The first-hinge rating methods do not reflect the relative 
ultimate load-carrying capacities of one-span and multispan bridges. 

Bridges in the United States must be inspected periodically for main
tenance reasons and to ensure bridge safety to the public. Along with 
the visual inspection, the load-carrying capacity (bridge rating) must 
be evaluated to determine the maximum truck loads allowed on the 
structure. The specific outcome of a bridge rating is the rating factor 
(RF), which is the ratio of the calculated live load capacity of the 
bridge to the rating vehicle live load effects (1). Typically, standard 
AASHTO rating vehicles, or state specific vehicles, are used to 
approximate the live load effects. The RF multiplied by the rating 
truck weight is the rating load. If RF is greater than unity, the bridge 
is deemed adequate for the rating vehicle weight. If RF falls below 
one, the bridge is considered under capacity for that rating truck 
load, and the bridge needs to be posted for restrictive loading or 
speed, or both, or some other action must be implemented. 

Currently there are three AASHTO methods for rating beam and 
girder bridges: the allowable stress rating (ASR) (1), the load fac
tor rating (LFR), (1) and the Guide Specifications for the Strength 
Evaluation of Existing Steel and Concrete Bridges (2) (to be abbre
viated herein as STRENGTH). For ASR, the nominal live loads on 
the structure and all other nominal loads shall not produce stresses 
in the member that exceed allowable stresses. For LFR, the criteria 
are that factored live loads and factored other loads must not exceed 
the nominal strength of the member. The STRENGTH method is a 
load and resistance factor method using variable site-specific fac
tors. Factored live loads and factored other loads must not exceed 
the factored member capacity. 

Department of Civil Engineering, E2509 EBE, University of Missouri
Columbia, Columbia, Mo. 65211. 

All three of the above rating methods use the AASHTO Manual 
for Maintenance Inspection of Bridges (2) as a guide for bridge 
inspection. The ASR and LFR methods are also contained in the 
manual. Although not used in this paper there is also the newly 
approved AASHTO Manual for Condition Evaluation of Bridges 
(3). The STRENGTH method is similar to the LFR method. How
ever, the load, resistance, and impact factors are variable and 
depend on site-specific characteristics. The nominal capacity is the 
same as the LFR maximum-strength capacity, and both methods use 
the same level of structural usefulness (i.e., single flexural hinge). 

The STRENGTH method is a product of NCHRP reports by 
Imbsen et al. and Moses and Verma, (4,5). The researchers' goal 
was to produce "a flexible comprehensive approach to bridge eval
uation which best utilizes the economic resources available and yet 
maintains consistent and definable criteria for bridge safety." To 
achieve this, a reliability framework was adopted that allowed a 
range of load and resistance factors (partial load factors), depend
ing on site-specific bridge characteristics and the level of effort in 
the rating process. The result is a rating method that approaches a 
uniform level of safety for the first hinge limit state for steel bridges. 

Slab-on-steel multigirder bridges are highly redundant structures 
and show significant redistribution capacity and a large reserve 
capacity in the inelastic range. To properly evaluate the ultimate 
safety of a bridge, this reserve capacity should be considered. 
Barker and Galambos (6) present a method to examine the ultimate 
load-carrying capacity of bridges on the basis of the inelastic sys
tem limit states. The ultimate limit is the maximum shakedown 
(incremental collapse) limit of the multigirder system. Galambos 
et al. (7) concluded in an NCHRP report that the shakedown limit 
of the system, coupled with the load and resistance factors devel
oped for the STRENGTH method, is a rational and consistent 
method to rate existing bridges for the ultimate safety. 

The shakedown limit state of a statically indeterminate structure 
subjected to variable repeated loads is that extreme load set that will 
just prevent incremental collapse ( 8). Consider a moving load, or a 
set of moving loads, that exceed the elastic limit load but are less 
than the plastic collapse load. As these loads cross an indeterminate 
structure, increments of inelastic rotatioffoccur at sections along the 
structure. If the loads are less than or equal to the shakedown limit 
load (incremental collapse load), on further loadings the incremen
tal increase in rotations and deflections decrease in magnitude and 
eventually vanish. After the permanent deformations stabilize, all 
future loadings not exceeding the shakedown limit load are resisted 
in an elastic manner without producing further damage 

The shakedown limit state of the bridge system shows significant 
additional capacity over the single-girder first-hinge methods. This 
reserve capacity is from (a) more realistic elastic distribution of 
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forces, (b) bridge system redistribution of forces in the longitudinal 
and transverse directions, and (c) implementation of inelastic sys
tem limit states. However, as expected, this additional capacity is 
not uniform for all bridges. Therefore, even though the single-girder 
first-hinge methods may yield the same rating factor for. two partic
ular bridges, the ultimate system capacity of the bridges may be 
very different. Although both bridges may meet or exceed intended 
safety requirements, this leads to inconsistency in the ultimate 
safety of the structures. 

OBJECTIVES 

To achieve consistent levels of safety over the bridge inventory, 
consideration should be given to the ultimate capacity of the system 
or, stated relative to current rating methods, consideration must be 
given to the reserve capacity beyond the first hinge limit. This paper 
examines rating methods for two existing bridges comprising com
pact sections: a single-span composite bridge and a three-span com
posite bridge. The rating methods are the LFR maximum-strength 
operating level rating, the STRENGTH rating, and the single-girder 
and the system shakedown limit ratings using STRENGTH method 
load and resistance factors. The specific objectives are to 

1. Compare LFR and STRENGTH single-girder first-hinge 
ratings to single-girder shakedown limit state ratings. These com
parisons will illustrate the reserve capacity available in the longitu
dinal direction, 

2. Compare LFR and STRENGTH single-girder first-hinge rat
ings to system shakedown limit state ratings. These comparisons 
will illustrate the system reserve capacity available in the longitu
dinal and transverse directions, and 

3. Examine the relative reserve capacities between the single
span bridge and the three-span bridge. This will illustrate the in
consistency inherent in the current single-girder first-hinge rating 
methods when considering ultimate load capacities. 

LFR AND STRENGTH RATING PROCEDURES 

For the LFR maximum-strength operating level and the 
STRENGTH method, the general load capacity rating equation is 

(1) 

or, solving for the rating factor, 

(2) 
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where 

RF = rating factor (RF;;::::: 1 is sufficient capacity), 
fD = dead load factor, 
fl = live load factor, 
<I> = resistance factor, 

Mn = nominal resistance, 
Dn =nominal dead load, 
Ln = nominal live load from the rating vehicle, 

DF = lateral distribution factor, and 
I = impact factor. 

Table 1 shows the respective factors .for the LFR and STRENGTH 
rating equations. For the STRENGTH ratings, the factors are 
selected from site-specific load and resistance characteristics (2). 
Because both the LFR and STRENGTH methods are first hinge 
limits, the RF is determined by the critical first hinge section. 

SHAKEDOWN PROCEDURES 

As a moving load that exceeds the elastic limit but is less than the 
plastic-collapse limit crosses a statically indeterminate structure, 
increments of inelastic rotation occur at various sections in the struc
ture. If this load is less than the incremental collapse load, the incre
mental inelastic rotations during each load pass decrease in magni
tude and eventually vanish. After the incremental inelastic rotations 
vanish, all future loadings are resisted in an elastic manner. 

In a statically indeterminate structure, inelastic behavior is char
acterized by internal residual moments that remain after removal of 
the load (similar to a support settlement). Thus, after loading and 
unloading, the structure contains internal forces and moments that 
are self-equilibrating. For this structure to resist the subsequent.load 
elastically, the applied elastic dead and live load moments plus the 
internal residual moment must remain in the elastic range at each 
section. Using the assumption of an ideal elastic-plastic moment
curvature relationship (to represent work-hardening of the compact 
section) and including the rating factor, this criterion can be written: 

(RF)Mt +MD+ m, =Mt for positive moment, and 

(RF)Mi. + MD + m, = Mi for negative moment 

everywhere in the structure, where 

RF = rating factor, 
Mt·- =positive and negative live load moments, 

MD= dead load moment, 
m, = residual moment, and 

Mt·- =positive and negative moment capacity. 

(3a) 

(3b) 

TABLE 1 Load and Resistance Factors for Rating Methods 

RATING Resistance Factor Dead Load Factor Live Load Factor Impact Factor 
ME1HOD Cl> ro rL I 

50/(L+ 125)~0.3 
LFR Operating 1.00 1.30 1.30 based on span 

len2th (ft) 
0.90 1.20 1.30 

STRENGTH slight .with20% low truck volume 0.10 
and deterioration with additional depth and effective smooth riding 

Shakedown Limit vigorous on the overlay weight surface 
maintenance thickness enforcement 
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At the maximum shakedown limit, the left and right sides of Equa
tion 3 are equal for the critical moment direction at the critical sec
tions. Shakedown is a limit state controlled by variable repeated 
loads or moving loads; thus, shakedown is a major concern for 
bridges. 

Shakedown Limit for Single-Girder Analyses 

For the single-girder shakedown limit analyses, the lateral distribu
tion factor is used to estimate the loads applied to the girder and the 
shakedown analysis assumes only longitudinal redistribution of 
forces and no lateral or transverse system interaction. 

The shakedown limit upper-bound mechanism ( 6) method can 
be employed to find the shakedown limit state rating factor. The 
equation is based on virtual work of moments working through a 
mechanism motion. Using Figure 1, the mechanism equation can be 
written: 

(RF)[Mle 1 + MW + Ml03J + [M be 1 + MJ;e2 + MWJ 
= [MW + MJ,e 2 +MW] (4) 

or, solving for the rating factor, 

where the mechanism rotations e are shown in Figure 1. The 
controlling shakedown rating factor is the minimum calculated 
from assumed kinematically admissible incremental mechanisms. 

The STRENGTH method load, resistance, and impact factors are 
used in this paper for the shakedown limit analyses. Substituting in 
the STRENGTH method factors, the governing rating factor equa
tion becomes 

<l>[M~0 1 + M;e2 + M~03] - fn[D~0 1 + me2 + D,;03
] 

RF = fdL~0 1 + L~02 + LW](DF)(l + I) (6) 

Shakedown Limit for System Analyses 

Determining the shakedown limit of a single isolated girder entails 
finding the moment envelopes and solving Equation 6. In a bridge 
system, however, the longitudinal girders are no longer isolated and 
the interaction of the girders, slab, and transverse diaphragms make 

Mol, ML 1, Mpl Single Girder 

l:Mo 1, !ML 1, l:Mpl Bridge System 

01 Mechanism Rotation 

3 

up a complicated load-resisting system. The bridge system shake
down limit state model is derived from the shakedown require
ments, the bridge system elastic behavior, and global equilibrium 
equations (5). To develop the method, the bridge is assumed to have 
a global incremental collapse mechanism similar to that shown in 
Figure 1. For two-lane bridges unqer typical truck loading, Grundy 
(9) shows that a global mechanism controls for the collapse limit 
state. Only in a wide multilane bridge would one expect a local col
lapse mechanism. 

The system shakedown limit equation involves condensing the 
system's elastic response and resistance into a global kinematic 
incremental collapse mechanism. Across a critical global bridge 
section, each girder must reach the Equation 3 shakedown condi
tion. Summing the individual requirements across the transverse 
section: 

For positive moment: 

(RF) I Mt + I Mt + Im,= I Mt (7a) 
i i 

For negative moment: 

(RF) IML- + IM[J + Im,= IM-;; (7b) 
i i 

where~ is the summing of the various moment quantities across the 
transverse section of the bridge. 

In Equation 7, the individual girder residual moment fields, m" 
adjust to attain individual girder shakedown, but they are not nec
essarily in equilibrium in the individual girder sense. Transverse 
residual forces change the single-girder equilibrium requirements to 
meet system equilibrium. However, the system residual moment 
field, ~m" must still be in equilibrium with no applied loads. 

The shakedown limit upper-bound mechanism method can again 
be employed to find the shakedown limit state rating factor of the 
entire bridge system. Using Figure 1, the mechanism equation can 
be written as follows: 

(RF)I[Mle 1 + M[e2 + M[03J + I[Mb01 + MJe2 + MJ03J 
i 

=I [MJ,e 1 + MJe2 + MWJ (8) 

or, solving for the rating factor and substituting in the STRENGTH 
method factors as was done for Equation 6: 

<I> I[M~01 + M;02 + M~03] - r vI[D~0 1 + D;,02 + DW] 
i RF=--'--------------------

rLI[L!,01 + L~02 + ~03](1 +I) 
i 

M0 3, ML 3, Mp3 Single Girder 

tM0 3, l:ML 3, l:Mp3 Bridge System 

93 Mechanism Rotation 

(9) 

~ 
92 Mechanism Rotation 

M0 2, ML 2, Mp2 Single Girder 

l:Mo2. l:ML 2, l:Mp2 Bridge System 

FIGURE 1 Single-girder and system shakedown mechanism. 
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where the global mechanism rotations, 0, are illustrated in Figure 1. 
Because the system analysis calculates the elastic live load moment 
in each girder, the equation no longer contains the lateral distribu
tion factor. Equation 9 illustrates that the system shakedown limit 
state can be reduced to an equivalent single-girder analysis where the 
equivalent elastic moment envelope is the summation of all the indi
vidual girder elastic envelopes across the bridge section. Likewise, 
the equivalent dead load and resistance moments are the respective 
sums of the individual moments across the section. The controlling 
shakedown rating factor is the minimum calculated from assumed 
global kinematically admissible incremental mechanisms. 

BRIDGE RA TING EXAMPLES 

Following are LFR maximum-strength operating, STRENGTH, sin
gle-girder shakedown limit, and system shakedown limit ratings for 
two example bridges (10). The first is a single-span composite bridge 
with a 13.4-m (44-ft) span, five girders spaced at 2.24.m (7.33 ft), 
and a 160-mm (6.25-in.) structural concrete deck with a 28-day com
pressive strength of 27 .6 MPa ( 4,000 psi). The interior girders are 
W24 X 84 and the exterior girders are W24 X 76, both of 248-MPa 
(36-ksi) material. The second is a three-span continuous composite 
bridge with spans of 12.5, 16.2, and 12.5 m (41, 53, and 41 ft), five 
girders spaced at 2.24 m (7.33 ft), and a 171-mm (6.75-in.) structural 
concrete deck with a 28-day compressive stre~gth of 27.6 MPa 
( 4,000 psi). All the girders are W24 X 68 made of 248 MPa (36 ksi) 
material. The reinforcing steel over the interior pier supports is 
assumed to act compositely with the steel sections for both bridges. 
The bridges were selected to be similar in construction except for the 
longitudinal redundancy (three-span versus simple-span). Because 
the objective of this paper is to compare relative capacity ratings, for 
brevity, detailed specifics are not presented. 

The AASHTO Type 3 rating vehicle is used because it yields the 
lowest rating factors for both bridges. For the STRENGTH method 
and the shakedown limit procedures, the factors are assumed as 
follows (Table 1 ): <I> = 0.90, fv = 1.2 with an increase of 20 percent 
on the overlay thickness, fL = 1.3, and I = 0.10. The AASHTO SID 
lateral distribution factors are used for all the single-girder analyses. 

A grillage analysis routine developed specifically to analyze 
bridge systems for first hinge and shakedown limit states (11) is 
used for the single-girder and system dead load and live load force 
effect analyses. A post processor uses the results of the analysis to 
apply the rating equations (Equations 2, 6, and 9). The grillage pro
gram discretizes each span into tenth points and assumes admissi
ble mechanism-positive rotations at each tenth point of each span. 

Single-Span Bridge Example 

The simple-span bridge has an LFR impact factor of 0.296, a lateral 
distribution factor of 1.257 (exterior girder controls for single
girder analyses), and a uniform dead load of 12.3 kN/m 
(0.84 kips/ft) of which 1.0 kN/m (0.07 kips/ft) is attributed to the 
wearing surface. Therefore, for the ratings using the STRENGTH 
factors, the nominal dead load moments are multiplied by a factor 
of (11.3 + 1.2 * 1)/12.3 = 1.02 to adjust for the 20 percent surface 
thickness increase. 

Figure 2 illustrates the nominal dead and live load moments for 
the span. The single-girder LFR operating rating and STRENGTH 
rating from Equation 2 and Table 1 are: 
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RF= 1605 - 1.3(275) 
1.30(268)1.257(1 + 0.296) 

= 2.20 (LFR operating rating), and 

RF = _0_.9_0(_1_60_5_) _-_l_.2_(_1._02_*_2_7_5_) 
1.30(268)1.257(1 + 0.10) 

= 2.30 (STRENGTH Rating) 

The STRENGTH rating is 4.6 percent higher than the LFR 
operating rating. This is expected because the STRENGTH factors 
represent a bridge that has good load and resistance characteristics. 
Barker et al. (JO) compare the LFR and STRENGTH method on a 
data base of existing bridges elsewhere, and the results are not 
repeated here. Both methods are included here for reference 
purposes. 

The single-girder shakedown limit is identical to a first hinge 
limit because there is no redundancy in the girder. This can be 
shown by Equation 5: 

RF = _0._90_[_0_+_1_6_05_(_20_) _+_0_]_-_1_.2_(_1._02_)[_0_+_2_7_5_(2_0)_+_0] 
1.3[0 + 268(20) + 0](1.257)(1 + 0.10) 

= 2.30 (single-girder shakedown rating) 

As can be seen, a free hinge has no moment resistance or applied 
moment and, therefore, does not resist load or cause work in the 
equation. Because a simple-span isolated girder is not redundant, 
the first hinge is a failure and, thus, the rating is identical to the 
STRENGTH rating. 

A simple-span bridge system, however, is redundant. A single 
hinge in one girder does not cause failure because the system has 
the capacity to redistribute forces in the transverse direction. Using 
the equivalent girder global moment summations in Figure 2 and 
Equation 9, the shakedown limit capacity of the system is 

RF = _0._90_[_0_+_8_5_22_(2_0_) _+_0_] _-_l_.2_(_1.0_2_)[_0_+_13_2_6(_20_)_+_0_] 
1.3[0 + 1491(20) + 0](1 + 0.10) 

= 2.84 (system shakedown rating) 

The one-span bridge system contains redundancy in the trans
verse direction. As shown by the system shakedown rating factor, 
the system has additional capacity beyond the first hinge. 

Three-Span Bridge Example 

The three-span bridge has LFR impact factors of 0.30 in the outer 
two spans, 0.29 over the interior pier supports, and 0.28 in the center 
span. The lateral distribution factor is 1.333 (interior girder controls 
for single-girder analyses) and a uniform dead load of 14 kN/m 
(0.96 kips/ft) of which 1.2 kN/m (0.08 kips/ft) is attributed to the 
wearing surface. Therefore, for the ratings using the STRENGTH 
factors, the nominal dead load moments are multiplied by a factor 
of (12.8 + 1.2 * 1.2)/14 = 1.02 to adjust for the 20 percent wear
ing surface thickness increase. 

Figure 3 illustrates the nominal dead and live load moments for 
the span. The controlling first hinge location for the LFR operating 
rating and the STRENGTH rating is at the centerline of the center 
span. From Equation 2 and Table 1, the ratings are as follows: 
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FIGURE2 Simple-span nominal moments and incremental collapse mechanism. 

RF= 1483 - 1.3(187) 

1.30(221)1.333(1 + 0.28) 

= 2.53 (LFR operating rating), and 

RF = _0_.9_0_(1_48_3_) _-_1_.2_(_1._02_*_18_7_) 

1.30(221)1.333(1 + 0.10) 

= 2.63 (STRENGTH Rating) 

Again the STRENGTH rating is slightly higher ( 4 percent) than the 
LFR operating rating. 

Unlike a simple-span bridge, a three-span single-girder bridge 
has redundancy in the longitudinal direction and, therefore, has 
reserve capacity beyond the first hinge. For this example, the criti
cal incremental collapse mechanism is in the center span as shown 
in Figure 3. According to Equation 5, the single-girder shakedown 
limit rating is 

RF= {0.90(14660 + 1483(20) + 14660] - 1.2(1.02)(2700 + 
187(20) + 2700]}/{1.3[1290 +.221(20) + 1290](1.333) 

X (1 + 0.10)} = 3.14 (single-girder shakedown rating) 

For the redundant center span, all three hinges in the mechanism 
do work. The single-girder shakedown limit is considerably higher 
(19.4 percent) than the STRENGTH method first hinge rating. 
However, the structure still has the capacity to redistribute forces in 
the transverse direction. According to Equation 9 and the same crit-

ical global incremental collapse mechanism shown in Figure 3, the 
system shakedown limit is 

RF= {0.90(74460 + 7416(20) + 74460]- l.2(1.02) [12530 + 
929(20) + 13530]}/{ l.3[7540 + 1273(20) + 7540] 
X (1 + 0.10)} = 3.65 (system shakedown rating) 

The three-span bridge system is a highly redundant system and, as 
shown by the system shakedown rating factor, it has a large 
reserve capacity over the first hinge. 

COMPARISON OF RATING METHODS 

Table 2 shows the ratings for the different methods. For both 
bridges, the STRENGTH ratings exceed the LFR operating ratings 
by a few percent. For the STRENGTH factors chosen, this is typi
cal. If the bridges showed significant deterioration or higher truck 
volume, the results would be reversed (J 0). 

Because the shakedown rating analyses use the STRENGTH 
method load and resistance factors, only comparisons between these 
methods are presented. The one-span single-girder shakedown 
rating is the same as the STRENGTH first-hinge rating. The simple
s pan bridge has no redundancy to redistribute forces longitudinally 
after this hinging. However, the three-span single-girder bridge has 
longitudinal redundancy at the negative pier regions. This redistri
bution capacity results in a load capacity increase of 19.4 percent 
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FIGURE 3 Three-span nominal moments and incremental collapse mechanism. 

over the STRENGTH rating. Therefore, for single-girder analyses, 
although there is no additional capacity over the first hinge for 
simple-span bridges, there is significant reserve capacity for multi
span bridges. 

The system shakedown limit considers both longitudinal and 
transverse redundancy in the structure. The results are as follows: 
the single-span system shakedown rating is 23.5 percent larger than 
the first-hinge STRENGTH rating and the three-span system shake
down rating is 38.8 percentlarger than the first-hinge STRENGTH 

TABLE 2 Summary of Ratings 

Rating Method 

LFR Operating Rating 

STRENG1H Rating 

Single-Girder Shakedown 
Rating 
System Shakedown Rating 

Single Girder Shakedown . 
% Increase Over STRENGTH 
System Shakedown 
% Increase Over STRENGTH 
System Shakedown % Increase 
Over Single-Girder Shakedown 

rating. The STRENGTH method infers consistent safety for both 
bridges for a first hinge limit. However, Table 2 shows that the 
safety is no longer consistent when examining the ultimate shake
down limit rating. 

Both bridges show a significant load capacity increase caused by 
transverse redundancy: 23.5 percent for the simple-span bridge and 
16.2 percent for the three-span bridge as illustrated by the percent 
increase of the system shakedown rating over the single-girder 
shakedown rating. This value represents the reserve capacity inher-

One-Span Three-Span 
Bridge Example Bridge Example 

2.20 2.53 

2.30 2.63 

2.30 3.14 

2.84 3.65 

0% 19.4% 

23.5% 38.8% 

23.5% 16.2% 
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ent in any multigirder structure. Therefore, if this reserve capacity 
is similar for all multigirder bridges, it does not reflect inconsistency 
in the ultimate safety between the bridges. 

The ultimate safety difference stems from the longitudinal redis
tribution characteristics. This is directly illustrated by the single
girder shakedown rating increase over the STRENGTH ratings. The 
three-span girder shows 19 .4 percent additional strength and the 
one-span girder has no additional strength. 

SUMMARY AND CONCLUSIONS 

Multigirder steel bridges are highly redundant structures and show 
a large reserve capacity in the inelastic range over the capacity cal
culated from first hinge limit methods. To achieve consistent levels 
of safety over the bridge inventory, consideration should be given 
to the ultimate capacity of the system. This paper examines rating 
methods for a single-span and a three-span bridge. The rating meth
ods are the LFR maximum strength operating level rating, the 
STRENGTH rating, and the single-girder and the system shake
down limit ratings. The following are conclusions from this work. 

1. The three-span single-girder shakedown rating is 19.4 percent 
higher than the first-hinge STRENGTH method rating. This is 
because of longitudinal redundancy. There is no increase for the 
one-span single-girder ratings because the girder is not redundant. 
The current LFR and STRENGTH methods do account for some 
longitudinal redistribution by allowing a 10 percent redistribution 
of negative pier mom~nts for bridges comprising compact sections. 
However, this adjustment is arbitrary and does not apply to this 
three-span bridge because the positive moment region is critical for 
the first hinge rating. 

2. The system shakedown ratings were significantly higher than 
the STRENGTH first h~nge ratings. The additional capacity can be 
divided between longitudinal and lateral redundancy. The lateral 
redundancy shows a somewhat uniform increase for the two bridges 
and is not responsible for the higher overall increase for the three
span bridge. This larger increase is a result of longitudinal redistri
bution as discussed earlier. However, it is important to note that 
even the simple-span bridge shows a 23.5 percent reserve capacity 
over that of the first-hinge rating. 

3. The important rating comparison for examining the consis
tency of rating methods is the additional load capacity caused by the 
longitudinal redistribution. This is because the transverse redistrib
ution is nearly uniform for the two bridges, thus making this 
contribution irrelevant for comparing reserve capacities at ultimate 
limits. However, the increase as a result of longitudinal redundancy 
is pronounced with the three-span bridge and nonexistent for the 
one-span bridge. This illustrates inconsistency in ultimate capacity 
when using single-hinge limit rating methods. 
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FUTURE WORK 

To consider the ultimate load capacity of bridges in a rating proce
dure, either inelastic limit state procedures must be standardized or 
a longitudinal redundancy adjustment must be incorporated. In 
addition, this paper presents results for bridges comprising compact 
sections. To encompass all types of bridges, the redistribution char
acteristics for bridges comprising noncompact sections need to be 
investigated. To study these topics, a current research project (12) 
is testing three large-scale composite bridge girders: 1 three-span 
girder with compact sections and 2 two-span girders with noncom
pact sections. One major objective of this work is to develop com
prehensive inelastic design and rating procedures for steel-girder 
bridges. In addition, this work assumes a global incremental col
lapse mechanism. Transverse contributions in a local mechanism 
may occur in wider bridges. 
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Span Capability of Noncompact 
Composite Steel Bridge Beams 

SAMI W. TABSH AND DAVID MARCHESE 

Typical composite beams made from rolled sections that do not satisfy 
the ductility requirement of AASHTO, as presented by Equation 
10-128a of the specifications, are investigated for span capability. The 
analysis considers various sized rolled sections and three beam 
spacings. The sections are designed in accordance with AASHTO's 
conventional method and American Institute for Steel Construction, 
(AISC's) alternative approach. The conventional method is based on 
limiting the flexural capacity of such sections to the moment at the onset 
of yielding. AISC' s alternative approach, on the other hand, is based on 
partial plastic stress distribution across the section and has been adopted 
by AASHTO in its 1994 interim. A parametric study was carried out to 
investigate the effects of live load intensity, material strengths, and 
cross-section dimensions on the span capability. The study indicates 
that AISC's alternative approach can extend the span length of rolled 
steel beams by about 15 percent over beam designs that are based on 
AASHTO's conventional method. 

In general, steel bridges designed according to AASHTO's load 
factor design method (1) are proportioned for several conditions. 
They are required to satisfy the maximum design load, overloading 
condition, and service load. Designing for the maximum load 
ensures that a bridge is capable of supporting extremely heavy traf
fic in a rare emergency situation while undergoing some permanent 
deformations. The maximum design load is based on multiples of 
the service loads with an additional coefficient for the live load 
component, including_ impact. The ultimate capacity of a girder in 
flexure, <PMm should be at least equal to the factored load effect, Mu: 

(1) 

where <P = 1.0 and M,. is defined by AASHTO Group I loading as 

Mu = 1.3 [Moll + MoL2 + (5/3) ML+r] (2) 

where 

Mou = dead load moment on noncomposite steel section, 
M 0 L2 = superimposed dead load moment on composite section, 

and 
ML+r = live load and impact moment. 

The overload case is needed for control of permanent deforma
tions in a bridge member caused by occasional passing of overly 
heavy vehicles weighing 167 percent more than the design live load 
and impact. Maximum stress associated with dead load and live 
load flexural effects in the steel section for this case is limited to 95 
percent of the yield stress, Fy, that is, 

S. W. Tabsh, Department of Civil and Environmental Engineering, Univer
sity of Houston, Houston, Tex. 77204-4791. D. Marchese, Modjeski and 
Masters, Inc., P.O. Box 2345, Harrisburg, Pa. 17105. · 

foll + foL2 + (5/3)fL+T ~ 0.95 Fy 

where 

foll = stress caused by dead load on noncomposite steel 
section, 

(3) 

foL2 = stress caused by superimposed dead load on composite 
section, 

fL+r = stress caused by live load plus impact on composite 
section. 

Other design requirements include checking live load deflection 
and fatigue life of structural members at service load conditions. 
Shear load rarely governs for composite sections made up of rolled 
steel beams and concrete decks because the selection of the steel 
section is often dictated by flexure. Such a selection usually results 
in a large area of web. 

Recently, Tabsh (2) showed that composite steel bridge girders 
that do not pass the ductility requirement of AASHTO, as presented 
by Equation 10-128a of the specifications, possess more ductility 
than many reinforced concrete sections with reinforcement that sat
isfies the code. In this study, typical composite steel girders in flex
ure are analyzed for span capability. The sections are designed fol
lowing both current AASHTO's ·conventional method and 
American Institute for Steel Construction's (AISC's) alternative 
approach. The alternative approach was published in a 1992 
newsletter by AISC (3). The newsletter.proposes a method for com
puting the ultimate strength of composite sections in positive bend
ingthat does not satisfy the ductility requirement of AASHTO. The 
approach is based on limiting the concrete compressive strain at the 
top of the deck to 0.002 instead of 0.003. The lower limit on the top 
strain ensures that the steel section starts yielding before concrete 
crushes. The 0.002 strain level at the top of the concrete slab satis
fies the current requirement, which is based indirectly on a factor of 
safety on the order of_ 1.625. ·AISC's approach has been adopted 
recently by AASHTO in its 1994 interim (1). 

AASHTO'S DESIGN PROCEDURE 

The ultimate strength of compact composite steel beams designed 
by AASHTO is based on the fully plastic stress distribution shown 
in Figure 1. Composite beams in positive bending qualify as 
compact when their steel section meets two requirements. First, the 
distance from the compression flange to the neutral axis in plastic 
bending, Dcp• should satisfy the following inequality: 

(4) 
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FIGURE 1 Stress distribution for compact composite beams. 

where tw is the web thickness and Fy is in megapascals The second 
requirement limits the compression depth from the top of the con
crete slab in plastic bending, DP, to the following value: 

d +ts+ th 
DP:=::; 7.5 (5) 

where 

d =,depth of steel section (cm), 
ts = thickness of concrete slab (cm), and 
th = thickness of the concrete haunch (cm). 

For constructibility purposes, AASHTO limits the ratio of the 
projecting top compression flange width, b', to its thickness, t, not 
to exceed the value determined by the following formula: 

b' 2200 

Yl.3 Uou)rf (6) 

where Uou)rf is the top flange compressive stress (in megapascals 
caused by noncomposite dead load. The limitation imposed on the 
flange in Equation 6 should be satisfied by both compact and non
compact composite beams. 

When the steel section does not satisfy the compactness require
ments of Equations 4 and 5, AASHTO requires that the maximum 
strength of the section to be taken be equal to the moment capacity 
at first yield, My. For this case it is more convenient to work with 
stresses instead of moments; thus, the total stress should satisfy the 
following: 

d 
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1.3 ifou + fon + (5/3) fL+l] :S F_v (7) 

wherefoL1.foL2, andfL+I were defined earlier. 

AISC'S ALTERNATIVE APPROACH 

The basis behind AASHTO's Equation 10-128a, as presented in 
Equation 5, is to ensure a ductile mode of failure. Therefore, to pre
vent a potential crushing of the concrete deck before significant 
strains are developed in the steel section, the maximum allowable 
strain at the top of the deck, Eco is set equal to 0.003/F, where Fis a 
factor of safety greater than 1.0. With Ee equal to this value, the 
strain at the bottom of the steel section, E,, is set equal to 0.012, 
which is about ten times the yield strain for AASHTO M270 Grade 
36 steel, as shown in Figure 2. From similar triangles, the follow
ing expression for the compression depth, DP, can be obtained: 

DP= 0.012 + (0.003/F) (0.003IF) (8) 

which becomes the same as Equation 5 if F = 1.625. 
As mentioned earlier, an alternative approach to replace 

AASHTO's ductility requirement has been recently proposed by 
AISC (3) and is now adopted by AASHTO in its 1994 interim. This 
approach is based on compatibility of strains and equilibrium of 
forces. The maximum strength of the composite section is evaluated 
using a cross section with an assumed strain distribution consistent 
with the current requirement. AISC suggests that Ee be equal to 
0.003 divided by the factor F (equal to 1.625), thus resulting in Ee 

approximately equal to 0.002. The maximum capacity of the com
posite girder is then computed by taking the first moment of all ten
sile and compressive forces on the cross section about the neutral 
axis. The location of the neutral axis involves an iterative procedure. 
Whitney's concrete block model cannot be used here because Ee is 
not equal to 0.003. Therefore, Hognestad's parabola (4) can be used 
to model the stress-strain curve for Ee =s E

0 
as given by 

(9) 

where E0 is the value of the concrete strain at the maximum com
pressive stress, usually taken equal to 0.002. 

N~3:--
Axis 

W-secrion 

I~ •I 
. Es=0.012 

Girder Section Strain Diagram 

FIGURE 2 Derivation of AASHTO's ductility requirement,. 
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The average height of the concrete stress block (normalized with 
respect to f ~ ), ki. can be computed from the following: 

k = (Average Stress) = J_ [__!_ Jee + d ] 
I j' j' E Jc Ee 

c c c 0 

(10) 

which, when combined with Equation 9, reduces to 

1 
k1 =a - -a2 

3 
(11) 

where a is equal to the ratio eje0 • Further, the location of the cen
troid of the concrete stress block from the top (normalized with 
respect to the compression depth), k2, can be obtained from 

which, after integration, takes the following form: 

4-a 
k2 = 12 - 4 a 

(12) 

(13) 

in which a is equal to 1.0 because Ee = e0 = 0.002. Substitution of 
a = 1.0.in Equations 11 and 13 results in k1 and k2 equal to 2/3 and 
3/8, respectively. Graphical definition of k 1 and k2 is shown in. 
Figure 3. 

DUCTILITY CONSIDERATIONS 

Structural design specifications usually impose some limitations on 
the design variables .to ensure a ductile mode of failure in flexure. 
For example, AASHTO requires the compression depth of the neu
tral axis in plastic bending of compact sections, DP, not to exceed 
the value presented in Equation 5. Otherwise, the section is labeled 
noncompact, and the capacity is reduced accordingly. 

Moment-curvature (M-cf>) relationships can be used to investigate 
the ductility of sections in flexure. The shape of the (M-cf>) curve 

b 
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depends on the section dimensions, material strength and distribu
tion, and the presence of axial loads. In general, ductility measures 
are usually derived on the basis of the ratio of the maximum defor
mation to the deformation at the onset of yielding. Ductility can be 
assessed in terms of the curvature, cf>, as follows: 

cf> max 
'Ylcur = T, 

where 

'Ylcur = curvature ductility ratio, 
cf>max = curvature at ultimate, and 

<t>Y = curvature at yield. 

(14) 

The curvature at ultimate is normally obtained at a point that corre
sponds to a maximum concrete strain in compression equal to 
0.003. The use of 'Ylcur to measure the ductility has an advantage 
because it is a function of the cross-sectional geometric and strength 
properties only. 

Several composite steel girders are considered in the ductility 
analysis. The composite sections are composed of a concrete slab 
either 1.83 m (72 in.) wide by 20.3 cm (8 in.) thick or 2.74 m (108 
in.) wide by 22.9 cm (9 in.) thick; a 2.54-cm (1-in.) concrete 
haunch; and a rolled steel beam. Nominal concrete compressive 
strength of 27 .5 MPa ( 4,000 psi) and AASHTO M270 Grade 36 
steel are specified for the deck and rolled beams, respectively. For 
simplicity, the reinforcement in the concrete deck is neglected in the 
analysis. Investigation of all composite steel beams in plastic bend
ing indicated that 13 out of the 16 beams do not satisfy the ductility 
requirement and are thus considered noncompact according to 
AASHTO. 

Curvature ductility ratios are evaluated for all the composite steel 
sections. Typical results of the generated (M-cf>) curves for three 
composite beams are shown in Figure 4. A summary of the curva
ture ductility ratios for all beams is presented in Table 1. 

SPAN CAPABILITY OF ROLLED BEAMS 

Simply supported composite steel girders are designed following 
both conventional AASHTO and AISC's alternative approach. Five 

ki'p 

--~ __ [? ~ C=~1f ,!Jpb 

Concrete Stress 
Distribution 

... ....__ W-Section 

Girder Section 

FIGURE 3 Definition of k1 and k 2 for Hognestad's concrete stress model. 
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FIGURE 4 Moment-curvature curves for composite 
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steel sections of varying sizes are considered: W36 X 300, W36 x 
260, W36 X 230, W36 X 182, and W36 X 150. The span capabil
ity of the composite sections is determined on the basis of an HS-
20 loading and taking into account different beam spacings. For uni
formity of the analysis, all bridges are assumed to be 12.8 m ( 42 ft) 
wide. Table 2 shows the number of girders, girder spacing, and slab 
thickness for each bridge layout. Each bridge is considered to have 
two normal-size parapets weighing 7.36 kN/m (505 lb/ft) each; an 
integral wearing surface 1.27 cm (0.5 in.) thick; stay-in-place forms 
0.718 kPa (15 psf); and a future wearing surface of 1.44 kPa (30 
psf). The composite girders are assumed to have an average con
crete haunch 2.54 cm (1 in.), nominal concrete strength of 27.6 MPa 
(4,000 psi) and AASHTO M270 Grade 36 structural steel. The 
weight of miscellaneous details, such as diaphragms and cross brac
ing on an interior girder is approximated at 146 Nim (10 lb/ft). 
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The study showed that 12 of the 15 beams considered are classi
fied noncompact according to AASHTO, as shown in Table 3. The 
noncompact beams satisfied all requirements but the one related to 
ductility (Equation 5). The span capability of the 12 noncompact 
beams was governed by the maximum bottom flange stress 
requirement (Equation 7). On the other hand, the remaining three 
compact beams and the beams designed using AISC's alternative 
approach were all governed by AASHTO's overloading criteria 
(Equation 3). The study showed that designs based on AISC's 
approach can extend the span capabilities by approximately 15 per
cent, depending on the size and spacing of the girders. 

PARAMETRIC STUDY 

In this section, the parametric study considers unshored interior 
simply supported composite bridge beams. The reference design is 
composed of a concrete slab 1.83 m (72 in.) wide by 20.3 cm (8 in.) 
thick; a concrete haunch 2.54 cm (1 in.) thick; and a W36 X 230 
steel beam. Nominal concrete strength of 27.6 MPa (4,000 psi) and 
AASHTO M270 Grade 36 steel are used in the slab and rolled 
beam, respectively. The stay-in-place forms weight is assumed to 
be 0.718 kPa (15 psf). Superimposed dead load includes the weight 
of parapets and 30 psf (1.44 kPa) future wearing surface. The 
weight of the diaphragms and bracing is estimated at 146 Nim (10 
lb/ft). The analysis showed that the span capability of this rolled 
section for HS20 loading using AASHTO's conventional approach 
and AISC's alternative method is 24.1and27.5m (79.0 and 90.0 ft), 
respectively. 

The reference girder is investigated for various live loads. Figure 
5 shows that the span capability of the section increases by 7 per
cent if H20 loading is used. The corresponding decrease in the span 
for HS25 loading is about 8 percent. 

TABLE 1 Curvature Ductility Ratio for Composite Steel Beams 

Beam b ts (d +t1 +tJ/7 .5 DP cj>y cl> max Tl cur 

Sedion (m.) (cm.) (cm.) (cm.) 00·5 Rad/cin.) 00·5 Rad/cm.) 

W36x300 1.83 20.3 15.8 25.4 1.71 11.5 6.74 
2.74 22.9 16.2 25;7 1.52 13.5 8.94 

W36x280 1.83 20.3 15.7 24.9 1.69 12.0 7.13 
2.74 22.9 16. l 23.9 1.50 14. l 9.37 

W36x260 1.83 20.3 15.7 24.5 1.67 12.6 7.52 
2.74 22.9 16.0 22.2 1.49 14.6 9.79 

W36x230 1.83 20.3 15.5 23.8 1.65 13.5 8.16 
2.74 22.9 15.9 19.6 1.48 15.7 10.6 

W36x210 1.83 20.3 15.8 23.6 1.59 13.8 8.64 
2.74 22.9 16.2 18.0 1.43 16.8 11.7 

W36xl82 1.83 20.3 15.7 23.3 1.55 14.9 9.62 
2.74 22.9 16.0 15.6 1.41 19.4 13.8a 

W36x150 1.83 20.3 15.5 19.2 1.52 16.6 10.9 
2.74 22.9 15.9 12.8 1.38 23.5 17.la 

W36x130 1.83 20.3 14.6 16.6 1.60 18.1 11.4 
2.74 22.9 14.9 11.l 1.46 27.2 18.6a 

ai'hese sections are compact 
1 cm. = 0.394 in., 1 m. = 3.28 ft. 
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TABLE 2 Bridge Design Cases Considered in the Analysis 

Case Bridge Width Number of Girder Spacing Thickness of Slab0 

(m.) Girders (m.) (cm.) 

1 12.8 7 1.83 20.3 

2 12.8 5 2.75 22.9 

3 12.8 4 3.66 25.4 
0Slab thickness includes 1.27 cm. (0.5 in.) integral wearing surface 
1 m. = 3.28 ft., 1 cm. = 0.394 in. 

The effect of increasing the material strengths on the girder 
capacity is studied. An increase of 23 percent in the span capability 
can be obtained if the yield stress of the rolled beam, FY, is increased 
to 345 MPa (50 ksi) and all other design variables are kept the same, 
as indicated in Figure 6. However, the analysis showed that increas-

. ing the nominal concrete strength from 27.6 to 41.4 MPa (4,000 to 
6,000 psi) resulted in a negligible gain in the span length. This gain 
is because the decrease in the compression depth of the neutral axis 
in plastic bending as a result of the increase inf: was not enough to 
qualify the section as compact. When a high-yield strength is used, 
together with the AISC's alternative approach, the span capability 
of the rolled beam may become so large that it may be difficult to 
satisfy the allowable live load deflection, particularly if the bridge 
is designed for HS25 live loading. 

The sensitivity of the span length to changes in the geometry of 
the composite sec~ion is presented in Figures 7 and 8. Figure 7 
shows the effect of increasing the web depth of the W-section, 
whereas Figure 8 investigates the addition of a cover plate along the 
bottom flange of the rolled beam. The analysis indicated that a 
32 percent increase in the span can be achieved with a "fictitious" 
section having the same flanges of a W36 X 230 but with a web 

depth of 1.27 m (50 in.). The amount of increase in the span length 
caused by the addition ofa cover plate 1.91 cm (0.75 in.) thick to the 
bottom flange is 22 percent. The analysis also showed that an increase 
in the thickness of the concrete slab does not add much to the capac
ity of the composite beam because the neutral axis is in the slab. 

For all the cases considered in the parametric study, the span 
capability of the design ratio of AISC to AASHTO remained within 
a narrow range (between 1.13 and 1.15). 

SUMMARY AND CONCLUSIONS 

AASHTO 's conventional design method and· AISC' s alternative 
approach for composite beams in positive bending are outlined. The 
ductility of composite beams is evaluated for several sections using 
the curvature ductility ratio. The span capability of typical rolled 
steel sections is obtained for designs based on AASHTO's load fac
tor design method and AISC's alternative approach. The sensitivity 
of the span capability of the beam to changes in the design variables 
is also included. The results of the study suggests the following con
clusions, which are relevant for simply supported composite beams: 

TABLE 3 Span Capabilities Based on Conventional AASHTO and AISC's 
Alternative Approach 

Steel Beam Girder Spacing AASHTO AISC AISC 
(m.) (m.) (m.) AASHTO 

l.83 28.1 32.0 
W36x300 2.75 22.3 25.6 

3.66 18.9 21.7 

1.83 25.9 29.6 
W36x260 2.75 20.7 23.5 

3.66 17.4 19.8 

1.83 24.1 27.5 
W36x230 2.75 19.2 21.7 

3.66 16.2 18.3 

1.83 20.7 23.8 
W36xl82 2.75 16.5 18.9 

3.66 15.9 15.9 

1.83 18.3 21.0 
W36xl50 2.75 16.5 16.5 

3.66 14.0 14.0 
0 Section is compact and governed by AASHTO's overloading criteria 
l m. = 3.28 ft. 

1.14 
1.15 
1.15 

1.14 
1.13 
1.14 

1.14 
1.13 
1.13 

1.15 
1.15 
1.002 

1.15 
1.00° 
1.00° 
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1. The curvature ductility ratio of typical noncompact beams that 
do not satisfy the ductility requirement of Equation 128-a in the 
AASHTO specifications varies between 6 and 12. 

2. Most composite beams with W36 rolled sections do not sat
isfy AASHTO's ductility requirement and hence are considered 
noncompact. 

3. Designs based on the alternative approach can extend the span 
capability of rolled beams over AASHTO's conventional method 
by about 15 percent, depending on the size and spacing of the 
beams. 

4. Span capability of rolled beams significantly increases with an 
increase in yield stress and web depth and with the presence of a 
cover plate on the bottom flange. Slab thickness and concrete 
strength have a negligible effect on the beam capacity. 

The maximum allowable live load deflection requirement may 
become difficult to satisfy when the alternative approach is used 
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FIGURE 7 Sensitivity analysis for web depth 
(1 in. = 2.54 cm). 
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FIGURES Sensitivity analysis for bottom flange 
cover plate (1 in. = 2.54 cm). 

together with a high-yield strength, particularly for designs based 
on the HS25 loading. 

REFERENCES 

I. Standard Specifications for Highway Bridges, 15th ed. and 1994 Interim. 
AASHTO, Washington, D.C., 1992. 

2. Tabsh, S. W. Ductility of Non-Compact Composite Steel Bridge Beams. 
Engineering Journal, AISC, Vol. 31, No. I, 1994, pp. 21-30. 

3. Highway Structures Design Handbook, Alternative Approach to Satisfy 
the AASHTO Ductility Requirement for Compact Composite Sections in 
Positive bending, 3rd issue. AISC Marketing, Inc., May 1992. 

4. Kent, D. C., and R. Park. Flexural Members with Confined Concrete. 
Journal of the Structural Division, ASCE, Vol. 97, No. ST7, July 1971, 
pp. 1969-1990. 

Publication of this paper sponsored by Committee on Steel Bridges. 

13 



14 TRANSPORTATION RESEARCH RECORD 1476 

Experimental Verification of Load and 
Resistance Factor Inelastic Design Limits 

BRYAN A. HARTNAGEL, MICHAEL G. BARKER, AND DAVID C. WEBER 

More economical steel bridge designs can be realized using inelastic 
design provisions. However, current provisions apply only to compact 
steel bridges. Expanding inelastic design provisions to include non
compact sections is desirable because of the wide use of plate girders 
with thin webs. Previous research has shown that noncompact girders 
have predictable moment-rotation behavior that can be incorporated 
into inelastic design provisions. However, even though the analytical 
tools exist, large-scale testing is necessary to validate theoretical engi
neering practice. A report is given of the first of three composite con
tinuous girder tests from a project with the objectives of validating cur
rent inelastic design procedures and developing new provisions for 
bridges comprising noncompact girders. The first girder test was a half
scale, three-span composite beam with compact sections extracted from 
a prototype bridge designed using inelastic procedures. The two future 
tests will be two-span composite beams with noncompact sections. The 
results of the first girder test show that current analytical techniques 
effectively predict the elastic and inelastic behavior of compact girders. 
The first test also validated the inelastic design provisions at all design 
limit states. 

Alternate load factor design (ALFD) procedures (J) were adopted 
by AASHTO in 1986. The procedures account for the reserve 
strength inherent in multiple-span steel girder bridges by allowing 
redistribution of negative elastic moments at piers to adjacent pos
itive moment regions. The redistribution causes slight inelastic rota
tion at the interior pier sections and some residual permanent deflec
tion. After the redistribution, the structure achieves shakedown (2): 
deformations stabilize and future loads are resisted elastically. 

ALFD procedures allow the designer more flexibility and the 
possibility of more economical designs by eliminating the need for 
providing cover plates and numerous flange transitions at negative 
moment regions (3). However, ALFD provisions apply only to steel 
beam bridges comprising compact sections. Expanding inelastic 
design provisions to include noncompact sections is desirable 
because of the wide use of plate girders with thin webs. The ALFD 
provisions are incorporated into the new AASHTO load and resis
tance factor design (LRFD) bridge design specifications (4). 

A joint National Science Foundation, American Institute for Steel 
Construction, American Iron and Steel Institute, and Missouri 
Highway and Transportation Department project (5), Development 
and Experimental Verification of Inelastic Design Procedures for 
Steel Bridges Comprising Noncompact Sections, will consist of 
three composite, single-girder tests. Simulated moving loads in the 
elastic and inelastic range will be cyclically applied to the test gird
ers. Afterward, the girders will be tested to failure. The first test con
sists of a three-span, compact, rolled section, whereas the other two 
tests will be two-span girders with typical noncompact plate girder 
sections. The project will verify design limit behavior of current 

Department of Civil Engineering, E2509 EBE, University of Missouri
Columbia, Columbia, Mo. 65211. 

inelastic design provisions for compact bridges and extend the 
inelastic procedures to include noncompact plate girder designs. 
This paper presents the design, modeling, and experimental results 
from the first three-span rolled-beam test (6). 

INELASTIC DESIGN OF STEEL GIRDER BRIDGES 

The ALFD inelastic design procedures (J) specify requirements at 
service load levels (nominal dead load plus normal traffic), over
load levels (nominal dead load plus an occasional heavy vehicle), 
and maximum load levels (factored dead load plus a one-time max
imum vehicle). Inelastic LRFD provisions (4) specify these load 
combinations as Service I, Service II, and Strength I, respectively. 
The LRFD procedures also have a separate fatigue load combina
tion. Following are the LRFD load combinations at the respective 
load levels: 

Fatigue-D + 0.75L(l + /), 
Service I-D + l.OOL(l + /), 

. Service 11-D + l.30L(l +/),and 
Strength I-l.25DC + l.50DW + l.75L(l + /), 

where 

D = dead load, 
L = live load with lateral distribution factor, 
I= impact factor (33 percent), 

(la) 
(lb) 
(le) 
(Id) 

DC= component dead load (slab, beam, and barrier curbs), and 
DW = wearing surface. 

Fatigue and Service I load levels are for fatigue and live-load 
deflection checks. At the Service II level, after interior pier elastic 
moments are redistributed to adjacent positive moment regions, the 
design requirement or limit-state criterion is a limiting stress at pos
itive moment regions. Finally, at the Strength I level, a mechanism 
must not form with the application of the factored loads. 

PROTOTYPE BRIDGE DESIGN 

The three-span (18.3, 23.2, and 18.3 m) (60, 76, and 60 ft), two-lane 
prototype bridge was designed according to the LRFD bridge 
design specifications using the inelastic design provisions (4). Four 
W30 X 108 rolled beam girders with a girder spacing of 3.05 m (10 
ft) were used to support the 11.0-m (36-ft) wide roadway. Yield 
strength of the steel was 345 MPa (50 ksi). The deck was 203 mm 
(8 in.) thick with 27.6 MPa (4,000 psi) compressive strength con
crete and Grade 60 reinforcing steel. A future wearing surface of 
0.57 kPa (12 psf) [about 25 mm (1 in.) of asphalt] and barrier curbs 
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weighing 4.45 kN/m (305 pit) [a standard 406-mm (16-in.) concrete 
barrier curb] were considered as composite dead loads. The bridge 
was designed assuming unshared construction. Also, the LRFD 
HS20 design vehicle in combination with a 9.34 kN/m (640 pit) 
lane load was used for determining live load effects. The 1/2-scale 
experimental test girder models an interior girder from the bridge 
system. Following is a description of the design procedures used to 
check an interior girder from the prototype bridge (6). 

Elastic Analysis Techniques 

A prismatic elastic analysis was used to compute the noncomposite 
dead load moments, and elastic nonprismatic analyses were used to 
determine the composite dead load moments and the live load plus 
impact moment envelopes. LRFD lateral distribution factors were 
used to approximate the amount of live load applied to a single 
girder. According to the LRFD specifications (4), the lateral distri
bution factor is 0.77 lanes per girder for moment and 0.95 lanes per 
girder for shear and reactions. Figure 1 shows the total live and dead 
load moment envelopes for the prototype girder including impact 
and distribution factors. 

Design Limit States 

Fatigue Limit State 

The LRFD provisions provide spacing requirements for shear studs 
on the basis of fatigue and strength limits. Stud fatigue controlled 
the overall fatigue requirements for this design. A total of 204 pairs 
of shear studs 25 mm (1 in.) in diameter by 127 mm (5 in.) in length 
were spaced at 305 mm (12 in.) on center along the girder, except 
for a spacing of 152 mm (6 in.) on center at the end supports. 

Service I Deflection Limit State 

LRFD live-load deflection criteria for slab-on-girder bridges are 
subject to designer discretion (4). However, LRFD provisions do 

lSOO 

i' 1000 

~ 500 
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allow the use of past practice for deflection control. The current 
deflection limit (7) suggested by AASHTO is equal to the span 
length L, in feet, divided by 800 for bridges with no pedestrian traf
fic. The controlling design deflection resulted from two loaded lanes 
of the design truck plus impact. Assuming equal distribution of load 
to all the girders, a distribution factor of two lanes/four girders = 
0.5, along with an elastic nonprismatic analysis, was used to cal
culate the maximum live load plus impact deflection of 30 mm 
( 1.18 in.). The suggested AASHTO deflection limit is calculated as 
76 ft X 12 in./800 = 1.14 in. or 29 mm for the prototype. 

Service II Limit State 

The Service II check ensures that the nominal dead load plus occa
sional overload vehicles equal to l .30L( 1 + /) will not cause exces
sive deformations. Elastic overload moments are redistributed 
because of inelastic pier rotations, 0, caused by localized yielding 
at the pier. The pier sections resist bending according to the 
following relationship (4): 

M = Mp[0.7 - 60.0(0)] :::; 1.0 

where -0.008 :5 e :5 0 radians, and 

M = LRFD moment rotation curve for pier sections, 
e = inelastic rotation at pier in radians (negative), and 

Mp= section plastic moment capacity. 

(2) 

Residual moments that remain in the beam after the load is 
removed can be related to the pier rotation through an inelastic con
jugate beam anal,ysis developed by Dishongh (8). The moments at 
the piers, M0 and Mb, and the residual moment are 

EIS; 
L 

(3a, 3b, 3c) 
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where A and B are ratios of the two outer-span lengths to the cen
ter-span length equal to 18.3/23.2 = 0.79. At the pier section, the 
applied Service II moment [D + l.30L (1 +/)](Equation le), plus 
the residual moment (Equation 3c) is equal to the actual moment 
defined by the moment rotation relationship (Equation 2) for the 
pier sections: 

[D + 1.30L(l + /)] + MR = Mp(0.7 - 60(0)] (4) 

Solving Equation 4 for the plastic rotation at the pier section yields 
0 = -0.00083 radians. The residual moment was computed to be 
MR = 46 kN-m (34 kip-ft) at the two pier sections and throughout 
the middle span and linearly decreased to 0 at the end supports. The 
residual moment field is symmetric because of the symmetry of the 
bridge design. 

At the Service II load level, centerline stresses in the center span 
were found to be maximum. LRFD states that the applied stresses 
must be less than or equal to 0.95 of the flange yield stress, Fy, for a 
composite section in positive bending. The maximum Service II 
stress is determined by superposition of stresses where the live load 
moment stress component is equal to the elastic moment plus the 
redistributed residual moment. The total stress was calculated as 
330 MPa (47.9 ksi), which is approximately equal to the require
ment of0.95 Fy = 327 MPa (47.5 ksi). 

Strength I Limit State 

To satisfy the ultimate strength requirement, a plastic collapse 
mechanism must not form with the application of Strength I fac
tored loads. LRFD inelastic provisions use an effective plastic 
moment, Mp£, at the negative moment pier hinge sections. The 
effective plastic moment ensures adequate inelastic rotation capac
ity at rotating hinges. The mechanism check was carried out by 
applying the factored dead loads [l.25DC + 1.50DW], moving the 
factored design truck [l.75L(l + /)] over the entire beam in tenth
point increments, and calculating the plastic collapse load factors 
for all truck positions (9). The critical mechanism, using MPE at the 

TABLE 1 Prototype and Model Girder Properties 

Item Prototype 

I\.LCOMP (106mm'f) 5,620 

J+DL,COMP (lO<>mm4) 4,330 

1-DL&LL,COMP (106mm4) 2,900 

IsTEEL (106mm4) 1,860 

Sx +LL.COMP (l03mm3) 7,560 

$,c + DL,COMP (U>3mm3) 6,92() 

Sx-DL&LL,COMP (103mm3) 5,940 

8xsmEL (103mm3) 4,910 

br/ 2tr 6.9 

d/fw 54.7 

Mp+ COMP (kN-m) 3,680 

Mp-COMP (kN-m) 2,810 

MPE-COMP (kN-m) 2,250 
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pier sections, was the maximum positive center-span loading con
figuration. The plastic collapse load factor was found to be 1.38. 
The structure can withstand 38 percent more factored live loads than 
is caused by the Strength I factored design live loads. Thus, Strength 
I requirements did not control the design. 

Summary of Design Limits 

The Service I level maximum live-load deflection was 30 mm (1.18 
in.). The Service II limit state was the controlling design limit with 
a maximum centerline stress of330 MPa (47.9 ksi) versus an allow
able stress of 327 MPa (47.5 ksi). Strength I loads did not control 
the design of the prototype; the theoretical collapse capacity is 38 
percent higher than the Strength I factored loads. 

TEST GIRDER MODEL DESIGN 

The test girder was a scaled interior girder extracted from the pro
totype bridge. Structural modeling techniques were employed to 
determine the theoretical scale factors, S, for the fundamental mea
sures of interest in the 1/2 scale model. Steel and concrete proper
ties for the prototype and the model were identical; therefore, the 
independent variables were chosen as elastic modulus E (SE = 1) 
and length L (SL = 2). A half-scale model of the deck effective 
width, deck thickness, deck reinforcement, shear studs, and bearing 
stiffeners was easily produced. However, an exact half-scale model 
of the W30 X 108 rolled shape did not exist so a W14 X 26 was 
chosen as the best alternative. Because of this choice, the actual 
scale factors for several fundamental measures did not match the 
theoretical scale factors. A summary of important cross-sectional 
properties is presented in Table · 1, along with the theoretical and 
actual scale factors of these properties. In Table 1 

r = positive bending section moment of inertia in positive 
moment regions, 

1- =negative bending section moment of inertia in negative 
moment regions, 

Model PIM = Sactual PIM = Stheory 

313 17.96 16 

241 17.97 16 

158 18.35 16 

102 18.24 16 

891 8.48 8 

815 8.49 8 

698 8.Sl 8 

578 8.49 8 

6.0 us 1 

S4.S 1.00 1 

428 8.60 8 

316 8.89 8 

252 8.93 8 

106mm4 = 2.4025 in4; 103mm3 = 61.024 io-3m3; 1 kN-m = o.7368 kip-ft 
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COMP = composite section (steel + rebar for r-) 
Sx = section modulus, 

SactuaI =PIM = actual scale factor (prototype/model scale 
factor), 

Stheory =PIM= theoretical scale factor (prototype/model scale 
factor), 

b1 = width of flange, 
t1 = thickness of flange, 
d = section depth, and 
tw = thickness of web. 

Loading applied to the model was scaled to simulate equal 
stresses in the model and the prototype. Because scale factors for all 
the section moduli were approximately 8.5, as shown by the shaded 
portion of Table 1, to model equal stresses, all prototype bending· 
moments were factored by 1/8.5. Also shown in Table 1 are scale 
factors computed for the plastic moment capacities at the critical 
sections. 

Compensatory dead load was added to accurately simulate dead 
load stresses because a half-scale model weighs only one-quarter of 
the prototype. Ten concrete blocks weighing 8.9 kN (2,000 lb) were 
hung from the bottom of the W-shape before the concrete deck was 
placed to compensate for the self-weight lost because of scaling. 
Additional concrete blocks were placed on top of the deck after it 
hardened to represent the composite dead loads (wearing surface, 
guard rails, etc.). 

Moving live loads were simulated with four discrete loading 
points on the test beam, as indicated in Figure 2 (Pl and P2 shown 
on figure; P3 and P4 symmetric). Influence lines for each of the four 

9.15 

3.97 

17 

loading points were used to determine the sequence of loads needed 
to simulate a moving truck. The total moment envelope produced 
by the four discrete loading points is shown in Figure 3 along with 
the scaled theoretical design truck [L(l + /)] moment envelopes. The 
truck load sequence could be linearly adjusted to represent any per
centage of the modeled truck design weight (LL). 

Several different measurements were recorded for the test, 
including deck slip, rotation, deflection, reaction, and strain gauge 
readings. Dial gauges were used to measure deflections. An 890-kN 
(200-kip) compression load cell was placed under each support to 
measure the reactions of the beam. The locations of these measure
ments are shown in Figure 2. 

TEST SEQUENCE 

The modeled live loads were applied to the test beam cyclically at 
various load levels. The following design load levels and collapse 
loads were examined rigorously because of their importance: 

1. Service I, 
2. Service II, 
3. Strength I, and 
4. Plastic collapse load (Strength I loads proportionally 

increased until failure). 

The entire loading history of the test is as follows. Elastic low
level tests were carried out at 10, 20, 40, 60, 70, 80, and 90 percent 
LL. These provided an opportunity to confirm elastic behavior and 
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instrumentation performance. Service I level live loads (100 percent 
LL) were applied to examine fatigue (ratioed to 75 percent LL) and 
deflection requirements of the LRFD provisions. Increasing the 
loads toward the Service II level, live loads of 110 and 120 percent 
LL were applied to examine the behavior in this range of loads. 

At the Service II live-load level (130 percent LL), the girder 
experienced controlled inelastic behavior. After seven cycles, 
deflections stabilized- and the girder behaved elastically for addi
tional cycles. The inelastic behavior is characterized by residual 
deflection or permanent set. Design provisions predict this residual 
deflection and limit stresses in positive moment portions of the 
structure to control the amount of permanent set. Live loads were 
applied at 140, 155, and 166 percent LL to examine the inelastic 
behavior above the Service II level. The last simulated moving load 
test was at 175 percent LL plus factored dead loads. This loading 
represents the worst possible maximum design load level applied to 
a bridge. 

After the cyclic tests, the girder was tested to failure by monoto
nically increasing loads proportioned to represent the theoretical 
design collapse configuration. This configuration simulated a sta
tionary truck where the center axle of the truck was located at the 
centerline of the middle span. The additional factored dead load was 
applied by adding extra simulated loads to the Pl through P4 dis
crete load locations. 

DESIGN LIMIT TEST RESULTS 

Service I Level Behavior 

The main design concerns at the Service I load level are fatigue and 
live-load deflection control. Fatigue stress criteria limited the allow
able fatigue stress range to 40 MPa (5.8 ksi); the corresponding 
strain is 200 µe. Strains (ratioed to 75 percent LL) at the top flange 
of Sections 1 and 2 (Figure 2) were 71 and 158 µe, respectively. 
Thus, the model met the Category C fatigue stress requirement. 

There was 1.9 mm (0.08 in.) of permanent set measured at the 
bridge centerline before applying the 100 percent LL sequence. 
After four 100 percent LL cycles, residual deflection at the center 
of the bridge was 3.1 mm (0.12 in.). The largest live load deflection 
at 100 percent LL occurred in the middle span (with P2 and P3 
loaded) and was measured as 31.0 mm (1.22 in.). Theoretical 

deflection of the model was computed as 29.5 mm (l.16 in.) using 
a nonprismatic analysis and the actual loads at P2 and P3. This indi
cates that the model represented effectively the prototype bridge 
live-load deflection behavior. 

Service II Level Behavior 

As the load level was increased to 130 percent LL, strain measure
ments at negative bending sections were substantially higher than 
the theoretical elastic strains, indicating that some yielding had 
occurred. LRFD provisions require that the stresses in positive 
bending regions be less than 0.95 Py after redistribution of moments. 
A maximum strain of 1449 µe occurred at Section 4. The maximum 
strain allowed by LRFD for 345 MPa (50 ksi) steel is 0.95 X 1724 
µe = 1,638 µe. Therefore, the structure met the Service II limit-state 
criterion. 

A permanent set of 9.6 mm (0.38 in.) occurred at Section 4 after 
seven 130 percent LL cycles. Theoretical residual deflections at the 
Service II level can be calculated from the prototype design resid
ual moments and rotations, 46 kN-m (34 kip-ft) and 0.00083 radi
ans, respectively, previously determined using the LRFD pier 
moment-inelastic rotation curve. Two theoretical prototype residual 
deflections were calculated using the conjugate beam analogy (6). 
The first used a prismatic beam with a weighted average for the 
moment of inertia and found the scaled residual deflection to be 3.3 
mm (0.13 in.). Another method used a nonprismatic beam with a 
reduced moment of inertia for 20 percent of the span on each side 
of the interior piers. The second method yielded a scaled residual 
deflection of 6.6 mm (0.26 in.). The 9.6-mm (0.38-in.) actual resid
ual deflection was nearly three times the scaled theoretical value of 
(6.55/2) = 3.3 mm (0.13 in.). Calculated residual deflections did 
not reflect the measured values because the LRFD pier moment
inelastic rotation curve apparently does not describe the observed 
softer behavior of the model pier section ( 6). Residual deflections 
were also computed using a softer pier moment-inelastic rotation 
curve presented in the unified autostress method (UAM) developed 
by Schilling (10). The softer UAM pier moment-inelastic rotation 
curve produced a higher residual moment and inelastic rotation 
[132 kN-m (97 kip-ft) and 0.0024 radians]. Again, two residual 
deflections were computed using the conjugate beam analogy. 
These residual deflections were 9.1 mm (0.36 in.) and 18.3 mm 
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(0.72 in.) for the prismatic averaged inertia and the nonprismatic 
analysis, respectively. Therefore, the 9.6-mm (0.38-in.) mea
sured residual deflection corresponds well with the scaled value 
calculated using the softer pier moment-rotation relationship of 
(18.31/2) = 9.2 mm (0.36 in.). 

Strength I Level Behavior 

The Strength I mechanism test was conducted by first applying the 
simulated factored portion of the dead load to Pl, P2, P3, and P4. 
Live loads were then applied to Pl, P2, and P3 to recreate the pro
totype mechanism moment diagram. The Pl and P4 loads were set 
to load control for the duration of the collapse test while the P2 and 
P3 loads were slowly increased under stroke control until the girder 
failed by concrete crushing. Figure 4 is the total load at P2 and P3 
(P2 + P3) plotted against the deflection at the girder centerline. The 
figure shows the Strength I factored load level in relation to the 
load-deflection response. The figure clearly shows that the girder 
had excess capacity (36 percent) beyond the Strength I loading in 
accordance with the design calculations. 

SHAKEDOWN BEHAVIOR 

Each modeled truck weight level percentage loading was repeated 
until the residual deflections stabilized and the bridge experienced 
shakedown. Figure 5 shows the residual deflection at the centerline 
of the bridge in terms of the percent live load level. This shakedown 
plot shows how the structure experienced increasing permanent set 
as the live load level increased. The onset of permanent set occurred 
at 70 percent LL. After the last cycle of loads, the girder had a resid
ual deflection at the centerline of 65 mm (2.56 in.). 

Stabilization of residual deflections was achieved at all live load 
levels except for the 175 percent LL level. The 175 percent LL level 
was somewhat different from that of other load sequences because 
it included extra loads to simulate the factored portion of the dead 
load. The 175 percent LL level was actually the Strength I load level 
as defined by the LRFD provisions. 

Three cycles were carried out at the Strength I load level; each 
cycle resulted in large increases in residual deflection. The cyclic 
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live loading portion of the test concluded at this level because some 
slight web buckling at the pier sections was detected. At the 
Strength I load level, the structure may or may not have shaken 
down, so this level was not necessarily the incremental collapse 
load. However, it can be concluded that the incremental collapse 
load occurred above the 166 percent LL level. 

Figure 6 shows the percent of modeled truck weight versus 
deflection relationship for the outer span of the model structure. The 
theoretical elastic deflections were calculated with an elastic non
prismatic analysis of the structure under the modeled loads applied 
at location Pl. This figure indicates that after the 120 percent LL 
cycle, this portion of the structure begins to behave nonlinearly. The 
percent of modeled truck weight versus deflection relationship for 
the mid.dle span of the test bridge (for P2 and P3 loaded) is shown 
in Figure 7. The middle span portion of the specimen began to 
behave nonlinearly at the 70 percent LL cycle. 

PLASTIC COLLAPSE BEHAVIOR 

The theoretical plastic collapse load was calculated using the effec
tive plastic moment at the pier sections and the plastic moment 
capacity of the section at location P2. As indicated in Figure 4, the 
experimental plastic collapse capacity exceeded the Strength I load 
level by 36 percent, which was consistent with the design. The actual 
collapse load was within 1 percent of the theoretical collapse load. 

After sustaining about 356 mm (14 in.) of deflection at the bridge 
centerline [in addition to the 65 mm (2.56 in.) from the shakedown 
tests], the concrete crushed at the bridge centerline. This deflection 
(length/deflection = 33) illustrates that this compact girder had 
tremendous ductility. Once the concrete crushed, the load was 
removed from the specimen. Over 51 mm (2 in.) of elastic deflec
tion was recovered during unloading. 

SUMMARY AND CONCLUSIONS 

More economical steel bridge designs (for compact girders) can be 
realized using inelastic design provisions. Inelastic design provi
sions can reduce material and fabrication costs by eliminating the 
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FIGURE 4 Collapse test middle span load: deflection response. 
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FIGURE 5 Residual deflection versus percent of modeled truck weight. 

need for numerous flange transitions and cover plates at interior 
piers (3). Bridge safety is not compromised because, after the struc
ture has experienced several passes of the design limit loads, future 
loads are resisted elastically. Results from this test validate the 
LRFD inelastic provisions at all design limit states. Extending pro
visions to allow inelastic design for bridges comprising noncompact 
sections would also be beneficial. However, even though the ana
lytical tools exist (8) for developing inelastic design procedures for 
these girders, large-scale testing is necessary to validate theoretical 
engineering practice. 

The test results reported herein give an overview of the general 
elastic, inelastic, and plastic behavior of a 1/2-scale three-span com
posite compact test beam. The experimental results compared well 
with theoretical expectations. However, the LRFD inelastic design 
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provisions significantly underestimated the measured Service II 
load level (130 percent LL) residual deflections. For inelastic 
design, this permanent set could be included in the camber with the 
dead load deflections. Using other behavior models, the residual 
deflection was more accurately estimated. Future analysis of this 
test and others will yield insight into the best approach for estimat
ing these deflections. 

The plastic collapse test illustrated the available ductility in com
pact composite beams. The measured collapse load .was within 
1 percent of the predicted ultimate capacity. The primary reason that 
the beam behaved so well is that it is compact with the flanges being 
well below the compactness requirements (ultracompact) (JO). In 
the next two girder tests planned for this project, the flanges will still 
be ultracompact, but the webs will have typical ratios of plate girder 
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FIGURE 6 Outer span percent of modeled truck weight: deflection response. 
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FIGURE 7 Middle span percent of modeled truck weight: deflection response. 

width to thickness. However, previous work has shown that, 
although these girders are not as ductile, the noncompact sections 
have predictable moment-rotation behavior (8) that can be incorpo
rated into inelastic design provisions. The second two noncompact 
girder tests from this project will provide vital information for the 
development of inelastic design provisions for noncompact girders. 
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Applications of High-Strength Concrete to 
Long-Span Prestressed Bridge Girders 

THERESA M. AHLBORN, CATHERINE E. FRENCH, AND ROBERTO T. LEON 

High-strength concrete can be used to achieve longer-span or more 
widely spaced prestressed bridge girders. Two full-size long-span, high
strength prestressed bridge girders were constructed to investigate the 
effects of high-strength concrete on transfer length, camber, prestress 
losses, fatigue, flexure, and shear strength. The results of studies on con
structibility, transfer length, prestress losses, and camber are presented. 

The design strength of concrete has steadily increased in prestressed 
bridge girder construction over the years. For example, standard 
concrete mix designs for prestressed bridge girders built for the 
Minnesota Department of Transportation (MnDOT) have gone 
from 31 to 48 MPa in the past decade. These higher concrete 
strengths are being produced with little difficulty from readily avail
able materials. To achieve further economy, it is likely that these 
design strengths will continue to increase. 

High-strength concrete (HSC) offers many advantages to pre
stressed bridge girders, including increased span lengths or wider 
girder spacings, or both. HSC alone can be used to increase span 
lengths for a fixed bridge cross section. Shallower HSC sections can 
be used in place of normal-strength concrete members of the same 
length, enabling greater bridge underclearances or lower bridge 
embankments. Alternatively placing HSC girders at a wider spac
ing enables fewer girder lines per constant length bridge. Fewer 
girders required leads to lower fabrication, transportation, and 
erection costs. 

In the first part of the study reported herein, a parametric study 
was conducted to determine the viability of using high-strength con
crete in prestressed bridge girders. For a given bridge cross section 
and loading parameters, the maximum span length and required 
number of strands were determined as a function of concrete 
strength and transverse girder spacing. The allowable stresses that 
control the design of the girders were considered at release and final 
conditions. For the case of wider-spaced girders, the allowable 
stresses at release tended to control because a large amount of pre
stress must be "stored" in the girders for use at service conditions. 
For the case of longer spans, the allowable stresses at final condi
tions tended to control because the self-weight of the girders is a 
much larger portion of the total loads. Allowable stress limits at 
release were taken as compression of 0.6 f; and tension of 1.38 
MPa, unless supplemented by mild steel reinforcement, in which 
case the tension limit was 4.9 MPa. Allowable limits at final were 
compression of 0.4 J: and tension of 0.5f;, u; in megapascals). 

T. A. Ahlborn and C. E. French, Department of Civil Engineering, 122 Civil 
and Mineral Engineering Building, 500 Pillsbury Drive, S.E., University of 
Minnesota, Minneapolis, Minn. 55455-0220. R. T. Leon, School of Civil 
and Environmental Engineering, Georgia Institute of Technology, 790 
Atlantic A venue, Atlanta, Ga. 30332. 

An example of the results is shown in Figure 1 for a MnDOT 
45M girder 1140 mm deep. This girder is similar to an AASHTO 
Type IV girder except that it has a wider top flange and a shorter 
overall height (Figure 2). As can be seen from Figure 1, for a given 
span length, an increase in concrete strength enables a minor reduc
tion in strands because of the increased allowable stresses corre
sponding with the increased concrete strength. Increased span 
lengths may be achieved with high-strength concrete by increasing 
the number of strands (amount of prestress) in the cross section. As 
more and more strands are added to the cross section, their effec
tiveness is reduced as they are placed further up in the cross section 
(at a lower eccentricity). Consequently, the viability of HSC pre
stressed bridge girders depends not only on reliably achieving 
higher strengths, but also on the amount and strength of prestress
ing strand that can be placed in the cross section. There is not a sig
nificant advantage in increasing the concrete compressive strengths 
much above 83 MPa for the example shown. Figure 1 also indicates 
the effect of high-strength concrete on transverse girder spacing. It 
may be possible to increase the girder spacing of a girder 35 m long, 
for example, from 1.22 to 2.13 m by increasing the concrete strength 
from 48 to 83 MPa. 

Current design provisions of the American Concrete Institute 
(ACI) (1) and Transportation AASHTO (2) are based on empirical 
relationships developed from isolated tests of specimens with co11::
crete compressive strengths in the range of 41.4 to 55.2 MPa. The 
scarcity of empirical data: on higher-strength concrete has led to lim
its on the maximum compressive stress of 69 MPa to be used for 
shear and rebar development length provisions in design codes such 
as those of ACI. Consequently, it is of interest to investigate the 
implications of using higher-strength concretes. 

DESCRIPTION OF EXPERIMENTAL PROGRAM 

Two full-size high-strength concrete composite prestressed bridge 
girders have been instrumented and constructed and are being tested 
at the University of Minnesota to investigate issues such as transfer 
length, long-term prestress losses, fatigue, ultimate flexure, and 
shear strengths. The girders are MnDOT 45M sections 1140 mm 
deep and reinforced with 46 prestressing strands 15.3 mm in diam
eter and i 860 MPa spaced 50.8 mm on center. The cross section of 
the girders is shown in Figure 2. High-strength concrete was utilized 
to maximize the girder lengths. Such a case required closely spaced 
girders (1.22 m on center) in which case allowable service load 
stresses were the controlling factors rather than allowable release 
stresses. The span length of 40.5 m represented a 48 percent 
increase over the maximum span length currently produced using 
conventional 48 MPa concrete fabricated with 1860-MPa strands 
12.7 mm in diameter. 



Ahlborn etal. 23 

l? 
60 ---Q.. f'c=48 MPa 

~ 
0 50 -+--
<O f'c=69 MPa co 3.05m ,.... 

~ ca 
:0 40 

f'c=83 MPa 

E -e-
E f'c=103 MPa 
(") 

iri 30 ,.... -en 1.22 m spacing 
"O 
c: 
~ 20 
en 
0 
Q; 10 
.0 
E 
::::J z 

0 
10 15 20 25 30 35 40 45 50 

Span length, m 

FIGURE 1 Effect of HSC on girder span length: strands required versus span 
length, MnDOT, 45m section. 

The girders were designed to incorporate the following variables: 
concrete mix design, draping/debonding combinations, and stirrup 
configuration. Laboratory tests in a companion study (3) showed 
that local aggregates could be used to achieve high-strength con
cretes. Limestone aggregates provided mixes with the highest 
strengths, but mixes with glacial gravel aggregates reached similar 
strengths with the addition of microsilica. One girder (Girder I) was 
therefore cast with a limestone mix, and the second girder (Girder 
II) was cast with a glacial gravel mix incorporating 7 .5 percent 
(replacement by weight of cement) microsilica. To investigate the 
effect of strand draping versus debonding on girder behavior, one 
end of one girder was fully draped ( 12 draped strands) to control end 
stresses, whereas the remaining three ends utilized a draping/ 
debonding combination (optimized at four draped and eight 
debonded strands). Two epoxy-coated shear stirrup details were· 
considered: a typical U stirrup and a modified-U stirrup using leg 
extensions along the length of the member. The modified-U stirrup 
was used to investigate the effect of better anchorage conditions. 
Figure 3 depicts the two test girders and their respective variables. 

The girders were cast in August 1993 and have been monitored 
to determine the prestress losses and changes in camber over time. 
Each girder will be subjected to fatigue loading intended to simu-
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FIGURE 2 Cross section of test girders. 

late the maximum moment caused by a standard HS25 truck load. 
After approximately 1 million cycles, a static load test will be per
formed to determine the damage status before increasing the load 
level to the cracking load. Occasional overloads in both static and 
fatigue testing as previously recorded by MnDOT will be included. 

The fatigue strength of prestressed concrete is controlled by the 
strand stress range. Presently, AASHTO specifications employ an 
indirect design criterion for flexural fatigue strength of prestressed 
concrete girders through limitation of the nominal concrete tensile 
stress in the precompressed tensile zone. Full-size girder tests can 
verify fatigue strength by investigating the strand stress ranges 
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under load combinations. Strand stress ranges induced by the load
ing will be measured, along with the compressive stress distribution 
through the section depth. Comparisons will be made of the actual 
versus the predicted cracking load-deformation behavior. Addi
tionally, any permanent deformation because of fatigue damage will 
be noted. 

After the fatigue studies, each girder will be tested to ultimate in 
flexure. As with the fatigue tests, induced strand stresses will be 
measured, along with deflection and concrete stress distribution. 
Compression stress block distribution will be measured for verifi
cation of the neutral axis and composite action. Shear tests will then 
be performed by loading the ends at a low shear span-to-depth (aid) 
ratio. 

MATERIAL STRENGTHS 

Prestressing Strands 

The Grade 270 (1860-MPa) low-relaxation strands 15.3 mm in 
diameter used for the two girders were tested for ultimate strength 
and modulus of elasticity. The ultimate strength was found to be 
1850 MPa, whereas the modulus was determined to be 200 700 
MPa. The actual area was found to be 147 mm2

, compared with the 
nominal area of 139 mm2

• The rolls of prestressing strand were cov
ered and stored outdoors at the prestressing yard for approximately 
1 week before use. Strand surface condition appeared to be free of 
surface rust and oil. 

Girder Concrete 

The concrete mix used in Girder I consisted of Type III portland 
cement, sand, crushed limestone aggregate, and a superplasticizer. 
The mix had an average water/cement ratio of 0.32. The mix used 
for Girder II also used Type III portland cement, sand, and super
plasticizer. However, rounded glacial gravel aggregate was used. In 
addition, microsilica was used at a rate of 7 .5 percent replacement 

TABLE 1 Material Properties 

Required 

Girder 18 hrs = 61.5 MPa 
Concrete 28 day = 72.4 MPa 
Compressive 
Strength 

Deck 28 day = 27.6 MPa 
Concrete 
Strength 

Nominal 

Prestressmg Area = 139 mm2 

Strand 
EP, = 200,000 MPa 

fpu = 1860 MPa 
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by weight of cementitious material. The mix for Girder II had an 
average water/cement ratio of 0.36. 

A release strength of 61.5 MPa and a 28-day strength of 72.4 MPa 
were required of the girders. To ensure that these strengths would be 
achieved, the target nominal mix design strength was 83 MPa at 28 
days. Actual concrete strengths achieved in the field were above 
specifications and are shown in Table 1. The glacial gravel mix 
incorporating microsilica achieved a strength of 71.9 MPa in 18 hr 
and continued to increase to 78 MPa by 28 days. The limestone mix 
surpassed the required release strength at 21 hr with a strength of 64 
MPa. The strength then continued to increase well above the design 
requirement to a stre~gth of 83.4 MPa at 28 days. Both mixes 
showed good workability and consolidation during placement, and 
no modifications were made to the standard construction techniques 
followed by the precast manufacturer. The high strengths obtained 
in these girders represented a 30 percent increase over those typically 
achieved with the manufacturer's current practice. 

Deck Concrete 

A standard MnDOT bridge deck mix was specified for the deck with 
a 27.6-MPa required strength. The required 28-day concrete 
strength of 27 .6 MPa was surpassed at 7 days. Test results indicated 
the strength to be 35.3 MPa at 7 days and 40.4 MPa at 28-days. 
These results are tabulated in Table 1. 

FABRICATION AND TRANSPORTABILITY 

As noted previously, the girders were constructed in August 1993. 
Strands were specified to be tensioned to a level 0.75 hu after seat
ing losses. Hydraulic jacks pulled each strand individually to 198 
kN. On the basis of the nominal strand area of 139 mm2

, strands 
were tensioned to 76.7 percent before seating (72.4 percent before 
seating using actual measured area of 147 mm2

). A total of 92 strain 
gauges were installed on the strands and monitored throughout the 
tensioning process. A total of 83 percent of the gauges indicated that 

Actual 

I 21 hrs = 64.0 MPa 
28 day = 83.4 MPa 

II 18 hrs = 71.9 MPa 
28 day = 78.0 MPa 

7 day = 35.3 MPa 
28 day = 40.4 MPa 

Measured 

Area = 147 mm2 

EP, = 200,700 MPa 

fpu = 1853 MPa 



Ahlborn et al. 

the strands were tensioned to 1280 MPa or 72.9 percent of hu after 
seating based on the nominal area (69.1 percent after seating based 
on the measured strand area). A standard deviation of 40 MPa was 
recorded, and the remaining 17 percent of gauges were damaged 
during the tensioning process. 

Concrete was mixed at the plant batch station. No additional heat 
or steam curing was incorporated. Formwork was stripped shortly 
after each girder reached the required release strength (18 to 21 hr). 
Because both girders were cast on the same bed, the girder with the 
glacial gravel mix was stripped and sat for nearly 4 hr before strands 
were released while waiting for the limestone mix to reach the 
required strength. Consequently shrinkage and temperature cracks 
occurred near the center and quarter points of the girder cast with 
the glacial gravel/microsilica combination. Cracks penetrated the 
cross section from the top flange to the bottom flange. These cracks 
fully closed once the strands were released. Cracks were not seen in 
the limestone girder because the strands were released within 1 hr 
after the formwork was removed. 

At each end of the girders, strands were simultaneously flame cut. 
One to three cracks developed in each of the debonded end regions 
(A through C) during detensioning. Web cracking was observed in 
the draped end (D) of Girder II. The girders were then relocated in 
the prestressing yard until they were moved to the test site. Lift 
hooks were placed in the girder to ensure stability during handling. 
Placement was dictated by not exceeding allowable stress limits 
while assuming a small rotation about the roll axis in accordance 
with PCI stability criteria ( 4). A factor of safety of 2.0 governed the 
hook locations. No stability problems were encountered during 
handling. 

In addition to the shrinkage cracks, the following cracks were 
observed. One to three cracks appeared in the bottom flange at each 
beam end, starting at the web-to-bottom flange interface and pro
ceeding at a 45-degree angle longitudinally down the extreme edge 
of the bottom flange (approximately 8 in. from the end), then 
extending vertically downward to the lower edge of the bottom 
flange. Cracks did not occur on the bottom of the girder, and no 
splitting cracks were observed along or between the strands. 

Both girders were transported to an off-campus testing facility in 
October 1993. No stability problem or additional cracking was 
observed during transportation. Deck formwork placement began 
shortly after the girders were located in the testing facility. A com
posite deck was cast on each girder individually in February 1994 
using unshored construction. 

INSTRUMENTATION 

Instrumentation included strain gauges applied to the strands and 
transverse reinforcement, embedded concrete strain gauges and 
vibrating wire strain gauges, DEMEC (Detachable mechanical) 
gauges, and displacement transducers. The instrumentation was 
located in both the girder and the deck to optimize the information 
on prestress losses, creep and shrinkage, long-term deflections, 
transfer length of strands, composite interaction, flexure, shear, and 
cracking. 

Of the 46 strands a total of 9 were instrumented with strain 
gauges to investigate tensioning and transfer length. The pairs of 
debonded strands were instrumented at 380, 560, and 760 mm from 
the end of their respective sheath points. At 0.45L ( 45 percent of the 
member length) and midspan of the girders, strands were instru
mented to obtain data about the strain along the length of the strands 
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at the time of prestress, stress ranges in the strands during fatigue 
tests, and strains in the strands at ultimate in flexure. fo addition, 60 
DEMEC gauges were applied to the surf ace of the concrete at the 
e~d regions of the beam spaced 150 mm on center to measure the 
external concrete strains. Vibrating wire gauges were used to inves
tigate the change in concrete stress over time because of creep, 
shrinkage, and other environmental effects, and to provide addi
tional information on prestress losses. Embedded concrete gauges 
were also placed at 0.2L, 0.3L, and midspan in the girders to inves
tigate the width and depth distribution of concrete compression 
stress block during the ultimate flexure tests. 

Deck instrumentation consisted of strain gauges on the longitu
dinal reinforcement and embedded concrete gauges to investigate 
width and depth distribution along the length of the member. 
Vibrating wire gauges were placed to maximize information on 
deck shrinkage and also to investigate compression stress block 
distribution during the flexure tests. 

External instrumentation included tiltmeters, linear variable dif
ferential transformers (LVDTs), and acoustic emissions equipment 
for monitoring rotation, deflection, and first crack detection, respec
tively. Ambient temperature and relative humidity were continu
ously monitored. Data collection began with strand prestressing and 
continued through fabrication and deck casting. Data are being 
collected periodically until the tests are completed. 

RESULTS 

Transfer Length 

Instrumentation used to investigate transfer length included surf ace
embedded DEMEC gauges, strain gauges mounted on individual 
strands, and vibrating wire gauges (Figure 4). Figure 5 shows the 
strain that was measured on Girder I (End A) using the DEMEC sur
face gauges at release. The figure also includes data obtained from 
a vibrating wire gauge located at a slightly greater eccentricity (Fig
ure 4). Superimposed on Figure 5 is the calculated strain distribu
tion obtained from the following equation: 

(1) 

where 

E = strain at distance c from center of gravity (cg) of cross 
section, 

a = stress at distance c from cg of cross section, 
P = effective prestress, 
e = strand eccentricity measured from cg of cross section, 
A = cross-sectional area of concrete, 
I = gross moment of inertia of concrete, 
c = distance from cg of cross section to location at which 

strain/stress is to be determined, 
M 8 = external moment caused by self-weight, and 
Ee = modulus of elasticity of concrete. 

The calculated strain was determined using actual data obtained 
during tensioning and release to solve for the effective prestress 
level. The calculated strains were also based on the AASHTO 
assumed transfer length of 50 db (strand diameters). The shallow 
dips in the calculated strains reflect the effect of gravity load, caus
ing a decrease in the concrete compression strain at the level of the 
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FIGURE 4 Instrumentation for transfer length measurements. 

strands. The slight increases following the dips represent the initia
tion of bonding the pairs of debonded strands along the length of the 
girder. This increase effect appears minor because of the percent
age of debonded strands becoming bonded versus the total bonded 
strands already in the cross section. The calculated strain is gener
ally lower than the actual data indicate, although within reason. 
DEMEC gauges were placed near the center of gravity of strands to 
measured surface strains, and data include the localized effect of 
force concentration in the bottom flange of the girder. 

The calculated transfer length values using the assumptions 
above give reasonable results. In addition, transfer lengths were 
determined graphically from the experimental data using methods 
proposed by Russell and Bums (5) and Cousins et al. (6). In the 95 
percent average maximum strain method proposed by Russell and 
Burns, strain readings were first smoothed by averaging the data 
over three gauge lengths to reduce anomalies in the data. The aver
age maximum strain was determined by computing the numerical 
average of the smoothed strains contained within the strain plateau. 
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The intersection of a line corresponding with 95 percent of the aver
age smoothed strain data and the smoothed strain profile represents 
the transfer length (Figure 6a). Using this procedure, transfer 
lengths in the range of 570 to 725 mm were obtained for the four 
girder ends. 

The final average method eplployed by Cousins et al. (6) elimi
nates data points that lie outside the range of one standard deviation 
from the averaged strain plateau. The average strain of the remain
ing data points is then determined, and the transfer length is defined 
as the intersection of the final average strain and the data (Figure 
6b ). The results obtained with this method were similar to those 
obtained using the 95 percent average maximum strain method and 
ranged from 630 to 696 mm. 

Reported transfer lengths are for straight strands that were fully 
bonded in the section and exclude the debonded strands. As shown 
by the calculated strain in Figure 5, the additional force introduced 
by the pairs of debonded strands is on the order of 4 percent of the 
total stress introduced at the ends of the girders. Reported transfer 
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FIGURE 5 Measured and calculated strains for transfer length: UMN Test Girder I, 
End A, bottom flange. 



Ahlborn eta/. 27 

1600 ---1400 DEMEC Strain 

c 1200 0 
"Ci) 

Smoothed data 
Cl) 

1000 ~ 
c. 95% of AVERAGE 
E 800 0 
0 
II 600 
±. 

400 c: 
-~ 
u; 200 

Lt= 701 mm 
e 
0 0 .E 

-200 

-400 
0 2 3 4 5 6 7 8 

(a) Distance from end (m) 

1600 
x ---1400 -----~-----------------·- DEMEC Strain 

c 1200 0 ·c;; 
Cl) 

1000 Q) 

x x 
Xx x x 

Eliminated 

a. 
E 800 

Final Average 1 xxx x xx 
i---------X---"":R:""-- ------·-·-·-----·---0 

(.) 

II 600 
! Final Average = 1036 ue 

.±. 
T----------~--·-----··------.. --.. ---· 

c:: 400 
-~ 

t-···----. -·--·---·------·-·---------·-----,.--· 

1ii 200 
0 
ts 

l Lt ~696 mm ------------------------
0 .E 

-200 =-: 

-400 
j 

0 
(b) 

2 3 4 5 6 
Distance from end (m) 

7 8 

FIGURE 6 Transfer length, UMN Test Girder I, End A: (a) 95 percent average maximum 
strain method; (b ), final average method. 

lengths are therefore only for the initial force transfer of the bonded 
strands in the end of the girder. 

A wide variation in data exists for determination of transfer 
length, and there is a lack of data available for strands embedded in 
high-strength concrete. One study about the effect of high-strength 
concrete on transfer length of strands 15.7 mm in diameter was 
reported by Mitchell et al. (7). Concrete strengths ranged from 31 
to 89 MPa. It was shown that an increase in concrete compressive 
strength at the time of strand release resulted in a reduction of trans
fer length. Transfer lengths for single-strand rectangular specimens 
(200 by 250 mm) ranged from 435 to 872 mm for concrete strengths 
up to 65 MPa. Design expressions were proposed that take into 
account the concrete compressive strength at the time of force trans
fer and service. The Mitchell study varied from the current investi
gation in two ways. The Mitchell study used a third method-the 

slope-intercept method-for determining transfer length, and a 
gradual release method was employed for detensioning the strands. 
Both of these variations can result in shorter transfer lengths. 

Russell et al. (5) investigated the effect of lateral spacing on the 
transfer length of strands 15.3 mm in diameter. Concrete strengths 
varied in the study from 34 to 53 MPa for these tests. Results indicated 
that higher concrete strengths at release result in shorter transfer 

'lengths. Transfer lengths were 1057 mm for single-strand and 1070 
mm for three- and five-strand rectangular specimens and AASHTO
type (560-mm-deep) girders with 50.8-mm strand spacing. 

Table 2 summarizes transfer length estimations for the four girder 
ends using the two graphical approaches described earlier. Transfer 
lengths can be predicted using relationships from AASHTO (2) and 
ACI (1) (Table 2). Table 2 also summarizes the observed test data 
from Mitchell et al. (7) and Russell et al. (5). 
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TABLE 2 Transfer Length Summary 

Measured Transfer Length- UMN Test Girders (mm) 

GirderEnd 
Graphical Methods Using 

1-A 1-B 11-C 11-D Measured Surface Strain Data 

95% Average Maximum Strain 701 725 570t 565 
Method (Russell, 5) 

Final Average Method 696 569 630 676 
(Cousins, 6) 

A VERA GE of Methods (mm) 699 647 600 621 

Predicted Transfer Lengths (mm 

AASHTO (2) 780 

ACI (1) 782 

Observed Transfer Lengths of 15.7 mm Strand from Other Studies (mm) 

Mitchell (7) 435 - 872 (single strand rectangular 
specimens, slow release) 

Observed Transfer Lengths of 15.3 mm Strand from Other Studies (mm) 

Russell (5) 1057 (single strand rectangular specimen) 
1070 (3 and 5 strand rectangular 

specimens, AASHTO type 560 mm 
deep girders, all with 50.8 mm 
strand spacing) 

t A spuriously high data pomt was omitted which mdtcated a transfer length 
of 376 mm. 

Prestress Losses 

Prestress losses occur instantaneously because of elastic shortening 
at release and over time because of steel relaxation and creep and 
shrinkage of concrete. Nearly all prestress losses occur in the girder 
within the first 6 to 12 months of being cast. Creep and shrinkage 
will considerably slow down after this time, and deflections will 
have stabilized. Vibrating wire gauges were installed at the center 
of gravity of the strands in each girder to measure prestress losses 
with time. One gauge was installed at each of the following loca
tions: 0.45L, 0.50L, and 0.55L. The gauges were monitored contin
uously for 2 weeks after casting and periodically to date. Figure 7 
illustrates the strain change over time for a gauge located at the cen
ter of gravity of the strands near midspan of Girder I. 

Table 3 summarizes initial and time-dependent losses. Concrete 
strains measured immediately after release were used to provide an 
indication of prestress losses because of elastic shortening. Losses 
were also determined 28 and 200 days after girder casting. Day 200 
corresponds to the week before deck casting. The level of stress loss 
in megapascals is tabulated for each time step (noncumulative), 
whereas the percent loss listed represents the cumulative loss 
through that time step. The percent loss was based on the measured 
strand tensioning level of 1280 MPa immediately before release. 

AASHTO (2) specifications contain provisions for calculating 
initial and long-term prestress losses caused by elastic shortening, 
steel relaxation, concrete creep, and concrete shrinkage. PCI ( 8) and 
Naaman (9) use a time-step approach to determine losses for any 
given time. Using known material properties and transformed geo
metric section properties for each girder, losses were calculated for 
each method and are summarized in Table 3. Known properties 

include concrete compressive strengths and moduli of elasticity at 
different ages, measured creep coefficient of 1.0, prestressing steel 
yield and ultimate strengths, and strand tensioning level. 

Measured losses were lower in Girder II than Girder I, although 
within a reasonable range. The difference in losses between the two 
girders reflects the difference in initial concrete compressive 
strength and elastic moduli. The greatest portion of losses occurred 
at transfer because of elastic shortening and varied in each beam 
from 173 MPa in Girder I (limestone) to 156 MPa in Girder II 
(glacial gravel/microsilica), as indicated in Table 3. An additional 
76.5 and 46.6 MPa occurred in each girder, respectively, within the 
first 28 days after casting, and much smaller losses have occurred 
since (24.8 and 13.2 MPa). The calculated losses give reasonable 
estimates of the observed prestress losses when using properties 
appropriate for high-strength concrete. 

Camber 

Estimating camber and deflection of precast prestressed members is 
complex because of the interaction of prestress losses, loadings, and 
concrete strength gain with time. Camber calculations take into con
sideration prestressing effects, dead load, live load, erection loads, 
creep and shrinkage of concrete, and steel relaxation. 

A rational method of estimation using multipliers to predict cam
ber and deflection at erection and final service conditions has been 
adopted by the PCI (4). The PCI Design Handbook tabulates mul
tipliers for prestressed concrete beams with and without a compos
ite topping. These multipliers were based on general experience 
from use of normal-strength concrete and need to be reevaluated for 
use with high-strength concrete. 
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FIGURE 7 Strain change over time for prestress loss calculations: UMN Test 
Girder I, midspan. 
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Camber and deflection have been monitored for both girders since 
the time of strand release. Figure 8 illustrates centerline camber of 
both girders over time. Girder I (limestone) had an initial camber of 
121 mm and increased to a maximum of 230 mm within 2 months. 
Girder II (glacial gravel/microsilica) had an initial camber of 97 mm 
and increased to a maximum of 146 mm within 2 months. Both gird
ers then showed slight reductions in camber until the time of deck 
casting. Neither girder reached the camber levels of 210 and 193 mm, 
respectively, as predicted by the PCI method. Each girder deflected 
relatively as predicted because of deck casting; however, neither 
again achieved the overall PCI predicted levels of 152 and 133 mm. 
The cambers of each girder are slowly leveling out with time. 

Two MnDOT 45M girders (1140 mm deep) with spans of 40.5 m 
designed to be placed 1.22 m on center have been constructed. One 
girder was cast with limestone mix, and the second girder was cast 
with round glacial gravel mix incorporating microsilica. The gird
ers were fabricated with 1860-MPa strands that were 15.3 mm in 
diameter, debonded at three ends (Ends A through C), and draped 
at one end (End D). The girders will be loaded cyclicf:;llly to inves
tigate fatigue and subsequently will be tested to determine their flex
ural and shear strengths. Data about constructibility, transfer 
lengths, prestress losses, and camber have been obtained. 

TABLE 3 Prestress Losses 

tMeasured :j:PCI 
Committee (S') 

:j:Naaman (9) :l:AASHT0(2) 

MPa Losses MP a Losses MP a Losses MP a Losses 

Girder I - Limestone A gree:ate 

Release 

28 days 

200 davs 

Long-term 
losses* 

173 13.5% 

76.5 19.3% 

24.8 21.5% 

184 14.4% 

80.7 20.7% 

71.4 26.3% 

Girder II - Glacial Gravel with Microsilica 

Release 156 12.2% 170 13.3% 

28 davs 46.6 15.8% 81.7 19.7% 

200 days 13.2 16.8% 72.6 25.4% 

Long-term losses 

184 14.4% 150 11.8% 

50.3 18.3% 

37.6 21.3% 

258 31.9% 

170 13.3% 139 10.8% 

50.8 17.3% 

38.3 20.3% 

258 31.0% 

t Measured losses were obtained by averaging 3 gages located at the center of gravity of 
the strands at 0.45L, 0.50L, and 0.55L along the girder length. This change in concrete 
strain was assumed to be equal to the change in steel strain. 

; Losses were calculated at the center of gravity of the strands at 0.50L along the 
girder length. Losses at locations 0.45L and 0.55L were within lh% of that tabulated. 

' Long-term losses include effect of long-term loads due to deck. 
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FIGURE 8 Camber change over time: UMN-HSC bridge girder tests. 

The girders were fabricated with readily available materials and 
achieved their release strengths within 18 to 21 hr from the time of 
casting. There were no problems encountered in the fabrication or 
transportation of the long-span girders. Results indicated that trans
fer lengths were approximately 80 percent of those predicted by 
AASHTO (2) and ACI (1). Prestress losses measured to 200 days 
were consistent with those predicted by PCI (8), Naaman (9), and 
AASHTO (2). Girder cambers were lower than those predicted by 
PCI ( 4), particularly for the girder containing the glacial 
gravel/microsilica mix with the draped and draped/debonded strand 
configurations in the end regions. 
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Dynamic Vehicle Loading on a Slab Bridge 
Using Multiple Actuators 

PAUL N. RoscHKE 

An analytical method is presented that approximates passage along a 
bridge deck of discrete wheel loads by a group of actuators. Actuators 
are fixed in position but controlled in a sequential manner according to 
a mathematical algorithm developed from a flexibility matrix approach. 
As an example, a large-scale laboratory model of a posttensioned fiat 
slab bridge is loaded by an array of four actuators that simulates 
dynamic movement of a heavy truck. A total of 200,000 cycles of ser
vice load is applied to the slab in a region where transverse postten
sioning forces impose high gradients of stress. Experimental readings 
from the laboratory are compared with predictions from numerical sim
ulation. The algorithm can be applied to other types of bridge structures 
that undergo dynamic traffic loads. 

Transportation-related structures are, by nature, subjected to live 
loads that move in a continuous fashion from one end of the struc
ture to the other. Stress waves from these loads in the structural 
members are dynamic rather than static. Expensive maintenance of 
bridge decks and fatigue of related members attest to the importance 
of loads of this type. 

In most studies of bridges that involve moving traffic, a cyclic 
concentrated load at a fixed location is used to approximate stresses 
from the vehicle. By contrast, Perdikaris et al. (1) used a moving 
wheel load and found that the fixed location method results in 
higher fatigue strengths at a higher number of stress cycles for con
crete bridge decks. A variation on the fixed location method utilizes 
a moving single concentrated load that moves in a stepwise manner. 
In this case failure strength is lower than that for the fixed location 
method and occurs at fewer cycles (2). 

For the current study, multiple fixed-load locations are used to 
represent effects of passage of wheel loads from a vehicle (see 
Figure 1). Two lines of loads, one for each wheelpath, are applied 
by means of a spreader bar at each actuator. The number of load 
locations is limited only by the number of available actuators. A 
time-varying load is applied by a controller at each actuator. By cor
rect sequencing of loads applied by the actuators, dynamic effects 
caused by high-speed passage of a vehicle can be closely approxi
mated. Also, front and rear wheel interaction is included in the 
stress wave patterns. 

ALGORITHM FOR LOADING 

Consider a structure such as a flat plate that is loaded by a vehicle 
moving along a given path. To obtain the pseudostatic load
deflection relations, a flexibility approach can be used. The basic 
equation of flexibility is 

PXJ= u (1) 

Department of Civil Engineering, Texas Transportation Institute, Texas 
A&M University, College Station, Tex. 77843-3136. 

where 

P = applied load at a specified location j on a structure, 
f = deflection or flexibility coefficient at any location i caused 

by a unit load applied atj, and 
u = deflection at i caused by the load P. 

Using superposition this relation may be expanded to include n load 
locations as follows: 

n 

I PJfij = U; 
j=l 

(2) 

As an example, four actuators that have a fixed location are used 
in this study to apply simulated wheel loads at the eight locations 
indicated in Figure 1. In this case four flexibility equations may be 
written that relate the combination of the actuator forces to the 
deflection at four points in the slab. Here, the deflections of interest 
are taken to be at the actuator locations themselves. The equations 
are written for application of forces that cause the same deflection 
at these locations as a vehicle that is at an arbitrary location along 
its path of travel. Dividing the load applied by an actuator into two 
equal loads (two wheels per axle) results in the following equation 
for the average deflection under actuator 1 : 

4 

I Aj (JijPa + f1jb) = (U1a + U1b) 
j=I 

(3) 

where 

Aj = load applied by actuator j, assuming A/2 = Aja = A1b with . 
Aja and Ajb being the loads that are transferred to the slab at 
actuator j; 

fija = flexibility coefficient for left actuator load (left and right 
defined by looking in the direction of traffic); 

fijb = flexibility coefficient for right actuator load; 
u1a = deflection of slab at actuator 1 for left load; and 
u 1b = deflection of slab at actuator 1 for right load. A similar 

equation may be written for the other actuators. For the case 
of four actuators, the equations are given in Equation 4. 

In an analogous manner, a set of equations may also be written 
that relate wheel loads from a vehicle to the deflection at each actu
ator location. For a vehicle that has two wheels attached to each of 
three axles the equations are as follows: 
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FIGURE 1 Fixed actuator locations for simulation of moving load. 

(5) 

where 

Pj = axle load; 
fta = flexibility coefficient at the actuator for the left wheel load; 

and 
fijb = flexibility coefficient at the actuator for the right wheel 

load. 

As mentioned earlier, this set of pseudo-static equations holds for a 
given position of the moving vehicle. 

Applying the condition at time t that deflections caused by the 
actuators (right side of Equation 4) be equivalent to those caused 
by the truck loads (nght side of Equation 5), leads to the following 
relationship: 

[f]{A} = [f*]{P} (6) 

where matrixes f, f*, A, and P are defined in Equations 4 and 5. 
Equation 6 can be solved for the required actuator forces for each 
position of the moving vehicle as it traverses the bridge. 

EXAMPLE OF A SLAB BRIDGE 

Recently, a 3/10-scale model of a two-span bidirectionally post
tensioned flat slab bridge (see Figure 2) was constructed and tested 
in a controlled laboratory environment (3). Dimensions of the slab 
are 16.9 X 5.33 X 0.229 m (55.5 ft X 17.5 ft X 9 in.). In addition 
to uniformly distributed longitudinal posttensioning, a band of ten
dons is placed in a narrow region above the four supporting 
columns. The slab rests directly on neoprene bearing pads that sur
mount the abutments and columns. No reinforcing steel connects 
the columns and abutments with the slab. Arrays of 185 strain 
gauges (see Figure 3), 18 linear variable differential transformers 
(LVDTs), 10 load cells, and 27 survey points serve to gather data 
for dead, live, and time-dependent loads. 
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FIGURE 2 Slab geometry and example truck wheel load. 
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Factored and Scaled Truck Loads 

Spacing and magnitude of the wheel loads on the laboratory model 
are determined by applying geometric and loading scale factors, 
along with impact and overload factors, to dimensions and load 
magnitudes of an AASHTO HS20-44 truck (see Figure 4). An 
impact factor of 0.30 is determined according to the following 
equation from AASHTO 3.8.2.l (4): 

50 
I= Ln + 125 :s 0.3 (7) 

where 

I = impact fraction (maximum 30 percent); and 
Ln =length in feet of the portion of the span that is loaded to pro

duce the maximum stress [for Ln = 8.38 m (27.5 ft) and I 
= 0.32, use 0.30]. 

Because design of the slab has been shown to be conservative (3), 
an overload factor of 1.67 (4) is also applied to increase the proba
bility of inducing damage in the structure. The resulting wheel loads 
are multiplied by a similitude scale factor of 0.09 (3) to produce the 
wheel loads that are applied to the scale model bridge slab. 

A region of the slab near the columns that has a high spatial gra
dient of stress was investigated for effects of repeated passage of 
heavy truck traffic. Traffic is assumed to flow across the bridge 
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~ 13.0 kN 

1.28 m~N ~ 

~ "'i.2a 
3.3 kN 

FIGURE 4 Wheel loads applied to scale model bridge slab. 
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from right to left in Figures J. through 3. Figure 2· shows a typical 
location of the truck tires along its path of travel. A beam attached 
to each actuator with a pin connection is used to transfer the load to 
pressure pads that are spaced equidistant from the center of the line 
of travel of the truck. These pads, which have the scaled dimensions 
of the area of contact of a truck tire, apply load to the bridge deck. 
The distance between actuators is equal to that of the scaled length 
of the wheelbase of the truck loading. This means that the actuator 
loads correspond to the given scaled truck loads at those instances 
in the loading cycle when the location of the simulated truck coin
cides with the pressure pads. 

A preliminary static finite element analysis of the pres tressed slab 
was carried out using TEXSLAB (5). The surface plot of Figure 5 
shows the predicted normal stress in the transverse direction in the 
bottom layer of the slab as a result of prestressing and dead load. 
Figure 6 displays change in transverse stresses in the same bottom 
layer caused by the factored and scaled HS20-44 live load. 
Although stress ranges caused by live load are small, that is, approx
imately 345 kPa (50 psi), and a fatigue failure was not expected, it 
is still uncertain what damage might occur from the complex nature 
of the stress distribution in this region. Banding of transverse pre
stressing coupled with localized effects of column reactions may 
lead to a significant amount of microcracking when repeated loads 
are applied. To investigate this problem, 200,000 cycles of load are 
applied to the model. 

Time History of Actuator Loading 

Flexibility coefficients for Equation 6 are determined using the 
special-purpose finite element code mentioned earlier. A series of 
numerical simulations are carried out where the location of a unit 
load is varied by 0.61-m (2-ft) increments, beginning at the right 
end of the bridge deck. The load is placed in line with one of the 
paths of travel of a wheel (i.e., in line with the actuator pads), and 
deflection at each actuator pad is calculated. This gives one-half of 
the flexibility coefficients of Equation 6 for a given position of the 
load. A similar procedure is carried out for the other wheelpath. 
Then, knowing the flexibility coefficients and the magnitude of the 
truck wheel loads P; (see Figure 4), leads to a simple solution for 
the actuator forces A; that produce the same deflections at the 
actuators as the scaled vehicle. 

Response time and mechanical constraints of the load actuators 
determine the maximum speed of load application for a single pas-
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FIGURE 5 Transverse normal stress caused by dead load and prestressing. 

sage of a vehicle. Because of hardware limitations of available actu
ators and their controllers, one full load cycle of travel may be 
applied in 1.66 sec. By applying a scale factor for velocity, it is 
determined that this corresponds to a truck traveling on the proto
type bridge at 48 km/hr (30 mph). Correlation of time with truck 
position on the experimental slab gives a time history load curve for 
each actuator as shown in Figure 7 a. 

Two modifications of this procedure are made. Note that some 
negative (upward) values of load result as the actuators attempt to 
create the complex curvature of the structure. Because the lack of 

. connectors on the surface of the experimental slab preclude tensile 
loads being applied by the actuators, a further approximation must 
be incurred. Equation 6 is solved by a trial-and-error procedure for 
each truck location with only one, two, or three actuators applying 
load. The combinations that result in no tensile load are used to 
create the necessary deflections. 

Second, from Figure 7 a the load from Actuator 4 becomes very 
high after the vehicle moves beyond the line of columns. This 
increase is because the fourth actuator is applying nearly all of the 
load to achieve the required deflection after the truck has passed this 

100 

50 

0 

-50 

point. To reduce the influence of this actuator on the solution, the 
truck load is reduced to 0 after it moves past the center bent. The 
load curve that results from these special conditions is shown in 
Figure 7b. 

Experimental Results 

Consider a point on the slab that is 6.4 m (21 ft) from the beginning 
of the bridge and lies along a line that bisects the two lines of wheel 
loads. At this location, vertical displacement predicted by numerical 
simulation of the pseudostatic progression of the load is shown in 
Figure 8. Also shown in this plot is the actual displacement recorded 
by an L VDT from one cycle of the actuator loading. Differences 
between the curves are attributed to interaction of the dynamic 
response of the slab with the loads applied by the actuators. At the 
expense of rapid completion of the load cycles, the curve could be 
smoothed out with a slower application of the load. However, from 
the standpoint of fatigue, the additional spikes represent a more 
severe case of stress in the continuum than does a smooth curve. 

~istance from Center of Column Line (m) 

FIGURE 6 Change in transverse normal stress caused by live load. 
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FIGURE 8 Comparison of experimental and 
theoretical deflection for one truck passage. 

As described earlier, a total of 200,000 cycles of the HS20-44 
truck was applied to the slab. Figure 9 shows a comparison of the 
initial deflection curve and ~me recorded during the last cycle at the 
same location as that described earlier. There are only small 
changes in the general shape and maximum deflection of the curves. 
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FIGURE 9 Comparison of deflection at first and last cycles. 

Approximately once every 10,000 cycles, the dynamic loading 
was temporarily halted. A static load that is equivalent to the scaled 
and factored wheel loads was placed on the slab at the location 
shown in Figure 4. An L VDT located beneath the slab measured the 
deflection. For these static loads the measured deflection versus the 
number of load cycles is shown in Figure 10. During the first 20,000 
cycles there is a decrease in vertical deflection resulting from the 
static load; this phenomenon is attributed to shifting of the structure 
and residual compression of the elastomeric bearing pads between 
the column and the slab. For the remaining 180,000 cycles the static 
deflection is relatively constant. 

In addition to checking for change in vertical displacement at reg
ular intervals of loading, attempts were also made to detect degra
dation of the concrete and to measure the change in transverse strain 
in the critical region near the columns. Cracking of concrete was 
monitored directly by visual inspection during application of the 
static load and, indirectly, by strain gauge readings. No visible 
cracks were observed on the top or bottom surface of the slab 
through the full number of cyclical loads. This lack of damage was 
confirmed by readings from the gauges attached to the rebars and 
embedded in the concrete (see Figure 3). Gauges located in the 
vicinity of the supporting columns recorded a change in strain of 
less than 5 microstrain for the static application of load. These neg
ligible readings did not increase throughout the 200,000 cycles. 
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FIGURE 10 Static deflection versus cycles of load. 
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CONCLUSION 

A method is presented that allows use of a series of actuators that are 
fixed in position to impose sequential loads that simulate passage of 
a vehicle along a bridge. The approach is demonstrated using a large
scale laboratory model of a slab bridge. Force time-history of each 
actuator is calculated from a system of simultaneous equations that 
govern each increment of time. Flexibility coefficients are deter
mined from a static finite element analysis of the slab. Repetitive 
truck loading consisting of 200,000 cycles was applied to the slab at 
2-sec intervals. Visual inspection and data from transducers show 
that no apparent damage to the concrete was sustained. Bidirectional 
posttensioning contributes to a conservative design of the slab that 
is not susceptible to fatigue damage at these load levels. 
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Seismic Retrofitting of Bridge Substructures 

THAD D. SAUNDERS, JAMES A. CAHILL, DAVID I. MCLEAN, M. LEE MARSH, 

AND CARLTON Ho . 

Retrofitting measures for improving the seismic perform~nce of the 
su_bstructures of existing bridges were investigated. Experimental tests 
were conducted on 113~scale specimens consisting of a square column 
supported on a pile footing. Details of the column and footing were 
selected to represent deficiencies present in older bridges. Retrofit mea
sures were applied to both the columns and footings. The specimens 
were subjected to increasing levels of cycled inelastic lateral displace
ments under constant axial load. Specimen performance was evaluated 
on the basis of load capacity, displacement ductility, strength degrada
tion, and hysteretic behavior. Tests on the as-built specimen resulted in 
a brittle failure due to insufficient joint shear strength in the column and 
footing connection. An added reinforced concrete overlay provided an 
~ffective retrofit for the as-built footings. The overlay resulted in 
mcreased shear resistance, allowed for the addition of a top mat of rein
forcement to provide negative moment strength, and increased the pos
itive moment capacity by increasing the effective depth of the pile cap. 
All retrofitted specimens developed plastic hinging in the columns with 
a. resulti~~ ductile resp.onse. under the simulated seismic loading. Spe
cial detailmg was reqmred m the column lap splice regions in order to 
m~i.ntain the integrity of the sp~ices. In a specimen that was overturning 
cntlcal, successful retrofitting was achieved by enlarging the footing 
plan size and providing additional piles. 

Bridge structures have historically been vulnerable to seismic load
ing, with numerous examples of damage occurring to both super
structure and substructure elements and, in some cases, complete 
and catastrophic collapse. The watershed event in changing seismic 
design philosophies was the 1971 San Fernando earthquake. 
Bridges built under design criteria developed after 1971 have gen
erally performed well in recent earthquakes. However, the vulnera
bility of older, pre-1971 bridges was clearly evident in the 1987 
Whittier Narrows and 1989 Loma Prieta earthquakes. In the Loma 
Prieta earthquake alone, damage to bridges resulted in more than 40 
deaths, $1.8 billion in damage to transportation structures, and 
severe economic disruptions due to the loss of major transportation 
routes (1). 

As a result of the damag~ that occurred to older bridges, a major 
research effort was directed at developing strengthening or retrofit 
strategies to upgrade the performance of older bridges. Significant 
retrofit efforts began in California in the 1970s; with the initial focus 
of the retrofit schemes being to improve the performance of the 
superstructures in earthquakes. Following. the 1987 Whittier 
Narrows earthquake in which extensive damage occurred to many 
columns, it became apparent that retrofit efforts must address the 
entire bridge structure. Column retrofit strategies were subsequently 
developed. Only recentl_y have strengthening methods been devel-

T. D. Saunders and M. L. Marsh, ABAM Consulting Engineers, 33301 
Ninth Avenue South, Federal Way, Wash. 98003-6395. J. A. Cahill, U.S. 
Air Force, Ellsworth Air Force Base, Rapid City, S. Oak. 57706-5000. D. I. 
McLean and C. Ho, Department of Civil and Environmental Engineering, 
Washington State University, Pullman, Wash. 99164-2910. 

oped for improving the perfomiance of existing footings, and very 
limited testing has been performed to verify the methods. 

The objective of this study was to experimentally evaluate retro
fit methods for"improving the seismic performance of existing foot
ings. The focus was on pile-supported substructures. A. detailed 
account of the research program can be found elsewhere (2). This 
paper presents an overview of the study and discussion of the test 
results and conclusions. · 

BRIDGE SUBSTRUCTURE RETROFITTING 

Column Retrofitting 

A common detail found in older bridge columns is an insufficient 
amount of transverse reinforcement. Typically, No. 3 or No. 4 
hoops at 0.3 m (12 in.) on center were used in columns regardless 
of the column cross-sectional dimensions, and the hoops had short 
extensions and anchorage only by lapping the ends in the cover con
crete. Further, intermediate ties were rarely used. This detail results 
in the susceptibility of many older columns to shear failures, and it 
provides little confinement for developing the full flexural capacity 
or preventing buckling of the longitudinal reinforcement. 

Another detail commonly used in older bridges was splicing of 
the longitudinal bars at the bottom of the columns. Typically, starter 
bars were extended only 20 longitudinal bar diameters (db) from the 
foundations, which does not provide sufficient length to develop the 
yield strength of the reinforcement. Bond failure is also likely once 
the cover concrete spalls. These deficiencies result in a high poten
tial for flexural strength degradation in the event of an earthquake. 

Previous research (3) has shown that the most effective column 
retrofit method for both circular and rectangular columns is steel 
jacketing. The steel jacket is made slightly larger than the columns, 
and the space between the jacket and column is filled with grout. 
Research has shown that in order tq achi~ve the needed lateral con
finement with the retrofit, circular or elliptical jacketing is neces
sary. Test results showed that jacketing of the columns can improve 
the splice region performance (partial-height jacketing) and column 
shear performance (full-height jacketing). 

On the basis of recent research studies ( 4,3), the California 
Department of Transportation (Caltrans) (5) implemented stan
dardized column retrofit procedures: the Class P retrofit and the 
Class F retrofit. Steel jackets with a minimum thickness of 10 mm 
(3/8 in.) are used. Circular or elliptical jackets are used depending 

. on whether the column is circular or rectangular. The Class P retro
fit provides partial confinement in the plastic hinging region, with 
the intent of providing a pseudo pin at the bottom of the column. 
The Class F retrofit results in the preservation of the full flexural 
capacity o{the column and. typically requires retrofitting of the foot
ing in. order to carry the forces transferred from the column. 
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Footing Retrofitting 

Footings in older bridges were designed primarily for gravity loads. 
As a result, the footings often contain little or no top reinforcement 
and may be susceptible to brittle flexural failures in an earthquake. 
Older footings may also be susceptible to shear failures, both 
through the footings and at the column and footing joints. Many 
existing footings are vulnerable to overturning, pile failures, or 
both. All of these problems may be exacerbated by retrofit measures 
applied to other sections of a bridge, such as column jacketing. 

Caltrans (5) developed procedures for designing footing retrofits. 
Based on the plastic moment capacity of the columns, the footing is 
checked for flexural and shear strengths and overturning. To 
increase overturning resistance, the footing may be enlarged, addi
tional piles provided, or soil anchors added. To provide negative 
moment strength and to- increase shear strength, a concrete overlay 
is added to the top of the existing footing. Horizontal reinforcement 
is incorporated into the overlay, and reinforcing dowels connect the 
overlay to the existing footing. 

Xiao et al. (6) tested specimens with as-built and retrofitted 
footings. Tests on the as-built specimen resulted in a column and 
footing joint shear failure. Retrofitted specimens incorporating an 
overlay designed using current Caltrans standards performed better, 
but the researchers concluded that the standards do not adequately 
address the joint shear problem. An improved retrofit design using 
longer dowels to develop more effective joint shear resistance 
mechanisms was proposed and verified. 

EXPERIMENTAL TESTiNG PROGRAM 

·Test Specimens and Parameters 

For this study a section of a typical bridge substructure consisting 
of a single column and supporting pile footing was used as the basis 
for evaluating as-built and retrofitted substructure performance. The 

TABLE 1 Summary of Test Specimens 

Pile-Cap Specimen Pile-Cap 
No. Deficiency Retrofit 

Applied 

1 Shear None 
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prototype column and pile footing were formulated by compiling 
design plans from the 1950s and 1960s for bridges in Washington 
State. Emphasis was placed on single-column bent bridges because 
these bridges are likely to be more critical than multicolumn bent 
bridges and thus would be the first type of bridges targeted for retro
fit. The prototype substructure section chosen for study consisted of 
a 3.7- by 3.7-m (12- by 12-ft) square pile cap with a thickness of 
0.9 m (3 ft) and a 0.9-m (3-ft) square column. The reinforcing ratios 
selected for the pile cap were 0.42 and 0.28 percent for the longitu
dinal and transverse_ steel, respectively, and the column reinforcing 
ratio selected was 2.5 percent. Details included column lap splice 
lengths of 20db and 35db. Timber piles were selected for study in 
this investigation because they are common in many older founda
tions in Washington State. On the basis of the reviewed plans, the 
timber piles were typically spaced at 0.9-m (3-ft) intervals and were 
approximately 0.3 m (12 in.) in diameter. 

The experimental tests were conducted on 1/3-scale specimens 
that modeled the prototype dimensions, reinforcing ratios and 
arrangement, deficient detailing, and material properties. Test pa
rameters included the performance of as-built specimens and meth
ods for improving the pile-cap shear strength and for increasing 
footing overturning resistance. The specimen columns incorporated 
both 20db and 35db splices. The columns of all specimens were 
retrofitted using circular steel jacketing _in order to focus any dis
tress into the footings. A summary of the test specimens is given in 
Table 1; five specimens were tested. Details of Specimen No. 1, rep
resenting as-built footing details, are shown in Figure 1. The vari
ous retrofit measures applied to the remaining specimens are 
discussed later along with the test results. 

Test Setup and Procedures 

The test specimens were supported on short wood piles in a sandy 
soil contained within a stiff box constructed of large glue-laminated 
wood beams. Soil was compacted between the piles before con-

Axial 
Column Column Load 

Type Deficiency ~ 
f' .:A,, 

Square 20 db hinge 0.104 splice 

2 Shear Top Deck and Square 20 db hinge 
0.104 

Pedestal splice 

3 Shear Top Deck Square 35 ~hinge 0.104 splice 

Shear and Top Deck and 
35 ~hinge 4 Low Tension Square 0.069 Overturning 

Capacity Piles splice 

Top Deck, Low 

5 Shear and Tension Square 35 db hinge 0.069 
Overturning Capacity Piles, splice 

and Added Piles 
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FIGURE 1 Details of specimen representing as-built conditions, Specimen No. 1 
(1 in. = 2.5 cm). 

struction of the pile cap and then around the pile cap after it was 
poured, as shown in Figure 2. The objectives of this test setup were 
to allow the pile cap to rotate and to approximately simulate the 
actual footing support conditions. This setup overconfines the soil 
when compared with field conditions, and there is significant labor 
involved in setting up and removing a specimen. However, the 
setup is more realistic than the support conditions often used in lab
oratory tests in which the footing is bolted to a strong floor, thus not 
allowing any footing rotations. 

The overall test setup is shown in Figure 3. The specimens were 
subjected to reversed cyclic lateral loading under a constant axial 
load. Axial loads of 270 kN (60 kips) and 180 kN (40 kips) were 
used to facilitate the study of various failure mechanisms. A ram 
mounted on a low-friction trolley was used to apply the axial load. 
Lateral loads were applied using a horizontal actuator. 

The determination of the column tip horizontal displacement at 
first yield (Ay) and the loading sequence were similar to the proce
dures used by Priestley and Park (7). The specimens were subjected 
to a simulated seismic loading pattern consisting of increasing mul-

tiples of Ay in order to demonstrate the ductility and hysteretic 
behavior of the test specimens. The loading pattern for the speci
mens consisted of two cycles at displacement levels of:::': 1, ±2, :::':3, 
:::': 4, :::': 6, :::': 8, :::': 10, and :::': 12 times Ay unless failure occurred first. 

Strain gauges were used to monitor the strains in the flexural and 
transverse reinforcement. Linear variable displacement transform
ers (LVDTs) and load· cells measured column displacements and 
applied loads. L VDTs were also placed on the top of the pile cap to 
determine footing displacements and rotations. Several of the wood 
piles were instrumented with strain gauges and were calibrated 
under compressive loading in an attempt to monitor loads in the 
piles. All data were recorded intermittently during testing. 

TEST RESULTS AND DISCUSSION 

In this section results of the experimental tests are summarized. 
Results from Specimen No. 1 are presented first. These results were 
used to formulate the retrofits for the four subsequent specimens. A 
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FIGURE 2 Testing support conditions (1 in. = 2.5 cm). 

description of the retrofit methods applied and specimen perfor
mance is then presented for Specimen Nos. 2 through 5. Specimen 
performance was evaluated on the basis of moment capacity, dis
placement ductility, strength degradation, and hysteretic behavior. 

Specimen No. 1 

Specimen No. 1 was designed to be representative of as-built con
ditions in which the pile cap is shear critical. The performance of 
this specimen was intended as the basis for designing and evaluat
ing retrofit methods for the subsequent specimens. The column of 
Specimen No. 1 contained a 20db lap splice and was retrofitted at 
the base with a steel jacket. 

Height 
Adjust Horizontal Stays 

General Behavior 

Failure in Specimen No. 1 occurred during loading to a displace
ment level of 2~r The resulting hysteresis curves for Specimen No. 
1 are shown in Figure 4 and indicate little energy dissipation. The 
peak applied lateral load was 49.8 kN (11.2 kips) and occurred at a 
column tip displacement of 36.6 mm (1.44 in.). The column reached 
65 percent of its moment capacity before the specimen failed and 
showed only minimal signs of cracking. 

During testing, the top of the pile cap developed cracking radiat
ing outward from the column. After the specimen was removed 
from the testing setup, cracks were also observed on all four sides 
.of the pile cap. Only minor cracking was observed on the bottom of 
the pile cap. The major cracks occurring in Specimen No. 1 are 
shown in Figure 5. · 

Column 

Strong Floor 

FIGURE 3 Testing setup (1 kip= 4.448 kN; 1 in.= 25.4 mm; 1 ft= 0.304 m). 
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FIGURE 4 Load-deflection curves for Specimen No. 
1 (1 kN = 0.2248 kip; 1 mm= 0.039 in.). 

Failure Mechanism 

The cracks observed in the pile cap of Specimen No. 1 are indica
tive of a shear failure. However, because of the cyclic loading, the 
exact sequence and the origin of the cracks were difficult to deter
mine, resulting in some uncertainty as to the exact cause of the fail-
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ure. It was postulated that failure in the pile cap was a result of one 
or more of the following failure modes: one-way beam shear, 
concre.te failure associated with pullout of the dowel hooks form
ing the column splice, or a joint shear failure at the column and 
footing connection similar to that reported by Xiao et al. (6). To 
gain an understanding of the cause of the failure, a qualitative study 
(8) was conducted using small-scale specimens that replicated the 
details of Specimen No. I. The small-scale specimens (approxi
mately 1118 scale) allowed for cross sectioning of the specimens 
after testing. 

Tests on the small specimens resulted in the same apparent fail
ure mode observed in the test on the larger-scale Specimen No. I. A 
cross section showing the internal cracking patterns within the col
umn and footing joint region is shown in Figure 6(a). A major diag
onal crack developed within the column and footing connection. In 
Figure 6, loading was appiied to the column from right to left. Thus, 
the inclination of the crack precludes a· beam·shear-failure. Instead, 
the observed cracking is typical of that associated with a joint shear 
failure in a beam or column connection [see Figure 6(b)].' 

Priestley (9) has suggested a simple method of checking princi
pal tensile stress in the column and footing joint region to assess 
joint shear failure. The principal t~nsile stress ·in the j9int region is 
calculated using Mohr's circle for stress and accounting for the axial 
and shear stresses within the joint. Details of the procedure are 
given by Xiao et al.(6). A. tensile stress value of 0:42 Vfc MPa 
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(a) 

(b) 

FIGURE 6 Cracking patterns in (a) small-scale column and 
footing joint and (b) column and beam joint. 

(5.0 \/];psi) was suggested as the limit at which joint failure will 
occur. Using this approach, a maximum tensile stress value of 
approximately 0.46\/fI MPa (5.5 \/fI psi) was calculated for Spec
imen No. 1, reinforcing the conclusion that a joint shear failure in 
the column and footing connection was the failure mechanism. 

Specimen No. 2 

Specimen No. 2 was constructed and detailed as in Specimen No. 1 
except that the pile cap was retrofitted to increase its thickness by 
adding a concrete overlay. This overlay intersected.the splice region 
of the column and thus required special detailing. 

Retrofit Description 

The overall thickness of the pile cap was increased by adding a rein
forced concrete overlay on top of the existing pile cap. The overlay 
was designed to act compositely with the existing pile cap by pro
viding dowels. The dowels were designed using shear friction 
theory and drilled and epoxied into the top of the existing pile cap. 
The ends of the dowel were anchored into the retrofit overlay with 
180-degree hooks. The overlay also allowed for the· addition of a 
mat of horizontal reinforcement, thus providing negative moment 
strength to the footing. The thickness of the overlay was selected to 
produce joint shear stresses below the limit proposed by Priestley 
(9) and to allow for development of the shear friction dowels. An 
overlay thickness of 13 cm (5 in.) was used in the specimen. 

The 20db splice present in the column of Specimen No. 2 required 
special detailing since the overlay intersected the splice (in this 
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case, at midheight of the splice). If the splice was intersected by the 
overlay, the working interface for the column hinging would be at 
the top of the overlay, and the embedment of the splice would no 
longer be 20db. As a consequence, the column reinforcement may 
not fully develop and the splice may degrade, no matter what the 
amount of confinement provided. Thus, a pedestal extending to the 
top of the splice was incorporated into the retrofit scheme to main
tain the integrity of the splice. Crack control steel consisting of a 
hoop and hairpins was provided in the pedestal. Figure 7 illustrates 
the details of the retrofit used for Spe.cimen No. 2. 

The column cover over the full height of the splice was removed 
before constructing the retrofit overlay to enable composite action 
and load transfer between the column and the added overlay. The 
column retrofit jacket was still required to provide confinement in 
the new plastic hinge region, now located at the top of the pedestal, 
because of the inadequate transverse reinforcement present in the 
as-built column. 

Test Results 

The specimen performed very well, with failure occurring at a dis
placement level of 1 OAy, as illustrated by the hysteresis curves shown 
in Figure 8. The peak applied lateral load was 87.2 kN (19.6 kips) and 
occurred at a displacement of 118 mm (4.65 in.). During the second 
cycle of loading to a displacement level of 10Ay, a column longitu
dinal bar fractured. Before this low-cycle fatigue fracture of the rein
forcement, the development of a plastic hinge at the base of the col
umn resulted in a very ductile response. The hysteresis curves are 
large, show little pinching, and exhibit good energy dissipation. 

Cracking in the pile cap, added overlay, and pedestal was mini
mal. Some cracking did occur in the pedestal around the column as 
a result of plastic hinge penetration. Pile cap movements and rota
tions were very small. On the basis of the instrumented piles, signif
icant pile tension forces were observed despite the lack of any struc
tural connection between the top of the wood piles and the pile cap. 

Specimen No. 3 

The as-built portion of Specimen No. 3 was detailed and con
structed as in Specimen No. 1. However, the column of Specimen 
No. 3 incorporated a 35db lap splice rather than the 20db splice used 
in Specimen Nos. 1 and 2. 

Retrofit Description 

A concrete overlay retrofit was again used to improve the performance 
of the footing. With a lap splice length of 35db, the use of a pedestal 
to fully contain the splice would result in an unreasonably large 
pedestal. As in Specimen No. 2, an overlay thickness of 13 cm (5 in.) 
was chosen on the basis of joint shear considerations. Thus, the over
lay would intersect the splice at 13 cm (5 in.) or lOdb from the bottom 
of the splice, leaving a 25db lap splice above the overlay. Previous 
research (4) has shown that a lap splice length of 20db can fully 
develop the reinforcement if proper confinement is present. Therefore, 
no pedestal was used in the retrofit. However, in order to maintain the 
original column strength and stiffness, the column longitudinal bars 
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FIGURE 7 Retrofit scheme for Specimen No. 2 (1 m = 3.3 ft). 
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FIGURE 8 Load-deftection curves for Specimen No. 2 
(1 kN = 0.2248 kip; 1 mm= 0.039 in.). 

were cut at the top of the overlay before the retrofit was poured. All 
other details of the retrofit were the same as in Specimen No. 2. 
Figure 9 shows the retrofit measures applied to Specimen No. 3. 

Test Results 

The hysteresis curves for Specimen No. 3 are shown in Figure 10 
and indicate good energy dissipation. The peak applied lateral load 
was 83.6 kN (18.8 kips) and occurred ata displacement of 90.1 mm 
(3.55 in.). During the first cycle to a displacement level of 12~Y' sev
eral dowel bars fractured and the test was stopped. Cracking result
ing from plastic hinge penetration occurred in the top of the pile cap 
and was more extensive than the .cracking observed in Specimen 
No. 2. After the specimen was removed from the test setup, some 
diagonal cracking was also evident in the as-built portion of the pile 
cap. However, the pile cap maintained its integrity and the overall 
performance of the specimen was satisfactory. 
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FIGURE 9 Retrofit scheme for Specimen No. 3 (1 m = 3.3 ft). 
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FIGURE 10 Load-deflection curves for Specimen No. 3 
(1 kN = 0.2248 kip; 1 mm =·0.039 in.). 

Specimen No. 4 

Specimen No.~ was designed to examine the "rocking'~ behavior of 
a footing system when the tension capacity of the piles is lost or 
nonexistent. In the previo.us tests, the timber piles were found to 
have a tensile capacity. If this tensile capacity was not prese_nt, the 
overturning resistance of the footing would be less than the column 
flexural capacity .and .overturning or rocking would occur.· This 
rocking behavior would be relevant to foundations that! perhaps by 
choice, were not retrofitted. 

Retro.fit Description 

Specimen No. 3 incorporated a 35db lap splice, and the details of the 
retrofit were identical to those used for Specimen No. 3. However, 
the tops of the piles were greased, and a layer of crushable foam was 
placed around the sides of the piles embedded in the pile cap. These 
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measures effectively destroyed the tensile capacity of the piles 
while at the· same time preserving the compressive capacity. A 
reduced axial load was used on Specimen No. 4 to ensure that the 
specimen would be overturning critical. 

Test Results 

Figure 11 shows the hysteresis curves for Specimen No. 4. The S 
shape of the curves is the result of the uplift and rotation of the pile 
cap. The peak applied lateral load is approximately 67 kN (15 kips) 
and is only 80 percent of the column capacity. The hysteresis curves 
enclose small areas, indicating low energy dissipation. However, 
the response was very stable, indicating the potential for beneficial 
load redistribution and cost savings if some footings were lefr · 
unretrofitted and allowed to rock. 

Specimen No. 5 

The tensile capacity of the piles in Specimen No. 5 was suppressed 
as in Specimen No. 4. However, Specimen No. 5 was retrofitted by 
enlarging the footing and adding additional piles to increase the 
overturning resistance. 

Retrofit Description 

The footing size for Specimen No. 5 was enlarged by adding 0.3 m 
(12 in.) to each end in the direction of loading. Eight additional 
piles were added, four at each ~nd, to increase the overturning resis
tance. A 35db lap splice was present in the column, and an overlay 
was added to increase the shear resistance of the footing. The over
lay was detailed in a manner similar to that for Specimen Nos. 3 
and4. 
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FIGURE 11 ·Load-deflection curves for Specimen No. 4 : 
(1 kN = 0.2248 kip; 1 mm = 0.039 in.). 
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The additional piles were selected to represent steel-encased cast
in-place concrete piles. This type of pile was chosen for its tension 
capability, ease of construction, and the likelihood of its being used 
in actual retrofits. In the scaled specimen tests, the added piles con
sisted of concrete cast into steel tubing bolted to the floor. A rein
forcing bar was cast into the center of the pile to provide tension 
capacity between the added piles and the cap. 

Composite action between the existing and the enlarged sections 
of the pile cap was achieved by chipping out the concrete around the 
botto~ mat of reinforcement in the existing footing and welding the 
existing _and new positive reinforcement together. The top mat of 
reinforcement provided in the overlay also enhanced composite 
_action between the sections. Shear reinforcement was provided in 
the· eqlarged portion of the pile caps. The retrofit design for Speci
m,en No. 5 is shown in Figure 12. 

Test Results 

The hysteresis· curves for Specimen No. 5 are shown in Figure 13 . 
. The pile cap experienced essentially no uplift. The peak applied lat
eral load was 81.4 kN (18.3 kips) and occurred at a displacement of 
90.1 mm (3.55 in.). During cycling to a displacement level of 12.iy, 
five of the outermost dowel bars fractured because of low-cycle 
fatigue and testing was stopped. The hysteresis curves are large and 
exhibit good energy dissipation. 

Similar to .the cracking observed in Specimen No. 3, cracks 
developed in the top of the pile cap and extended toward the sides. 
Cracks also developed in the top of the pile cap around the column 
because of plastic hinge penetration. However, the cracking was 
controlled by the top mat of reinforcement in the retrofit overlay and 
specimen performance was very satisfactory. 

CONCLUSIONS 

The experimental test results from this study indicate that existing 
bridge footings may perform poorly under seismic loading. The as
built specimen exhibited significant cracking in the pile cap and 
failed as a result of inadequate joint shear strength in the column and 
footing connection. The failure was relatively brittle and showed lit
tle energy dissipation. 

It was found that an added reinforced concrete overlay provided 
an effective retrofit for the ~s-built footings. The overlay resulted in 
increased shear resistance, allowed for the addi~ion of a top mat of 
reinforcement to provide negative moment strength, and increased 
the positive moment capacity by increasing the effective depth of 
the pile cap. All retfofitted speCii:nens developed plastic hingi_ng in 
the columns with a resulting ductile response under the· simulated 
seismic load_ing. 

Special detailing was required in the column lap splice regions in 
order to maintain the integrity of the splices. With a 20db splice, a 
pedestal enclosing the full height of the splice was incorporated into 
the retrofit. With a 35db splice, no pedestal was used; however, the 
column bars were cut at the top of the overlay and a re_maining con
fined splice length of at least 20db was maintained. 

In a specimen that was· overturning critical, successful retrofitting 
was achieved by enlarging the footing plan size and providing addi
tional piles. 
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Identification of Railway Bridges 
Using Traffic-Induced Vibrations 

E. UZGIDER, A. K. $ANLI, F. PIROGLU, AND B.O. C::AGLAYAN 

A program of full-scale bridge tests was undertaken as a principal part 
of the research project entitled Rehabilitation of Old Railway Bridges 
and primarily considered railway bridges located on the Turkish Rail
way Network. This program was financially supported by the North 
Atlantic Treaty Organization Science for Stability Program. Bridges 
were tested during the summers of 1991, 1992, 1993, and 1994. The test 
program followed a standard pattern for each bridge. An efficient dam
age detection procedure developed in the course of TU-BRIDGE 
research studies with application to the <;erkezkoy Railway Bridge is 
described. 

A research project entitled Rehabilitation of Old Railway Bridges 
and started on February 1990, was financially sponsored by the 
North Atlantic Treaty Organization (NATO) Science for Stability 
Program with the code name TU-850-BRIDGES. The main objec
tive of this research program was to evaluate current structural 
conditions and reliability of these bridges, which are the most 
important part of the Turkish railway system. Repairing and 
strengthening procedures will be developed as needed. 

In the framework of the TU-BRIDGES Project a rational proce
dure has been developed to detect any existing damage and deteri
oration globally on old railway bridges using collected acceleration 
data during their dynamic field test. Because labor needed to install 
acceleration transducers is considerably easier than that needed to 
install strain transducers, in less than one day the needed data can 
be collected, avoiding the costly rail traffic shutdowns. Thus, the 
procedure could be a tool for enhancing bridge inspection and iden
tifying globally existing damages with their location. If global dam
age is detected for any bridge region, then the process must be com
pleted by strain measurements focused on that region to achieve an 
element-level damage detection. 

To avoid the rail traffic shutdowns of forced vibration test tech
niques, an ambient vibration technique in which a bridge structure 
is excited by the current rail traffic is used. The added mass effect 
of the bridge traffic is avoided by considering the acceleration data 
recorded after the train has left the bridge. Several previous studies 
(J-5) showed that current traffic is considered as an excitation 
mechanism. 

Not all degrees of freedom can be measured during a test because 
an unreasonable amount of transducers are needed and, thus, not all 
modes are observed in the response records. On the other hand, ade
quate control of excitation, which is only the case for forced vibra
tion tests under laboratory conditions, is essential for precise mode 
shape measurements, but it is not the case for the traffic-induced 
vibration tests performed on the real bridge structures. Thus, instead 
of considering element-level identification, stiffness parameters rep-

Department of Civil Engineering, Istanbul Technical University, 80626 
Maslak, Istanbul, Turkey. 

resenting the stiffness changes in the selected structural segments 
containing some amount of structural members, can be defined more 
reliably, depending on the identified modal parameters. 

The proposed method has been successfully employed for the 
data recorded from the 11 railway bridges tested within the frame
work of the TU-BRIDGES Project. The total process that is offered 
to follow to achieve element-level damage detection is described in 
Figure 1. 

GLOBAL DAMAGE DETECTION METHOD 

The proposed method consists of two main consecutive phases: (a) 
modal identification and (b) segmentary stiffness identification. 

Modal Identification 

After preprocessing the recorded acceleration data to eliminate pos
sible noise contamination and removing existing trends and outliers 
as given in detail elsewhere (6, 7), using the well-known spectral 
analysis method similar to that used by Felber (5), modal parame
ters are defined on the basis of the acceleration data recorded after 
the train has left the bridge. 

Segmentary Stiffness Identification 

Distress in civil engineering structures often may have a significant 
effect on stiffness, but not on mass. In steel structures, fatigue 
cracks reduce stiffness without loss of mass, and even a corrosion 
loss will affect stiffness to a much greater extent than it will affect 
m_ass. Thus, it is safely assumed that because of these structural 
damages, mass values are not changed. Then, stiffness identifica
tion can be used as an efficient tool to detect the structural changes 
with respect to the computer model. A dominant part of these 
changes may be assumed to be caused by the existing damages in 
the structure, if an accurate computer modeling technique has been 
employed during the identification process. On the other hand, a 
considerable simplification is possible in stiffness identification 
when the function of a member in a structure relies primarily on one 
stiffness. For example, floor beams in the bridge provide primarily 
flexural stiffness, whereas truss members provide primarily axial 
stiffness. In such cases, damage in a member will influence modal 
parameters through the primary stiffness only, and the change in a 
member stiffness may be represented by the change in its elasticity 
modulus. However, stiffness changes are not sensitive enough to 
small structural damages such as those caused by fatigue cracks or 
corrosion loss existing on a bridge member. 
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Thus, instead of considering bridge members one by one, upper 
and lower lateral bracing system, two plane trusses, and vertical and 
longitudinal support springs of the bridge were divided into a set of 
segments in this identification process. The segmentation pattern 
employed in this study is shown in Figure 2. Then, the modulus of 
elasticity of each characteristic region is considered as the segmen
tary stiffness parameters to be identified. Then, a negative percent 
change of identified elasticity modulus of any segment with respect 
to the original value will be interpreted as the signature of the total 
stiffness degradation or damage occurring in the members covered 
by this segment. On the other hand, positive percent changes are 
considered as the result of the other sources of stiffness that cannot 
be incorporated into the computer model. 
· To estimate the segmentary stiffness parameters the weighted 

squares of the difference between the experimentally identified and 
computed modal parameters, subject to limits on the extreme val
ues of the segmentary stiffness parameters will be minimized. The 
following is the associated constrained nonlinear optimization prob
lem for the proposed least-squares estimator: 

n 

minimize J (E) = I gi [MMP; - CMP; (E)]2 
E i=I 

(1) 

d 

d 

d 
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subject to E 1 
::::; E ::::; E" where E is the segmentary stiffness param

eter vector, 

(la) 

MMP; is the experimentally identified or measured modal parame
ters and n is the number of experimentally identified or measured 
modes. The vectors E 1 and E" are the lower and upper limit vectors, 
respectively; for the unknown segmentary stiffness parameters, and 
the inequalities are enforced component by component. These lim
its are available to enforce known characteristics of the stiffness 
parameters. For example, one might know in advance that a nega
tive value in the modulus of elasticity is impossible on physical 
grounds, and the stiffness parameters are limited from above. These 
limits define the feasible region and are important because they 
eliminate the possibility of converging to physically unreasonable 
solutions. For this problem, the upper limit might be set as some 
multiple of nominal design values or expected parameter values to 
control the algorithm. 

The weight g; reflects the relative confidence in the test data. In 
this study, cross-correlation coefficients calculated between the data 
collected from the different measuring points of the bridges are 
employed as the weight. CMP; (E) stands for a set of scalar cubic 
functions simulating the variation of modal parameters with respect 
to the segmentary stiffness parameters. These scalar functions can be 
obtained in a way similar to that employed by Douglas and Reid (8). 

A three dimensional finite element computer model covering all 
the geometric irregularities and stiffness changes existing on the 
considered bridge structure is employed for the free vibration analy
ses, in which consistent mass is employed for the bridge members. 
Point mass approximation is used for the mass contribution from 
nonstructural components such as sleepers, rails, or walkways, and 
so forth. Four vertical and two horizontal spring elements are also 
used to simulate the effective vertical stiffness of the combined 
bearing and abutment structure and the longitudinal restraints at the 
sliding bearings. 

The following is a simple representation of the modal parameters 
as the cubic functions of the segmentary stiffness parameters used 
in this study: 

m 

CMP; = A; + I [Bij . Ej + C;j . E/ + D;/ E/] 
j=l 

i = 1, ... , n (2) 

where 

n and m = total number of parameters and total number of 
structural segments to be considered, respec
tively, 

Ei = the jth segmentary stiffness parameter, and 
A, B, C, and D = unknown constants to be determined. 

Thus, to determine these constants, three different-level perturba
tions are given to the segmentary stiffness parameters in addition to 
their initial values: 

E0i = E 
Eki = E + (BE)k j = 1, ... , m k = 1, ... '3 

(2a) 
(2b) 

Then, by employing the aforementioned sophisticated computer 
model of the considered bridge, a set of free vibration analyses is 
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performed for the initial segmentary stiffness values (Equation 2a) 

and for the three levels of segmentary stiffness perturbations given 
in Equation 2b. considered sequentially for each segment. In this 
way, totally {n X (m + 1)} modal parameters are produced. To 
determine unknown constants of Equation 2, by employing these 
modal parameters the following equations can be written: 

m 

CMP~O) =A;+ I [B;j. Eoj + cij. E~j+ D;j. E~j] 
j=l 

CMP~k{ =A;.+ B;1 · Ek1 + C;1 · £~1+ Dil · Er1 
m 

+I [B;j. Eoj + cij. E~j + Dij. E~j] 
j=2 

m-1 

CMP;~~ =A,.+ L [Bij • Eoj + C1; • E~j + Dij • E~J 
j=l 

+ B; m · Ekm + C; m · £im 
+ D;m · E~m i = 1, ... , n k = 1,2,3 

(3) 

(3a) 

(3b) 

where CMP/0l is the ith modal parameter obtained by free vibration 
analysis for the initial segmentary stiffness values and CMP)'J,, is 
the ith modal parameter obtained by the same analysis for kth-level 
perturbed segmentary stiffness values of bridge segment m only. In 
this way,'{ n X m X (k = 3) + n} linear equations can be produced 
for the same amount of unknowns. After having defined unknown 
coefficients of the cubic functions given in Equation 2, the con
strained nonlinear optimization problem defined in Equation 1 can 
be solved to obtain unknown segmentary stiffness parameter values 
using any of a number of available optimization methods. In this 
study a sequential quadratic programming (SQP) method is used. 
An overview of SQP has been given by Fletcher (9), Gill et al. (10), 
and Hock and Schittowski (11). 

As was previously discussed (12), nonlinear optimization algo
rithms usually give results that are strongly affected by the topog
raphy of the scalar error function J given in Equation 1. If this func
tion has more than one local minimum, then the initial estimate 
made at the start for segmentary stiffness parameters controls the 
convergence of the algorithm to one of these local minima. In this 
study, to prevent the convergence of the algorithm to the local min
ima other than the true one, the bounding constraints are imposed 
on the segmentary stiffness parameters as explained earlier (Equa
tion 1 ). On the other hand, a different rate of sensitivity of the modal 
parameters to the segmentary stiffness parameters makes the basin 
of attraction around the true local minimum a narrow valley with 
steep slopes for some of the segmentary stiffness parameters and 
shallow slopes for the rest. Consequently, the algorithm will not be 
able to easily reach the bottom of this valley or the local minimum. 
To cure the numerical difficulties caused by this problem, all the 
segmentary stiffness parameters were scaled depending on the rate 
of sensitivity of the modal parameters to them. Obviously, this 
transforms the shallow slopes that are associated with some of the· 
segmentary stiffness parameters to steep enough slopes to eliminate 
the numerical problem. To perform such a scaling, the following 
coordinate transformation is used in this study: 

(4) 

in which ei is RMS of the jth column of the following sensitivity 
matrix: 
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e<kl) e<kl) e<kl) 

J,, II 12 Im 

e<k2) e<k2) e<k2) 
21 22 2m 

S= i = 1, ... , n (4a) 

e<kn) 
nl 

e<kn) 
n2 0~"::,J 

~j=l, ... ,m 

( 
1 n 2).!. e. = - x ~ e<ki) 2 

1 n L 11 
i=I 

(4b) 

Where 

n and m = total number of modal parameters considered and 
total number of structural segments, respectively; 

ki = segment number whose stiffness changes most affect 
the ith modal parameter's value; and 

0~Jil = dimensionless constant that can be expressed, 
depending on Equation 2, as follows: 

(4c) 

where 0 < e~i):::;; 1, i = 1, ... 'n; andj = 1, ... 'ki, ... , m. 

230 cm. 

46cm. 46cm. 
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Experimental Verification of Method 

To check the validity and efficiency of the proposed method, labo
ratory tests were performed for the simply supported steel beam 
model, part of which was braced by a steel plate in Segment 2. In 
the laboratory test, the test data acquisition system is Keithley 500 
with 16 AID channels, having a total sampling rate of 50,000 sps 
and coupled to a Toshiba T3200 laptop computer having a 16-MHz 
80386 processor, 9 MByte RAM, and 40-MByte hard disk capaci
ties. Accelerations were recorded at seven equally spaced locations 
on the beam by single-axial accelerometers made by Terra Tech
nology Corporation. The beam model was excited by a pull-down 
and quick-release procedure. A schematic of the equipment setup 
is shown in Figure 3. After the collected acceleration data were 
preprocessed, the first flexural mode parameters were identified, 
(Table 1), along with the others computed using COSMOS/M Finite 
Element Software (13) by employing the computer model of the 
tested beam described in Figure 4. 

The flexural stiffness change in Segment 2 can be reflected in the 
modulus of elasticity as follows: 

where /2 = 14.31 cm4 and / 1 = 8.63 cm4 are the moments of inertia 
of the braced and regular cross sections, respectively. Thus, 

E2 = 1.6582 E = 34 820 kN/cm2 

Ei = £3 = £4 = E5 = 21 000 kN/cm2 
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TABLE 1 First Flexural Mode 

Computer Analysis . Experimentally ldentifi~ 

Frequency (Hz) 7.7925 7.9102 

1 0.5173 0.4984 

2 0.8707 0.8838 

Mode 
3 1.1321 1.1131 

Shape 4 1.2674 1.2753 
ratios 

5, 1.2195 1.2118 

6 1.0000 1.0000 

7 0.6380 0.6190. 

Bx28.75cm. 

I I I I 
2 3 4 5 6 7 

SEG. 3 SEG.·4 

5x46cm. 

FIGURE 4 Computer model of the tested beam. 

Then, by employing the proposed method for the modal parameters 
calculated for the numerical model and given in the first column of 
Table 1, the segmentary stiffness parameters of the numerical 
model were estimated and given in Table 2. In this table the actual 
segmentary stiffness parameters are given in the first column, and 
the results obtained without using any weighting or coordinate 
transformation are presented in the second column. In the fourth 
column, the results were produced by using the sensitivity-based 
coordinate transformation defined in Equation 4. In the third and 
fifth columns, percent differences of the obtained values are given. 

Similarly, the segmentary stiffness parameters of the tested lab
oratory model were estimated by employing the proposed method 
for the modal parameters defined in the second column of Table 1. 

The results are presented in Table 3 using the same pattern as that 
used for Table 2. However, to produce the results presented in the 
fourth column in addition to the sensitivity-based coordinate trans
formation given in Equation 4, the weighting that reflects the rela
tive confidence was used. The following upper and lower bounds 
(Equation 1) were set for the segmentary stiffness parameters: 

0 < E; :::; l.5~E i = 1, ... '5 

The following initial values were estimated for unknown stiffness 
parc:imeters: 

Eo; = E i = 1, ... '5 

TABLE 2 Segmentary Stiffness Values:>< 10 kN/cm2
: Numerical Model 

Segment Model Identified 100x[(2)-(l)]l(l) Identified lOOx[( 4)-(1)]/(9. 
No. (1) (2) (3) (4) (5) 

1 2100 2398.9 14.23 2179.8 3.80 

2 3482 2897.5 -16/?9 3273.5 5.99 

3 2100 2143.0 2.05 2110.2 0.49 

4 2100 2004.1 4.57 2015.8 -4.00 

5 2100 2102.3 0.11 2100.8 0.04 
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TABLE3 Segmentary Stiffness Values x 10 kN/cm2
: Laboratory Model 

Segment Model Identified 100x[(2)-(1)]/(1) Identified lOOx[( 4)-(1)]/(1) 
No. (1) (2) 

2100 2868.0 

2 3482 3578.2 

3 2100 2215.6 

4 2100 1995.0 

5 2100 2464.2 

The results presented in Tables 2 and 3 showed the following: 

I. That the proposed method works efficiently for the identifica
tion of the stiffness changes and successfully finds their locations 
and 

2. That the sensitivity-based coordinate transformation pre
sented in Equation and 4a and b effectively cures the accuracy and 
stability of the solutions. 

LOCALIZED DAMAGE DETECTION METHOD 

In the second phase, only the bridge members located in a segment 
for which global stiffness degradation is identified are instrumented 
properly for the strain measurements. However, for this case, in 
addition to the strain measurement axle loads and spacings, the 
location of the first axis of locomotive along the bridge and the train 
speed must be measured in the course of train passage. 

After the static component of the recorded strain data is obtained, 
it is converted to stress to compare with the others corning from the 
computer analyses. To be able to compare properly both stress 
traces obtained from the measured strain data and the computer 
analysis, recorded data for the train movement must be reflected in 
the computer analysis to maintain a consistent rate of the movement 

• 30 Accelerometer 
• 1 D Accelerometer 

(3) (4) (5) 

36.57 2199.8 4.75 

2.76 3382.0 2.96 

5.50 2273.6 8.27 

-5.00 2033.2 3.18 

17.34 2173.0 3.48 

of the train load on the bridge computer model. After the stress 
traces corning from the computer analysis and the recorded strain 
data are compared the damaged members are easily identified. 

APPLICATION TO EXISTING RAILWAY BRIDGE 

The field application of the procedure involved ~erkezkoy Railway 
Bridge, a single span, single curved-track railroad bridge, 50 m long 
owned and operated by the Turkish State Railways Administration. 
The bridge structure consists of a single-deck steel-riveted truss. 
The bridge is part of the lstanbul-Edirne main railway line con
necting Turkey with other European countries and was originally 
designed and constructed by Fried-Krupp A.G. in 1937 on the 
Sivas-Erzurum railway line in rnidwestern to eastern Anatolia and 
later relocated on the Istanbul-Edime railway line. 

All the stress and free vibration analyses needed for this applica
tion were performed by employing COSMOS/M Finite Element Soft
ware (13). SA-102 model uniaxial and SSA-302 model triaxial Terra 
Technology-made servo-accelerometers were used to measure accel
erations of the bridge caused by passenger or freight train passages 
that occurred during the test. The acceleration transducer placement 
plan that was used in the course of the test is given in Figure 5. 

FIGURE 5 Acceleration transducer placement plan. 
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Computer Experiment 

w = l.M7 ~.~r;: ~ ~+<::;51 w = 1.759 

2 4 6 B 10 2 4 6 B 10 

(J) = 4.267 
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1 

O.B 
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2 4 s e 10 2 • s e io 

(J) = 11.035 

1 

0.5 
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-
1 

2 4 6 8 10 
"t'\LJ -0.5 

•
1 

2 4 6 8 10 

(J) = 16.018 

FIGURE 6 Comparison of the identified modes (all frequency values in hertz). 

Because the bridge and train system constitute a coupled dynamic 
system having a time-dependent mass, the acceleration recordings 
following the time at which the train totally left the bridge were con
sidered for this application. 

Segmentary Stiffness Identification 

Depending on the modal frequencies identified in the previous 
section and employing the method proposed for the global damage 
detection, segmentary stiffness parameters were identified and pre
sented in Table 4 along with their percent variations with respect to 
the original values that were considered in the computer modeling. 

Elevation views of the corresponding mode shapes are presented 
in Figure 6 along with the others obtained from computer analyses 
performed for the sophisticated bridge model. 

TABLE 4 Identified Segmentary Stiffness Parameters 

Number of Segment 

2 

3 

4 

5 

6 

7 

8 

9 

10 

E1 x 104 

[kN/cm2
] 

1.9575 

2.0821 

1.6549 

2.1095 

2.0152 

1.9775 

2.1161 

1.7846 

2.1391 

2.0130 

EJ - Em 
. ·100 

Em 
a. 

-6.79 

-0.85 

-21.20 

0.45 

-4.04 

-5.83 

0.77 

-15.02 

1.86 

-4.14 
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It is clearly seen from Table 4 and Figure 7 that there is consid
erable stiffness degradation in Segments 3 and 8, which may be 
interpreted as a sign of existing damage. Similarly, for Segments 1, 
5, 6, and 10 segments there are relatively small modulus of elastic
ity degradations. 

Localized Damage Detection 

After the noticeable global stiffness degradations for structural seg
ments 1, 3, 5, 6, 8, and 10 were defined, selected bridge members 
located in these segments were instrumented for strain measure
ments. Strain readings were made through Hottinger Baldwin-made 
DS-5 model demountable strain transducers during passage of a 
DE24000 diesel locomotive during the test. 

All the strain data recorded at various locations in the selected 
bridge members indicated in Figure 8 were filtered and converted 
to strain values for those members that seemed more informative. 
Obtained strain values are plotted in Figures 8 and 9 against time, 
corresponding to longitudinal locomotive positions, along with the 
others obtained from the computer analyses performed as men
tioned in the preceding sections for the moving load model defined 
for the same locomotive passage. 

It is clearly seen from the comparison of stress traces obtained 
from the data collected from the strain transducer locations on 
Members 30 and 32 (Figure 8) and 71 and 73 (Figure 9) that diag
onal members having numbers 32 and 73, which are located in 
structural segments 3 and 8, respectively, work only for tension 
forces. They do not take compression force. As is seen from Figures 
8 and 9, the stress trace peak for Members 30 and 71 in the region 
of compression has approximately the same value as the stress trace 
peak for Members 32 and 73 located in the region of tension, when 
the test locomotive is approaching from the Istanbul side. The same 
situation is valid for the test locomotive passage from the Edirne 
side to Istanbul. This abnormal workiI].g mechanism is caused by the 
existing loosening of the weak riveted joints connecting the upper 
chord members to Members 32 and 73. 
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From the observation of Figure 9 that demonstrates the stress 
traces obtained from the test data captured from the strain trans
ducer locations on Members 39 and 80, which are located in Struc
tural Segments 5 and 10, respectively, and obtained from the com
puted stress values, it is clearly seen that there is an obvious 
discrepancy between the stress traces obtained from the test and 
computer analyses. This abnormal behavior is caused by an 
improper working mechanism, which is exhibited by these mem
bers and is also the sign of existing joint loosening. Findings for 
Structural Segments 1 and 6 were similar to those obtained for 
Segments 5 and 10. 

CONCLUSIONS 

The following conclusions can be drawn from this study: 

1. The global damage detection procedure developed in this 
study can be an effective tool for enhancing periodic bridge inspec
tion and global damage identification. 

2. If it is followed by the local damage detection procedure dis
cussed in this study, localization of the globally identified damage 
is possible without using a large number of strain transducers. 

3. The key to the efficiency of the method can be expressed as 
follows: 

a. The needed data can be recorded without closing the bridge to 
daily traffic and 

b. Current train traffic can be used as the excitation and loading 
mechanism; that is, no special loading vehicle is needed. 
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Dynamic Modeling of Bridges: 
Observations from Field Testing 

JUAN R. CASAS 

Different bridge types and design configurations used in bridge engi
neering result in largely different dynamic mechanisms of response. 
Therefore, one of the most important problems to resolve about their 
theoretical dynamic modeling is to choose the most adequate and sim
ple model for a particular bridge. The work carried out during the 
dynamic testing of several bridges is reviewed. The objective was to 
check the feasibility and accuracy of various numerical and analytical 
models assumed for the dynamic behavior of various bridge types (box
girder, slab bridges, and cable-stayed). Experimental field test data were 
used to derive the dynamic properties of the bridges. The most appro
priate analytical models and dynamic properties of the elements used in 
the discretization mesh were derived for each bridge type on the basis 
of the correlation between the theoretical and experimental results. 
Taking these results into account, a set of practical recommendations 
for the dynamic modeling of different bridge types is proposed. 

In recent years there has been increased interest in studying the 
dynamic performance of bridges, even for those not subjected to 
important or high dynamic loads such as wind or earthquakes. At 
the same time, more reliable electronic equipment and measuring 
devices for recording dynamic field data have been more widely 
available. Therefore, the number of dynamic tests performed in 
bridges is constantly increasing. In Europe, dynamic tests are often 
performed in addition to the mandatory static tests to verify the 
acceptability of a bridge before opening it to traffic. Moreover, a 
dynamic loading test can also be used during the service life of the 
bridge to monitor its performance. The design of the field test and 
the analysis of the dynamic test results require a reliable dynamic 
theoretical model. The reliability and robustness of such a model in 
describing the dynamic behavior of the bridge are important for the 
following reasons: 

1. During the preparation phase of the dynamic test, the results 
of the analytical model will help choose the best instrumentation for 
and the location of the bridge~ 

2. During the dynamic test, the model will be a tool to check the 
reliability and adequacy of the recorded data; and 

3. During the analysis of the experimental data, a comparison 
between experimental and theoretical results can provide a warning 
about inadequate performance of the bridge. 

Therefore, careful attention should be paid to the development of 
theoretical models for the dynamic analysis of bridges. Two factors 
must be kept in mind: 

1. Dealing with a particular structure with an important flexural 
work and a specific geometry (such as a plane structure with loads 

Department of Civil Engineering, Technical University of Catalunya, 
cl Gran Capita SIN, Modul C-1, Barcelona 08034, Spain. 

orthogonal to this plane) it will be possible to achieve good results 
with specific and simplified models. 

2. On the other hand, the highly different bridge typologies, both 
longitudinal and transversal, with different dynamic mechanisms 
of response will not allow the development of general models or 
modeling criteria valid for all bridge types. 

Moreover, the bridge designer always has to perform a static analy
sis, therefore a static model is always available. For this reason it is 
of interest to derive dynamic models that require little additional 
effort than that required for the static analysis. Bearing all these fac
tors in mind, this paper compares the results of theoretical dynamic 
analyses and dynamic testing of various bridge types. The compar
ison of the results leads to a set of conclusions and practical recom
mendations for the dynamic modeling of bridges using simple finite 
element models (as the grillage formed by beam elements) or theo
retical expressions (Rayleigh's method). 

FEASIBILITY AND ACCURACY OF SIMPLE 
DYNAMIC MODELS FOR BRIDGE ANALYSIS 

The accuracy of the dynamic modeling of different bridges is 
checked via a comparison between the results of analytical models 
and field tests. The comparison is performed as a function of bridge 
type comparing only the vibration frequencies. This is because in 
most of the cases presented the complete mode shapes were not 
obtained by testing and only the relative amplitudes of displace
ments or accelerations in the points instrumented were used to iden
tify the experimental frequency with the corresponding vibration 
mode. In all cases, the finite element method (FEM) dynamic model 
is based on beam elements forming a frame or grillage with flexural 
and torsional dynamic behavior represented in respective mass and 
stiffness matrixes (J). The calculation of theoretical natural fre
quencies and mode shapes from the mass and stiffness matrixes of 
the global structure is based on the subspace iteration method (2). 

Box-Girder Prestressed Concrete Bridges 

To avoid distortion of the cross section, box-girder prestressed 
concrete bridges are not constructed with transverse bracings or 
diaphragms besides those located at the supports. This results in 
more freedom in selecting the location of the nodes of the mesh. 

Alfonso X Bridge 

This was a seven-span continuous prestressed box-girder bridge. 
The deck was supported on each pier and abutment by two pot bear-
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ings [i.e., an elastomeric pad confined in a metallic cylindrical body 
(3)]. The bridge was demolished in May 1985 for urban develop
ment. Before demolition, several static and dynamic tests were per
formed, including a test to failure (4). The dynamic test consisted 
in the placement of eight displacement transducers and two 
accelerometers in different spans of the bridge (midpoint and 
quarter-point). The bridge was dynamically excited by passages of 
a single, two-axle truck with a gross weight of 136 kN at various 
speeds from 2.8 to 14 m/sec, and quick releasing of a concrete cube 
(gross weight of 120 kN) previously loaded in the middle of the 
sixth span, obtaining a free-damped vibration of the bridge. The 
direction of the motion was vertical. 

The analysis was carried out using a one-dimensional dynamic 
beam model (continuous beam) with 44 nodes and 10 elements 
per span. This finite element dynamic discretization using one
dimensional elements was chosen to be equal to the static model. 
The natural frequencies obtained by using the above model are 
compared with experimental ones in Table 1. In addition, the fre-. 
quency of the first mode obtained using Rayleigh's method (1) was 
calculated, the magnitude of the self-weight being used as the 
applied load in the appropriate direction to obtain a deflection pro
file similar to the first vibration mode, and the previous discretiza
tion of the static model was also used. This assumption required 

. almost no additional work because the static model was already 
defined. The result wasf1 = 1.77 Hz. This result is good (4 percent 
error), considering the simplicity of the applied method. As indi
cated in Table 1, the agreement with the FEM models is good for 
the lowest frequencies. The maximum error is 11 percent in Vibra
tion Mode 5. 

Diagonal Viaduct 

The diagonal viaduct is a three-span (39-, 49.10-, and 39-m) con
tinuous prestressed box-girder bridge. The cross section is 1.964 m 
deep, and the deck width is 10.95 m. The bridge is simply supported 
in bending and fixed in torsion on each support (Figure 1). In this 
case the instrumentation consisted of four displacement transducers 
and four accelerometers located in the bridge, as indicated in 
Figure 1. The vibration of the bridge was forced by 

1. Passages of 1 two-axle truck (gross weight, 140 kN) at speeds 
from 2.7 to 22.2 m/sec over the undisturbed pavement; 

2. Passages of the same truck over an artificial obstacle (the stan
dardized RILEM plank) placed in the central section of the center 
span; and 

3. Passages of 2 two-axle trucks with various relative positions 
and velocities to simulate controlled real traffic conditions. 

TABLE 1. Natural Frequencies in Hertz in 
the Alfonso X Bri~ge 

Mode Theoretical Experimental 

fi(Bending) 1.71 1.70 

f2(Bending) 3.05 2.97 

h(Bending) 3.99 3.80 

'4(Bending) 4.99 4.50 

fs(Bending) 5.83 5.20 
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In all cases the direction of the recorded motion was in the vertical 
plane. For the dynamic analysis, a grillage model was used. The 
bridge was modeled as one longitudinal beam (spine model) that 
accounted for the overall mass, central moment of inertia, and flex
ural and torsion modulus of the overall cross section. The modifi
cation of the original statical model consisted of adding only the 
inertial characteristics (mass and rotational mass). Ten elements per 
span were used for the longitudinal beam. In addition, transverse 
elements are used to link the bearings and the longitudinal spine. 
The mechanical properties of the transverse beams were based on 
the properties of the diaphragms over the piers and the abutments. 
The theoretical results and those derived from the dynamic test per
formed are shown in Table 2. The first natural frequencies in bend
ing and torsion are predicted almost exactly. Even for higher modes 
the error is less than 6 percent. 

Box-Girder Composite Bridges 

The bridges are located on Barcelona's littoral ring road over High
way A-19. These are 4 two-span bridges. The four bridges have the 
same longitudinal configuration with span lengths of 20.55 and 
44.55 m. A typical cross section is shown in Figure 2. The steel box 
girder has a different thickness that ranged from 10 to 15 mm in the 
bottom flange and from 10 to 25 mm in the webs. To reduce the box 
distortion, a diaphragm is placed every 4.05 m. In addition, trans:
verse stiffeners are placed at 1.35 m spacings. A total length of 
16.20 m of the bottom flange centered on the pier is filled with con
crete to better resist the negative bending. Two elastomeric bearing 
pads are used on the pier and abutments. For the dynamic test of this 
bridge displacement and acceleration transducers were also used. 
Two displacement transducers were placed close to the abutment 
section to check the possibility of uplifting associated with the 
important difference between span lengths. The instrumentation 
was disposed to measure the motion in the vertical direction. The 
excitation was achieved via the existing real traffic on the bridge. 

Analogously to the diagonal viaduct, the dynamic model con
sisted of a simple FEM forming a grillage (therefore the finite ele
ments are two-node beam elements) with a unique longitudinal ele
ment representing the overall cross section. A total of 38 beam 
elements and 39 nodes are used. The use of a one-dimensional 
model is possible thank to the presence of the bracings, which help 
avoid distortion of box shape. A node of the grillage was placed at 
the location of every transverse diaphragm to account for concen
trated mass increments. The transverse elements over the piers and 
abutments linking the support nodes with the longitudinal spine 
were assumed as a rigid link in bending. This would accurately sim
ulate the clamping action for torsion at the supports. Because of the 
unbalanced span lengths, the bridge is anchored in one abutment by 
means of high-strength bolts. Therefore, vertical springs were 
placed in the model at the nodes in this abutment. The properties of 
the springs are deduced from the total cross-sectional area of the 
bolts and corresponding modulus of elasticity. 

Theoretical and experimental results are presented in Table 3. 
The experimental frequencies in torsion of the long span were not 
deduced because no instrumentation was placed to this end in the 
dynamic field test. Despite its simplicity, the models give results 
accurate enough for the lower modes in both bending and torsion. 
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FIGURE 1. Description of diagonal viaduct. 

Concrete Slab Bridges 

Three prestressed concrete slab bridges with the following different 
geometric properties are presented: 

1. Ratio of width to span, 
2. Skewness, and 
3. Horizontal curvature. 

The comparisons between the results of these three bridges would 
provide a review of the model requirements to accurately evaluate 
the natural frequencies in torsion when the structural response is 
clearly two-dimensional (2-D) (slab) rather than one-dimensional 
(1-D) (beam). 

Bridge OF-56.J on Highway A-7 

Bridge OF-56.1 is a prestressed concrete slab with four spans (11.5, 
17.05, 17.05, and 11.05 m.). The deck is 6.5 m wide with circular 
voids of 45 cm in diameter (Figure 3). The bridge is straight, and 
two elastomeric bearings are placed at the piers and abutments. 

The dynamic tests consisted in the placement of two accelerom
eters in the center of one of the longest spans and close to the side
walks. The third accelerometer was placed in the center of the 
section located in the quarter-span of the contiguous shorter span. 
The vibration of the bridge was obtained using a two-axle truck 
with a total weight of 100 kN crossing the bridge at different speeds 
along one of the lanes, resulting in an eccentric (torsionally) 
excitation. Only the motion in the vertical direction was recorded 
and analyzed. 

Because of the small width of the deck compared with its span 
length, a one-dimensional model (beam behavior) was used that 
would lead to good results. These were then compared with the 
results of a 2-D grillage model. The comparison is used to make 
recommendations for modeling wider, skewed, or curved slabs 
using 2-D grillage models (more than one longitudinal element in 
the cross section). Two dimensional grillage models are widely 
used by bridge designers in the static analysis of slab bridges. The 
calculation of properties (torsion modulus, bending stiffness) of the 
longitudinal and transverse elements of the grillage is very well 
documented for the analysis of static behavior of slab bridges 
(5-8). However, the main difficulty when a dynamic analysis is 
required that uses a grillage model is in deducing the inertial prop-
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TABLE 2. Natural frequencies in Hertz in the 
Diagonal Viaduct 

Mode Theoretical Experimental 

Ji (Bending) 2.25 2.25 

f2(Bending) 3.53 3.48 

'3(Bending) 4.46 4.21 

f4(Torsion) 8.41 8.38 

erties (mass and rotational mass) of longitudinal and transverse 
elements. To answer this question, the following dynamic models 

are defined: 

1. A grillage model of the complete bridge with only one longi
tudinal member (1-D) and transverse members only in the sections 
over piers and abutments to adequately model the conditions at the 

supports. 
2. A 2-D grillage of the main span only, with 5 longitudinal and 

18 transversal fibers or ribs, resulting in 90 nodes and 157 elements. 
The following possibilities were also investigated: (2A) perfect 
clamping in bending at the supports and (2B) perfect hinge in bend
ing at the supports. For each of the 2A and 2B assumptions, three 

cases were analyzed: 
a. Rotational mass (/p) of longitudinal elements evaluated 

relative to the centroid of the global cross section, 
b. IP of interior longitudinal elements evaluated with respect to 

own centroid and IP of exterior elements relative to the edge grillage 

beam, and 
c. The same as Item 2 for interior elements and exterior elements 

with respect to the centroid of global cross section (Figure 4). 

The mass and rotational mass of transverse elements in the grillage 
were always assumed to be 0. 
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3. Rayleigh's method is used to evaluate the torsional frequency 
using a 2-D static grillage. The load pattern consists of a set of con
centrated loads in each of the edge nodes with the same magnitude 
and opposite direction, depending on the edge, to achieve a defor
mation similar to the torsional mode shape. 

For the sake of comparison, the torsional frequency (JT) was 
evaluated by means of the theoretical equation deduced for a beam 
model with both ends fixed in torsion and with uniform inertial and 
structural properties along the longitudinal axis (9) (Model 4): 

where G = transversal elasticity modulus, 
J = torsional stiffness, and 
L = span length under consideration. 

(1) 

The results are shown in Table 4. In this test, only the four low
est natural frequencies could be obtained (three in bending and one 
in torsion). The following observations can be made: 

1. Model 1 gives very good results for bending modes, 
2. In the case of this narrow slab, Model 1 gives also good results 

for torsion modes, but not as good as those of the bending modes, 
3. For Model 2, the frequencies in bending are between those of 

Case 2A (ends fixed) and 2B (ends hinged). 
4. The best results for the frequency in torsion are obtained when 

rotational inertia of the longitudinal members is calculated using 

Criterion c. 
5. Rayleigh's method, which gives good results in bending, 

gives very bad results in torsion for a 2-D grillage model. 
6. Despite the variations in mass and stiffness along the length 

of the bridge (because of absence of voids over piers and abutments) 
the theoretical expression (J) (Model 4) gives results similar to 

those of Model 1. 
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FIGURE 2. Cross section of bridges over Highway A-19. 
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TABLE 3. Natural Frequencies in Hertz in the 
littoral Ring-Road Bridges 

Mode Theoretical Experimental 

/i (Bending) 1.73 1.70 
h(Tor.long span) 2.24 

h(Bending) 3.60 3.20 

/4(Tor.long span) 4.48 

/s(Tor.short span) 4.51 4.48 

f6(Bending) 6.75 6.90 

h(Tor.long span) 6.85 

fs (Tor .long span) 9.05 
/g(Tor.short span) 9.10 10.30 

(-)Not recorded 

Bridge OF. 49-1 on Highway A-7 

Bridge OF. 49-1 is a prestressed concrete slab with four spans 
(12.053, 17.649, 17.649, and 12.627 m). The deck width is 10.5 m 
with circular voids of 50 cm in diameter (Figure 5). The bridge is 
curved with a radius of 200 m. It is highly skewed at pie.rs and abut
ments (ex = 67 .338). As in the case of Bridge OF 56-1, three 
accelerometers were used, two of them placed at the halfway point 
of one of the longest spans and the other halfway across the short
est span to measure the motion in the vertical direction. The excita
tion of the bridge was achieved in the same way as that of Bridge 
OF 56-1. In this case, two models were used: 

1. Grillage with only one longitudinal fiber where the mass and 
stiffness properties of the cross section are concentrated, resulting 
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in 59 nodes and 58 elements. (The longitudinal fiber is divided into 
12 beam elements per span to take into account the zone without 
circular voids over supports.) 

2. Grillage model of the longest span with 9 longitudinal beams 
and 23 transverse beams, resulting in 207 nodes and 382 elements. 
Assigning structural and mass properties to the various elements 
was done while bearing in mind the conclusions derived from the 
slab bridge. Also the possibilities of perfect clamping and perfect 
hinging at both ends were investigated. 

Table 5 shows the theoretical and experimental results obtained. 
As can be seen, even in this case of a wide, curved, and skewed slab 
bridge, the one-dimensional model gives good results for both 
bending and torsion frequencies. The frequency in torsion of Model 
2 is also reasonably good. 

Bridge OF.50-2 on Highway A-7 

Bridge OF.50-2 is a prestressed concrete slab with four spans 
(17.014, 21.328, 26.555, and 21.328 m) and a deck width of 10 m. 
The cross section has four circular voids 0.85 cm in diameter. 
Two elastomeric bearing pads are placed in the abutments and 
only a single bearing is used at the circular piers. In this way, the 
slab is not restrained against torsion over the piers. This bridge 
presented an important sulfate-attack reaction in the concrete, and 
therefore extensive static and dynamic tests to check its structural 
performance were carried out. A total of 7 displacement transducers 
and 4 one-axial accelerometers and one triaxial accelerometer 
were used. In this case the directions of motion of interest were 
vertical and longitudinal and transverse in the horizontal plane. 
A total of 42 truck passages were performed with the following 
different configurations: 

250 

=t35 

=+44 
20 155 

Dimensions in cm 

FIGURE 3. Cross section of Bridge OF-56.1. 
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FIGURE 4. Calculation of rotational mass of longitudinal 
members in a 2-D grillage. 

1. In Phase 1, a single truck with a gross weight of 260 kN 
crossed the bridge at different velocities and centered with respect 
to the longitudinal axis of the deck. 

2. Phase 2 was similar to Phase 1, but in this case the truck ran 
eccentrically, resulting in vibrations mainly controlled by the 
torsion characteristics of the deck. 

3. Phase 3 consisted in the simulation of real traffic by crossing 
two trucks at the same time with different distances and relative 
velocities between them. 

4. The last part of the test was a braking test in which a truck was 
suddenly stopped over the deck after reaching its maximum speed. 

In this case the triaxial accelerometer recorded the accelerations 
excited in the horizontal plane. 

As in Model 1 of the previously discussed slab bridges, the model 
used for the dynamic analysis is the grillage with one longitudinal 
member (spine model) and transverse elements at the abutments, 
resulting in 45 nodes and 44 elements (Figure 6). Table 6 shows the 
correlation between the theoretical and experimental natural 
frequencies. The agreement in bending modes is good, even for the 
higher modes. The first torsional frequency presents an error of 1.5 
percent, and the second presents an error of 9.6 percent. 

TABLE4. Theoretical Frequencies in Hertz Derived from Different Dynamic 
Models and Comparison with Experimental Model in Bridge OF-56.1 

Theor. 

(2A} {2B} 

Mode {1} a b c a b c {3} (4) Exp. 

!1 (Bending) 6.04 11.29 11.29 11.29 4.98 4.98 4.98 6.09 

h(Bending) 8.66 31.04 31.04 31.04 19.9 19.9 19.9 8.22 

'3(Bending) 13.5 13.4 

f4(Tor. long) 13.9 14.03 22.25 14.18 11.8 20.1 11.9 27.7 13.84 12.6 

Is (Bending) 14.4 

/s(Tor. short) 20.5 20.55 -
h(Tor.long) 28.2 29.30 48.10 29.55 25.1 44.3 25.3 
/s(Trans.Bend.) 39.31 39.2 

(-) Not recorded 
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FIGURE 5. Cross section of Bridge OF-49.1. 

Cable-Stayed Bridges 

The Alamillo Bridge, located in Seville (Spain) over the 
Guadalquivir River, is a 200-m-span cable-stayed bridge with an 
inclined tower 130 m high and 13 pairs of cable stays. The deck 
width (3 X 2 lane of traffic +pedestrian lane) is 32 m, and the main 
dimensions of the cross section are shown in Figure 7. To compare 
the dynamic parameters of the constructed bridge with those of the 
model tested in a wind tunnel, a set of dynamic tests was decided 
with the following characteristics: 

1. Location of a triaxial accelerometer at the top of the pylon to 
record motions in the three possible directions, and three uniaxial 
accelerometers to measure vertical accelerations on the deck. One 
displacement transducer was also installed close to the center span. 

2. Excitation was achieved by means of passages of 2 two-axle 
trucks of 200 kN through the bridge deck at different speeds. Pas-

TABLES. Theoretical Frequencies in Hertz Derived 
from Different Dynamic Models and Comparison with 
Experimental Model in Bridge OF-49.1 

Theor. 

Mode (1) {2A) {2B) Exp. 

Ji (Bending) 5.91 10.31 4.97 5.86 

h(Bending) 6.39 6.10 

f3(Torsion) 7.47 9.57 8.21 7.60 

/4(Bending) 8.66 8.39 

fs(Torsion) 9.60 9.25 

/6(Trans. B.) 14.13 14.04 

h(Bending) 17.0 16.68 

/s(Trans. B.) 17.3 17.50 

(-) Not recorded 

sages were made with and without a standardized obstacle in the 
pavement. Also the trucks ran symmetrically (one in each traffic 
direction) in some passages and eccentrically (the two trucks side 
by side in the same traffic direction) in the rest. 

The dynamic model of the bridge was constructed with the 
following assumptions: 

1. One-dimensional beam elements are used for the tower and 
deck, accounting for geometrical nonlinearity. 

2. The bridge geometry is discretized as a plane (2-D model) 
with only one plane of cables and 3-D motions permitted. 

3. The nodes were placed at the points where concentrated 
mass or inertia mass are present and where cables join the tower 
or deck. 

4. A large number of elements is used to correctly account for 
the geometric variability. The model has a total of 81 nodes and 
63 elements in the deck, 17 in tower and 13 in cables (total of 
93 elements). 

5. The elastic modulus of the cables was evaluated using the 
Ernst theory (9). 

The bridge discretization is presented in Figure 7. Table 7 
presents the experimental and theoretical natural frequencies, 
assuming (nonlinear) or not (linear) the geometric nonlinearity. As 
shown, neglecting the geometric nonlinearity did not significantly 
change the results. The experimental frequencies in the transverse 
direction of the deck were not measured. The observed good agree
ment validates the simplified theoretical model used. Rayleigh's 
method was used to evaluate the frequency of the first flexural 
mode by assuming a concentrated load in the deck to achieve a 
deflected shape similar to that of the vibration mode. The result was 
f 8 = 0.33 Hz, similar to the measured value. Using Equation 1 for 
evaluation of torsion in the deck, the result wasfT = 1.03 Hz, which 
is in good agreement with the experimental value in spite of impor-
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FIGURE 6. Discretization of Bridge OF-50.2. 

TABLE6. Natural Frequencies in Hertz in 
Bridge OF-50.2 

Mode Theoretical Experimental 

fi(Torsion) 2.57 2.61 

h(Bending) 3.98 3.98 

'3(Torsion) 5.00 4.52 

/4(Bending) 5.96 6.09 

/s(Bending) 7.11 7.00 

/5(Torsion) 7.49 

h(Bending) 9.75 9.56 

(-) Not recorded 

tant variations in the geometry and the structural properties along 
the length of the deck. This is believed to be because of the lack of 
interaction between the torsion in the deck and the tower through 
the cables. 

CONCLUSIONS AND RECOMMEND A TIO NS 

The application of very simple dynamic models to the evaluation of 
the dynamic parameters of bridges is discussed. The observations 
made indicate that the grillage model, which is widely used for sta
tic analysis, can also be applied for the dynamic analysis with few 
additional calculations. The following recommendations are made 
concerning the dynamic models presented: 

1. When the bridge has a clear 1-D behavior (beam) as in the 
case of box-girder bridges with one cell and slab bridges with 
width/span ratio less than 0.6, a model with only one longitudinal 
fiber reflecting the properties of the overall cross section produces 
accurate results if the following requirements are adhered to: 

a. A node is placed where important concentrated masses or 
inertia masses are present. 

b. A sufficiently large number of beam elements is used to 
divide the longitudinal fiber (see Figure 6) and to properly 
account for the geometric, inertial, or structural variations 
along the bridge. If the bridge does not present important 
variations it is proposed that a minimum of 10 elements per 
span be used. 

c. In addition to the data necessary for the static analysis, the 
mass and rotational mass per unit-length are required. 

2. When the bridge has a 2-D response (such as slab bridges with 
a width/span ratio greater than 0.6 or precast girder bridges with 
upper slab) a grillage with several longitudinal beams is necessary. 
In this case, also the same static element properties of the static 
analysis are used. The mass should be located on the longitudinal 
elements. In addition, the rotational mass should be calculated for 
interior longitudinal elements with respect to their own centroid and 
for the exterior elements with respect to the centroid of the global 
cross section. 

3. Rayleigh's method gives accurate results for frequency in 
bending but inaccurate results in the calculation of the frequency of 
torsion when using a grillage model with more than one longitudi
nal fiber with a load pattern to obtain a deflected shape that is sim
ilar to the first torsional mode (see Model 3 of Bridge OF-56.1). 
This is because in the model all the longitudinal members dissipate 
energy as a result of the torsional rotation and that rotation does not 
correspond to the real bridge deformation. 

4. The analytical equation (Equation 1) gives accurate torsion 
frequencies when the bridge has more than one bearing device over 
piers or abutments (ends fixed to torsion), even if small variations 
of mass or stiffness are present along the longitudinal axis of the 
bridge. 

5. In cable-stayed bridges the geometric nonlinearity can be 
neglected in the dynamic model of the complete bridge (see Table 
7). Also the 1-D model gives good results even for wide bridges. 
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TABLE 7. Natural Frequencies in Hertz of Alamillo Cable-Stayed Bridge 

Theoretical 

Mode Linear 

ft(Trans. pylon 1) 0.296 

f2(Long. pylon+deck 1) 0.375 

'3(Long. pylon+deck 2) 0.613 

/4(Trans. deck 1) 1.087 

/s(Long. pylon+deck 3) 1.202 

/s(Torsion deck 1) 1.219 

h(Trans. pylon 2) 1.587 

/s(Long. pylon+deck 4) 2.190 

/g(Torsion deck 2) 2.301 

fio(Long. pylon+deck 5) 2.350 

/i1(Trans. deck 2) 3.251 

(-) Not recorded 
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Dynamic Load Spectra for Girder Bridges 

HANI H. NASSIF AND ANDRZEJ S. NOWAK 

The dynamic load is an important component of bridge loads. The deter
mination of the dynamic load factor (DLF), defined as the ratio of 
dynamic and static responses, is essential for the development of a new 
generation of reliability-based bridge design codes. Field measurements 
are performed to determine the actual variation of the DLF with various 
truck as well as bridge parameters and to verify the available analytical 
models. The effects of various parameters, such as truck gross weight, 
truck speed, truck type, girder static stress, and girder position, on the 
DLF are presented. The field tests are carried out on four steel girder 
bridges. Measurements are taken using a weigh-in-motion system with 
strain transducers. For each truck passage, the truck weight, speed, axle 
configuration, and lane occupancy are determined and recorded .. A 
numerical procedure is devel_oped to filter and process collected data. 
The DLF is determined under normal truck traffic of various load ranges 
and axle configurations. The field measurements confirm the results of 
the analytical study. In absolute terms, the response caused by dynamic 
load is practically constant and does not depend on_ truck weight. How
ever, for exterior girders the static stress is small. Therefore, the DLF 
should be considered on the basis of girders of maximum stress values. 

The major load components include dead load, live load, and 
dynamic load. This paper deals with truck-induced dynamic loads 
in girder bridges. The dynamic load is time variant and random in 
nature and it depends on the vehicle type~ vehicle weight, axle 
configuration, bridge span length, road roughness, and transverse 
position of a truck on the bridge. An example of the actual bridge 
response caused by an actual vehicle, a five-axle truck traveling at 
a highway speed, is shown in Figure 1. For comparison, also shown 
is an equivalent static response, which represents the same vehicle 
traveling at crawling speed. 

The dynamic load is usually considered as an equivalent static 
live load and is expressed in terms of a dynamic load factor (DLF). 
There are different definitions for DLF, as summarized elsewhere 
(1) in a state-of-the-art report on dynamic testing of bridges. In this 
s.tudy, DLF is taken as the ratio of dynamic and static responses (2): 

DLF= Ddyn 

Dstat 
(1) 

where Ddyn is the absolute maximum dynamic response at any point 
(e.g., stress, strain, or deflection) measured from the test data and 
Dsiai is the maximum static response obtained from the filtered 
dynamic response. 

The measurement of static load spectra is described by Nowak 
et al. (3). An accurate dynamic load model is required for the devel
opment of rational criteria for the design and evaluation of bridges. 
Yet, the available data are insufficient and unclear. Analytical 
simulation procedures provided a basis for calculation of design . 

H. H. Nassif, Civil Engineering and Construction Department, Bradley Uni
versity, Peoria, Ill. 61625. A. S. Nowak, Department of Civil and Environ
mental Engineering, University of Michigan, Ann Arbor, Mich. 48109-
2125. 

provisions (4). However, there is a need for field verification of the 
results. Therefore, the objective of this study is to determine the 
dynamic load factor based on the field measurement data. The work 
is carried out on selected steel girder bridges. The obtained results 
are compared with DLFs calculated on the basis of the analytically 
simulated model ( 4). 

CODE PROVISIONS 

Most bridge codes specify the dynamic load as an additional static 
live load. The actual values vary from one document to another. In 
the current AASHTO (5), DLF or (1 + /), is specified as a function 
of span length only: 

50 
/=---

125 + L 
(2) 

where L is the span length in feet (1 ft = 0.305 m). However, the 
maximum value of DLF is 0.30. This empirical equation has been 
in effect since 1944. 

In the new load and resistance factor design (LRFD) AASHTO 
Code (6), live load is specified as a combination of HS20 truck (5) 
and uniformly distributed load of 640 lb/ft (9.3 kN/m). DLF is equal 
to 0.33 of the truck effect, with no dynamic load applied to the 
uniform loading. 

PREVIOUS STUDIES 

The available data on dynamic load in bridges is limited (7). Some 
measurements were taken by the Ontario Ministry of Transportation 
(2). A total of 27 bridges were tested. The structural types included 
prestressed concrete (girders and slabs), steel girders (rolled sec
tions, plate girders, and box girders), steel trusses, and rigid frames. 
Data were recorded for test vehicles and actual traffic. The mean 
values are about 0.05 to 0.10 for prestressed concrete AASHTO
type girders and 0.08 to 0.20 for steel girders. The maximum 
observed values exceed 0.5, and some of the coefficients of varia
tion are over 1.0. However, the correlation between DLF and truck 
weight is not available. On the other hand, it is expected that the 
larg~st DLFs correspond to lighter trucks. Considerable differences 
in DLF ~e observed for otherwise similar structures, which indi
cates the importance of factors such as surface condition. 

Cantieni (8) tested 226 bridges in Switzerland, mostly prestressed 
concrete. With the exception of 11 bridges, all were loaded with the 
same vehicle, under the same load, and with the same tire pressure, 
thus minimizing the variability caused by truck dynamics. The effect 
of local unevenness in the pavement on the dynamic load was also 
investigated. The study showed that the dynamic fraction of the load
was as high as 0. 7 for bridges with fundamental natural frequency 
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between 2 and 4 Hz. However, as in the Ontario data (2), the static 
and dynamic loads were recorded separately, so that it is not possi
ble now to determine the degree of correlation. It is also expected 
that the high values of DLF are associated with lighter vehicles. 

O'Connor and Pritchard (9) found that the dynamic load is vehi
cle dependent and varies with the suspension geometry. They car
ried their tests on a short-span composite steel and concrete bridge 
in Australia. The results indicate that as the weight of the vehicle 
increases, the dynamic load decreases. Also, O'Connor and Chan 
(10) collected strain data and, using those records, determined DLFs 
ranging from -0.08 to + 1.32. As in the previous studies, the 
extreme values are associated with light trucks. 

Most of the theoretical studies on vibration of beams under mov
ing loads concentrated on modeling only one of the parameters
either the vehicle, bridge, or surface roughness. The vehicle was 
modeled as a constant force (11), one degree-of-freedom system 
(12), two degrees-of-freedom system, or more realistic complex 
systems (13). The bridge was modeled as either a continuous or dis
crete system (14). Discrete models can be in the form of simple 
beams, .simple beams with torsional degree of freedom, and 
orthotropic plates. The surface roughness was modeled using the 
so-called artificial bump on the approach method (13), and Honda 
and Kobori (14) used a random process to represent the random 
road profile as a Fourier series with random coefficients. 

The development of a new LRFD code required a verification of 
the load model. In particular, there was a need for confirmation of 
the observation that the dynamic load factor decreases for heavier 
trucks and for multiple truck occurrence. Therefore, a computer pro
cedure was developed previously (4) for simulation of the dynamic 
bridge behavior. The dynamic load was determined as a function of 
three major parameters: road surface roughness, bridge dynamics 
(frequency of vibration), and vehicle dynamics (suspension system). 
The bridge was modeled as a prismatic beam. Dynamic parameters 
of trucks were based on the available data. Road roughness was gen
erated using the actual measurement records. The DLF was calcu
lated in terms of deflections. It was found that the dynamic deflec
tion is almost a constant, whereas static deflection is proportional to 
truck weight. Therefore, DLF decreases for heavier trucks. The 
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simulations were carried out for single trucks and two trucks side
by-side. For two trucks, the DLF was smaller by about 50 percent 
compared with DLF for single trucks. 

EXPERIMENTAL PROGRAM 

The purpose of the experimental program is to measure the dynamic 
load amplification in simple-span steel girder bridges. Correspond
ing truck weights, in particular axle loads and axle spacings, are also 
recorded. The measurements are taken simultaneously by two sys
tems: the weigh-in-motion (WIM) system (truck information and 
girder strains) and the dynamic system (accelerations) (15). The 
WIM system was developed by the bridge weigh systems. Its pur
pose is to measure and record all relevant truck information in addi
tion to the strain response in each girder. The strain gauges are placed 
on lower flanges close to the position of the maximum moment. The 
dynamic system, developed by Krenz Electronics, is set up to mea
sure accelerations simultaneously, and at the same location as, the 
strain gauges. Both systems are triggered by special tape switches, 
pasted to the pavement. The same tape switches are used to deter
mine the truck speed, the number of axles, and axle spacings. 

Four bridges are selected for the field tests. All of them are 
located in southeastern Michigan. The span lengths vary from 9 to 
24 m (30 to 80 ft). The same procedure is used for all bridges, how
ever, with a different equipment setup. All selected structures are 
multi-simple-span bridges with steel girders and concrete slabs. 
The basic design parameters include span length, girder spacing, 
slab thickness, and skewness. The basic parameters of the selected 
bridges are given in Table 1. Girders are labeled starting from the 
exterior girder in the right lane (Girder 1) to the exterior girder in 
the left lane (Girder 8). 

The strain gauges are attached to bottom flanges of girders. The 
location of the strain gauge was 2 to 3 ft from midspan, depending 
on span length and access to the point of installation. The equipment 
is calibrated using trucks with known axle weights and spacings. 
The accuracy of calculation for axle ioads is within 20 percent and 
for gross vehicle weight (GVW) within 10 percent (within 5 percent 
for three and five axle trucks). The measurements are carried out for 
several days at each location. 

A computer program is developed for the automated data pro
cessing. Each data file contained data from six or eight channels. 
Each record represents the passage of a truck over the bridge in 
either right or left lane. The data capturing starts when the truck 
crosses over the first tape switch, which is about 6 m (20 ft) from 
the bridge support in either lane. The tape switch signal is used to 
trigger the system and start collecting data from the accelerometers 
and strain transducers. The data collection is automatically stopped 
after the departure of the last truck axle from the bridge. However, 
this synchronization works for bridges with traffic intensity not 
higher than normal. On bridges with trucks of certain characteris
tics (e.g., heavy, 11 axles), the m~nual trigger permits a better con
trol of the data acquisition system. 

The strain records are smoothed and filtered using the widely 
used fast fourier transform (FFT) technique (16). The FFT proce
dure is utilized assuming that the measured strain-time (or acceler
ation-time data) can be represented as the sum of all contributions 
from all mode shapes. FFT is also used to determine the dominant 
frequencies as well as the cutoff frequency in the frequency domain. 
The cutoff frequency is best estimated, for each individual bridge, 
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TABLE 1. Parameters of the Tested Bridges 

Brtdge I Location Span No. of 

No. Girders 

(m) 

US-23/ 24.5 6 

Huron River 

2 M-14/ 16.0 8 

N.Y.C. Rail Road 

3 1-94/ 16.0 9 

Jackson Road 

4 1-94/ 10.5 10 

Pierce Road 

by minimizing the error in estimating the total energy under the 
power spectrum plot in the frequency domain. After eliminating the 
contribution of all modes (or frequencies) above the cutoff fre
quency in the frequency domain, inverse FFf is then performed to 
obtain the time-domain equivalent static response (referred to as 
static response). This process is performed on various truck strain 
records using a computer program that was developed on the basis 
of available numerical routines (15). The dynamic and static 
response are then plotted and compared to determine the DLF. 

The WIM measurements provided data on truck ·weights., axle 
loads, axle configurations, and vehicle speeds. Most of the trucks 
traveled at about 90 km/hr (60 mph). The truck traffic was a mix
ture of mostly 5-axle vehicles with few very heavy 11-axle trucks. 
The GVW ranges were above the legal limits. 

MEASURED DYNAMIC LOAD 

The measurements are carried out on four bridges listed in Table 1. 
Static and dynamic stress is determined for each girder. The result
ing dynamic load factors (DLF) are plotted versus the static stress 
in each girder in Figures 2 through 5. The results are shown for a 
maximum of eight girders limited by the number of available data 
acquisition channels. 

In general, DLF decreases as the static stress in each girder 
increases. However, the DLF is the ratio of dynamic and static stress, 
and static response varies from girder to girder, depending on the 
positions of the girder and truck. The variation in DLF with respect 
to static stress in each girder is shown in Figures 2 through 5. It is 
shown that the exterior girders exhibit small static stress (almost neg
ligible), whereas the interior girders have much larger static stresses. 

In general, the static stress is proportional to truck weight. How
ever, the dynamic stress (maximum dynamic stress-maximum sta-

Girder Slab Brtdge Skew 

Spacing Thickness Width 

(m) (mm) (m) 

1.90 190 11.0 14° 

1.85 200 12.8 25° 

l.70 190 14.5 25° 

1.70 175 13.7 29° 

tic stress) is practically independent of truck weight (or static 
stress), as shown in Figure 6. Therefore, the dynamic load factor, 
DLF, decreases with increasing static stress or truck weight. The 
variation of DLF with truck parameters is shown in Figures 7 
through 9. Results for each bridge are shown corresponding to the 
most loaded interior girder. Observations indicate that the DLF 
decreases as the GVW increases for all bridges (Figure 7). Obser
vations also indicate that among all types of vehicles (excluding 
light-weight two-axle vehicles), four- and five-axle trucks cause the 
largest DLF values (Figure 8). Additionally, the DLF decreases 
with an increase in truck speed (Figure 9). Moreover, to represent 
the variation of DLF with girder position, the mean value of DLF, 
for right lane girders in each bridge, is plotted versus the girder posi
tion as shown in Figure 10. On average, the most loaded girders 
(Girders 3 and 4) will have values of DLF below 1.20. 

CONCLUSIONS 

The dynamic loads under a normal highway traffic are measured for 
selected steel girder bridges. For each truck, the measured parame
ters include: axle loads, axle spacings, speed, strain record, and 
acceleration record. A numerical procedure is developed for data 
processing, filtering, and smoothing. The DLF is calculated using 
strain records. 

Observations indicate that the dynamic component of stress (i.e., 
dynamic increment) is practically independent of static component. 
Therefore, DLF decreases with increased static stress. For very 
heavy trucks, DLF does not exceed the theoretical results (4). 

Larger values of DLF are observed in exterior girders; however, 
this is because of a relatively smaller static load effect. Values of 
DLF should be based on those obtained from the most loaded 
interior girders. 
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Effect of Varying Foundation Stiffness on 
Seismically Induced Loads in Bridge Bents: 
A Sensitivity Study 

TOMMY L. COOK, EDWIN G. BURDETTE, RICHARD L. GRAVES, 

DAVID W. GOODPASTURE, AND J. HAROLD DEATHERAGE 

Research was undertaken to assist the Tennessee Department of 
Transportation (TnDOT) in its analysis of bridges subjected to seismic 
loading. Specifically, consideration was given to the modeling of the 
soil-pile interface where friction piles are used in loessial soil. TnDOT 
uses the SEISAB bridge analysis program, developed by Imbsen and 
Associates, for the seismic analysis of its bridges. This program was 
used for all analysis of the research. Current TnDOT modeling prac
tice is to consider that the bridge piers are fixed at the top of the pile 
cap rather than to assign values of stiffness to springs used to model 
the resistance of the soil to foundation movement. Elastic spring coef
ficients, developed using methods presented previously, and the tradi
tional beam-on-elastic-foundation theory are used in the modeling of 
the bridges. The primary focus of this study is the sensitivity of the cal
culated axial loads and moments to variations in these spring coeffi
cients. The results from this study underscore the need for more exper
imental data that could lead to more realistic and reliable values for 
spring stiffness. 

In the development of any structural model, particular attention 
should always be given to the selection of the model's boundary 
conditions. In a dynamic analysis the selection of proper boundary 
conditions becomes increasingly more important because member 
forces can change by several orders of magnitude, depending on the 
characteristics of the model. Traditionally, engineers have had little 
information about techniques available for modeling a pile
supported foundation. Because the testing of a full-scale pile or pile 
group is both difficult and expensive, there have been limited data 
to supplement design assumptions, and most structural models are 
based largely on theoretical information. However, in recent years 
the destructive effects of several earthquakes on both building and 
highway structures have increased awareness and provided motiva
tion to achieve a better understanding of the behavior of pile
supported foundations. As a result, several dynamic lateral testing 
programs on single piles and pile groups have been conducted in 
many different types of soils (J-5). However, essentially no infor
mation is available on the dynamic response of piles located in the 
soil type known as loess, the soil that exists in the western portion 
of Tennessee. Because West Tennessee is in Seismic Zone 3, this 
response is of considerable interest. 

The Tennessee Department of Transportation (TnDOT) uses the 
bridge analysis program SEISAB (6), developed by lmbsen and 
Associates, for seismic analysis of bridges. Because of the lack of 

T. Cook, Technical Engineering Consultants, P.O. Box 53221, Knoxville, 
Tenn. 37950. E.G. Burdette, R.L. Graves, D.W. Goodpasture, and J.H. 
Deatherage, Department of Civil Engineering, University of Tennessee, 
Knoxville, Tenn. 37996-2010. 

information on the properties of loess needed to quantify the resis
tance provided by the soil to the pile caps, the piers are modeled as 
fixed at the tops of the pile caps. Recognizing that this condition is 
not precisely representative of actual conditions, TnDOT is spon
soring research to determine more realistic values of stiffness to 
model the soil-pier interface. As a part of that research, an analyti
cal study was done to evaluate the sensitivity of pier column 
moments and axial loads to the values assigned to the stiffnesses of 
springs used to model the soil-pier interface. 

The purpose of the sensitivity study reported herein was to deter
mine the effect of large variations in interface stiffness on the axial 
loads and moments in the pier columns of bridges subjected to the 
seismic loading used in the design of bridges in West Tennessee. 
Although some discussion of typical methods used to obtain stiff
ness coefficients is included, the emphasis is not the accurate deter
mination of stiffness but rather the effect that variations in assumed 
stiffness have on the results. To accomplish the stated purpose, two 
actual West Tennessee bridges were modeled and analyzed using 
SEISAB, and the effects of varying stiffness coefficients at the 
soil-pier interface were studied. 

BRIDGE STRUCTURES TO BE MODELED 

A bridge in Madison County, Tennessee, consisting of two contin
uous spans (Figure 1) and a bridge in Haywood County, Tennessee, 
consisting of three continuous spans (Figure 2) were selected for 
this study because of their geographical location in an area with 
loess and because the structures represent the typical types of 
bridges used in West Tennessee by TnDOT. 

The Madison County bridge consists of a two-span continuous 
structure with six prestressed concrete girders supporting two lanes 
of traffic; the girders are spaced 2.51 m (8 ft 3 in.) apart. The bridge 
is constructed with a 68-degree angle of skew (measured from the 
direction of traffic). For this analysis a 90-degree skew was consid
ered as shown in Figure 1; however, further investigations into the 
effect of skew on the dynamic response were conducted by Cook 
(7) with results similar to those reported here. The foundation of the 
bridge is composed of two monolithic reinforced concrete abut
ments on either end of the road deck and a central bent pier with 
three columns resting on embedded footings. Each abutment is sup
ported by a single row of 13 piles along the endwall and a single pile 
under each wingwall, as indicated in Figure 3. With respect to 
Figure 1, the piles at Abutments 1 and 2 are embedded to depths of 
14 and 17 m (45 and 55 ft), respectively. The central bent pier foun-
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FIGURE 1 Plan and elevation of Madison County bridge (SR-233 over I-40) constructed by TnDOT in 1992 (1 m = 3.281 ft). 
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dation consists of a pile cap under each column supported by 
12 piles embedded to a depth of 7.6 m (25 ft). Piles under both the 
abutments and central bent pier are precast concrete piles 356 X 356 
mm (14 X 14 in.). All piles used for foundation support of the Madi
son County bridge are floating or friction piles and are considered 
to be long and flexible. 

The Haywood County bridge structure consists of three continu
ous spans with five prestressed concrete box beams supporting two 
lanes of traffic; girders are spaced 2.29 m (7 ft 5 in.) apart. The abut
ments and bent piers were constructed with a 90-degree skew and 
were analyzed as such. The abutments at either end of the bridge 
serve primarily to provide a bearing point for the prestressed box 
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FIGURE 3 Madison County bridge abutment 
modeled with equivalent rotational and 
translational springs. · 

beams and retain little backfill. Each abutment is supported by six 
embedded piles-four along the endwall and one under each wing
wall. The two bent piers are constructed with six driven piles with 
a portion of the pile free-standing with a cap beam at the top to allow 
for a bearing surface for the prestressed box beams. The piles at the 
abutments and bent piers are precast concrete piles 356 X 356 mm 
(14 X 14 in.) embedded to a depth of 16.8 m (55 ft) at the abutments 
and approximately 12.2 m (40 ft) at each bent pier. The piles sup
porting the Haywood County bridge are also friction piles, and for 
this analysis the piles are considered long and flexible. 

SOIL PROPERTIES 

No dynamic soil properties were measured at the sites of either 
bridge; however, geotechnical subsurface investigations were per
formed at both bridge locations. For the Madison County bridge 
site, three boreholes were drilled 15.4 m (50.5 ft) deep near the base 
of the pier and at each of the abutment locations. The log of the test 
borings indicates that the soil below the bridge is composed mostly 
of silt or clay terminating in dens·e sand or stiff clay. 

An existing steel and timber bridge structure was removed com
pletely from the site of the Haywood County bridge and replaced 
with the current concrete structure. The subsurface investigation 
consisted of two borings that were drilled 50 ft deep at each abut
ment location. Generally, the borings encountered interbedded lay
ers of silts, sands, and clays with various combinations of the three 
soil types. 

Because no dynamic soil data are available for the sites of the 
bridges to be modeled, data from research by Chang et al. ( 8) con
ducted at Memphis State University (now the University of Mem
phis) on dynamic soil properties for loess deposits are used in this 
analysis. For purposes of this study, the soil is assumed to be homo
geneous along the full length of the pile. 

PROPOSED MODEL FOR 
BRIDGE AND FOUNDATIONS 

The bridge analysis program SEISAB was used to conduct response 
spectrum analysis on both of the aforementioned bridges. The input 
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seismic loading in SEISAB consisted of ATC 3-06 (9) response 
spectra scaled to the maximum ground acceleration at the particu
lar bridge location, adjusted for the prevalent soil conditions. The 
acceleration scaling factors used were 0.12 and 0.18 for the Madi
son County and Haywood County bridges, respectively. A damping 
value of 5 percent of critical damping was assumed for both bridges. 
A TC 3-06 Soil Type II was used for both bridges. Four seismic 
loading cases were considered for each bridge. Two cases consisted 
of ground motion in the longitudinal and transverse directions with 
respect to the bridge centerline. The other two loading cases con
sisted of combining 100 percent of the ground motion from one of 
the first two cases with 30 percent of the ground motion from the 
other case. 

The SEISAB program allows the input of six stiffness values for 
modeling of the foundation elements: three for translation and three 
for rotation for both the bridge pier and abutments. The individual 
spring coefficients are defined in Figure 4 for the pile cap and pile 
group for the foundation elements of the Madison County bridge 
model. The elements of the bent pier and abutment foundations to 
be replaced by spring coefficients for modeling of the Madison 
County bridge are indicated in Figures 3 and 5 for the abutments and 
bent piers, respectively. The modeling of the Haywood County 
bridge foundation elements was similar to that of the Madison 
County bridge with the exception of the modeling of the bents, 
which are composed of free-standing piles. Figures 6 and 7 indicate 
how the foundations for the Haywood County bridge are modeled 
in this analysis. 

In modeling the bridge superstructure, SEISAB "lumps" the 
combined cross-sectional properties of the girders and deck at the 
bridge centerline. The spans for both bridges were modeled as being 
continuous over all interior supports, with pin connections at each 
bent and abutment (no relative movement between superstructure 
and supports). Each span of the superstructure was broken into four 
elements by three nodes along its length, and each column was 
modeled with two nodes (i.e., three elements) along its height. 
Figure 8 shows how the model for the Madison County bridge was 

FIGURE 4 Pile group and pile cap 
equivalent spring model K:u = translational 
spring along X-axis, Kipx = rotational spring 
about X-axis, Kzz = translational spring 
along Z-axis, Ktpl. = rotational spring about 
Z-axis, Kyy = vertical spring along Y-axis, 
and Ki/IY = torsional spring about Y-axis. 



Cook et al. 

z~x 

FIGURE 5 Madison County bridge 
central bent with pile cap and pile group 
modeled with rotational and translational 
springs. 

interpreted by SEISAB. The model for the Haywood County bridge 
was similar to that shown in Figure 8. 

DEVELOPMENT OF FOUNDATION 
SPRING COEFFICIENTS 

A detailed account of the application of various methods to deter
mine foundation spring coefficients is presented by Cook (7). A 
condensed description of the methodology is presented here with 
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FIGURE 6 Haywood County bridge abutment 
modeled with equivalent rotational and translational 
springs. 

FIGURE 7 Haywood County bridge central 
bent modeled with rotational and translational 
springs. 
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the note that this paper is not concerned with the precise determi
nation of stiffness but with the effect of variations in stiffness. 

To estimate values for the foundation spring coefficients, two 
methods were investigated in considerable detail. A method devel
oped by Novak (JO) and revised by Novak and El Sharnouby (11), 
based on the theoretical behavior of an embedded pile in an elastic 
medium, was used to model the stiffness of single piles. The indi
vidual spring stiffnesses were combined by methods developed 
by Poulos (12, 13) to account for pile group interaction. In addition 
to the modeling techniques of Novak, a second method was 
also studied. An approach using beam-on-elastic-foundation analy
sis was utilized in which the pile is considered to act as a beam 
on an elastic half-space. The equations used in development of 
the elastic spring coefficients were derived from methods sug
gested by Scott (14). The in di vi dual spring stiffnesses were again 
combined by methods suggested by Poulos to account for pile 
group interaction. 

The development of elastic spring coefficients to account for the 
stiffnesses of the abutments was derived from techniques suggested 
by Wilson (15). Wilson's model accounts for the stiffness supplied 
by both the abutment walls and embedded piles incorporated into 
elastic spring coefficients. To reduce the amount of data to be gen
erated in this analysis, only the methods suggested by Novak and 
Wilson were used to model the pile foundations and abutments of 
the Madison County bridge. The stiffness of the pile cap, modeled 
as a foundation on an elastic half-space, was added to the stiffness 
of the pile. The beam-on-elastic-foundation theory, in addition to 
Wilson's techniques, was used to model the free-standing pile foun
dations and abutments of the Haywood County bridge. From previ
ous modeling by Cook (7), the individual spring coefficients from 
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FIGURE 8 Equivalent SEISAB model for Madison County bridge structure. 
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the beam-on-elastic-foundation theory and Novak's method did not 
correlate very well, although the response of the model was not 
significantly affected by the use of one method versus the other. 

Because the Madison County bridge is a symmetrical structure 
(i.e., two equal spans), the model was reanalyzed with one of the 
span lengths increased by 20 percent. With this model any addi
tional effects on member forces in the substructure caused by 
unequal span lengths could be investigated. 

The spring coefficients used for the Madison County bridge pier 
are shown in Table 1. These are examples of the coefficients used 
in the sensitivity analysis that follows. 

SENSITIVITY ANALYSIS 

In modeling the Madison County bridge, initially all the supports 
were considered "fixed" (i.e., no translation or rotation of the foun
dation elements). Spring coefficients were then applied at both the 
abutments and bent columns. From Figure 9 it is evident that mod
eling of the foundations with the Novak spring coefficients caused 
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the forces in the bent columns (with the exception of the longitudi
nal moment) to decrease somewhat as stiffness was taken out of the 
foundation system. To account for the possibility of variations in the 
spring stiffnesses, all the spring coefficients were reduced by a fac
tor of 10. Dividing the spring coefficients by a factor of 10 reflects 
a lack of confidence in the calculated values caused by a limited 
amount of knowledge concerning the dynamic characteristics of 
loess. This lack of confidence is somewhat less acute for the abut
ment foundation springs because the makeup and placement of 
backfill surrounding the abutments is controlled. For this reason the 
spring coefficients at the abutments were held constant as the bent 
column spring coefficients were reduced by a factor of 10. Finally, 
all spring coefficients at both the bents and abutments were reduced 
by 10. 

The SEISAB program performs a dynamic analysis for loading 
in both the transverse and longitudinal directions, as well as a com
bination of loading in both directions simultaneously. In Figures 9 
through 12, only absolute maximum moments are plotted without 
regard to the direction of loading, because these maximum 
moments are the ones used for design purposes. Figure 13 indicates 

TABLE 1 Spring Coefficients for Modeling Central Bent Foundation for Madison County Bridge 

DIR. OF SINGLE PILE PILE GROUP PILE CAP TOTAL 
MOTION 

(Kxx) 2. 703 x 105 1. 229 x 106 4. 024 x 105 1. 631 x 106 

X-DIR. 
HORIZ. 
(kN/m) 

(K22) 2.703 x 105 1.127 x 106 4. 024 x 106 1. 529 x 106 

Z-DIR. 
HORIZ. 
(KN/m ) 

(Kyy) 
7.831 x 105 1. 973 x 107 3. 539 x 105 2.327 x 106 Y-DIR. 

VERTICAL 
(kN/m) 

(K$x) 
9 .190 x 105 1. 402 x 107 1. 014 x 106 1. 504 x 107 ROT. ABT. 

X-AXIS 
(kN-m/rad) 

(K$z) 
9 .190 x 104 1.818 x 107 106 1. 919 x 107 ROT. ABT. 1. 014 x 

Z-AXIS 
(kN-m/rad) 

(K,y) 
3.332 x 104 6.120 x 106 5.225 x 106 1.135 x 107 TORSION 

Y-AXIS 
(kN-m/rad) 

NOTE: To convert from kN/m to k/ft., multiply by 0.0685. 
To convert from kN-m/rad to k-ft./rad, multiply by 0.735. 
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that the reduction in all spring coefficients by a factor of 10 caused 
the transverse and axial forces to decrease somewhat; however, the 
longitudinal moment increased by a factor of approximately 12 
from the case of a "fixed" support condition. This large increase 
occurred only when the structure was analyzed with loading in the 
longitudinal direction. As the foundation springs were reduced, the 
transverse moments in the bent columns were not significantly 
increased since the short span structure essentially acted as a deep 
beam laterally and any increase in dynamic effects were probably 
redistributed to the superstructure. When the structure was analyzed 
for loading in the longitudinal direction with a reduction in all 
spring stiffnesses, the central bent pier attracted more moment as 
stiffness was taken out of the foundations. This increase in column 
moment was not observed for the case when only the bent springs 
were reduced and abutment springs were held constant, indicating 
that the abutment stiffnesses are critical in determining bent column 
forces for the longitudinal direction. 

To investigate the contributions of the lateral stiffness coeffi
cients, the lateral springs were reduced by a factor of 10. From 
Figure 14, it appears that the most significant terms affecting an 
overall increase in member forces come from the contributions of 
the lateral (horizontal) spring coefficients. Thus, it appears that a 
reduction in the lateral stiffness coefficients can cause significant 
increases in column forces. 

To confirm that the. contributions of the rotational and torsional 
spring coefficients are minimal for both abutments and bent piers, 
these coefficients were investigated separately. The rotational and 
torsional spring coefficients were divided by a factor of 10. The tor
sional spring coefficient is probably the least understood and least 
investigated component of a pile foundation system. Although an 
attempt was made in the analysis described earlier to determine a 
value for the torsional spring coefficient, the results indicated in 
Figure 10 show that varying magnitudes of the torsional spring 
coefficient has an insignificant effect on the overall response of the 
foundation system. The reduction in the rotational spring coefficient 
from a fixed condition did not produce any increase in member 
forces. In all cases analyzed the member forces tended to decrease 
by small amounts as rotational stiffness was reduced in the founda
tion system. 

Figures 9 and 10 reflect the results of the analysis of the unequal 
span modeling of the Madison County bridge. The same general 
trends observed in the modeling of the two-span symmetrical struc
ture appear to be evident again. The results of the analysis with 
reduced lateral, rotational, and torsional stiffness coefficients are 
shown in Figure 10. These results again confirm that, as the lateral 
stiffness is reduced, member forces in the bridge substructure are 
increased. From the plot of the magnitude of the member forces 
from the reduced rotational and torsional spring coefficients in 
Figure 10, it is apparent that the changes in column moments and 
axial forces are minimal. Therefore, for the unequal-span model of 
the Madison County bridge, the response patterns generally follow 
those of the two-equal-span model with no significant changes 
because of geometry. 

The Haywood County bridge structure was modeled using the 
same procedures as those used for the Madison County bridge struc
ture. The bents and abutments were initially held fixed; then spring 
coefficients were applied at the abutments and bent columns. The 
bent spring coefficients were reduced by a factor of 10, whereas the 
abutment spring coefficients were held constant. Finally, all the 
spring coefficients were reduced by a factor of 10. As was the case 
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for the two-span Madison County bridge structure, the longitudinal 
moment increased when all spring coefficients were reduced, but 
only by a factor of approximately 2 from the case of fixed supports, 
as indicated by Figure 11. The magnitude of increase in column 
moments for the longitudinal direction is somewhat less for the case 
of the three-span structure than for the case of the two-span bridge 
because an additional bent column is available to absorb moment. 

The lateral spring coefficients were again reduced by a factor of 
10 to study their effect on substructure forces. The results shown on 
the graphs in Figure 12 indicate that the column forces for the three
s pan structure were influenced by the variation of spring coeffi
cients in a way similar to that for the two-span Madison County 
bridge. As the lateral spring coefficients were reduced, a significant 
increase in the magnitude of both column moments and axial forces 
was observed. 

Rotational and torsional spring coefficients were also investi
gated for the Haywood County bridge to evaluate their significance 
to the overall structural response. The results shown in Figure 12 
indicate that the magnitudes of the rotational and torsional spring 
coefficients do not significantly affect the structural response of the 
model. 

SUMMARY AND CONCLUSIONS 

No attempt was made in the study reported here to evaluate current 
methods of calculating foundation stiffness. Instead, the study eval
uated the sensitivity of the moments and axial loads in bent columns 
to variations in foundation stiffness. 

From the results of the sensitivity analysis, it appears that the 
moments and forces in the bent columns are not sensitive to small 
variations in spring stiffnesses. The effects of creating an unsym
metrical structure by varying a span length were minimal, with 
results consistent with those for a symmetrical two-span bridge. By 
reducing the bent spring stiffness and holding the abutment stiffness 
coefficient values constant, moments and forces in the substructure 
were somewhat reduced from the case with the bents fixed. But if 
lower abutment stiffness is assumed to exist concurrently with low 
bent stiffness, larger moments result in the longitudinal direction. 
As the lateral spring coefficients were reduced, significant increases 
in longitudinal, transverse, and axial forces were observed for all 
three bridge geometries. On the other hand, variations in rotational 
and torsional stiffnesses appear to be relatively unimportant. There
fore, it appears that, for relatively short-span structures, the forces 
and moments in the bent columns are most affected by variations in 
the lateral (horizontal) spring coefficients. 

Because of the lack of information on the behavior of single piles 
and pile groups in loessial soil deposits, further investigation in the 
form of dynamic field testing is clearly needed to define a more real
istic analysis model. Whether or not it is conservative to model a 
pile foundation simply as being a fixed support depends on the mag
nitude of the stiffness of the bent and abutment springs. Full-scale 
testing is also needed to investigate the effect of pile group interac
tion, especially for loess. 
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Guide Specification Strength Capacity 
Rating of Existing Girder Bridges 

MICHAEL G. BARKER 

The impact of the AASHTO Guide Specifications for Strength Evalua
tion of Steel and Concrete Bridges (STRENGTH method) on 40 steel 
and 33 concrete bridges in Missouri was investigated. The STRENGTH 
method is a reliability-based load and resistance factor rating procedure. 
The variable factors depend on levels of redundancy, deterioration, 
inspection, maintenance, truck volume, and weight enforcement, and 
selection of these factors is subjective, requiring considerable engi
neering judgment. The STRENGTH method considers site-specific 
loading and capacity characteristics to obtain consistent levels of safety 
over the bridge iriventory. For bridges with good load and resistance 
characteristics, the STRENGTH method can significantly increase load 
ratings over current AASHTO load factor rating operating levels. 
However, deterioration and adverse traffic conditions can cause 
STRENGTH ratings to fall below load factor rating inventory levels. A 
method to evaluate the load capacity of concrete bridges that do not 
have detailed bridge plans is also investigated. 

In the United States, federal law (1) requires that all bridges be eval
uated periodically. The inspection process shall include a physical 
investigation of the bridge to ascertain the bridge's overall safety and 
operational characteristics and shall include a bridge load
carrying capacity evaluation (bridge rating). The governing author
ity over bridge inspections and load ratings is AASHTO. AASHTO' s 
Manual for Maintenance Inspection of Bridges (2) (referred to as the 
maintenance manual) is used for guidance in the evaluation process 
and the current AASHTO Standard Specifications for Highway 
Bridges (3) (referred to as the design specs) is also used in conjunc
tion with the maintenance manual. Although not used in this paper, 
there is also the new Manual for Condition Evaluation of Bridges, 
recently approved by AASHTO (4). 

The process of bridge evaluation consists of two important oper
ations: inspection and rating. Bridge inspection determines the 
actual condition of the bridge based on field inspection and field 
measurements. Results of the current inspection are compared with 
those of previous records to determine whether there are changes in 
the bridge condition. If there are substantial changes, or trends of 
deterioration are verified, then the load capacity is evaluated (bridge 
rating) for the new conditions. 

Bridge rating is concerned with two major issues: 

1. What vehicle, or group of vehicles, should be used for the load 
capacity evaluation? 

2. How should the capacity of the bridge be evaluated? 

Bridge rating is a mathematical exercise by which the strength of 
the bridge is evaluated. The specific outcome of the analysis is the 
rating factor (RF). The RF is the ratio of the calculated live load 
capacity of the bridge to the rating vehicle live load effects. Typi-

Department of Civil Engineering, E2509 EBE, University of Missouri
Columbia, Columbia, Mo. 65211. 

cally, the AASHTO rating vehicles, or state specific vehicles, are 
used to approximate the live load effects. The RF multiplied by the 
rating truck weight is the rating load. If RF is less than unity, then 
the bridge is judged to be deficient and some type of action is called 
for such as 

1. Posting (reduce live load and/or speed), 
2. Retrofitting the bridge, 
3. Replacing the bridge, or 
4. Closing bridge to traffic. 

For most bridges, only a flexural capacity rating check is per
formed. However, there may be situations when a shear or bearing 
capacity check is warranted. Examples of these situations would be 
in deteriorated members with significant section loss and for older 
bridges. Also, fatigue rating (5) may be required in members with 
known high service load stresses. One important feature of the 
rating process is to subject the mathematical conclusions to the 
judgment of experienced bridge engineers. 

With regard to structural analysis and load capacity limit states, 
as of 1994 there were three AASHTO methods for rating beam and 
girder bridges: 

1. Allowable stress rating (ASR). For the ASR method, the nom
inal live loads on the structure and all other nominal loads shall not 
produce stresses in the member that exceed allowable stresses (2). 

2. Load factor rating (LFR). For the LFR method, the criteria are 
that factored live loads and factored other loads must not exceed the 
(factored for concrete) nominal strength of the member (2). 

3. Guide Specifications for the Strength Evaluation of Exist
ing Steel and Concrete Bridges (STRENGTH method). The 
STRENGTH method is a load and resistance factor method using 
variable site-specific factors. Factored live loads and factored other 
loads must not exceed the factored member capacity ( 6). 

There are also field testing rating methods where diagnostic or proof 
loads are physically applied to the bridge (7). 

All three of these analytical rating methods use the maintenance 
manual as a guide for bridge inspection. The ASR and LFR 
methods are also contained in the maintenance manual. The 
STRENGTH method is similar to the LFR method; however, the 
load, resistance, and impact factors are variable and depend on site
specific characteristics. The nominal capacity is the same as the 
LFR maximum-strength capacity and both methods use the same 
level of structural usefulness (i.e., flexural hinge). 

The ASR and LFR methods are direct extensions of their respec
tive design procedures. In design, additional uncertainty needs to be 
incorporated in the process to meet the desired safety. Over the long 
design life, conservatism is warranted for changes in traffic volume 
and loads, deterioration, and material variabilities. Evaluating an 
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existing bridge over short intervals removes many of the uncertain
ties inherent in the design process. When load rating an existing 
bridge, the uncertainty associated with the truck volum~ and 
expected weights, the level and rate of deterioration, and the as-built 
geometry and material properties are lower than at the design stage. 

The truck volume and expected weights on individual bridges 
will have a large impact on the demands of the structure. For 
instance, a rural bridge with five trucks a day demands much less 
from a structure than an interstate bridge with 10,000 trucks a day. 
Likewise, a bridge with a 10 percent per year deterioration rate is of 
more concern than a bridge with virtually no deterioration rate. The 
ASR and LFR methods fail to fully consider these site characteris
tics. The methods will rate a high-volume severely deteriorating 
bridge and a low-volume bridge not deteriorating equally. Ignoring 
the differences in particular bridges leads to inconsistent safety. 

An NCHRP project (8) was initiated in 1980 with the objective 
of developing improved techniques for evaluating the load-carrying 
capacity of reinforced concrete bridges. Another NCHRP project 
(9) was initiated in 1985 to extend and finalize the findings of 
NCHRP Project 10-15 (8) for reinforced concrete, prestressed con
crete, and steel bridges. The researchers' goal was to produce "a 
flexible comprehensive approach to bridge evaluation that best uti
lizes the economic resources available and yet maintains consistent 
and definable criteria for ridge safety." To achieve this, a reliability 
framework was adopted that allowed a range of load and resistance 
factors (partial load factors) depending on site-specific bridge 
characteristics and the level of effort in the rating process. The 
STRENGTH method (6) is based on these two NCHRP projects. 

The STRENGTH method yields only one rating factor corre
sponding to a strength limit state, whereas the LFR method has an 
operating rating and an inventory rating for both a maximum
strength capacity and a serviceability capacity. Ignoring service
ability limits (not including fatigue limits) for existing bridges is 
justified in the STRENGTH method by the fact that these bridges 
have survived these serviceability demands in the past. 

OBJECTIVES 

The AASHTO guide specs STRENGTH method (6) was released 
in 1989. However, not much is known on how the new procedures 
will affect the rating process. Barker et al. (10) investigated and 
compared the LFR method and the STRENGTH method with 73 
steel and concrete girder bridges typical of state and rural bridges in 
Missouri. The study emphasized the impact of the STRENGTH 
method and the procedural changes from the LFR method. 

This paper presents the following: 

1. Comparisons of the STRENGTH method to the LFR maxi
mum-strength operating and LFR serviceability operating ratings 
for 40 steel girder bridges, 

2. Comparisons of the STRENGTH method to the LFR maxi
mum-strength operating rating for 33 concrete girder bridges, and 

3. An historically based method to evaluate concrete bridges 
with insufficient or nonexistent plans. 

LOAD CAPACITY RATING EQUATION 

For the LFR maximum-strength operating level and the. 
STRENGTH method, the general load capacity rating equation is 

or, solving for the rating factor, 

where 

RF= rating factor (RF 2: 1 is sufficient capacity), 
f D = dead load factor, 
f L = live load factor, 
<I> = resistance factor, 

Mn = nominal resistance, 
Dn = nominal dead load, 
L,, = nominal live load from the rating vehicle, 

DF = lateral distribution factor, and 
I= impact factor. 
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(1) 

(2) 

The nominal live loads are the same for both procedures. The lat
eral distribution factors of these loads is also identical except the 
STRENGTH method adjusts the factor if a method other than the 
AASHTO design specs SID method is used. The nominal dead load 
is the same except that the STRENGTH method increases the nom
inal overlay thickness by 20 percent as a result of excessive uncer
tainty in overlay thickness estimations. The nominal resistance 
should consider the effects of deterioration with a reduced section 
analysis. 

The major difference between the two methods is in the load 
and resistance factors and the impact factor as shown in Table 1. 
The STRENGTH method uses variable load, resistance, and 
impact factors, and the rating engineer must choose the values on 
the basis of site-specific information. To obtain consistent ratings, 
the use of engineering judgment is critical for selecting these 
subjective factors. 

The LFR method also has a serviceability limit (excluding 
fatigue) for the operating level. For steel bridges the equation is 

RF= Ln (DF)(l + /) (3) 

The limit is basically a limited stress at service or nominal loads 
where Ms is the serviceability strength corresponding to the operat
ing level and the other variables are defined above. The 
STRENGTH method has no such serviceability limit. 

The LFR inventory ratings are 60 percent of the LFR operating 
ratings. This is simply the ratio of the operating and inventory live 
load factors ( 1.3/2.17) from Table I. 

STRENGTH METHOD LOAD AND 
RESISTANCE FACTORS 

The following are general guidelines ( 6, 10) for determining the fac
tors for the STRENGTH method. For a more detailed explanation, 
and for variances to the conditions that follow, the reader is referred 
to the guide specs (6). 

Dead and Live Load Factors 

The dead load factor is a constant 1.2. However, the live load fac
tor ranges from 1.30 to 1.80. A factor of 1.30 (same as LFR operat-



100 TRANSPORTATION RESEARCH RECORD 1476 

TABLE 1 Load and Resistance Factors 

Factor LFR STRENGTH 

ro 1.30 1.20 plus 20% additional thickness on the 
wearing surface 

1.30 low volume and enforced weight limits 

rL 1.30 Operating 1.45 high volume and enforced weight limits 
2.17 Inventory 1.65 low volume and unenforced weight limits 

1.80 him volume and unenforced wei~ht limts 
Cl> 1.00 steel 0.55-0.95 based on redundancy, deterioration, 

0.90 concrete insoection. and maintenance 
50/(L+ 125)S0.3 0.10 smooth deck 

I based on span 0.20 significant deck roughness 
lell2th 0.30 major deficiency in riding surface 

ing) represents a low-volume bridge with good weight enforcement. 
As the volume increases or enforcement decreases, or both, the live 
load factor increases. The volume is deterministic, but the level of 
enforcement is subjective. The rule that the site is considered 
enforced if less than 5 percent of the trucks exceed legal limits can 
be used if this information is available and dependable. Of course 
the rating agency could be conservative and categorically assume 
insufficient enforcement; however, this would defeat the objective 
of having uniform safety over the bridge inventory. 

Impact Factor 

The impact factor depends on the riding surface roughness. The 
dynamic effects range from 0.10 for smooth surfaces to 0.30 for sur
faces with serious deficiencies. Inspection procedures will need to 
be developed and a new appraisal rating will need to be incorpo
rated into the inspection program to determine this subjective fac
tor. The deck appraisal did not correlate well with the perceived 
dynamic effects for the bridges used in this study. The engineer 
should consider the design specs impact factor when choosing from 
the STRENGTH method options. Perhaps for shorter bridges, 0.20 
should be used unless there are serious deficiencies. For longer 
bridges with smooth conditions,· a value of 0.10 could be justified. 

Resistance Factor 

The resistance factor has a large impact on the load rating because 
it can vary from 0.55 to 0.95. The basic resistance factor for a mem
ber in good condition (0.95 for steel and 0.90 for concrete) is sig
nificantly decreased if there is deterioration. If there is deterioration, 
the resistance factor can be increased if a careful inspection is exe
cuted and either increased or decreased, depending on whether 
maintenance will inhibit future section losses or deterioration is 
uninhibited, respectively. Although the resistance factor is subjec
tive, there seems to be adequate information to determine the adjust
ments for deterioration and inspection effort (10). 

ASSUMPTIONS USED FOR BRIDGE DATA BASE 

This study used a uniform set of assumptions for determining the 
live load,· resistance, and impact factors for the STRENGTH 

method. For the live load factor, all sites were assumed enforced. 
This was done because a high percentage of the bridges should have 
less than 5 percent of the trucks exceeding legal limits. However, 
for posted bridges this may not be true. There would be a tendency 
for bridges with restrictive loading to have a higher percentage of 
weight violators. Future studies are needed to examine weight char
acteristics on posted bridges. If the sites are unenforced, the 
STRENGTH ratings would decrease by approximately 20 percent 
from the ratings assuming enforced conditions. 

The resistance and impact factors were chosen conservatively. 
Deck and superstructure appraisal ratings from inspection reports 
were used to determine the level of deterioration according to the 
STRENGTH method guidelines. The resistance factor was also 
decreased for intermittent maintenance, and it was assumed that 
there was not a careful inspection. The impact factor was based on 
the deck appraisal rating. Thus, the majority of the STRENGTH 
ratings reported herein could be increased significantly (upwards of 
10 percent) with a careful inspection adjustment and a vigorous 
maintenance adjustment. 

BRIDGE DATA BASE 

This paper compares the LFR method and the STRENGTH method 
for 73 bridges typical of state and rural girder bridges in Missouri. 
Of the 40 steel girder bridges examined, 10 are simple-span com
posite (SC), 5 are continuous-span composite (CC), 20 are simple 
span noncomposite (SNC), and 5 are continuous span noncompos
ite (CNC). Of the sections checked for the capacity ratings for both 
the composite and noncomposite bridges, there is a mix of compact, 
noncompact, braced, and unbraced sections. The dates the bridges 
were built range from 1932 to 1968. 

Of the 40 steel girder bridges, two have high truck volume 
(f L = 1.45), and the remaining 38 have low truck volume (f L = 
1.30). Six of the bridges have slight deterioration (<I> = 0.80), 
whereas the rest have insignificant section loss (<I> = 0.90). Three 
of the bridges have lower deck appraisal ratings, which resulted in 
an impact factor of 0.20, whereas the remaining bridges have high 
deck appraisal ratings, which resulted in an impact factor of 0.10. 

The 33 concrete girder (T-beam) bridges analyzed for compari
son in this study are typical state bridges built between 1922 and 
1961. Of the 33, five of the bridge plans have general member 
dimensions but do not have reinforcement details. This is a problem 
with many concrete bridges across the nation. However, as will be 
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discussed, a method to estimate the reinforcement details on the 
basis of limited historical data was used to determine the load 
capacities. This method, with future verification and refinement, 
could be an asset for rating concrete bridges that have no plans. 

Of the 33 concrete girder bridges, 30 have low truck volume 
(f L = 1.30) and three have high truck volume (f L = 1.45). Whereas 
all the steel bridges in this study have good or fair structural 
appraisal ratings, 8 of the concrete bridges have superstructure 
conditions of good or fair (<I>= 0.85), 16 are classified deteriorated 
(<I> = 0.75), and 9 are heavily deteriorated (<I> = 0.65). Deteriora
tion significantly reduces the STRENGTH rating as evidenced by 
the wide range of the resistance factors. The concrete bridge impact 
factors are distributed as follows: 25 have impact factors of 0.10, 5 
have impact factors of 0.20, and 4 have impact factors of 0.30 
(major deficiency in the riding surface). 

IMPACT OF THE STRENGTH METHOD 

Table 2 shows the average rating factors for controlling vehicles and 
controlling spans for the steel and concrete bridges. For the steel 
data base, the STRENGTH method average ratings (l.33) were 
significantly greater than the LFR operating levels considering 
serviceability limits (1.19). However, when considering only the 
maximum-strength LFR limit, the average ratings were nearly iden
tical (1.33 STRENGTH and 1.34 LFR). When serviceability con
trols, the LFR rating is lowered from what the maximum-strength 
limit ratings dictate and, therefore, the difference between the 
STRENGTH and LFR methods increases. 

This difference is illustrated in Figures 1 and 2. In these figures, 
the ratio of the STRENGTH RF to the LFR operating RF is plotted 
against the controlling span length. In Figure 1, the ratio varies con
siderably because of the serviceability limit. All the points above 
the dashed line, and the two points indicated below this line, had 
serviceability controlling the LFR rating. It is clear that large 
increases in the rating could be realized if the rating agency 
switches from LFR serviceability limits to the STRENGTH method 
limits, especially for SC bridges. This would be in agreement with 
the STRENGTH method philosophy that these bridges have sur
vived these serviceability demands in the past. However, if the LFR 
method ignores serviceability limits and uses only maximum 
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strength limits, the ratio is much more uniform, as shown in Figure 
2. Here all the points are uniform except when one or more of the 
factors change. 

In Figure 2, the majority of the RF ratios are between 1.0 and 1.1. 
These points correspond to a low-volume roadway with good 
weight enforcement (f L = 1.30), a good riding surface (/ = 0.10), 
and members in good shape (<I>= 0.90). As the load factors increase 
or the resistance factor decreases, the STRENGTH ratings will 
decrease and, thus, give a relatively lower rating compared with the 
LFR method. In summary, the STRENGTH ratings are, on average, 
approximately equal to or above the average LFR operating ratings. 

This is not the case for the concrete bridges. For the concrete 
bridges shown in Table 2, the STRENGTH method average ratings 
(1.06) were well below the LFR operating level maximum-strength 
ratings (l.30). In fact, they were about midway between the LFR 
operating and the LFR inventory levels (0. 78). This means that the 
STRENGTH method would require more restrictions on the 
concrete bridges of this data base relative to those imposed on the 
steel bridges. 

In Figure 3, the ratio of the STRENGTH RF to the LFR operat
ing RF is plotted against the controlling span length. There are three 
distinct regions that correspond to the <I> factor or the level of dete
rioration. With heavier deterioration, the STRENGTH method will 
give a low rating compared with the LFR method. Variations in the 
other factors affect the ratio to a lesser extent. Examination of the 
STRENGTH method resistance factors, live load factors, and 
impact factors reveals why the concrete bridges did so much more 
poorly than the steel bridges when LFR ratings were compared. 

The concrete data base had an average resistance factor of 0.75, 
whereas the average was 0.89 for the steel bridges. This difference 
greatly exceeds the 0.05 difference for steel and concrete members 
in good condition. The disparity occurred because the concrete 
bridges had consistently lower structural appraisal ratings. Visual 
inspection of the bridges, however, showed no apparent condition 
differences. Because the STRENGTH method considers deteriora
tion in the rating process and because of the subjective factors, an 
important aspect of the STRENGTH method is the inspection. This 
apparent discrepancy between steel and concrete bridge inspection 
appraisals will hinder the consistency of the STRENGTH ratings. 

For example, four of the concrete bridges have structural 
appraisal ratings of 3. According to the inspection, these bridges 

TABLE 2 Rating Factors for the 73-Bridge Data Base 

RATING STEEL CONCRETE 
:METHOD BRIDGES BRIDGES 

AVG RANGE AVG RANGE 

Guide Spec STRENGTII Rating 1.33 0.58-3.77 1.06 0.26-2.23 

LFR Operating Max. Strength & 1.19 0.63-2.99 NA NA 
Serviceability RatinJ? 

LFR Operating Maximum Strength Only 1.34 0.63-3.98 1.30 0.78-2.68 

LFR Inventory Max. Strength & 0.71 0.38-1.79 NA NA 
Serviceability Ratin2 

LFR Inventory Maximum Strength Only 0.81 0.38-2.39 0.78 0.47-1.61 

Serviceability not Considered for Concrete Bridges 
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are in serious condition. A superstructure appraisal of 3 means the 
following (11): 

Serious Condition: Loss of steel section, deterioration, or spalling has 
seriously affected primary structural components. Repair or rehabili
tation required as soon as possible. Damage or disintegration of a 
structural support element which requires shoring, auxiliary splices, or 
substitute members. Severe disintegration of concrete. Diagonal shear 
cracks. Wide flexural cracks. Delamination from primary steel. 

If these concrete bridges are truly in the shape that the appraisal rat
ings indicate, then the LFR method is not adequately representing 
the condition of the bridge or the seriousness of the deterioration. 
The LFR method would give nearly the same ratings to these 
seriously deteriorated bridges and a new bridge. However, the 
STRENGTH method reduces the load-carrying capacity to reflect 
the heavy deterioration. 

The average Ii ve load factor for the concrete bridges is 1.314, and 
the average is 1.307 for the steel bridges. Therefore, the live load 
factor did not cause much difference between the steel and concrete 
data bases. However, the average impact factor for the concrete 
bridges is 0.14, whereas the average for the steel bridges is 0.108. 
This factor has a direct effect on the ratings and the relative differ
ences between the steel and concrete bridges. 

CONCRETE BRIDGES WITH 
INSUFFICIENT PLAN DETAILS 

An ongoing problem for many states is how to estimate the load
carrying capacity of concrete bridges that lack reinforcement 
details. One solution is to field test the bridge with applied diag
nostic or proof loading (7). However, if load testing is not feasible, 
the maintenance manual states that a bridge that shows no signs of 
distress need not be posted. This clearly is not acceptable in many 
situations. There is no definitive definition of distress and, if there 
is distress, there are no guidelines for posting limits. There are also 
no permitting guidelines should the situation arise. 

1.6 T 

1.4 
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There is a need for a more consistent strategy for making ratio
nal estimations of the load-carrying capacity for these bridges. The 
information required to calculate the section capacity is the struc
tural depth (d), the area of steel, represented by the reinforcement 
ratio (p), and the concrete strength, (f;), which can be estimated 
with respect to age in the maintenance manual. Following is a 
method based on historical data from existing concrete bridges with 
known reinforcement configurations (10). Figure 4 plots the nor
malized depth against the age for the 28 concrete bridges in the data 
base that had full plans including reinforcement details. The nor
malized depth is simply the structural depth divided by the overall 
depth (dill). Figure 5 is a similar plot for the normalized reinforce
ment ratio (pf Pmax) where Pmax is 75 percent PbaI· 

The normalized depth shows little scatter for the 28 bridges. The 
normalized reinforcement ratio shows more scatter. The averages 
and standard deviations for the two variables are shown on the fig
ures. The proposed strategy for selecting the reinforcement area and 
effective depth is based on these statistical values. To incorporate a 
margin of safety, target values lying roughly 1.3 standard deviations 
below the mean values were selected. This distance from the mean 
corresponds roughly to a probability that the assumed value will be 
conservative 90 percent of the time. 

The results of these calculations yield the following target values: 
d/H = 0.84, and p/pmax = 0.66. These numbers are rounded to con
venient values to produce the following recommended strategy 
for bridges with unknown reinforcement details: d = 0.85 H, and 
p = 2/3 Pmax = 0.5 PbaI· Although this procedure does not in any way 
ensure the actual reinforcement configuration, it does provide the 
rating engineer with a consistent and rational method for selecting 
reinforcement properties and dimensions for bridges without rein
forcement details. 

Before implementing the specific values in the above example, a 
larger data base should be surveyed. Further refinement of the tar
get values could also be obtained by examining the data with respect 
to design-specific factors such as year built, material properties, and 
span length. 
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FIGURE 4 Normalized structural depths (d/H) for concrete bridges. 
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FIGURE 5 Normalized reinforcement ratios (p/pmax) for concrete bridges. 

SUMMARY AND CONCLUSIONS 

The STRENGTH method is a reliability-based load and resistance 
factor method that uses variable site-specific live load, impact, and 
resistance factors. The procedure considers redundancy, weight 
enforcement, and truck volume, deterioration, inspection effort, and 
level of maintenance in the rating. The STRENGTH method has 
several advantages over the current LFR method, including the 
following (9,10): 

1. Implicitly recognizes the difference between design and 
evaluation, 

2. Provides consistent level of safety for all bridges, 
3. Uses site-specific load and ~esistance characteristics, 
4. Incorporates engineering judgment in the rating process, 
5. Uses familiar form-similar to LFR method, 
6. Permits potential improvements in ratings through extra 

efforts in inspection and maintenance, 
7. Encourages better inspection and maintenance programs, and 
8. Eliminates much of the variation in state posting practices. 

Unfortunately, the STRENGTH method also has disadvan
tages (10): 

1. Load, impact, and resistance factors are subjective; 
2. Some terms, such as "careful," "estimated," "vigorous," and 

"intermittent," are subjective; 
3. States may choose to categorically use conservative factors, 

defeating the purpose of the STRENGTH method; 
4. Additional inspection information is required; and 
5. It changes established bridge rating programs. 

The STRENGTH method is similar to the LFR maximum
strength method in form. For bridges in good shape with reasonable 
traffic enforcement, the STRENGTH ratings will be similar to LFR 

maximum-strength operating levels. The STRENGTH method can 
greatly improve ratings when serviceability limits control the 
LFR. With increased impact, deterioration, and truck volume, the 
STRENGTH method ratings decrease significantly and can fall 
below LFR inventory levels. 

The concrete data base definitely shows the effect of deteriora
tion (Figure 3). With 16 out of 33 bridges· classified as slightly dete
riorated and 9 classified as heavily deteriorated, many of the 
STRENGTH ratings fell below LFR inventory level. Although the 
results may seem startling, if these bridges are in this much disre
pair, the LFR method does not indicate the seriousness of the situ
ation. In other words, if the STRENGTH method yields consistent 
levels of safety for these bridges, the LFR method is not achieving 
desirable safety levels. It is suggested that, since the deterioration 
was based on appraisals, inspection procedures should be reviewed 
to determine if these bridges are truly in such poor structural 
condition. 

Unlike the LFR method, the STRENGTH method uses variable 
load and resistance factors depending on .site-specific information. 
This creates subjectivity in the rating process, and the inspection 
and rating personnel must use judgment in choosing values. The 
consistency and accuracy in which these personnel choose the fac
tors determines the success of the STRENGTH method in meeting 
its objective of consistent reliability in rating. 

RECOMMEND A TIO NS 

It is first recommended that the AASHTO Guide Specification for 
the Strength Evaluation of Existing Steel and Concrete Bridges (6) 
be used to determine alternative posting ratings for girder bridges 
that are currently posted according to ASR or LFR methods. The 
STRENGTH method has the potential to increase or remove posted 
limits on many bridges, and an effort by the state Department of 
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Transportation (DOT) will quickly determine the usefulness of the 
procedure. To apply the STRENGTH method consistently, there 
will need to be modifications to the current inspection procedures 
to collect additional information. This will inherently require better 
communication between inspectors and bridge rating engineers. 
This study examined only reinforced concrete and steel girder 
bridges. The STRENGTH method also applies to prestressed girder 
and truss bridges. These types of bridges should be examined in 
conjunction with concrete and steel girder bridges. 

Once states establish application procedures and gain confidence 
in the STRENGTH method with these posted bridges, the provi
sions should be applied to all girder bridges for a consistent evalu
ation over the bridge inventory. 

During routine rating of concrete bridges, the state DOT should 
keep a tally of reinforcement ratios and structural depths to build a 
data base for implementing a strategy for concrete bridges without 
reinforcement details similar to the limited strategy shown in this 
paper. 
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Controlled Load Tests on a 
Four-Girder Steel Bridge 

J. HAROLD DEATHERAGE, MICHAEL DAVID SANDERS, DAVID W. GOODPASTURE, 

AND EDWIN G. BURDETTE 

A fatigue investigation of the I-40 bridge over the Holston River pro
vided an excellent opportunity to measure and analyze the response of 
an actual structure to applied loads. During the course of the project, 
responses to both actual traffic loadings and controlled loadings were 
measured. In this paper the data collected during the controlled load 
tests are examined and the means by which the data were collected are 
outlined. Methods currently used to distribute applied loads to the main 
structural members have been found to produce conservative results in 
several cases. This project made it possible to compare actual measured 
load distributions with the load distributions calculated by various 
means. The measured responses were compared with AASHTO values 
and values calculated by a method developed by the authors in 1987. 
The latter, an extension of the Guyon-Massonnet method, was found to 
produce less conservative and more accurate results than the AASHTO 
method. Full-speed and crawl test data were analyzed in order to calcu
late dynamic impact factors for this structure. These values were also 
compared with the AASHTO design impact factors. 

The Holston River Bridge carries Interstate-40 over the Holston 
River just east of Knoxville, Tennessee. The bridge supports six 
lanes of traffic, three in each direction. Four continuous steel gird
ers support a concrete deck 7 Y2 in. (19 cm) thick that acts compos
itely with the girders. The roadway shoulder is supported by can
tilever extensions that frame into the web of the exterior girders 
(Figure 1). The girders vary in depth throughout the length of the 
bridge but are identical at any given cross section. The bridge is 
363.8 m (l,193 ft) in total length and consists of seven spans rang
ing in length from 41.2 m (135 ft) to 73.2 m (240 ft) (Figure 2). 
Within the single 73.2-m span, the girders are connected laterally 
by cross trusses at 6.7 m (22 ft) on center (Figure 3, top). In all other 
spans, floor beams run between the girders (Figure 3, bottom). Both 
the trusses and floor beams support two wide flange sections each 
that serve as stringers for the bridge deck. 

In January 1992, the Tennessee Department of Transportation 
discovered a fatigue failure in the outside girder on the eastbound 
lane. The fracture was located near the one-third point of the 
73.2-m span between Piers 1 and 2 directly over the main channel 
of the river (Figure 4). The fracture extended almost the entire 
depth of the member. A large gap was present at the bottom flange 
of Girder 4. The two outside lanes of the bridge were immediately 
closed to traffic on each side, and measures were taken to repair the 
damaged girder. A retrofit of the cantilever-to-girder-web connec
tion was also implemented that was intended to eliminate the 
out-of-plane distortion of the girder web, which had initiated the 

J. H. Deatherage, D. W. Goodpasture, and E.G. Burdette, Department of 
Civil Engineering, University of Tennessee, Knoxville, Tenn. 37996-2010. 
M. D. Sanders, Forcum-Lannom, Dyersburg, Tenn. 38025-0768. 

failure. In January 1993, a research project was begun by the 
University of Tennessee Transportation Center to investigate the 
Holston River Bridge fatigue failure. This project had four basic 
objectives: (a) determine the effectiveness of the retrofit repairs, 
(b) estimate the portion of the bridge fatigue life expended at the 
time of failure, ( c) estimate the remaining life of the bridge on 
the basis of current and estimated future use and identify control
ling fatigue detail locations, and (d) study critical details of the 
bridge structure for potential fatigue problems resulting from 
dynamic response of the structure. In order to accomplish these 
objectives, extensive field testing was required. First, careful 
inspection of the bridge plans and the bridge itself revealed the 
location of several critical points. Members at these locations were 
then instrumented with strain gauges. Strain gauge data were col
lected under both normal traffic and controlled loads. The infor
mation from these gauges was used to determine the response of the 
structure under these loads. Details of this investigation and results 
of the fatigue study will be reported in .other papers. The focus of 
this paper is limited to a consideration of (a) dynamic load factor 
and (b) lateral distribution of loads. 

This paper provides a summary of the controlled load tests per
formed on the Holston River Bridge. The structural behavior of the 
bridge when subjected to a controlled load was examined in detail. 
Lateral distribution of these loads to the four longitudinal girders 
was examined, and the measured distributions were compared with 
distributions obtained by analytical methods (J) and those recom
mended by AASHTO. The results of both the dynamic and static 
controlled load tests were analyzed and the data were compared in 
order to determine a dynamic impact factor for the structure. These 
values were also compared with AASHTO values. 

REVIEW OF LITERATURE 

Dynamic Impact Factors 

Data including dynamic impacts and girder distributions were col
lected and incorporated into a system to evaluate bridge safety by 
Ghosn et al. (2). Dynamic impact factors calculated from these data 
were compared with AASHTO values; the AASHTO values were 
found to be conservative. 

Dynamic impact factors were considered in NCHRP Report 301 
(3). Impact factors taken from a data base of previous studies are 
given for various sites. It was determined that impact was directly 
related to roadway roughness. Instructions are provided in the 
report for selecting categories for a given roadway. 



Deatherage et al. 

FIGURE 1 Cantilever-to-girder connection. 

The effect of truck weight on the dynamic impact factor was 
examined by Nowak (4). It was found that as truck weight 
increased, the dynamic impact factor decreased. 

Lateral Load Distribution 

Present AASHTO distribution factors have been found to be con
servative by many researchers (5-7). This research has encom
passed different means, including analytical methods, computer 
models, scale models, and actual field measurements. The work by 
Sanders and Elleby referenced Guyon and Massonnet extensively 
in developing the current AASHTO load distribution factors. 
Deatherage (5) extended the Guyon-Massonnet theory to develop a 
series of influence coefficients that more accurately represent the 
effects of a load applied laterally on the cross section of a beam-slab 
bridge. In Deatherage's work, a torsional parameter, ex, and a flex
ural stiffness parameter, 0, are used to determine the appropriate · 
influence coefficients to be used with a particular structure. 

The effect of different variables on lateral distribution was exam
ined by Hays et al. ( 6) through the use of a computer program, 
Structural Analysis for Load Distribution (SALOD). AASHTO fac-
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tors were found to produce conservative results when compared 
with the results from SALOD. 

An experimental test program was used to evaluate the behavior 
of a 'Via-scale model of a two-span continuous plate girder bridge 
(7). Distribution factors computed using AASHTO procedures were 
found to be quite conservative for the interior girder and less so for 
the exterior girders. 

Field data were collected using strain gauges and weigh-in
motion (WIM) equipment. These data were used to calculate lateral 
distribution factors and dynamic impact factors. When these values 
were compared with AASHTO values, the AASHTO values were 
again found to produce conservative results. 

Nowak et al. (1) also used strain gauges and WIM equipment to 
evaluate a structure's response to traffic. The structure was a multi
span bridge supported by four steel plate girders. In addition to eval
uation of the bridge details with respect to fatigue damage, measured 
girder moment distribution factors are presented for the structure. 

CONTROLLED LOAD TESTS 

On August 5, 1993, control tests were performed on the Holston 
River Bridge using a truck of known weight and axle spacing under 
controlled traffic conditions. The test vehicle, a tandem-axle dump 
truck, was provided by the Tennessee Department of Transporta
tion. The total weight of the truck was 341.6 kN (76,760 lb). The 
weight on the front axle was 67 .9 kN ( 15 ,260 lb). The two rear axles 
combined to support 273.7 kN (61,500 lb). The wheel base of the 
truck was 4.27 m (14 ft 11 in.) from the front to the first rear axle 
and 5.87 m (19 ft 4 in.) from front to the second rear axle (Figure 
5). The width measured 2.36 m (7 ft 9 in.) from outside to outside 
of the rear tires. The tests were conducted in the early morning 
hours to minimize the disruption of traffic flow. Tests were begun 
at 1 :00 a.m. and no other traffic was allowed on the bridge when 

· data were being taken. During all test runs an observer from the 
research team was in the truck to ensure that the driver was in the 
proper lane and traveling at the proper speed. 

33.26 m 

GIRDER 
NO. (D 

FIGURE 2 Typical cross section. 
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4.27 m 

5.87 m 

273.7 kN 67.9 kN 

FIGURE 5 Test vehicle for controlled load test. 

Tests were conducted at crawl speeds to determine the structure's 
response to a static load moving along the length of the bridge. A 
constant speed of 8.05 km/hr (5 mph) was maintained. Data collec
tion for the eastbound crawl tests was begun when the truck reached 
the west abutment and was stopped when the truck reached the 
·fourth span. All gauge locations were in the first and second spans. 
The effect of the load on these locations was therefore negligible by 
the time the truck reached the fourth span. The westbound tests were 

0 I 
I 

begun with the truck at approximately the center of the fourth span 
and ended when it crossed the west abutment. Crawl test data were 
taken for all six traffic lanes and for both shoulders. Data were also 
collected when the truck was returning from the end of each run. 
This allowed two data-collection passes in each lane. 

Dynamic tests were also conducted with the truck at speeds rang
. ing from 80.5 km/hr (50 mph) to 104 km/hr (65 mph). The tests with 
lower speeds were in the eastbound lanes because of the proximity 
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of the nearest exit west of the bridge. The truck was only able to 
obtain a speed of around 80.5 km/hr (50 mph) in this relatively short 
distance. Data were collected for passes with the truck in all six traf
fic lanes. No dynamic data were taken for the shoulder lanes. The 
dynamic test data were also collected only when the truck was in the 
first three spans. 

Thirty-one gauges were monitored during these tests. Gauges on 
the top and bottom flanges of the girders were monitored at loca
tions lA, lB, lC, and lD (Figure 6). Gauges on the two interior 
girders at the cross section where the failure occurred were also 
monitored. Balancing problems prevented obtaining data on the 
flange of Girder 2. Gauges at the coped ends of the floor girders in 
Span 1 were also chosen to be monitored. However, only data from 
the bottom gauge were obtained because of a problem with the top 
gauge just before the test. 

TEST RESULTS 

Strains recorded using the MegaDec and the TCS 3000 software 
were analyzed using an electronic spreadsheet program. The ability 
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to manipulate large amounts of numerical data quickly and easily 
made the spreadsheet program ideal for analyzing the controlled 
load test data. To utilize the spreadsheet, data from TCS 3000 had 
to be converted to a format compatible with the spreadsheet pro
gram. This was done by exporting the data into a Data Interchange 
File (DIF) within the TCS 3000 program. Once converted, the file 
was transferred to the spreadsheet program where manipulation of 
the data was possible. 

Strain gauge readings were taken at a rate of 60 Hz. Although the 
spreadsheet was capable of handling any of the test files transferred 
from TCS 3000, the files were quite large and required a great deal 
of memory. A lower sample rate would have adequately reflected 
the structure's behavior during the controlled load tests. Once the 
data were transferred to the spreadsheet, they were reduced to 
reflect a sample rate of 10 Hz by creating a macro within the spread
sheet that automatically deleted the appropriate data from each 
test file. 

The spreadsheet program also allowed the creation of plots for 
any given gauge in any given test (Figure 7). Data from each test 
were reduced and analyzed. Maximum stresses at gauge locations 
of interest were determined for each of the test runs. Tables 1 and 2 

TABLE 1 Maximum Main Girder Stresses for Crawl Tests (MPa) 

EAST BOUND 

GIRDER # SHOULDER RIGHT LANE MIDDLE LANE LEFT LANE 

1 POS o. 71 1. 42 1.19 1.42 
NEG 
RANGE -2.84 -1.18 -0.48 -1.65 

3.55 2.60 1. 65 3.07 

3 POS 4.26 6.16 9.47 9.94 
NEG 
RANGE -3.31 -2.13 -2.13 -2.84 

7.57 8.29 11.60 12.78 

4 POS 17.52 170.51 10.65 5.45 
NEG 
RANGE -5.44 -37.85 -3.32 -3.32 

22.96 20.84 13.97 8.76 

WEST BOUND 

GIRDER # SHOULDER RIGHT LANE MIDDLE LANE LEFT LANE 

1 POS 14.44 13.73 9.23 5.21 
NEG 
RANGE -4.26 -3.32 -2.84 -2.36 

18.71 17.05 12.07 7.58 

3 POS 1. 65 2.36 3.79 5.45 
NEG 
RANGE -1.18 -2.13 -1. 42 -1.42 

2.84 8.29 5.21 6.87 

4 POS 1. 42 0.94 1.19 2.84 
NEG 
RANGE -2.84 -1. 65 -0.71 -0.94 

4.26 2.60 1. 90 3.79 

Divide stresses by 6895 x 10-3 to convert to psi. 
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TABLE 2 Maximum Measured Main Girder Stresses for Dynamic Tests (MPa) 

EAST BOUND 

GIRDER # SHOULDER RIGHT LANE MIDDLE LANE LEFT LANE 

1 POS N/A 2.61 1.19 2.14 
NEG 
RANGE N/A -1.19 -1.19 -0.71 

N/A 3.79 2.36 2.84 

3 POS N/A 6.38 10.18 13.25 
NEG 
RANGE N/A -2.85 -2.36 -1.65 

N/A 9.23 12.55 14.92 

4 POS N/A 16.81 10.65 6.86 
NEG 
RANGE N/A -5.21 -4.10 -2.60 

N/A 22.02 14.68 9.47 

WEST BOUND 

GIRDER # SHOULDER RIGHT LANE MIDDLE LANE LEFT LANE 

1 POS N/A 14.92 8.76 5.68 
NEG 
RANGE N/A -3.07 -4.02 -2.36 

N/A 17.99 12.78 8.05 

3 POS N/A 1. 35 3.075 4.97 
NEG 
RANGE N/A -1.59 -1.42 -1.42 

N/A 2.95 4.49 6.39 

4 POS N/A 1. 65 0.94 2.36 
NEG 
RANGE N/A -1.89 -1.18 -1. 65 

N/A 3.55 2.13 4.02 

Divide stresses by 6895 x 10-3 to convert to psi. 
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show the maximum stresses at the main girder bottom flange for the 
crawl tests and the dynamic tests, respectively, Figure 8 shows a 
typical plot of static versus dynamic test data. Data from two other 
areas of interest were also examined. These two areas were believed 
to be locations of high stress and susceptible to fatigue damage. 
Table 3 shows maximum stress ranges at the web gap on Girder 1. 
The values for the test runs with the truck in the westbound lanes 
are given. Test runs with the truck in the eastbound lanes had little 
effect on this location. Table 4 shows the maximum stress ranges 
for the floor beam in the area of the termination of its bottom flange 
near its connection to the interior girder. 

ANALYSIS OF DATA 

It has been shown by several other researchers that the approxima
tions commonly used for design to predict stresses in members pro
duce conservative results (1,6, 7). The Holston River Bridge project 
provided an excellent opportunity to measure the response of an 
actual structure to applied loads. Data collected during the con
trolled load tests provide a means of evaluating the accuracy of 
assumptions and simplifications made during the design of this and 
other bridges. The data were analyzed and compared with results 
obtained using analytical methods developed by other researchers 
(5) in an attempt to verify the results of these methods. The actual 
measured responses were also compared with values obtained using 
AASHTO values. 

Deatherage (5) attempted to provide engineers with a simplified 
means of evaluating load distributions for beam-slab bridges. He 
extended the Guyon-Massonnet theory and developed a series of 
influence coefficients that can be used to predict the effect of a load 
applied laterally at any point on the cross section of a bridge. The 
values of these influence coefficients depend on a flexural parame
ter, 0, and torsional parameter, a, which are specific to the partic
ular structure being evaluated. Curves representing influence coef-
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TABLE 3 Maximum Stress Ranges at Web Gap on Girder 
1 (MPa) 

TRUCK MAXIMUM STRESS RANGE (MPa) 
POSITION 

STATIC DYNAMIC 

WEST 

BOUND 14.44 16.09 

LEFT 

LANE 

WEST 

BOUND 21. 54 23.67 

MIDDLE 

LANE 

WEST 

BOUND 26.51 28.64 

RIGHT 

LANE 

Divide stresses by 6895 x 10-3 to convert 
to psi. 

ficients versus the relative lateral location of loads for the Holston 
River Bridge were developed (Figures 9 and 10). From these 
curves, distribution coefficients for interior and exterior girders for 
test trucks in all six lanes were calculated. 

AASHTO uses a distribution factor based on the girder spacing 
divided by a constant for a particular type of structure. An 
AASHTO distribution coefficient obtained by dividing the girder 
spacing by 5.5 was calculated. 

Crawl Speed 

70 80 90 

TIME (seconds) 

FIGURES Typical gauge outputs for controlled load crawl and fullspeed test data, westbound right lane. 
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TABLE 4 Maximum Stress Ranges at Floor Beam Bottom 
Flange Termination (MPa) 

By superimposing measured maximum stresses for each pass of the 
test truck, maximum stresses equivalent to those that would be prc:r 
duced with a truck in all six lanes could be obtained for each girder. 
These stresses were used to determine an actual distribution factor, 
which was then compared with both calculated distribution factors. 

TEST RUN STRESS 

STATIC 

EAST BOUND 15.63 
SHOULDER 

EAST BOUND 12.78 
RIGHT LANE 

EAST BOUND 7.81 
MIDDLE LANE 

EAST BOUND 21. 31 
LEFT LANE 

WEST BOUND 5.21 
LEFT LANE 

WEST BOUND 6.63 
MIDDLE LANE 

WEST BOUND 10.89 
RIGHT LANE 

WEST BOUND 13.25 
SHOULDER 

RANGE {MPa) 

DYNAMIC 

N/A 

13.96 

12.54 

28.41 

10.18 

7.81 

12.54 

N/A 

Computer models for exterior and interior girders were devel
oped using GTSTRUDL. With the aid of these models and the 
calculated distribution factors, moments for each girder were deter
mined at the bottom flange strain gauge locations. The stresses for 
the bottom flange of each girder were then calculated using the 
section properties at strain gauge locations. These stresses were 
compared with the actual measured stresses at the bottom flanges of 
the main girders. 

Table 5 summarizes the distribution factors and stresses from 
both methods and actual measurements. 

Another important variable in determining design forces in 
bridge members is the dynamic impact factor. Other researchers 
have found that the AASHTO allowance for dynamic impact is usu
ally higher than that measured during tests (1). AASHTO uses the 
value 

Divide stresses by 6895 x 10-3 to convert 
to psi. 
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FIGURE 9 Influence coefficients for interior girder at 0.33 (a = 0.132; 
0 = 1.06). 
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FIGURE 10 Influence coefficients for exterior girder at 1.0 (a = 0.132; 
0 = 1.06). 
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TAB LES Calculated and Measured Maximum Stresses (MPa) 

AASHTO. CALCULATED MEASURED 

GIRDER DISTRIBUTION MAX DISTRIBUTION MAX DISTRIBUTION MAX 

3 ( 
1( 
4 ( 

NUMBER 

interior)** 
exterior) 
exterior) 

FACTOR 

4. 72 

4. 72 

4.72 

STRESS FACTOR 
MP a 

79.29 3.38 

79.29 2.36 

79.29 2.36 

STRESS FACTOR STRESS 
MP a MP a 

56.67 2.28 37.16 

39.57 1. 92 32.19 

39.57 2.27 38.12 

**S 
Div 

tresses were not measured for interior girder #2 
ide stresses by 6895 x 10-3 to convert to psi. 

TABLE6 Dynamic Impact Factor for Girders 

TEST RUN GIRDER # MAX STRESS RANGE MEASURED 
IMPACT 

STATIC DYNAMIC FACTOR 

RIGHT 1 2.60 3.78 N/A* 

LANE 3 8.28 9.23 1.11 

E. BOUND 4 20.83 22.02 1.06 

MIDDLE 1 1. 65 2.36 N/A* 

LANE 3 11. 60 12.54 1.08 

E. BOUND 4 13.96 14.67 1.05 

LEFT 1 3.07 2.84 N/A* 

LANE 3 12.78 14.92 1.17 

E. BOUND 4 8.76 9.47 1.08 

RIGHT 1 17.05 17. 99 1. 06 

LANE 3 3.31 2.95 N/A* 

w. BOUND 4 2.60 3.55 N/A* 

MIDDLE 1 12.07 12.79 1. 06 

LANE 3 5.21 4.49 N/A* 

w. BOUND 4 1. 89 2.13 N/A* 

LEFT 1 7.57 8.05 1. 06 

LANE 3 6.86 6.39 N/A* 

w. RnrnJn 4 3.78 4.02 N/A* 

Divide stresses by 6895 x 10-3 to convert to psi. 

he increase in live load due to dynamic impact. This equation fort 
take 
show 
surfa 

s the span length as its only variable. However, research has 
n that the dynamic impact factor is directly controlled by road 
ce roughness (2,4). 

D uring the controlled load tests on the Holston River Bridge, data 
taken for both crawl and full-speed tests. Comparing the max-were 

imum 
an a 

stresses in the two sets of tests allowed the determination of 
ctual impact factor. Impact factors were calculated for three 

locations on the bridge, including the bottom flange of the main 
girders in Span 2, the web gap on Girder 1 in Span 2, and the floor 
beam in Span 1. The test runs· that produced maximum stresses 
below 6.89 MPa (1,000 psi) were not included in the calculations 
because of the more pronounced effect of outside interference on 
these readings. These factors were then compared to the AASHTO 
value of 50/(L + 125). Tables 6, 7, and 8 show the dynamic impact 
values for each location along with the AASHTO values. 

~ 



TABLE 7 Dynamic Impact Factors for Web Gap on Girder 1 

TEST RUN MAX STRESS RANGE MEASURED 
IMPACT 

STATIC DYNAMIC FACTOR 

WEST 

BOUND 14.44 16.09 1.11 

LEFT 

LANE 

WEST 

BOUND 21. 54 23.67 1.10 

MIDDLE 

LANE 

WEST 

BOUND 26.51 28.64 1.08 

RIGHT 

LANE 

Divide stresses by 6895 x 10-3 to convert to psi. 

TABLE 8 Dynamic Impact Factors for Floor Beam 

TEST RUN MAX STRESS RANGE MEASURED 
IMPACT 

STATIC DYNAMIC FACTOR 

EAST BOUND 15.63 N/A N/A 
SHOULDER 

EAST BOUND 12.78 13.96 1.09 
RIGHT LANE -.. 

EAST BOUND 7.81 12.54 1.61 
MIDDLE LANE 

EAST BOUND 21. 31 28.41 1. 33 
LEFT LANE 

WEST BOUND 5.21 10.18 N/A 
LEFT LANE 

WEST BOUND 6.63 7.81 1.18 
MIDDLE LANE 

WEST BOUND 1580 1820 1.15 
RIGHT LANE 

WEST BOUND 1923 N/A N/A 
SHOULDER 

Divide stresses by 6895 x 10-3 to convert to psi. 
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CONCLUSIONS 

AASHTO provides a simple method for determining the lateral 
distribution of loads on a particular girder. This method, however, 
has been shown to produce very conservative results in the case of 
the Holston River Bridge as well as for others (5-7). The AASHTO 
factors led to the calculation of stresses that were in excess of two 
times the actual measured stresses for both interior and exterior 
main girders. Although sophisticated computer modeling tech
niques can potentially provide much more accurate results, the time 
involved and level of expertise required may outweigh the benefits 
of a more precise solution. The need for a methodology that quickly 
and accurately predicts the portion of applied load carried by a 
single member is evident. Even when a more sophisticated com
puter model is to be used, a method accurate enough to verify its 
results is useful. Deatherage (5) attempted to provide such a 
method; his method accounts for both bending and torsional stiff
ness in laterally distributing the loads. When applied to the Holston 
River Bridge, this method produced results that, although still con
servative, were less conservative than the AASHTO values for both 
the interior and exterior girders. The method proved to be extremely 
accurate for the exterior girders and less so for the interior. How
ever, this method does provide a simple and quick procedure for 
determining the appropriate amount of applied loads to assign to 
longitudinal members. 

The dynamic impact factor used by AASHTO has been shown by 
several researchers to be higher than that actually measured in some 
cases (4). The AASHTO equation for the dynamic impact factor 
takes only one variable into consideration, span length. A review of 
the recent research on the effect of variables on the dynamic impact 
factor shows that roadway roughness rather than span length is the 
controlling factor. 

The values measured on the Holston River Bridge varied depend
ing on the location being considered. The measured impact factors 
for the main girders in Span 2 compared relatively well with the 
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AASHTO value ( 8, 3). Although one test run produced a value 
above the AASHTO value, the measured values were consistently 
lower than calculated. The measured values at the floor beam in 
Span 1, however, do not compare well with the AASHTO value 
(8,1). The AASHTO value to be used for this location was 
calculated using the span length of the main girders in Span 1 41.2 
m (135 ft), as is believed to be normal practice. There was evidence 
that this value when applied to the floor beams is unconservative. 
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Field Study of Longitudinal Movements in 
Composite Bridges 

HERODOTOS A. PENTAS, R. RICHARD AVENT, VIJAYA K.A. GOPU, 

AND KEITH J. REBELLO 

Bridge deck expansion joints often develop serious problems requiring 
extensive and expensive maintenance. This has become a nuisance to 
users and to bridge engineers, and many states have been involved in 
investigations aiming to alleviate this problem. Results reported by var
ious states about the behavior of specific joint sealing systems have been 
contradictory, indicating that the problems may not be inherent to the 
particular system. Rather, the problems may stem from a failure to prop
erly access actual joint movements, inadequate design criteria, improper 
installation procedures, or other factors such as differences in environ
mental conditions. In recognition of these problems, a comprehensive 
experimental investigation was conducted to obtain thermally induced 
movements of a newly constructed bridge in central Louisiana. The 
instrumentation, field monitoring, and analysis of long-term longitudi
nal movements are described. The primary causes of movements 
obtained were thermal changes. The bridge experienced unsymmetrical 
and irreversible movements, and these were attributed to restraints 
associated with the neoprene-bearing pads at the expansion joints. The 
bent movements and the effects of traffic were small compared with the 
thermal movements. 

Highway bridges generally require expansion joints between sec
tions of the deck or at the approach roadway. The standard practice 
is to specify a sealed joint to prevent debris and water from passing 
through the joint and causing deterioration of the bridge. Frequently 
the joint seals have leaked, ruptured, or fallen out of position. Once 
the seals fail, debris can lodge within the joint and road salts, can 
penetrate the failed seals, causing deterioration of the structural com
ponents. In short, joint seals have proved a continual and expensive 
maintenance problem for highway departments. Because various 
states have reported contradictory performance of specific joint seal
ing systems, the problems may not be inherent to the systems. 
Rather, the problems may stem from improper design criteria, poor 
installation practices, differences in bridge type or environmental 
conditions, and failure to determine actual joint movements. 

To assess the importance of these factors, an experimental study 
was conducted on a newly constructed bridge located in central 
Louisiana to determine longitudinal movements. The purpose of 
this paper is to describe the field monitoring procedures and report 
on the general behavior of the bridge and its movements. 

Trends in modern highway bridge construction such as the use of 
precast, prestressed concrete girders and creation of multiple con
tinuous spans for live loads, complicate the prediction of joint 
movements. The current practice for the design of expansion joints 
for Louisiana highway bridges (1) is based on elementary strength 

H. A. Pentas, Forte and Tablada, Inc., Baton Rouge, La. 70809. R.R. Avent 
and V. K. A. Gopu, Department of Civil Engineering, Louisiana State Uni
versity, Baton Rouge, La. 70803. K. J. Rebello, Gulf Engineers and Con
sultants, Inc., Baton Rouge, La. 70809. 

of materials formulas, which may not accurately predict the joint 
movements. Systematic, detailed studies are required to properly 
assess actual joint movements, which will lead to the development 
of rational design methodologies for joints in modern bridges. 

RELATED STUDIES 

In a broad sense, highway bridge joints can be classified as open or 
closed (waterproof). Common types of open joints are plate bear-

. ing, butt, or toothed. Closed joints are composed of compression 
seals, membrane seals, or cushion seals. Purvis and Berger (2) give 
a brief description of joint seals along with their applications and 
associated problems. Several studies have been conducted to 
develop the best joint sealing system that would minimize bridge 
joint problems (3-7). These studies focused primarily on the 
performance specifications and evaluation of bridge joint systems. 

The most significant bridge movements and the ones that by far 
cause most of the joint seal problems are the longitudinal across
the-joint thermal movements. Reynolds and Emanuel (8) have writ
ten a concise summary of prevalent research conducted in this area 
between 1957 and 1970. They concluded that relating environmen
tal conditions to bridge movements is extremely complex. Dillon 
and Kissane (9) summarized the movements of prestressed concrete 
girders located throughout New York State over a 2-year period. 
Abdul-Ahad (JO) developed a theoretical method of calculating 
thermally induced stresses and movements in continuous bridge 
structures. The experimental and analytical results were close; how
ever, the experimental data were limited and no generalized con
clusions could be drawn. Moulton and Kula (11) analyzed pier and 
abutment movement data obtained from 180 bridges through ques
tionnaires. The surveys suggested that abutment movements 
occurred more frequently than pier movements and that horizontal 
movements caused much greater damage than vertical movements. 

Mortlock (12) investigated various types of instruments used to 
obtain bridge movements. He concluded that the following should 
be used: (a) copper constantin thermocouples to obtain the temper
ature variation through the slab depth; (b) linear variable differen
tial transformers (LVDTs) to measure the joint movements; and (c) 
a Kipp solarimeter to measure the solar radiation of the slab. Emer
son (13) used a combination of these devices on seven bridges 
located in England. 

OBJECTIVES AND SCOPE 

The purpose of this paper is to describe the experimental procedures 
of instrumentation and monitoring and to discuss the general behav
ioral characteristics of the bridge with respect to long-term move-
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ments. Reported here are also the results of the systematic study of 
the bridge joint movements. The reader is referred to Pentas et al. 
(14) for an analysis of the bridge temperatures and thermal distri
butions. The study was focused on a newly constructed bridge on 
US-190 over the Atchafalaya River at Krotz Springs, Louisiana. 
Specific objectives of this research were to 

1. Instrument the designated bridge for field monitoring using 
L VDTs, thermocouples, and optical devices; 

2. Field monitor the appropriate bridge movements through a 
program of instrumentation and periodic measurement; 

3. Analyze the experimental data obtained and evaluate the 

bridge joint movements; 
4. Compare the experimental data with current procedures 

predicting longitudinal bridge movements. 

BRIDGE DESCRIPTION 

The bridge to be investigated is the east approach of US-190 over 
the Atchafalaya River at Krotz Springs, Louisiana. It consists of 
cast-in-place concrete slabs acting compositely with either Type IV 
AASHTO prestressed concrete girders or steel plate girders. This 
superstructure is supported by 12 bents as shown in Figure 1. The 
abutment is labeled Bent 1 and the rest of the bents are numbered in 
ascending order from east to west. Five expansion joints are pro
vided to allow for bridge movements. Joints 1 through 4 are mem-
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brane seals, whereas Joint 5 is a toothed type. The bridge continues 
over the river as a steel through truss. 

Unit 2 is the longest single span of the approach at 42.7 m. (140 
ft). It consists of a cast-in-place slab 21.6 cm (8-Y2 in.) thick slab 
acting compositely with four steel plate girders 183 cm (72 in.) 
deep. The other three sections of the approach (Units 1,3, and 4) 
consist of a slab 19 cm (7Y2 in.) thick acting compositely with five 
Type IV AASHTO prestressed concrete girders. 

The supporting Bents 2 through 5 consist of concrete caps poured 
at the top of precast concrete piles 194 cm2 (30 in.2

). Bents 2 and 3 
each have four precast concrete piles supporting a level cap. Bents 
4 and 5 each have five piles supporting the cap. The cap is stepped 
to allow the top of the steel girders to match flush at the same level 
as the top of the concrete girders. Bents 6 through 11 consist of level 
concrete caps supported by two concrete columns 137 cm (54 in.) 
in diameter. Bent 12 consists of two concrete columns 76 cm (30 
in.) in diameter anchored to a bridge pier that also supports the end 
rocker bearings of the river crossing truss. 

At continuous joints, the girders were connected to the bent cap 
by imbedding a dowel into the cap extending into the continuous 
joint. At some expansion joint locations, the girders were pinned to 
the bent cap, whereas at others the girders were allowed to slide. 
Pinned joint connections are denoted by the letter F, whereas joints 
allowed to move are denoted by the letter E, as shown in Figure 1. 
The ends of the girders at the expansion joints and at the continu
ous joints over the bents were placed on neoprene bearing pads 
of the standard type used in Louisiana. The reader is referred 
elsewhere (15) for more information and bridge design details. 

294.6 m Total Lanoth of East Approach 
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FIGURE 1 North elevation of east approach, US-90 bridge at Krotz Springs, Louisiana. 
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The bridge was already under construction at the beginning of 
this research (October 1986). The bents had been erected and the 
girders were already in place. It was during that period of construc
tion when the first instrumentation was installed. At that time the 
decks were also constructed. On October 27, 1988, construction 
was completed and the bridge was opened to traffic. 

BRIDGE MEASUREMENTS 
AND INSTRUMENTATION 

Measurements were taken near the top and bottom of the girders at 
the expansion joints to obtain the relative longitudinal movements 
between the two adjoining girder sections. Measurements were also 
taken between the bent cap and one of the sections at the expansion 
joints, to obtain the movement of each section with respect to the 
cap. The sway of the bents at the expansion joints was also mea
sured. The temperatures through the depth of the sections and ambi
ent temperatures also were measured. The time was also recorded, 
thereby giving a time reference. 
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L VDTs were chosen to obtain the joint movements. A theodolite 
was chosen to obtain the bent sway, and thermocouples were used 
to measure the temperatures. The L VDT' s and thermocouples were 
wired to the monitoring station where they would be connected to a 
Hewlett Packard microcomputer and data acquisition system that 
would store the readings for later processing. Electrical power was 
supplied through a portable generator. The theodolite readings were 
taken and recorded in a field book and later transcribed into the 
computer for processing. 

Combined with a data acquisition system and a microcomputer, 
all L VDTs placed on the bridge could be read nearly simultane
ously. Furthermore, the rugged construction of the LVDTs permit
ted them to function properly even after exposure to substantial 
shock loads. The L VDTs, however, could be used only to establish 
local relative movements of"the girders at the expansion joints. In 
the case of the Krotz Springs Bridge, the L VDTs were used to 
obtain the measurements at the locations shown in Figure 2. The 
label at each location indicates the expansion joint number and the 
side on which it lies (north or south). Because of construction delays 
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Joint 5 was not instrumented. The L VDTs were placed at the inner 
sides of the exterior girders to protect them from the outer environ
ment. They were mounted on aluminum brackets and attached on 
the flanges of the girders using epoxy. 

A side view of a typical section at an expansion joint is shown 
in Figure 3. An arbitrary positive displacement is denoted by 
the dashed line. L VDT A was placed near the top of the girder at a 
distance a from the neutral axis. The body was secured to the 
girder, and the core was fixed to an angle iron anchored vertically 
on the bent cap. L VDT B was placed near the bottom of the girder 
at a distance b !rom the neutral axis in a similar manner. L VDTs C 
and D had their bodies secured to the westward section and their 
cores secured to the eastward section. The distances labeled DA, 
DB, DC, and DD are the readings recorded by L VDTs A, B, C, and 
D, respectively. The required movements were calculated using 
geometric relations. The movements at the other expansion joints 
were obtained in a similar manner. The assumption was made that 
the abutment would remain stationary and was later proved to 
be correct by theodolite measurements. It was therefore necessary 
to install only two L VDTs at the abutment to calculate the joint 
movements. 

A Pentax total station theodolite was used to obtain the bent sway 
of the Krotz Springs Bridge. A setup point was constructed for each 
of the 12 bents. A central reference point was constructed on the 
levee to allow for visibility from all setup points. The setup and ref
erence points are made up of cast-in-place concrete benchmarks 
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reinforced with three No. 4 bars. Each benchmark is 1.5 m (5 ft) in 
length with 1.2 m ( 4 ft) in the ground. The top of the setup points is 
marked by a brass plate embedded in the concrete. 

Thermocouple wires type PP20TX were used to measure the tem
peratures of the Krotz Springs Bridge. They presented the follow
ing advantages: first, the temperature range was such that both 
ambient and slab temperatures could be accurately measured. Sec
ond, the thermocouples could be connected to the data acquisition 
system, allowing all temperatures to be measured at the same time 
as L VDT measurements. Finally, the thermocouple wire was fairly 
inexpensive, and preparation of the wire was very simple. The ther
mocouples were placed along the depth of the sections to detect the 
temperature variation. Each array consists of six thermocouples 
located on both slab and girder, as shown in Figure 2. The slab ther
mocouples were placed near the top, center, and bottom of the slab 
at the time of pouring. The girder thermocouples bonded on the 
outer surface of the concrete girders using epoxy and a layer of 
hydraulic cement. Two additional thermocouples were placed hang
ing under the slab to record the ambient temperature. All thermo
couples were run under the bridge to the data acquisition system at 
the monitoring station. 

BRIDGE MONITORING SCHEDULE 

The theodolite readings began on January 1987. Each full set of 
readings required approximately 5 hr. As the effects of creep and 
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FIGURE 3 North elevation of typical expansion joint other than abutment, showing movements and LVDT 
measurements required to calculate movements. 
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shrinkage were anticipated to decrease, the frequency of data col
lection was gradually changed to a 6-week schedule. The L VDTs 
were on line at 8:00 a.m. on October 22, 1987. The L VDT readings 
were taken approximately every month. Alternate L VDT readings 
were taken for either 12 or 24 hr continuously. The thermocouple 
readings were recorded at the same time as the L VDT readings. 
During the days of data collection with the L VDTs, the theodolite 
was also used to obtain the sway of the bent caps at the expansion 
joints. Monitoring continued on schedule except for some minor 
interruptions. Five of the bridge markers were destroyed, either 
accidentally by the construction crew or by vandals. Also, one 
L VDT at location 4S was found to be defective, and the data 
collected at the joint were discarded. 

MAXIMUM JOINT MOVEMENTS 

A large amount of data was collected, but only the data required to 
evaluate the long-term expansion joint movements are presented in 
this paper. A complete analysis of the bridge temperatures is 
presented by Pentas et al. (14 ), in which a model to predict thermal 
distributions in bridges was developed. 

The movements obtained were caused by dead loads and thermal 
changes only. Because the LVDTs were not in place until 9 months 
after the slabs were poured, creep and shrinkage effects had dissi
pated and could not be monitored. Traffic had not begun on the 
bridge until October 27, 1988; therefore the effects of traffic loads 
are not considered until after that time. The extreme values of move
ments recorded at the four expansion joints are summarized in 
Table 1. The following observations can be made: 
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1. The maximum closing of the top of the joint occurred during 
the warmer days of May 16 and June 10, 1988. 

2. The maximum opening of the top of the joint occurred during 
the colder days of December 16, 1987, and February 21, March 17, 
and December 1, 1988. 

3. The maximum joint movements at the north and south sides 
of the bridge do not necessarily occur during the same day. 

4. The maximum joint movements of the north and south sides 
of the bridge have different magnitudes. 

Possible factors affecting the inconsistencies of joint movement 
behavior include joints reaching maximum value allowed by 
mechanical connection; defective truss-bearing pins, construction 
crew and equipment; and bent movements, connection perfor
mance, and orientation of the bridge with respect to the sun path. 
No specific correlation related to these movements was identified. 
However, it is most likely that the build-up of stresses at the defec
tive truss pins, as well as friction in the neoprene bearing pads, had 
the more pronounced effects on the bridge movements. 

EFFECTS OF TRAFFIC 

As indicated earlier, the bridge was opened to traffic on October 27, 
1988. With the exception of December 1988, when the traffic loads 
may have aided in releasing stresses built up at joint supports, the 
movements obtained over the 9-month period after the bridge was 
opened to traffic did not show any deviation from previous move
ments. The observed behavior indicates that the traffic effects on the 
bridge joint movements were small compared to the effects of ther-

TABLE 1 Maximum Values of Expansion Joint Movements Obtained from LVDTs 

Joint Max. Date Max. Opening Date Total Ambient Slab Temp. 
Location Closing (cm) Range Temp. Differential 

(cm) (cm) Differential (degrees C.) 
<de~r~ C.) 

1 North -1.78 May 16 +0.25 Dec 16 2.03 28 39 
(1 South) (-0.38) (+-0.13) (0.51) 
1 South -0.38 May 16 +0.89 DecOl 1.27 17 28 
(1 North) (-0.78) (-0.38) (1.52) 

2 North -1.52 June 10 +0.89 Mar 17 2.41 19 31 
(2 South) (-1.78) (+1.40) (3.18) 
2 South -1.91 May 16 +1.40 Mar 17 3.30 22 33 
(2 Nonh) (-1.27) ( +-0.89) (2.16) 

3Nonh -2.03 June 10 +1.52 Feb21 3.56 11 14 
(3 South) (-1.27) (+-0.25) (1.52) 
3 South -1.52 May 16 +0.51 Mar 17 2.03 22 33 
(3 Nonh) (-1.52) (+1.52) (3.05) 

4Nonh -1.27 June 10 +0.127 Feb21 1.40 19 31 

2.54 cm = 1 inch 

Numbers in ( ) represent movement on opposite side of joint corresponding to the maximum value listed. 
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mal changes. However, to more fully evaluate these effects, moni
toring over a more lengthy period is required. 

DATA DISCONTINUITIES 

The movements obtained from the L VDT readings showed some 
discontinuities. An examination of the instrumentation was con
ducted to ensure that these changes were not a result of a system 
operation error. All electronic impulses were filtered and surge pro
tected, shielding the instruments from improper power fluctuations. 
The sudden changes were not present throughout the whole set of 
data on the particular day, indicating that electronic malfunction 
was not the cause of this abnormal behavior. The exact causes of 
these movements have not been determined; however a possible 
explanation might be the sudden release of stresses built up at the 
p!ns of the steel truss. Shock waves caused by release of stresses at 
the truss pins act as an external force causing the release of stresses 
built up at joint supports, which results in sudden movements. The 
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pins were replaced in January 1988, after which time the bridge 
movements did not show any discontinuities. It is important to note 
that the exact times of occurrence of the shock waves were not 
recorded and that the shock waves were not proved to be directly 
associated with the sudden bridge movements. 

ANALYSIS OF LONG-TERM JOINT MOVEMENTS 

To identify long-term movements caused by temperature changes 
from other movements, the behavior of the bridge can be studied 
using the data obtained over the 24-hr monitoring days. Because of 
space limitations, only selected data are presented in this paper. The 
reader is referred elsewhere for more information (15). The long
term movements obtained from the LVDTs on October 22, 1987, 
and February 21, 1988, are shown schematically in Figures 4 
through 8. Figures 5 and 7 show the movements obtained from the 
L VDTs located at the south side of the bridge, and Figure 8 shows 
the plan view movements of the deck units. Each of Figures 4 
through 8 shows the movements of the bridge sections at the ex pan-
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dimensions of girders and joint spacings are not to scale, but actual end movements are to the scale indicated.) 

sion joints for a 24-hr period. These movements are relative to the 
bent caps and are referenced to the first day of monitoring, which is 
October 22, 1987. The rectangles shown in Figures 4 through 8 rep
resent, from left to right, the abutment and Bridge Units 1 through 
4. The top row represents the initial position of the bridge units, and 
the subsequent rows represent the position of the bridge units at 4-
hr intervals. The straight lines shown at the ends of each rectangle 
represent the movement of the unit for the given time. The scaled 
data shown in the figures can be easily used to compare with and 
verify the results of finite element programs or procedures predict
ing longitudinal bridge movements. The following observations can 
be made from 24-hr movements: 

1. The bridge sections exhibit nonsymmetrical and nonre
versible joint movements. This behavior can be attributed to 
restraints associated with the neoprene bearing pads; 

2. There is a general seasonal repetitiveness of joint movements 
associated with seasonal temperature trends; and 

3. There is no indication of rigid body translation. 

The effects of support restraints on joint movements may be iden
tified by comparing the joint movements obtained on two different 
days of similar bridge temperatures. The monitoring days of Octo
ber 22, 1987, and February 21, 1988, were chosen for this compari
son. The change in length at the top of the bridge units is obtained 
from the bridge movements shown in Figure 6 at 8:00 a.m. and 
adding the corresponding bent cap movements at each end of the 
units. Computations performed for Units 1 and 2 showed a shorten
ing of0.76 cm (0.3 in.) for Unit 1 and 0.51 cm (0.2 in.) for Unit 2. 

The long-term movements of the expansion joints are summa
rized in Figure 9. The horizontal axis of the figure represents the 
time (day of monitoring). The vertical axis of the figure includes the 
ambient temperature and the movements of the expansion joints. 
The solid line represents the maximum opening of the joint, and the 
dashed line represents the minimum opening of the joint. The dif
ference of the two lines represents the movement of the adjacent 
girders with respect to each other. The arrangement utilized in Fig
ure 9 clearly shows the joint opening at each joint location relative 
to its position on October 22, 1987. 
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FIGURE 6 Elevation of north side girders showing 24-hr movements with respect to cap for February 21, 1988. (Note: Longitudinal 
dimensions of girders and joint spacings are not to scale, but actual end movements are to the scale indicated.) 

The theodolite readings began early in the construction phase, 
before the L VDTs were placed on the bridge, to observe the long
term behavior of the bents. From the study of the bent behavior con
ducted the following were found: (a) The bents experienced negli
gible vertical movements; (b) the bent rotations were small and 
considered insignificant, and (c) the maximum longitudinal move
ments of the bents were smaller than the maximum movements of 
the girders. 

COMPARISON OF MEASURED MOVEMENTS 
TO ESTIMATED MOVEMENTS 

The 1983 AASHTO specifications provide guidelines for expansion 
of bridge members from temperature changes. These guide-

lines are generally adopted by the Louisiana Department of Trans
portation Bridge Design Manual, [LaDOTD (J)] where the design 
of expansion devices is based on bridge joint movements. The pre
diction of movement caused by thermal effects is obtained by mul
tiplying the coefficient of thermal expansion by the length of the 
member and by the range of temperature (rise and fall). The move
ment caused by creep and shrinkage is estimated by multiplying the 
shrinkage coefficient by the length of the member. 

These criteria were applied to estimate the movements of the 
Krotz Springs Bridge. These estimated joint movements are tabu
lated and presented in Table 2 along with the measured joint move
ments given previously in Table 1. It can be seen from Table 2 that 
the measured movements at Expansion Joints 1 and 2 have either 
reached or exceeded the estimated values, although they were 
obtained at temperature ranges approximately 30 percent lower than 
the ones used for the estimated movements. The movements of 
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FIGURE7 Elevation of south side girders showing 24-hr movements with respect to cap for February 21, 1988. (Note: Longitudinal 
dimensions of girders and joint spacings are not to scale, but actual end movements are to the scale indicated.) 

Expansion Joints 3 and 4, however, are well below the estimated 
values. 

CONCLUSIONS 

A comprehensive experimental field study of longitudinal move
ments of bridge components was performed. Actual field monitor
ing extended over a 3-year period. Bridge movements were moni
tored from pouring of the bridge decks through 1 year of exposure 
to normal traffic. As a consequence bridge engineers have available 
to them data on the long-term longitudinal bridge behavior. These 
data can be utilized to test and verify computer models and proce
dures predicting longitudinal movements in bridges. The data gath
ered have significant implications on the future development of 
expansion joint design for bridges. In this regard the principal 
conclusions are as follows: 

1. The primary causes of movements in the bridge decks 
obtained during the period of monitoring were caused by thermal 

' effects. Since most instrumentation was not in place until 9 months 
after span construction, creep and shrinkage effects could not be 
monitored. The range of movements over the 21 months of moni
toring with LVDTs was on the order of 1.3 to 3.6 cm (0.5 to 1.4 in.). 
Expansion joints at steel-to-concrete girder locations experienced 
approximately twice the movements of the concrete-to-concrete 
girder joints. 

2. The results of the experimental study revealed the presence of 
restraining effects at the expansion joint supports. Stresses built up 
at the neoprene bearing pads as a result of thermal expansion were 
suddenly relieved when a certain stress level was reached or when 
an external force was applied. An example of this behavior was 
demonstrated when the release of thermal stresses built up at the pins 
of the steel truss river crossing section caused shock waves in the 
structure and aided in relieving stresses built up at the joint supports. 
This behavior was also seen during one of the days of traffic usage. 
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3. The bridge sections experienced unsymmetrical joint move
ments with the north side displaying larger movements. This 
unsymmetrical deformation can be attributed to restraints associ
ated with the neoprene bearing pads. Measurements showed that the 
bridge temperatures on the north and south sides ~f the bridge were 
similar and thus did not contribute to the unsymmetrical deforma
tion. This pattern further supports the previous conclusion that 
significant restraints exist at the joint supports. 

4. The bridge underwent nonreversible joint movements. It was 
observed that in many cases the bridge sections did not return to 
their initial positions as temperatures rose and fell to their initial val
ues. This behavior was evident over the 24-hr monitoring cycles as 
well as over the long-term seasonal period. The nonreversible 
movements are attributed to the restraining effects present at the 
joint supports. There was no consistent pattern in this behavior, 
further substantiating the preceding two conclusions. 

5. Although nonreversible behavior was observed, a general sea
sonal repetitiveness of joint movement behavior occurred, which 
was in agreement with the seasonal temperature trends. 

6. The bridge sections showed no signs of rigid body translation. 
There was no tendency of the bridge to move downhill over time. 

7. Bents under expansion joints responded to, but did not con
tribute to joint movements. The bents experienced negligible verti
cal movements and small rotations. In addition, the maximum lon
gitudinal movements of the bents were smaller than the movements 
of the girders, which indicates that the bents were moving along 
with the girders during thermal expansion and contraction. 

8. The data acquired over the 9-month period after the bridge 
was opened to traffic indicated no discernable effects caused by 
traffic loads. However, to more fully evaluate these effects, moni
toring over a longer period of time is required. 

9. A comparison of measured joint movements with those esti
mated by the current LaDOTD procedures did not indicate a con
sistent pattern. In some cases the LaDOTD recommendations over
estimated the movements but in other cases under-estimated them. 

10. Measurements with LVDTs proved to be the appropriate 
method for investigating joint movements. Theodolite measure
ments had limited value and proved inefficient. 
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TABLE 2 Comparison of Measured and Estimated Movements in 
Centimeters 

Joint Measured Movements Estimated Movements* 
Location <with L VDT's) Thermal Total 

E.J. 1 2.03 1.40 2.06 

E.J. 2 2.41 1.40 2.06' 

E.J. 3 3.56 5.00 6.22 

E.J. 4 1.40 3.91 5.77 

2.54 cm = 1 inch 

*Estimated movements based on LDOID procedures which include creep & 
shrinkage as well as Thermal (shown separately). 
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Issues in Rating Steel-Stringer Bridges 

A.E. AKTAN, 0.N. FARHEY, AND V. DALAL 

Nondestructive dynamic field testing and structural identification 
studies on three steel-stringer bridges (2, 20, and 43 years old) are 
presented. The bridges were rated by code procedures and by field
calibrated comprehensive three dimensional finite element models 
developed by structural identification. Experimentally measured and 
analytically simulated modal flexibilities were correlated with bridge 
deflections obtained under proof-load level truck load tests. Test results 
indicated that all three bridges, although constructed as noncomposite, 
exhibited composite action between the slab and girders. Although the 
composite action was nearly perfect in the 2-year-old bridge, the older 
bridges exhibited partially composite behavior caused by deterioration 
of the chemical bond and friction. The rating factors obtained by field
calibrated models exceeded the corresponding operating rating factors 
by about 2.5 to 4 times for the three test bridges. The rating process 
and the resulting factors helped to identify and conceptualize a num
ber of unresolved important issues that influence bridge rating and 
management. Serviceability aspects that emerged as critical were 
studied through the relative contributions of various mechanisms to 
bridge deflections. 

The AASHTO manual (J,2) guides most state Department of 
Transportation (DOT) operations related to the routine biannual 
inspection and rating of bridges. Consequently, condition indexes 
assigned by visual inspection influence critical bridge management 
decision about repairs, posting, rehabilitation, and replacement. In 
1994, FHW A officials estimated a financing need of $90 billion to 
repair the bridges deemed deficient on the basis of visual inspec
tion results. 

Recent related NCHRP research projects (3-8) have led to the 
AASHTO guide (9) and the draft Load and Resistance Factor 
Design (LRFD) specifications (10). Others, such as Lichtenstein (8) 
and Galambos et al. (11), have recommended significant revisions 
and modifications to the AASHTO manual (J,2) and AASHTO 
guide (9) with respect to condition assessment and rating. A new 
Manual for Condition Evaluation of Bridges has been issued by 
AASHTO (12). 

The AASHTO guide (9) encourages the use of facility-specific 
information in rating a bridge as well as experimentally calibrated 
analytical models. However, organizational and technical consen
sus methods need to be established for (a) generating bridge-spe
cific objective information to adequately document a bridge's struc
tural and loading conditions; and (b) modeling and simulation to 
reflect the actual loading environment, existing structural condi
tions, and all the critical structural response mechanisms of a bridge. 

A. E. Aktan and D. N. Farhey, Department of Civil and Environmental Engi
neering, Cincinnati Infrastructure Institute, 741 Baldwin Hall, P.O. Box 
210071, University of Cincinnati, Cincinnati, Ohio 45221-0071. V. Dalal, 
Bureau of Research and Development, Ohio Department of Transportation, 
Columbus, Ohio 43216-0899. 

CONDITION ASSESSMENT AND RA TING OF 
STEEL-STRINGER BRIDGES 

Appreciation of bridge behavior has evolved through allowable 
stress design (ASD), load factor design (LFD), and alternate load 
factor design (ALFD) (11). The corresponding rating provisions for 
ASD, LFD, and ALFD are respectively based on an evaluation of 
the ratio of the maximum stresses to their allowable counterparts, 
the cross-sectional force demands to the corresponding cross-sec
tional strength capacities, and the structural load demands to the 
capacity of a plastic mechanism. The recently issued draft LRFD 
specifications (10) require an explicit check of capacity and perfor
mance at all the critical limit states, including serviceability, fatigue, 
stability, deterioration, and collapse. 

Hence, according to the spirit of the draft LRFD code provisions 
(JO) and the AASHTO guide (9), it is desirable to use field-cali
brated models and to evaluate· performance at all of the critical limit 
states, including serviceability. The issue remains in the develop
ment of field-testing methodology and field-calibrated models that 
will allow rating a bridge and checking its serviceability. The main 
obstruction to objective condition assessment and rating has been 
lack of complete understanding of how bridges actually respond to 
many different external and intrinsic loading effects, actual contri
butions of different load-resisting mechanisms, their relative varia
tion at different loading stages, and effects of aging and deteriora
tion on both the load demands and capacities. The lack of a clear 
understanding of a bridge response also makes it difficult to formu
late realistic and precise definitions for the structural limit states and 
the performances expected at these limit states. 

OBJECTIVES AND SCOPE 

Integrated analytical-experimental structural identification research 
has been conducted on a number of highway bridges in Ohio 
(13-19), on the basis of dynamic modal and truck load tests, devel
opment of field-calibrated finite-element models, and rating of 
bridges by a variety of linear and nonlinear analyses and limit-state 
definitions. Observations and findings from such research raise the 
need to review some concepts and applications proposed by the 
recent NCHRP reports (8,11). 

The first objective of this paper is to discuss the characteristic 
problems in condition assessment of steel-stringer highway bridges 
with their specific resistance mechanisms. The second objective is 
to review the critical issues in rating steel-stringer bridges. The dis
cussion focuses on steel-stringer bridges because this type com
poses the largest segment of the bridge population in the nation and 
more than one-third of nearly 40,000 bridges in Ohio. 

Three steel-stringer bridge test specimens were evaluated and 
rated by field-calibrated models. The nondestructive tests con
ducted for structural identification included modal tests by impact 
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as well as vertical and lateral forced excitation, followed by truck 
load tests for measuring global and local bridge response under dif
ferent static loading patterns. The results of these experiments 
helped improve an understanding of some obscure local response 
mechanisms that significantly influenced bridge behavior at the 
service limit states. 

STRUCTURAL IDENTIFICATION 
METHODOLOGY FOR INTEGRATING 
CONDITION ASSESSMENT AND RA TING 

The comprehensive bridge research project has been organized to 
solve the following issues before new inspection and rating tools are 
develop~d: (a) identification of the most important mechanisms that 
affect bridge behavior at different limit states and their proper incor
poration into design, inspection, evaluation/rating, and maintenance 
management; (b) investigation of age and deterioration effects on 
these mechanisms; (c) verification of the possibilities to measure 
short-term and long-term bridge behavior in the field accurately and 
completely, and to develop experimental condition-assessment 
techniques that would help to reliably establish the global state of 
health of a bridge; (d) integration of rating with such an experi
mental condition-assessment procedure; and (e) development of 

Stage ANALYSIS 

1 A-Priori FE Model 

2 

3 

4 

,, 
5 Model Calibration 

I 

6 

, , 
7 Field Calibration 

' 8 Bridge Management: 
Condition Assessment 
Reliability Evaluation 

Maintenance 
} Design 

Retrofit 
Decommissioning 
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analytical techniques that would reliably project the existing capac
ities of a bridge and its remaining service life from the results of 
experimental condition assessment. 

The important issue is to design a comprehensive methodology 
that would integrate an objective condition assessment with bridge 
rating and life-cycle maintenance management. This research has 
led to an attempt to develop a bridge structural-identification 
methodology that integrates analytical modeling, experiment, dam
age diagnostics, and rating into a rational framework. A schematic 
of the methodology is given in Figure 1, entailing the following 
steps: 

1. For a particular bridge, researchers first compile all of the 
information that exists on the original design, fabrication/shop and 
as-built drawings, and construction details, followed by mainte
nance records. The current conditions of the structure are docu
mented and a preliminary finite element model is constructed. 

2. The researchers use the a priori analytical model to design a 
modal test and conduct a pilot modal test labeled to calibrate the 
experiment. The pilot test typically does not require traffic control. 

3. A rigorous modal test follows. This test is generally conducted 
by impact; however, in the case of flexible bridges, such as long 
span through truss or suspension bridges, forced excitation may be 
needed. Moreover, in case the lateral response characteristics of the 

EXPERIMENT 

Preliminary Modal Test 

' I I Rigorous Modal Test 

' Post-Processing: 
Modal Flexibility for 
Condition Assessment 

I 
I Static Test: 

Validation of Modal Flexibility 

FIGURE 1 Structural identification method for bridge management applications. 
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bridge are included in the evaluation, forced excitation may have 
advantages over impact. The rigorous test requires traffic control; 
however, if impact is used the bridge may be tested in parts so that 
one or more lanes may be continuously kept open to traffic. 

4. Post-processing the modal test data provides a wealth of infor
mation about the mechanical characteristics of the bridge: frequen
cies, damping coefficients, mode shapes, and most importantly, 
bridge flexibility. The flexibility from the modal test serves as a reli
able objective bridge signature that is sensitive to damage and is 
typically more than 90 percent reliable if testing and post-process
ing are properly planned and carried out by experienced engineers. 

5. and 6. After a complete evaluation of the bridge conditions 
by studying the flexibility, if needed, an improved understanding 
of local bridge behavior is gained by additional instrumentation 
and measurement under truck loads. The researchers calibrate 
the finite element model such that the existing state and all the 
critical global and local behavior mechanisms are captured and 
simulated accurately. 

7. The field-calibrated model then serves for reliable rating, pro
jections of capacities, and design of effective maintenance, rehabil
itation, or retrofit. The researchers have tested several bridges to 
damage and failure to demonstrate the reliability of the projected 
behavior and rating coefficients obtained by the methodology 
(15-17,19). 

This methodology is intended as a research tool and is not for rou
tine implementation on every bridge. Once the researchers test a 
sufficient number of samples from a recurring bridge type, a con
siderable amount of generic information is gained. This helps to 
design more practical experiments on other samples for routine 
applications. The generic bridge- and type-specific knowledge 
obtained from the applications of the methodology to a selected 
number of bridges provides an invaluable understanding of behav
ior fundamentals. 

STEEL-STRINGER BRIDGE TEST SPECIMENS 

The three steel-stringer bridge specimens, shown in Figure 2, were 
the HAM-42-0992, CLE-50J-0080L, and HAM-128-1006, which 
were, respectively, 2, 20, and 43 years old at the time of testing. 
Table 1 describes the main features of the three specimens, which 
represent a wide variety of continuous steel-stringer bridge design 
parameters related to girder spacing, spans, bearings, and abut
ments. All of the bridges were designed as noncomposite, that is, 
mechanical connectors were not provided between the steel girders 
and the concrete deck. None of the bridges had been rehabilitated 
for maintenance after construction or maintained with deck overlay. 

STRUCTURAL IDENTIFICATION AND 
CONDITION ASSESSMENT OF TEST BRIDGES 

The bridge structural identification methodology described earlier 
was applied to each of the three specimens, resulting in a field
calibrated three-dimensional (3-D) finite element model specific to 
each bridge. HAM-42-0992 was subjected to truck load testing after 
installing 64 channels of local strain and displacement instrumenta
tion to verify the modal test results and to better understand the 
complex bearing pad and integral abutment response mechanisms. 
The structural identification results for HAM-42-0992 were 

(a) 

(b) 

(c) 

FIGURE 2 Steel-stringer test bridges: (a) HAM-42-0992; 
(b) CLE-50-J-OOSOL; (c) HAM-128-1006. 
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reported earlier (18). An important finding from the structural iden
tification of HAM-42-0992 and CLE-50J-0080L was related to 
composite behavior. Bridge displacements found by applying a uni
form load to the measured flexibility were correlated with the result
ing deflections simulated by the calibrated finite element model. 
Because the deflections from the finite element models, simulating 
rigid connections between the deck and the girders, closely corre
lated with those obtained from the experimentally measured flexi-
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TABLE 1 Important Attributes of Tested Ste~l-Stringer Bridges 

Bridge Features HAM-42-0992 

Cross County Highway 

Construction year 1986 

Design code 1983 AASHTO 

Design loads HS20-44 

Number of Spans 3 (continuous) 

Span lengths ft (m) 55, 78, ,55 

(16.8, 23.8, 16.8) 

Roadway width ft (m) 42 (12.8) 

Skew 15° 11' 16' 

Type of steel ASTMA-36 

No. of steel girders 6 

Girder spacing (m) 71 9" (2.36) 

Girder depth in. (m) 36 (0.91) W-flange beam 

Capacitv design Noncomposite 

Deck thickness in. (m) 8.5 (0.216) 

included surface layer 1.25 (0.032) latex modified 

Design(,' psi (MPa) 4500 (31) 

Transverse top= 0.71 

reinforcement (%) bottom= 0.50 

Longitudinal top= 0.24 

reinforcement (%) bottom = 0.52 

Pier suooort elastomeric oads 

Abutment support full integral 

bilities of HAM-42-0992 and CLE-50J-0080L, it was inferred that 
these two bridges were exhibiting perfect composite behavior. This 
inference was verified by measuring the strain profiles along the 
girders and deck-girder interfaces of HAM-42-0992 under truck 
loads that confirmed the composite behavior (18). 

The finite element model for HAM-128-1006 and the simulated 
deflections along one of the girders under uniform loading of the 
measured and analytical model flexibilities are shown in Figure 3. 
The field-calibrated model is partially composite. It is observed that 
the measured and analytical flexibilities of this bridge correlate 
when a partial continuity between the deck and the girders is simu
lated in the analytical model, that is, a partial composite behavior. 
Moreover, at the northeast (right) end span, the measured flexibil
ity is larger than the simulated one, whereas in the other spans the 
correlation is better. This reveals that the northeast end span has 
retained a lesser chemical bond and friction between the girder and 

CLE-50J-0080L HAM-128-1006 

Little Miami River Paddy's Run 

1970 1950 

1969 AASHTO 10th Ed. NIA 

HS20-44 S-15-46 

3 (continuous) 3 (continuous) 

100.5, 125.5, 100.5 40,50,40 

(30.6, 38.3, 30.6) (12.2, 15.2, 12.2) 

50 - 55 (15.2 - 16.8) 33' 4" (10.2) 

32° 30· oo· 25° 

ASTMA-36 NIA 

7 5 

91 6" - 10' 11.5" 71 4" (2.24) 

(2.90 - 3.34) 

62 ( 1.5 7) plate Jrirder 30 (0.76) W-flange beam 

Noncomoosite Noncomposite 

9 (0.229) 7.25 (0.184) 

l (0.025) monolithic 314 ( 0.019) monolithic 

4000 (28) 4000 (28) 

top & bottom = top= 0.53 

0.74 to 0.83 bottom = 0. 71 

top= 0.28 top= 0.24 

bottom= 0.61 bottom= 0.38 

rocker & bolster sliding plate 

rocker & bolster sliding plate 

slab relative to the other two spans. Figure 3 illustrates that one 
could discern regions that may have deteriorated more than others. 
It is important to note that the measured flexibility is about 10 per
cent more than in the case of simulated perfect composite action and 
10 percent less than when no composite action is simulated. This 
characteristic is shown to have a significant effect on the service
ability and rating of the bridge. 

NCHRP RECOMMENDATIONS FOR 
NONDESTRUCTIVE TESTING AND RA TING 

Lichtenstein, in the draft final report of an NCHRP paper (8), pro
posed a general scheme for diagnostic and proof testing of bridges 
together with expressions that would be used for arriving at a test
based rating factor. The recommendations in the report are applic
able to truss bridges as well as others. Lichtenstein (8) defines diag-
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FIGURE 3 Finite element model and simulated deflections for HAM-128-1006. 

nostic tests as those conducted to verify predicted or nominal load 
effects. These tests are recommended for validating a model to rate 
a structure under design, legal, permit, or rating loads. Assumptions 
about material properties, boundary conditions, cross-section con
tributions, effectiveness ofrepair, impact of damage, and deteriora
tion, among others, may be validated by diagnostic tests. Diagnos
tic testing is acknowledged to be much more elaborate than proof 
testing because both an analytical model and more stringent field 
measurements are required. 

The load placement and load levels in a diagnostic test may be 
less than those at service load levels. However, the test should be 
conducted to rule out any possible nonlinearities at the service load 
level. After the test, the theoretical rating factor, which would be 
obtained prior to the diagnostic test, is multiplied by a factor K, 
which is larger than or equal to unity. This factor is based on the 
comparison of measured test behavior with the analytical model 
adjusted for site-specific considerations. 

Lichtenstein's formulation (8) for making the best use of a diag
nostic test for bridge rating is a significant contribution to the state 
of the practice. However, a large number of example applications 

and verifications are needed before the method is fully calibrated 
and the details of practical and meaningful applications can be 
streamlined. For example, suppose rating is based on an extremely 
idealized analytical model that ignores a number of relevant mech
anisms that affect load distribution and the resistance of the critical 
element. Can this type of analytical deficiency be rectified by a 
diagnostic load test? 

The following are some additional questions that come to mind: 
What if the critical element of the bridge is not properly identified 
or if the instrumentation is not properly designed and installed to 
capture the critical stress in the critical element? How should the 
load be placed to activate the most critical actions in the most crit
ical element, particularly if the bridge has damage or deterioration 
or both? How would the bias and variance errors in the experimen
tal results be evaluated? Obviously, the minimum qualifications and 
experience of a test team that can be entrusted with a diagnostic test 
should be clearly established and certified before a theoretical rating 
factor may be legally modified. 

The experience of the authors based on the research reported here 
is that the strains measured during a diagnostic test have to be reli-
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able within 20 µE (the authors' truck load tests on reinforced con
crete slab, steel-girder, and truss bridges have revealed that the crit
ical strains in most bridges under legal trucks will correspond to 20 
to 100 µE). Typically, a temperature change of several degrees may 
lead to comparable strains. Further specifications are needed for 
bridge instrumentation and diagnostic testing to benefit from 
NCHRP recommendations (8). 

RA TING OF TEST BRIDGES 

The three test bridges were rated by the procedures followed by the 
Ohio Department of Transportation (ODOT) bridge bureau and 
based on the AASHTO Manual (1,2). The bridges were also rated 
by using the field-calibrated analytical models that were developed 
by structural identification. The field-calibrated finite element mod
els simulated the 3-D geometry and incorporated all of the structural 
and nonstructural elements, as shown in Figure 3: reinforced con
crete deck, cover plates, cross braces, parapets, abutments, piers, 
support and continuity including the composite action, flexibility at 
the interface with the integral abutment, flexibility at the pads, soil
pile interaction flexibility, and flexibility characteristics of each 
individual element of the bridges. 

As the test bridges were rated by bridge-specific models, a num
ber of important issues had to be resolved. Table 2 provides an 
overview of the issues in demand and capacity computation that are 
needed for rating. In computing demands, the main issues are ana
lytical modeling, selection of linear or nonlinear analysis options 
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and the corresponding software, simulation of live load, and inter
pretation of the results from analysis. In the case of capacity com
putation, the issues have to do with the approach, that is, whether 
ASD, LFD, or ALFD are to be adopted; incorporation of actual 
material properties and existing state of damage or deterioration or 
both; selection of linear or nonlinear analysis to compute capacity 
of materials, sections, or the complete structure; and interpretation 
of the results. 

Clearly, there are many possible options and decisions to make 
in the rating process, and the analytical aspects of the process 
are complex in the case of bridge-specific rating on the basis of 
field-calibrated models. The field calibrated rating factors given in 
Table 3 were obtained by using linear analysis of the field-calibrated 
3-D finite element models in conjunction with the load factor 
approach recommended by the AASHTO guide (9). Critical trucks 
and their positions were established on the basis of 3-D influence 
lines generated by using the 3-D finite element models. In comput
ing capacity, nominal material properties were used. For calculat
ing the flexural capacity of the composite or semicomposite girder
slab sections, a 3-D nonlinear section analysis software 3-DRCSA 
(20) was used. 

IMPLICATIONS OF RA TING FACTORS 

The rating factors obtained for all the three test bridges (Table 3) 
reveal that those that are based on field-calibrated models exceed 
the corresponding rating factors obtained by ODOT procedures by 

TABLE 2 Issues in Rating Steel-Stringer Bridges 

Definition of Limit State and Analysis Approach (ASD,a LFD,b ALFD,' or LRFDd) 

DEMAND COMPUTATION 

(1) Analytical Modeling 
(a) Dimensional idealization (1-D, 2-D, or 3-D) 
(b) Member discretization 
(c) Boundary conditions 
(d) Continuity conditions 
(e) Analytical elements 
(f) Actual material properties 
(g) Existing damage and deterioration 

(2) Selection of Analysis Package 
(a) Linear or 
(b) Nonlinear 

(3) Simulation of Live Load 
(a) Critical trucks 
(b) Truck configurations on the bridge 
(c) Truck loading and impact 
(d) Fatigue effect 

(4) Interpretation of Analytical Results 
(a) Nodal forces/stresses 
(b) Localized stresses 
(c) Effective cross-section resultants 
(d) Structural demands and limit states considered 

Notes: 
•Allowable Stress Design; 
b Load Factor Design; 
0 Alternate Load Factor Design; 
4 Load end Resistance Factor Design. 

CAPACITY COMPUTATION 

(1) Analytical Approach 
(a) Local stress 
(b) Section capacity 
( c) Structural capacity 
(d) Actual vs. nominal material properties 
(e) Existing damage and deterioration 

(2) Selection of Analysis Package 
(a) Nonlinear Cross-Sectional Analysis vs. 
(b) Finite-element analysis 
for different actions and failure modes 

(3) Interpretation of Analytical Results 
(a) Limit state considered for defining capacity 
(b) Localized stresses 
(c) Effective cross-section resultants 
(d) Structural strength capacity 
(e) Serviceability and fatigue considerations 
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TABLE 3 Rating Results for Test Bridges 

Bridge HAM-42-0992 CLE-50J-0080L HAM-128-1006 

Cross County Highway Little Miami River Paddy's Run 
-

Procedure M+ M- M-IM+ M+ M- M-IM+ M+ M- M-/M+ 

AASHTOManual (1983) 

BARS 1-D Model 1.64 2.14 1.30 1.27 l.62 1.28 1.57 1.63 1.04 

AASHTO Guide (1989) 

Identified 3-D FEM 6.00 5.39 0.90 5.14 5.24 1.02 4.93 5.19 1.05 

Ratio: Guide/Manual 3.66 2.S2 0.69 4.05 3.23 0.80 3.14 3.18 l.01 

(l) All procedures consider Strength Limit State; 

(2) Impact Factors specified according to AASHTOManual are used in computing all of the rating factors. 

about 2.5 to 4 times. It is important to note that if an inelastic rating 
approach such as one proposed by Galambos et al. (J 1) was 
adopted, the level of conservatism in the rating factors obtained 
from typical DOT practice would be even larger. From another 
perspective, whether inelastic rating would lead to more accurate 
rating factors, if it is not based on a field-calibrated model that 
incorporates all the critical elements of the bridge, is questionable. 

The extreme conservatism in the rating factors based on typical 
DOT practices would have an important implication in permit load 
requests, which may be presently denied. Table 3 further reveals a 
lack of balance in positive and negative moment rating factors from 
the 1-D models other than for HAM-128-1006, whose negative and 
positive moment factors are closest to each other, as indicated by 
their ratios. In the rating factors based on field-calibrated models, 
all the structural and nonstructural elements were incorporated, 
including the cover plates provided for the splices over the bearing 
plates for the negative moment. The actual balance ratios of nega
tive-to-positive moment capacities from the field-calibrated models 
are much closer than those from 1-D models. 

Other observations from this bridge-specific rating research are 
(a) damage or deterioration, or both, as a result of aging affect 
demand and capacity and, more importantly, the failure mode; (b) 

the reinforced concrete deck affects both demand and capacity by 
its two-way flexural and shear capacities and, more importantly, by 
the compressive membrane forces that develop as a result of com
posite or partial composite action; (c) cross braces significantly 
affect demand, particularly in the negative moment regions; (d) 
composite action caused by chemical bond or friction, or both, 
between slab and girders, even without mechanical connectors, 
affects demand and capacity; (e) abutment fixity affects demand; 
and (j) deck parapets, beam cover plates, and size and flexibility of 
bearing elements are mechanisms that affect demand and capacity. 

Present rating methods use analytical models that typically omit 
the reinforced concrete slab and the parapets as well as the lateral 
load distribution provided by the brace system. The composite 
action is also neglected if mechanical connectors are not provided. 
Bridge engineers generally justify omitting the composite action in 

noncomposite designs on the basis of the argument that the chemi
cal bond and friction would be lost over time. On the other hand, 
this research has shown that a considerable level of composite 
action has been maintained even 40 years postconstruction. In fact, 
there is evidence that in the case of complete loss of composite 
action, stringer bridges lose a considerable amount of stiffness and 
the decks become unserviceable. More importantly, by omitting the 
slab, the interface of the slab with the girders, and the cross braces 
in the rating models, the DOTs are not evaluating the actual perfor
mance of these components, which are emerging as important as the 
girders for serviceability in conjunction with lifetime-cost manage
ment considerations. Clearly, the uncertainties in the rating factors 
and a lack of addressing serviceability in rating is affecting the 
reliability in bridge management. 

Serviceability Versus Strength 

Table 4 compares the critical deflections of the three test bridges 
(calculated by their field-calibrated finite element models, which 
represent the actual behavior of the bridges) normalized with the 
code-permitted deflection, showing that the actual deflections are 
far smaller than code-permitted values. The actual deflections under 
both lanes loaded by a T-3 truck at midspan were observed to be less 
than 50 percent of the deflection expected in design. 

One may also observe an order of magnitude difference in the 
actual deflections of the three test bridges, although their rating fac
tors, that is, expected strength capacities, are comparable (4.93 to 
6.00). 

The field-calibrated finite element models were used to further 
evaluate the contributions of two-way action of reinforced concrete 
deck, composite action, cross braces, and girders to the midspan 
deflection flexibilities of the test bridges. This was accomplished by 
simulating each one of these elements or mechanisms not to con
tribute to the stiffness of the bridge; that is, the stiffness provided 
by each mechanism was set to 0 in the field-calibrated finite element 
model, as indicated in Figure 4. 
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TABLE 4 Comparison of Deflections and Mechanisms Contributing to Stiffness of Stringer 
Bridges 

Bridge HAM-42-0992 CLE-50J-0080L HAM-128-1006 

Cross County Highway Little Miami River Paddy's Run 

Middle span L=78 ft Middle span L=l26 ft Middle span L=50 ft 

(23.77 m) (38.41 m) (15.24 m) 

Deflection DI (L/800) . Deflection DI (L/800) Deflection DI (L/800) 

3-DFEModel Din. (mm) (U800= 1.17" Din. (mm) (U800= 1.17" Din. (mm) (L/800=(). 7 5" 

cr29.7nun) or29.7mm) 0019.lnun) 

Calibrated 0.67 (17.0) 57% 0.88 (22.4) 46% 0.20 (5.1) 27% 

Full Composite 0.67 (17.0) 57% 0.88 (22.4) 46% 0.13 (3.4) 18% 

Noncomposite 1.19 (30.2) 102% 1.50 (38.1) 80% 0.27 (6.8) 36% 

w/o RCdeck 1.71 (43.4) 146% 1.67 (42.4) 88% 0.4 (10.1) 53% 

w/o RC deck 2.00 (50.8) 171% 1.69 (42.9) 90% 0.58 (14.6) 77% 

& X-braces 

Note· Deflections are for both lanes loaded by truck T-3 at midspan. 

The calculated deflections (Table 4) of the different models 
reflect the importance of composite action and other bridge mecha
nisms under service loads. Figure 5 quantifies the significance and 
the relative contribution of different elements or resistance mecha
nisms participating in the global stiffness of the three test bridges. 
For each bridge, the contribution of each mechanism can be differ
ent, depending on span and other attributes. For example, in the case 
of CLE-50J-0080L, the girders are dominating the complete super
structure stiffness. For HAM-42-0992, which is on pads, the cross 
braces seem to have a much more significant contribution than in 
the case of CLE-50J-0080L. For HAM-128- i 006, the effect of com
posite action dominates the stiffness, in spite of its 43-year-long ser
vice life at the time of testing, showing the contribution that saved 
the bridge from deck replacement and emphasizing the significance 
of this mechanism. 

The implication of the observations from Table 4 and Figure 5 is 
significant because it enables one to infer, objectively, the actual 
contribution of each critical component to the total stiffness of the 
superstructure. Currently, the contribution of components is not 
controlled in an objective quantified manner because the deck and 
cross braces are empirically designed. Present codes and design tra
ditions in bridge engineering have successfully ensured safety 
against inadequate strength. However, an evaluation of Table 4 
indicates that relative flexibility and serviceability of typical high
way bridges may not have been properly controlled in bridge design 
and evaluation practice. 

It is now emerging that bridge evaluation should include an 
objective quantitative assessment of serviceability in addition to 
strength and safety. The related issues that should be taken into con
sideration are long-term performance, durability, toughness, or 
resistance to mechanisms that cause deterioration or aging, and 
damage caused by environmental attack. New codes, such as the 
Draft LRFD (10), have recognized that existing design processes 
may not be successful in providing long-term serviceability. This 

research showed the significance of quantifying serviceability in 
terms of critical deflection mechanisms in bridges possessing large 
reserves of strength. The research further demonstrated a structural
identification-developed integrated condition assessment and per
formance evaluation method to objectively quantify both the safety 
and serviceability. 

CONCLUSIONS 

It appears rational to emphasize, in the design, evaluation, and retro
fit procedures, composite action over the longer term. In addition, 
evaluating a bridge by properly recognizing the contributions of the 
slab system as well as the cross braces would be important for 
understanding the state of force in these bridge components and 
their contribution to stiffness. This may help develop a uniform dis
tribution of safety for all the critical components that transfer load. 
For example, although the evaluation of the steel girders of a 
stringer bridge may be conservative, the evaluation of the concrete 
deck or the braces may be unconservative. Moreover, ignoring 
some of the important mechanisms that govern the actual load 
distribution and structural stiffness does not permit controlling all 
of the attributes that lead to desirable safety and serviceability 
performance during a retrofit design. 

All three steel-stringer test bridges had comparable strength rat
ing factors, whereas their live-load deflection and vibration charac~ 
teristics varied greatly. Current rating methods completely ignore 
serviceability performance as affected by deflection and vibration. 
The L/800 deflection limit does not reflect the serviceability 
performance of bridges. 

In general, design, construction, inspection, and evaluation of 
steel-stringer bridges, because of their complexity, are particularly 
difficult to implement objectively, and these bridges make up the 
largest segment of the National and Ohio Bridge Inventories. The 
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FIGURE 4 Comparison of deflections of HAM-42-0992. 

replacement value of the 15,830 steel-stringer bridges in Ohio's 
inventory would exceed $2.5 billion, and more knowledge of their 
actual behavior is needed. 

It is helpful to determine contribution by slab, girder, and cross 
braces to understand flexibility and safety and determine ways to 
improve rating. 

RECOMMENDATIONS 

As a result of the research reported here, the following recommen
dations are made: 

1. For starting the design, selection of the dimensions and spac
ing of the steel stringers, assuming a stiffness based on noncom
posite action at the interface with the concrete deck, provides excel
lent serviceability and redundancy in design. However, it is more 

desirable to use a complete 3-D model in design, incorporating the 
girders, cross braces, and the reinforced concrete deck, to arrive 
at a more reasonable estimate of resistance/capacity. It is also 
important to check for deflection and vibration problems with more 
rational procedures than just checking individual girders. Research 
demonstrated that L/800 is not an adequate measure of serviceabil
ity. Unfortunately, there are many reports of excessive deflection 
and vibration in the case of new bridges designed by incorporating 
composite action. 

2. Mechanical girder-slab interface connectors provided during 
construction as well as other proven local details at the interface 
may facilitate long-term maintenance of composite action. This has 
been determined as a very desirable mechanism for performance at 
service and at ultimate limit states. 

3. Cover plates that provide additional negative moment capac
ity at regions where negative moments are critical may lead to a 
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FIGURE 5 Contribution of mechanisms participating in stiffness. 

more balanced design between negative and positive moments. 
Currently, designs based on AASHTO and conducted by analyzing 
1-D models without incorporating the cover plates may appear not 
to be well balanced for different senses of moment. 

4. This research revealed that integral abutments do significantly 
decrease positive moments in the end spans and increase the stiff
ness and serviceability by providing rotational stiffness. Some 
states permit integral abutment designs up to 800 ft. Their use in 
retrofit should be encouraged. 

5. Provision of mechanical connections between the pads and the 
pier caps are recommended for lateral stability in the case of acci
dents. The flexibility provided by the pads at the supports regulated 
the negative moment demands. 

6. Lateral cross-braces should be explicitly designed and incor
porated in the global design. The stiffness provided by these braces 
was found to significantly enhance lateral redistribution of negative 
moment demands. Some of these recommendations on evaluation 
and rehabilitation are already incorporated into the Ontario High
way Bridge Design Code (21). 
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Systematic Evaluation of Structural 
Deterioration in Underwater 
Bridge Substructures 

MARK D. FUGLER, R. RICHARD AVENT, AND MOHAMED ALAWADY 

A comprehensive statistical analysis was performed on the condition 
data generated by a statewide underwater inspection of bridges in 
Louisiana. The research defined pertinent underwater structural decay 
characteristics and established a method. for determining a bridge's 
propensity for underwater deterioration on the basis of those relevant 
factors. The inspection results were reviewed to ascertain the impact of 
human bias on consistency in the bridge condition ratings. Using a set 
of importance factors obtained through a questionnaire submitted to a 
group of inspectors, the fuzzy set theory was employed to assist in the 
removal of data incongruities. A combination of pure fuzzy set theory 
and classical binary weighing was found to produce optimal results. 
Bridge age, material type, and location were found to be significant in 
defining the rate of deterioration in Louisiana bridges. Linear least
squares, piecewise linear least-squares, and polynomial regression 
curves were matched to the overall underwater condition ratings. Com
parisons of regression curves for neighboring states indicated reason
able consistency in results for differential inspection programs if simi
lar inspection methodologies are employed. The correlation between 
above-water and subsurface inspection ratings was found to be poor for 
concrete and steel bent bridges but acceptable for timber bent bridges 
within a given age group. Additionally, a poor correlation was found 
between water quality data and underwater bridge deterioration rates. 
A methodology for determining the frequency and detail of future 
underwater inspection projects was developed on the basis of the de-ter
ioration trends and available bridge decay-defining characteristics dis
covered in this research. 

With over half of the United States' 600,000 bridges now over 50 
years old, there is growing interest in discovering new and more 
efficient methods for maintaining and rehabilitating the existing 
bridge network at the least possible cost. Performance prediction 
curves based on archived bridge inspection data traditionally have 
provided graphic evidence of the behavior of a system of bridges. 
The performance curves allow transportation officials to compara
tively examine each bridge to find those structures that show regres
sion rates that are significantly greater than expected. The engineer 
may then choose to grant priority for future inspections to any 
bridge that shows a propensity for unusually high deterioration, thus 
assuring that the structure does not unexpectedly enter a critical 
condition state. Traditionally, schedl!ling of future inspections has 
relied on an informal decision-making process that is based on the 
experience of the bridge maintenance engineer. Today, the popu
larity of computerized bridge inspection data storage and retrieval 
allows greater optimization in scheduling future inspections. 

M. D. Fugler, Figg Engineering Group, Tallahassee, Fla. 32301-1298. R.R. 
A vent and M. Alawady, Department of Civil and Environmental Engineer
ing, Louisiana State University, Baton Rouge, La. 70803. 

The purpose of this paper is to introduce a procedure for assign
ing an inspection priority value for a given bridge element on the 
basis of the element's past conditional behavior and other decay
defining parameters. The methodology will be illustrated by a study 
of pile bents taken from the data of a statewide underwater bridge 
inspection program initiated in 1991 in Louisiana. 

DATASET DEVELOPMENT 

In 1991 and 1992, the Louisiana Department of Transportation and 
Development (LDOTD) initiated its first statewide underwater 
inspection of bridge structures. Divers were required to subjectively 
rate each of 10 to 19 items (depending on material type) for every 
bent, pier, and abutment of over 600 bridges across the state as well 
as to give an overall bent or pier rating. The condition ratings for 
these items ranged from 1 to 7 and were based on a list of descrip
tive guidelines listed by Avent and Whitmer (1). . 

Numbering over 2,400, bridge bents constituted the largest type 
of structure investigated in the Louisiana inspection program. Addi
tionally, bents with imperfect ratings for scour and erosion were 
excluded from the data base because the presence of these condi
tions would have influenced the. assessment of the condition of the 
element itself. The remaining 2,200 bents served as the source for 
the material degradation relatfonships described in this paper. 

The most important rating was the overall underwater condition 
rating (OVR), a single value representing the general condition of 
the bent that was based on the individual ratings. Because divers 
may consider the importance of each of the items differently when 
casually formulating an OVR in their minds; this method of assign
ing the OVR is inconsistent. Because the OVR is the most impor
tant single indicator of the condition of the structural element, the 
lack of consistency in determining the OVR hinders any compara
tive analysis within the set of underwater bridge condition 
appraisals. This obstacle was overcome by employing a factoring 
routine that computes the element's OVR using a weighted average 
for each of the important values of the element's 10 to 19 observa
tions. In this study, a group of ten inspectors and experienced engi
neers were surveyed to determine the relative importance each 
of the 10 to 19 items should be allotted when formulating the 
element's OVR. 

One-to-one comparisons of the field-assigned overall ratings 
(OVRs) and the corresponding computer-generated factored over
all condition ratios (FOVRs) showed a general agreement between 
the values for the bent population. Summary statistics indicate com
parable mean values (6.12 versus 6.21) and standard deviations 
(0.82 versus 0.94) for the OVRs and FOVRs, respectively. Only 
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seven of the bridge elements (0.3 percent of the data set) were found 
to have differences greater than one-half point between the OVRs 
and the FOVRs. 

FACTORS INFLUENCING UNDERWATER DECAY 

Because the underwater portions of a bridge structure typically do 
not receive periodic maintenance, the condition can be assumed to 
regress (and never improve) from the date of construction. Thus, the 
average rate of underwater decay can be defined as 

ADR = 7 - FOVR 
T 

where 
ADR = average annual deterioration rate, 

(1) 

FOVR =factored overall underwater condition rating on a 
seven-point scale, and 

T = bridge age in years. 
To predict the behavior of a structure, the conditions that influ

ence the ADR must be identified and investigated for their contri
bution to the structure's rate of decay. From the list of available data 
and descriptive parameters for each bent, the average daily traffic 
(ADT), climate region (local environmental effects), and material 
type were thought to be potentially significant factors in describing 
the ADR of a given bent in Louisiana. An analysis of variance 
(ANOV A) was performed on each of these factors to numerically 
assess the significance of the factor at a 95 percent confidence level. 

The ANOVA performed to study the effects of ADT on the 
regression rate was conducted using the continuous relationship 
described by the third-order polynomial curve: 

(2) 

where FOVR(T;,A;) is the factored overall condition rating of bent I 
as a function of the bent age (T;) and the ADT carried by the bent 
(A;). The beta values ([30, f3i. [32, [33) are constants generated when 
the equation is fitted to the data, and E; is the term describing the 
error between the equation and the actual FOVR for bent/. 

From the results indicated in Table 1, the effect of ADT on the 
rate of change in the FOVR is insignificant for each of the terms of 
the polynomial at the 95 percent confidence level, as witnessed by 
the P-values greater than 0.05. 

In processing the ANOV A of the influence of climate region on 
the rate of regression in the overall underwater condition, the defi-
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nition of the climate region itself proved a difficult task. Generally 
speaking, Louisiana is climatically homogeneous; however there 
are small differences in weather and terrain between the northern 
and southern portions of the state defined by a line of latitude run
ning through Alexandria. An ANOV A processed to investigate the 
influence of this two-region climate zone on the ADR indicated that 
the climate was an insignificant factor with a P-value = 0.109. 
However, reprocessing the model with nine regional climate zones 
(in which each region is identically the same as the LDOTD district 
in which the bent was located) improved the P-value to 0.068. 

Further detailed analysis revealed that, although southern 
Louisiana bents had marginally greater ADRs compared with north
ern Louisiana bents (20 percent higher in the north), those bents 
located along the Gulf Coast were witnessing regression rates up to 
60 percent greater than the remaining bent population in the same 
southern district. Table 2 details the ADRs of item observations for 
concrete bents in a region located in a particular southwestern 
Louisiana region in which saltwater intrusion has been measured 
several miles inland from the coast. 

Finally, the material of construction was investigated as a poten
tial factor in describing the propensity for underwater decay. An 
ANOVA performed on a categorical model relating the material 
type (concrete, steel, or timber) to the ADR produced a P-value = 
0.001, a value that is highly significant at a confidence level of 95 
percent. The high level of significance results both from the superi
ority in underwater performance of one material over another and 
variations in the depth and type of observations recorded for bents 
of different material types. In light of the significance of the mater
ial of construction in determining the propensity for decay, mater
ial type must be considered when determining the bent's conditional 
regression characteristics. 

CORRELATION OF ABOVE SURFACE 
AND SUBSURFACE EVALUATIONS 

According to LDOTD guidelines for determining the frequency of 
underwater inspections, every bridge in the state that crosses rivers 
over 4 ft deep must undergo an underwater inspection once every 5 
years and more frequently if conditions indicate a potential under
water problem. Following similar FHW A criteria, every bridge in 
the state undergoes a routine above-surface inspection at least once 
every 2 years. During these biennial surveys, the condition of the 
bridge substructure (at least those portions visible from above the 
surface of the water) are rated on a nine-point scale. The possibility 

TABLE 1 ADR ANOVA Data Summary Table 

Factor Factor Definition P-Value 

Average Daily Traffic: 
Factor 1 Ti* (Ai)" 0.278 
Factor 2 Ti* (Ai)2 0.091 
Factor 3 Ti* (Ai)3 0.054 

Climate Zone: 
Two Regions North/South La. 0.109 
Nine Regions Region = DOT Dist. # 0.068 

Material Type: Concrete/Steelffimber 0.001 
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TABLE 2 Coastal Effects on ADRs for Southwestern Louisiana 

Cracks 
Spalls 

Item Rated 

Exposed Reinforced Concrete 
Laitance 
Sulphate Attack 
Honeycombing 
Rustspots 
Grout Loss 

ADR X 1000 

SW La. Coastal Region 

6.053 
27.78 

0.0 
0.0 
0.0 

[0.355] 
14.21 
62.50 

All SW La. 

5.544 
17.36 
0.0 
0.0 
0.0 

[0.273] 
9.411 
41.90 

Bracketed values indicate less than 5 percent (5%) of the bents within the 
region were assessed at a rating less than 7 (new) for that item. Zero (0.0) 
values indicate all bents within the region had ratings of 7 for that item. 

that the above-surface substructural rating (SSR) might predict the 
underwater condition (FOVR) was investigated using a Pearson 
product-moment correlation analysis, the results of which are given 
in Table 3. 

The greatest degree of correlation between the SSR and FOVR for 
a given bent is found for bent elements constructed of timber. For 
these structures the Pearson product-moment coefficient (p) ranged 
from 0.746 < p < 0.877 across all the age groups (p = 1 indicates 
linear correlation). In contrast, steel and concrete bents could not 
generate a p-coefficient greater than 0.5 for any age group. The high 
degree of correlation between the SSR and FOVR for timber bents 
is likely the result of two characteristics of timber structures: first, 
timber bridges generally cross smaller, shallower, slow-moving 
rivers or bayous where much of the substructure is above the water 
surface and, second, timber piles will generally exhibit the greatest 
amount of deterioration at or just above the water surface. In this area 
(easily seen from above the surface) repeated cycles. of wetting and 
drying have been proven to accelerate the mechanisms of timber 
decay (2). Consequently, for timber bents, the SSR may serve as an 
indicator of the underwater condition. 

METHODOLOGY FOR NUMERICALLY 
DEFINING INSPECTION PRIORITIES 

Although the National Bridge Inspection Standards require that all 
bridges with at least part of their structure located in water receive 
periodic inspections of those submerged elements, there exists no 
federal requirement that precisely dictates the frequency and level 
of underwater inspection, as long as each applicable structure is rou-

tinely investigated at least once every 5 years (3). FHW A recom
mends that nonscheduled inspections, that is, inspections more fre
quent than once every 5 years, should be conducted on the basis of · 
the local transportation officials' assessment of certain known con
ditions, including incidence of flooding, debris build-up, vessel 
impact, and bridge importance within the system (3). However, for 
any given bridge system, a prioritization of the underwater inspec
tions for the system elements can be numerically established by 
considering all applicable factors and applying the numerical 
assessment of those factors to each element. 

Before summation, however, the factors should be weighted by a 
value indicative of the degree of correlation between each individual 
factor and the anticipated rate of underwater deterioration attributable 
to that factor. The relationship is simply the summation of weighted 
terms and, using the terminology of bridge inspection, is hereby 
proposed to be described by the basic mathematical operation 

n 

Pe = I Cm * Rm,e 
m=l 

where 

Pe= inspection priority ranking for element e; 
Cm = weighting value for factor m; and 

(3) 

Rm,e = assessment or rating for factor m of a total of n factors, for 
element e. 

Not all bridges will be subject to the same rating factors because 
those rating factors are dependent on such characteristics as mater
ial type. Normalization of Equation 3 is necessary for comparison 

TABLE 3 Pearson Product-Moment Coefficients for SSR-to-FOVR Correlations 

Age Group 
(years) 

[Oto 20] 
[20 to 40) 
[40 to 60] 
[60 to 80] 

All Materials 

0.151 
0.396 
0.229 
0.360 

Concrete 

0.285 
0.436 
0.270 
0.325 

1: Insufficient data to establish correlation. 

Steel 

0.720 
[ - ]1 
[ - ]1 
[ - ]1 

Timber 

0.746 
0.858 
0.783 
0.877 



142 

across categorical boundaries. Thus, the prioritization ranking 
process proposed in Equation 3 becomes 

(4) 

for all applicable ratings m for the given element, 

where 

( Cm)max = maximum weighting coefficient for each factor m of 
n factors; and 

(Rm,e)max = the maximum assessment or rating for each factor m 
of element e. 

The value of the rating matrix, Rm,e' may be extracted from inspec
tion data or other sources supplying element particular condition 
information and may be either continuous or categorical in nature. 
Evaluation of the weighting factor Cm might be dependent on an ele
mental categorical definition, and the rating scale may be peculiar to 
a given observation or measurement as well. For example, the corre
lation of decay to a geographical factor may be different for steel or 
concrete bents on the basis of past experiences; hence the weight 
given to that factor may be dependent on the material-type category. 

Some factors apply to all elements of a given type or location. For 
subcategorical weighting and the application of these broad-based 
factors, Equation 4 may be modified to include one or more general 
beta-weighting factors: . 

n 

Pe= L 
m=l (c ) * (R ) * 131 * 132 · · · m max m,e max 

(5) 

where 131' 132, and soon are the subcategorical weights or general 
factors. 

The development of an inspection priority algorithm will gener
ally involve two basic steps. First, the factors that may drive the fre
quency and level of inspection must be determined, and the avail
able Rm,e values must be collected; second, the weighting factors, 
Cm, associated with the Rm,e values must be assembled. For calcu
lating the underwater inspection priority for Louisiana bents, the list 
of physical parameters and ratings to be considered included bent 
age, material type (concrete, steel, timber), structure type (bent, 
pier, etc.), overall underwater condition rating (FOVR), subcompo
nent ratings (i.e., the ratings given to the items that contribute to the 
FOVR), location (latitude and longitude), above-water assigned 
substructural rating, and the criticality of the element to bridge net
work, listed by LDOTD as "state priority points." These terms can 
be simply extracted from the LDOTD data base for each bridge and, 
with the exception of the criticality factor, are known to influence 
conditional regression. 

The Cm factors are not necessarily c~nstants; instead, they take on 
a predetermined value, depending on the interpretation of its asso
ciated Rm.e term. For example, although age is of high importance in 
establishing a propensity for deterioration, it has been shown that 
the typical regression of concrete bents in Louisiana is not constant 
over the bent's lifespan. Consequently, the priority for conducting 
underwater inspections, as well as the level of the inspections them
selves, should optimally be indexed in some manner to the age of 
the structure. In effect, the weighting matrix will be populated by a 
collection of functions that establish a particular Re (the ratings 
assigned to a given element e) contribution to the overall priority 
rating, Pe, based on the relative value of Re. It can be seen, then, that 
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each rating term has a general categorical importance as well as a 
particular significance based on the magnitude of the term. 

To differentiate the importance of a factor with the significance 
of the value assigned to that particular factor, it will be beneficial to 
consider the weighting value as the product of two weights: (a) the 
importance weight Um); and (b) the value significance weight (Sm). 
This operation will allow the weight allotted to any rating value 
used to establish the structure's inspection priority to be a function 
of both the general importance of that factor in determining the rate 
of underwater deterioration and the relative magnitude of that par
ticular value. 

Modifying Equation 5 to reflect the concept of importance and 
significance matrixes results in the following: 

n 

I (6) 
m=I 

where, in addition to the previously defined terms, Im is the assem
blage of importance values associated with each factor, R, of m fac
tors, and Sm is the significance function associated with each factor, 
R, of m factors. The subscript max indicates the maximum values 
possible for each factor or rating. The interpretation of the impor
tance weight must consider the degree of correlation between that 
factor and the rate of decay of the corresponding bridge element. To 
simplify the resolution of Im consider five categories of importance: 

0: Not applicable or not important; 
2: Of minor importance in establishing the rate of underwater 

deterioration; 
4: Average importance. The factor is known to be a general indi

cator of the rate of underwater deterioration; 
6: High importance. The factor has been proven to be a strong 

representative of the rate of conditional regression; and 
8: Extremely important. The factor is entirely representative of 

the current underwater condition or the rate of change in the under
water condition of the element, or both. 

In a similar manner, Sm may be objectively or subjectively deter
mined. In establishing a decision hierarchy for significance, two ele
ments must be considered: Does the magnitude of the factor indi
cate that the structure is experiencing conditions that are conducive 
to accelerated decay? and Does the magnitude of the factor reflect 
a reasonable probability that the structure will enter a condition 
requiring repair or maintenance before the next normal inspection 
cycle (5 years)? Applying the levels of significance to a five-point 
scale results in the following delineation of Sm: 

1: The magnitude of this factor (relative to the range of values 
expected for that factor) indicates that the factor is insignificant in 
establishing a critical rate of decay or the probability that the struc
ture will enter a state of disrepair within the following 5-year period, 
or both; 

3: The magnitude of this factor (relative to the range in values 
expected for that factor) indicates that the factor holds average sig
nificance in establishing a critical rate of underwater decay or the 
probability that the structure will enter a state of disrepair within the 
following 5-year period, or both; and 

5: The magnitude of this factor (relative to the range in values 
expected for that factor) indicates that the factor is highly signifi
cant in establishing a critical rate of decay or the probability that the 
structure will enter a state of disrepair within the following 5-year 
period, or both. 
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For both Im and Sm, the scale is continuous, with the intermediate 
(even) values used to describe value significance levels that fall 
between those specifically outlined. 

The importance, significance, and J3-factors generated in the 
remainder of this paper are based on the subjective as well as objec
tive statistical interpretation of the inspection results from the latest 
survey of underwater structures in Louisiana. The discussion that 
follows is best viewed as a structured methodology for developing 
a priority equation incorporating user-defined input and requisite 
output data. 

The importance of age (hereafter denoted as the factor AGE) as 
a determinant of underwater condition is logically of high impor
tance, given the time-dependent nature of deterioration in any form. 
Previous regression investigations have graphically illustrated the 
relationship between condition and AGE for underwater substruc
tures; therefore, the importance factor for AGE will receive an 
importance weight of 8 for all material types: 

/AGE= 8.0 (7) 

As the structure ages, of course, the significance of AGE in deter
mining the probability that repair is (or soon will be) required 
increases by some degree. This understanding is supported by the 
values indicated in Table 4, which describe the percentage of bents 
awarded an FOVR less than 5-the point at which maintenance 
action is suggested or required. With the percentage of bents 
increasing by a factor of 10 or more from the earliest to the latest 
age groups (depending on material type), the following chart is pre
sented as a proposed breakdown of SAGE by age group: 

• Concrete bents 

SAGE= 1.00 (Age< 20) 

SAGE= 2.00 (20 ::; Age ::; 40) 

SAGE= 5.00 (Age> 40) 

• Steel bents 

SAGE= 1.00 (Age< 20) 

SAGE= 4.00 (20 ::; Age ::; 40) 

SAGE= 5.00 (Age> 40) 

• Timber bents 

SAGE= 3.00 (Age< 20) 

SAGE= 3.00 (20 ::; Age ::; 40) 

SAGE= 5.00 (Age> 40) 

(8) 

(9) 

(10) 

(11) 

(12) 

(13) 

(14) 

(15) 

(16) 
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Although the factor AGE could serve as an indicator of the proba
bility that a structure is in need of short-term maintenance, the ADR 
should serve as a measure of how the in situ environment will dictate 
the probability that the structure will soon enter such a condition. 

Similar to AGE, the factor explicitly describes the rate of change 
of the overall underwater condition rating; thus ADR will receive 
the highest importance weight for all material-type designations: 

/ADR = 8.0 (17) 

The degree of significance allotted to the ADR will be indexed to 
the magnitude of the term with the understanding that the value 
describes the likelihood that the condition will change before the 
following inspection cycle. For the given 5-year standard cycle, a 
structure would need to demonstrate an average annual deteriora
tion rate of 0.200 points per year to drop one point in overall rating 
before the next inspection cycle. For the results of the latest under
water survey in Louisiana, 5.6 percent of the bents exceeded this in 
the factored ADR. A further breakdown shows that 9.0percent of 
the bents exceeded 0.150 points per year in ADR, 17 .6 percent 
exceeded 0.100, and 43percent exceeded 0.050. The median ADR 
for Louisiana bents was 0.042 points per year. 

The significance factor must assign a proportionately higher 
weight to the appraisals of those bents that are experiencing char
acteristically high deterioration rates, particularly those in excess of 
0.200 points per year. Obviously, to achieve this goal, the signifi
cance value must be indexed to a category of ADR: 

SADR = 1.00 for ADR < 0.010 

SADR = 2.00 for 0.010 ::; ADR ::; 0.030 

SADR = 3.00 for 0.030 < ADR ::; 0.075 

SADR = 4.00 for 0.075 < ADR ::; 0.200 

SADR = 5.00 for ADR > 0.200 

(18) 

(19) 

(20) 

(21) 

(22) 

When establishing an inspection priority based on overall under
water condition ratings, an effort should be made to ensure that sin
gle critical subcomponent ratings are not lost in the production of 
the general priority. The subcomponent ratings are considered in 
establishing the overall rating, as discussed earlier, but the ADR of 
the structure will not wholly depict the deterioration rate in any par
ticular subcomponent rating. The inspection priority must ensure 
that a "weak link" in the structural system does not develop over the 
normal inspection cycle. To account for this potential oversight, the 
deterioration rate in the subcomponent, or SDR, shall be considered 
a factor in establishing an inspection priority for the structure. 

The SDR is a strong indicator of the rate of deterioration but is 
not wholly indicative of the condition of the overall structure and 
thus will receive an importance value of: 

TABLE4 Percentage of Bents Requiring M aintenance 

Age Group All Materials c oncrete Steel Timber 

All Ages 9.67 5.92 5.63 12.1 
[Oto 20] 5.95 2.67 0.00 10.7 
[20 to 40] 7.22 3.45 16.7 10.3 

[40+] 20.6 21.7 * 19.7 

* Insufficient data. 
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lsoR = 5.00 (23) 

Following the same rationale as with the ADR factor, the signif
icance of SDR will follow the breakdown: 

SsoR = 1.00 for SDR < 0.010 

SsoR = 2.00 for 0.010 ::;; SDR ::;; 0.030 

SsoR = 3.00 for 0.030 < SDR ::;; 0.075 

SsoR = 4.00 for 0.075 < SDR ::;; 0.200 

SsoR = 5.00 for SDR > 0.200 

(24) 

(25) 

(26) 

(27) 

(28) 

The high concentration of bridges experiencing much-higher
than-average deterioration within the coastal regions will be con
sidered in the general 13 1 factor. Coastal structures will be defined as 
elements which, according to LDOTD data base latitude and longi
tude descriptions, fall at a latitude of less than 30 degrees north lat
itude for longitudes between 91 degrees 30 min west and 94 degrees 
west, or at a latitude of less than 29 degrees 30 min north for longi
tudes between 89 degrees west and 91 degrees 29 min 59 sec west. 

The relative increase in the deterioration of structures along the 
coast is substantial (ten times larger in some cases) compared with 
similar structures located inland, which should, on average, require 
a decrease in inspection cycle and greater inspection priority. 
Consequently, the 13-factor for coastal structures will increase the 
priority by 25 percent for all applicable factors such that 

13 1 = 1.25 for coastal structures (29) 

Similarly, the 13rfactor will incorporate the correlation between 
the substructural rating assigned by the inspector performing the 
biennial above-surface bridge evaluations (SSR) and the factored 
overall underwater condition rating (FOVR) derived from the diver 
evaluation of the same timber bent. The ratio of SSR and FOVR 
may thus be utilized to determine the 132-factor, such that 

FOVR 
132 = SSR for age-grouped timber (30) 

The 13rfactor should be applied only if it increases the priority 
rating (i.e., is greater than 1.0) and, since the correlation between 
SSR and OVR was marginally significant (recall 0.746 > p > 
0.877.), the factor should be limited to a reasonable value of 1.2: 

1.0 ::;; 132 ::;; 1.2 (31) 

The contribution of a single structure to the integrity of a bridge sys
tem is established by transportation officials on consideration of the 
bridge's traffic volume, physical dimensions and alignment, load rat
ing, detour length, district priority, functional classification, age, and 
prior appraisal ratings. Utilizing a weighted point system, LDOTD 
engineers determine the bridge replacement priority and record the 
four-digit numerical evaluation on the Structure Inventory and 
Appraisal (SIA) sheet maintained for each bridge in the state system. 

Because all bridge structures undergo the same replacement pri
ority policy, there is no need to normalize the DOTD rating; thus 
the value itself will define the 13 3-factor representing bridge criti
cality to the bridge network. To allow for the comparison of rela
tive priorities independent of the bridge replacement priority, how-
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ever, the routine will output priority rankings inclusive and exclu
sive of replacement priority (P. and Pe', respectively). Retrieving 
the state priority point rating from the SIA sheet, the 13rfactor may 
be simply established as 

133 = state priority rating (32) 

BRIDGE INSPECTION PRIORITIES: 
DECISION FLOW PROCESS 

A sequence of operations used to develop importance, significance, 
and 13-factors and the resulting bent inspection priorities for 
Louisiana bridges is outlined in Figure 1. The decision flow fol
lowed a basic four-step prioritization process: 

1. Retrieval of electronically stored bridge inspection 
data/descriptive information; 

2. Division of the data set by age/material/structure-type subsets; 
3. Internal computation of bridge regression behavior and the 

logical assignment of pertinent weighting factors; and 
4. Generation of a singular underwater bridge inspection priority 

value with and without the replacement priority considerations 
(referred to as the "priority rating" and "priority factor," respectively). 

During the computational process, the system searched for and 
flagged unusually low rating values in addition to calculating prior
ity rankings. The actual value of P. is of little significance in itself 
but it does provide a standardized measurement for comparing the 
deterioration of a mixed population of bridge bents. In combination 
with the listing of critical subcomponent ratings, the priority value 
will allow bridge maintenance planners to plan both the level and 
interval of future underwater inspections. 

CONCLUSIONS 

The use of computers to store bridge inspection results has allowed 
meaningful statistical comparisons of the data thanks to the ease of 
data retrieval and mathematical manipulations. In the preceding dis
cussion of deterioration in underwater bridge bents in Louisiana, 
computerized analysis has shown the rate of underwater decay to 
vary during the structure's lifespan and to be related to one or more 
of a set of bridge descriptive parameters. 

Timber bents have· demonstrated a strong correlation between the 
substructural condition assessed during biennial above-surface sur
veys and the underwater condition rating assigned by the diver. The 
strong correlation between these ratings can allow bridge engineers 
to use the frequent above-water surveys as a tool for determining 
the possible existence of subsurface deterioration in bridges using 
timber bents. 

In Louisiana, bridge location must be considered when deter
mining a bent' s propensity for underwater deterioration. Environ
mental conditions found along the coastal regions of the state were 
shown to adversely affect the rate of change in underwater condi
tion rating. 

Taking all these observations into account, a decision flow 
process has been presented that permits the numerical assessment 
of underwater bridge inspection priorities given the results of the 
underwater inspections along with certain bridge descriptive para~-
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FIGURE 1 Decision flow process for establishing underwater bridge inspection priorities. 
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eters. The use of such a process, in conjunction with the current 
experienced-based method of determining inspection priorities, will 
allow the limited funding for future inspections to be allocated in 
the most effective manner. 

Still, further investigations using the results of future underwater 
inspection programs on the same bridge population are warranted 
to support the relationships presented in this paper. The methodol
ogy followed in determining the structural decay characteristics for 
bents should also be applied to both piers and abutments to ascer
tain the variations in behavior based on structure type. Moreover, 
future investigations using the results of underwater inspections 
need not be limited to the area of structural decay. The same 
research methodology can be applied to develop a scour propensity 
rating based on known parameters that can be proven to affect the 
structures' scour condition rating. 

This study provides a framework for a subset of a bridge man
agement system related to underwater bridge components. Using 
the Louisiana inspection ratings and focusing on material degrada-
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tion of bents only, all bridges in this subset were prioritized. With 
only minor changes in the type of data considered, the same 
methodology can be used to include all bent and pier types, as well 
as the effects of stream bed scour. 
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Creep Analysis of Hybrid Integral Bridges 

K. A. SIROS AND C. C. SPYRAKOS 

A state-of-the-art three-dimensional (3-D) model is developed and uti
lized for nonlinear creep analysis of composite (steel stringer-concrete 
slab) integral bridges. The results of the analysis are evaluated and com
pared with results of an equivalent two-dimensional (2-D) linear creep 
analysis. The rate of creep method and the age-adjusted effective mod
ulus method are employed for the 3-D and the 2-D analysis, respec
tively. Two typical structural systems are analyzed: a single-span bridge 
(15.24 m) and a two-span bridge (2 X 34.75 m). Change of stresses with 
time at critical points of the bridges are shown and comparisons of the 
2-D and the 3-D analyses are included. Evaluation of the results with 
respect to the behavior of integral bridges is presented. 

Comparison between the two major forms for highway bridges, 
integral (or jointless) versus jointed, has shown that the former pre
sent several important advantages, including reduced construction 
and maintenance cost, as a result of elimination of joints. This is 
because bridge joints are expensive to purchase and install, and con
tinuous maintenance is needed to keep them working properly (J). 

The first integral bridges were designed after 1956. At the begin
ning, they were short in length and designed with precautions. Until 
1985, the maximum length for integral concrete bridges had 
increased to 282 m and for those with steel superstructure to 127 m. 
In Tennessee it has become policy that "all bridges shall be contin
uous from end to end, and there shall be no intermediate joints 
introduced in the bridge deck other than cold joints required for 
construction" (2). 

Bridges are subjected to various loading conditions, such as self
weight, temperature, and creep. The stresses caused by such load
ings result in different total stresses for the jointed and the integral 
bridges. For example, a simply supported bridge develops higher 
stresses at midspan than does an indeterminate frame-type structure 
caused by dead and live loads, whereas stresses caused by thermal 
expansion or contraction in a simply supported bridge are much 
smaller (if at all) than those developed in the indeterminate system. 

Several integral bridges have been built during the last few years 
in many states. Nevertheless, there is still no final and complete 
answer to what makes those bridges work efficiently and survive 
the high stresses that are supposed to develop. In a comparison of 
integral and jointed bridges Siros and Spyrakos (3) have shown that 
the change of bending moments because of creep in an integral 
bridge can be up to three times smaller than that in a jointed bridge. 
This fact, possibly being part of the answer, was the motivation for 
further investigation of creep stresses that develop in an indetermi
nate composite bridge. 

A three-dimensional (3-D) model was developed and the rate of 
creep method (RCM) formulation was utilized in a step-by-step 
computer analysis. The age-adjusted effective modulus method 
(AEMM) was also used in a linear two-dimensional (2-D) analysis. 

Department of Civil Engineering, Constructed Facilities Center, West Vir
ginia University, Morgantown, W.Va. 26505-6103. 

Stresses at the top of the concrete slab and at the bottom of the steel 
stringer were calculated for several critical points along the bridges. 
Stress versus time plots are shown, and comparisons are presented 
between the 3-D and the 2-D analysis. 

STRESS-STRAIN RELATIONSHIP 

A concrete member that is subjected to a constant load exhibits con
tinuous change of strain over time at each point because of creep. 
The creep law that describes this behavior is a function of time, 
strength of the material, and stress at each time. 

One of the most widely accepted methods ( 4) for the calculation 
of creep in concrete, the RCM, is utilized here for the 3-D analysis. 
This method is mathematically attractive because it formulates the 
creep problem as a simple first-order differential equation, and 
therefore a step-by-step analysis can be easily carried out. 

Gilbert (5) has utilized both the RCM and the AEMM to calcu
late creep stresses for a composite cross section, when the internal 
forces acting on the section at a certain time are known. When the 
structure is indeterminate, however, creep causes change of the 
reactions and the internal forces in the structure with time. Ghali ( 6) 
presents a methodology for 2-D creep analysis of indeterminate 
structures, which is also employed here for the 2-D analysis. 

Bazant (7) discusses the multiaxial stress case for the AEMM. 
The analysis of bridges as 3-D structures is performed with the 
RCM. The formulation as it is given in the literature cannot be used 
directly with FEM analysis packages, and therefore a conversion is 
required. 

In finite element analysis, the 3-D state of stress is taken into 
account by calculating the equivalent total strain at each time step 
as follows (8): 

(1) 
3 ( )2 3 ( )2 3 ( )2] in + 2 '"Yx.v + 2 '"Y.vz + 2 "vzx 

where ex, ey, and ez are the axial strains in the x, y, and z directions, 
respectively, and 'Yx>" 'Yyz• 'Yzx are shear strains in the respective 
planes and directions. 

According to the RCM, the rate of creep strain at time t is a func
tion of the stress, rr(t), the creep coefficient derivative, <!>' (t,t0 ), and 
the modulus of elasticity of concrete at the present time, Ee (t0 ), that is 

(2) 

In this creep formulation, the aging of the concrete is ignored. 
Therefore creep may be overestimated for old concrete, but when 
the load starts acting soon after casting the concrete, the method 
gives good results. 
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The modulus of elasticity Ee(t) of concrete varies also with time 
according to Equation 3 but should be taken as constant equal to 
E(28) to arrive at a procedure that is computationally manageable. 
Note that in 28 days the concrete has gained about 90 percent of its 
strength. Ee (t) is computed from 

Ee(t) = E(28) 
(4 + 0.85t) 

(3) 

The American Concrete Institute (9) Committee 209 suggests 
that <!>(t) for t0 = 7 days be taken as 

[ 
t0.6 ] 

<!>(t) = <!>u 10 + t0.6 (4) 

with <l>u = 2.35ge and ge = g,a gh gvs 

where g1a- gh, and gvs are constants that depend on age of loading, 
humidity, and ratio of volume to surface of the member, respec
tively. For constant humidity of 40 percent, age of loading of 7 days, 
and ratio of volume to surface of 1.5, ge is equal to 1 For practical 
applications the estimation of this factor involves many uncertain
ties because humidity and temperature in the air change continu
ously with time. 

NONLINEAR ANALYSIS 

The analysis starts with the application of the self-weight or any 
equivalent sustained load on the structure. The time of application 
of the load t0 is assumed to be at 7 days. The duration of the load
ing is taken as 100,000 days. This time is required until the creep 
coefficient reaches the assumed ultimate value <!>u = 2.5. 

According to Equation 4, <!> = 2.4 fort= 10,000 and<!>= 2.475 
for t = 100,000. From Figure 1 it is clear that the change of<!> after 
the 100,000 days is slow and therefore the predicted creep will be 
small. From the same figure it can be seen that the change of strain 
is fast during the first 500 days and consequently a small time step 
is needed for the first period to reach convergence. 

In finite element analysis, the creep formulation is based on the 
constitutive law (JO): 

(5a) 

where Ci. c2, and c3 are constants. Therefore, Equation 2, corre
sponding to the RCM, must be converted into this form. 

2.5 ... c: 2 u ·o 
e 1.5 u 
0 
() 

Q. 
u 
u 

0.5 ... 
() 

0 

0 5000 10000 15000 20000 

time (days) 

FIGURE 1 Creep coefficient versus time. 
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For each interval, as defined between the squares in Figure 1, 
Equation 4 can be expressed as 

(5b) 

where a and N are constants calculated by linear regression analy
sis (1 I). The constants N and a depend on the duration of each 
interval, which should be small enough so that the coefficient of 
variation r 2 is close to 1 (J 2). 

The first derivative of this equation with respect to time is given 
by 

<!>' = NatN-i (6) 

Substituting Equation 6 into Equation 2 the following is obtained: 

I ( ) - cr(t) M N-1 
Ber t,t0 - Ee(to) 1vat (7) 

or 

, (t t) = Na (t)tN-1 
Ber , o Ee(to) CT 

(8) 

and finally, 

(9) 

where 

C3 = N- 1 (10) 

The constants Ci. c2, and c3 describe the creep low for a given<!>, 
t°' and Ee(t0 ) and can be incorporated into well-documented finite 
element analysis programs such as AN SYS (13) and ABACUS (14 ). 

The creep strain increment ~Ber = e;r * ~t is then calculated and 
added to the elastic strain. The new stress level is calculated at each 
point, and the procedure is repeated by calculating the next creep 
strain change. At each step the ~ee,/eer is calculated and the time 
step size is increased when the ratio is smaller than a predefined cri
terion, which for most practical applications can be taken as 0.25 
(8). During the initial period though, when the creep strain rate is 
high, this ratio should be kept below 0.10 by increasing the number 
of iterations or decreasing the time step size. 

THREE-DIMENSIONAL ANALYSIS 

In the process of developing the 3-D model, many modeling aspects 
were considered, such as size and aspect ratio of elements, and com
bination of various types of elements (15). The model utilizes four 
node isoparametric plate elements with 6 degrees of freedom ( dof) 
per node to simulate the concrete deck and the bridge abutments. 
Beam elements with six dof per node model the steel stringers and 
are connected to the plate elements of the slab with small and stiff 
fictitious beam elements (Figure 2). Close to the abutments and 
intermediate supports, more elements are used as a result of the 
anticipated higher stress gradient. At those regions, triangular ele
ments are also used for gradual element size increase. A model with 
the minimum number of elements is essential in nonlinear analysis 
because of the substantial processing time. Therefore modeling 
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PLATE ELEMENTS 

FIGURE 2 Detail of the 3-D model: abutment and deck. 

rules and various alternative modeling schemes were employed 
toward this goal with minimum loss of computational accuracy. The 
number of the stiff fictitious connectors as well as their stiffness had 
to be kept at a minimum to avoid numerical instability. The size of 
the elements was also properly chosen at each point to satisfy size 
and aspect ratio requirements. A detailed discussion of the model
ing considerations is given by Spyrakos (16). Special emphasis has 
been given to proper modeling of the boundary conditions. Simula
tion of the boundary conditions that is not accurate may result in 
small errors in a linear analysis. However, in nonlinear analysis 
caused by the multiple steps the error is accumulated. 

A small creep (practically 0) was given for the time 0 to 7 days 
because nonzero values are required by the iterative algorithm. 

The ultimate creep coefficient varies from 1.35 to 4.15 (9), but 
for most practical applications it ranges from 2 to 2.5. The aging 
coefficient (X) varies from 0.774 to 0.8 for<!> = 2.5 and variable Ee 
and from 0.839 to 0.899 for constant Ee (7). 

EXAMPLES 

Example 1 

A single-span bridge is analyzed first. Figure 3 shows the geometry 
of the structure. The material and geometric properties correspond
ing to one stringer are given as follows: 

Steel: 

Est= 200 GPa lsr = 0.00278 m4 

20.32cmI 

38.95 cm I 
38.95cm I 

Ast = 0.02806 m2 

228.6 cm 

cg 

Concrete: 

Ee= 30 GPa loco/ = 0.03487 m4 Abutment thickness = 0.5677 m 

<f>(oo,7) = 2.5 X( oo, 7) = 0.8 Self-weight= 18919 Nim 

The 2-D analysis is carried out according to Ghali and Favre (6), 
and the results are shown in Table 1. Results from the 3-D analysis 
are shown in Figure 4a and b. Stresses are calculated at midspan and 
the end of the deck. Negative stresses are compressive, whereas 
positive ones are tensile. 

Example2 

The second example is a two-span bridge built in Iowa. The middle 
support is simulated here as a hinge. The total self-weight of the 
structure per stringer is 21 315 Nim. The dimensions and the geom
etry of the bridge are shown in Figure 5. The material and geomet
ric properties are as follows: 

E,t = 200GPa 1st = 0.008625 m4 Ast= 0.03129 m4 

Ee= 23.255 GPa le0 1 = 0.28525 m4 Abutment thickness = 1.0668 m 

<f>(oo,7) = 2.5 X( oo, 7) = 0.8 Self-weight= 21 315 Nim 

Results for three sections are listed for the first span of the bridge, 
the end of the deck, the midspan, and the center of the bridge (hinge 
location). Because the structure is symmetric the results are identi
cal for the second span _(see Figure 6 and Table 2). 

FIGURE 3 Geometry of the single-span bridge. 



TABLE 1 Creep Analysis for Single-Span Bridge: 2-D versus 3-D 

LOCATION I 
ABUTMENT I 

MIDSPAN I 

ABUTMENT I 
MIDSPAN I 
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' 0 
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FIGURE 4 Stresses versus time, single-span bridge: (a) at the top of the concrete slab; (b) at 
the bottom of the steel beam. 
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FIGURE 5 Geometry of the two-span bridge. 
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FIGURE 6 Stresses versus time, two-span bridge (a) at the top of the concrete slab; (b) at the bottom of 
the steel beam. 
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TABLE 2 Creep Analysis for Two-Span Bridge: 2-D versus 3-D 

LOCATION CREEP2D CREEP3D DIFFER. DIFFER. 
<MPa) lMPa) (MPa) (O/o) 

TOP OF CONCRETE 
ABUTMENT -0.9724 -1.2000 0.2276 19 

MIDSPAN 1.1655 1.4552 0.2897 20 
HINGE -1.3379 -1.1517 0.1862 14 

BOTTOM OF STEEL 
ABUTMENT -13.3034 -11.3172 1.9862 15 

MIDSPAN 6.0620 5.1103 0.9517 16 
HINGE -12.4414 -12.3517 0.0897 1 

RESULTS AND DISCUSSION 

Two indeterminate composite structural systems are analyzed 
for creep: a single-span bridge (15.24 m) and a two-span bridge 
(2 X 34.75 m). The geometric and material properties are varied. 
Static and creep analysis are carried out with 2-D and 3-D models. 
Two creep analysis methods are used: the RCM and the AEMM. 
For the nonlinear analysis with the 3-D models the time step is 
varied. At the beginning, when creep was large, the step was small 
but was increased with time. 

Tables 1 and 2 show that despite the various approaches used 
(RCM and AEMM), the differences between the 3-D and 2-D analy
sis range from 4 to 26 percent for the first example and from 15 to 
20 percent for the second example. Usually the concrete stresses 
show higher differences because the comparison is between small 

numbers. From the results it is obvious that when the high stresses 
of steel are compared, the difference in percentage is smaller. 

Results from 3-D analysis are not always smaller than those from 
the 2-D analysis. Tables 3 and 4 show the relative significance of 
creep with respect to dead load stresses. Creep stresses in concrete 
are as high as 26 to 55 percent of the dead load stresses and in steel 
creep stresses are as high as 2 to 21 percent. 

In bridge design, dead load, live load, differential settlements, 
temperature, shrinkage, creep, and other effects are considered. It is 
understood that a fraction of the allowable stress of the material 
should be assumed to withstand the creep stresses. Therefore, a 
comparison of the creep stresses with the allowable stresses of steel 
and concrete provide an insight into how important creep is for 
jointless bridges. The creep stresses are only 1 to 9 percent of the 
allowable for the steel and 3 to 42_ percent for the concrete (Tables 

TABLE 3 Relative Significance of Creep With Respect To Dead Load Stresses: 
Single-Span Bridge 

LOCATION DEADLOAD3D CREEP3D CREEP/DL 
a MP a % 

TOP OF CONCRETE 
ABUTMENT 1.4965 -0.5724 38 

MIDSPAN -1.4069 0.6965 49 
BOTIOM OF STEEL 

ABUTMENT -26.3586 -5.4689 21 
MIDSPAN 25.6689 0.5931 2 

TABLE 4 Relative Significance of Creep With Respect To Dead Load Stresses; Two
Span Bridge 

WCATION DEADLOAD3D CREEP3D CREEP/DL 
(MPa) (MPa) (%) 

TOP OF CONCRETE 
ABUTMENT 3.6827 -1.2000 32 

MIDSPAN -2.6483 1.4551 55 
HINGE 4.3724 -1.1517 26 

BOTIOM OF STEEL 
ABUTMENT -111.1448 -11.3172 10 

MIDSPAN 58.9724 5.1103 9 
HINGE -133.1931 -12.3517 9 
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5 and 6). It is clear that the steel stresses caused by creep are 
insignificant, but the concrete stresses can be large. Notice though 
that the concrete stresses decrease as a result of creep. 

As discussed by Siros and Spyrakos (3), the moment change 
caused by creep is negative at all points along the deck, which 
implies that negative moments (supports) as a result of dead 
load will increase, but positive moments (midspans) will decrease. 
This was further verified with the present work, although moments 
are not shown but rather stresses are presented in the tables and 
figures. Also, the axial forces caused by creep should not be over
looked because they contribute to the formation of the total stresses 
at each point. 

The results in Tables 1 and 2 demonstrate that stresses at the bot
tom of the steel stringers increase as a result of creep, but stresses 
at the top of the concrete slab decrease. It should be noticed that this 
happens at all points along the superstructure-for example at 
points of negative moment (support) and at points of positive 
moment (midspan). 

Consequently, we can summarize that creep is additive to the 
dead load effect for the bottom of the steel but is acting beneficially 
at the top of the concrete by reducing both negative and positive 
stresses. Sometimes, however, the reduction of negative (compres
sive) stresses can be large enough to even change the sign and even
tually produce tensile stresses (17). In such cases reinforcing of the 
top surface of the concrete deck would be necessary. Even though 
creep stress in concrete can be as high as 49 percent of the dead load 
stress and theoretically may cause reversal of the sign of the initial 
stress, it has not been observed in the analysis of several bridges of 
various span lengths and geometries (18). 
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SUMMARY AND CONCLUSIONS 

Three-dimensional and two-dimensional analyses are performed to 
assess the creep effect on hybrid bridges with integral abutments. 
Two typical bridges with different dimensions and geometric and 
material properties are analyzed. Creep stresses at the top of the 
~oncrete slab and the bottom of the steel stringer are calculated for 
various ages with a 3-D nonlinear analysis. The results can be 
summarized as follows: 

1. The two types of analysis (2-D and 3-D) arrived at results that 
differ by 1 to 29 percent. Comparisons of steel stresses usually show 
smaller differences (1 to 24 percent) than do concrete stresses (11 
to 29 percent). 

2. Creep stresses as a fraction of the dead load stresses range from 
2 to 21 percent for the steel and 26 to 49 percent for the concrete. 

3. Compared with the allowable stresses of the materials, creep 
stresses consist of 1 to 9 percent for steel and 3 to 42 percent for 
concrete. 

4. Creep causes a small increase in positive and negative stresses 
at the bottom of steel stringers and a reduction in the tensile and com
pressive stresses at the top of the concrete deck. Designers should be 
alert because such reduction of compressive stresses may reverse 
them to tensile, in which case steel reinforcement is necessary. 
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TABLE 5 Creep Stresses Versus Allowable Stress of Each Material: 
Single-Span Bridge 

LOCATION CREEP3D ALLOWABLE CREEP/ALL. 
a MP a O/o 

TOP OF CONCRETE 
ABUTMENT -0.5724 3.6827 16 

MIDSPAN 0.6965 18.0689 4 
BOTTOM OF STEEL 

ABUTMENT -5.4689 140 4 
MIDSPAN 0.5931 140 

TABLE 6 Creep Stresses Versus Allowable Stress of Each Material: 
Two-Span Bridge 

LOCATION CREEP3D ALLOWABLE CREEP/ALL. 
(MPa) CMPa) (%) 

TOP OF CONCRETE 
ABUTMENT -1.2000 2.8552 42 

MIDSPAN 1.4552 10.8621 13 
BINGE -1.1517 2.8552 40 

BOTTOM OF STEEL 
ABUTMENT -11.3172 140 8 

MIDSPAN 5.1103 140 4 
BINGE -12.3517 140 9 
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Field Evaluation of Concrete Bridge Decks 
Reinforced with Epoxy-Coated 
Steel in Indiana 

HENDY 0. HASAN, JULIO A. RAMIREZ~ AND DOUGLAS B. CLEARY 

A field evaluation of a representative sample of six bridges in terms of 
traffic and environmental and salt exposure conditions was conducted 
to assess the in-service condition of concrete bridge decks reinforced 
with epoxy-coated steel in Indiana. The field condition assessment 
included (a) identification of any delaminated and spalled areas; (b) 
detailed mapping of the observed cracking; (c) identification of the con
crete cover and the underlying reinforcement; (d) core sampling with 
and without reinforcement to determine the compressive strength and 
unit weight, and (e) concrete powder sampling to determine chloride 
concentration at various depths. No signs of steel corrosion were found 
in the bar samples extracted from cores in the six bridges evaluated. 
The chloride concentration levels at the level of the reinforcement for 
all but two of the bridges were well above the commonly accepted 
threshold value at the level of the reinforcement. Evaluation of the field 
data revealed that, to date, the combination of adequate concrete cover 
and epoxy coating has provided a good corrosion protection system in 
Indiana. The sample included the first bridge in Indiana on which 
epoxy-coated reinforcement was used (1976). 

This paper presents the field phase findings from a research study 
sponsored by the Indiana Department of Transportation (INDOT) 
and FHW A. The field phase of this research study was aimed at the 
condition assessment of a representative sample of concrete bridge 
decks and slabs reinforced with epoxy-coated steel in Indiana. 

A total of six bridges throughout Indiana were selected for the 
evaluation. The bridges selected represent a cross section of envi
ronmental conditions, traffic, and intensity of salt application. The 
sample included the first bridge deck in Indiana reinforced with 
epoxy-coated steel. This bridge was built in 1976. The field study 
addresses the performance of decks supported on a more flexible 
system (steel girder) as well as more rigid support conditions (pre
cast, prestressed girders) and concrete slabs. None of the bridge 
decks included in the sample had been overlayed. The site selection 
was fully coordinated with personnel from INDOT. Evaluation of 
concrete core samples for compressive strength and concrete pow
der samples for chloride content was conducted by the Materials 
and Testing Division of INDOT. 

BRIEF DESCRIPTION 

The location of the bridges selected is shown in Figure 1. The first 
bridge selected for evalm1tion was built in 1985. The bridge is· 
located in downtown Indianapolis over the White River. The struc
ture is a six-span continuous composite steel box-girder bridge with 

School of Ci vii Engineering, Purdue University, West Lafayette, Ind. 4 7907. 

a maximum span length of 62.8 m (206 ft). This bridge represents 
the case of a deck on a flexible superstructure in the central part of 
the state subjected-to heavy urban traffic and severe deicing and salt 
exposure. The second bridge is located in downtown South Bend. 
The structure was built in 1983 and has a maximum span length of 
27.4 m (90 ft). The structure is a four-span continuous composite 
bridge deck supported ·on precast, prestressed AASHTO girders 
(Type IV). It represents a case of concrete bridge deck built on a 
more rigid support system. This structure is subjected to significant 
urban traffic and severe salt application. The third structure is located 
a few miles south of the city of South Bend. It was built in 1980 and 
consists of a three-span continuous welded girder bridge with com
posite deck subjected to heavy truck traffic and heavy salt exposure 
condition. The maximum span length is 18.9 m (62 ft). The fourth 
structure is a three-span skewed continuous reinforced concrete slab 
bridge built in 1985. The maximum span length is 14 m (46 ft). The 
structure is subjected to moderate traffic and moderate deicing salt 
application. The fifth structure is a three-span continuous bridge 
deck supported on continuous steel girders located in the city of Gary 
in the northern part of the state. This bridge was built in 1980 with a 
maximum span length of 19.7 m (64 ft 6 in.). The concrete deck was 
built using stay-in-place metal forms. The bridge is subjected to 
heavy industrial traffic with heavy deicing salt application. The sixth 
bridge deck selected is continuous for live load and supported on 
prestressed concrete I-beams (Type III). The bridge was built in 
1976, has three spans with a maximum span length of 22.5 m (73 ft 
9 in.), and is subjected to light to moderate truck traffic and moder
ate salt exposure. A summary of the bridge information and traffic 
data is presented in Tables 1 and 2, respectively. 

FIELD EVALUATION PROCEDURES 

The field evaluation included the following procedures: 

1. Identification of any delaminated and spalled areas by close 
visual inspection and the use of the chain drag procedure; 

2. Detailed mapping of the observed cracking on the top of the 
deck, as well as delaminated and spalled areas on the selected lane; 

3. Evaluation of the concrete cover using an R-meter (focused 
electromagnetic field) to ascertain concrete cover and to locate the 
underlying reinforcement; 

4. Core samples taken with or without reinforcement for evalu
ation of concrete compressive strength, concret~_cover, unit weight, 
and visual inspection of the conditions of the epoxy coating; and 

5. Concrete power sampled at selected points and at various 
depths for laboratory determination of chloride content. 
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FIGURE 1 Bridge locations. 

TABLE 1 Summary of Bridge Information 

Bridge No. Location County Bridge Type Span Max 

--
(m) 

40-49-7032 US-40 Marion Six-span continuous 62.8 
composite steel box 
girder bridge 

20-71-6538 US-2 St.Joseph Four-span continuous 27.4 
composite precast pre-
stressed AASHTO girder 

31-50-2540 US-31 Marshall Three-span continuous 18.9 
welded girder bridge with 
a composite concrete deck 

7-03-6797 SR-7 Bartholomew Three-span skewed 14.0 
continuous reinforced 
concrete slab bridge 

912-45-6599 SR-912 Lake Three-span continuous 19.7 
composite steel girder bridge 

7-40-6527 SR-7 Jennings Continuous prestressed 22.5 
concrete I-beam (Type III) 

Conversion Factors: 1 m = 3.281 ft. 

Traffic Deicing 
Salt 
Exposure 

Heavy Severe 
urban 

Significant Severe 
urban 

Heavy Heavy 
truck 

Moderate Moderate 
truck 

Heavy Heavy 
industrial 

Light to Moderate 
moderate 
truck 
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TABLE 2 Traffic Data 

Bridge A.D.T. A.D.T. 
(V.P.D.) Projected 

(V.P.D.) 

40-49-7032 27,530 44,390 
(1982) (2002) 

20-71-6538 11,015 19,825 
(1976) (1996) 

31-50-2540 17,080 29,480 
(1978) (1996) 

7-03-6797 5,680 9,770 
(1983) (2004) 

912-45-6599 14,800 25,250 
(1975) (1995) 

7-40-6527 2,200 4,420 
(1972) (1992) 

A.D.T. = Average Daily Traffic 
D. H. V. = Design Hourly Volume 
Conversion factors: 1 km/h = 0.622 mph 

During the field inspection, detailed mapping of delaminated and 
spalled areas as well as crack patterns were made. Crack widths 
were measured using a crack width comparator card. The delami
nated and spalled areas were identified by close visual inspection 
and with the aid of chain drag procedure. Positions of reinforcement 
were identified by using an R-meter. Core samples with or without 
elements from the top layer of reinforcement were then taken for 
laboratory investigation. The chloride contents were determined 
through the laboratory analysis of pulverized concrete samples 
taken from the deck. The· method used to determine chloride con
tent approximated the automated titrator method duplicating 
ASTM-Cl 14. Concrete powder samples were taken at various lev
els: Level A from 0 to 25.4 mm (0 to 1 in.); Level B from 25.4 to 
50.8 mm (1 to 2 in.); Level C from 50.8 to 76.2 mm (2 to 3 in.); and 
Level D from 76.2 to 100.6 mm (3 to 4 in.). Diameters of the holes 
for each depth are 31.75 mm (1114 in.), 25.4 mm (1 in.), 19.1 mm 
(3/4 in.), and 19.1 mm (3/4 in.), and 19.1 mm (3/4 in.), respectively. 

RESULTS 

Figures 2 through 5 show the crack patterns and the core and con
crete powder sample locations for one of the decks surveyed, Bridge 
7-40-6527. Similar information for the other bridges evaluated can 
be found elsewhere (J). The test results of core strength, calculated 
cylinder strength, unit weight, concrete cover, maximum crack 
width, and chloride content for all the samples of each individual 
bridge can be found elsewhere (J). A summary of the average value 
of these results for each bridge is indicated in Table 3. 
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D.H.V. Trucks Design Access 
(V.P.D.) Speed Control 

km/h 

3,995 D.H.V. 43 64 None 
(2002) A.D.T. 53 

1,190 64 None 
(1996) 

- D.H.V. 64 None 
103 
A.D.T. 17% 

977 113 -
(2004) D.H.V. 73 

A.D.T. 123 
3,170 97 Full 
(1995) -

- 80 
D.H.V. 73 
A.D.T. 173 

V.P.D. = Vehicles Per Day 
- Data Not Available 

None 

The average concrete cover ranged from 61to97 mm (6.1to3.82 
in.), and the maximum crack width ranged from 0.64 mm to 1.52 mm 
(0.025 to 0.060 in.). Inspections of the conditions of steel extracted 
from cores show no indication of rusting or debonding on any of the 
bars. The coating was difficult to remove with a knife. From visual 
inspection of samples from which the coating was stripped mechan
ically, no sign of under-film corrosion was observed. 

DISCUSSION OF RESULTS 

At the level of top reinforcement, except for the Marion and 
Bartholomew County bridges, the chloride content was found to be 
above the threshold value of 1.2 kg/m3 (2.0 lb/yd3) (2). This indi
cates that a potentially active corrosive environment was present. 
Inspection of the steel samples from coring showed no signs of cor
rosion or debonding of coating. The chloride content substantially 
decreased with every inch of increment in depth. This finding con
firms the importance of concrete cover in reducing the risk of steel 
corrosion. Similar results were reported by Mckeel (3). From the 
evaluation during construction and through 13 years of service of 
two bridges in Virginia, it was concluded that the combination of 
cover and epoxy-coated reinforcement provided excellent protec
tion against corrosion. In Mckeel' s study, no signs of significant 
corrosion and debonding of the coating were found despite the poor 
initial state of the coating and its exposure to the elements from the 
onset of construction until placement of the deck concrete. 

In addition to the concern over reduced bond to concrete of 
epoxy-coated steel, other significant issues concerning epoxy-
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TABLE 3 Summary of Results 

Average Values of Max 

Core Calculated Unit Concrete Chloride Content kg/m3 Level Crack 
Bridge No. Strength Cylinder Weight Cover Width 

Strength 

MP a MP a kg/m3 (mm) A B c D (mm) 

40-49-7032 41.64 35.39 2341 61 3.52 1.29 0.88 0.70 0.76 
20-71-6538 51.60 43.86 2423 32 8.41 4.22 2.21 2.36 0.64 
31-50-2540 44.99 38.24 2387 62 10.54 7.21 1.91 0.96 0.76 
7-03-6797 45.76 38.90 2483 97 4.24 1.66 0.65 0.47 0.89 
912-45-6599 39.14 33.27 2328 74 7.18 2.90 1.94 1.66 1.52 
7-40-6527 37.90 32.21 2384 77 8.96 5.04 2.96 1.63 1.27 

Note: Level A: 0 - 2.54 cm 
Level C: 5.08 

Level B: 2.54 - 5.08 cm 
Level D: 7.62 - 10.06 cm 

Conversion Factors: 1 MPa = 145 psi, 1 mm = 0.0394 in 
1 kg I m3 = 1.685 lb I cu.yd. 
1 kg I m3 = 0.0624 lb I cu.ft. 

coated steel are related to its durability. In the last few years, there 
has been serious concern about the effectiveness and long-term 
durability of the epoxy-coated steel as a corrosion protection sys
tem. Smith et al. ( 4) investigated seven bridge structures in the 
Florida Keys. Significant corrosion of the epoxy-coated rebars was 
observed in four of the five major bridge substructures. It was found 
that corrosion occurred both in fabricated and straight epoxy-coated 
rebars. Furthermore, coating after fabrication did not significantly 
improve corrosion resistance. Disbondment occurred in "perfect" 
condition bars and in the bars coated after fabrication. It was con
cluded that epoxy-coated rebar will not provide suitable long-term 
protection against corrosion in the marine splash zone. 

In 1990, Clear (5) stated that epoxy-coated rebar technology is 
flawed and will not ensure adequate long-term field performance in 
severe chloride environments, especially those involving continuous 
or frequent wetting of the concrete. The failure of the epoxy coating 
through means such as cathodic disbondment and the loss of the 
epoxy's insulative properties also have been reported. Clear con
cluded that the system "can no longer be considered a viable primary 
protective system for North American bridge structures in corrosive 
environments with expected maintenance-free lives in excess of 
about 15 years in northern environments or more than 5 years in hot, 
salty and moist southern exposures." Furthermore, he recommended 
against the continued usage of epoxy-coated reinforcing steel as the 
primary protection in adverse environments for structures for low
maintenance lives in excess of 5 years (southern) or 15 years (north
ern). Because of the controversy and the broad implications of the 
issue, the effectiveness and long-term durability issues of epoxy
coated bars have gained the attention of numerous researchers. 
Efforts are being made to gain a better understanding of the long
term durability and effectiveness of epoxy-coated bars (3,6, 7). 

SUMMARY 

A field evaluation of a representative sample in terms of traffic and 
environmental and salt exposure conditions of six bridges in Indi
ana has been carried out. The bridges in the sample ranged in length 

of service from 6 to 18 years. Data gathered in this field study pro
vided useful information with respect to the important issue of dura
bility of structures with epoxy-coated steel. The following are 
important findings: 

1. Chloride content is significantly decreased with increases in 
concrete cover. 

2. Except for two of the bridges, all of the other bridge decks sur
veyed were under exposure to chloride contents well above the 
commonly accepted corrosion threshold value at the level of the 
reinforcing steel. 

3. No sign of disbondment of the coating or corrosion 
was observed in the reinforcement extracted from the bridge decks 
surveyed. 

On the basis of the findings of this study, it can be concluded that, 
even after 18 years, epoxy-coated steel has had a satisfactory per
formance to date in Indiana bridge decks surveyed. Currently, Indi
ana follows AASHTO Specification M284 for epoxy-coated bars. 
The concrete used in bridge decks is a Class C concrete with cement 
content of 391 kg/m3 and a maximum water-cement ratio of 0.443. 
Wet curing for at least 96 hrs is required beginning immediately 
after initial set. 

RECOMMEND A TIO NS 

1. Adequate concrete cover should always be ensured. The chlo
ride content is substantially reduced with a small increase in cover, 
hence the corrosion risk substantially decreases. In addition, extra 
cover also provides improvement in the anchorage of the bars. 
Larger diameter ratios of cover to bar are recommended in harsh 

. environments to reduce the crack opening and should not be 
reduced with the expectation that the epoxy coating will be the sole 
corrosion protection system. 

2. Good construction practices, such as adequate inspection, and 
good finishing and curing techniques should be emphasized because 
they will lead to durable concrete. The use, proper manufacturing, 
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and handling of epoxy-coated bars are but a few of the aspects 
related to durable concrete bridge decks. 

3. More research is needed to clarify the long-term effectiveness 
and durability issues of epoxy-coated steel as a corrosion protection 
system for highway and bridge structures. In particular, the close 
inspection of bridge structures in the field should be continued to 
effectively assess the long-term performance of coated bars as a cor
rosion protection system. 
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Analysis of In-Service J ointless Bridges 

HEMANTH K. THIPPESWAMY AND HOTA V. 5. GANGARAO 

Jointless bridge systems are designed currently for primary loads only: 
for example, live load and dead load. The only secondary load that is 
considered while designing a jointless bridge is the temperature load. 
With respect to other secondary loads, such as creep and shrinkage of 
the superstructural material, it is assumed that the effects of creep and 
shrinkage are opposite in nature and cancel out each other. Designers 
have different opinions on earth pressure and settlement loads. To 
develop a proper explanation for jointless bridge behavior, a better 
insight into the performance of jointless bridges is needed in terms of 
primary as well as secondary loads. Five in-service jointless bridges 
were analyzed for primary and secondary loads by the state-of-the-art 
methods. The analytical data generated for one bridge are synthesized 
and presented. The discussion includes effect of primary and secondary 
loads, effect of secondary loads with respect to primary loads, and 
effect of different systems (boundary conditions) on stresses at various 
locations. The results reveal that the combination of integral stub abut
ment and a single row of piles makes the substructure flexible, thereby 
reducing the stresses at superstructure and abutment joint. The weak 
axis orientation of piles further reduces stresses at superstructure and 
abutment joint. The major contributor to total stresses is the tempera
ture load. Creep of superstructural material is helpful in reducing the 
stresses at some locations. Shrinkage relieves creep to some extent but 
not completely. Earth pressure causes negligible stresses at all locations 
in the bridge. Settlement stresses are considerable in multispan joint
less bridges. 

Jointless bridge systems are designed currently for primary loads 
only, such as live loads and dead loads (1,2). The only secondary 
load that is considered while designing a jointless bridge is the tem
perature load. Typically, a single row of piles with an integral stub 
abutment is used to accommodate horizontal expansion or contrac
tion as a result of temperature load. With respect to other secondary 
loads, such as creep and shrinkage of the superstructural material, 
it is assumed that the effects of creep and shrinkage are opposite in 
nature and cancel out each other. Designers have different opinions 
about earth pressure and settlement loads. However, there is no lit
erature available that addresses the effect of primary and secondary 
loads in terms of magnitude of stresses and deformations induced 
in jointless bridges. Although jointless bridges operate under very 
high secondary stresses, they are found to function extremely well, 
anq the distress has been nominal (3). To develop an appropriate 
explanation for jointless bridge behavior that would fit field data, a 
better insight into the performance of jointless bridges is needed 
under temperature, creep, shrinkage, settlement, and other forces. 

OBJECTIVES 

The objectives of this paper are to (a) identify the state-of-the-art 
methods of analysis for in-service jointless bridges; (b) prioritize 
loads for analysis of in-service jointless bridges; (c) present syn-

Constructed Facilities Center, West Virginia University, Morgantown, 
W.Va. 26506-6103. 

thesized analytical data that aid in understanding the behavior of 
jointless bridges; and (d) study the effects of primary and secondary 
loads, boundary conditions, and system flexibility on the stresses at 
various locations in the jointless bridge system. 

SCOPE 

Five in-service jointless bridges (Table 1) were analyzed by state
of-the-art methods of analysis. Because of space limitations, the 
results for only one bridge (Lone Tree Road Bridge, Iowa) are pre
sented here (Tables 2 through 5). The structural details were 
extracted from the drawings supplied by various state highway 
departments. The loads considered in the analysis were (a) dead load 
or self-weight (DL); (b) dead load plus creep of the superstructural 
material (DL + C); (c) live load (LL); (d) temperature gradient 
across the depth of the superstructure (TG); (e) uniform temperature 
across the depth of the superstructure; (f) uniform shrinkage of the 
superstructural material (SH); (g) differential settlement (SE); and 
(h) earth pressure (EP). These loads are schematically represented 
in Figure 1. After a thorough study, it was found that uniform tem
perature was unrealistic because it rarely exists in practice; because 
of this, uniform temperature load was omitted in later analyses. For 
each bridge and for each load case, several boundary conditions 
were considered. The boundary conditions were considered in such 
a manner that minimum to maximum system flexibility was 
achieved. The bridge superstructures considered for analysis were 
made of concrete deck stiffened with steel stringers. The abutments 
were of stub type. Four bridges were symmetrical and one bridge 
was unsymmetrical. Four bridges were skewed and one bridge was 
straight. The maximum skew occurred for a single-span bridge, and 
it was 20 degrees 29 minutes. In the analyses, the skew was ignored. 
More details about these five bridges appear elsewhere (4). Fur
thermore, the results in terms of internal forces and corresponding 
stresses were tabulated and evaluated. 

ANALYSIS METHOD 

In the past, two-dimensional frame models (5) included the flexural 
stiffness of piles, the axial and flexural stiffnesses of the deck and 
girders, and the axial and flexural stiffnesses of the integral abut
ment. Girton et. al. (b) reported that excellent correlation was 
obtained between the results predicted by the two-dimensional 
(2-D) frame models and the values measured in the field. The 2-D 
frame models are simpler in the sense that they use ordinary beam 
elements, and the preparation of the model is faster than for three
dimensional (3-D) models requiring higher-order elements. 
Another advantage of 2-D models is their suitability for paramet
ric study. In this paper, the jointless bridges are idealized and ana
lyzed as 2-D frame models. The age-adjusted effective modulus 
method was used for creep and shrinkage analysis. Thermal stress 



TABLE 1. Details of In-Service Jointless Bridges Analyzed ( 1ft=0.3 m; 1 in.= 2.5 cm; 1 psi= 6.89 kPa) 

Serial Name of the Location of Bridge Details 
No. Bridge the Bridge· 

1 Short Creek Road Brooke and Span: Single span of 110 ft.; Width: 40 ft.; No. of stringers and spacing: 6 with 106 in.; Skew angle: 
Bridge Ohio ounty, 2rl'-29'; Abutment height: 98 in.; Piles: Single row of HP 12x53; Pile orientation: Strong axis bending; 

West Virginia Design live load: HS 25-44; Concrete strength: 3.122 million psi for superstructure and 3.605 million 
psi for substructure. 

2 Lone Tree Road Black Hawk Span: Two-span of 114ft.-l 14 ft.; Width: 40 ft.; No. of stringers and spacing: 5 with 111 in.; Skew 
Bridge County, Iowa angle: 8°; Abutment height: 96 in.; Piles: Single row of HP 10x42; Pile orientation: Weak axis 

' 
bending; Design live load: HS 20-44; Concrete strength: 3.37 million psi for superstructure and 
substructure. 

3 South Saturn Maury Span: Two-span of 132.5 ft.-117.5 ft.; Width: 40 ft.; No. of stringers and spacing: 6 with 120 in.; 
Parkway County, Skew angle: 18°; Abutment height: 88 in.; Piles: Single row of HP 10x42; Pile orientation: Weak axis 

Tellllessee bending; Design live load: HS 20-44; Concrete strength: 3. 12 million psi for superstructure and 
substructure. 

4 Over Creek Road Jones County, Span: Three-span of 68 ft.-87 ft.-68 ft.; Width: 46 ft.; No. of stringers and spacing: 5 with 102 in.; 
Bridge South Dakota Skew angle: 0°; Abutment height: 73.5 in.; Piles: Single row of HP 10x42; Pile orientation: Weak axis 

bending; Design live load: HS 20-44; Concrete strength: 3. 6 million psi for superstructure and · 
substructure. 

5 Bridge Over Little Upshur Span: Three-span of 45 ft.-60 ft.-45 ft.; Width: 22 ft.; No. of stringers and spacing: 4 with 96 in.; 
Kanawha River County, Skew angle: 2rl'; Abutment height: 77 .2 in.; Piles: Single row of HP 10x42; Pile orientation: Weak 

West Virginia axis bending; Design live load: HS 25-44; Concrete strength: 3.8 million psi for superstructure and 
3.12 million psi for substructure. 

Note: The superstructure of all bridges is made of concrete slab composite with steel stringers. 

TABLE 2. Stresses at Superstructure and Abutment Joint in-Various Systems (1 ksi = 6890 kPa) 

Load Stresses (ksi) Remarks 
Case 

System A System B System C System D System E 

DL 0.382 0.353 0.353 0.0033 0.00113 The dead load stresses in Systems D ·and E are negligible because of the 
-13.16 -13.15 -13.15 -0.094 -0.0323 flexibility of the substructure. These Systems behave like simply 

supported structures. 

DL+C 0.272 0.219 0.219 0.00304 0.00104 The effect of creep is to decrease the top tensile stresses and to increase 
-14.67 -14.61 -14.61 -0.145 -0.0497 bottom compressive stresses. Creep effect is smaller in flexible Systems 

D and E when compared to stiffer Systems A through C. 

LL 0.301 0.286 0.239 0.00236 0.00081 The live load stresses in Systems D and E are negligible because of the 
-10.65 -10.65 -8.4 -0.0674 -0.0231 flexibility of the substructure .. These Systems behave like simply 

supported structures. 

TG 0.123 0.934 0.914 0.480 0.479 The top tensile stresses due to temperature gradient are lower in Systems 
-8.29 -8.58 -8.58 7.56 7.58 D and E. The bottom stresses in Systems D and E which are tensile in 

nature are within allowable stress values for steel. 

SH 0.239 0.0791 0.0791 0.0765 0.0759 Stresses due to shrinkage are negligible in Systems D and E. 
1.04 1.23 1.23 1.38 1.41 

SE 0.136 0.117 0.117 0.00119 0.00119 Settlement causes negligible stresses in Systems D and E. 
-4.37 -4.36 -4.36 -0.034 -0.0342 

EP 0.0006 0.0024 0.0052 0.057 0.0567 Earth pressure causes negligible stresses in all Systems. 
-0.0027 -0.0074 -0.1121 -1.43 -1.43 

TOTAL 1.07 1.62 1.57 0.62 0.62 The total stresses are lower in Systems D and E compared to other 
-36.93 -36.97 -34.82 7.31 7.46 Systems. During winter. these stresses are further reduced due to 

opposite nature of stresses caused by temperature gradient~ 
.. 

Note: Positive stresses md1cate tensile stresses. 
Total is the sum of DL+C, LL, TG, SH, SE and EP. 



TABLE 3. Stresses at Midspan of First Span in Various Systems (1 ksi = 6890 kPa) 

Load Stresses (ksi) Remarks 
Case 

System A System B System C System D System E 

DL -0.335 -0.357 -0.357 -0.342 -0.343 Top compressive stresses are nearly same in all Systems and bottom 
6.42 6.22 6.22 9.34 9.35 tensile stresses are higher in Systems D and E. Though, Systems D and 

E behave like simply supported structures, the intermediate support 
moment effect the midspan stresses. 

DL+C -0.188 -0.221 -0.221 -0.218 -0.219 The effect of creep is to decrease top compressive stresses and to 
6.93 6.11 6.11 10.24 10.26 increase bottom tensile stresses. 

LL -0.365 -0.376 -0.399 -0.390 -0.390 Top compressive stresses are nearly same in all Systems and bottom 
7.52 7.43 8.51 10.65 10.65 tensile stresses are higher in Systems D and E. Though Systems D and 

E behave like simply supported structures, the intermediate support 
moment effect the midspan stresses. 

TG -0.278 0.309 0.309 0.318 0.317 The top tensile stresses due to temperature gradient are almost same in 
2.59 7.91 7.91 12.00 12.01 Systems B through E and the bottom stresses due to temperature gradient 

are higher in Systems D and E compared to other Systems. 

SH 0.281 0.181 0.181 0.181 0.180 Stresses due to shrinkage are almost same in Systems B through E. 
-0.714 -2.99 -2.99 -2.92 -2.91 

SE -0.0394 -0.0559 -0.0559 -0.054 -0.054 Settlement causes negligible stresses in all Systems. 
0.513 0.362 0.362 1.46 1.46 

EP 0.00037 0.0015 0.0028 0.033 0.033 Earth pressure causes negligible stresses in all Systems. 
0.00373 0.017 -0.04833 -0.785. -0.786 

TOTAL -0.586 -0.161 -0.182 -0.131 -0.132 The total bottom stresses are higher in Systems D and E, and exceed 
16.85 18.83 19.85 30.64 30.68 allowable limits of steel. However, these stresses are reduced during 

winter due to opposite nature of temperature stresses. 

Note: Positive stresses indicate tensile stresses. 
Total is the sum of DL+C, LL, TG, SH, SE and EP. 

TABLE 4. Stresses at Pier in Various Systems (1 ksi = 6890 kPa) 

Load Stresses (ksi) Remarks 
Case 

System A System B System C System D System E 

DL 0.462 0.447 0.447 0.753 0.754 The top tensile and bottom compressive stresses are higher in Systems D 
-11.2 -11.39 -11.39 -15.41 -15.43 and E. 

DL+C 0.269 0.256 0.256 0.401 0.402 The effect of creep is to decrease top tensile stresses and to increase 
-12.26 -13.14 -13.14 -16.72 -16. 75 bottom compressive stresses. 

LL 0.325 0.315 0.311 0.517 0.518 The top tensile and bottom compressive stresses are higher in Systems D 
-7.51 -7.67 -7.89 -10.58 -10.59 and E. 

TG 0.044 0.452 0.452 0.812 0.813 The top tensile stresses are higher and bottom tensile stresses are lower 
9.68 14.49 14.95 10.24 10.24 in Systems D and E. 

SH 0.329 0.287 0.287 0.288 0.289 Shrinkage stresses are almost same in Systems B through E. 
-1.58 -4.01 -4.01 -4.02 -4.02 

SE -0.168 -0.179 -0.178 -0.082 -0.082 Settlement cause negligible stresses in System D and E. 
3.08 2.93 2.93 1.68 1.67 

EP -0.00007 0.00031 0.00055 0.0078 0.0078 Earth pressure causes negligible stresses in all Systems. 
-0.0011 -0.0055 0.0075 -0.084 -0.084 

TOTAL 0.799 1.13 1.13 1.94 1.94 The total stresses are higher in Systems D and E. The pier section of 
-8.59 -6.93 -7.14 -19.48 -19.53 jointless bridges have to be carefully designed for higher top tensile 

stresses. 

Note: Positive stresses indicate tensile stresses. 
Total is the sum of DL+C, LL, TG, SH, SE and EP. 
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TABLE 5. Stresses at Abutment Bottom in Various Systems (1 ksi = 6890 kPa) 

Load Stresses (ksi) 
Case 

System A System B System C System D System E 

DL -0.127 -0.0164 -0.0164 -0.0155 -0.0135 
0.0937 -0.0164 -0.0164 -0.0963 -0.115 

DL+C -0.289 -0.0162 -0.0162 -0.0167 -0.0139 
0.256 -0.0162 -0.0162 -0.0084 -0.011 

LL -0.067 -0.0109 -0.0107 -0.0102 -0.0089 
0.0457 -0.0109 -0.0107 -0.0059 -0.0073 

TG 3.03 -0.0064 -0.0064 -0.0026 -0.00203 
3.04 -0.0064 -0.0064 -0.000825 -0.0014 

SH -0.787 0.0015 0.0015 0.00042 0.0017 
0.787 0.0015 0.0015 0.00267 0.0019 

SE -0.0877 -0.0018 -0.0018 -0.00165 -0.0017 
-0.0839 -0.0018 -0.0018 0.00049 0.00049 

EP 0.0063 -0.000009 -0.000024 -0.0627 -0.0627 
-0.0063 -0.000009 -0.000024 0.0622 0.0622 

TOTAL 4.04 -0.092 -0.034 0.050 0.045 
1.80 -0.092 -0.034 -0.093 -0.088 

Note: Positive stresses indicate tensile stresses. 
Total is the sum of DL+C, LL, TG, SH, SE and EP. 

analysis was based on one-dimensional beam theory. More details 
on the methods of analysis can be found elsewhere ( 4). 

DIFFERENT SYSTEMS FOR ANALYSIS 

Lone Tree Road Bridge (Table 1) is analyzed as Systems A through 
E. The systems are schematically represented in Figure 2. Systems 
A through C idealize the bridge with spread footing type of foun
dation, whereas Systems D and E idealize the bridge with pile type 
of foundation. The maximum system stiffness is for System A, and 
the minimum system stiffness is for System E. In other words, Sys
tem A has minimum flexibility or larger restraint to movement, and 
System E has maximum flexibility or least restraint to movement. 
For discussion purposes, jointless bridges on spread footing are 
regarded as stiffer systems, and jointless bridges on pile foundation 
are regarded as flexible systems. 

RESULTS 

The internal forces and moments were determined for various load 
cases and at various locations, such as superstructure and abutment 
joint, midspan, superstructure at pier, and foundation level. The top 
and bottom stresses computed at the above locations included the 
effect of bending moment and axial force. Because of the length 
limitation of this paper, tables showing stresses for only one bridge 
(Lone Tree Road Bridge, Iowa) are presented here. More details 
about the results of other bridges are available elsewhere ( 4). A 
qualitative summary is presented in the following sections, and it 
includes the effect of primary and secondary loads, the effect of sec
ondary loads compared with primary loads, and the effect of vari
ous systems (boundary conditions) on stresses at these locations. 

Remarks 

The stresses due to dead load are negligible in all Systems. 

The effect of creep is significant in System A because of fixity. The 
final stresses (D L + C) are negligible in all other Systems. 

The stresses due to live load are negligible in all Systems. 

The stresses due to temperature gradient are significant in System A 
because of fixity. In all other Systems, the stresses are negligible. 

The stresses due to shrinkage are significant in System A because of 
fixity. In all other Systems, the stresses are negligible. 

Settlement induce negligible stresses in all Systems. 

Earth Pressure Induce negligible stresses in all Systems. 

The total stresses are higher in System A because of fixity. 
this System should be avoided for jointless bridges. 

STRESSES AT SUPERSTRUCTURE 
AND ABUTMENT JOINT 

Dead Load 

Therefore, 

Dead load produces considerable top tensile stresses in Systems A 
through C. These systems are founded on spread footings. The high
est tensile stress (382 psi; Table 2) is for System A. With those 
bridges resting on piles, top tensile stresses caused by dead load are 
found to decrease drastically. The decrease in tensile stresses caused 
by dead load is about 300 times that of when the foundation type is 
changed from spread footing to piles (System A through System E). 
For the same bridge, weak axis bending of piles results in 3 times 
lower stresses than strong axis bending of piles. The bottom com
pressive stresses in steel stringer are higher in bridges without piles, 
and the maximum value is about 13 ksi. The bottom stresses are low 
in bridges resting on piles. Weak axis orientation of piles further 
reduces the bottom stresses. On the basis of the above discussion, it 
is preferable to have jointless bridges on piles that bend about their 
weak axis. 

Creep 

Change in the internal forces as a result of creep is advantageous 
with regard to the top tensile stresses at the superstructure and 
abutment joint. The advantage lies in the fact that the top tensile 
stresses caused by dead load at the superstructure and abutment 
joint are decreased. The advantage caused by creep is maximum in 
stiffer systems and minimum in flexible systems. The maximum 
decrease in top tensile stresses at the superstructure and abutment 
joint is about 40 percent (bridges on spread footing), and the mini
mum decrease is about 10 percent (bridges on pile foundation). 
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FIGURE 1. Loads considered for analysis (continued on next page). 

Creep increases bottom compressive stresses in steel. However, the 
final stresses in bottom steel after an increase caused by creep are 
well within the allowable stresses for steel. 

Live Load 

Live load stresses at the superstructure and abutment joint are nearly 
40 percent of dead stresses. The trend oflive load stresses is the same 
as that of dead load. Therefore, the discussion presented above for 
dead load holds good for live load also. In conclusion, as far as dead 
and live loads are concerned, jointless bridges should be supported 
on piles that bend about their weak axes. This helps in reducing 
tensile stresses at the top of the superstructure and abutment joint. 

Temperature Gradient 

Stresses produced by temperature gradient at the superstructure and 
abutment joint are tensile in nature at top and tensile (flexible sys
tems) or compressive (stiffer systems) in nature at the bottom. The 
maximum top tensile stress is found to be about 900 psi in the case 
of stiffer Systems B and C. These stresses are reduced to nearly half 
in the case of a jointless bridge with pile foundation. Furthermore, 
the maximum bottom tensile and compressive stresses are found to 

be, respectively, 7.5 ksi (Systems D and E) and 8.5 ksi (Systems A 
through C). The temperature gradient is detrimental to the bridge in 
terms of producing considerable top tensile stresses at the super
structure and abutment joint. 

Shrinkage 

In a superstructural system composed of concrete slab and steel 
girder, there is nonuniform shrinkage through the depth, in the sense 
that concrete shrinks and steel does not, and this effect complicates 
the analysis. Shrinkage produces top tensile stress in the super
structure and abutment joint of all systems. Shrinkage produces 
considerable top tensile stresses in stiffer System A and negligible 
stresses in flexible Systems D and E. 

Settlement 

Settlement stresses are considerable in bridges resting on spread 
footing. The stresses are negligibly small in bridges resting on piles 
(Systems D and E). The effect of settlement is the same as that of 
primary loads in all the systems. The stresses are nearly one-fourth 
of dead load stresses in. stiffer systems (Systems A through C). 
Therefore, a pile foundation is preferable to avoid the development 
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of large stresses at the superstructure and abutment joint as a result 
· of settlement. 

Earth Pressure 

Earth pressure (active case) acts on one leg in the form of a point 
load and produces negligible stresses at all locations in all systems. 
The stresses are not going to be significant even if the active case is 
converted (three to four times greater) to the passive case. There
fore, the effect of earth pressure is insignificant and is not presented 
in future sections. Also, while designing a jointless bridge the effect 
of earth pressure can be ignored. 

Total Stresses 

Top total stresses in bridges resting on pile foundation are 2.5 times 
lower than the same stress in bridges resting on spread footing. The 
maximum top and bottom stresses in bridges resting on pile foun
dations are found to be around 600 psi and 7 .5 ksi, as against 1,600 
psi and 36 ksi in stiffer systems, respectively. The major contribu
tor to total stresses in flexible systems is the temperature gradient. 
A reverse temperature gradient in winter causes opposite stresses, 
which may be helpful in reducing the total stresses. 

STRESSES AT MIDSPAN 

Dead load 

Dead load produces compressive stresses at top and tensile stresses 
. at the bottom of the midspan section. The top compressive stresses 

at the midspan of the bridge with pile foundations are nearly the 
same as the stresses at the midspan of the bridge with spread foot
ings. The bottom steel stresses are higher in flexible systems than in 
stiffer systems (Table 3). The maximum top compressive stress for 
concrete and bottom tensile stress for steel are found to be around 
350 psi and 10 ksi in flexible systems and around 350 psi and 6 ksi 
in stiffer systems. 

Creep 

Top compressive stress caused by dead load at midspan section 
decreases as a result of creep. The maximum decrease in compres
sive stress is found to be nearly 40 percent. The dead load bottom 
tensile stresses increase because of creep. The maximum increase is 
less than 10 percent. 

Live Load 

Live load produces compressive stresses at top and tensile stresses 
at the bottom of the midspan section. The top and bottom live load 
stresses are nearly the same as those of the dead load stresses. 

Temperature Gradient 

Temperature gradient produces tensile stresses at the top and bottom 
of the midspan section for most of the systems. The tensile stresses 
produced by the temperature gradient are opposite those produced by 
gravity loads. Thus, temperature stresses nullify to some extent the 
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compressive stresses produced by the gravity loads. The highest top 
tensile stress is found to be around 320 psi (Systems D and E), and the 
highest bottom tensile stress is found to be 12 ksi (Systems D and E). 

Shrinkage 

Shrinkage produces tension at the top and compression at the bot
tom of the midspan section in all the systems. The stresses caused 
by shrinkage are opposite those produced as a result of dead and live 
load. As a result, stresses caused by gravity loads are nullified to 
some extent. This is an added advantage in jointless bridges. 

Settlement 

The top and bottom stresses vary from 10 to 20 percent of the top 
and bottom dead load stresses in the midspan. 

Combined stresses 

The sum of stresses caused by all loads indicates that the midspan 
section of flexible systems is subjected to a smaller compressive 
stress at the top and larger tensile stress at the bottom when com
pared with stiffer systems. The bottom tensile stress in flexible sys
tems is so high that it exceeds the allowable stress value in steel. A 
reverse gradient in winter would induce an opposite nature of 
stresses. This would decrease the bottom tensile stresses. The max
imum compressive and tensile stresses developed at the top and 
bottom are nearly 200 psi and 30 ksi, respectively. 

STRESSES IN SUPERSTRUCTURE AT PIER 

Dead Load 

The negative moment induced at the pier causes top tensile stresses 
and bottom compressive stresses. Most flexible systems have a dis
advantage too: they produce larger top and bottom stresses at the 
pier than those produced in stiffer systems. The increase in tensile 
stresses in flexible systems can be nearly twice those found in stiffer 
systems (Table 4). To counteract the high tensile stresses the fol
lowing may be necessary: additional reinforcement to confine con
crete over the pier; an increase in the deck thickness by means of a 
haunch over the pier, or prestressing the slab over the pier. 

Creep 

The top tensile stresses caused by creep in all bridge systems 
decrease by about 50 percent. The bottom compressive stresses 
caused by creep increase by a maximum of 10 percent. As stated 
earlier, superstructure section over the pier of the most flexible sys
tems is subjected to larger tensile stresses. These large tensile 
stresses are reduced to nearly half as a result of creep, thereby nul
lifying the tensile stresses to some extent. 

Live Load 

Live load stresses at the top of the deck over the pier are about 
25 percent greater than the top dead load stresses. However, bottom 
stresses are nearly 40 percent lower than dead load bottom stresses. 
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Temperature Gradient 

A temperature gradient produces tensile stresses at the top and bot
tom of all systems, which is somewhat detrimental to a jointless 
bridge system because it adds to the tensile stresses caused by other 
loads and increases the potential of cracking. The tensile stresses 
can be as high as 800 psi in concrete and 15 ksi in steel, as indicated 
in Table 4. 

Shrinkage 

Over a pier, shrinkage produces tensile stresses at the top and com
pressive stresses at the bottom in all the systems. This creates the 
worst scenario because the primary loads also produce tensile 
stresses at the top fiber and compressive stresses at the bottom. The 
top concrete may not be able to resist these tensile stresses and may 
crack. The crack thus formed may simulate over an artificial hinge 
at the pier. Because the abutment and superstructure joint acts like 
hinge because of large flexibility, the spans may behave as simply 
supported. The question then is whether jointless bridges should be 
designed as simply supported bridges. As discussed in earlier sec
tions, there is a decrease in tensile stresses caused by creep, whereas 
an inducement of tensile stresses is noted because of shrinkage. 
Therefore, shrinkage stresses cancel out each other to some extent. 
In other words, "creep relieves shrinkage." Therefore, the common 
design assumption that creep and shrinkage have opposite effects is 
a reasonable one. 

Settlement 

The top and bottom stresses developed over a pier as a result of set
tlement is opposite in nature to those stresses developed under dead 
loads and live loads. This causes a relief in stress by reducing the large 
tensile stresses caused by other loads at the pier. Because of settle
ment, the maximum top and bottom stresses are found to be nearly 
25 percent of dead load stresses. Therefore, stress reduction of a max
imum of 25 percent in dead load stresses over a pier is reasonable. 

Combined Stresses 

The total stresses over a pier are higher in flexible systems than in 
stiffer systems. The maximum tensile stress at a top fiber is found 
to be 2,000 psi, and the maximum compressive stress at bottom fiber 
is found to be 20 ksi. 

STRESSES AT FOUNDATION LEVEL 

Dead Load and Live Load 

With reference to stresses at the foundation level (footing level for 
bridges on spread footing-type foundations and abutment-pile junc
tion level for bridges resting on pile-type foundations), System A 
necessitates the design of footing for large stresses induced because 
of fixity. The placement of a hinge at the footing level causes the 
stresses to decrease greatly. Therefore, it is better to have a hinge 
between the abutment and footing to reduce stresses if a jointless 
bridge is built with spread footings. In the case of jointless bridges 
that rest on piles, the stresses in concrete at the point where piles are 
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fixed to the abutment are very small. Thus, there is no fear of 
concrete cracking or separation of abutment from piles. 

Creep 

The rigid spread footing (System A) is subjected to greater stresses 
compared with flexible spread footing (System B) because of the 
moment that develops as a result of support rigidity. A large 
increase in creep stresses is noted in the case of fixed footing, as all 
the internal forces are transferred to footing. An increase of nearly 
125 to 150 percent is found at the footing level in the case of Sys
tem A. Therefore, creep behavior is favorable for Systems B 
through E where hinged spread footings or piles are attached to an 
abutment. 

Temperature Gradient 

When compared with other bridge systems, the foundation stresses 
are the highest for System A. This is because of the fixity of the 
foundation, which develops large moment and axial force. All other 
systems are subjected to negligible stresses at the foundation level. 

Shrinkage 

Shrinkage stresses are negligible at the foundation level in all sys
tems except in the case of a fixed foundation. The restraint produced 
by fixity induces large stresses caused by shrinkage. The stresses at 
the joint between the abutment and piles are negligible, and there is 
no danger of cracking or separation. 

Settlement 

Settlement stresses developed at the foundation level are very small 
in all systems except for System A. The fixity at the foundation level 
in System A is the reason for the inducement of high stresses. For 
sites where settlement of soil strata is anticipated, it is better to have 
jointless bridges on piles, and the piles should be driven to reach 
hard strata. 

Combined Stresses 

The stresses are higher in System A than in any other bridge sys
tem, which is attributed to fixed boundary conditions. In all other 
systems, the total stresses are negligible. Therefore, System A 
should be avoided in the design of jointless bridges. The lower 
stresses at the junction of the pile and the abutment indicate that the 
junction is safe against cracking or separation. 

CONCLUSIONS 

From the synthesized analytical data, the following conclusions can 
be drawn: 

1. Combination of integral stub abutment and single row of piles 
to bend about their weak axis, makes the substructure flexible, and 
the jointless bridge behaves like a simply supported structure, with 
reduced stresses. 
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2. The major contributor to the total stresses is the temperature 
load. 

3. Creep of concrete is helpful in reducing the bending-induced 
stresses. 

4. Shrinkage relieves creep to some extent but not completely. 
5. Earth pressure causes negligible stresses at all locations in the 

bridge. 
6 .. Settlement stresses are considerable in multispan jointless 

bridges. 
7. The total stresses at the superstructure and abutment (resting 

on pile foundations) joint are lower than the stresses in bridges rest
ing on spread footings. The major contributor to total stresses is the 
temperature gradient. A reverse temperature gradient in winter 
causes opposite stresses, which may be helpful in reducing total 
stresses. 

8. When the total stresses are taken into account, the midspan 
section is subjected to smaller compressive stresses at the top and 
larger tensile stress at the bottom. The total bottom tensile stress is 
so high that it exceeds the allowable stress value in steel. A reverse 
gradient in winter would induce an opposite nature of stresses, 
which would decrease the high bottom tensile stresses. 

9. The top of the concrete deck over the pier is subjected to high 
tensile stresses. Additional reinforcement to confine concrete over 
the pier, increase the deck thickness by means of a haunch over the 
pier, or even prestress the slab over the pier may have to be adopted 
to counteract the high tensile stresses. 

10. At the foundation level, total stresses are higher in System A 
than in any other bridge system, which is attributed to a fixed 
boundary condition. In all other systems, the total stresses are neg
ligible. Therefore, System A should be avoided in the design of 
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jointless bridges. The lower stresses at the pile and the abutment 
joint indicate that the joint is safe against cracking or separation. 
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Computationally Efficient Method for 
Inclusion of Nonprismatic Member 
Properties in a Practical Bridge 
Analysis Procedure 

THOMAS E. FENSKE, Muzz YENER, DONGFA LIU, AND SUE MOORE FENSKE 

For purposes of bridge analysis, bridges typically are classified as either 
statically determinate or statically indeterminate. Continuous-span 
bridge structures, which generally are statically indeterminate, offer 
advantages over statically determinate, simply supported bridge sys
tems, such as lighter weight, low_er cost, greater stiffness, and smaller 
deflections. Therefore, most multispan bridge structures are designed to 
be continuous. In the past, one of the simplifying assumptions generally 
made during the bridge analysis process was that the bridge superstruc
ture members could be analyzed as prismatic members. This was 
primarily because of the computationally intensive nature of the calcu
lations necessary to include consideration of nonprismatic member 
properties. However, the widespread proliferation of the digital com
puter has eliminated the need for this particular analysis simplification. 
A comprehensive outline of a computer-based bridge analysis process 
that incorporates nonprismatic member behavior is prescribed. Appli
cation of this bridge analysis procedure is shown to be remarkably reli
able and accurate compared with theoretically exact analysis results and 
is considerably more accurate than utilizing a simple prismatic analy
sis. The analysis procedure presented is economical in terms of 
computational time and computer memory requirements and is a prac
tical alternative to currently used analysis methods that consider only 
prismatic member properties. 

Bridges can be classified in many ways: for example, by type of 
girders or by type of material. With respect to analysis, bridges typ
ically are classified as either statically determinate, for which all 
reactions and internal forces can be obtained directly from static 
equilibnum equations, or indeterminate, which requires a more 
sophisticated analysis. Continuous-span bridge structures, which 
are statically indeterminate (assuming the absence of interior 
moment releases), offer advantages over statically determinate, 
simply supported bridge systems. These advantages include lighter 
weight, lower cost, greater stiffness, and smaller deflections, as well 
as greater overload capability caused by stress redistribution. 

In the past, analysis of indeterminate, continuous-span bridge 
structures has been performed by applying analysis methods that 
make use of several simplifications. These simplifications include 
the use of the AASHTO wheel load distribution factor, the 
AASHTO load impact factor, and the assumption of prismatic 
member section properties, among others. The use of any one of 
these analysis simplifications can cause an error in the analysis 

T. E. Fenske, D. Liu, S. M. Fenske, Department of Civil Engineering, Uni
versity of Louisville, Louisville, Ky. 40292. M. Yener, Structural Engi
neering and Engineering Mechanics Division, Department of Civil and 
Environmental Engineering, Utah State University, Logan, Utah 84321. 

results, and using all of these can yield a significant discrepancy 
between the results of the simplified analysis and the theoretically 
exact values. 

Steps recently have been taken to provide means by which to 
eliminate some of these simplifications from the analysis of inde
terminate bridge structures. For example, NCHRP recently funded 
the development of a computer program to generate more accurate 
wheel load distribution factors. This program, LDFAC, calculates 
wheel load distribution factors using a finite element-based struc
tural analysis, which extends the range of applicability of the wheel 
load distribution factors by a wide margin and allows more reliable 
and accurate analysis results to be obtained for cases such as bridges 
with skewed supports, continuous spans, and bridges for which geo
metric parameters such as span length or girder spacing fall outside 
the range of simplified formulas (J). Additionally, in a study spon
sored by the National Science Foundation, the dynamic influence of 
moving vehicular traffic was investigated (2). In this study it was 
shown that the AASHTO load impact factor yields results that can 
be significantly in error and it presented an alternative method for 
including the effects of impact on bridge structures. 

This paper focuses on the minimization of error introduced into 
girder bridge analysis results as a result of making the assumption 
that all of the structural members behave as prismatic members. The 
nonprismatic behavior of bridge structural members was ignored in 
the past primarily because of the computationally intensive nature 
of the mathematical calculations. However, the widespread prolif
eration of the digital computer makes unnecessary a continuation of 
this analysis simplification. This paper presents the development of 
an analysis methodology that incorporates rapid and accurate dead 
and live load internal force evaluation for nonprismatic girder 
bridges. This analysis procedure is remarkably successful in signif
icantly reducing the error between the results of the bridge analysis 
procedure and the theoretically exact solution. 

TYPICAL BRIDGE ANALYSIS METHODS 

Classical methods, approximation methods, and numerical methods 
are the three types of analysis methods generally applied to civil 
engineering systems, including bridge structures. Classical analysis 
methods are based on the exact solution of the governing differen
tial equations of the system. However, the limitations of these meth
ods, which are applicable only to systems that possess relatively 
simple geometry, loading, and boundary conditions, restrict the 
usefulness to a narrow range of problems. 
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More complex problems are typically solved using an approxi- , 
mation method or a numerical method. Approximation methods 
include energy methods, such as the principle of minimum poten
tial energy; variational principles, such as the Galerkin method and 
the Ritz method; and perturbation methods. However, the applica
tion of approximate methods are limited to uncomplicated bound
ary conditions and si~ple variation of thickness. Also, it is impor
tant to remember that the use of an approximation method will yield 
just that-an approximate analysis solution. 

The numerical methods of analysis are based on the principles of 
finite elements and finite differences. Numerical analysis allows for 
a more accurate analysis than can be achieved using the approxi
mation methods and is applicable to a far wider range of problems 
than the other types of analysis methods. Numerical methods have 
been applied successfully to problems such as those that include 
tapered plates, circular plates, elements of varying thickness, and 
nonprismatic members. 

All three analysis procedures are currently being used in bridge 
analysis. A classical approach based on the flexibility method is 
used in most older programs with a constant flexural stiffness EI to 
generate influence lines. A numeric successive approximation 
method known as Newmark's method is used in several computer 
programs because of the ease and simplicity of implementation. A 
number of direct stiffness matrix analysis programs are available 
that use a moving load to generate influence diagrams. Several of 
these programs use the "transfer matrix" approach to reduce the 
demands on computer memory and computation time. The analysis 
approach introduced in this paper has proven to be more accurate, 
based on a one-dimensional analysis, and is significantly more effi
cient in terms of computer storage requirements and execution time. 

DEVELOPMENT OF GIRDER BRIDGE 
ANALYSIS METHODOLOGY 

The bridge analysis approach developed in the computer program, 
terqied GBRIDGE, consists of three segments: structural analysis 
based on the direct stiffness method, influence line generation, and 
determination of maximum moments and shears. 

The direct stiffness method of structural analysis uses the princi
ples of joint equilibrium and compatibility to solve for joint dis
placements. These actions and displacements are related through 
the matrix equilibrium equation 

[A] = [S][D] 

where 

[A] = action matrix of applied forces and moments, 
[S] = global stiffness matrix assembled from the member stiff

ness matrixes, and 
[D] = unknown displacement matrix. 

In a physical sense, the global stiffness matrix contains coefficients 
that represent the actions taking place at a node caused by a unit dis
placement of a member end. This matrix, along with the appropri
ate boundary conditions, is then used to calculate the actual dis
placements caused by the actual dead load and live load forces and 
moments by the solution of simultaneous equations. After the joint 
displacements have been found, the forces, stresses, and displace
ments at the internal analysis points and at material breaks can be 
calculated through application of superposition for the dead load 
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and superimposed dead load cases and through use of influence 
lines and superposition for the live load case. 

A unique feature of the GBRIDGE analysis procedure is the inclu
sion of nonprismatic member behavior. Indeterminate bridge mem
ber section properties vary as a function of the construction process. 
In the dead load condition, prismatic bridge girders, such as 
AASHTO prestressed beams, can be analyzed on the basis of pris
matic section properties before the hardening of the roadway deck. 
However, in the case of the composite bridge system, which has both 
positive and negative moment areas, the concrete roadway deck can 
contribute to composite action only in the positive moment area 
because concrete is effective only under compressive stress. In the 
negative moment area, the reinforcing steel can be considered in sec
tion property evaluation. Therefore, even in general continuous 
bridge systems with prismatic members, the bridge systems are com
posed of nonprismatic members if composite construction is used. 

Incorporating nonprismatic member properties into the bridge 
analysis procedure presents particular problems when employing 
the direct stiffness analysis approach. The direct stiffness procedure 
assumes a continuous shape (displacement) function or interpola
tion polynomial in formulating the element stiffness matrix. There
fore, this method can lead to exact answers only when the displace
ment of the member's neutral axis is continuous. The difficulty 
associated with using the direct stiffness method becomes apparent 
when it is recognized that virtually all girder bridges are composed 
of segmental, nonprismatic supportin'g girders. 

In the case of segmentally nonprismatic beams, any approximat
ing shape function that represents the entire girder length must be 
discontinuous. This is explained through examination of the 
moment-curvature equation 

in which 

y = displacement of the neutral axis, 
x = location at any point on the member, 

Mx = moment at location x, 
Ix = moment of inertia at location x, and 
E = modulus of elasticity at location x. 

In this equation, y represents the displacements caused by bending 
of the beam member's neutral axis as a function of the member's 
length. However, on either side of a material change, the internal 
resisting moment Mx is the same but the member's neutral axis loca
tion and moment of inertia are different, as shown in Figure 1. There
fore, any analysis formulation must account for this discontinuity. 

This discontinuity problem can be overcome provided that the 
girder is modeled by a series of prismatic beam elements. Each pris
matic segment can utilize a continuous shape function because, for 
each segment, the neutral axis location remains constant. This type 
of formulation requires the use of a large number of prismatic beam 
elements to obtain accurate analysis results. This segmental formu
lation requires a large amount of the available computer random 
access memory and requires considerably longer execution time to 
solve the greater number of simultaneous equations that result. 
Even when using the "transfer matrix" approach, considerable cen
tral processing unit time is required. This difficulty is overcome 
in the GBRIDGE analysis procedure by integration of classical 
beam theory employing numeric integration and the traditional 
displacement-based direct stiffness analysis. 
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FIGURE 1 Nonprismatic girder material change. 

Nonprismatic Stiffness Matrix 

The development of the nonprismatic element stiffness matrix can 
be divided into two parts: the flexural contribution and the axial 
contribution. The flexural contributions to the girder stiffness 
matrix assume that the girder is bent in a principal plane and the 
effects of shear deformations can be neglected. In addition, it is 
assumed that the angle change between two adjacent cross sections 
is small after bending has occurred. The nonprismatic element for
mulation process employs the classical analysis approach of super·
position in which the indeterminate structure is reduced to a stati
cally stable and determinate structure by removing the redundant 
end moments ML and MR. Thes_e redundant end moments then are 
reapplied and the resulting member end rotations are related to the 
fact that the actual rotations at fixed ends are 0. Manipulating the 
solution of the resulting simultaneous equations will yield the non
prismatic element stiffness matrix and the equivalent nodal forces. 
The flexural stiffness components are 

A 
BL 
-A 

(A-B)L 

where 

A = I I L(-1 ) dx 
L O Lfx 

B = ht(L~lx) dx 

BL 
CL2 
-BL 

(B-C)L2 

-A (A-B)L 
-BL (B-C)L2 

A -(A-B)L 
-(A-B)L (A -2B + C)L2 

and his the moment of inertia at the left end of the member, Lis the 
length of the member, and x is a variable location along the mem
ber length. 

The nonprismatic stiffness coefficients caused by flexure have 
been derived as closed-form integrals in terms of natural or global 
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coordinates. The formal integration of these coefficients is tedious 
and susceptible to error and, because each new girder would require 
individual evaluation, formal integration is neither practical nor 
efficient for computer implementation. Instead, numerical integra
tion is performed using Gaussian quadrature. The accuracy of this 
approach is shown via application to two illustrative problems 
shown in Figures 2 and 3; the results for each are given in Tables 1 
and 2, respectively. In the segmental nonprismatic beam problem, 
all of the results obtained by the various methods are identical; how
ever, the segmental beam approach (using three beam segments) 
required twice the amount of computer memory space and execu
tion time compared with the single nonprismatic element method. 
In the tapered nonprismatic beam problem, not only did the seg
mental approach (15 segments) require eight times more memory 
and execution time, but it was also considerably less accurate. 

The axial contribution to the element stiffness matrix is based on 
the standard displacement-based direct stiffness approach by 
employing the assumption of centroid segment alignment. The con
crete roadway system is neglected in considering axial effect, that 
is, only the supporting girders are considered to carry axial loads. 
Therefore, the axial stiffness components are 

ARE 1-1 -11 I Se=L 

I 
3.75' 

L 

FIGURE 2 Segmental nonprismatic 
beam example. 

FIGURE 3 Tapered nonprismatic beam example. 

TABLE 1 Solution Comparison for Segmental Beam 

Member 
End 
Left End 
Right End 

Theoretically 
Exact 
5.47 
5.47 

Member End Moments (ft-kl 
GBRIDGE Quadrature Traditional 
Solution FEM 
5.47 5.47 
5.47 5.47 
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TABLE 2 Solution Comparison for Tapered Beam 

Member 
End 
Left End 
Right End 

Theoretically 
Exact 
11.37 
10.28 

where A is the equivalent cross-sectional area, expressed as 

The complete element stiffness matrix is formulated by adding the 
two matrixes together. If the local element axes are not parallel to 
the global structure axes, the stiffness matrix coefficients must be 
adjusted to correspond to the global axes through the use of direc
tion cosines. Then, the global stiffness matrix for the bridge struc
ture is formulated by summing the element stiffness matrixes for 
each structural member. 

Structural Analysis 

Once the global stiffness matrix has been obtained and appropriate 
boundary conditions applied, the analysis is performed for each 
loading condition. These loading conditions, per AASHTO specifi
cations, are dead load, superimposed dead load, and live load plus 
impact. For the conditions of dead load and superimposed dead 
load, only the member end actions need to be computed. Once these 
member end actions are determined, the internal shears and 
moments at any point along the member can be evaluated directly 
from superposition, given the assumption of a uniformly distributed 
loading. The actual shears and moments for each analysis point for 
the dead load and superimposed dead load conditions can be calcu
lated using the following: 

(
Mn+ Mn+!) ( L ) 

Vap = Vx = L + w 2 - x 

Member End Moments (ft-kl 
GBRIDGE Quadrature Traditional 
Solution FEM 
11.39 11.74 
10.34 10.71 

which are developed from the illustrations indicated in Figure 4. Mn 
is the member end moment at the left end of the member, Mn+ 1 is 
the member end moment at the right end of the member, xis the 
location of the analysis point of interest, and Lis the member length. 

The analysis of the live load condition can be accomplished by 
using influence lines. An influence line shows the value of any 
action (shear, moment, deflection) as a result of a unit point load 
moving across the structure. (Note that the influence line unit load 
must represent the function sought at each analysis point, that is, a 
unit load for shear and a unit moment for moment.) In GBRIDGE, 
actual shear influence lines are used; however, the moment influ
ence line used is actually an analogous end-moment distribution 
line generated for each girder analysis point. The use of this 
end-moment distribution line as the moment influence line is an 
important feature of GB RIDGE. 

To develop the GBRIDGE live load influence lines, it is neces
sary only to obtain the end moments over the supports and apply 
distribution equations. The determination of member end moments 
can be accomplished by indirectly considering the effects of the 
fixed end moments for any specific unit loading. Final member end 
moment equations then can be developed for an arbitrary applica
tion of a 1,000 ft-k joint moment to each unrestrained rotational 
degree of freedom. The resulting end moments divided by 1,000 are 
the coefficients that, when multiplied by the fixed end moments, 
result in the true member end force. The fixed end moments are 
computed numerically for a unit load placed successively at each 
analysis point. Utilization of this analysis technique significantly 
reduces the computation time required in the evaluation of final 
member end moments for the multitudes of loads that must be con
sidered since only a relatively few analyses are performed on the 
basis of applied joint moments. Also, the required amount of com
puter memory needed to accomplish the analysis is minimized 

FIGURE 4 Analysis point forces for uniform loads. 
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because only the member end moments are stored, not the individ
ually calculated ordinate values for each influence line. Rather, the 
influence lines for each analysis point can be rapidly computed as 
needed. This approach is much less expensive in terms of compu
tation time and memory requirements. 
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x>L 

where 
On the basis of this approach, the true member end forces can be 

obtained for any loading condition without actually analyzing that 
loading condition. The ordinates for the moment and shear influ
ence lines can be easily evaluated using the following equations: Map and Vap = moment and shear ordinates at the analysis point 

of interest, 

x 
X ~ kL Mx =-Mn+ (Mn+I +Mn) L +(I - k)x 

x = location along the member length of the analysis 
point of interest, and 

kL = location of the applied load. 
Figure 5a and b shows examples of typical moment and shear influ
ence lines for a three-span continuous bridge system that has been 
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FIGURE 5 (a) Moment influence lines, (b) shear influence lines 
(continued on next page). 
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FIGURE 5 (continued). 

developed using the approach outlined above. The nonprismatic 
fixed end moment equations used in the dead load, superimposed 
dead load, and live load cases are shown in Figure 6. 

In addition to the efficient method developed for generating influ
ence lines, GBRIDGE also incorporates a technique for rapid inter
nal force evaluation. When the analysis point location and t~e posi
tion of the applied loading are in the same span, the internal force 
evaluation process is dependent on the analysis point position. If the 
analysis point is located farther than 0.2L away from the member 

x ~=-n 
x 

r=-~n. 
x 

6. 

ordlna. te loco. tlon 

ends, the maximum ordinate will be located at the location of the 
analysis point. However, if the analysis point is located within 0.2L 
of the member ends, then both positive and negative ordinate val
ues will occur along the span and both the maximum positive and 
negative values must be determined. 

A significant detail can be observed through study of Figure 5a 
and b. The location of the maximum ordinate for spans other than 
.the loaded span will not vary, no matter where the load is applied 
on the loaded span. The magnitude of the ordinate value will vary, 
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FIGURE 6 Fixed end moment equations. 

but not the location. This is because, in elastic analysis, the distrib
ution of loading is dependent only on the member properties. 
GBRIDGE makes efficient use of this phenomenon by storing the 
location of the maximum ordinates in the unloaded spans after the 
initial internal force evaluation. As a result, the maximum shears 
and moments in the unloaded spans can be calculated directly for 
each successive evaluation of the loaded span. 

The procedure for calculating maximum moments and maximum 
shears are identical to this point. In addition, both positive and neg
ative shear effects must be examined for absolution maximum shear 
load. Also, fatigue and shear stud spacing both are dependent on 

[ 
-w1

2 l Mc.= . 2 [BD-C2] 
2 (AC-B ) 

[ 
-wl 2 l MR= [AC-B 2 +BD-c 2 -AD+BCJ 

2 (AC-8 2 ) I 
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Pkl 
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.x 
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c. l (kl) I"' 

x dx 
F=I f c. 1 (kl) 2 I"' 

G=I f x 2dx 
c. l (kl) 3 I"' 

shear range (i.e., the maximum difference between positive and 
negative shear forces), which varies only slightly throughout the 
bridge system, as indicated in Figure 7. 

SUMMARY 

This paper has presented a comprehensive outline of an analytical 
bridge evaluation process that incorporates nonprismatic member 
behavior. This behavior is considered in the analysis through the 
development of nonprismatic element stiffness matrixes. Applica-
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FIGURE 7 Shear range. 

tion of this bridge analysis procedure is remarkably reliable and 
accurate, as shown in Figure 8, in which moment diagrams for a 
composite, two-span girder bridge are presented. These moment 
diagrams represent a comparison of the theoretically exact analysis 
results versus the results of the GBRIDGE analysis procedure plus 
a comparison of nonprismatic versus prismatic member analysis. 
The maximum percentage difference between the theoretically 
exact values and the GBRIDGE numeric solution is less than 1 per
cent. In addition, the maximum difference between the results 
obtained from a prismatic analysis and those obtained from a non
prismatic analysis is approximately 15 percent. This fact alone dra
matically underscores the need to incorporate nonprismatic mem
ber properties into the general bridge analysis process. 

CONCLUSIONS 

The GBRIDGE analysis procedure is a practical alternative to cur
rently used bridge analysis methods that consider only prismatic 
member properties. The GBRIDGE computer program is fully 
implemented and operational. The authors believe that the perfor
mance of the GBRIDGE program, in terms of accuracy of results 
and computation time, will impress the bridge designer when com
pared with other available software. To that end, the authors/devel
opers of GBRIDGE will be pleased to share a scaled-down version 
of GBRIDGE with any not-for-profit organization, such as a state 
department of transportation, which may be interested in testing 
GBRIDGE in practice. 
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Twenty-Five-Year Performance History of 
Interlayer Membranes on 
Bridge Decks in Kansas 

JOHN WOJAKOWSKI AND MUSTAQUE HOSSAIN 

Interlayer membranes installed on six different bridge decks in Kansas 
were monitored for the last 20 to 25 years. Electrical resistivity mea
surements and visual distress surveys were made on these bridge decks 
in 1982 and 1991. The visual distress surveys were supplemented by 
the condition rating and maintenance history data from the Bridge 
Management System data base of the Kansas Department of Trans
portation. (KDOT). The membranes installed represented the pre
formed system, liquid/preformed systems, and liquid system. Electrical 
resistivity measurements taken in 1991 were compared with those 
obtained in 1982. The results show that the general performance of 
interlayer membranes installed between 1967 and 1971 has decreased 
since the last evaluation· in 1982. However, the number of traffic car
ried by some of these decks has increased considerably. Two bridge 
deck membranes that have performed most effectively for the last 20 to 
25 years were both liquid/preformed systems. These membranes were 
nonwoven polypropylene fabrics with an asphaltic overlay placed as a 
wearing surface. The lives of a coal tar-modified polyurethane elas
tomer interlayer membrane and a nonwoven polypropylene fabric sys
tem on a very old bridge have been exhausted. The poorest performance 
was obtained from a preformed polypropylene and coal tar sheet sys
tem and a liquid membrane system. In the recent past, KDOT used 
membranes as part of the maintenance overlays in which weight restric
tions could not support concrete overlays. The agency now uses dense 

·concrete/silica-fume concrete bridge decks during new construction. 

Most bridge decks on the highways in Kansas are constructed of 
reinforcement portland cement concrete (RC) regardless of the type 
of bridge structure. The majority of these decks were designed to 
perform as both a structural unit and a wearing surface. Thus, dete
rioration of these decks usually result in poor riding quality and 
reduced structural strength, which eventually will make the bridges 
unsafe. The premature deterioration of RC bridge decks in Kansas 
was attributed to the spalling of concrete as a result of corrosion of 
reinforcing steel by chlorides from deicing salts (1). It was esti
mated that bridge decks in Kansas receive about 20 applications of 
salt per year at the rate of 369 kg/2-lane km (1,300 lb/2-lane mi) (2). 
Kansas experience also showed that corrosion of steel also resulted 
in horizontal cracks or delaminations as well as vertical cracks. 
According to Carl Crumpton of Kansas Department of Transporta
tion (KDOT) (3, p. 165): 

The wedding of concrete and steel was an ideal union and we used lots 
of reinforced concrete for bridge decks. Unfortunately, we began toss
ing salt to melt snow and ice instead of rice for good fertility. That 
brought irritation, tensions, and erosion of previously good marital 

J. Wojakowski, Materials and Research Center, Bureau of Materials and 
Research Center, Kansas Department of Transportation, 2300 Van Buren, 
Topeka, Kans. 66611-1195. M. Hossain, Department of Civil Engineeting, 
Kansas State University, Manhattan, Kans. 66506. 

relations. No longer could the two exist in blissful union; the seeds of 
destruction had been planted and the stage had been set for today's 
bridge cracking and corrosion problems. 

In the sixties, a study on bridge deck deterioration in Kansas con
sidered treatment on bridge decks to prevent intrusion of salts (1). 
Hot-mix asphalt overlays were unsatisfactory and were not recom
mended unless they were placed over a membrane. A formal study 
of performance of interlayer membranes on bridge decks began in 
1967 with an installation of polypropylene fabric on a 6-year-old, 
salted interchange bridge on rural I-70. A 3-mm (l/8-in.) overlay of 
cationic emulsion and crushed-chert-type chat aggregate was placed 
over this membrane. This installation marked the first time this pro
prietary membrane had been used on a bridge deck anywhere in the 
world. By 1970, the performance of this installation was satisfac
tory enough that ·from 1970 to 197 4 four different types _of mem
branes totaling nearly 10 000 m2 (12,000 yd2

) were installed on 
seven salt-contaminated bridges by KDOT. The 12-year perfor
mance history of these membranes has been reported before (4). 
This paper describes the 25-year performance of six of the eight 
membranes installed between 1967 and 1974. 

PROJECT DESCRIPTION 

Installation and Location 

Table 1 presents the types of interlayer membranes used on each 
bridge between 1967 and 1974. Data pertaining to each individual 
bridge is listed in Table 2. In 1983, a report was presented on the 
condition of these bridges (J). Each of the bridges had been exposed 
to varying degrees of traffic and weather before the placement of 
the membranes. At the time of membrane placement, these bridges 
were 16 to 35 years old. Some of the bridges had considerable seep
age of water from the bottom of the deck during rainy or snowy sea
sons. However, this condition did not recur after the membranes 
were placed (1). 

During the condition survey in 1983, the bridge decks showed 
some distresses, such as delamination, shallow spalling, and 
patched areas, but of very low severity. The appearance of the 
asphalt riding surface was generally satisfactory with the exception 
of some cracking. The shallow spalls were not patched before 
installing the membranes. This might have contributed to the crack
ing of the asphalt overlay. The membranes on Bridges B through G 
(Table 2) were 12 and 13 years old in 1983, whereas the membrane 
on Bridge H was 9 years old. During that time, they had been sub
jected to numerous salt applications for snow and ice control as well 
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TABLE 1 Interlayer Membrane Systems Used on Old Decks in Kansas 

NCHRP 165 System 
System No.a Type Description 

12 Preformed A pliable sheeting construction from 
polypropylene and coal tar placed over a 
primer; a hot-mix overlay covers the 
membrane 

52a Liquid/ An applied in-place nonwoven polypropylene 
preformed fabric with cationic emulsified asphalt; chat 

(chert) aggregate was rolled into CRS-2 
emulsion for the wearing course 

Same as 52a, except that the fabric was 
52b Liquid/ placed over a thin coat of AC-5 and covered 

preformed with a hot-mixed asphalt-concrete (AC) 
overlay 

A cold-applied, coal-tar modified, elastomeric 
67 liquid polyurethane with a 55-lb grade asphalt-

impregnated roofing sheet over it; all overlaid 
with 2.5 in. of hot-mix AC 

A coal-tar modified polyurethane elastomer 
cold-applied with catalyst (curing agent) 

80 liquid added before application; the material was 
covered with No. 40 asphalt roofing sheet, 
which was topped with a hot-mix overlay 

asee Table 9 of NCHRP Report 165 tll. 

TABLE 2 Membrane Installation Data 

1983 NCH RP Date Date Material Overlay 
Bridge 165 Mem- Bridge Installed Thick- Bridge 
ID System brane Cons- (yd2) ness Typeb 

No.a Installed tructed (in.) 

A 52a 1967 1961 112 0.125 RBGC 
B 12 1970 1936 700 1.5 Cont. I-Beam 
c 80 1971 1958 283 1.5 Cont. RC 
D 80 1971 1959 404 1.5 Cont. RCDG 
E 52b 1971 1953 254 2 Cont. RC 
F 52b 1971 1936° 1,035 2 RCDG 
G 80 1971 1936° 1,313 1.5 Steel I-Beam 
H 67 1974 1924d 7,700 2.5 RC slab and 

Cont. 

11as per Table 1 (Table 9 of NCHRP Report No. 165). 
b bridge types are: RBGC = reinforced box-girder continuous; RCDG = reinforced

concrete deck girder; RC= reinforced concrete; Cont. = continuous. 
0 widened.in 1971. 
dwidened in 1974. 

Climate and Weather 

181 

as from 6.5 to 16 million vehicles. Trucks made up approximately 
1.5 to 19 percent of that total traffic. It was concluded that the mem
branes had served quite well with little maintenance for 12 to 16 
years ( 4). Since 1983, two of the decks with membranes (G & H) 
have been replaced. This paper discusses the current performance 
of the others (A through F). Table 3 lists the locational references 
of the bridges in this study. 

The bridges in Kansas may be subjected to air temperatures as low as 
-40°C (-104°F) in the winter and as high as 49°C (120°F) in the 
summer. Winterwindchill factors may reach -54°C (-129°F) in the 
winter, whereas the summer temperature of hot-mix asphalt overlays 
often reaches 71°C (160°F). Annual precipitation ranges from more 
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TABLE 3 Bridge Reference Data 

Bridge KDOT Bridge County 
ID No. 

A 170-21-272.62 Dickin-
(005) son 

8 59-30-114.28 Frank-
(050) lin 

c 39-103-44.48 Neosho 
(027) 

D 39-67-47.37 Neosho 
(021) 

E 54-104-317.27 Wood-
(005) son 

F 196-8-19.38 Butler 
(061) 

than 1,020 mm (40 in.) in the southeast part to about 410 mm (16 in.) 
in the southwest. The evaporation rate is higher than the precipitation 
rate all across the state. It is believed that if the bridge deck mem
branes can retard the downward movement of moisture and chlorides, 
evaporation will soon take over and keep them near the surface. Most 
Kansas bridges undergo an average of 60,or more freeze-thaw cycles 
each year (4). On the average, five to six winter snowstorms and one 
to three ice or sleet storm events are recorded. The snow and ice con
trol are done by snowplows and deicing salts (mostly chloride salts). 
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Location 

Talmage Road IC over I-70 

US 59 over AT&SF RR and Local Rd. 
0.02 mi. North of Ande.rson Co. Line. 

K-39 over Village Creek, west of 
Chanute, 5. 74 mi. East of East Jct. US-
75. 

K-39 over Cement Co. Road, west of 
Chanute, 1 .66 mi. East of Wilson Co. 
Line. 

US-54 over MoPac RR, East of Yates 
Ctr. 2.49 mi. East of US-75 

K-96 over Bakers Creek East of Potwin. 
9.82 mi. S.E. of Harvey Co. Line 

Traffic History 

The ridge decks with membranes have carried an increasing amount 
of traffic since 1982. Table 4 tabulates the 1982 and 1991 annual 
average daily traffic (AADT) as well as the percent trucks and 
cumulative traffic carried up to 1991. The bridges have carried from 
approximately 6.1 million vehicles to 22.5 million vehicles since 
the installation of the membranes. The percentage of trucks varied 
from 9.5 percent to approximately 20 percent. 

TABLE 4 Traffic History of Bridge Decks with Membranes 

Bridge 1982 ADT 1991 ADT % Trucks Cumulative Traffic 
ID (1991) (up to 1991 )(millions) 

A 890 977 - > 6. 1 ·(approx) 

8 3,030 3, 120 9.5 22.51 

c 1,390 2,290 13. 1 13.96 

D 1,275 2,290 13. 1 12.45 

E 2,560 2,640 20.2 18.07 

F 1,820 1,735 19.0 13. 18 
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DATA COLLECTION 

Resistivity Measurements 

In July 1991, electrical resistivity of the water barrier membrane
pavement system was measured for each bridge listed in Table 2. 
The procedure outlined by ASTM D 3633-88 was followed to col
lect the data. Electrical resistivity measurements were recorded in 
ohms per square foot. Measurements were made on the centerline, 
both wheelpaths, and gutter on each deck. The total number of 
readings varied from 30 to 423 as shown in Table 5. 

Visual Distress Survey 

The visual distress survey during resistivity measurements con
sisted of surveying distresses, such as delamination, spalling, rust 
stains, and patched areas. However, the distressed areas were not 
quantified but rather observed qualitatively. The concrete bridge 
decks were not evaluated for chloride content because that would 
have involved breaching the interlayer membranes. Also, the orig
inal and 1982 conditions of the concretes were not available for 
comparison (with one exception). 

Conditfon Survey and Maintenance History Data 

The bridge condition and maintenance history data were also col
lected from the Bridge Management System (BMS) data base. In 
Kansas, bridges are inspected on a 2-year cycle, and a report is pre-
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pared with pertinent data on bridge inventory and geometry as well 
as condition of deck, superstructure, substructure, channel, 
approach roadway, and waterway adequacy (if applicable). The 
deck is rated on a scale of 1 (closed) to 9 (new, not open to traffic). 
In reality, the scale is 3 (unsafe, needs to be replaced) to 8 (good 
condition, no repairs needed). A rating of 7 indicates less than 5 per
cent deck area deterioration, whereas a rating of 6 shows 5 to 10 per
cent deterioration or spalls exposing rebars and delaminations. A 
rating of 5 indicates IO to 20 percent deterioration and finally, a rat
ing of 4 implies 20 to 40 percent deterioration. Any rating less than 
4 will result in load-limit posting. A data base of bridge mainte
nance work and associated costs has been developed since 1978. 
Table 6 lists the biennial ratings of the bridge decks in this study 
from 1982 to 1991. The ratings are subjective. 

DATA ANALYSIS 

The 1991 resistivity readings were analyzed and the following 
guidelines were followed in this study to classify the condition of 
the interlayer membranes: 

> 1 076 300 ohms/m2 (100,000 ohms/ft2
), good 

107 630 to 1 076 300 ohms/m2 (10,000 to 100,000 ohms/ft2), 
questionable 
21 500 to 107 630 ohms/m2 (2,000 to 10,000 ohms/ft2), poor 
< 21 500 ohms/m2 (2,000 ohms/ft2), very poor 

TABLE 5 Electrical Resistivity Readings on the Bridge Deck in 1991 

Bridge ID Location Total Electrical Resistivity (ohm/m 2 
) 

No. 
of > 21500 > 107600 > 
Read- 1,076,000 
in gs No. % No. % No % 

A Wheel Path with Membrane 30 30 100 29 96.7 24 80 

Wheel Path without Membrane 28 17 60.7 10 35.7 2 7.1 

B Gutter 108 105 97.2 81 75.0 23 21.3 

Both Wheel Paths 108 108 100 100 92.6 76 70.4 

Centerline 54 54 100 44 81.5 11 20.4 

c Gutter 56 44 78.6 20 35.7 16 20:6 

Both Wheel Paths 112 110 98.2 71 63.4 28 25.0 

Centerline 28 16 57.1 5 17.9 2 7.1 

D Gutter 40 20 50.0 3 7.5 1 2.5 

Both Wheel Paths 80 80 100 76 95.0 68 85.0 

Centerline 40 25 62.5 22 88 1 2.5 

E Gutter 188 188 100 175 93.1 122 64.9 

Both Wheel Paths 188 188 100 187 99.5 178 94.7 

Centerline 47 4.7 100 47 100 47 100 

F Gutter 36 35 97.2 24 66.7 6 16.7 

Both Wheel Paths 72 72 100 67 93 41 56.9 

Centerline 18 18 100 18 100 12 66.7 
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TABLE 6 Condition Rating of Bridge Decks with Membranes 

Bridge NCHRP 165 
ID System No. 

82 83 84 

A 52a 4 4 -

B 12 7 - 6 

c 80 - 8 -

D 80 - 7 -

E 52b - 8 -· 

F 52b 7 - 7 

Previous research has used a res1stlv1ty value of 5 382 000 
ohms/m2 (500,000 ohms/ft2) as the standard of excellence for the 
interlayer membrane performance (5). However, analysis of data in 
this study showed little difference in the percent of the deck area 
greater than 1 076 300 ohms/m2 

( 100,000 ohms/ft2
) and that percent 

greater than 5 382 000 ohms/m2 (500,000 ohms/ft2
). Ideally, the 

membranes should be monitored so that they can be replaced when 
50 percent of the bridge deck area with membrane no longer per
forms as designed. If a membrane is placed on an existing bridge 
deck, an effort should be made to determine the existing chloride 
content. 

RESULTS AND DISCUSSION 

Bridge A was constructed in 1961, and the interlayer membrane was 
placed on one half of the deck in 1967. The other half was kept bare 
for comparison as a control. This was the first time this polypropy
lene fabric membrane was installed anywhere in the world. Electri
cal resistivity measurement data taken in 1991, from the section 
covered with the interlayer membrane, showed that 80 percent of 
the readings were greater than 1 076 300 ohms/m2 (100,000 
ohms/ft2). Only 7.1 percent of the readings exceeded 1076300 
ohms/m2 (100,000 ohms/ft2) in the section without the interlayer 
membrane. A visual inspection of the bridge deck indicated that the 
section covered with the interlayer membrane had fewer asphalt 
wearing surface distresses. Fine cracks were observed on the under
side of the deck near the abutments, and rust staining was evident. 

During the 1991 evaluation by the BMS survey crew, the whole 
deck was rated as 4 on a scale of 3 (unsafe) to 8 (new, open to traf
fic) as shown in Table 6. The rating was also 4 in 1982 and the 
asphalt wearing surface condition was judged to be poor at that 
time. In the mean time, the traffic increased from 890 vehicles per 
day in 1982 to 977 vehicles per day in 1991. In 1991, exposed steel 
was observed in some areas and approximately 20 percent of the 

Year 

85 86 87 88 89 90 91 

5 - 4 - 4 - 4 

- 6 6 5 5 5 5 

8 - 8 - 8 - 8 

7 - 7 - 7 - 7 
/ 

7 - 7 - 7 - 7 

- 8 - 7 - 7 -

bridge deck area was badly spalled. Between 1983 and 1991, the 
deck spalls were repaired 17 times at a cost of $3,825. 

The interlayer membrane was placed on the deck of Bridge B in 
1970. The resistivity measurements showed that only 34.1 percent 
of the readings were greater than 1 076 300 ohms/m2 (100,000 
ohms/ft2) or in other words, good. In 1982, 100 percent of the elec
trical resistivity measurements had been above 1076300 ohms/m2 

(100,000 ohms/ft2) as shown in Table 7. Lower resistivity readings 
in 1991 were found near the gutter and centerline. In those areas, the 
asphalt overlay may not have been densified by the traffic as in the 
wheelpaths, or the coal tar used with the polypropylene membrane 
may not have been worked by tire pressure as expected. Visual 
inspection of the bridge showed large cracks in the asphalt overlay. 
The hubguard was badly spalled exposing the reinforcing steel. 
However, the hubguard deterioration was also reportP-d by the BMS 
survey since 1982. The underside of the deck had a large longitudi
nal crack near the east edge of the deck. The steel girders had begun 
to rust at the contact point with the deck. In 1991, the wearing sur
face had map cracking and rutting and was rated to be poor in the 
BMS survey. However, no major maintenance has been performed 
on this bridge deck since 1978. 

The interlayer membrane was installed on the deck of Bridge C 
in 1971. In 1991 resistivity measurements showed that 50 percent 
of the bridge deck membrane tested had resistivities higher than 
1076 300 ohms/m2 (100,000 ohms/ft2). The data collected in 1982 
indicated that only 38.6 percent of the deck measured above 
1076300 ohms/m2 (100,000 ohms/ft2). The asphalt overlay was 
noted to be in good condition in 1991. There was a full-length cen
terline crack with several shorter transverse cracks beginning at the 
centerline. The underside of the deck was in good condition, with 
dark staining only on the bottom side of the hubguards. In 1991, 
wearing surface condition was rated to be good by the BMS survey. 
'.fhus far, no major maintenance on this deck has been reported. 

The membrane on Bridge D was placed in 1971 and the type is 
similar to that on Bridge C (NCHRP 165 System 80). Resistivity 
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TABLE 7 Comparison of 1982 and 1991 Electrical Resistivity Readings 

Bridge 1982 Readings (ohm I m2 ) 

ID 
> 21,500 > 107,600 > 1,076,300 

No. % No. % No. % 

A - -

B 189 100 189 100 189 100 

c 139 99.3 98 70.0 54 38.6 

D 432 100 429 99.3 409 94.7 

E 133 100 133 100 133 100 

F - 100 

measurements taken in 1991 indicate that 23.5 percent of the deck 
was in good condition. Data from 1982 showed that the entire deck 
was in good condition, with each measurement above 1 076 300 
ohms/m2 (100,000 ohms/ft2). In 1991, the asphalt overlay appeared 
to be in very good condition. Several transverse cracks, which 
ranged from 1.8 m (6 ft) to 2.7 m (9 ft), were seen throughout the 
structure. The hubguard was spalling with reinforcing steel visible 
in several locations. The underside of the bridge deck had no visi
ble damage. During 1991 survey, the wearing surface condition was 
rated to be good in the BMS survey, but the curb was found to be 
deteriorated with exposed rebars. 

An interlayer membrane was placed on Bridge E in 1971. Resis
tivity measurements taken in 1991 indicate that 82 percent of the 
bridge deck tested above 1076300 ohms/m2 (100,000 ohms/ft2

) or, 
in other words, appeared to be good. The 1982 results showed that 
94.7 percent of the area tested above 1 076 300 ohms/m2 (100,000 
ohms/ft2), as shown in Table 7. The mainline deck overlay was 
noted to be in excellent condition in 1991. Some cracks, both trans
verse and longitudinal, were observed in the shoulders of the deck 
overlay, which seemed older than the mainline deck overlay. The 
expansion joints on the underside of the bridge deck were in poor 
condition. The concrete was badly spalled, exposing reinforcing 
bars. 

In 1971, the interlayer membrane was placed on Bridge F. The 
electrical resistivity data collected in 1991 indicated that 46.8 per
cent of the interlayer membrane was in good condition. In 1982, 100 
percent of the membrane was deemed to be in good condition on the 
basis of the results from the resistivity testing. A visual inspection 
of the bridge in 1991 noted that the asphalt overlay was in poor con
dition. There were many large transverse and longitudinal cracks 
observed in the overlay. The concrete railing was in bad condition, 

1991 Readings (ohm I m2 ) 

>21,500 >107,600 > 1,076,300 

No. % No. % No. % 

30 100 29 96.7 24 80.0 

267 98.9 223 82.6 92 34.1 

170 86.7 96 49.0 46 23.5 

125 78 101 63.0 70 44.0 

423 100 409 96.7 347 82.0 

125 99.2 99 78.6 59 46.8 

"crumbling away." Stalactites, up to 102 mm (4 in.) long, were 
observed in a·3.1-m (10-ft) longitudinal crack on the underside of 
the deck. There were transverse cracks beginning at the longitudi
nal crack. The sides of the deck exhibited varying degrees of 
spalling from 0.3 m (1 ft) to 1.5 m (5 ft) from the edge of the bridge. 
Staining was evident in the areas in which spalling had occurred. 
This deck is programmed to be replaced in FY 1995. 

Figure 1 shows the percentages of each deck area that had a resis
tivity measurement greater than 1 076 300 ohms/m2 (100,000 
ohms/ft2) in 1983 and 1991. The bare part of the deck on Bridge A 
is also shown as [ACON]. It is apparent that four of the six bridges 
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FIGURE 1 Comparison of 1982 and 1991 electrical resistivity 
readings (percentage of deck > 1 076 300 ohms/m2

). 
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showed a decrease in the performance of the membranes from 1983 
to 1991. However, there is some variability in the data presented, 
and that may be a result of the condition of the asphalt overlay at 
the time the electrical resistivity measurements were taken, the way 
a specific mastic responds to the traffic or other factors. 

Electrical resistivity data obtained on Bridges B through F, which 
received interlayer membranes during 1970 and 1971 changed 
markedly from 1982 to 1991. In 1982 86.7 percent of the total 
bridge deck area tested had resistivity higher than 1 076 300 
ohms/m2 (100,000 ohms/ft2), whereas in 1991only47.3 percent of 
the area showed resistivity higher than 1076 300 ohms/m2 (100,000 
ohms/ft2). The bridges were showing signs of deterioration that 
were most likely related to salt contamination. However, traffic on 
some of these bridges also has increased considerably. When the 
electrical resistivity values measure below 1 076 300 ohms/m2 

(100,000 ohms/ft2) for 50 percent of a bridge deck area, the useful 
life of the interlayer membrane should be considered complete. The 
state of Oregon uses the same guidelines for determining the useful 
life of an interlayer membrane (6). Using the data from the bridge 
decks in this study, the useful life of an interlayer membrane in 
Kansas would range from 15 to 20 years. The membrane should be 
replaced before deterioration of the concrete structure begins. 

The two bridge deck membranes that have performed most effec
tively were both liquid/preformed systems on Bridges A and E. The 
nonwoven polypropylene fabric was installed on both of these with 
an asphaltic overlay placed as a wearing surface. 

The coal-tar-modified polyurethane elastomer interlayer mem
brane on Bridge C, and another liquid/preformed membrane on 
Bridge F, have reached the end of their useful lives. Over 50 per
cent of the bridge deck area measured below 1076300 ohms/m2 

(100,000 ohms/ft2) for these two bridges. These interlayer mem
branes should be replaced before deterioration intensifies on the 
structures. Bridge F is old compared with Bridges A and E and 
carries a higher percentage of truck traffic. 

The poorest performance was obtained from a preformed 
polypropylene and coal tar sheet on Bridge B, and a liquid mem
brane system on Bridges C and D. These decks were most likely 
already salt contaminated when the 

1

membranes were installed. The 
bridges may need major structural repair before the placement of 
another protective system. 

CURRENT KDOT PRACTICE WITH 
RESPECT TO MEMBRANES 

KDOT installed membranes on 14 bridges in Wichita, Kansas, area 
in 1980s. In addition to these, one membrane was installed on a 

TABLE 8 Results of Bridge Deck Surreys, 1993 

Bridge No. Percent Delamination 

235-87-10.07 1.40 

235-87-12.39 1.49 
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deck on route K-77 near Manhattan, Kansas, in 1986 and another 
one on a viaduct on I-70 in Topeka, Kansas, in 1990. All these 
membranes were part of maintenance overlays used where weight 
restrictions could not support concrete overlays. Currently, KDOT 
uses dense concrete/silica-fume concrete bridge decks during new 
construction. 

Two bridge deck overlays in Wichita on I-235 with Petromat over 
AC-5 and surfaced by a 51-mm (2-in.) wearing course of bituminous 
mixes were constructed in 1985 and have been monitored since then. 
In 1993, surveys were made on both bridge decks to assess the per
formance of the membranes. The surveys consisted of visual obser
vations on the structures, chaining to check for delamination, resis
tivity readings, and crack measurements. Over 70 percent of the 
readings were above 1076300 ohms/m2 (100,000 ohms/ft2

) after 
8 years. Other results of these surveys are shown Table 8. Very little 
cracking was observed on either overlay. The resistivity readings 
were somewhat lower than those of the previous year. Overall, 
performance of these decks with membranes was satisfactory. 

CONCLUSIONS 

The general performance of interlayer membranes installed on six 
existing bridge decks between 1967 and 1971 in Kansas has 
decreased since 1982 as judged in terms of electrical resistivity 
measurements and visual distress survey results. The visual distress 
surveys were supplemented by the condition rating and mainte
nance history data from the Kansas BMS data base. The membranes 
used represented the preformed system (NCHRP 165 System 12), 
liquid/preformed systems (52a and 52b), and liquid system (System 
80). Electrical resistivity measurements taken in 1991 on all six 
bridge decks were compared with those obtained in 1982. The 
results showed that the two bridge deck membranes that have 
performed most effectively for the last 20 to 25 years were both 
liquid/preformed systems (Systems 52a and 52b). These were non
woven polypropylene fabrics with an asphaltic overlay placed as a 
wearing surface. The lives of a coal-tar modified polyurethane 
elastomer interlayer membrane (System 80) and a nonwoven 
polypropylene fabric system (System 52b) on a very old bridge 
have been exhausted. The poorest performance was obtained from 
a preformed polypropylene and coal tar sheet system (System 12) 
and a liquid membrane system (System 80). In the recent past, 
KDOT used membranes as part of the maintenance overlays where 
weight restrictions could not support concrete overlays. Currently, 
KDOT uses dense concrete/silica-fume concrete bridge decks 
during new construction. 

Electrical Resistivity (ohms/mil 
(% greater than) 
21.500 107.630 1.076.300 

100.0 84.8 54.5 

100.0 99.2 84.8 
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Behavior of a Red Oak Stress-Laminated 
Bridge in Rhode Island 

EILEEN 00BER-YOUNG AND GEORGE TSIATAS 

The results of a 15-month monitoring program of a red oak stress
laminated timber bridge are evaluated. The bridge is the first of its kind 
in the state of Rhode Island and one of the earliest of its type constructed 
of red oak in the United States. The monitoring program included 
inspecting the bridge periodically, reading the load cell, measuring the 
wood moisture content, and recording the ambient temperature and 
relative humidity at the bridge site. The evaluation demonstrates that 
additional design factors may need to be considered before red oak is 
completely accepted as a construction material for stress-laminated 
bridges. Specifically, the monitoring program revealed fluctuations in 
the wood moisture content, and ambient temperature affected the stress 
levels in the steel rods to an extent that these factors may need to be con
sidered in the design of this type of bridge. The loss of the initial rod 
stresses in the bridge were investigated; these losses correlated very 
well with exponential functions. The exponential functions are used to 
predict when and if the bridge will have to be restressed to maintain the 
design minimum stress levels. 

Stress-laminated timber deck bridges were initially conceived in 
Ontario, Canada, in the mid-1970s as a method of rehabilitating 
structurally deficient nail-laminated timber bridges. The process 
involves threading steel rods transversely through the wide face of 
the timber deck and tensioning the rods so the in di vi dual laminae 
are compressed together. Loads are distributed through the structure 
via friction developed between the laminae as opposed to nail
laminated deck bridges in which the loads are transferred through 
the nails. Today, stress laminating is used not only as a method of 
strengthening existing bridges but also as a method of d~signing 
new bridges. In Europe, the rods are sometimes outside the lamina
tions to avoid reducing the wood section. 

A number of stress-laminated timber bridges have been con
structed in the United States under the Timber Bridge Initiative, 
which was sponsored by Congress in 1989 and has been adminis
tered by the USDA Forest Service (1). Traditionally, short-span 
bridges have been replaced with concrete and steel; however, many 
design engineers favor timber as a viable alternative, mainly 
because timber is not subject to the detrimental effects of salt and 
corrosion. Also the initiative promotes the use of locally grown tim
ber; therefore, many municipalities are replacing the structurally 
deficient or functionally obsolete bridges within their jurisdictions 
with new stress-laminated timber bridges constructed of local mate
rials and by local labor. 

E. Dober-Young, Bridge Engineering Section, Rhode Island Department of 
Transportation, 2 Capitol Hill, Providence R.I. 02903. G. Tsiatas, Depart
ment of Civil Engineering, University of Rhode Island, Kingston, R.I. 
02881. 

NORTH ROAD BRIDGE 

The North Road Bridge over Hemlock Brook in the town of Foster 
is the first stress-laminated timber deck bridge in Rhode Island. 
Funding for the construction of the bridge was partially provided 
by the USDA Forest Service through the Timber Bridge Initiative. 
The bridge is a single-span structure on a 6-degree skew. An eleva
tion and cross section are shown in Figures 1 and 2, respectively. 
The bridge replaces an older steel beam bridge that had severely 
deteriorated. The new superstructure rests on the original concrete 
abutments that were modified slightly to accommodate the new 
superstructure width. 

The superstructure consists of red oak laminations 50.8 X 

64.5 mm that are not continuous over the bridge span. Instead, 
staggered butt joints are provided (Figure 3). The bridge span is 
6.405 m measured parallel to the road centerline. The out-to-out 
bridge width measures 7 .32 m perpendicular to the road centerline. 
The bridge is covered with a bituminous wearing surface that 
measures approximately 76.2 mm at the crown and 50.8 mm at the 
curbs. The wearing surface is composed of 38.1 mm of binder and 
a varying amount of surface course. 

The stressing system consists of 13 ASTM A 722 steel rods 
15.875 mm in diameter. The spacing of the rods is shown in 
Figure 4. This figure also shows the location of the load cells that 
were placed on four of the rods to monitor rod stress levels. The rods 
have an ultimate strength of 1033.5 MPa, and the plans called for 
the rods to be galvanized or epoxy coated. The bulkhead system 
consists of ASTM A36 bearing plates 203.2 X 203.2 X 19.05 mm 
and ASTM A36 anchorage plates 76.2 X 76.2 X 19.05 mm. The red 
oak was green when ordered and was dried to a 17 percent moisture 
content just before treatment with creosote. Figures 5 and 6 show 
the elevation of the bridge and a detail of the bulkhead system, 
respectively. 

The deck was originally assembled on the bridge approach road
way. The rods were initially stressed to 124.6 kN, and the deck was 
lifted and positioned on the abutments. One week later, the rods 
were stressed again to the same level. Final stressing (to 124.6 kN 
again) was completed 5 weeks after the second stressing. A single 
hydraulic jack was used for all stressings, and multiple passes were 
completed each time that the bridge was stressed to ensure a 
uniform stress. 

MONITORING PROGRAM 

When construction of the bridge was completed in the fall of 1992, 
a monitoring program was started to evaluate the performance of the 
actual structure. Although it is in general expensive and not usually 
used for bridge construction, red oak is in abundance in the area and 
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FIGURE 1 Elevation of the North Road Bridge. 
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FIGURE 2 Cross section of the North Road Bridge. 
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FIGURE 3 Butt joint pattern of the North Road Bridge. 
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was selected as the natural choice. The monitoring program 
included the following procedure. 

General Condition of the Bridge 

to drainage, the deck was also inspected for signs of decay. The 
deck underside was investigated for splitting, sagging, checking, 
cracks, and water penetration. Overall, the deck was inspected for 
signs of distress and delarnination. 

The bridge was visually inspected several times during a 15-month 
period. The performance of the wearing surface was monitored; 
specifically, it was inspected for cracks and for signs of how well it 
was binding to the timber deck. The timber deck was visually 
inspected at the abutments for signs of crushing and also for signs 
of crushing near the anchor plates at each rod. In the areas exposed 

Stress Levels 

Four load cells were installed to monitor the force in the corre
sponding rods. These were numbered 1458, 1459, 1460 and 1461 
by the manufacturer and are referred to by these numbers in this 
paper. Figure 4 shows the exact positioning of the load cells. The 
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Face of Abutment 

# 1461 # 1460 

# 1458 # 1459 

FIGURE 4 Plan view of bridge showing spacing of prestressing rods and location 
of lm~d cells. 

FIGURE 5 Side view of bridge. 

force in each rod was measured beginning on the day the super
structure was lifted into place, which coincided with the second 
stressing of the bridge. Daily readings were taken beginning on that 
day for 10 consecutive days; thereafter, weekly readings were taken 
for 11 consecutive weeks. The weekly readings were followed by 
11 monthly readings. 

MOISTURE CONTENT 

Two moisture meters were used to monitor the moisture of the red 
oak laminae. The first meter was a "protimeter mini" and measured 
moisture at a· depth of 12.7 mm. The second, known as a "hammer 
electrode," measured moisture at a depth of 44.45 mm. The mois-

FIGURE 6 Detail of load cell attachment. 

ture content of the bridge timber was measured beginning with the 
first weekly stress reading. Therefore, 11 moisture content mea
surements were taken weekly, and 11 moisture content measure
ments were taken monthly. The moisture content was measured on 
the underside of the deck at ten random locations each time. The 
average of the ten measurements was calculated and recorded. 
Because 2 different probes were used, a total of 20 measurements 
were made each time. 

Ambient Temperature and Relative Humidity 

A pocket psychrometer was used to obtain the ambient temperature 
and relative humidity at the bridge site. The ambient temperature 
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was recorded weekly for 11 weeks and monthly for 11 months on 
the same days as those for which the wood moisture content was 
measured. In addition, the ambient temperature was recorded 15 
times during one 24-hr period. The relative humidity at the bridge 
site was measured each time the ambient temperature was recorded. 

EVALUATION OF RESULTS 

General Condition 

In general, the pavement on the North Road Bridge was found to be 
performing very well after more than 1 year in service. There were 
fine transverse cracks in the pavement along the bridge end joints, 
running across the full width of the bridge, but these appeared 
because the pavement inadvertently was not sawn and sealed at 
these joints. The steel rods exhibited light rusting at their ends 
where they were field cut but not treated with a protective coating. 
The rods were field cut so they would not extend more than 152.4 
mm beyond the nuts. There was a split (a longitudinal crack paral
lel to the wood grain) extending the full length of the bridge in the 
fascia laminae on both sides of the bridge. The split occurred some
time after the bridge was assembled. There was also some light 
crushing of the fascia laminae near the bearing plates at most qf the 
rods. (Crushing of the fascia laminae has occurred in many other 
stress-laminated bridges.) The underside of the deck revealed that 
two inside laminae were split. This splitting probably occurred dur
ing the first stressing, which was used primarily to eliminate the 
warps in the wood. 

Loss of Rod Stresses 

Adequate stress levels in the steel rods are essential for this type of 
timber bridge construction. Many factors affect the prestressing 
force, including creep in the wood, moisture content, temperature, 
and humidity (2,3). It is.difficult to separate the effects of each indi
vidual factor in the total loss of prestressing force. Loss of pres tress 
caused by creep is predominant in the early stages of the bridge life. 
However, contrary to laboratory tests, it is difficult in the field to 
capture the initial effect. In this particular bridge, stressing was 
done during assembly as a means of flattening warped planks. The 
load cells were placed on the rods during the second stressing (Day 
7); therefore, the loss of prestress in the interim between Days 0 and 
7 was not recorded. Between the second stressing (Day 7) and the 
final stressing (Day 43), the rod equipped with Load Cell 1461 
exhibited the sharpest decline in prestress, losing 39 percent of its 
initial value. The rods equipped with Load Cells 1458, 1459, and 
1461 lost 13, 22, and 30 percent, respectively, during this period. It 
can be assumed that most of this loss was attributable to creep in 
the wood. 

The rod instrumented with Load Cell 1461 showed the greatest 
loss of prestress over the monitoring period of 415 days; however, 
it maintained 47 percent of its initial prestress, which was consid
ered acceptable in other stress-laminated bridges constructed of 
other wood species. The rods instrumented with Load Cells 1458, 
1459, and 1460 have maintained 76, 86, and 58 percent of their ini
tial prestress levels, respectively. These have been considered high 
retention levels in other stress-laminated bridges constructed of 
other wood species. 
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FIGURE 7 Variation of stressing force in Cell 1458. 

Figures 7 through 10 show the loss of prestress over time for the 
instrumented rods. The graphs show that the prestress levels did not 
constantly decline between readings. After an initial decrease that 
was attributable again to creep, increases as well as decreases in pre
stress levels were evident. The variation in prestress levels can be 
attributed to fluctuations in the wood moisture content, relative 
humidity, and ambient temperature as discussed in the following 
paragraphs. 

Of further interest, the force in the rod instrumented with Load 
Cell 1458 remained at or above 124.6 kN for 3 weekly readings 
from the third stressing (Day 43) up to and including Day 57. It is 
suspected that this rod actually was stressed to a value greater than 
124.6 kN on the third stressing. 

A power regression analysis and an exponential regression analy
sis were performed on the data from each of the rods. The results 
for Load Cells 1458 and 1461 are shown graphically in Figures 11 
and 12. The analyses incorporated only the load cell readings after 
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FIGURE 8 Variation of stressing force in Cell 1459. 



192 

Prestress (kN) 

130-.-~~~~~~~~~~~~~~~~~~~~~~ 

120 

Load Cell 1460 

110 

100 

90 

80 

50 100 150 200 250 300 350 400 450 

Time (in Days) 

FIGURE 9 Variation of stressing force in Cell 1460. 
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FIGURE 10 Variation of stressing force in Cell 1461. 
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FIGURE 11 Regression curves for Cell 1458. 
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FIGURE 12 Regression curves for Cell 1461. 

the third stressing. Most of the readings after the third stressing were 
taken monthly; however, the first few were taken weekly. The 
weekly readings were averaged to represent monthly readings 
before the regression analyses were attempted. The figures and the 
associated equations can be used to predict the stressing forces at 
various times. For instance, for the rod instrumented with Load Cell 
1458, the exponential regression curve gives P = 99.235 kN and the 
power regression curve gives P = 102.35 kN after 385 days of the 
stressing. 

According to AASHTO, the loss of prestress in a stress-lami
nated bridge caused by wood creep varies in an exponential way. 
AASHTO further gives the minimum level of prestress in service as 
40 percent of the initial prestress ( 4). Therefore, for the North Road 
Bridge, the minimum level of prestress allowed by AASHTO is 
49.84 kN. Using this minimum, the regression functions can be used 
to predict whether the bridge will have to be restressed and when 
this restressing would have to occur. The exponential regression 
curve predicts that the North Road Bridge will have to be restressed 
on the 484th day from the initial stressing on the basis of Load Cell 
1461, which gave the most critical results. Similarly, the power 
regression curve predicts that the bridge will have to be restressed 
in 939 days from the initial stressing. Study of the individual corre
lation coefficients of the regression analyses indicates that the expo
nential fit represents the data slightly better than the power one. In 
the exponential case, the coefficients varied from 0.87 to 0.93, but 
under the power law assumption they varied from 0.73 to 0.85. 

A better estimate can be obtained by performing regression 
analyses on the average forces from all load cells. The equation for 
the case of the exponential regression is found to be 

p = 129.05 (0.999f (1) 

and the equation for the power regression is given by 

P = 259.435 T-0·178 (2) 

where Pis the prestress force in kilonewtons and Tis the number of 
days from the initial stressing. The results are shown graphically in 
Figure 13. The exponential regression function for the average of 
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FIGURE 13 Regression curves for average of all cells. 

the forces in all four instrumented rods predicts that the bridge will 
have to be restressed in 3 years from the initial stressing, whereas 
the power regression predicts that it will have to be restressed in 29 
years from the initial stressing. The correlation coefficients reveal 
that the data correlated better with the exponential regression curve; 
however, the difference between the correlation coefficients is not 
as great as the difference between those of the individual load cells. 

The regression analyses mentioned earlier for the loss of pres tress 
over time represent the loss of prestress not only caused by wood 
creep but also by changes in the wood moisture content, ambient 
temperature, and relative humidity. 

The variation of the wood moisture content with time is shown in 
Figure 14. When moisture is gained in the wood, the wood expands. 
This causes the prestress forces to increase. Similarly, as the wood 
dries, it shrinks, which can contribute to a decrease in the prestress 
levels. This in general held true for the North Road Bridge. By com
paring Figures 14 and 8 it is evident that the moisture versus time 
curve follows a similar pattern as the force versus time curves. Gen-

Moisture Content(%) 

20 

15 

10 

5 
_._ 44.5 mm probe 

-+- 12.7 mm probe 

0-rT...,..........,....,...,....,....,,_,..... .......... ....,....,....,....,""T"'r.,....,....,..........,,_,........,...........-.-,....,.......,..........,....,....,.........., ......... ......-r-1 

0 50 100 150 200 250 300 350 400 450 
Time (in Days) 

FIGURE 14 Variation of moisture content. 
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erally, as the percent change in moisture content increased, the per
cent change in prestress force also increased. However, the data 
show some exceptions, which are probably caused by other factors, 
such as temperature variations. 

The variation of temperature with time is shown in Figure 15. It 
has been reported that stressing forces decline with lower tempera
tures because of the different coefficients of thermal expansion for 
timber and steel. However, a temporary gain in.the prestress forces 
was recorded during the winter months, which is attributable to the 
high moisture content in the bridge during this time. The high levels 
of precipitation during the winter months in Rhode Island caused the 
moisture content in the wood to increase, thereby causing a swelling 
of the wood and an increase in the prestress forces. The drop in tem
perature during the winter months may have caused the wood to 
shrink; however, the shrinkage was counteracted by the tendency of 
the wood to·swell because of increases in moisture content. 

Daily fluctuations in the prestress forces in the North Road 
Bridge did occur. The prestress levels and the temperature at the 
bridge site were monitored during a 24-hr period. The data reveals 
that the prestress levels in a stress-laminated bridge will fluctuate 
proportionately to fluctuations in temperature. However, the fluctu
ation appeared to be of the order of 4.45 kN for an 11 C0 tempera
ture variation. 

Relative humidity at the bridge site was recorded first weekly and 
then monthly. Results indicate that the ambient humidity level does 
not have a very pronounced effect on the prestressing force other than 
it can affect the wood moisture. The high levels of relative humidity 
at the bridge site during the summer had little effect on the prestress 
levels. The low levels of precipitation during that summer in Rhode 
Island must have caused the wood to shrink, thereby counteracting 
any tendency of the wood to swell because of high humidity. 

CONCLUSIONS 

The North Road Bridge, the first stress-laminated timber deck 
bridge in Rhode Island and one of the earliest of its type constructed 
of red oak in the United States, has been in service for almost 
2 years, and its behavior has been monitored. This paper presents 
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and evaluates the results of the first 415 days of the monitoring pro
gram, which included monitoring the loss of prestress over time, the 
variation of wood moisture content, the fluctuation in ambient 
temperature and relative humidity at the bridge site. 

The study found that the four instrumented steel rods have main
tained 47 percent or more of their initial prestress values. The resid
ual stress levels are acceptable according to the AASHTO Guide, 
which requires the ·prestress levels to be 40 percent or more of the 
initial values. The loss of prestress over time was found to be more 
of an exponential nature than of a power nature. The data for each 
instrumented rod correlated well with exponential curves as did the 
data for the average of the forces in each instrumented rod. Expo
nential functions were empirically derived and were used to predict 
when and if the bridge would have to be restressed on the basis of 
the 40 percent minimum level of prestress allowed by AASHTO. 
On an individual rod basis, the functions predict that the rods will 
have to be restressed very soon. However, on an average basis, the 
functions predict that more time is allowed before restressing is nec
essary. The prestress levels in other stress-laminated bridges con
structed of other wood species have leveled off much sooner than 
the levels in the North Road Bridge. 

The study has found that besides wood creep, the wood moisture 
content plays an important role in the fluctuations of the stressing 
forces. On the other hand, fluctuations in ambient temperature at the 
bridge site had a minor influence on the prestress levels. During one 
24-hr period, the forces in the rods were seen to fluctuate propor
tionately with ambient temperature; that is, a rise in temperature 
was accompanied by an increase in rod forces and vice versa. How
ever, the effect of seasonal temperature changes on the prestress 
levels was opposite. A seasonal decrease in temperature at the North 
Road Bridge site was accompanied by an increase in rod forces. 
This was attributed to the increase in precipitation during the win
ter months of this monitoring program. 

The general condition of the bridge was monitored, and it was 
found that the outside laminae were crushing in the vicinity of the 
bearing plates, which is typical of many stress-laminated timber deck 
bridges, and the fascia laminae exhibited full-length splits. Besides 
these and minor problems with the pavement at the joints, the gen-
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eral condition of the bridge is satisfactory. One of the steel rods 
exhibited much higher stress loss than the remaining three. This rod 
is located at the midspan point of the bridge. It is possible for higher 
stress levels in that location to have caused higher creep levels as 
well as increased crushing around the bearing plates. Also, higher 
warping levels may have existed in the planks in that location. 

The conclusions reported herein correspond to this particular 
bridge and may not be applicable to all stressed timber bridges. 
However, the results of this monitoring program have contributed 
to the pool of data needed to develop a reliance on red oak as a 
viable material to be used for stress-laminated timber bridge con
struction. The monitoring program will be continued for some time 
to assess the long-term effects of moisture cycles. Specifically, it 
has been suggested that during high moisture periods when the 
wood expands and the force increases, higher creep losses occur, 
and the losses do not reverse when the moisture levels reduce. These 
additional periodic creep losses can contribute to increased loss of 
prestress over time. 
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