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ABSTRACT 

This report presents the results for NCHRP Project 12-85 being performed by Virginia 
Tech.  The project performed an in-depth evaluation of the problem of fire damage to highway 
bridges.  The majority of bridges in the country consist of steel or concrete beams with a 
concrete deck.  The primary fire risk for these bridge types in vehicle crashes.  The largest fires 
and those that most often cause damage are caused by tanker truck crashes.  

This project looked at a probability based approach to assess risk but this proved to be 
elusive due to limitations of existing data.  The probability of vehicle crashes is not random and 
there are many site specific issues that need to be considered.  Overall, the occurrence risk of 
serious fire is very low.  However, the most serious fires have the potential to incapacitate 
bridges for service.  The consequences of loss-of-service need to be considered on a bridge 
specific basis when making decisions about fire risk. 

The latter phases of the project focused on understanding bridge behavior during fire 
events and developing guidance for the post-fire evaluation of structures.   A state-of-the-art 
modeling methodology was developed that coupled a fire dynamics model, thermal analysis 
model, and structural response model.  This methodology was benchmarked through analyzing 
fire tests available in the literature.  It was further benchmarked by simulating the response of the 
I-65 Bridge fire in Birmingham, Alabama.  Finally, the model was used to perform a parametric 
study to look at the effects of truck size, fire location, and under bridge clearance.   

This final report provides information on how to use the parametric study results and 
other information in the literature to evaluate the post-fire strength and serviceability of fire 
damaged bridges.  

This report is supplemented by the following appendices: 

• A Microsoft Access database of case study information that was uncovered during 
the project 

• APPENDIX A - Fire Simulation Modeling 

• APPENDIX B - Structural Response Modeling 

• APPENDIX C - State Survey, Case Studies, and Bibliography 

• APPENDIX D - Fuel Sources 

• APPENDIX E - Material Properties 

• APPENDIX F - Fire Statistics and Risk 

• APPENDIX G - Structural Modeling Validation 
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CHAPTER  1  INTRODUCTION  

PROJECT OVERVIEW 

This project studied fire events that have occurred on highway bridges to develop a better 
understanding of the fire hazard problem.  An extensive review of available case study 
information was performed from searching the literature and popular media.  This proved to be a 
challenge since many fire events were not well documented in the literature, particularly for the 
smaller fire events.  A database was developed to enter facts about many fire events as described 
in the following section.  This served as a reference to the researchers throughout the project.  A 
survey of the State DOTs was conducted to uncover unpublished information that may exist in 
State records.  Details about the survey are provided in APPENDIX C along with other sources 
of case study information.  

An attempt was made to quantify fire risk based on information that exists in various 
databases that record fire events.  The NFIRS database contains records submitted by fire 
departments and emergency responders for all types of fire events.  Fires involving bridges are 
only a small subset of the events in this database and many events are not included.  The NY 
DOT maintains a database of events that caused collapse of highway bridges.  This contained 
only 50 fire events from the 1960s to the present that caused a bridge to be lost for service.  
Interpretation of this data was complicated because there were many causes for the fires and the 
bridge types and locations were varied.  The data covered everything from small timber bridges 
exposed to wildfire events to major route highway bridges exposed to tanker truck fuel fires. 

It became obvious that for highway bridges constructed from steel and concrete on major 
routes the most common events causing severe damage were truck fires.  Particularly, truck fires 
involving fuel trucks that were involved in some sort of collision.  Therefore, an effort was made 
to evaluate the vehicle collision databases to extract the subset of events involving bridges and 
fire.  The results of this review are summarized in Chapter 2 and presented in more detail in 
APPENDIX F.  It became apparent that most fire events did not cause bridge damage.  Only a 
small subset of events can be expected to damage bridges.   

A significant amount of work was directed at modeling various bridge fire scenarios to 
help identify the subset of damaging events.  A sophisticated coupled-simulation methodology 
was developed to simulate large, open-air fire events on a typical grade separation bridge 
structure.  The coupled simulation methodology involved three distinct steps: 1) simulation of 
the fire event to generate the heat flux into the structure; 2) performing a thermal analysis of the 
structure to determine the temperature of the various members; and 3) perform a non-linear 
structural analysis of the structure to determine the response to the fire event.  A detailed review 
of high temperature material properties was performed to provide input information to the 
models.  Custom interfaces were developed to transfer data between the three analysis steps.  
The models for all three steps were highly sophisticated and it required weeks of computer run-
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time to perform each simulation.   A significant amount of work was performed to validate the 
coupled simulation methodology as described in APPENDIX A and APPENDIX G  

A total of 14 fire simulations were completed in this project that were designed to 
parametrically investigate factors that affect bridge damage.  The I-65 bridge in Birmingham, 
Alabama was selected as basis for the structural model.  This is a typical grade separation 
structure consisting of steel girders with a concrete deck.  The bridges was exposed to a severe 
tanker truck fire resulting is severe deflections approaching collapse.  Based on the simulations, 
the most damaging event was a fully developed tanker truck fire at mid-span underneath the 
bridge.  Results for that simulation are presented in this report.  The results for the individual 
cases investigated are presented in the appendices.  The fire simulation and thermal analysis data 
is presented in APPENDIX A and the structural response information is presented in 
APPENDIX B.  These appendices are intended to serve as benchmarks for engineers 
investigation the effects of bridge fires.   Conclusions from the parametric study are contained in 
the main body of this report. 

VIRGINIA TECH (VT) DATABASE OF FIRE EVENTS 

This project involved collection of a substantial amount of data by the research team 
concerning details of fire events.  The collection efforts involved both a survey of State DOTs, a 
survey of the literature, and online searches of media reports.  While it cannot be claimed that 
this database is all-inclusive, it represents the sum of what was uncovered during this project.  
Three forms containing multiple information fields were established.  "Bridge Properties" 
contains general information related to bridge location, type, and material details.  "Fire Details" 
contains information about the fire event, including date, cause, fuel source, fire intensity, etc.  
"After Fire Details" contains information about the consequences, inspection, and repair actions 
following the fire.  Reference files (pdf format) are included in the database when available.  
This database was developed using Microsoft Access 2007 and is available as an supplement to 
this report.  It was utilized as a tool during the research to isolate specific case study information. 

The VT database continued to evolve over the duration of the project as more information 
became available.  It would be desirable to maintain and embellish this database going forward 
after the project ends, but no provisions are included for this in the NCHRP 12-85 project. to 
provide a resource to help researchers and practitioners better understand the bridge fire hazard.  

A State DOT survey resulted in responses from 26 states, some reporting multiple 
incidents.  More details about the survey are contained in APPENDIX C.  The case studies 
reported by states tended to be "major" events that created memorable concern for the states 
involved.  Many of these case studies overlapped with information in the NYDOT  Bridge 
Collapse Database and information obtained from media and other sources.  No distinction is 
made between data reported directly by State DOTs versus other sources in the database.  
Readers are referred to the VT database for information about the detailed data fields.  A coding 
guide is included in the appendix that provided details about the meaning of the data fields.  
Facts will be reported throughout this document referencing the VT database to support 
recommendations in this report.  
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CHAPTER 2  RISK FACTORS FOR BRIDGE FIRE 

 This chapter presents an overview of the various sources of data that have contain 
information relevant to evaluating fire risk in highway bridges.  Additional details are provided 
in APPENDIX F.  As the following discussions will show, the existing data sources were not 
designed to directly evaluate fire risk and they all have short-comings when applied for that 
purpose.  This discussion presents an overview of the usefulness of each database.  However, it 
was not possible to develop a mathematical risk analysis methodology that enables comparison 
of fire risk to other extreme event hazards.     

Existing Databases, Collection and Analysis 

 A number of existing databases were examined to obtain statistics useful for analyzing 
the risk of fire in bridges.   In general, the same methodology for data collection and analysis was 
applied to each database.  First the database fields are evaluated to understand the meaning of the 
content. For example, a field named “building type” where “bridge/trestle” is a valid entry would 
be an excellent way to filter a database for pertinent records.  Next, the database is queried to 
select all the records where the key entry is present.  The remaining fields are then investigated 
for content that can be used to isolate sub-classifications of the data.  When available, this data is 
separated by the year of occurrence.  The yearly counts are then averaged to generate the average 
number of occurrences per year.  The confidence intervals are reported based on the distribution 
characteristics of the data.  When metrics are combined in calculations to create a new calculated 
metric, such as the product of two averages, care is taken to calculate a combined confidence 
interval.  For example, in a multiplication operation the uncertainty of the product is the square 
root of the sum of the squares of the uncertainty in the individual factors.   The following 
sections describe the individual databases. 

NYDOT Collapse Database 
The New York Department of Transportation has created a database documenting 1746 

cases of bridge collapse that have occurred in the U.S.  This data has been collected over many 
years through a combination of state surveys and reviews of information obtained from the 
media.  The majority of collapses in the database occurred from 1960 to the present. The data 
represented many forms of construction but most of the bridges were built from concrete, steel, 
and timber.  The cause of failure was reported in all but one of the incidents as shown in     
Figure 1. 
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Figure 1 NYDOT database summary showing the cause of collapse 

The most prevalent cause of collapse (1006) was hydraulic phenomena such as scour, 
debris flow and flooding.  Collisions (228) and overloading (220) caused the next largest share of 
collapses.  Deterioration (67) and miscellaneous (56) incidents were the fourth and fifth most 
common cause.  These categories include a wide range of causes such as failure of components 
(cables, anchors, piles, abutments, etc.) as well as other odd occurrences like a mine collapse and 
a blasting accident.  Collapse due to fire (50) exceeded the number of collapses due to typical 
extreme events such as earthquakes and nature.  Nature is an unexplained descriptor, perhaps it 
refers to wind, tornados, or other natural events.  Most of the fire events causing collapse 
occurred on relatively small rural location bridges.  Many were timber bridges exposed to wild 
fire events.  Collapse is defined as sufficient damage to permanently incapacitate the bridge.   

The cause of fire is not well documented in the database.  Of those documented, Table 1 
shows that collision was the most common cause closely followed by arson.  Based on the 
database records that include a complete narrative of the event, arson typically occurs on remote 
timber structures that serve as their own fuel source while collisions occur on more heavily 
traveled roadways.  Overall, based on the NYDOT database, it can be estimated that 
approximately one bridge per year will be damaged severely by fire resulting in loss of service or 
complete collapse.  There are different causes for the fire events reported in this database.  The 
overall number (50) includes everything from timber bridges exposed to wild fires to grade 
separation structures exposed to large fuel fires.  This limits the usefulness of this number for 
predicting risk for a specific bridge. 
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Table 1  NY State database: Causes of fire events. 

Cause Count Percent 
Unknown 38 76% 
Arson 4 8% 
Collision 5 10% 
Explosion 2 4% 
Natural 1 2% 

 

NHTSA FARS Database 
The National Highway Traffic Safety Administrations (NHTSA) Fatal Accident 

Reporting Service Encyclopedia (FARS) maintains a database of fatal crash statistics.  The 
database, spanning the years 1994 to 2008, is available online at http://www-
fars.nhtsa.dot.gov/Main/index.aspx.  Fifteen data fields are available for each case investigation. 
Queries were crafted to isolate the subset of fatal accidents where the initial collision, defined as 
the "First Harmful Event", occurred by impact with a bridge component.  A second query was 
performed to isolate vehicles that caught fire as a result of the accident.  There are three sub-
classifications of the impacted elements: "piers or abutments", "parapets", and "bridge rails".    
The most recent reporting years have also included a forth field, "bridge girders".  Surprisingly, 
there are 10 reported cases where impact with bridge girders resulted in fire.  Because it was 
inconsistent across all of the data years, this field was excluded from further analysis of the 
impacted elements.  The FARS database has a significant limitation, only the events involving 
fatalities are included in the database.  Many crash events involving bridges and fire do not result 
in fatalities.  There are no fields to determine whether the fatalities occurred as a result of the 
crash or the fire following the crash. 

Bridge Collision Details 

Table 2 summarizes the fatal accident data contained in the FARS database involving 
collisions with bridge elements.  This data includes all vehicle types.  The total number of events 
are separated into those that did or did not result in fire.  On average, we can expect 36 fatal 
crash events on bridges each year across the U.S. that result in fires. 

Table 2.  FARS Data: Bridge collisions by fire occurrence - statistical measures. 

 

 

 

 

 

 
Bridge 

Collisions 
No Fire 

Occurrence 
Fire 

Occurrence 
14 Year Totals 5,209 4,672 536 

Average Per Year 347.3 311.5 35.7 

Standard Deviation 52.9 46.9 8.8 

http://www-fars.nhtsa.dot.gov/Main/index.aspx
http://www-fars.nhtsa.dot.gov/Main/index.aspx
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Presumably, crash events involving piers or abutments result in fires burning below the 
bridge, while those involving parapets and bridge rails occur on the bridge deck.   Figure 2 
shows the percentage of events occurring with each bridge element.  This indicates that there is 
an approximately equal likelihood of fires starting above and below the bridge.  However, as is 
the case for large fuel spills, burning fuel can drain off the bridge deck and pool under the bridge, 
resulting in fire both above and below the bridge.  

 

 

Figure 2  FARS data:  Impact point for bridge collisions. 

 

Road Geography and Modalities 

The NHTSA divides portions of the transportation network into two location 
classifications, "Rural" and "Urban".  Transportation elements are further divided according to 
modality.   The three road classifications shown in Table 3 provide a general means of 
classifying traffic in terms of volume and speed.  On average, 63% of the fatal collisions with 
bridges that result in a fire occur in rural areas.  In addition to the roadway classification, the risk 
of fire in a bridge collision is affected by the roadway mode.  Bridges on arterial roads, including 
interstates and expressways, are three times more likely to be exposed to a vehicle fire compared 
to collector roads. 

Table 3. FARS Data: The percentage of fire in vehicle-bridge collision is dependent on the 
roadway mode - statistical measures. 

 Arterial Collector Road or Street Undesignated 
Average Per Year 63.3% 21.6% 13.7% 1.4% 
Standard Deviation 11.4% 9.4% 8.4%  

 

The arterial roads can be further sub-divided by access control as shown in Table 4.  
Interstate highways have controlled access, while principal and minor arterials generally do not.  
Minor arterials have lower traffic volume compared to principal arterials. 
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Table 4. FARS Data: Bridge collision fires by arterial road type - statistical measures. 

 

 

 

Vehicle Size  

Vehicle size is a very important parameter that determines the potential size of fire 
events.  Passenger vehicles and two axle trucks or vans make up the majority of bridge collisions 
that result in fire.  The database defines trucks as weighing more than 26,000 lbs for the latter 
years (1999 - 2008) or as having 5 or more axles for the earlier years (1994-1998).  Over the 18 
year period, there were 82 truck collisions with bridges that resulted in fire.  This averages about 
six events per year or about 15% of all vehicle collisions with bridges that include a fire.  

Fire Severity 

Another field used in the FARS database is the "Most Harmful Event".  Comparing this 
to the "First Harmful Event" gives an indication of the severity of the fire that occurred.  If the 
fire was more harmful to the vehicle and its occupant than the collision with the bridge element 
then it can be considered a large fire.  Fire was the most harmful event in only 40 percent of the 
occurrences.  This can be further broken down by which element the vehicle impacted in the first 
harmful event.  When the initial collision occurs with a bridge rail the first impact is the most 
harmful event 50% of the time, fire was the most harmful event 47% of the time, and for the 
remainder the most harmful event was impact with other bridge elements  This type of event 
includes roll-overs where vehicles are deflected back into the roadway. 

Fire is the most harmful event in 64% of the accidents where the first harmful event was 
impact with an abutment or pier.  The remaining 36% listed the most harmful event as the 
collision.  Similarly, fire is the most harmful event in 55% of the accidents where the first 
harmful event was a parapet end collision.  The trends between these three collision types tends 
to indicate severity of the initial collision.  Impacts with piers, abutments, and parapet ends can 
generally be expected to result in more vehicle damage compared to impacts with bridge rails.  
Presumably, the higher vehicle damage impacts also have a higher likelihood of fuel spills that 
lead to fire events.  There is no way to separate fire events that do not damage bridges from those 
that do.  The majority of fire events reported in FARS involve events that do not damage bridges. 

Hazardous Cargo 

The database shows that only about 2% of the bridge fire incidents involved hazardous 
cargo.  This increases to about 14% looking only at incidents involving trucks.  This is mainly 
because only a small subset of vehicles carry hazardous cargo.   

  Interstate Principal Minor 

Average Per Year 51.2% 32.0% 16.7% 

Standard Deviation 9.2% 8.2% 6.1% 
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General Estimates Service (GES) Database 
  The National Automotive Sampling System-General Estimates System (GES) is 

maintained by the NHTSA and has been in operation since 1988.  It is the primary resource used 
by various government agencies to gain information about non-fatal crash statistics.  the database 
serves as the primary information source for the annual report, "Large Truck Crash Facts" 
reported by the FHWA.  The GES database relies on a random sampling of police action reports 
(PAR) to generate its estimates.  Eligible PAR's must involve at least one motor vehicle traveling 
on a traffic way and the result must be property damage, injury, or death.  These accident reports 
are chosen from 60 areas in the U.S. that are defined by geography, roadway mileage, 
population, and traffic density.  GES data collectors make weekly visits to approximately 400 
police jurisdictions in the 60 areas where they randomly sample about 50,000 PAR's each year.  
The collectors obtain copies of the PAR's and send them to a central contractor for coding.  No 
other data are collected beyond the selected PAR's.” 

The GES data was investigated for incidents where the first harmful event was a bridge 
collision and a fire occurred in the vehicle.  Each incident includes a statistically determined 
weight which can be used to scale up the incident details to represent a national estimate.  For the 
years 1988 to 2008, Table 5 shows the average number of events per year.  

Table 5. GES Data:  The yearly average number of bridge collision fire events estimates based 
on the resulting consequence. 

  Fatalities Injuries Property Only Total 

Average Per Year 11 45 26 82 
Standard Deviation 22 71 63 96 

 
 

Looking at multiple years of GES data, in a given year there are approximately 50,000 
incidents reported but only about two reports per year involved bridge collision with fire.  This 
small 50,000 event sample size is used to estimate statistics for the total number of events which 
can exceed one million.  This small sample size reduces confidence in the data, indicated by the 
large standard deviation shown in Table 5.  However the estimated numbers are on the same 
order of magnitude with the counts provided by the FARS data, which reports around 36 fatal 
accidents per year.   

The GES data alone has limited usefulness for estimating the vehicle fire risk for bridges.  
However it can be used to expand the more detailed FARS data to include non-fatal accidents.  
This is important since the case study reports indicate that many severe fires that damage bridges 
do not involve fatalities.  In this study, this was accomplished by the calculation of a fatal to non-
fatal accident ratio.  In the years where the number of accidents reported was greater than zero, a 
ratio was calculated for each accident type.  Overall, 17 of the 21 reporting years were used to 
calculate the ratios.  These yearly ratios were averaged to determine a single multiplier that could 
be used to scale up the FARS data to include non-fatal accidents.  Using this approach, it is 
estimated that about 105 bridge fires involving vehicle crashes can be expected to occur each 
year. 
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NFIRS Database 
In the United States fire statistics fall under the authority of the National Fire Incident 

Reporting System (NFIRS), managed currently by the Department of Homeland Security (DHS) 
and its sub-agency the Federal Emergency Management Agency (FEMA).  The National Fire 
Protection Association (NFPA), a professional organization, produces several annual summary 
reports based on the NFIRS data, however none are specific to bridges.  The NFIRS data is 
assembled from incident reports submitted by participating fire departments around the U.S.  In 
an average year, NFIRS receives reports from about 18,960 departments and the database 
represents about half of the reported fires in the US.  The raw data from the NFIRS database was 
obtained from the Department of Homeland Security.  Only a small portion of the incidents 
reported to NFIRS are reported under property use code 921, indicating the fire events occurred 
on a bridge or trestle.  The reported incidents include all types of situations where a fire 
department response is required, including vehicle fires, accidents, natural fires (wildfires), EMS 
calls, and false alarms.  The subset of events where fires were "explicitly extinguished" excludes 
those records where no fire occurred. 

An NFPA report based on the NFIRS data states that bridges and trestle fires occurred on 
average 320 times a year between 2003 and 2007 (Ahrens, 2008).  At first this number looks 
extremely different from the 105 events estimated by combining the GES and FARS data.  A 
simple ratio would indicate that there are twice as many non-vehicle related fires as there are 
vehicle related ones.  However, the 105 number is accompanied by a rather large confidence 
interval (-63 to 294).  This fact, combined with the unreported confidence interval of the NFPA 
estimate,  means the two numbers may be in reasonable agreement.  

The 320 number is an estimate based on statistical analysis of data collected from both a 
NFPA survey of firefighting departments and the NFIRS database.  According to the report 
(Ahrens 2008), the NFPA uses a scaling ratio to extrapolate a national average from the NFIRS 
survey data.  The NFIRS data is input from 18,960 fire departments and is estimated to represent 
half of the total number of fires in the US.  Based on this information, the NFIRS database can 
be investigated further to understand the fire sources that make up the 320 per year NFPA 
estimate. 

A summary of the raw data for the total number of fires involving bridges or trestles 
(property code 921) is shown in Table 6.  The reported incidents include all types of situations 
where a fire department response is required, including fires, accidents, other EMS calls, and 
false alarms.  Selecting only those incidents where fires were explicitly extinguished reduced the 
number of incidents substantially.  There are relatively large differences in the in the total 
number of incidents reported in the years 2001 through 2003 compared to other years.  The 
reason for this difference was not determined. 
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Table 6  NFIRS raw data incident summary. 

Year 
Number of 
Incidents 

Number of Bridge 
Incidents 

Percent Bridge 
Incidents 

1999 2,294,090 773 0.03% 
2000 2,935,878 1019 0.03% 
2001 5,544,172 2234 0.04% 
2002 739,224 3164 0.43% 
2003 10,134,969 4966 0.05% 
2004 1,714,972 1579 0.09% 
2005 2,016,611 1869 0.09% 
2006 2,153,398 1973 0.09% 
2007 2,197,537 1826 0.08% 
2008 2,178,599 1558 0.07% 
2009 2,072,850 1588 0.08% 

 
 

Table 7 shows the breakdown of fires involving bridges and trestles according to fire 
type.  Simple structure fires are a very small percentage of the total.  The leading type of fire 
reported in NFIRS on a bridge or trestle is a rubbish or trash fire at 40%.  Natural and Vehicle 
fires cause 18% and 15% of fires respectively.  According to the NFPA, 20% of brush, grass and 
forest fires from 2004-2008 were intentional (Ahrens 2010a).  With improvements to the NFIRS 
reporting system in 2001 the number of fires denoted as cultivation drops significantly.  This is 
probably because of improved reporting detail in the 5.0 version of the NFIRS software available 
to fire fighters.  The improvement of the NFIRS system is part of the reason the NFPA research 
only reported vehicle fires for 2003 to 2007.  

 
Table 7 Predicted number of fires threatening bridges based on 1999 - 2009 NFIRS data. 

 Total Other Structure Vehicle Natural Trash Cultivation 
Average No. 1641 333 84 243 288 657 36 
Percentage 100% 20% 5% 15% 18% 40% 2% 
Confidence 
(+/-) 375 71 30 54 62 194 22 
 

In the subset of fires involving vehicles, the vehicle size could generally be determined 
from the "Vehicle Type" field: "Passenger", "Freight", or "Other" as shown in Table 8.  The 
NFIRS database also contained some information  concerning hazardous cargo.  The field 
"Hazardous Release"  includes the classifications: "Gasoline", "Diesel", or "Other".  A second 
field, "Action Taken",  was used to determine if the spill resulted in a fire.  In this case, it was 
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assumed that fire occurred if any typical fire related actions, such as "extinguishment", 
"management", or "salvage"  were coded as actions taken by the emergency responders.  Other 
actions such as "EMS" and "spill containment" were also counted in the total number of 
hazardous material releases. 

Table 8  NFIRS raw data:  Types of vehicles involved in bridge fires from 2001 – 2009. 

 Passenger Freight Vehicle Other 
Average 71% 7% 21% 
Standard Deviation 14% 2% 14% 

 

Fire Severity 

The severity of the fire events must be established in addition to the frequency to perform 
a meaningful fire risk analysis for bridges.  The FARS and GES databases are concerned only 
with the frequency of accident reporting and do not elaborate on the accidents.  NFPA reports 
also offer little information on fire severity from the perspective of bridge damage.  Most of the 
NFPA reports measure severity in terms of life loss, injury, and property damage, measures that 
are more suitable for application to building fires.  It is not known how or if property damage is 
estimated for the bridge incidents.  The VT case study database could not identify any cases 
where bridge damage contributed to injury or loss of life in a fire event.  Loss of service and/or 
shortening of service life are the two most important risk factors for bridges.  Both the severity of 
fire and the bridge damage threshold must be determined to identify the subset of events that 
cause significant bridge damage.  Most of the cases used to develop the NFPA report statistics do 
not cause significant damage or loss of service for bridges.  Therefore, direct use of NFPA 
statistics will greatly over-estimate the primary fire risk factor for bridges.  

OVERALL FIRE RISK 

Establishment of overall fire risk for the general population of bridges proved to be 
elusive based on limitations of the available data.  Different bridge locations and roadway types 
can be expected to have different causative risk factors.  For example, bridges on low volume 
roads through forests or wooded areas may have wildfire as the primary risk.  Bridges on 
interstate highways are typically constructed from non-combustible materials and the primary 
risk is from vehicle fires.  In addition, terrorist attacks on high profile bridges or bridges in urban 
areas may also need to be considered.  For other extreme event limit states such as earthquake 
and wind, it is possible to use historical knowledge to characterize the probability of extreme 
events on a regional basis.  Maps can be developed to classify the event risk based on geographic 
location.  This is not generally possible for bridge fire events.  Bridge vulnerability depends on a 
number of local, site specific factors that are difficult to quantify in a general sense.  The risk 
associated with a terrorist attack on a bridge was not possible to quantify based on available data; 
however, the very low occurrence may be overshadowed by the potential for high damage.  
Therefore, the potential for terrorist events should be considered when conducting a risk 
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assessment on a specific bridge.  The following discussions elaborate on some of the risk factors 
that need to be considered for bridges exposed to vehicle fires. 

Vehicle Fires 
General examination of the VT and NYDOT databases indicates that the majority of 

damaging fire events on concrete and steel bridges are caused by large vehicle fires.  According 
to Better Roads Bridge Inventory 2009 there are 597,787 bridges in the Nation.  The FARS and 
GES data estimate 105 crash events each year involving bridges and fire.  Using this number, 
there is a 0.02% chance that a given bridge will experience a vehicle collision fire event each 
year.  It is difficult to apply this probability to specific bridges since each bridge has specific risk 
factors that may increase or decrease vehicle crash risk.  Each bridge will have local conditions, 
such as roadway layout, shoulder widths, traffic volume, traffic composition, etc. that will define 
crash risk.  This is particularly true for truck crash events that have the highest potential to cause 
bridge damage.    

The total number of vehicle fires on bridges (243) reported in the NFIRS database is 
somewhat larger than the number derived from the FARS and GES databases (105).  However, 
given the reporting limitations and differences between the two sources, this can be considered to 
be reasonable agreement.   The overall number of vehicle fire events occurring on bridges has 
limited use for evaluation of fire risk because only a small subset of these events cause bridge 
damage.  Limitations of both the NFIRS and FARS-GES databases make it difficult to separate 
the damaging events from the non-damaging events. 

One potential indicator of fire severity is the size and type of vehicle involved.  large 
trucks with both palletized freight and fuel tankers are potentially large fuel sources.  FARS and 
GES statistics have shown that 14% of vehicle crashes that result in fire involved a large truck.  
However, large truck events may result in both large and small fires.  The NFIRS database 
provides a very broad classification of vehicle types, "passenger", "freight", and "other" that has 
limited usefulness for evaluating fire severity.   

Figure 3 shows the probability of occurrence (likelihood) of vehicle fires involving 
bridges in a given year based on the three different data sets analyzed in this study.  A uniform 
distribution was assumed in the data analysis.  It should be noted that most of these fire events 
are relatively small and do not cause bridge damage.  This makes it difficult to evaluate risk for 
bridges where the primary risk factor is loss-of-service.  Based on the NYDOT database, less 
than one vehicle fire event per year is expected to result in severe damage that incapacitates the 
bridge for further service. 
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Figure 3. Distributions of annual number of vehicle fires exposing bridges determined from three 
datasets. 

Summary 
For most bridges on the U.S. highway system, vehicle fires are the primary fire risk.  

Review of individual events in the case study database indicates that geometric features of the 
bridge was a contributing factor in causing the collisions.  It is obvious that poor bridge safety 
features will increase crash risk and thereby increase the risk of fire.  Narrowing of lanes, 
decreased shoulder width, discontinuities of guard rails, and other roadway features were found 
as contributing causes for crash events.  The presence of piers and abutments close to the 
roadway underneath the bridge was also a contributing factors for some fire events.  It can be 
concluded that the traffic safety conditions on a specific bridge will also affect the risk of 
damage by fire.  The case study reports, plus the conclusions developed later in this report, show 
that only large vehicles with their cargo fully involved in the fire are likely to cause bridge 
damage.  Large fuel tanker truck fires are the most common damaging event.  Therefore, traffic 
composition can be expected to have an effect on fire risk.  Bridges on or over routes with high 
large truck volume in the traffic composition will be exposed to higher risk of damaging fire 
events.  However, it was not possible to isolate the events that cause bridge damage from those 
that do not in the vehicle crash databases. 

A number of cases were identified where bridges were exposed to an environment that 
posed a fire risk.  There are several cases where railroad vehicle fires have occurred underneath 
highway bridges.  The risk of rail vehicle fire events is beyond the scope of this project.  Trash 
fires, construction fires, and other external events have been responsible for fires affecting 
bridges.  There is no general methodology for defining risk for these fire causes, each bridge 
represents a somewhat unique situation.    

 

  



14 
 

CHAPTER 3  MODELING BRIDGE BEHAVIOR DURING 

FIRE EVENTS 

HIGH TEMPERATURE MATERIAL BEHAVIOR 

 A detailed literature review was performed under this project to understand the high 
temperature material properties of structural materials used in bridges.  The results of the 
detailed literature review are provided in APPENDIX E.  This chapter presents a summary of the 
high temperature material property data that is of the most importance to structural engineers for 
the purpose of fire evaluation. 

Steel Properties 
The high temperature properties of structural steel have been well researched and 

documented in the literature.  While the properties of concrete reinforcing steel differ somewhat 
from hot-rolled plates and structural shapes, both in production methodology and chemical 
composition, the high temperature property changes are similar.  Standards from ASCE (ASCE 
and Lie, 1992) and the Eurocode (CEN 2005b) exist for structural steel properties.  In addition to 
their work on concrete, Kodur and Dwaikat (2010) performed a review of structural steel 
properties for use in fire modeling.  Several other investigations have been performed to verify 
the applicability high temperature property models to mild reinforcing bars and prestressing 
strand.  The thermal properties; conductivity, specific heat, and thermal strain are not influenced 
much be processing methods, therefore the models developed for structural steels can be applied 
to reinforcing bars and prestressing strand.  Mechanical properties are significantly influenced by 
processing method and there is a clear difference between hot rolled and cold drawn or heat 
treated steels. 

Thermal Properties 

Thermal conductivity in steel is less variable with temperature than the conductivity 
property of concrete.  Kodur reviewed a group of papers that measured the thermal conductivity 
of typical structural steels and developed a predictive model.  Figure 4 shows a comparison of 
the available data to the ASCE and Eurocode predictive models (Kodur and Dwaikat 2010).   
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Figure 4  Models to predict the thermal conductivity of steel compared to the 

experimental data developed in different test programs. 

Specific heat varies less across the temperature range expected in a fire scenario 
compared to the properties of concrete.  Data summarized by Kodur were compared to the 
models provided by Eurocode and ASCE as shown in Figure 5 (Kodur and Dwaikat 2010).  The 
two models are similar below 600°C, however Eurocode predicts much higher energy absorption 
near 700ºC when the crystalline structure of the steel breaks down. 

The thermal strain rate of steel is an important parameter needed to understand the 
internal forces that develop in bridge systems during fire events.  This is usually expressed as a 
constant coefficient of expansion at normal bridge service temperatures.  At higher temperatures, 
the coefficient of expansion changes as a function of temperature and is better expressed as 
thermal strain.   A non-linear model for thermal strain is therefore used when modeling high 
temperature structural response.  Thermal strain also affects the bond between concrete and 
reinforcing steel because the two materials expand at different rates. Figure 6 shows the ASCE 
and Eurocode predictive models for thermal strain compared to the literature data analyzed by 
Kodur and Dwaikat (2010). 
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Figure 5  Models to predict the specific heat of steel compared to experimental data from 

different testing programs in the literature. 

 

Figure 6  Models for predicting the thermal strain of steel compared to experimental data 
from different testing programs. 
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Mechanical Properties 

The elastic modulus and yield stress are the most critical  mechanical properties needed 
for analysis and design of structural steel.  These properties both change at elevated 
temperatures.  Various researchers have measured these properties using different test protocols 
and there is some resulting scatter in the results.  Kodur and Dwaikat (2010) analyzed the data 
from ten different studies conducted with varied loading rates and different heating regimens.  
This leads to large variability between data sets, even within the data subset examined by Kodur.  
The ASCE and Eurocode models approach the high temperature variability of steel in different 
ways.  The ASCE model for predicting yield strength as a function of temperature closely 
matches the subset of structural steel data used in its formulation. The Eurocode model includes 
an elastic limit as well as a yield stress in its formulation.  The evaluation of yield strength at 
high temperatures is complicated because the shape of the stress-strain curve also changes.  The 
two components of the Eurocode yield strength model individually seem to deviate from the 
experimental data but when they are combined in the stress-strain constitutive relationship the 
resulting curve is similar to the ASCE model.  In general, the ASCE model is more conservative 
than the Eurocode model, showing a greater reduction in yield stress at lower temperatures as 
shown in Figure 7.  The y axis indicates the yield strength at a given temperature normalized by 
the room temperature yield strength at 20°C.  A third predictive model developed by Poh (2001) 
is also presented. 

 
Figure 7  Different models used to predict the yield strength of steel compared an 

assemblage of test data from the literature. 
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The elastic modulus decreases with temperature similar to the yield stress.  In addition to 
the loss in yield strength, steel becomes less stiff at high temperatures.  Figure 8 shows that the 
Eurocode model predicts a greater reduction compared to the ASCE and Poh models (Kodur and 
Dwaikat 2010). 

 
Figure 8  Prediction models for the elastic modulus of steel compared to an assemblage 

of data from different experimental tests. 

The yield stress and elastic modulus models used by the two codes vary but the resulting 
stress-strain constitutive relationships maintain good agreement.  The ASCE model for stress and 
strain is a simple bilinear relationship while the Eurocode model must be constructed from 
piecewise functions and tabulated data that includes the elastic limit and yield stress.  Both 
models provide a temperature dependant stress-strain relationship.  Figure 9 through Figure 12  
show a comparison of the stress-strain behavior of three different structural steels at elevated 
temperature with the Eurocode and ASCE models.  The data is from Harmathy and Stanzak 
(1970) and Kirby and Preston (1988) for common structural steels.  At room temperature, the 
three steels exhibit elastic-plastic behavior followed by strain hardening.  However at elevated 
temperatures, the yield plateau disappears and the curves have a round-house shape.  For 
reference, BS Grades 43A and 50B are similar to ASTM Grades A36 and A572.   The Eurocode 
predictions better represent the measured data for BS Grade 43A and ASTM A36 steels over the 
range of temperatures, particularly at lower strains.  All correlations under-predict the results for 
the BS Grade 50B steel.  The use of a proportionality limit by the Eurocode creates a softer 
transition from elastic to plastic behavior as temperatures rise. 
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Figure 9  Stress-strain curves for structural steels at 20°C. 

 
Figure 10  Stress-strain curves for structural steels at 200°C. 
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Figure 11  Stress-strain curves for structural steels at 600°C. 

 
Figure 12  Stress-strain curves for structural steels at 800°C. 

 

Strain (mm / mm)

0.00 0.01 0.02 0.03 0.04 0.05

St
re

ss
 (M

Pa
)

0

100

200

300

400

500

ASTM A36
BS Grade 43A
BSGrade 50B 
ASCE 
EUROCODE 

Strain (mm / mm)

0.00 0.01 0.02 0.03 0.04 0.05 0.06

St
re

ss
 (M

Pa
)

0

100

200

300

400

500

ASTM A36
BS Grade 43A
BS Grade 50B 
ASCE 
EUROCODE 



21 
 

Creep of steel under sustained loading becomes factor when the steel is heated, 
particularly if the heating duration exceeds about one hour.  Kodur explains that the Eurocode’s 
model derivation includes the effects of creep by including test data from tests performed under 
sustained load.  The ASCE recommends that designers include the effect of high temperature 
creep but do not recommend a model.  Kodur compared the model originally developed by Dorn 
(1954) and later augmented by Harmathy and Stanzak (1970) with the analytical regression creep 
model included in the ANSYS software package.  Figure 13 compares predictions from the two 
models to tests performed at three different stress levels (Kodur and Dwaikat, 2010) 

 

Figure 13  Creep strain predicted by the Kodur-ANSYS and Harmathy models at 550°C for three 
different applied stress levels. 
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Thermal Properties 

The thermal conductivity of concrete varies depending on its constitutive materials.  
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temperature.  The ASCE (ASCE and Lie, 1992) and Eurocode (CEN 2005a) contain models to 
predict the thermal conductivity at elevated temperatures.  ASCE includes two bilinear models, 
one for siliceous aggregates and another for carbonate aggregates.  Eurocode provides two 
parabolic curves that represent the upper and lower bound of the data.   

The specific heat capacity of concrete is presented in terms of heat capacity.  Heat 
capacity, defined as the product of specific heat and density, is a variation on specific heat but it 
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does not vary much with temperature.  One unique exception to this rule exists between 600ºC 
and 800ºC where excess calcium carbonate introduced by carbonate aggregate undergoes a 
endothermic reaction with other compounds in the cement, thereby absorbing a large amount of 
energy.  Currently the ASCE model accounts for this effect while the Eurocode does not.   

Thermal expansion of concrete must be considered to accurately model the behavior of 
restrained concrete elements.  If temperature induced strain is prevented due to constraint, then a 
temperature change will cause stresses in the concrete that can lead to cracking or crushing.  The 
rate of expansion is temperature dependent.  Eurocode provides models for both siliceous and 
carbonate based concretes while ASCE does not differentiate based on aggregate type.  Both 
Eurocode models predict more thermal expansion compared with the ASCE model. 

Mechanical Properties 

The concrete cylinder strength at elevated temperature is the most widely tested and 
reported property in the literature.  In general, there is a slow degradation in compressive 
strength as temperatures rise to 400ºC followed by a more pronounced reduction at higher 
temperatures.  Variations in concrete composition have a large influence this relationship.  
Various researchers; (Durrani and Castillo, 1990) (Cheng, et.al., 2006) (Kerr 2007) (Phan and 
Carino, 2001) showed the influence of  high strength concrete (HSC) composition on its material 
properties.  With increasing temperature, HSC loses strength faster because the denser cement 
matrix causes higher pore pressure and micro-cracking (Durrani and Castillo, 1990).  

Eurocode and other researchers (Hertz, 2005) (Kodur and Dwaikat, 2008) (Knaack and 
Kurama, 2009) (Knaack and Kurama, 2010) differentiate between aggregate types in their 
concrete models.  The use of siliceous aggregates causes concrete to lose strength at lower 
temperatures compared to carbonate aggregates.  This may be due to the quartz content of 
siliceous aggregates which undergoes a phase change in the range of temperatures of interest 
(Knaack and Kurama, 2009).  Siliceous aggregates also have a larger coefficient of thermal 
expansion that can cause more damage as temperatures increase (Hertz, 2005). 

Compressive strength also varies widely based on mix formulation, therefore high 
temperature properties are reported as the ratio of elevated temperature strength divided by the 
strength at room temperature (20ºC).  ASCE presents a bilinear model with concrete retaining its 
full strength up to 450ºC, followed by a linear degradation to zero at 874ºC.  Eurocode presents 
tabular data broken down into five categories, siliceous aggregate, carbonate aggregate, and three 
different classifications of high strength aggregate.   

Less data exists in the literature for the high temperature modulus of elasticity of 
concrete.  The available data is hard to compile and compare because different researchers use 
different testing procedures.  Both static and dynamic tests have been performed to determine 
modulus.  The static modulus can be measured as the initial tangential modulus or as a secant 
modulus.  Dynamic tests were reported using ultrasonic pulse or resonance frequency testing 
methods. 

Of the previously cited paper reviews, only Knaack and Kurama (2009) present a 
mathematical model for elastic modulus as a function of temperature.  They cite data from seven 
papers that report elastic modulus testing (Saemann and Washa, 1957) (Harmathy and Berndt, 
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1966) (Lankard and Birmiker, et.al., 1971) (Durrani and Castillo, 1990) (Phan and Carino, 2001) 
(Cheng and Kodur, et.al., 2004) (Kerr, 2007).  Knaack’s model is a quadratic polynomial 
utilizing different coefficients to create a series of curves for different concrete mix properties.  
His coefficients can alter the curves to represent the unstressed state of calcareous or light-weight 
NSC and the residual, stressed or unstressed states of HSC.   

The stress-strain relationship is the most important constitutive relationship for analysis 
of concrete.  Popular design models such as Whitney’s stress block do not scale with 
temperature.  The aforementioned changes in compressive strength and modulus of elasticity 
alter the shape of the stress-strain relationship.  Additionally the ultimate strain when concrete 
crushes is increased with temperature while the strain at peak stress decreases. 

In codes, the changing values of strain are modeled differently.  ASCE uses a parabolic 
function of temperature to predict peak stress-strain.  The Eurocode provides their model as a 
data table, but it does not differentiate between NSC and HSC.  The ASCE model also does not 
differentiate between NSC and HSC.  This leads to the efforts by Kodur to develop a HSC 
alternative to the ASCE curve as shown in Figure 14 (Knaack et al. 2010). 

Eurocode also tabulates the value of ultimate strain as a function of temperature.  ASCE  
does not provide a model for this value.  Knaack and Kurama (2010) presented data based on the 
ASCE assumption that the ultimate strain in the concrete occurs at a stress level equal to 85% of 
f’c as shown in Figure 15.  

Although the resulting stress strain relationships look similar, differences lie in the post- 
peak stress portion of the curve where the Eurocode adopts a linear relationship (Figure 16 and 
Figure 17). 
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Figure 14  Comparison of the ASCE, Eurocode, and Kodur models for temperature dependent 

strain at peak stress. 

 

 
Figure 15  Comparison of the temperature dependent ultimate strain predicted by the ASCE, 

Kodur, and Eurocode models (Knaack and Kurama, 2010). 
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Figure 16  ASCE and Lie (1992) temperature-dependent stress-strain models for NSC. 

 
Figure 17  Eurocode temperature-dependent stress-strain models for NSC. 
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Prestressing Steel 
Figure 18 compares the provisions for the high temperature strength of prestressing steels 

compared to the ASCE and Eurocode provisions for general structural steels.  Prestressing steels 
exhibit a greater loss of yield strength at higher temperatures compared to mild structural steel.  
This divergence begins to occur at temperatures greater than 200°C. 

 

Figure 18  Comparison of the Eurocode provisions for prestressing steel (Part 1-2) with the 
ASCE and Eurocode provisions for general structural steel. 

 
 Creep is a more significant effect in prestressing strands compared to structural steels 
since the strands typically operate under higher stress levels.  The initial effects of creep are 
usually viewed as force relaxation in the strands.  Figure 19 shows the expected stress loss as a 
function of time for strands exposed to constant temperatures after being initially stressed to 0.7 
fpu (Atienza and Elices, 2009).   At temperatures above 300°C the strands failed before the four 
hour time limit.  Additional data on strand relaxation is discussed in APPENDIX E. 
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Figure 19  Stress loss over time for strands heated to various temperatures after being 

pretensioned to 70% of the tensile strength (0.7 fpu).  At temperatures above 300°C the strands 
failed. 

 

COUPLED FIRE SIMULATION PROCEDURES 

Modeling to capture the structural response of bridges during fire events is a complicated 
task.  Typical fires that occur under bridges do not heat the bridge uniformly, they cause 
localized regions of higher temperature.  The open-air nature of the fire results in intermittent 
flame contact that varies the heat flux into the bridge members.  This causes significant 
temperature gradients within the bridge components and significant temperature differences 
between different locations in the structure.  These temperature gradients induce differential 
thermal expansion of the components that can result in very high internal stresses and distortion 
of components.  Boundary conditions of the bridge, determined by the presence of expansion 
joints, bearings, substructure elements, and adjacent spans have a large influence on the 
development of these internal forces.  For steel elements, global and local buckling is often 
introduced in members or portions of members.   The modeling methodology must  correctly 
simulate this localized heating to gain realistic structural response.  This includes both the 
heating pattern and duration.  Application of uniform temperature (furnace) heat exposure to the 
structure cannot be expected to provide accurate results. 

Assuming the temperature conditions are accurately simulated, there remains 
considerable complexity in predicting the structural response.  At the minimum, a 3D finite 
element model (FEM) is required to understand the bridge system response.  The mechanical 
properties of the materials are significantly changed as a function of temperature.  This requires a 
non-linear material formulation.  The thermal conductivity of components must be accurately 
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simulated since this determines the internal temperature of the components.  Non-linear effects 
such as creep, local buckling, and concrete cracking are also expected to occur and need to be 
considered in the non-linear material formulation. 

In this work, the bridge response was predicted through a series of three loosely coupled 
analyses: fire analysis, thermal analysis, and structural analysis.  The fire analysis was done 
using the computational fluid dynamics code Fire Dynamic Simulator (FDS).  FDS was used to 
predict the flame height, gas temperatures, and heat flux exposure onto the bridge structural 
members.  The thermal analysis was performed using the commercial finite element code 
Abaqus.  The heat flux boundary condition generated in FDS, that represents the heat transfer to 
the bridge during fire exposure, was imported into Abaqus through a custom-developed user 
subroutine. The Abaqus thermal model then simulates heat conductivity and emissivity of the 
bridge components to predict the temperature present in the bridge components.  A parallel 
Abaqus structural response model was used to determine the response of the structure at high 
temperatures.  The component temperature versus time information from the thermal model was 
input into the structural model.  The structural model is programmed with the non-linear, high 
temperature mechanical properties of the bridge materials.  External loads (gravity) are held 
constant during the analysis.  The bridge response is determined by the thermal expansion of 
components and the degradation of material properties at high temperature.  

I-65 BIRMINGHAM BRIDGE FIRE CASE STUDY 

Out of the case studies available in the VT database, this bridge was chosen as the best 
option for the modeling study.   There are two more severe collapse events in the database, Nine 
Mile Rd. in Michigan and the MacArthur Maze in California.  These were rejected as benchmark 
events since complete collapse is the known result and this does not provide a suitable deflection 
benchmark.  The I-65 bridge experienced significant deflection but did not completely collapse.  
This provides a deflection benchmark for calibration of the models.  In addition, the I-65 bridge 
might be considered a typical grade separation structure on the interstate system.  A third reason 
is the availability of event documentation, bridge design drawings, and case study reports.  

The event occurred in Birmingham, Alabama at 10:15 am on January 5, 2002 when the 
driver of a fuel tanker truck swerved to avoid a merging car while traveling on the I-59 ramp as it 
converges with I-65 South.  The gasoline tanker truck collided with the pier of the I-65 overpass 
at the I-20, I-59 and I-65 junction complex. The fire event consumed 9,900 gallons of diesel fuel 
and lasted approximately 45 minutes.  As seen in Figure 20, the fire was located near the pier of 
the bridge and offset such that a portion of the footprint of the fire was under the bridge structure 
and a portion was uncovered.  In part due to the non-uniform exposure, there was only a partial 
collapse of the bridge as shown in Figure 21.   
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Figure 20. Fire fighters work to control the flames approximately 40 minutes after the beginning 

of the incident.  

 

 
Figure 21. View of damaged I-65 South bridge looking south from the North bound lanes of the 

interchange weave. 
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The damaged bridge consisted of three simply supported spans (83 - 121 - 85 ft) carrying 
two traffic lanes.  The cross section consists of seven 54” deep (1370 mm) steel plate girders 
with a composite 6.5” (165 mm) concrete deck.  An off ramp on the departure side of the bridge 
meant that departure side was slightly wider than the approach side.  The overall  width 
increased to 54 ft (16 m) from 41 ft (12 m) at the narrower end.  The widening meant the girders 
fanned out to support the non-uniform deck width.  The piers and abutments are aligned on a 33 
degree skew, and the bridge has a standard 16 ft vertical clearance over the roadway below. 

Idealized Model Basics 
The coupled simulation methodology is required compatible models to be constructed in  

FDS and Abaqus.  To make this easier, the model was simplified somewhat compared to the 
actual bridge.  The original bridge had a average 33º skew and unequal length girders.  Each 
girder therefore had unique stiffener, shear connector, and flange thickness details.  The model 
was simplified by eliminating the skew and using the average span length of 118 ft (36 m) as a 
constant for all beams.  The width and beam spacing were also assumed to be constant at 46 ft 
(14 m) and 7 ft (2.0 m), respectively.  Transverse stiffener spacing was scaled to the average 
girder length.  The slab depth was maintained at 6.5 in (165 mm) but concrete haunches were 
ignored.  Cross frames were not included in the model because of the complexity this adds to the 
FDS analysis and data transfer. 

Model Mesh and Details 
The models for both thermal and structural analysis were constructed in Abaqus.  The 

same meshing was used for both to facilitate data transfer between the models.  For the thermal 
analysis, the boundary heat fluxes were imported from FDS using a custom sub-routine 
developed at Virginia Tech.  This converted the FDS data into the nodal data needed for Abaqus.  
The model was programmed with the non-linear, high temperature material properties for both 
steel and concrete that are specified by the Eurocode (CEN 2005). 

The deck was modeled using quadratic solid elements in four layers.  The two reinforcing 
steel mats were modeled as smeared thin quadratic membrane elements tied to the concrete deck 
using constraints.  The girders were also modeled using quadratic solid elements.  Steel elements 
had a nominal element size of 0.25 m (10 in) and concrete elements a length of 1 m (39 in).  
Details of the mesh are shown in Figure 22 and Figure 23.  Using solid elements for the deck and 
steel beams is a departure from typical structural modeling methodology that uses mostly shell 
elements.  APPENDIX G presents a convergence and validation study for this mesh compared to 
theoretical solutions and experimental data from the literature.  Surprisingly, the solid meshes 
resulted in a closer match to the experimental data and faster run times compared to the shell 
meshes.  The solid elements also have significant advantages for transferring data between FDS 
and Abaqus. 
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Figure 22. Isometric view of the structural Finite Element Model. 

 
 

 
Figure 23. Close up of model with main span slab removed to show interior and exterior girder 

details. 

 
The low temperature material properties were based on the nominal steel and concrete 

strength in the original construction plans of the bridge.  The Eurocode models for high 
temperature steel yield strength and concrete compressive strength were programmed into the 
model to provide a non-linear material definition that changes with temperature.  The Eurocode 
models for high temperature thermal material properties were programmed into the thermal 
analysis version of the model. 
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The bearing conditions were modeled using multi-point constraints to link a bearing 
surface on each beam to a corresponding control node on the top of the pier cap.  The multipoint 
constraint allows rotation of the surface around the control node while maintaining a consistent 
distance between the bottom of the girders and the pier to represent the thickness of the bronze 
bearing plate.  The control node was then restrained with roller type constraints.  The approach 
slabs on both ends were modeled to provided longitudinal restraint to the center span.  Contact 
elements were introduced between the opposing span slab surfaces to account for the expansion 
joints present in the deck.  This detail is shown in Figure 24. 

 

 
Figure 24. Boundary conditions at the end support. 

 
Thermal expansion of the main span is arrested when the slab expands enough to close 

the initial gap.  The gap distance was determined to match the expansion joint details shown on 
the bridge plans.  The expansion gap present on the day of the fire is not known.  However, the 
ambient temperature on the day of the fire is known from weather records.  Assuming that the 
full range of expansion occurs between the maximum and minimum service temperatures 
proscribed by the AASHTO code, the gap was determined that would correspond to the ambient 
temperature.  The four expansion joint gaps in the actual bridge (two at the abutments, two 
between the end and center span) were condensed down to one gap equal to 64 mm (2.5 in) that 
was placed on the left end of the model.  The opposite end had a pinned boundary condition.  
This simplification was needed to prevent rigid body motion in the model.  The adjacent slabs 
were modeled using linear solid elements with no reinforcing steel to reduce model size.  This 
results in realistic stiffness of the end spans to determine realistic end forces on the center span.  
In some cases the axial force across the gap became large enough to overwhelm the concrete 
compression capacity resulting in numerical instability.  In these cases, the approach slab was 
replaced with a rigid contact plane to create the boundary condition.  

The vertical loads on the structure during the fire included the self-weight of the structure 
and the weight of the curbing and rail assemblies.  The self-weight was applied as a gravitational 
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body force.  The curbing rail weight was estimated to be 1.74 kN/m (119 lbs/ft ) excluding the 
railing uprights.  The reinforcing steel across the cold-formed railing joint was minimal so the 
bending stiffness of the rail was excluded from the model.  Web buckling modes were initiated 
utilizing small concentrated loads on the web surface during the gravity step to seed a web 
buckling mode into the model.  As the thermal temperatures were applied in the subsequent 
loading steps these concentrated loads were gradually reduced to zero.  Preliminary model runs 
with a geometrically straight, no load web creates a bifurcation buckling problem where the web 
suddenly tries to "snap" into a buckled shape.  This caused solution instability in the preliminary 
runs or greatly increased solution time.  A dynamic model would be required to remain stable 
under such buckling events, but the solution time of such a model would be prohibitive.  The 
"pseudo" loads avoided this problem.  It is recognized that the resulting web mode shape is 
artificially determined, but this has no effect on the global bridge response.  

The analysis was completed in two sequential steps.  Gravity loads were applied to the 
model in the first step and the web buckling modes were initiated.  The second step introduced 
the nodal temperature histories generated from FDS and the small web forces were removed.  
The solution method utilized adaptive damping to aid convergence.  Adaptive damping adds 
small mass proportional forces to aid in numerical convergence when local instabilities are 
present.  

 

Structural Results for the Birmingham Bridge Case 
Four tanker fire simulations were completed for the Birmingham Bridge fire case.  For 

each simulation the tanker was located to increase the severity of the exposure.  In Case 10  
(Location C) the tanker was located near the pier support with the center of the fire footprint 
coincident with the centerline of the bridge.  In Case 11 (I-65) the fire was offset in the 
transverse direction by half the tanker length laterally and moved one meter away from the pier.  
This case corresponds with the actual I-65 fire location estimated from photographs of the event.  
The tanker was then located at mid-span and transversely offset to be centered under an exterior 
girder (Case 9, Location B).  The largest deflection occurred in Case 8 (Location A) with the 
tanker at mid-span and transversely centered under the bridge.  The results of these four cases are 
summarized in Table 9.  The vertical deflections are reported for the location experiencing the 
maximum deflection for each case.  APPENDIX B presents more detailed results for these four 
cases. 

Table 9. Birmingham Bridge Tanker Fires 

Fire Location Case Distance 
from Pier 

Transverse Offset 
from Centerline 

Maximum Deflection 
During Fire 

Final Deflection 
After Cooling 

10 Pier, Centered 2 m 0 m 0.95 m 0.45 m 
11 Pier, Offset 2 m 7 m 0.60 m 0.16 m 
9 Mid-span, Offset 18 m 7 m 0.40 m .05 m 
8 Mid-span, Centered 18 m 0 m Collapse Collapse 
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In the real fire (Case 11) the bridge experienced large deflections but did not collapse.  
The girders on the side closest to the fire experienced large deflections while little deflection 
occurred on the opposite side of the bridge.  The simulation is able to bound this behavior 
depending on the exposure location used.  When all the girders are exposed in cases one and 
four, larger deflection and a complete collapse are observed.  The simulation also captures the 
qualitative behavior of the system well.  The deflected shape with the vertical deflection plotted 
as colored contours is shown in Figure 25. 

 

 
Figure 25. Maximum deflections occurring during the tanker fire simulated in Case 9. 

 
The deflected shape shows that the cooler, less exposed girders remain elastic and can 

withstand the additional loads shed by the exposed girders.  The pattern of deflection is 
consistent with the deflected shape of the real event.  When the tanker was centrally located in 
the transverse direction at mid-span all of the girders were heavily exposed eliminating 
redundancy and causing a complete collapse.   

There are differences between the Abaqus model and the actual bridge that make it 
difficult to exactly match the deflection of the I-65 bridge.  Geometrically the model differs from 
the actual bridge.  The real event occurred under a skewed bridge that has a variable deck width 
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while the model removed the skew and had a constant deck width.  The girders in the real bridge 
had variable cross sections with a different moment of inertia at the ends compared to the center 
of the girders.  In the Abaqus model, section properties were averaged from among all of the 
cross sections present in the structure.  The skew elimination changed the length of some girders 
in the bridge, some were longer and some shorter.  In the actual bridge, the moment of inertia 
was different for each girder while the model used the same moment of inertia for all girders.  
These simplifications can be expected to have minor effects on both the thermal and structural 
analysis results.  The skew and deck width simplifications were necessary to facilitate 
development of the FDS model.  In the FDS fire simulation the heat fluxes are also influenced 
slightly by the steel element thickness.  Maybe the biggest source of difference is that the fuel 
amount, consumption rate, and heat release rate had to be estimated for input into the FDS fire 
simulation.  Other factors that may have affected the accuracy of the fire event modeling include 
wind, fire-fighting efforts, and the vertical deflection of the bridge elements. 

The top and bottom reinforcement steel layers in the model deck were determined by 
averaging the longitudinal and transverse bar properties and uniformly distributing them 
throughout the deck.  The girders  are compositely tied to the deck at a uniform spacing along the 
length rather than using studs spacing clusters toward the ends.  The boundary conditions in the 
model also do not allow the girders to fall off bearing plates, a condition that was observed in the 
actual bridge.  The boundary conditions also have a tie down in the vertical direction that is not 
present in the design drawings.   

For the aforementioned reasons, exact prediction of the final large deflection in the bridge 
is a difficult target.  In the actual event the tanker fire that occurred caused a partial collapse the 
bridge where the less-exposed girders retain enough strength and stiffness to restrain the 
structure from complete collapse.  This is the reason that the four different fire locations were 
evaluated to compare the model results to the actual bridge response.  In the worst case with the 
fire centered at mid-span (Case 8) where all girders were exposed to high temperature complete 
collapse is observed.  For the actual fire position (Case 11) the model under-predicted the 
deflection of the actual bridge.  Considering the estimated knowledge of the fire event and the 
model simplifications, it was determined that the model provides a reasonable prediction of 
bridge response.  The model is capable of predicting when a bridge can be expected to collapse 
and experience large deflections with a reasonable degree of accuracy.  Therefore the model was 
deemed suitable for the parametric study discussed in the following chapter.  
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CHAPTER 4  PARAMETRIC MODELING STUDY 

This study was performed to investigate key variables and their effect on bridge response 
during fire events.  The variables include fire size, fire location, steel versus concrete materials, 
and vertical clearance above the fire.  Complete coupled simulation runs were performed as 
described in Chapter 3.  The results provide information about the fire size generated in FDS, the 
resulting bridge member temperature, and the structural response.  A main use of this data is to 
study the effect of the parametric variables.  This helps isolate the subset of events that might be 
expected to damage bridges.  A second use is to serve as a series of benchmark events to assist in 
post-fire evaluation of bridge structures.  Given a set of conditions where the fire size, location, 
and bridge deflection are known, the real fire event can be matched to one of the parametric 
simulations.  This can provide valuable information about the temperature of elements in the 
bridge that will aid post-fire strength and serviceability evaluations. 

Four different trucks were used for the simulations, in order of increasing fire size: 

• Bus This vehicle represents a large passenger bus. 

• Half-Heavy Goods Vehicle (1/2-HGV) This is a box-type semi-trailer truck 
that is half full of palletized flammable cargo. 

• Full Heavy Goods Vehicle (HGV) This is a full box-type semi trailer truck that 
is full of flammable cargo. 

• Tanker  A standard semi-trailer fuel truck full of gasoline. 

The fires were placed in four different locations underneath the bridge: 

• Location A was centered at mid-span, both longitudinally and transversely. 

• Location B was centered at mid-span longitudinally, but was transversely offset to 
be outside of an exterior girder. 

• Location C was transversely centered under the bridge but longitudinally offset 
close to the pier at the end of the span. 

• I-65 Birmingham This location was offset both transversely and 
longitudinally from the center of the bridge to correspond with the observed 
location of the actual fire event. 

Three different vertical clearances were studied above the roadway below where the base 
of the fire was located, 16 ft, 24 ft, and 32 ft.  The parametric study test matrix is shown in Table 
10.   
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Table 10  Parametric study test matrix. 

Case 
No. 

Vehicle 
Type 

Fire 
Location 

Beam 
Material 

Vertical 
Clearance 

(ft) 

Maximum 
Heat 

Release Rate 
MW (Btu) 

Event Duration 
Heating 
Phase 

(s) 

Cooling 
Phase 

(s) 
1  

Bus 
A Steel 16  

40 
(37,900) 

 
5000 

 
3600 2 B Steel 16 

3 C Steel 16 
4 HGV A Steel 16 210 

(199,000) 
2500 6100 

5 1/2 
HGV 

A Steel 16  
105 

(99,500) 

 
2500 

 
6100 6 B Steel 16 

7 C Steel 16 
8 Tanker A Steel 16  

 
 

295 
(279,600) 

 
 

 
3000 

 
5600 9 B Steel 16 

10 C Steel 16 
11 Tanker Birmingham Steel 16  

 
2650 

 
 

5950 
12  

Tanker 
A Steel 24 

13 A Concrete 16 

14 A Steel 32 

 
APPENDIX A of this report contains details of the FDS and thermal analysis results for 

each case.  APPENDIX B presents the structural response at high temperature.   The following 
figures show a graphical sampling of the results for Case 8 that resulted in collapse of the model.  
Identical information is available for all 14 cases in the appendices.  
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Figure 26 Heat release rate for the Tanker fire event at Location A. 

 
Figure 27  Flame profile for the Tanker fire at Location A.  The flames do not extend to the 

outside face of the exterior girders (t = 1200 sec.) 

 

Figure 28  Transparent view of the flame profile for the Tanker fire at Location A showing the 
longitudinal flame spread in the girder cavities. (t = 1200 sec.) 
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Figure 29  Plan view of the flame spread underneath the bridge for the Tanker fire at Location 
A. (t = 1200 sec.) 

 
Figure 30  Temperature versus time history for the girder flanges during the Tanker fire at 

Location A (t = 1200 sec.) 
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Figure 31  View underneath the bridge showing the temperature contours for the Tanker fire at 

Location A. (temperature in °K) 

As was previously mentioned, one use for this data is to serve as a series of benchmarks 
to assist with post fire evaluation of structures.  Based on knowledge of the fire event, the closest 
case number can be selected to provide an estimate of the anticipated member temperatures and 
the bridge behavior.  Cases can also be selected to bracket a range of anticipated temperatures.  
The results should be verified through other observations of bridge damage or testing in the post-
fire evaluation process. 

Table 11  provides a summary of the maximum flange temperature for each girder for all 
14 cases.  As might be expected, the patterns show higher girder temperatures at locations where 
the flames are contacting the girders.  The upper bound on temperature is about 1100 °C where 
the girder temperature equals the gas temperature of the fire.  The surface temperature of the 
concrete bridge girders (Case 13) is not much different that the steel girders (Case 8) for the 
Tanker fire at Location A.  However, it will be shown later in this report that the internal 
concrete temperature is much lower, while the entire through-thickness temperature in the steel 
flange is close to the surface temperature. 
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Table 11  Maximum bottom flange temperature for each girder at the location directly above the 
fire location.  Fire location A is mid-span under girder 4, B is mid-span under girder 1, C is at 

the abutment under girder 4. 

Fire 
Simulation 

Case 

Fire 
Location 

Maximum Bottom Flange Temperature  (°C) 
Girder 

1 
Girder 

2 
Girder 

3 
Girder 

4 
Girder 

5 
Girder 

6 
Girder 

7 
1 A 121 227 275 264 255 241 127 

2 B 145 103 82 67 57 54 50 

3 C 72 132 225 169 169 139 76 

4 A 445 842 973 945 900 598 244 

5 A 244 692 715 626 673 481 173 

6 B 233 141 102 78 62 57 51 

7 C 212 468 595 568 587 419 167 

8 A 715 984 1107 1107 1107 953 667 

9 B 511 282 217 175 135 65 99 

10 C 597 877 994 1021 1027 865 597 

11 I-65 585 884 1024 1062 998 842 567 

12 A 508 785 952 983 942 742 470 

13 A 667 931 1029 1053 1043 967 813 

14 A 497 797 957 987 937 747 477 
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CHAPTER 5  EFFECT OF PARAMETERS ON BRIDGE 

RESPONSE 

Based on a summary of the model results, the following sections present a discussion of 
parameters and their effect on bridge performance during fire. 

FIRE INTENSITY AND LOCATION 

The effect of fire size was studied by comparing the deflection response of the bridge 
model to different simulated fires.  The point of maximum deflection observed during the 
simulation was selected for comparison.  The maximum deflection did not occur at exactly the 
same locations for each fire event but the maximums occur close enough that the magnitude can 
be used for comparison.  At Location A, for example, the maximum deflections were observed at 
mid-span (x=18 m) on the center girder.  At Location B, the maximum deflections were observed 
on the exterior or first interior girder at mid-span.  Three fire sizes were considered at each of the 
three locations.  In the simulated fires there were two phases of response, the fire duration during 
rising temperature and the subsequent cooling period.  During cooling, there is considerable 
rebound of structural deflection as the bridge returns to ambient temperature.  The results show 
increasing levels of permanent deformation as the size of the fuel load is increased.  The smallest 
fires considered were fueled by a bus and most of the observed deflections are recovered.  
Smaller fires did not result in any permanent deflection.  In the largest fires larger permanent 
deflections or even collapse were observed. 

Fires at Location A 
At Location A the fuel source is located at the absolute center of the bridge, both 

longitudinally and transversely.  The fire spread provides substantial heating of all beams across 
the transverse cross section.   In this case the Tanker fuel load causes a complete collapse of the 
structure.  The high temperature steel strength was reduced to levels where a plastic hinge 
formed and the bridge collapsed under its own dead load. The smaller 1/2 HGV and Bus fires 
resulted in  little permanent deformation.  A comparison of the peak deflection histories is shown 
in Figure 32.  In some cases, like the 1/2 HGV fire in Figure 32, the deflection rebounds slightly 
higher that the initial deflection.  This effect is caused by some localized yielding of the beams at 
high temperatures that results in permanent deflection.  This effect is similar to the concept of 
heat-cambering steel beams in fabrication.  
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Figure 32. Peak deflection history of multiple fires simulated at Location A. 

 
The delay in deflection onset observed in the fire simulation of the tanker at Location A 

is caused by a large temperature gradient in the most heavily exposed center span region of the 
beams.  The relatively cooler surrounding girder material restrains expansion in this region 
creating an local uplifting moment.  This effect is exacerbated as the expansion gaps close at the 
ends of the bridge and axial forces develop in the girders.  As the fire continues the temperature 
gradient in the girders becomes less severe and the associated moment restraint dissipates.  The 
steel begins to soften due to the high temperature reduction in modulus, local member distortions 
alleviate some of the axial forces, and plastic hinges begin to form in the beams.  This results in 
the onset of downward vertical deflection. 

Fires at Location B 
Location B is similarly located at mid-span of the bridge but the fire footprint is 

transversely offset toward the exterior girder.  This results in higher heating on one side of the 
bridge versus the other.  The girders toward the cooler side of the bridge retain higher strength 
and stiffness compared to the hotter side.  Within the structural system, the cooler girders tend to 
restrain deflection of the hotter girders, thereby reducing the overall bridge deflection.  The 
results, shown in Figure 33, show that the bridge does not collapse under the Tanker fire at 
Location B, but there is significant residual deflection.  Similar to Location A, the 1/2 HGV and 
Bus fires result in little permanent deflection of the structure. 
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Figure 33. Peak deflection history of multiple fires simulated at Location B. 

 

Fires at Location C 
At Location C the fire is located immediately adjacent to the end support and centered 
transversely under the bridge.  Similar to Location A, all of the beams across the width are 
exposed to high heat.  However, the fire impinges on the beams where there is lower bending 
moment.  The resulting maximum deflection histories are shown in Figure 34.  The Bus and 1/2 
HGV  fires did not cause permanent deflection at this location while the larger Tanker fire 
resulted in a large 0.5 m (18 in) deflection of the bridge. 
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Figure 34. Peak deflection history of multiple fires simulated at Location C. 

 

Summary, Effect of Fire Location and Intensity 
The peak deflection during the heating phase is summarized in Table 12 along with the 

percentage recovery of deflection during the cooling phase.  As expected, the magnitude of high 
temperature peak deflection increases with increasing fire size.  Only one event, the Tanker fire 
at Location A, resulted in complete collapse of the bridge during the fire event.  The Bus fire did 
not result in significant high temperature deflection.  The 1/2 HGV and HGV produced 
significant high temperature deflections falling between the Bus and Tanker fires. 

Fires at Location A cause larger high-temperature deflections compared to Locations B 
and C.  At Location B, the cooler exterior girder tends to restrain deflection of the hotter exterior 
girder.  At Location C the hottest part of the girders is located in a region of high shear and low 
moment.  The effect of fire location was not a significant as expected.  For the Tanker fire, all 
locations experienced large high-temperature deflection.  For the 1/2 HGV, Location A was 
larger but Locations B and C still had some noticable deflection.  Simulations of the HGV were 
not performed at Locations B and C. 
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Table 12. Peak deflections and recovered deflection based on fire size and location. 

 
Fire Size 

Location A Location B Location C 
Deflection  

(m) 
Recovery  

(%) 
Deflection 

(m) 
Recovery 

(%) 
Deflection 

(m) 
Recovery 

(%) 
Bus 0.06 100 0. 05 100 0.01 100 

1/2 HGV 0.25 100 0.08 100 0.10 100 
HGV 0.65 85 --- --- --- --- 

Tanker Collapse --- 0.39 87 0.95 53 
 
 

The structural system effect is demonstrated for this bridge by comparison of the high 
temperature deflections at Locations A and B.  This effect may be greater or lower for structures 
with differing widths and number of beams.  Wider bridges can expect to see more restraint to 
deflection with Location B fires and narrower bridges can expect more.  The general concept can 
be extended to any structural system.  Only the members exposed to high temperatures will 
soften during fire and alternate load paths will develop to shed loads to cooler members.  
Although not directly studied in the modeling effort, this helps explain why the case studies 
indicate generally good performance for truss bridges.  One incident, the October 2006 fire in 
New Brighton, PA involved a truss bridge in a relatively large ethanol fire involving multiple 
tank cars.  Remarkedly, the NTSB report indicates there was no major damage to the steel truss.  
The details of the fire time history are not known, but it appears that some members were 
exposed to high heat over long duration.  It appears that the "system" strength overcame 
localized heating in some members.  Structural system load shedding not only reduces the 
magnitude of high temperature deflections, it reduces the driving force needed to develop large 
creep deformation.  

The permanent bridge deflection after the bridge has cooled is a primary factor that 
determines structural failure where the bridge profile following the fire is unfit for service.  Local 
distortion and damage to members is also a factor that damages bridges, but this damage is 
typically repairable and may not have a great effect on the system strength of the bridge.  There 
may be a greater effect on long-term serviceability, however.  From an operational perspective,  
bridges with large deflections are unfit for service similar to those that completely collapse.  The 
I-65 Bridge in Birmingham experienced large deflection that impaired traffic both above and 
below the bridge.  the bridge did not collapse but immediate demolition was required to restore 
operation of the roadway below the bridge.  The modeling results based on the I-65 bridge show 
that the Bus and Half Heavy Goods Vehicle (1/2HGV) fires are not expected to cause permanent 
deformation (100 % recovery).  The full HGV and Tanker fires are expected to cause some 
amount of permanent deflection.  The HGV fire at Location A indicates 85% recovery, resulting 
in approximately 4 in. of permanent vertical deflection.  This is close to a reasonable boundary 
defining what is acceptable or not.  The Tanker fire at Location B only results in about 2 in. of 
permanent vertical deflection.  Overall, it can be stated that the Tanker and HGV fires are likely 
to cause permanent deflections while the Bus and 1/2HGV fires are not likely to cause 
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permanent deflection.  This defines a fire event damage threshold for the I-65 and similar 
bridges. 

 

Fire Duration 
The fire duration is heavily dependent on the fire size and heat release rate.  Smaller fires 

have shorter duration and longer cooling time since the temperature difference between the 
heated elements and the ambient temperature is low.  In the Tanker fires the bridge elements heat 
up faster, remain at an elevated temperature longer, and cool rapidly due to the larger bridge-
ambient temperature difference.  There are two effects that determine vertical deflection, plastic 
deformation at high temperature and long term creep.  The former is relatively insensitive to fire 
duration while creep is highly influenced by duration.  Figure 35 shows how the bottom flange 
temperature and bridge deflection vary during a Tanker fire event.  The temperature rapidly rises 
and remains relatively constant for around 50 minutes.  Once the peak temperature is reached, 
deflection continues to grow to a maximum of around 1 meter.  there are two possible reasons for 
this continued deflection growth, the system effects and creep.  While the beam plotted in Figure 
35 is at a sustained constant temperature, adjacent members may be still experiencing heating 
thereby reducing the system stiffness. The other reason is creep. 

 

 
Figure 35. Comparison of maximum bottom flange temperature and maximum vertical deflection 

observed in center girder of the simulated tanker fire event at Location C. 

 
In this case, where the Tanker fire is at Location C, the highest lower flange temperature 

occurred in girder 4 at a position 3m from the support.  The maximum deflection in girder 4 is 
occurring 16m from the support.  The deflection and the bottom flange temperature have very 
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similar histories both increasing rapidly at the onset.  Up until about 1000 seconds the deflection 
appears to be linear and is the result of thermal expansion and softening of the steel.  The 
deflection magnitude increases and becomes more non-liner as the steel temperature exceeds 600 
ºC.  This can be attributed to reductions in the modulus of elasticity, creep, and adjacent girder 
heating.      

The flange temperature can be divided into three phases, rising temperature, sustained 
temperature, and cooling.  Table 13 summarizes the duration of these phases for the large fire 
cases. 

Table 13. Durations of the heating, sustained and cooling temperature phases observed in the 
bottom flange of simulated bridge fires. 

 
Fire  

 
Location 

Duration of Heating Phases  
Deflection 

Result 
Rising Temp. 

 (s) 
Sustained Temp. 

 (s) 
Cooling 

(s) 

 
Bus 

A 1000 100 7500 Recovered 
B 1000 500 6900 Recovered 
C 1400 100 6900 Recovered 

 
1/2 HGV 

A 1100 500 4400 Recovered 
B 1500 100 4400 Recovered 
C 1500 100 4400 Recovered 

 
Tanker 

A 2000 1000 3400 Collapse 
B 2500 1500 2400 Permanent 
C 1000 3000 2400 Permanent 

 
The Tanker fire resulted in higher temperatures during the sustained temperature phase that 
caused the permanent deflection or collapse.  The bus and 1/2 HGV fires result in much lower 
steel flange temperatures due to their smaller size. These temperatures are also sustained for a 
much briefer phase 2 duration thereby limiting the time available for creep to occur.   
 

Deflection Response at Different Fire Locations 
The simulated fires were conducted at three locations under the bridge.  The post fire 

deflection of the bridge is used to compare the effects of fire location.  The deflections are 
generally larger in the locations with higher bending stress in the beams (A and B). The lowest 
deflections occur at fire Location C near the support.  The largest deflection magnitudes occurred 
at Location A.   

Figure 36 shows the difference in deflection response for the Bus fire at all three fire locations.  
These deflections were recovered during the cooling portion of the simulated fire events.  The 
fire at Location A caused approximately four times the deflection of the fire at Location C.  
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Interestingly, the Bus fire at Location A resulted in about 0.4 in of upward deflection after 
cooling. 

 
Figure 36. Deflection history of the simulated bus fires at Locations A, B and C. 

 
 

 
Figure 37. Deflection history of the simulated 1/2 HGV fires at Locations A, B and C. 
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Figure 37 shows the deflection results for the larger 1/2 HGV fire.  As expected, the peak 
deflection magnitude increases with respect to the Bus fires.  Similar to the Bus fires, the fire at 
Location A is much larger that the deflection at Locations B and C.     

Finally, the deflection responses for the largest Tanker fire are shown in Figure 38.  All of these 
simulations resulted in significant permanent deflection or collapse.  The model predicts collapse 
for the Tanker fire at Location A where the deflection line becomes vertical.  
 

 
Figure 38. Deflection history of the simulated tanker fires at locations A, B and C. 

 
One additional factor needs to be considered concerning fire location.  The fire 

simulations performed in this study were performed in the absence of wind.  Prevailing winds 
during a fire event can influence the way fire affects bridge elements.  A fire occurring at 
Location B may behave more like Location A if wind is blowing the fire toward the center of the 
bridge.  Likewise, fires at Location A may result in less deflection if the wind is blowing 
perpendicular to the beams.  Wind effects should be considered when comparing fire case studies 
to the model simulation results. 

 

Effect of Vertical Clearance 
The Tanker fire at Location A was selected to investigate the effect of vertical clearance over the 
fire.  The vertical clearance below the bridge was varied between  4.9 m (16 ft) and 9.8 m (32 ft).  
The resulting maximum deflection histories are shown in Figure 39.  Increasing vertical 
clearance above 16 ft. changed the response from total collapse to permanent deformation.  
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However, the difference between permanent deflection at 24 ft versus 32 ft was not significant.  
Figure 40 and Figure 41 show the deflection and bottom flange temperature versus time histories 
for the increased clearance fie events. 

 
Figure 39. Deflection histories of simulate tanker fires at Location A with varying clearances. 

 
Figure 40. Comparison of maximum bottom flange temperature and maximum vertical deflection 
observed in center girder of the simulated tanker fire event at Location  A  with a 24 ft clearance. 
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Figure 41. Comparison of maximum bottom flange temperature and maximum vertical deflection 
observed in center girder of the simulated tanker fire event at location  A with a 32 ft clearance. 

 
The interior girder temperatures rose to a similar level as observed in the original 

simulation however the exterior girders saw much lower temps as the clearance increased. The 
approximate flange temperatures are shown in Table 14. 

 
Table 14. Approximate bottom flange temperatures of interior and exterior girders for the tanker 

fire at Location A with varying clearance heights underneath the bridge. 

Superstructure 
Clearance 

Interior Girder Flange 
Temperature 

Exterior Girder Flange 
Temperature 

4.9 m (16 ft) 1000°C 900°C 
7.3 m (24 ft) 1000°C 500°C 
9.8 m (32 ft) 1000°C 400°C 

 
 

Increased vertical clearance decreased the size of the region where beams are subjected to 
the highest heating.  This indicates a reduction of flame spread under the structure.  At the 
elevated clearances the exterior girder temperatures were reduced, thereby allowing them to offer 
more support to the hotter interior girders.  As was previously discussed, these simulations were 
performed without wind.  Wind may have an even more significant effect at the elevated 
clearance levels. 
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A general observation was made comparing the flame height profiles generated in FDS 
with the girder temperatures attained in the modeling runs.  The beam temperatures were higher 
in areas where the flames contact and envelope the bottom flange of the beams.  This seems to be 
an obvious observation, but it has important consequences for evaluating fire events.  Most large 
fire events in the VT database have some photographic evidence showing flame heights.  The 
likelihood of having such documentation is higher today due to the proliferation of cellular 
phone cameras.  Flames that do not contact the beams will produce significantly lower 
temperatures than contacting flames.  This simple observation can make a substantial difference 
in estimating bridge temperatures and can significantly assist post-fire evaluation. 

 

Effect of End Boundary Conditions 
 

The effect of end boundary conditions was investigated by altering the size of the initial 
expansion gap at the ends of the bridge.  The effect on small fires was investigated by reducing 
the expansion gap on the Bus fire at Location A.  The medium sized fires response to a narrow 
gap was investigated using the 1/2 HGV fire at Location A.  For large fires, the Tanker fire at 
Location A was selected for evaluation of gap clearance because it was the most damaging fire 
event.  The results show that reducing the expansion gap size has a negligible effect for the small 
and medium size fires.  Large fires, however, showed a fundamental change in behavior as the 
gap size was reduced.  The high axial forces that developed due to constrained axial expansion 
introduced buckling of the bottom flange of the beams at mid-span.  

Figure 42  shows how the deflection response differs for the Bus fire at two different end 
gap assumptions.  Reducing the gap from 6 cm to 1 cm does not have a significant effect on 
deflection response.  As the gap is decreased, constraint causes higher axial forces on the bridge 
thereby altering the moment profile.  This is a second-order effect because beam deflection 
increases the eccentricity of the end force. 

The expansion gap effect was increased for the medium size fire as shown in Figure 43.  The 1/2 
HGV fire with a 6 cm expansion gap recovered all deflection after cooling while there was some 
permanent deflection when the gap was reduced to 1 cm.  In addition to the eccentricity effects, 
smaller gaps remain closed during a larger portion of the cooling phase.  This has an influence on 
the plasticity and creep behavior.   
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Figure 42. Effect of expansion gap boundary condition on the simulated Bus fire at Location A 

using rigid plane expansion boundaries at 6 cm and 1 cm. 

 

 
Figure 43. Effect of expansion gap boundary condition on the simulated ½HGV fire at Location 

A using rigid plane expansion boundaries at 6 cm and 1 cm. 
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Results for the Tanker fire at Location A were a bit harder to interpret.  This fire 
introduced the highest bridge temperature and therefore the largest thermal expansion.  Reducing 
the end gap from infinite to 3 cm did not have any significant effect on bridge deflection, the 
bridge still collapses.  However, a radical behavior change was observed for smaller gaps.  The 
combination of large axial force in the steel girders and high temperature softening of the steel 
causes large lateral deflection of the bottom flange.  It is clear that the stress in the bottom flange 
changes from tension (due to bending) while the gap is open to compression when the gap is 
closed.  The compression force combined with the high-temperature strength and modulus 
reduction of steel cause this buckling to occur.     

In summary, the size of the expansion gap at the ends of the bridge has an effect on 
behavior of the bridge.  However, the gap size does not seem to influence the presence or 
absence of permanent deflection after the bridge cools.  There is a significant difference in the 
lateral bending and distortion of the beams, however.  Larger end gaps do not constrain the 
lateral expansion and do not add axial force on the ends of the bridge.  The bottom flange of the 
beams do not experience much lateral deformation or local buckling.  When the gaps are 
reduced, however, lateral deformation can become large.  There doesn't seem to be much 
difference in the web distortion since it is driven by internal temperature gradients in the beams.  
Bridges with larger expansion capacity can be expected to have less distortion compared to 
bridges with small end gaps.  
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CHAPTER 6  POST FIRE STRENGTH EVALUATION 

Post-fire inspection of bridges should begin with an overall mapping to identify the 
regions that have potential heat damage.  These regions should be relatively obvious to 
engineers.  The location of the fire is known and there will be extensive visual evidence of soot, 
paint distress, concrete spalling, and possible localized distortion of web plates and secondary 
bracing members.  In the most severe cases, there may be evidence of large vertical deflection of 
the structure.  Development of an overall damage map is the first step to developing a plan to 
proceed with evaluation of the bridge. 

In general, the modeling study is showing that flames that contact and surround bridge 
members will produce relatively high heat flux that will significantly raise the material 
temperature.   Flames that do not reach the structural members will still heat the bridge, but to a 
much lesser degree.  The temperature rise in the members, however, is highly dependent on the 
duration and time history of the fire event.  The most significant fact that will aid post-fire 
strength evaluation is knowing the maximum temperature of the bridge members.  Information is 
available in the literature to estimate the residual strength of materials following heat exposure if 
the exposure temperature is known.  The modeling results in this study serve as benchmarks for 
the specific incidents that were modeled.  Comparing a bridge fire event to similar modeling 
benchmark events, although not an exact match, will provide an estimate of the member 
temperatures that can be expected.  Because the bridge member temperature is usually much less 
than the flame temperature for bridge fires, estimating material temperatures based on flame 
temperatures will lead to an over-estimation of damage and strength loss. 

The overall damage mapping should define regions of the structure into at least three 
categories relative to fire exposure:  1) regions with no direct fire exposure; 2) regions with high 
fire exposure and possible material damage; and 3) regions with moderate fire exposure.  
Regardless of fire exposure, physical damage may exist in other parts of the structure due to 
thermal expansion and distortion of members.  Physical damage can be readily assessed by 
detailed visual inspection and the consequences of such damage can be evaluated by structural 
engineers.  This is similar to the common problem engineers face when bridges are subjected to 
impact from over-height vehicles and members are damaged.  This chapter is focusing primarily 
on assessing the "hidden" damage associated with degradation of material properties.  This is the 
primary unknown that is needed to perform a post-fire load rating of the structure.     

POST-FIRE STEEL PROPERTIES 

Assuming a structure does not collapse in a fire event, the residual properties of steel 
must be understood to evaluate the post-fire safety of the structure.  It is possible for steel to 
sustain damage in the fire event that will alter its residual properties.  The extent of damage 
depends on the intensity and duration of the fire, the geometry of the structure, the type of 
material, and the type of load on the members.  The best way to assess structural integrity after a 
fire is to measure the material properties.  However this requires destructive testing that may not 
be practical.  Relatively little research work has been done on the residual properties of carbon 
and low alloy structural steel grades after fire.  This may be because common structural steel 
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grades (Fy <= 345 MPa (50 ksi)) generally do not show much, if any, post-fire strength 
reduction.  This conclusion does not apply to higher strength grades that utilize heat treatment of 
cold working procedures in manufacture.   

Carbon and Low Alloy Structural Steels 
The most common steel grades present in bridges are A709 Grades 36, 50, and 50S.  

These steels are typically heated to around 1100°C during the rolling process and allowed to air 
cool at the mill.  The steels have relatively low hardenability indicating that the mechanical 
properties are relatively insensitive to heat treatment.  The heating and cooling exposure during 
fire typically is less intense compared to what the steel was exposed to during the manufacturing 
process.  In that case, little, if any reduction in strength is expected following fire exposure. 

The only appreciable consequence of heating is a small reduction in ductility.  Ductility is 
not directly used by engineers in the design process but is indirectly assumed in development of 
the design strength equations.  The consequence of small ductility loss, measured in percent 
elongation, is expected to be minor.  Therefore, BS 5950 recommends re-use of steel as long as 
the distortion is within tolerable limits.  BS 5950 also recommends that 90% of the nominal yield 
strength should be used for post-fire structural evaluation.  This appears to be a conservative 
recommendation in most circumstances for bridge fires. 

Extreme overheating beyond the rolling temperature can be expected to reduce steel 
properties to a larger degree.  At these temperatures, carbon and other strengthening alloys can 
be "baked" out of the steel, thereby reducing the available alloy content.  There will be evidence 
of pitting and flaking on the steel surface if this extreme heating has occurred.  Except for 
localized areas subjected to abnormally extreme heating conditions, it is unlikely that steel could 
reach these temperatures under an open-air fire event without the structure showing signs of 
deformation.  The high temperature strength loss and thermal expansion will be extreme at these 
temperatures and structural damage or collapse will likely precede any overheating material 
damage.  The 90% BS 5950 strength loss recommendation should not be applied to steels that 
exhibit pitting, flaking, or other surface damage. 

The effect on fracture toughness is also expected to be relatively minor.  There may even 
be an improvement in some circumstances.  Normalization, a process where the steel is heated 
and held at temperatures below the rolling temperature, followed by air cooling, is a process 
sometimes used to improve the Charpy vee-notch (CVN) toughness of structural steel.  CVN 
testing was performed on plates from fire damaged girders removed from the I-79 bridge fire in 
Newark, NJ following a trash fire underneath the bridge (Wright and Cayes, 1990).  The fire 
burned for about 24 hours and the bridge was deflected approximately nine inches after the fire 
event.  This qualifies as "collapse" from an operational perspective since the bridge was unfit for 
service.  Lacking a control, it was impossible to determine absolute loss of toughness.  However, 
all steel met the AASHTO CVN requirements for design of a new bridge.  Another recent study 
(Brandt, et.al. 2011) also showed that bridge steels still typically exceed the AASHTO CVN 
requirements following fire. 
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Heat Treated Steels 
Heat treated steels require extra caution in the post fire strength evaluation process.  

ASTM A709 grades HPS 50W, 50W, HPS 70W, and HPS 100W have higher hardenability 
compared to low-alloy structural steels.  This indicates that the mechanical properties are more 
dependent on the heating and cooling history.  Grades HPS 70W and HPS 100W rely on some 
form of heat treatment in the manufacturing process to develop mechanical properties.  
Quenching, where the steel is heated to a critical temperature and rapidly cooled, provides a 
boost in strength and a noticeable reduction in ductility and toughness.  Quenching is followed 
by tempering, a process where the steel is heated to a lower temperature and allowed to slow 
cool.  Tempering restores ductility and toughness while preserving some of the strength gain 
provided through quenching.  

Grades HPS 50W and 50W are not considered heat treated steels since no heat treatment 
is typically used in the manufacturing process.  However, the chemistry is very similar to heat 
treated grades (70W, and HPS 70W).  From a strength perspective, grades 50W and HPS 50W 
can be expected to have little or no strength loss or mechanical property loss following fire 
exposure.  They can be expected to perform similar to low alloy steels.  However, rapid cooling 
during the fire process, such as direct exposure to water from fire hoses, may somewhat quench 
the steel.  This may result in an elevation in strength, which could be considered good, but there 
may be an unacceptable loss of ductility and toughness. 

In general, the AWS D1.5 welding code allows heat forming operations for quenched and 
tempered steels as long as the heating temperature falls below the tempering temperature used in 
manufacturing.  AWS limits the maximum temperature during heat forming operations to 600°C 
for the HPS grades.  As long as the temperature stays below this level, no significant change in 
material properties is expected.  However, if there is suspicion that the temperature may have 
exceeded this level, more evaluation of the steel may be necessary. 

Estimation of Temperature 
If the temperature of steel is known during the fire event,  engineers can make confident 

predictions of the post-fire material properties.  Estimation of temperature is not easy.  The 
literature contains information that correlates the color of steel to temperature.  The steel color 
changes from dull red to bright red to whitish red as temperature increases.  Steel color, however, 
is difficult to observe during fire events.  The first problem is usually large amounts of smoke 
and soot that masks observation of the steel.  Charred coatings contribute to this masking.  The 
color changes are typically hard to observe in daylight conditions, which is why blacksmiths 
prefer low light conditions to perform heat treatment operations.  Another problem is that 
observation is typically limited to fascia girders and interior girders may have higher or lower 
temperatures.  However, direct observation of color is an important piece of information for 
assessing temperature. 

Color observation should be confirmed with other measures to develop final estimates of 
temperature.  The modeling cases studied in this project provide additional benchmark 
information.   Knowing the fire event history for the case of interest, this can be compared to the 
model results for cases with similar fire histories.  The member temperatures in the model serve 
as a reality check to compare with other observations.   
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The majority of fire stations now have thermal imaging cameras.  These cameras operate 
in the far infrared range (7-14 microns), which allows these devices to image through smoke and 
some flames.  These devices generally give a qualitative depiction of the temperature variation in 
the field of view; however, some devices have the capability to provide a temperature at a point 
in the image.  This is one way in which temperatures of the bridge can be monitored during and 
after the event with a confidence in the temperature values. 

Another factor is that steel rapidly loses strength at temperatures above about 600°C.  In 
some cases, for large fires involving multiple bridge members simultaneously, large 
deformations  can be expected before the temperature gets high enough to cause significant steel 
damage.  This conclusion can be applied to many circumstances but in events that only affect a 
few bridge elements the remaining bridge elements may constrain large deformation.      

Non-Destructive Testing / Observation 
Non-destructive testing options are relatively limited for structural steels.  Visual 

observation of surface condition is a valuable means to detect steels that have reached extremely 
high temperatures.  Pitting or flaking of the surface is an indicator that the steel chemical 
composition may have been altered thereby affecting the post-fire strength.  Some research is 
suggesting that paint appearance can provide good estimates of temperature (Brandt, et.al., 
2011). 

The only practical non-destructive evaluation (NDE) tool for assessing strength loss is the 
hardness test.  Portable hardness testing equipment is available that can be applied to bridges in 
the field.  In general, hardness tests measure the resistance to indentation from a small tool 
pressed on the surface of the steel.  Theoretically, hardness is directly related to the tensile 
strength.  However, correlations have been developed to  relate hardness to both the yield and 
tensile strengths of steel.  For steels with low hardenability (Grades 36, 50, 50S), hardness may 
not provide much useful information.   However, hardness provides a much better means of 
screening for changes in heat treated steels.  This can be useful in two ways, one to screen for 
strength loss in heat treated steel grades, and second to assess any possible quenching that may 
have occurred during the fire-fighting effort. 

Destructive Testing 
Destructive testing is the most accurate way to determine the residual properties of steel 

after fire.  Performing tension tests according to ASTM procedures provides an accurate 
assessment of the post-fire strength and ductility of steel.  However, this requires removing 
samples of material from the web and flange plates, often in critical structural areas.  The cost of 
testing therefore may be large since structural repairs may be required following testing.  
Sometimes it may be possible to test splice plates, stiffeners, or other secondary members 
without causing damage that is hard to repair.  Consideration needs to be given if the secondary 
member material is different than the primary member material of concern.  ASTM E8 provides 
a number of options for sub-size tension test specimens that may make destructive testing more 
practical.  These specimens may be different than those specified in ASTM A6 for mill testing of 
steel products.  They can be expected to provide useful strength information but there are test-
dependent differences in the resulting percent elongation.  
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Bridge Cables 
Cable-stayed and suspension bridges utilize large diameter cables as a major structural 

component.  The cables are made by bundling a cluster of individual steel wires.  These cables 
are susceptible to fire exposure in locations near possible fire sources, such as the bridge deck.  
The bundled construction of these cables is a challenge for performing thermal and structural 
analysis.  Internal void spaces exist that are often filled with grease to provide corrosion 
protection.  The size of the voids varies depending on the cross section of the wires (round versus 
hexagonal).  The voids make it difficult to apply continuum mechanics for thermal and structural 
analysis.  There is only a limited amount of information in the literature related to analysis of 
bridge cables under thermal loads. 

Similar to heat treated steels, the wires in bridge cables are susceptible to substantial 
strength loss following heating events.  The strength imparted by the cold drawing process can 
be lost when the wires are heated to temperatures approaching 600°C.  However estimating 
temperature is much more difficult compared to homogeneous structural steel elements.  Bridge 
suspension and stay cables have relatively large diameters, therefore the surface wires will be the 
first to reach the critical temperature for strength loss.  High temperature yield deformation, 
however, will be delayed by a load shedding effect caused by differential thermal expansion.  
The hotter perimeter wires will try to expand more than the inner wires at the heating location.  
However, there will be a tendency to have strain compatibility in the wires due to frictional 
effects and the presence of hanger clamps.  The main consequence is therefore expected to be 
force transfer from the surface to the inner core wires.  Therefore, overall elongation of the 
cables is can be expected to be minimal until the internal temperature of the cables rises. 

Main and Luecke (2010) developed a model to determine the effect of both low and high 
temperatures on parallel wire cables.  They utilized a solid element continuum model of the 
entire wire bundle with anisotropic thermal properties in the radial and axially direction.  The 
axial properties were determined from tensile testing of zinc coated steel wire used in the World 
Trade Center.  These wires are similar to those used in bridge cables.  The effects of thermal 
loading coupled with probabilistic data on the cracking rate of individual wires within the bundle 
were used to predict time-to-failure for several thermal scenarios.  A six meter cable length was 
modeled to represent a typical distance between circumferential clamps used for vertical 
suspender attachments.  Under high temperature exposure, cable failure is predicted as a function 
of exposure type and duration.  Total surface exposure at 800ºC resulted in cable failure after 35 
min.  Reducing the exposed area to a one meter band increased time to failure to 1.2 hours.  
Limiting the exposure to half of the circumference over the one meter band further increased the 
time to failure to 3.4 hours. 

Accurate post-fire evaluation of cable strength depends on determining the temperature 
reached in the individual wires during the fire event.  The post-fire cable strength can be 
expected to be the average of the strength for all individual wires.  Cables represent a more 
"open-air" exposure than beams underneath bridge decks.  The results from modeling girder type 
bridges showed that the steel temperature is substantially lower than the flame temperature for 
open-air fires.  Because cables lack the confining spaces that exist between girders underneath a 
bridge, the open-air effect can be expected to be even larger.  Therefore, predicting cable surface 
temperature based on flame temperature is expected to be overly conservative, particularly if the 



61 
 

flames have intermittent contact with the cables.   If it is suspected that the cables may have 
experienced significant heating during the fire event than it may be appropriate to evaluate the 
post-fire strength of the most severely exposed wires.  There is no clear guidance on how to 
estimate if significant heating occurred, but flame contact and duration observations and 
condition of the cable sheath are two useful indicators. 

The Main and Luecke study presents a rational method for modeling the behavior of 
parallel stranded bundled cables when subjected to elevated temperatures.  Additional research is 
required to verify the methodology through testing.   

 

POST-FIRE CONCRETE PROPERTIES 

Post-Fire Concrete Material Properties 
Concrete material properties are altered after a fire or other high temperature event.  

Several researchers have tested cylinders that were first heated and quenched or allowed to slow 
cool prior to testing for compressive strength   Knaack developed stress-strain models by 
statistical means from the available data tested at both high and low temperatures.  Two curves 
are shown in Figure 44 for high temperature strength: the unstressed transient curve relates to 
cylinders that were heated in an unstressed state and tested at high temperature; the stressed 
transient curve was fit to cylinders that were heated under a stressed condition.  The difference 
shows that the presence of stress during heating, such as for a member under dead load stress in a 
structure, has a beneficial effect of high temperature strength.  The residual (post-fire) curve was 
fit to data that was heated and cooled prior to testing.  In general, the post-fire strength is less 
than the strength measured when the specimen is tested while hot.   Knaack’s residual model is 
compared to the post-cooling test results reported by Kodur and Nassiff for normal strength 
concrete (NSC) in Figure 44. 

Knaack’s residual strength model are based on less data compared to his models for 
stressed and unstressed transient properties.  None of the existing data includes specimens that 
were heated in a stressed condition and cooled prior to testing.  It is not known if the presence of 
stress during heating has an effect on residual properties after cooling.  Such tests would better 
simulate the conditions experienced by a structure that experiences a fire while under load 
(Knaack et al. 2009). 
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Figure 44  Proposed compressive strength relationships showing the effect of test type on the 

strength loss: NSC – siliceous aggregate (Knaack 2009). 

 
 Tensile strength of concrete is not usually relied upon in structural design, however it is 

important for understanding shear behavior.  There is limited research on the tensile strength of 
concrete at elevated temperatures.  Chang et al. (2006) reported the results of 54 split cylinder 
tests of concrete exposed to elevated temperatures and then cooled.  He observed that the 
residual tensile strength degraded faster than the residual compressive strength.  Chang proposes 
a three part linear model for tensile residual strength (Chang, Chen et al. 2006).  Eurocode 2 does 
not recommend the use of tensile strength but it provides a model for the loss of tensile strength 
as a function of exposure temperature.  It is simple linear reduction of the ambient tensile 
strength.  The two residual tensile strength models are shown in Figure 45.  
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Figure 45  Relative tensile strength of concrete as a function of temperature. 

 
There are many proposed models for spalling available in the literature.  While these 

models are useful for prediction of the onset of spalling, they have little relevance for post-fire 
evaluation of structures.  Severe spalling will be visually obvious following a fire event since the 
spalled concrete has fallen off the member.  Less severe spalling, where the concrete is 
delaminated but still in place, may require sounding or other NDE techniques to evaluate.  Once 
the degree of spalling is defined. the structural consequences can be addressed based on section 
loss and loss of development capacity of the reinforcing steel. 

Post-Fire Prestressing Strand Properties 
Prestressing strands are composed of very high strength cold drawn wires.  The high 

strength is induced by the controlled manufacturing process and procedures.  Heating and 
cooling of prestressing strands in a fire event effectively changes the manufacturing process and 
can result in substantial strength loss and property changes.  
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Figure 46  Summary of residual strength test data reported by MacLean (2007). 

 
Measurements of the post-fire properties of prestressing strands were performed by 

MacLean (2007) as part of a fire rating testing project for post-tensioned flooring systems.  In 
addition his experimental results, he also reviews tests and strength loss models reported by other 
researchers (Guyon (1953), Abrams and Erlin (1967), Holmes (1982), Neves (1996), and Hertz 
(2004)).  Figure 46 shows a comparison of the available data compared to four different strength 
prediction models.  The strands were heated to the indicated temperature then cooled to ambient 
temperature prior to testing.  The y-axis shows the measured tensile strength (fpu T) following 
heating relative to the tensile strength of strands with no heat exposure (fpu 20).  The results show 
that strands heated above about 200°C can expect to have some reduction in post-fire strength.  
The strength loss is greater following heating to higher temperatures.  This strength loss reflects 
a permanent metallurgical change to the strands. 

Use of the post-fire strength loss for bridge rating procedures following a fire depends on 
knowing the maximum heat exposure for the strands.  Because there is a large through thickness 
temperature gradient in concrete bridge members, the temperature of each strand can be expected 
to be different.  If it is estimated that the internal temperatures could have exceeded 200°C at the 
location of any individual strand, modified strand properties should be used for evaluation of the 
ultimate strength of the member. 

The prestressing force in the strands will be affected if the tensile strength, during or after 
the fire event, drops below the stress level present in the strands in service.  Most prestressing 
strands operate at high stress levels in service.  Comparing the high temperature strength loss 
data in Figure 18 to the post-fire strength in Figure 46 shows that there is some recovery in 
strength as the strands cool.  This indicates that any loss of prestressing force due to yielding is 

Temperature (οC)
0 200 400 600 800 1000

R
el

at
iv

e 
U

lti
m

at
e 

St
re

ss
 (f

pu
 T

 / 
f p

u 
20

)

0.0

0.2

0.4

0.6

0.8

1.0

1.2

EC Type A Strand
Hertz Model 
MacLean Model 
Eurocode General
Test Data



65 
 

expected to occur during the fire event and is not a result of any reduction in the post-fire yield 
strength.  The service stress level can be difficult to predict since it depends on the initial jacking 
force, tensioning methods, and the multiple sources of prestress loss.  Since the loss of 
prestressing force due to yielding is dependent on accurately knowing both the heating 
temperature and in-service prestress force level, it can be difficult to predict accurately.  

 

Estimation of Temperature 
A bridge with concrete beams was modeled under the Tanker fire at Location A (Case 

13).  The tanker fire event and location were the same as those used for the Case 8 steel girder 
bridge model.  The same FDS heat flux results were applied to both Case 13 and Case 8.  The 
bridge super structure consisted of the same deck supported by seven AASHTO type IV girders.  
The girder depth was 1.37 m (54 in) with  top flange, web and bottom flange widths of 0.50 m 
(20 in), 0.20 m (8 in) and  0.66 m (26 in) respectively.  The approximate maximum concrete 
surface temperatures are shown in Table 15.  The bulb-side temperatures correspond to the 
sloped top surface of the bottom flange bulb.  

Table 15. Approximate surface temperatures observed in the middle third of concrete girder 
bridge span exposed to a tanker fire at Location A. 

Girder Bottom Surface 
Temperature (°C) 

Bulb Side 
Temperatures (°C) 

1 830 380 / 850 
2 950 850 / 1030 
3 1050 1040 / 1050 
4 1050 1050 / 1060 
5 1050 1080 / 1020 
6 950 1040 / 890 
7 670 920 / 680 

 
These high surface temperatures predict a large loss of both compressive and tensile 

strength and a significant amount of surface damage.   Of more critical concern is the internal 
temperature and damage at the prestressing strand locations.  The relatively low thermal 
conductivity of concrete limits the internal temperature to less than half the surface temperature 
at a depth 2” above the bottom flange surface.  Table 16 shows that the internal temperature 
continues to decrease at deeper depths. 
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Table 16. Approximate internal temperature observed in the middle third of concrete girder 
bridge span exposed to a tanker fire at Location A. 

Girder 
Surface 

Temperature 
(°C) 

Internal 
Temperature at 
2” Cover (°C) 

Internal 
Temperature at 
4” Cover (°C) 

Internal 
Temperature at 

6” Cover(°C) 

1 830 425 200 180 
4 1050 525 270 180 

 
These temperatures indicate diminishing levels of concrete damage at the bottom level of 

the prestressing strands.  These results assume that there is no severe spalling of the concrete 
cover and the concrete is still in place.  Higher strand temperatures can be expected if the cover 
falls off during the fire event.  Spalling, and the severity of spalling, is difficult to predict in 
modeling.  In Case 13 spalling was not considered in the model reinforcing remains insulated.  
Eurocode properties for prestressing strand dictate a 50% reduction of the nominal yield stress at 
400°C but only a 10% reduction at 200°C.  Unbonded strands have been shown to retain their 
prestressing force up to 300°C.  The residual post-fire strength can fully recover after cooling 
from temperatures as high as 400°C.  While the temperature experienced by the outer strand 
layer may result in some post-fire strength loss, the higher strand layers are expected to retain 
their capacity since the temperature did not exceed 400°C.  The result is a structure that avoids 
collapse and has little reduction in load rating, but suffers concrete damage that impairs 
corrosion protection of the strand.  The effect on long-term serviceability must therefore be 
evaluated.   

The best post-fire evaluation study of a prestressed girder bridge found in the case study 
database was the Puyallup River Bridge in Washington State (Stoddard, 2004).  The prestressed 
girders were engulfed by a large ethanol fire for a fire duration of about one hour as shown in 
Figure 47.   This event is similar to Case 13 in the present study where the prestressed girders 
were engulfed by a large gasoline fire for a duration of about 48 min. 

In general, the damage shown in Figure 48 shows surface damage to the concrete similar 
to what might be predicted based on Case 13.  Post fire testing of the Puyallup River bridge 
indicated there was no loss of prestressing force in the tendons exposed at the bottom of the 
girders.  The Case 13 temperatures indicated there may be some loss of prestress in the bottom 
layer.  While not an exact one-to-one comparison, Case 13 could have been useful in predicting 
the post-fire capacity of the Puyallup River Bridge.  The modeling results predict a slight 
strength loss where none was measured, thereby indicating the modeling results can be used to 
conservatively predict strand strength. 
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Figure 47  Puyallup River Bridge ethanol fire. 

 

 
Figure 48  Bottom flange of a damaged girder showing surface concrete deterioration. 
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Non-Destructive Testing / Observation 
Degradation of the concrete cross section due to delamination and/or spalling will be 

apparent following a detailed post-fire inspection.  Regions with missing concrete will be 
visually obvious.  Spalls that have not completely separated from the member can be detected by 
tapping with a hammer and other methods used for detecting delaminations.  Many different test 
methods are available for evaluating the soundness of concrete and many states routinely use 
these methods for evaluation of bridge decks.  These methods are not specific to fire damage and 
are therefore not covered in detail in this report.  This section relates to detecting the more subtle 
changes that may exist in material properties without any obvious mechanical failure.  Data is 
available in the literature relating the color of concrete to post-fire compression capacity.  A 
pinkish hue generally serves as an indication of altered material properties.  It may be difficult to 
assess color in the field due to the varied surface conditions that are present following a fire.  
There are a number of factors, such as fuel type and location, that affect the presence or absence 
of soot and will affect the ability to make visual observations.  Color observation may be more 
suitable for application in a more controlled laboratory environment using petrography.  Direct 
non-destructive tests, such as the rebound hammer, may also be useful to evaluate concrete 
strength if the bridge owner has experience with interpreting such results.  

Destructive Testing 
If strength loss is suspected, destructive testing is the preferred approach to accurately 

quantify this effect.  This typically involves coring cylinders from the affected members and 
performing standard compression tests.  This can determine if the concrete meets it's required 
strength capacity.  The nominal concrete strength is usually measured at the 28 day point in the 
curing process and it is well known that strength continues to increase with age.  It is typical for 
tests performed on older age concrete to show strength exceeding the nominal f'c used for design.  
This is an asset for post-fire strength evaluation.  Even with a slight reduction in capacity relative 
to the pre-fire strength, the concrete strength may still exceed the design requirements.   

Full scale tests were performed on concrete box beams removed from a bridge in 
Connecticut following a large fuel spill fire event (Graybeal 2007).  The beams had extensive 
surface spalling and the strength capacity was in question.  Physical tests performed at the 
FHWA Turner-Fairbank Highway Research Center determined that the post-fire capacity still 
exceeded the design capacity.  Results from relatively undamaged beams were compared to 
heavily exposed beams and no significant difference could be found.  At least for this case, this 
supports a conclusion that concrete members, particularly those that have surface damage, may 
in fact still have adequate strength for continued service. 

SYSTEM STRENGTH EVALUATION 

Composite Action 
The effect of fire exposure on the composite connection between beams and concrete 

decks has not been investigated.  Investigators have tested composite beams in furnace situations 
to determine the composite member capacity during the fire event.  The focus of this work was 
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mainly to determine the effect on fire rating of building components.   There has been no work to 
establish the post-fire composite connection ultimate capacity in bridge structures.  This is 
important since it will affect the load rating procedures for the bridge.   

The modeling study shows that there is considerable shear introduced at the deck-girder 
interface due to differential thermal expansion during the fire event.  This shear may be sufficient 
to degrade the stiffness of the connection.  When stressed to capacity, shear stud connections can 
degrade through a through a complex combination of events such as stud yielding, stud weld 
failure, or localized bearing failure of the concrete around the stud.   The post fire capacity of the 
connection may or may not be affected for ultimate strength when the girder reaches relatively 
large deflection.  However, there may be a loss of stiffness of the connection that may affect the 
bridge response to live loads.  There is insufficient data to make any conclusions about whether 
this is or is not a problem for bridges. 

Post-fire inspection may reveal physical evidence that the beam to deck connection has 
slipped during the fire event.  This may show up as cracking along the beam deck interface and 
haunch.  It may also be evident at locations where transverse diaphragms or floor beams connect 
the beams.  If there is no evidence of distortion, it can be reasonably assumed that there is no 
degradation of strength at ultimate capacity. 

The effect on serviceability is more difficult to establish.  The AASHTO Bridge Design 
Specifications  allows engineers to count on the full composite section properties for fatigue 
evaluation of most steel bridges, even when the bridge has partially non-composite construction.  
This is supported by a large amount of field testing that justifies this conclusion.  Friction at the 
beam to deck interface generally prevents slip under live load. 

As a first step, visual examination of the structure should be performed to detect any 
evidence of slip at the beam to deck interface.  If such evidence exists, further evaluation may be 
indicated.  A first step may be simple observation of behavior underneath the structure when live 
loads are on the bridge.   Sometimes movement, either vertical or horizontal can be detected as a 
truck crosses the bridge.  If problems are still suspected, a more elaborate field instrumentation 
study may be indicated.  This can detect bridge stiffness and the effective neutral axis location 
for the composite girders.  In general, there is probably no reason to perform such a study unless 
there is a strong indication of problems based on simple observations.  

Member Distortion 
Local member distortion is a common problem in steel bridges.  The differential fire 

heating typically causes large temperature gradients in the structure that can cause large web 
distortion.  This distortion was clearly evident in the FE modeling study and was a challenge that 
had to be addressed to obtain solution stability of the models.  Such distortion will be obvious in 
a post-fire inspection of the structure. 

Web distortion is currently a controversial topic.  Levels of distortion typically exist in 
fabricated beams due to welding distortion, residual stresses, and heat cambering operations.  
Dimension tolerance limits are currently provided in the AWS D1.5 Bridge Welding Code, but 
they are largely based on aesthetics.  There is no clear consensus on what effect these distortions 
have on ultimate strength.  It is likely that large web distortions will be present following a 
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severe fire event.  At the present time, the impact of these distortions must be determined on a 
case-by-case basis by an engineer.    

Distortions of transverse stiffeners, cross frames, diaphragms, and other secondary 
members need to be assessed as needed.  It may be possible to ignore some deformation of 
transverse stiffeners if they are still capable of performing their web stiffening and connection 
functions.  Axial members, such as channels, angles, or structural tees may have bowed shapes.  
The effect of such distortions should be evaluated on a case-by-case basis by an engineer. 

Bearings & Expansion Joints 
It is common to see bridges that have bearing damage and possible contact damage with 

abutment walls following fire events.  The thermal expansion (longitudinal and transverse) can 
be much higher than anticipated by normal bridge temperature changes.  Expansion at the bridge 
ends reflects the integration of the thermal expansion occurring at every section of the bridge.  It 
is therefore possible to see bearing and joint problems away from the locations directly affected 
by the fire.  A thorough inspection of bearings at all locations in the structure is indicated after 
fire events.  Bearings that have any obvious exposure to the fire or are suspected of being 
exposed to high temperatures should be evaluated for hidden damage.  Bearings that depend on 
grease or elastomeric pads may be vulnerable to high temperature damage. 

Connections 
The structural connections in bridges are typically designed as slip-critical to prevent any 

slip under live load.  There is no direct research on the capacity of slip-critical connections 
following fire.  In building connections, the post-fire strength can be assessed by assessing the 
post-fire shear strength of the bolts.  Bridge connections can be evaluated the same way with 
respect to the STRENGTH I limit state.  However, bridge connections are also evaluated with 
respect to the SERVICE II limit state for slip capacity.  Both need to be considered.  Connections 
may look relatively undamaged in a post fire inspection but there may be hidden changes to the 
ultimate strength and serviceability performance. 

For strength evaluation, A325 and A490 structural bolts are heat-treated products that 
may have a strength reduction following heating to high temperatures.  Data on the high 
temperature shear and tension strength of bolts is presented in APPENDIX E.  No information 
was found concerning the post-fire capacity.  The same cautions apply as for heat treat steel 
plates.  If it is estimated that the fire  temperature exceeded about 600°C, permanent strength loss 
should be considered a possibility.  Evaluation of bolt strength is relatively easy, however.  
Sample bolts can be removed from the connection and tested in a Skidmore or other tension test 
device.  There may be some problems tightening the bolts in a Skidmore machine if the threads 
have been distorted by the initial installation or removal.  If so, a more direct tension test in a 
load frame may be required.  If the bolts are found to have insufficient strength, it is relatively 
easy to replace the bolts to restore the ultimate connection capacity. 

It is a bit more difficult to determine the slip capacity for SERVICE II.  Bolts are 
pretensioned to a large portion of their tension capacity during installation to provide frictional 
clamping force.  Depending on the temperature and duration of the fire event, high temperature 
creep may be expected to allow relaxation of the bolt tension.  This will reduce the clamping 
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pressure and the slip capacity of the connection.  Direct evaluation of bolt tension in an installed 
bolt is difficult.  The data shows that creep deformation begins to occur at temperatures around 
300°C.  If it is estimated that this temperature was exceeded for any length of time, it is 
reasonable to suspect some reduction in bolt pre-tension.  The solution to this problem is 
relatively simple, replace the bolts in the connection.  However, the complexity of this operation 
depends on the surface preparation needs for the faying surface.  For surfaces prepared by 
abrasive blasting, the bolts can be replaced one by one without loosening the entire connection.  
However, for connections that utilize class B coatings on the faying surface, coating damage may 
compromise the coefficient of friction assumed for the connection.  In this case, the entire 
connection should be disassembled and re-constructed.  This significantly adds to the cost of 
connection repair since shoring or fixtures may be required to support the bridge weight when 
the connection is disassembled. 
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CHAPTER 7  POST FIRE SERVICEABILITY 

EVALUATION 

 

Evaluating the affect of fire on the long term durability of structures may be the most 
difficult challenge for post-fire evaluation.  Important decisions to repair or replace the structure 
must sometimes be made.  There may also be liability concerns for parties that may have caused 
the fire event.  There is a definite lack of information related to this topic.  No information could 
be found in the case studies where the long term performance of fire damaged bridges has been 
documented.  This section presents a discussion of the issues that may be involved and may 
serve as a catalyst for future research. 

STEEL ELEMENTS 

If the steel elements are deemed suitable for strength following a fire, no compromise in 
long term performance is expected.  There are, however, some special concerns that are 
discussed below. 

Fatigue and Fracture 
The fatigue performance of steel members after a fire will generally not be affected.  

Fatigue resistance is usually governed by the stress concentrations and residual stresses present 
at weldments.  Fire will have no effect on the stress concentrations since the weldment geometry 
will not change.  There may actually be a beneficial effect on reducing the residual stresses.  The 
rapid localized cooling of welds results in large residual stresses in most cases.  These stresses 
are normal and their effect on fatigue life is included in the AASHTO resistance curves for each 
fatigue category.  One method of improving the fatigue life of welded details is to perform stress 
relieving.  This involves heating the detail and maintaining the elevated temperature for some 
period of time.  This allows the residual a stresses to relax and reduce in magnitude.  This 
method is somewhat costly and is not usually needed for bridge fabrication.  However, it is 
commonly used in other industries where fatigue life enhancement is needed.  Fire exposure can 
provide the same effect as stress relieving.  This needs more research to understand, but fire may 
actually improve the fatigue resistance of some details. 

There is another factor that must be considered when evaluating fatigue life.  Fatigue life 
can be divided into two phases, a crack initiation phase and a crack propagation phase.  Most of 
the life is spent in the initiation phase where no finite size cracks are present at the detail.  Events 
cause very large thermal expansion of steel members.  This results in very high forces in 
members that are interconnected.   In some cases, these forces can overstress welds and 
introduce localized cracking.  If such cracks are present, this shortens the initiation phase and can 
lead to premature fatigue.   It is therefore important to perform a "hands-on" inspection of steel 
bridge members that have substantial exposure to fire.  The same procedures used for fracture 
critical inspection should be followed.  
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If it can be verified that no cracks were introduced during the fire, fatigue life reduction 
should not be expected.  The only known study on fatigue life of fire damaged girders was 
performed by the FHWA (Wright and Cayes, 1990).  Fatigue testing was performed on beams 
removed from the I-78 bridge in Newark, NJ after it was damaged in a severe fire.  The study 
tested samples of the weld connecting the transverse stiffeners to the web plate.  No loss of 
fatigue resistance was found and the fire exposed details still exceeded the required Category C' 
fatigue resistance. 

Fire exposure can also potentially change the fracture toughness of steel.  Some 
researchers have reported a slight decrease in ductility for fire exposed steels.  There is little 
information available about the effect of fire on CVN toughness.  CVN tests were also performed 
on the I-78 beams in the FHWA study.  All of the material tested still exceeded the AASHTO 
CVN requirements for new bridges.  Research on heat straightening of steel members does not 
show any special concerns for CVN toughness in grade 36, 50, 50W, or 50S steel.  Therefore, for 
typical girder bridges with redundant (non-fracture critical) members there is no evidence to 
suggest that fire will impair fracture toughness. 

Special concerns, however, may be required for fracture critical members exposed to fire.  
AASHTO has higher CVN toughness requirements for fracture critical members because they 
are critical to the system strength of the bridge.  No cases were found in the literature where 
fracture critical bridges were exposed to fire.  If CVN toughness is a concern, core samples can 
be taken and CVN tests performed to evaluate the post-fire toughness of fracture critical 
members. 

Coatings 
Bridge coatings can experience different degrees of damage during fire events, depending 

on the fire intensity.  When temperatures exceed about 600°C coating will be severely damaged 
or destroyed.  The required actions are obvious in such cases.  Less obvious are cases where the 
coatings have experienced some heating but are largely intact.  Lacking research, the best 
approach in these cases is to contact the coating manufacturer for recommendations.  Brandt, 
et.al. (2011) studied the appearance of coatings following fire and related the appearance to 
temperature. 

Bolted Connections 
   The serviceability of bolted connections need to be evaluated to determine the slip 

capacity for SERVICE II.  The SERVICE II limit state is covered in the preceding chapter since 
it is typically performed as part of the strength design procedure.  Beyond evaluating the slip 
capacity, no long-term serviceability problems are expected for bolted connections.  Coating 
integrity needs to be evaluated similar to bridge members.  The only added factor is that the 
integrity of any ply sealing measures, such as caulking, needs to be evaluated if there is obvious 
fire exposure. 
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CONCRETE ELEMENTS 

Effect on Corrosion Resistance 
No data exists to assess the effect of fire on the long term performance of concrete 

members.  One factor is that fire can introduce cracking in bridge deck and members.  Another 
factor is that the permeability of the concrete material may be impaired.  The long-term 
consequences of subtle damage may take many years after the fire to become evident.  No 
information was found in this study concerning the long-term performance of fire exposed 
concrete members.  One approach to collect such data may be to monitor the inspection reports 
over the life cycle of the bridge.  Interpreting the results will depend on also monitoring some 
similar bridges that did not have fire exposure.  This approach doesn't help if the long term 
consequences of the fire need to be determined sooner for management or liability concerns. 

Considerable information exists in the literature about evaluating the durability of bridge 
decks.  Any methods applicable to normal decks can be equally applied to fire exposed decks 
and members.  A detailed cracking survey should be performed following a significant fire event.  
Results should be interpreted using the same analysis that is used on non-exposed decks.  If 
concrete material changes are expected, the permeability can be evaluated  through destructive 
testing. 

One unknown factor is the condition of epoxy coatings on the reinforcing steel.  There is 
one known test of a slab with epoxy coated reinforcement and high temperature pull-out tests 
available in the literature.  A deck specimen was tested in a furnace to determine the effect of the 
epoxy on fire rating.   From a strength and fire rating perspective information is available on the 
effect epoxy coatings.  No information, however, is available on any possible impairment of the 
barrier protection capacity of the coating.  The best approach may be to develop an estimate of 
the highest internal slab temperature at the location of the coated bars.  This can be compared to 
the glass transition temperature for the epoxy product.  Manufactures may be able to provide 
information related to the coating integrity when this temperature is exceeded. 

 

Deck Cracking Prediction 
Thermal expansion strains and the high temperature tensile strength reduction of concrete 

can cause concrete deck cracking during fire events.  The cracking can occur if localized regions 
of the deck are heated more than the surrounding areas.  Cracking can also occur due to the 
differential expansion of girders relative to the deck.  The presence of deck cracking after a fire 
can be detected during post-fire inspection of the structure.  It may be difficult to isolate cracking 
caused by the fire from any pre-existing cracking that occurred in service unless there is 
substantial documentation of the pre-fire bridge condition.  Currently there are no validated 
methods to predict high temperature deck cracking in bridges during fire events.  This study 
attempted to develop such a method by interpreting the residual strain in the concrete decks in 
the bridge fire models after cooling.  This was done by evaluating the equivalent plastic tensile 
strain in the deck after cooling.   A non-linear smeared cracking model was used in this study to 
model concrete behavior.  The model uses a smeared approximation of concrete softening due to 



75 
 

aggregate cracking instead of modeling individual discrete cracks.  During the fire event, the 
model adapts using the variable high temperature properties of concrete.  .  The smeared crack 
model compressive and tensile failure surface criterion does not vary with temperature, but the 
material property parameter do vary.   Theoretically, the aggregate plastic tensile strain reported 
by the model is caused by cracking and can provide an indicator that cracking has occurred.  This 
is based on the correlation between plastic tensile strain and the reduction in tensile stress 
capacity shown in Figure 49, developed by Belarbi and Hsu (1994), who tested reinforced 
concrete slabs in tension. 

 
Figure 49. Loss of tensile stress carying capacity of conreinforced concrete elements as  function 

of average tensile strain (Belarbi and Hsu 1994). 

 Behavior is classified into three damage levels based on the average tensile strain.  The 
first level indicated by strains up to 0.001 (mm/mm) indicates the concrete is cracking locally but 
still able to sustain some tensile stress because the cracked regions can transfer force to the un-
cracked sections.  In the transition phase between  0.001 (mm/mm)  and 0.005 (mm/mm), 
concrete cracking is becoming more prevalent and load is transferred to the reinforcement.  The 
ductile portion of the curve at strains exceeding 0.005 represents extensive cracking that is deep 
enough to fully engaged the steel.  During a fire event the tensile concrete damage is not solely 
the result of thermally induced cracking, it is caused by a combination of large deformations and 
weakened concrete material properties.   

An example the residual concrete equivalent plastic strain at the end of the Tanker fire 
simulation at Location C is shown in Figure 50.  Strains below the complete cracking threshold 
of 0.005 mm/mm are shown in dark blue.  The color gradient varies from light green to red 
representing increasing levels of concrete damage.  The results were used to create three 
categories of concrete deck damage.  The "Minimal" category is for the strains less than 0.0025, 
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"Moderate" for strains between 0.0025 and 0.005, and "Severe" for strains larger than 0.005.  
The fraction of deck under each damage category is summarized in Table 17. 

 
Figure 50 Concrete equivalent plastic tensile strain of the exposed side of a concrete deck 

subjected to a tanker fire at location C. 

Table 17. Percentage of deck area observed at different levels of concrete tensile strain damage 
for the simulated fires. 

Case 
Vehicle 
Type 

Fire  
Location 

Area of 
Minimal 

Cracking (%) 

Area of Moderate 
Cracking (%) 

Area of Severe 
Cracking (%) 

1 Bus A 100 0 0 
2 Bus B 100 0 0 
3 Bus C 100 0 0 
5 1/2 HGV A 100 0 0 
6 1/2 HGV B 100 0 0 
7 1/2 HGV C 84 4 12 
4 HGV A 37 11 52 
8* Tanker A 0 5 95 
9 Tanker B 100 0 0 
10 Tanker C 25 25 50 

* Strain reported before run-away collapse 
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 The smallest Bus fires that do not severely impact vertical deflection also cause 
negligible damage on the underside of the deck.  The largest Tanker fires and full HGV fire do 
cause deck cracking through a combination of large concrete strain, due to deflection, and 
concrete weakening from elevated temperatures.  For the medium sized fires represented by the 
1/2 HGV at Location C, moderate to severe damage occurs to the underside of the concrete deck, 
even though the fire does not cause appreciable permanent deflection.  This damage may lead to 
accelerated deck deterioration because of increased concrete permeability.  It is also shown that 
the fire location has an effect on the deck damage level.  The Tanker fire at Location B had less 
effect on deflection and deck cracking compared to the Tanker fires at Locations A and C. 
  

Deck Temperatures 
The deck temperatures were investigated at mid-span for all of the fires occurring at Location A 
to estimate concrete damage from the post-fire residual concrete properties.  It can reasonably 
expected that concrete damage will reduce deck longevity.  In the simulations the internal deck 
temperatures are much lower than the surface temperatures as shown in Table 18.  Even lower 
are the top surface temperatures.  The top surface temperature is important to assess possible 
effects on wearing surfaces. 
 

Table 18. Approximate maximum deck temperatures observed at mid span from simulated fire 
occuring at location A. 

Case 
at 

Location 

Exposed 
Surface Temp 

(°C) 

Lower 
Reinforcement 
Temperature 

(°C) 

Upper 
Reinforcement 
Temperature 

(°C) 

Road Surface 
Temp 
(°C) 

Bus at A 240 105 60 40 
½ HGV at A 660 215 80 50 
HGV at A 1015 300 100 70 

TANKER at A 1050 400 70 50 
 

The underside surface temperatures can be very large in the case of the HGV and Tanker 
fires but the temperatures quickly drop through the deck thickness.  The heat capacity of the 
concrete may partially protect stay in place forms, up to a point, but extreme temperature events 
can cause damage or separation.  Stay-in-place forms are not required for deck strength after the 
concrete cures but damage may create voids that trap chlorides.  However, in events of this 
magnitude other damage to the bridge will also be readily apparent. 

 

Epoxy Coated Reinforcing Steel 
The internal deck temperatures are much lower than the bottom surface and in most cases 

do not significantly exceed the temperature associated with loss of strength of the reinforcing 
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steel (about 400°C).  However, these temperatures are high enough to cause concern for the 
epoxy coatings of some reinforcement.  This concern also exists for glass fiber reinforced 
polymer (GFRP) composite bars that rely on resins.  The glass transition temperature of these 
materials can be as low as 110 °C.  Some data on the properties of GFRP are reported in 
APPENDIX E.  The deck temperatures in Table 18 show that the bottom bar mat can easily 
exceed this temperature.  Therefore the potential exists to damage epoxy coatings in many large 
fire events.   

Work by Lin, et al. (1989) concluded that epoxy coated bars do not reduce the ASTM 
E119 fire resistance ratings of properly designed slabs.  This conclusion is predicated on the 
standard methods of testing building components to provide a fire rating.  In pull-out tests, epoxy 
coated reinforcing bars showed a 25% decrease in bond strength compared to uncoated 
reinforcing bars across all temperatures.  The reduced bond strengths remained larger than the 
reduced yield strength of the bars due to high temperature (Lin, et al. 1988; Lin et al. 1989).  
This led to the conclusion that epoxy coatings do not appreciably decrease structural strength at 
high temperatures.  However, this conclusion only is applicable for strength during the fire event.  
It is not known if the bond strength recovers upon cooling like the steel strength. 

There is a complete gap in the literature related to the residual strength and long term 
performance of concrete slabs reinforces with epoxy coated steel after heating.  This is a major 
concern for highway bridges exposed to fire.  There are many cases where there is no apparent 
structural damage to bridge decks following a fire event.  However, it is unknown if internal 
damage to the epoxy and the bond between the steel and concrete exists.  If such damage exists, 
one can speculate that if may lead to accelerated slab degradation under wheel loads and 
exposure to de-icing salts. 
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CHAPTER 8  RECOMMENDED ACTIONS DURING FIRE 

EVENTS 

Obviously the foremost concern for emergency responders during a fire event is 
minimizing injury and loss of life for persons involved in the event.  In general, bridge fires do 
not occur in enclosed locations and there are usually clear paths available to evacuate the vicinity 
of the fire.  The most notable exception might be persons who are injured or trapped in vehicles 
due to crash events.  The VT database lists eight bridge fire events involving loss of life.  In all 
cases, the fatalities were caused by the initial crash event.  We could find no documented cases 
where fatalities occurred from fire later in the event or from failure of a bridge.  However, the 
possibility exists that rescue situations may exist in future events.  Although there are exceptions, 
the onset of fire does not occur instantly, it takes seconds or minutes to develop.  There are 
multiple reports of drivers and passengers being able to evacuate the bridge before the fire fully 
develops.  In this respect, bridge structures are different than building and tunnel fires where the 
need for rescue and evacuation operations is more prominent.    

A typical response history from the case study reports shows that emergency responders 
arrive after the fire is fully developed.  Without a need to perform rescue operations, the 
responders main effort might be to contain the fire and gradually work toward extinguishment.  
The fuel source in most fire events has a finite life and will typically self-extinguish when the 
fuel source is exhausted.  In many cases, particularly those that involve large fuel spills from 
tanker trucks, there is little that the responders can do to affect the course of the fire event.   

It is beyond the scope of this report to recommend detailed actions for emergency 
responders.  The following provides guidance on assessing bridge safety during the event, 
cautions about actions that may contribute to bridge damage, and guidance on recording 
information that will be helpful for post-fire assessment of the structure.  

EVALUATION OF STRUCTURAL INTEGRITY 

The modeling study shows that there is a period of stable, increasing vertical deflection, 
before bridges can reach a state where complete collapse is possible. Deflections, therefore, serve 
as a warning.   The two documented cases where major bridges have collapsed (Nine Mile Rd., 
MI and MacArthur Maze, CA) both show that there was visually obvious deflection preceding 
collapse.  The I-65 Birmingham Bridge studied in this report had large deflection and the 
modeling results indicate that collapse would have been possible for some fire event scenarios. 

Deflection observations are relatively easy to perform by emergency responders.  The 
deflections preceding collapse are not small and can be easily detected by visual observation.  
For steel and concrete girder-type bridges there will be a number of minutes where deflection is 
gradually increasing before any risk of total collapse exists. The same behavior might be 
expected for truss bridges.  One exception to this rule is timber bridges or trestles.  Wood burns 
from the outside in and the cross sectional area of wood members gradually decreases during the 
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fire.  Wood will not slowly elongate at high temperatures like steel.  As a result, the wood 
structures will not significantly deflect before the section loss results in failure of the members.  
Wood structures, if they are burning in the fire event, may be vulnerable to sudden collapse. 

RECORDING DATA AND INFORMATION 

One of the challenges of performing post-fire evaluation of structures in knowing the 
temperature reached by the bridge members during the fire.  This is particularly true for concrete 
members where internal damage can be related to temperature.  There are some simple ways fire 
fighters can assist this effort.  To understand member temperature, the time history of the fire is 
very useful.  The fire intensity varies significantly over the event duration.   In many case study 
reports there may be statements in the media or other sources about the overall duration of the 
fire event.  But this is not sufficient to assess bridge temperature.  The most important thing to 
know is the duration when the flames are in contact with the structure.  Fire intensity can be 
generally assess by observing flame height and the base area of the fire.  

Time lapse photographic documentation may be the easiest way to document a flame 
height versus time history.  This can be accomplished by taking photographs periodically during 
the fire event and documenting the time of the photographs.  Cameras with date/time stamping 
capability are ideal for this purpose.  Alternatively, a visual observation log can be recorded at 
periodic times during the event.  If this cannot be performed real-time it may be possible to 
construct with post-event interviews with the responders.  For steel bridges, observations about 
color of the beams is also useful. 

Infrared (IR) photography may also be useful to assess bridge temperature during the fire.  
These cameras operate in the far infrared range (7-14 microns), which allows these devices to 
image through smoke and some flames; however, some interference may occur.  These devices 
generally give a qualitative depiction of the temperature variation in the field of view; however, 
some devices have the capability to provide a temperature at a point in the image.  This is one 
way in which temperatures of the bridge can be monitored during and after the event with a 
confidence in the temperature values.  Ideally, a less expensive IR camera that could record the 
event for later review and with a higher temperature calibration would be optimal. Surface 
temperatures measured using an IR camera at the beginning of the cooling phase would also be 
very useful. 

SUPPRESSION ACTIONS BY EMERGENCY RESPONDERS 

Fire suppression efforts can worsen bridge damage during fire events.  Water applied 
directly to hot steel or concrete members can sometimes cause more damage than letting the 
members cool slowly.  For steel members, quenching localized areas with water can induce large 
temperature gradients that may create local buckling and distortion.  There is also the possibility 
that water may act as a quenching agent on the material.  Quenching can be expected to alter the 
properties of some steels that may impair their fitness for continued service in the structure.  
Water spray on hot concrete members can accelerate cracking and spalling during the fire event.  
The strength of concrete members depends in part on the integrity of the reinforcing steel.  
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Having concrete cover protects the steel from direct exposure to heat.  Rapid quenching with 
water can cause cracking and spalling of the concrete cover thereby exposing the reinforcement 
to higher temperatures. 

In general, fire fighters should be directed to avoid spraying water directly on the bridge 
superstructure.  Obviously there may be more important issues than preventing bridge damage 
during the fire event.  For fires occurring underneath a bridge the suppression should be directed 
to the base of the fire.  It may not be possible to avoid spraying the bridge when fires are located 
on the bridge deck. In this case, the best approach is to avoid, as much as possible, spraying the 
beams underneath the bridge. 
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CHAPTER 9  FIRE PROTECTION STRATEGIES 

MINIMIZING VEHICLE CRASH RISK 

The database case study information indicates that vehicle crashes are the cause of most 
severe fires on bridges.  Many crashes are caused by safety deficiencies in the roadway or bridge 
system.  One well documented case involved an overturned tanker truck on a bridge in Elkridge, 
MD.  The bridge roadway was narrower than the approach roadway plus the shoulder, and there 
was a lane merge just before the bridge.  Measures were subsequently taken to modify the 
roadway for improved safety.  Possibly the most effective fire mitigation strategy for some 
bridges is to improve operational safety features.  Accident reduction through rational design 
choices is the goal of the AASHTO Highway Safety Design Manual (HSM).   

The HSM is a new guide on the use of Crash Modification Factors (CMF also known as 
Accident Modification Factors or Crash Reduction Factors) to make design choices with 
quantitative analysis.  The CMF’s are gathered from a wide array of research on the positive or 
negative influence of highway design features on accident numbers.  The design features 
supported by the best studies are included in the HSM, others under consideration are catalogued 
on the CMF Clearing House website.   

Combining the results of the statistics investigation, incidents in the bridge fire database 
and the CMF work presented in the Highway Safety Manual creates a rational methodology for 
identifying relative risk levels associated with bridge design features.   Many of the large fire 
events in the VT database were caused by crashes that can be attributed to safety features. 

 

PASSIVE PROTECTION  

Passive fire protection is the application of a physical barrier onto the structural element 
that reduces the temperature rise of the structural elements during a fire exposure.  Passive fire 
protection products are approved based on the exposure type and duration.  A listing of approved 
passive fire protection products are provided in the UL Directory (2006).  These listings include 
required application/attachment of the product as well as required thickness.  An overview of 
these products, information on the exposure ratings, and potential application to bridges is 
provided below.  

The first consideration in passive fire protection product selection is the fire exposure, 
which is defined based on a time-temperature basis.  Figure 51 provides a plot of the fire curve 
relevant to structural applications.  In the U.S., ASTM E119 and UL 1709 fire exposures are the 
most common.  As seen in Figure 51, the ASTM E119 fire exposure (sometimes referred to as 
the cellulosic fire curve) is less severe compared with the UL 1709 fire exposure (sometimes 
referred to as the hydrocarbon fire curve).  As a result, the listings in the UL directory are 
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provided primarily for these two fire exposures.  The UL 1709 fire exposure is frequently used 
for approval of structural elements on off-shore platforms.  A similar fire exposure to the UL 
1709 is the ASTM E1529 (EN1363-2 HC) fire curve.  As seen in Figure 51, both have a 
maximum exposure temperature of 1100oC but the UL 1709 fire exposure reach the maximum 
temperature in 5 minutes compared with approximately 20 minutes for the ASTM E1529 
exposure.  The more severe fire exposures (RWS, RABT-ZTV, and modified hydrocarbon) were 
developed for design of tunnels where severe vehicle fires can exist in an enclosed environment 
that contain and reradiate the heat to structural elements.   

 

 
Figure 51  Standard fire resistance time-temperature curves. 

 
The UL directory contains a variety of products from spray on fire resistive coatings, 

intumescent coatings, intumescent mats, fibrous insulation, and high temperature board products.  
The majority of these product listings are for building applications; therefore, all products may 
not be appropriate for application onto structures exposed to outside weather conditions as is the 
case with bridges.  The UL directory does contain products that will be sufficiently durable and 
prevent temperature rise of structural elements on bridges during severe fires such as a fuel 
tanker.  It is evident that products meeting UL 1709 fire exposure requirements will need to be 
used to ensure that the passive protection remains intact during the exposure, resists debonding 
due to impact, and meets the fire resistance requirements.  These products will be expensive, 
require maintenance, and limit surface inspection of the material they are applied onto.  

Passive fire protection can reduce the thermal exposure onto the bridge.  The decision on 
whether passive fire protection is needed must be determined by the authority having 
jurisdiction.  In the assessment of a bridge, the decision to include passive protection should be 
based on the life safety, implications of loss of bridge service, and damage/replacement cost.  
Life safety is the primary reason for including passive fire protection.  Based on the results from 
previous bridges, there has not been a life safety issue for people not involved in the accident that 
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typically produces the fire.  If life safety is an issue, then appropriate design features must be 
invoked to allow people sufficient time to egress off the bridge to a point of safety.  Loss of 
service due to bridge collapse has been the most significant issue.  If the bridge is critical and 
there is a life safety issue, then an engineering assessment should be performed to determine 
whether additional protection is needed.  From the analysis in this study, it is evident that bridge 
geometry and clearance can dramatically influence the potential for bridge collapse.  Therefore, 
the assessment of a bridge should include these parameters.  

 

ACTIVE FIRE SUPPRESSION 

Active fire suppression is also commonly used to protect building structures from fires 
and to extinguish the fire.  Vehicle fires beneath bridges are the most significant threat to bridge 
collapse.  These will be challenging scenarios for a suppression system due to type of fuels 
involved and the fact the fire will be shielded from the suppression agent by the vehicle itself.  
Typical fixed suppression systems include wet pipe water systems, dry pipe water systems, total 
flooding agents, and foam deluge systems.  Wet pipe water systems would not be recommended 
for regions where freezing is possible. In addition, these systems may be activated by smaller 
fires where there is no collapse threat to the bridge.  Dry pipe water systems would be used in 
applications where freezing is possible; however, they typically require some type of fire 
detection system to active the system.  Total flooding agent systems (water mist, CO2, nitrogen, 
FM200, etc) would typically be used in areas with water sensitive equipment (electrical rooms, 
data centers) and are only effective in enclosures.  Water systems would not typically be used in 
areas where flammable liquid fires are the primary threat.  In these instances, firefighting foam 
deluge systems are commonly used.   

Firefighting foam is designed for rapid suppression of liquid fuel spills but is also 
effective at suppressing burning surfaces such as the vehicle exterior or its contents. The issue 
with a fixed, foam deluge system beneath a bridge is that it will be difficult to orient the nozzles 
to suppress fires both above and below the vehicle.  This would likely require nozzles at the road 
as well as on the underside of the bridge.  This is a complex system that would require supply 
tanks and significant maintenance.  Due to these issues and the frequency of the events, it is 
likely that a suppression system is not feasible for bridges.   
 

CONTROL OPERATING SITUATION AROUND STRUCTURE 

Combustible Materials 
Several fires in the VT database involve fires from trash or other flammable material 

located in proximity to a bridge structure.  Such material is vulnerable to fire ignition from arson 
or other accidental means.  The I-78 bridge fire in Newark, NJ is an example where a large trash 
fire burned under the bridge for about 24 hours causing severe damage to the bridge. 
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Another possible fire threat is construction operations on or near the bridge.  Repainting 
work is an example where the bridge may be enclosed with containment tarps and other 
flammable materials.  The Throgs Neck Bridge fire in New York City is an example of a major 
construction fire that affected a bridge. 

 

Drainage Control 
There are reported cases where bridge drainage has contributed to bridge fire damage.  

Most bridge decks have scuppers or other means of drainage for rainwater.  In the event of a fuel 
spill, these drainage paths provide a conduit for burning fuel to travel underneath the bridge.  
Fires below the bridge are more damaging compared to fires contained on the bridge deck.   

Drainage is a necessary requirement to prevent ponding on roadways and probably 
cannot be eliminated in most cases.  There may however be ways to direct the drainage so that it 
will not collect underneath the bridge. 
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CHAPTER 10  RECOMMENDATIONS FOR FUTURE 

RESEARCH 

 Despite an extensive literature search, the Virginia Tech research team was not able to 
uncover information on many aspects of post-fire damage evaluation.  The greatest lack was 
information about the long-term serviceability of bridge structures.  The modeling study 
performed during this project and the evidence from the databases indicates that the strength of 
most structures is not compromised after fire.  However, there is little information about the 
long-term serviceability, particularly for concrete elements.  The following research topics are 
suggested to fill gaps in the existing knowledge. 

CONCRETE BRIDGE DECK DURABILITY 

 There is a substantial body of knowledge concerning the durability of concrete bridge 
decks, however assessing durability remains an inexact science.  The bulk of the research has 
focused on corrosion protection for reinforcing steel.  Physical properties of concrete, such as 
permeability and cracking, affect the rate of chloride penetration through the deck thickness.  
Most decks have some form of corrosion protection for the reinforcing steel, the most common 
being an epoxy barrier coat.  Heating during fire events has the potential to alter  both the 
concrete material properties and the integrity of coatings used for rebar protection.  These 
changes may be subtle and their effects may not be apparent until years following the fire.  In 
many cases, economic decisions based on the projected life cycle performance of the structure 
need to be made relatively soon after the fire event.  Currently these decisions are made based 
largely on the judgment of bridge engineers.    
 An experimental research study is needed to answer the concrete durability issues.  The 
study should expose concrete deck sections to simulated bridge fire events and perform post-fire 
durability testing to monitor changes in performance.  Obviously the study needs to have control 
tests for comparison to decks without fire exposure.  The 12-85 modeling study has theorized 
that residual plastic strain in the deck may be an effective way to assess the potential to predict 
cracking following a fire event.  Physical tests are required to determine if this method is 
reasonable.  At a minimum, the study needs to address the following aspects of deck evaluation: 

• Development of Deck Cracking Following Fire Exposure.  Bridge decks experience 
large thermal strains during fire events due to differential heating and boundary 
condition constraint.  It will require careful specimen design to realistically simulate the 
conditions present in real bridges.  Physical tests should be supplemented with modeling 
studies to further develop crack prediction methodologies. 

• Effect of Concrete Material Degradation on Permeability.  The 12-85 study shows that 
there is a large through-thickness temperature gradient in concrete elements exposed to 
fire.  Many case studies have reported surface damage to the material with little or no 
damage to the core material.  Surface damage is expected to impair the effectiveness of 
the concrete cover to resist chloride penetration into the deck. 
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• Effect of Heating on Epoxy Coatings.  It is not known how heating affects the barrier 
integrity of epoxy coatings.  It needs to be determined if there is a loss in corrosion 
protection following fire. 

• Internal Deck Temperatures.  It will be valuable to measure internal temperatures of 
bridge decks under fire exposure to correlate the results with modeling efforts.  Accurate 
estimation of internal temperature is a key element needed for post-fire evaluation. 

• Effectiveness of NDE Methods for Post Fire Evaluation.  Specimens with varying 
degrees of fire exposure can be evaluated using an array of NDE techniques.  Ideally, 
the specimens can then be subjected to environmental exposure to assess durability and 
performance. 

     
 

FIRE TESTING OF FULL SCALE BRIDGE STRUCTURES 

 The present study shows the value of structural modeling to predict the response of 
bridges during fire events.  There is value to developing an experimental benchmark to further 
development of modeling methodologies.  This study showed there is a clear difference between 
exposure to flames in an open-air situation compared to a uniform furnace-type heating situation 
that may be more common in building structures.  The most important fact to know for post-fire 
bridge evaluation is the maximum temperature of the bridge members during the fire.   Data is 
limited about the effectiveness of fire simulation modeling for large events.  A bridge fire 
experimental test would help fill this void and greatly extend the state of knowledge concerning 
fire behavior. 
 
 A full-scale fire test would ideally involve construction of a bridge in a controlled 
location outdoors and exposing the bridge to a large pool fire event.  Instrumentation is needed to 
monitor temperatures at multiple locations and the deflection and expansion response of the 
structure.  The structure can then serve as a platform to perform a detailed post-fire evaluation.  
The evaluation can then be followed by structural testing to verify assumptions about load rating 
capacity and long term durability.  
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CHAPTER 11    CONCLUSIONS 

The primary risk for bridges exposed to fire is loss of service of the bridge.  For concrete 
and steel bridges, complete collapse is rare, only two cases were uncovered during this project in 
the U.S.  Both involved large tanker vehicle fires underneath the bridges.  Visually apparent 
vertical deflections, in this case sagging of the affected span, preceded the collapse thereby 
providing a warning to those observing the fire.  Collapse of timber bridges is slightly more 
common due to the combustibility of the material and remote geographic locations that hinder 
emergency response.  Most bridge fires can be classified as open-air fires and concerns for 
ventilation and egress are not significant concerns in most cases.  Therefore, fire safety is of less 
importance compared to building and tunnel fire events.  No events were uncovered where there 
was any loss of life attributed to structural failure of bridges.  Based on a very limited data set, it 
might be reasonable to expect that one bridge per year may experience permanent loss of service 
due to fire.  

Loss of service, either permanent or temporary, it the primary factor that needs to be 
considered when evaluating fire risk.  Large deflections or collapse are obvious outcomes that 
result in permanent loss of service for geometric reasons.  The modeling study and the case study 
reports indicate that this only occurs when the bridges are exposed to very large fire events.  
Typically these are fully involved fuel truck fires or fully involved heavy goods vehicles.  Of the 
two, fuel truck crashes are by far the most prevalent.  Lesser magnitude fires involving cars, 
buses, and low fuel source trucks can be expected to cause little, if any permanent structural 
deflections that result in permanent loss of service.  However, these fire events may cause lesser 
forms of repairable damage that may result in temporary loss of service. 

Crash events are the primary cause of large fires involving heavy goods trucks and 
tankers.  There are also a few cases where mechanical breakdown has led to a fully involved 
truck fire.  Many fire events in the database caused by crashes were found to have contributing 
factors related to the highway safety features of the bridge.  Narrowing shoulders, piers close to 
the roadway, and absence of median barriers are some typical features that have contributed to 
tanker truck crashes.  Improving highway safety features can therefore lead to a reduction in fire 
risk, providing a dual benefit.  Methods to assess crash risk, such as the new AASHTO Highway 
Safety Manual (HSM), can be a useful tool in assessing fire risk.  It was shown that tanker trucks 
and full heavy goods vehicles have the greatest potential to damage bridges.  Cars, busses, and 
smaller trucks have a much lower potential to cause bridge damage.  The traffic composition, 
both on and below the bridge, must be considered to translate crash risk to fire risk.  Bridges over 
rail tracks have separate risks based on an analysis of rail safety.   

Bridges that do not experience large deflections or collapse are not likely to undergo 
changes in material properties that affect their structural strength or load rating.  However, other 
damage may be present including concrete cracking, localized buckling or distortion, damage to 
joints and bearings, etc.  In general, this damage can be considered repairable and is not expected 
to result in permanent loss of service.    

The structural material is a factor affecting the likelihood of permanent loss of service 
during a very large fire event.  Steel bridges are more vulnerable to large deflections and collapse 



89 
 

since the members reach high temperatures much sooner than concrete members.  The thickness 
and lower thermal conductivity of concrete delays the temperature rise internally where strands 
and critical reinforcing is located.  Both materials experience strength loss at high temperatures, 
but it takes longer for the concrete to reach damaging temperatures internally.  Most severe fire 
events in the case study database had a duration less than one-hour.  Longer events will result in 
higher internal concrete temperatures and increasing the possible internal damage.   

The post-fire strength of structural steel is not likely to be significantly reduced following 
fires that do not produce permanent deflection.   The modeling shows that the high temperature 
strength loss will be extreme and large deformations likely before the temperature rises high 
enough to cause metallurgical damage to the steel.   Most of the high temperature strength loss 
will be reversed when the structure cools leaving the steel with close to its original strength.  
Concrete, on the other hand, does not recover its pre-fire strength upon cooling.  Concrete 
members have a significant through-thickness temperature gradient and therefore most of the 
material strength loss occurs close to the surface. 

The fire location has an effect on the structural resistance to permanent deformation and 
collapse.  The members will lose strength and stiffness as a function of temperature.  Fire events 
that differentially expose redundant members making up a given bridge structure generally will 
experience lower overall deflection compared to fire events that evenly heat all members.  The 
modeling study showed that for typical multi-girder bridges, the largest vertical deflections 
occurred when the fire was centrally located at approximately mid-span in a region of high 
positive bending (Location A).  Mid-span fires that are transversely offset toward an exterior 
girder (Location B) showed somewhat lower deflection.  Load is shed from the exterior girder 
directly above the fire to the exterior girder farthest away from the fire, thereby helping to 
support the weakened girder.  Fires close to the abutment or piers in regions of lower positive 
moment caused the lowest deflections.  The location effect cannot be generalized for all bridges 
and the specific geometry and fire location must be evaluated on a case by case basis.  Bearings, 
joints, and other end boundary conditions must also be considered.  This study also did not 
consider the effect of multi-span continuous girders but any redundant load path can be expected 
to reduce deflection. 

The end gap present at the ends of the span exposed to fire has an effect on the deflection 
response, particularly for the larger fire events.  However, based on the cases investigated in this 
study, there is no clear consensus on what end gap is preferred.  It also needs to be considered 
that the gap in the deck is different than the end clearance for the bottom flanges of beams that 
reach much higher temperatures during the fire events.  This study only investigated end gap 
effects for a single span bridge unit.  Evaluating the effective end gap for continuous span units 
and integral abutment units is more complicated.  Span length can also be a factor that affects the 
thermal strain distribution along the bridge.   

The end gap at the bottom flanges of beams has a definite influence on buckling and 
distortion of steel bridge members.  It can also be expected to influence crushing and spalling 
damage in concrete members.  The overall length change of the bottom flange of a beam can be 
determined by integrating the strain over its length.  If this length change is resisted by contact 
with adjacent elements substantial compression forces will be developed in the bottom flange 
during fire events.  This is observed to cause buckling in steel members and could cause 
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compression distress in concrete members.  Recognize that the buckling resistance is 
substantially reduced at high temperatures due to the reduction of high temperature yield 
strength.  In general, simple span bridges with larger clearance spaces between the beam ends 
and adjacent structures may be less prone to distortional damage than bridges with more end 
restraint.  This would indicate that integral abutment bridges (no gap) may be expected to suffer 
more distortional damage during large fire events.  No cases were found to verify this effect.  In 
general,  engineers can perform a thermal strain analysis if there is a need to consider the end gap 
when engineering bridges to resist fire.   

The long term serviceability of concrete bridge components after fire is difficult to 
determine.  Concrete cracking, spalling, and material changes may decrease permeability, 
thereby decreasing the resistance to corrosion.  The tensile strain in the deck is included in the 
case study results in APPENDIX B as a possible indicator of cracking.  The research team used 
this as an indicator of possible cracking, but this assumption needs to be verified through 
experimentation.   Another unknown is how fire affects the corrosion barrier provided by epoxy 
coated reinforcing steel.  Little information was obtained concerning the long-term performance 
of bridges following fire events. 

Fires occurring below bridges are much more damaging compared to fires confined to 
bridge decks.  Most of the heat flux from fuel fires is directed upward.  This, plus the insulating 
effect of the concrete cover, can be expected to keep the heat low enough internally to cause little 
damage.  This effect also keeps the heat relatively low at the level of the reinforcing steel for 
fires below decks.  Based on the fires studied in this report, it is unlikely that concrete decks will 
sustain significant structural damage unless the fire event duration exceeds one hour.  

 

 

 

 

 

 

 

 

 



91 
 

REFERENCES 

This reference list contains only the references cited in the main body of this research report.  A 
complete bibliography of all references used under this project is contained in APPENDIX C. 
 
Ahrens, M. (2008) "U.S. Vehicle Fire Trends and Patterns," National Fire Protection 

Association, Quincy, MA. 
Ahrens, M. (2010a) "Brush, Grass, and Forest Fires," National Fire Protection Association, 

Quincy, MA. 
Ahrens, M. (2010b) "Vehicle Fires by Occupancy 2003-2007 Annual Averages," National Fire 

Protection Association, Quincy, MA. 
ASCE and Lie, T.T (1992) "Structural Fire Protection," Practice Manual No. 78, American 

Society of Civil Engineers, New York, New York. 
Atienza, J.M. and Elices, M. (2009) "Behavior of Prestressing Steels after a Simulated Fire: Fire-

Induced Damages," Construction and Building Materials, Vol. 23, No. 8, pp 2932-2940. 
Belarbi, A. and Hsu, T.T.C. (1994) “Constitutive Laws of Concrete in Tension and Reinforcing 

Bar Stiffened by Concrete,” Structural Journal, American Concrete Institute, Vol. 91, No. 
4, July-August, pp. 465-474. 

Brandt, T., Varma, A., et.al. (2011) "Effects of Fire Damage on the Structural Properties of Steel 
Bridge Elements," Rpt. No. FHWA-PA-2011-009-PIT011, Pennsylvania Dept. of 
Transportation, April 30. 

CEN (2005a) "Eurocode 2: Design of Concrete Structures Part 1-2 General Rules - Structural 
Fire Design," CEN, British Standards Institute. 

CEN (2005b) "Eurocode 3: Design of Steel Structures Part 1-2 General Rules - Structural Fire 
Design," Eurocode 2005, CEN, British Standards Institute. 

Chang, Y.F., Chen, Y.H., et. al. (2006) "Residual Stress-Strain Relationship for Concrete after 
Exposure to High Temperatures," Cement and Concrete Research, Vol. 36, No. 10, pp 
1999-2005. 

Cheng, F.P., Kodur, V.K.R., et.al. (2004) "Stress-Strain Curves for High Strength Concrete at 
Elevated Temperatures," Journal of Materials in Civil Engineering, Vol. 16, No. 1, pp 84-
90. 

Dorn, J.E. (1954) "Some Fundamental Experiments on High Temperature Creep," J. Mech. Phys. 
Solids, 3:85.  

Durrani, A. and Castillo, C. (1990) "Effect of Transient High Temperature on High-Strength 
Concrete," ACI Materials Journal, Vol. 87, No. 1, pp 47-53. 

Graybeal, B. (2007) "Flexural Capacity of Fire-Damaged Prestressed Concrete Box Beams," 
Report No. FHWA-HRT-07-024,  Federal Highway Administration, McLean, VA. 

Harmathy, T.Z. and Berndt, J.E. (1966) "Hydrated Portland Cement and Lightweight Concrete at 
Elevated Temperatures," Journal of the American Concrete Institute, Vol. 63, No. 1, pp 
93-112. 



92 
 

Harmathy, T.Z. and Stanzak, W.W. (1970) "Elevated Temperature Tensile and Creep Properties 
of Some Structural and Prestressing Steels,"  National Research Council of Canada, 424: 
26, Ottawa, ON. 

Hertz, K.D. (2005) "Concrete Strength for Fire Safety Design," Magazine of Concrete Research, 
Vol. 57, No. 8, pp 445-453. 

Kerr, E. (2007) "Damage Mechanisms and Repairability of High Strength Concrete Exposed to 
Elevated Temperatures," University of Norte Dame, Indiana. 

Kirby, B.R. and Preston, R.R. (1988) "High Temperature Properties of Hot-rolled, Structural 
Steels for Use in Fire Engineering Design Studies," Fire Safety Journal, Vol. 13, No. 1, 
pp 27-37. 

Knaack, A., Kurama, Y., et.al. (2009) "Stress-Strain Properties of Concrete at Elevated 
Temperatures," Department of Civil Engineering and Geological Sciences, University of 
Notre Dame, Indiana. 

Knaack, A., Kurama, y., et.al. (2010) "Compressive Strength Relationships for Concrete Under 
Elevated Temperatures." ACI Materials Journal, Vol. 107, No. 2, pp 164-175. 

Kodur, V., Dwaikat, M., et.al. (2010) "High-Temperature Properties of Steel for Fire Resistance 
Modeling of Structures," Journal of Materials in Civil Engineering, Vol. 22, No. 5, pp 
423-434. 

Kodur, V., Dwaikat, M., et.al. (2008) "High-Temperature Properties of Concrete for Fire 
Resistance Modeling of Structures," ACI Materials Journal, Vol. 105, No. 5, pp 517-527. 

Lankard, D., Birmiker, D., et.al. (1971) "Effects of Moisture Content on the Structural Properties 
of Portland Cement Concrete Exposed to Temperatures up to 500F," ACI Special 
Publication 25, American Concrete Institute, Farmington Hills, MI, pp 59-102. 

Lin, T., Zwiers, R., et.al. (1988) "Pullout Tests of Epoxy-coated Bars at High Temperatures." 
ACI Materials Journal, Vol. 85, No. 6. 

Lin, T., Zwiers, R., et.al. (1989) "Fire Test of Concrete Slab Reinforced with Epoxy-Coated 
Bars," ACI Structural Journal, Vol. 86, No. 2. 

MacLean, K. (2007) "Post-Fire Assessment of Unbonded Post-Tensioned Concrete Slabs: Strand 
Deterioration and Prestress Loss," M.S. Thesis, Queen's University, Kingston, Ontario. 

Main, J.A., and Luecke, W.E., (2010) "Safety Assessment of Parallel Wire Bridge Suspension 
Cables Under Thermal Effects," NIST TN-1678, National Institute of Standards and 
Technology, Gaithersburg, MD, October 25. 

Phan, L.T. and Carino, N.J. (2001) "Mechanical Properties of High-Strength Concrete at 
Elevated Temperatures,"  NISTAR 6726, NIST Building and Fire Research Laboratory, 
Gaithersburg, MD. 

Phan, L.T. and Carino, N.J. (2003) "Code Provisions for High Strength Concrete Strength-
Temperature Relationship at Elevated Temperatures," Materials and Structures, Vol. 36, 
No. 2, pp 91-98. 

Poh, K.W. (2001) "Stress-Strain Temperature Relationship for Structural Steel," Journal of 
Materials in Civil Engineering, Vol. 13, No. 5, pp 371-379. 

Saemann, J.C. and Washa, G.W. (1957) "Variation of Mortar and Concrete Properties with 
Temperature," Proceedings of the ACI Journal, Vol. 54, No. 11, pp 385-395. 



93 
 

Wright, W.J., and Cayes, L.. (1990) "Route I-78 Viaduct Over Waverly Yards Bridge Fire - 
Material Tests of Damaged Girders - Final Report,"  Turner-Fairbank Highway Research 
Center Report, FHWA, McLean, VA, Aug. 24. 

 



i 
 

APPENDIX A - FIRE SIMULATION MODELING 

  



ii 
 

CONTENTS 

CONTENTS .................................................................................................................... II 
VALIDATION OF THE FIRE DYNAMICS SIMULATION (FDS) SOFTWARE FOR 
LARGE SCALE FIRES ................................................................................................... 1 

1)  FLAME HEIGHT OF LARGE FIRES (BLINOV AND KHUDYAKOV, 1961) ............ 1 

2)  RECTANGULAR FIRE (HASEMI AND NISHIHATA 1988) ..................................... 2 

3)  GAS TEMPERATURE VALIDATION (KOSEKI 1999) ............................................ 5 

4)  VALIDATION FOR I-BEAM UNDER DECK GEOMETRY (MYLLYMAKKI AND 
KOKKALA 2000) .......................................................................................................... 7 

MODELING METHODOLOGY ..................................................................................... 10 

MODEL DESCRIPTION ............................................................................................ 10 

Bridge Geometry .................................................................................................... 10 

Fire Analysis Description ........................................................................................ 11 

Thermal Analysis Description ................................................................................. 13 

BRIDGE FIRE CASE STUDIES .................................................................................... 15 

CASE 1: BUS FIRE AT LOCATION A ....................................................................... 16 

Fire Simulation ....................................................................................................... 16 

CASE 2: BUS FIRE AT LOCATION B ....................................................................... 26 

Fire Simulation ....................................................................................................... 26 

CASE 3: BUS FIRE AT LOCATION C ....................................................................... 36 

Fire Simulation ....................................................................................................... 36 

CASE 4: HEAVY GOOD VEHICLE FIRE AT LOCATION A ...................................... 46 

Fire Simulation ....................................................................................................... 46 

CASE 5: HALF HEAVY GOOD VEHICLE FIRE AT LOCATION A ............................ 56 

Fire Simulation ....................................................................................................... 56 

CASE 6: HALF HEAVY GOOD VEHICLE FIRE AT LOCATION B ............................ 67 

Fire Simulation ....................................................................................................... 67 

CASE 7: HALF HEAVY GOOD VEHICLE FIRE AT LOCATION C ............................ 77 

Fire Simulation ....................................................................................................... 77 

CASE 8: TANKER FIRE AT LOCATION A ................................................................ 87 

Fire Simulation ....................................................................................................... 87 

CASE 9: TANKER FIRE AT LOCATION B ................................................................ 97 

Fire Simulation ....................................................................................................... 97 

CASE 10: TANKER FIRE AT LOCATION C ............................................................ 107 



iii 
 

Fire Simulation ..................................................................................................... 107 

CASE 11: I-65 BRIDGE, BIRMINGHAM FIRE ......................................................... 117 

Fire Simulation ..................................................................................................... 117 

CASE 12: TANKER FIRE AT LOCATION A - 24 FT. CLEARANCE ........................ 127 

Fire Simulation ..................................................................................................... 127 

CASE 13: TANKER FIRE AT LOCATION A - CONCRETE GIRDERS .................... 137 

Fire Simulation ..................................................................................................... 137 

CASE 14: TANKER FIRE AT LOCATION A - 32 FT. CLEARANCE ........................ 147 

Fire Simulation ..................................................................................................... 147 

REFERENCES ............................................................................................................ 157 

 
  



1 
 

VALIDATION OF THE FIRE DYNAMICS SIMULATION 

(FDS) SOFTWARE FOR LARGE SCALE FIRES 

Fire Dynamic Simulator (FDS) has been validated for medium scale (Wen, 2007) and 
small scale pool fires (McGrattan and Forney, 2008).  To the best knowledge of the authors, no 
work has been done to validate FDS for large scale fires with heat release rates of 4.5 MW to 200 
MW.  The I-65 bridge fire involved a large scale tanker fire that is estimated to have an energy 
release rate between 150 MW and 200 MW.  No experiments have been performed involving 
tanker fires of this magnitude.  Due to the scarcity of the experimental and validation data, four 
different fire scenarios from the literature were chosen to determine the various parameters 
needed for tanker fire simulation in FDS.  

1)  FLAME HEIGHT OF LARGE FIRES (BLINOV AND KHUDYAKOV, 
1961) 

Blinov and Khudyakov performed large scale fire tests that investigated the effect of the 
base fire diameter on flame height and burning rate.  The base diameter ranged from 10 cm to 
2,300 cm in these experiments.  From visual observation, it was estimated that the tanker fire 
footprint in the I-65 bridge was rectangular in shape with an approximate area of 134 m2.  This 
results in an equivalent base diameter of 13.1 m.  Two of the tests that have a pan diameter close 
to that of the tanker fire were modeled in FDS.  The FDS modeling and test parameters are given 
in Table 1.  The value of the radiative fraction was chosen based on the fire diameter (Koseki 
1999).  The Smagorinsky constant and D*/dx were chosen based on the validation of gas 
temperature by Koseki. 

Table A1. The experiment and FDS simulation parameters. 

 
Test 

 
Diameter 

(m) 

 
Fuel 

Radiative 
Fraction 

Smagorinsky 
Constant 

Domain Size  
D*/dx 

 
No of 
Cells 

Width 
(m) 

Depth 
(m) 

Height 
(m) 

1 2.77 Gasoline 0.3 0.18 20 20 30.25 15 37004 
2 8.93 Gasoline 0.1 0.18 20 20 30.25 15 37004 
3 12 Gasoline 0.1 0.18 20 20 35.25 15 24192 

  
The experimental results and FDS simulation results for flame height are shown in Figure 

A1.  From Figure A1, it is seen that FDS is over predicting the flame height which means that 
FDS predictions of flame height are on the conservative side.  



2 
 

  
(a) Diameter, d =2.77 m (b) Diameter, d =8.93 m 

 
( c) Diameter, d =12.0 m 

 
 

Figure A1   FDS validation of flame height for large scale fire (Blinov and Khudyakov 1961) 

 

2)  RECTANGULAR FIRE (HASEMI AND NISHIHATA 1988) 

The fire base shape for the I-65 bridge fire was rectangular.  The majority of FDS 
validation studies have been performed on ideal base shapes such as square and round.  The 
behavior of a fire for a rectangular base shape is different compared to square or round base 
shapes.  The increase of aspect ratio for a given heat release rate will increase the entrainment of 
air into the fuel resulting in decreased flame height.  The decrease of flame height results in the 
decrease of velocity and temperature along the vertical axis of the plume.  To quantify the ability 
of FDS to predict flame height with a rectangular fire source, FDS models were compared to the 

Heskestad Correlation 
Experimental value  
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experimental data of Hasemi and Nishihata (1988).  The value of radiative fraction was chosen 
based on the fire diameter (Koseki 1999).  The Smagorinsky constant and D*/dx were chosen 
based on the validation of gas temperature by Koseki. The FDS modeling and test parameters are 
given in Table A2. 

 
Table A2. The experiment and FDS simulation parameters 

Test Geometry 
of Burner 

Width(m) x 
Depth(m) 

Fuel Radiative 
Fraction 

Smagorinsky 
Constant 

Domain Size HRR 
(kW) 

 

No of 
Cells Width 

(m) 
Depth 
(m) 

Height 
(m) 

1 0.1 by 1.0 propane 0.3 0.18 4.0 4.0 4.25 300 318719 
2 0.1 by 1.0 propane 0.3 0.18 4.0 4.0 3.25 145 570312 
3 0.1 by 1.0 propane 0.3 0.18 4.0 2.0 2.25 6.19 8125983 
4 0.1 by 1.0 propane 0.3 0.18 4.0 2.0 3.25 52.2 971299 
5 0.2 by 0.8 propane 0.3 0.18 4.0 2.0 4.25 330 291525 
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(a) Burner size:0.1 by1.0 m and HRR 300 

kW 
(b) Burner size:0.2 by 0.6 m and HRR 200 

kW 

e  
 

( c) Burner size:0.2 by 0.8 m and HRR 330 kW 
 

Figure A2 Comparison of flame height prediction between FDS, the Heskestad correlation and 
the Hasemi and Nishihata (1988) experimental data. 

 
The comparison of flame height between the FDS prediction and the experimental result 

is shown in Figure A2.  FDS predicts flame heights that are up to 20% greater than the 
experimental results.  Therefore, FDS results can be conservatively used to predict fire 
exposures.   

Heskestad Correlation 
Experimental value  
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3)  GAS TEMPERATURE VALIDATION (KOSEKI 1999) 

A third test series was selected to evaluate the ability of FDS to predict the flame 
temperature for large scale fires.  The experiments performed by Koseki (1999) were chosen for 
this purpose.  Koseki conducted experiments with fire diameters of 1.0 m, 2.0 m and 6.0 m.  The 
fuel used in the experiment was heptane.  He reported the flame temperature as a function of 
elevation along the centerline of the fire and the burning rate of fuel.  In FDS, the base of the fire 
was modeled as a square and the equivalent area approach was used to determine the area of the 
square.  The burning rate reported from the experiment was used in the FDS simulation.  The 
value of radiative fraction was chosen based on the fire diameter.  The Smagorinsky constant and 
D*/dx were chosen based on the validation of gas temperature by Koseki.  The FDS modeling 
and test parameters are given in Table A3.  

 

Table A3   The experiment and FDS simulation parameters 

Test Diameter 
(m) 

Fuel Radiative 
Fraction 

Smagorinsky 
Constant 

Domain Size No of 
Cells 

Burning 
Rate 

(mm/min) 
Width 

(m) 
Depth 
(m) 

Height 
(m) 

1 1.0 Heptane 0.4 0.18 6 6 6.25 166212 3.0 
2 2.0 Heptane 0.3 0.18 8 8 10.25 81600 5.0 
3 6.0 Heptane 0.1 0.18 15 15 25.25 26250 7.0 

 
 

A comparison of gas temperature between the FDS predictions and experimental data are 
shown in Figures A3 through A5 for diameters of 6.0m, 2.0m, and 1.0m, respectively.   The FDS 
model over-predicts the gas temperature near the surface of the fuel.  With an increase in 
elevation above the burner surface, the gas temperatures predicted by FDS are within 5 to 10% 
of the experimental data.  The elevation of the I-65 bridge above the fire was 6.5 m.  At that 
elevation, the predictions from FDS are in good agreement with the experimental data. 
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Figure A3   Comparison of gas temperature between FDS and experimental results for  D=6.0 m 
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Figure A4   Comparison of gas temperature between FDS and experimental results for D=2.0 m 
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Figure A5   Comparison of gas temperature between FDS and experimental result for D=1.0 m 

 

 

4)  VALIDATION FOR I-BEAM UNDER DECK GEOMETRY 
(MYLLYMAKKI AND KOKKALA 2000) 

The ability of FDS to predict the heat flux to various surfaces of an I-beam when 
mounted below a deck, similar to the bridge geometry, was also validated with experimental 
data.  Myllymakki and Kokkala (2000) reported a series of tests where they have measured the 
heat fluxes from a heptane pool fire to the lower flange and web of the I-beam as well as the 
deck above the I-beam.  The value of radiative fraction was chosen based on the fire diameter.  
The test and FDS simulation parameters are given in Table A4. 

Table A4. The experiment and FDS simulation parameters 

Test Dia. 
(m) 

Fuel Radiative 
Fraction 

Smagorinsky 
Constant 

Domain Size No of 
Cells 

HRR 
(kW) 

Elevation 
(m) Width 

(m) 
Depth 
(m) 

Height 
(m) 

10 1.6 Heptane 0.3 0.18 5.1 5.1 3.6 72897 3680 1.77 
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The comparison between the heat flux predicted by FDS and the experimental data are 
shown in Figures A6 through A8.  Using the parameters given in Table A4, FDS predicts the 
heat flux to various parts of I-beam within 20%.  This demonstrates that FDS is able to 
accurately predict the heat flux onto various parts of I-beams as well as to the deck above. 
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Figure A6    Predicted and measured heat flux to the web of I-beam. 
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Figure A7   Predicted and measured heat flux to the lower flange of I-beam. 
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Figure A8   Predicted and measured heat flux to the deck above the I-beam.    
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MODELING METHODOLOGY 

MODEL DESCRIPTION 

Modeling the structural response of a bridge exposed to a fire includes predicting the fire 
behavior and its heat exposure onto the bridge, simulating the temperature rise of the bridge 
structural elements, and predicting the structural response.  In this work, the bridge response was 
predicted through a series of three loosely coupled analyses: fire analysis, thermal analysis, and 
structural analysis.   The fire analysis was done using the computational fluid dynamics code Fire 
Dynamic Simulator (FDS) (McGrattan and Forney 2008).  FDS was used to predict the flame 
height, gas temperatures, and heat flux exposure onto the bridge structural members.  The 
thermal analysis was performed using the commercial finite element code Abaqus (Hibbet 2010).  
The heat flux boundary condition representing the heat transfer due to the fire exposure onto the 
bridge was imported into Abaqus through a user-subroutine from a FDS output file. The 
structural modeling was also performed in Abaqus.  The thermal analysis was sequentially 
coupled to the structural analysis so that predicted temperatures were imported into the structural 
analysis and used to modify mechanical properties due to increase in temperature.  Detailed 
descriptions of these analyses are contained in the following sections.   

Bridge Geometry 
The idealized geometry of the I-65 bridge in Birmingham Bridge was used in this study. 

The I-65 bridge had a 33º skew with unequal length girders.  Each girder had unique stiffener 
and flange thickness details.  The bridge geometry was simplified to allow for ease of model 
geometry generation, especially in the FDS fire model where the geometry input is rectilinear 
based.  The main span was modeled by removing the skew and using the average span length of 
the girders at 117 ft -5in. (35.805 m).  The length of the main span was averaged to 45 ft -3 in. 
(13.81 m).  The resulting girder spacing was 7 ft (2.15 m).  The slab depth was maintained at 6.5 
in. (165 mm) but haunches were ignored in the model.  A sketch of the plan and elevation used 
in the model is presented in Figure A9. 
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Figure A9   The model geometry for the idealized I-65 bridge. Dimensions in meters. 

 

Fire Analysis Description 
The FDS model of the bridge is shown in Figure A10. The model included the ground 

slope from the piers to abutments.  In the FDS model of the bridge, the girders were modeled as 
the web only (see Figure A10-b) excluding the lower flanges, upper flanges and web stiffeners.  
From the validation studies performed in this project, it was determined that including the 
flanges was not need to adequately predict the fire dynamics and heat fluxes to these elements.   
The ground on the approach and departure side of the bridge was modeled using the stair 
stepping feature in FDS.  The fire location for a typical case ( the I-65 fire event ) is highlighted 
in red in Figure A10-a.  
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a. View from fire side 
 
 

 
 

b. View from approach side 
 

Figure A10   The FDS tanker fire model of Birmingham bridge 
 

The model domain was 86.0 m wide, 45.0 m deep and 26.0 m high to allow the fire 
sufficient volume for air entrainment and extension of flames.  All boundaries were left open to 
ambient and the initial temperature was 20°C.  The material properties for concrete and steel 
were taken from the Eurocode (CEN 2005)(BS 2004). 

For all of the cases in the test matrix the fire footprint was based on the size of the vehicle 
data obtained from the literature survey.  The top surface of the vehicle was used as the burner 
surface.  Since in actual cases the sides and the bottom were also involved so the value of the 
HRR was adjusted.  FDS uses large eddy simulation to predict the turbulent and buoyancy driven 
flow of fires.  In large eddy simulation, large scale eddies are computed directly whereas the sub-
grid scale dissipative processes are modeled.  In FDS, the sub grid scale turbulence was modeled 
using the Smagorinsky eddy viscosity model.  For large-scale fires, it was demonstrated in the 
validation efforts that a Smagorinsky constant of 0.18 is appropriate.   This is slightly less than 
the default value of 0.2 in FDS.    
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Large scale fires result in a significant amount of soot production in the flaming region 
that blocks radiation from escaping from the fire (Gottuk and Lattimer 2002).  Soot blockage 
increases with fire diameter and results in higher gas temperatures as the fire diameter increases.  
The level of soot blockage is modeled in FDS by modifying the radiative fraction of the flame.  
The radiative fraction is a measure of the amount of heat radiated away from the flame.  Based 
on the size of the fire, the radiative fraction was taken from the data provided by Koseki (1999).  

 

Thermal Analysis Description 
 

The model geometry for the thermal analysis is shown in Figures A11 and A12.  Only the 
bridge deck and girders were included in this analysis.  The girders included the upper and lower 
flange details as well as the web shear stiffeners.  Web shear stiffener spacing was selected to 
closely resemble the average stiffener spacing location of the original girders but confined to 
regular spacing on the averaged length.  In the thermal analysis, the bridge deck was modeled as 
concrete without the steel reinforcing mats.  The thermal properties as a function of temperature, 
such as thermal conductivity and specific heat of concrete and steel, were taken from Eurocode 
(CEN 2005)(BS 2004). 

It was shown in preliminary validations performed in this study on the Wainman and 
Kirby (1988) beam and Cardington Fire tests (Kirby 1998) that quadratic solid elements perform 
well in these types of problems.  The quadratic solid elements allow for coarse meshing levels 
and facilitate the exchange of thermal information between FDS and Abaqus.  As a result, the 
bridge was modeled using solid elements.  The main span concrete deck was modeled using 
1.0m (39 in.) square quadratic solid elements with four elements through the deck thickness.  
The approach slabs were included with a coarser mesh to be consistent with the structural model.  
The girders were modeled using quadratic solid elements 0.25 m (10in.) square with one element 
through the steel thickness.  All surfaces were tied together so that the neighboring nodes can 
exchange heat. 

 
Figure A11   Isometric view of the structural Finite Element Model. 
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Figure A12   Close up of model with main span slab removed to show interior and 
exterior girder details. 
 

The fire produces a time and spatially varying heat flux that heats the bridge with time.  
The heat transfer in the thermal analysis accounts for the radiation from the fire onto the bridge, 
convection from the fire onto the bridge, radiation from the ground and road onto the bridge, re-
radiation from the bridge back onto itself, and re-radiation from the bridge to the surroundings.   
In order to include this, a user-subroutine was used to import the heat fluxes predicted by FDS 
into Abaqus.  The appropriate interactions for convection and radiation were included in Abaqus 
to implement this heat flux boundary condition.  A heat transfer coefficient of 25 W/m2-K was 
used along with steel and concrete emissivity of 0.95 and 0.9, respectively.  The user-subroutine 
uses interpolation to account for the different meshing between the FDS and Abaqus models.  In 
addition, the routine assigns heat fluxes to structural details that were not needed in the fire 
analysis.  Specifically, the routine assigns heat fluxes to the flanges and web stiffeners based 
using interpolation from the predicted heat fluxes.   
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BRIDGE FIRE CASE STUDIES  
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CASE 1: BUS FIRE AT LOCATION A 

 

Fire Simulation  
 

CASE 1:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 1:  Fire heat release rate profile 
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CASE 1: Bus fire at Location A in FDS 
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CASE 1: Gas temperature profile as a function of time 
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(a) Actual view 
 

 
 

(b) Outline view 
 

 
CASE 1:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 
 
 

 
 

(b) Outline view 
 
 

CASE 1:   Flame dynamics at  t = 2,000 sec. 
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CASE 1:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 1: Web temperature versus time for each girder 
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CASE 1: Bottom flange temperature versus time for each girder 
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CASE 1:  Cross section temperature profile versus time under the center of the fire 
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CASE 1:  Girder temperature profiles at t = 800 sec. 
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CASE 1:  Girder temperature profiles at t = 1,100 sec. 
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CASE 1: Girder temperature profiles at t = 3,700 sec. 
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CASE 2: BUS FIRE AT LOCATION B 

 

Fire Simulation  
CASE 2:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 

 

 

time (sec)

0 1000 2000 3000 4000 5000 6000

H
R

R
 (M

W
)

0

10

20

30

40

50

 
CASE 2:  Fire heat release rate profile 
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CASE 2: Bus fire at Location B in FDS 
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CASE 2: Gas temperature profile as a function of time 
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(a) Actual view 

 

 
 

(b) Outline view 
 

 
CASE 2:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 
 
 

 
 

(b) Outline view 
 
 

CASE 2:   Flame dynamics at  t = 2,000 sec. 
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CASE 2:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 2: Web temperature versus time for each girder 
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CASE 2: Bottom flange temperature versus time for each girder 
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CASE 2:  Cross section temperature profile versus time under the center of the fire 
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CASE 2:  Girder temperature profiles at t = 600 sec. 
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CASE 2:  Girder temperature profiles at t = 1,100 sec. 
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CASE 2: Girder temperature profiles at t = 3,700 sec. 
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CASE 3: BUS FIRE AT LOCATION C 

 

Fire Simulation  
CASE 3:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 3:  Fire heat release rate profile 
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CASE 3: Bus fire at Location C in FDS 
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CASE 3: Gas temperature profile as a function of time 
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(a) Actual view 

 

 
 

(b) Outline view 
 

 
CASE 3:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 3:   Flame dynamics at  t = 2,000 sec. 
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CASE 3:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 3: Web temperature versus time for each girder 
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CASE 3: Bottom flange temperature versus time for each girder 
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CASE 3:  Cross section temperature profile versus time under the center of the fire 
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CASE 3:  Girder temperature profiles at t = 500 sec. 
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CASE 3:  Girder temperature profiles at t = 1,000 sec. 
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CASE 3: Girder temperature profiles at t = 4,200 sec. 
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CASE 4: HEAVY GOOD VEHICLE FIRE AT LOCATION A 

 

Fire Simulation  
CASE 4:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

88 30 26 8.35 0.5 8600 3.0 10.5 1.0 
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CASE 4:  Fire heat release rate profile 
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CASE 4: HGV fire at Location A in FDS 
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CASE 4: Gas temperature profile as a function of time 
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(a) Actual view 

 
 

 

(b) Outline view 
 

 
CASE 4:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 4:   Flame dynamics at  t = 1,500 sec. 
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CASE 4:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 4: Web temperature versus time for each girder 

 

time(sec)

0 1000 2000 3000 4000 5000 6000 7000

Te
m

pe
ra

tu
re

 (K
)

0

200

400

600

800

1000

1200

1400
Girder 1
Girder 2
Girder 3
Girder 4
Girder 5
Girder 6
Girder 7

 
CASE 4: Bottom flange temperature versus time for each girder 
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CASE 4:  Cross section temperature profile versus time under the center of the fire 
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CASE 4:  Girder temperature profiles at t = 700 sec. 
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CASE  4:  Girder temperature profiles at t = 1,000 sec. 

 



55 
 

 
CASE 4: Girder temperature profiles at t = 2,428 sec. 
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CASE 5: HALF HEAVY GOOD VEHICLE FIRE AT LOCATION A 

 

Fire Simulation  
CASE 5:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 
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Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 5:  Fire heat release rate profile 
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CASE 5: 1/2 HGV fire at Location A in FDS 
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CASE 5: Gas temperature profile as a function of time 
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(a) Actual view 

 
 

 
(b) Outline view 

 
 

CASE 5:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 5:   Flame dynamics at  t = 1,500 sec. 
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CASE 5:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 5: Web temperature versus time for each girder 
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CASE 5: Bottom flange temperature versus time for each girder 
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CASE 5:  Cross section temperature profile versus time under the center of the fire 
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CASE 5:  Girder temperature profiles at t = 990 sec. 
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CASE 5:  Girder temperature profiles at t = 1,422 sec. 
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CASE 5: Girder temperature profiles at t = 2,000 sec. 
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CASE 5: Girder temperature profiles at t = 2,952 sec. 
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CASE 6: HALF HEAVY GOOD VEHICLE FIRE AT LOCATION B 

 

Fire Simulation  
CASE 6:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
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Simulation 
Duration 
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Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 6:  Fire heat release rate profile 
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CASE 6: 1/2 HGV fire at Location B in FDS 
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CASE 6: Gas temperature profile as a function of time 
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(a) Actual view 

 
 

 
(b) Outline view 

 
 

CASE 6:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 6::   Flame dynamics at  t = 1,500 sec. 
 
 
 
 
 
 



71 
 

 
 

CASE  6:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 6: Web temperature versus time for each girder 
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CASE 6: Bottom flange temperature versus time for each girder 
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CASE 6:  Cross section temperature profile versus time under the center of the fire 
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CASE 6:  Girder temperature profiles at t = 600 sec. 
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CASE 6:  Girder temperature profiles at t = 1,300 sec. 
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CASE 6: Girder temperature profiles at t = 2,400 sec. 
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CASE 7: HALF HEAVY GOOD VEHICLE FIRE AT LOCATION C 

 

Fire Simulation  
CASE 7:  FDS Parameters 
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CASE 7:  Fire heat release rate profile 
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CASE 7: 1/2 HGV fire at Location C in FDS 
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CASE 7: Gas temperature profile as a function of time 
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(a) Actual view 

 
 

 
(b) Outline view 

 
 

CASE 7:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 7:   Flame dynamics at  t = 1,500 sec. 
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CASE 7:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 7: Web temperature versus time for each girder 
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CASE 7: Bottom flange temperature versus time for each girder 
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CASE 7:  Cross section temperature profile versus time under the center of the fire 
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CASE 7:  Girder temperature profiles at t = 955 sec. 
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CASE 7:  Girder temperature profiles at t = 1,596 sec. 
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CASE 7: Girder temperature profiles at t = 2,538 sec. 
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CASE 8: TANKER FIRE AT LOCATION A 

 

Fire Simulation  
CASE 8:  FDS Parameters 
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Mesh 
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CASE 8:  Fire heat release rate profile 
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CASE 8: Tanker fire at Location A in FDS 
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CASE 8: Gas temperature profile as a function of time 
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(a) Actual view 

 

 
 

(b) Outline view 
 

 
CASE 8:   Flame dynamics at t = 1,200 sec. 
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(a) Actual view 

 
 

 
 

(b) Outline view 
 
 

CASE 8:   Flame dynamics at  t = 2,400 sec. 
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CASE 8:  Bottom view showing longitudinal and transverse flame extension at t = 1,200 sec. 
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CASE 8: Web temperature versus time for each girder 
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CASE 8: Bottom flange temperature versus time for each girder 
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CASE 8:  Cross section temperature profile versus time under the center of the fire 
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CASE 8:  Girder temperature profiles at t = 1,539 sec. 
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CASE 8:  Girder temperature profiles at t = 2,830 sec. 
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CASE 8: Girder temperature profiles at t = 3,036 sec. 
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CASE 9: TANKER FIRE AT LOCATION B 

 

Fire Simulation  
CASE 9:  FDS Parameters 
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CASE 9:  Fire heat release rate profile 
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CASE 9: Tanker fire at Location B in FDS 
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CASE 9: Gas temperature profile as a function of time 
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(a) Actual view 

 

 
 

(b) Outline view 
 

 
CASE 9:   Flame dynamics at t = 1,000 sec. 

 
 
 
 
 



100 
 

 
(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 9:   Flame dynamics at  t = 2,000 sec. 
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CASE 9:  Bottom view showing longitudinal and transverse flame extension at t = 1,200 sec. 
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CASE 9: Web temperature versus time for each girder 
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CASE 9: Bottom flange temperature versus time for each girder 
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CASE 9:  Cross section temperature profile versus time under the center of the fire 
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CASE 9:  Girder temperature profiles at t = 1,350 sec. 
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CASE 9:  Girder temperature profiles at t = 2,385 sec. 
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CASE 9: Girder temperature profiles at t = 3,356 sec. 
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CASE 10: TANKER FIRE AT LOCATION C 

 

Fire Simulation  
CASE 10:  FDS Parameters 
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D*/dx 

Mesh 
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CASE 10:  Fire heat release rate profile 
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CASE 10: Tanker fire at Location C in FDS 
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CASE 10: Gas temperature profile as a function of time 
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(a) Actual view 

 

 
 

(b) Outline view 
 

 
CASE 10:   Flame dynamics at t = 1,200 sec. 

 
 
 
 
 



110 
 

 
(a) Actual view 

 
 

 
 

(b) Outline view 
 
 

CASE 10:   Flame dynamics at  t = 2,400 sec. 
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CASE 10:  Bottom view showing longitudinal and transverse flame extension at t = 1,200 sec. 
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CASE 10: Web temperature versus time for each girder 
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CASE 10: Bottom flange temperature versus time for each girder 
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CASE 10:  Cross section temperature profile versus time under the center of the fire 
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CASE 10:  Girder temperature profiles at t = 384 sec. 
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CASE 10:  Girder temperature profiles at t = 894 sec. 
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CASE 10: Girder temperature profiles at t = 3,043 sec. 
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CASE 11: I-65 BRIDGE, BIRMINGHAM FIRE 

 

Fire Simulation  
CASE 11:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 11:  Fire heat release rate profile 
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CASE 11: Tanker fire I-65, Birmingham bridge in FDS 
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CASE 11: Gas temperature profile as a function of time 
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(a) Actual view 

 

 
 

(b) Outline view 
 

 
CASE 11:   Flame dynamics at t = 1,000 sec. 
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(a) Actual view 
 
 

 
 

(b) Outline view 
 
 

CASE 11:   Flame dynamics at  t = 1,500 sec. 
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CASE 11:  Bottom view showing longitudinal and transverse flame extension at t = 1,600 sec. 
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CASE 11: Web temperature versus time for each girder 
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CASE 11: Bottom flange temperature versus time for each girder 
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CASE 11:  Cross section temperature profile versus time under the center of the fire 
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CASE 11:  Girder temperature profiles at t = 892 sec. 
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CASE 11:  Girder temperature profiles at t = 1,380 sec. 
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CASE 11: Girder temperature profiles at t = 2,490 sec. 
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CASE 12: TANKER FIRE AT LOCATION A - 24 FT. CLEARANCE 

 

Fire Simulation  
CASE 12:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 12:  Fire heat release rate profile 
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CASE 12: Tanker fire at Location A - 24 ft clearance in FDS 
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CASE 12: Gas temperature profile as a function of time 

 
 
 
 

 



129 
 

 
(a) Actual view 

 
 

 
(b) Outline view 

 
 

CASE 12:   Flame dynamics at t = 1,200 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 12:   Flame dynamics at  t = 2,400 sec. 
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CASE 12:  Bottom view showing longitudinal and transverse flame extension at t = 1,000 sec. 
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CASE 12: Web temperature versus time for each girder 
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CASE 12: Bottom flange temperature versus time for each girder 
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CASE 12:  Cross section temperature profile versus time under the center of the fire 
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CASE 12:  Girder temperature profiles at t = 800 sec. 
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CASE 12:  Girder temperature profiles at t = 1,350 sec. 
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CASE 12: Girder temperature profiles at t = 3,900 sec. 
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CASE 13: TANKER FIRE AT LOCATION A - CONCRETE GIRDERS 

 

Fire Simulation  
CASE 13:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 13:  Fire heat release rate profile 
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CASE 13: Tanker fire at Location A - concrete girders in FDS 
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CASE 13: Gas temperature profile as a function of time 

 
 
 
 

 



139 
 

 
(a) Actual view 

 
 

 
(b) Outline view 

 
 

CASE 13:   Flame dynamics at t = 1,200 sec. 
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(a) Actual view 

 
 

 

 
(b) Outline view 

 
 

CASE 13:   Flame dynamics at  t = 2,400 sec. 
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CASE 13:  Bottom view showing longitudinal and transverse flame extension at t = 1,200 sec. 
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CASE 13: Web surface temperature versus time for each girder 
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CASE 13: Bottom flange surface temperature versus time for each girder 
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CASE 13:  Cross section temperature contours versus time under the center of the fire 
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CASE 13:  Girder surface temperature profiles at t = 875 sec. 
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CASE 13:  Girder surface temperature profiles at t = 1,700 sec. 
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CASE 13: Girder surface temperature profiles at t = 3,700 sec. 
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CASE 14: TANKER FIRE AT LOCATION A - 32 FT. CLEARANCE 

 

Fire Simulation  
CASE 14:  FDS Parameters 

Domain Size (m)  
D*/dx 

Mesh 
Size  
 (m) 

Simulation 
Duration 

(sec) 

Burner Size  (m) 
Length Depth Width Length Depth Width 

86 30 21 8.35 0.5 8600 3 12 1.5 
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CASE 14:  Fire heat release rate profile 
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CASE 14: Tanker fire at Location A - 32 ft. clearance in FDS 
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CASE 14: Gas temperature profile as a function of time 
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(a) Actual view 
 

 

 
(b) Outline view 

 
 

CASE 14:   Flame dynamics at t = 1,200 sec. 
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(a) Actual view 

 
 

 
 

(b) Outline view 
 
 

CASE 14:   Flame dynamics at  t = 2,400 sec. 
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CASE 14:  Bottom view showing longitudinal and transverse flame extension at t = 1,200 sec. 
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CASE 14: Web temperature versus time for each girder 
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CASE 14: Bottom flange temperature versus time for each girder 
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CASE 14:  Cross section temperature profile versus time under the center of the fire 
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CASE 14:  Girder temperature profiles at t = 800 sec. 
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CASE 14:  Girder temperature profiles at t = 2,800 sec. 
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CASE 14: Girder temperature profiles at t = 3,900 sec. 
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STRUCTURAL SIMULATION CASES 

 
This section contains the results of nine structural response simulations under the fire events 
described in APPENDIX A.  For each simulation several figures are presented to indicate the 
results.  These figures repeat for each case.  A description of the figures is as follows:  
 
CASE ##: Figure 1 - Time series plot of the bottom flange temperature and vertical deflection 
reported at the point of maximum flange temperature and maximum vertical deflection sustained 
during the simulation.  Usually this is the same point except for the Location C fires located near 
the pier.  A diagram for the girder numbers can be seen in Figure B1 
 

 
Figure B1   Girder numbering and dimension reference for the CASE## Figure 1 plots. 

 
CASE##: Figure 2 - Isometric depiction of the model showing the deformed state of the bridge at 
the time of peak deflection. Contour bands represent the vertical deflection in meters. 
 
CASE##: Figure 3 -  Isometric depiction of the model showing the deformed state of the bridge 
at the time of final deflection. Contour bands represent the vertical deflection in meters. 
 
CASE##: Figure 4 - Isometric depiction of the bridge girders rotated about the vertical axis to 
show the full depth.  Contour bands represent the temperature of the girders at peak deflection 
with a color scale ranging from 200 to 1100 degrees Kelvin. 
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CASE##: Figure 5 -  Reverse Plan (looking up) depiction of the bridge girders bottom flanges.  
Contour bands represent the residual creep strain with a color scale ranging from 0 to 0.0018 
mm/mm.  The bus fire cases use a scale one order of magnitude smaller that ranges from 0 to 
0.0018 mm/mm.  This scale was selected as it reference a 0.2% strain associated with yielding in 
room temperature steel.  The 0.0018 scale was chosen because it makes the contour band 
delineations rational numbers.  Strains represented by gray have exceeded the 0.0018 mm/mm 
threshold.  The bus fires strains were so small these figures were adjusted by an order of 
magnitude to 0 – 0.00018 mm/mm so that differences between the bus fire locations could be 
shown. 
 
CASE##: Figure 6 -  Reverse Plan (looking up) depiction of the concrete deck bottom. Contour 
bands represent the material model tensile strains with a color scale ranging from 0 to .03 
mm/mm. The scale of the contour plots varies from 0 to .03 in/in (mm/mm) of strain. This scale 
correlates because it correlates to a loss of tensile stress carrying capacity as shown by Belarbi 
and Hsu (1994) in Figure B2.   
 

 
Figure B2   Reinforced concrete slab tensile stress strain response. 

 
 

This reference was chosen because concrete panels of similar construction to bridge 
decks were tested in pure tension to develop this curve.  Below 0.001 mm / mm strain the 
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concrete is dominating the stress strain response. Above 0.005 mm / mm strain the reinforcing 
steel present in the slab is resisting the tensile forces.  In between is a transitional zone.  The 
scale selected to present the concrete cracking present in the simulations shows strains less than 
0.005 mm / mm strain as blue.  Strains above this threshold indicate damage severe enough to 
engage the reinforcing. 

In order to obtain a solution some model features vary from simulation to simulation. 
These parameters are listed at the beginning of each simulation section.  The duration is 
determined by the results of the FDS and thermal analysis.  The end boundary conditions at the 
supports vary both in the method of modeling the magnitude of the free expansion gap.   For the 
smaller fires, most utilize a 64 mm gap at each end and a target surface on the opposing edge of 
the concrete deck of the approach span.  This deck was allowed to expand if exposed to elevated 
temperatures.  In some of the larger fires, large end rotations created a problem with the contact 
element convergence.  For the tanker fires, a rigid infinite plane was used as the target surface 
and the gap was reduced to 10 mm to give a worst-case scenario.  Several of the large fires also 
resulted in highly non-uniform temperature gradients in the exposed girder webs leading to 
convergence problems.  The webs were distorting or buckling out-of-plane due to constrained 
thermal expansion.   In these cases, additional localized damping was added to the webs to 
provide some resistance to “snap through” instability. 

 
  



6 
 

CASE 1: BUS FIRE AT LOCATION A 

 
Duration: 8400 seconds (140 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 1:  Girder 3 bottom flange temperature and deflection history at X=18 m. 
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CASE 1:  Vertical deflection (m) at t = 1,100 seconds 
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CASE 1:  Vertical deflection (m) at t = 8,400 seconds 
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CASE 1:  Girder temperatures (°K) at t = 1,100 seconds. 
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CASE 1:  Creep strains at t = 8,400 seconds  (Note: Creep strains were so small the scale was 

adjusted by an order of magnitude to 0 – 0.00018 mm/mm) 
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CASE 1:  Concrete tensile strains at t = 8,400 seconds 
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CASE 2: BUS FIRE AT LOCATION B 

 
Duration:  8,400 seconds (140 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 2:  Girder 7 bottom flange temperature and deflection history at X=18 m 
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CASE 2:  Vertical deflection (m) at t = 1,600 seconds 
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CASE 2:  Vertical deflection (m) at t = 8,400 seconds 
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CASE 2:   Girder temperatures (°K) at t = 1,600 seconds 
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CASE 2:  Creep strains at t = 8,400 seconds  (Note: Creep strains were so small the scale was 

adjusted by an order of magnitude to 0 – 0.00018 mm/mm) 
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CASE 2:  Concrete tensile strains at t = 8,400 seconds 
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CASE 3: BUS FIRE AT LOCATION C 

 
Duration:  8400 seconds (140 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 3:   Girder 3 bottom flange temperature at X=1 m and deflection history at X=18 m 

  



19 
 

 

 
CASE 3:  Vertical deflection (m) at t = 1,600 seconds. 
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CASE 3:  Vertical deflection (m) at t = 8,400 seconds 
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CASE 3:  Girder temperatures (°K) at t = 1,600 seconds 
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CASE 3:  Creep strains at t = 8,400 seconds  (Note: Creep strains were so small the scale was 

adjusted by an order of magnitude to 0 – 0.00018 mm/mm) 
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CASE 3:  Concrete tensile strains at t = 8,400 seconds 
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CASE 5: HALF HEAVY GOOD VEHICLE AT LOCATION A  

 
Duration:  6,000 seconds (100 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 5:   Girder 3 bottom flange temperature at X=1 m and deflection history at X=18 m 
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CASE 5:  Vertical deflection (m)  at t = 1,300 seconds  (Note: Scale has been altered to read 
from [-0.120, 0.120 m ] to [ -0.240 m  0.240 m] to accommodate the observed deflection) 
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CASE 5:  Vertical deflection (m)  at t = 6,000  
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CASE 5:  Girder temperatures at t = 1,300 seconds 
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CASE 5:  Creep strains at t = 6,000 seconds 
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CASE 5:  Concrete tensile strains at t = 6,000 seconds 
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CASE 6: HALF HEAVY GOOD VEHICLE AT LOCATION B 

 
Duration:  6,000 seconds (100 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 6:  Girder 1 bottom flange temperature and deflection history at X=18 m 
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CASE 6:  Vertical deflection (m)  at t = 1,800 seconds 
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CASE 6:  Vertical deflection (m)  at t = 6,000 seconds   
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CASE 6:  Girder temperatures (°K) at t = 1,800 seconds 
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CASE 6:  Creep strains at t = 6,000 seconds 
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CASE 6:  Concrete tensile strains at t = 6,000 seconds 

 
  



36 
 

CASE 7: HALF HEAVY GOOD VEHICLE AT LOCATION C 

 
Duration:  6,000 seconds (100 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 7:  Girder 4 bottom flange temperature at X=1 m and deflection history at X=12 m 
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CASE 7:  Vertical deflection (m)  at t = 1,800 seconds 
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CASE 7:  Vertical deflection (m)  at t = 6,000 seconds 
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CASE 7:  Girder temperatures at t = 1,800 seconds 
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CASE 7:  Creep strains at t = 6,000 seconds 
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CASE 7:  Concrete tensile strains at t = 6,000 seconds 

 
  



42 
 

CASE 8: TANKER FIRE AT LOCATION A 

 
Duration:  6,400 seconds (100 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Slab 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : Yes 
 
 

 
CASE 8:  Girder 7 bottom flange temperature and deflection history at X=18 m 
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CASE 8:  Vertical deflection (m)  at t = 2,800 seconds 
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CASE 8:  Vertical deflection (m)  at t = 6,400 seconds 
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CASE 8:  Girder temperatures at t = 2,800 seconds 
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CASE 8:  Creep strains at t = 6,400 seconds 
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CASE 8:  Concrete tensile strains at t = 6,400 seconds 
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CASE 9: TANKER FIRE AT LOCATION B 

 
Duration:  6,000 seconds (100 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 64 mm  
 Contact Boundary Target : Concrete Approach Span Deck 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : No 
 

 
CASE 9:  Girder 1 bottom flange temperature and deflection history at X=18 m 
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CASE 9:  Vertical deflection (m)  at t = 3,900 seconds 
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CASE 9:  Vertical deflection (m)  at t = 6,400 seconds  

  



51 
 

 
CASE 9:  Girder temperatures (°K) at t = 6,400 seconds 
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CASE 9:  Creep strains at t = 6,400 seconds 
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CASE 9:  Concrete tensile strains at t = 6,400 seconds 
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CASE 10: TANKER FIRE AT LOCATION C 

 
Duration:  6,000 seconds (100 minutes) 
 
Boundary Conditions: 
 Supports : Rollers 
 Expansion Gaps : 11 mm  
 Contact Boundary Target : Rigid Plane 
 
Solution Features: 
 Adaptive Damping : Yes 
 Additional Web Damping : Yes 
 

 
CASE 10:  Girder 4 bottom flange temperature history at X=3 m and deflection at X=16 m 
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CASE 10:  Vertical deflection (m)  at t = 3,900 seconds 
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CASE 10:  Vertical deflection (m)  at t = 6,400 seconds 
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CASE 10:  Girder temperatures (°K) at t = 6,400 seconds 
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CASE 10:  Creep strains at t = 6,400 seconds 
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CASE 10:  Concrete tensile strains at t = 6,400 seconds 
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BRIDGE FIRE CASE STUDIES 

A comprehensive review is being performed on bridges that have been exposed to fires. 
Data on bridge fire case studies was collected to understand various fire scenarios involving 
bridges and gain an understanding of the resulting bridge damage.  The case study review data 
was taken from media reports, literature, surveys of bridge owners, NTSB reports, and NFPA 
reports. 

SURVEY OF POPULAR MEDIA AND THE LITERATURE 

Table 1 provides a listing of fire events occurring over the last ten years that were 
uncovered during a search of the popular media.  The results are obviously biased toward events 
reported by the news media and do not represent a comprehensive list.  In some cases, different 
media sources had conflicting information about details of the same incident. 

Media reports highlight the difficulty in finding concise information about fire events.  
Most news media reports focused on the public impact of the events, not on technical details.  
Information about degree of damage, if it exists, is typically limited to general statements by 
public officials.  A search of the literature failed to uncover published papers or reports for most 
of the incidents listed in Table 1.  There are exceptions, such as the Puyallup River Bridge fire 
that occurred in Washington State, where details of the incident and repair techniques are well 
documented. (Stoddard 2004)  In general, however, a literature search alone cannot be expected 
to uncover detailed data about most fire incidents.   
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Table 1  Search results for bridge fire events reported in the popular media in the last 10 years. 

State Bridge Date Bridge Type Fire Type Consequence Road Closure 

AL Mobile Co Railroad Bridge 02/09 Swing span Arson Damaged / repaired 2 weeks 

AL I-10 Byway 09/09 Concrete beam Truck crash NP NP 

AL I-65 Birmingham 01/02 NP NP NP NP 

AZ Williams River Bridge 07/06 Concrete beam Tank truck crash No apparent damage 3 days 

CA SF-Oakland Bay Approach 04/07 Steel beam Tank truck crash Collapse NP 

CA Bay Bridge 09/05 NP Truck fire No damage 3 hr. 

CO Olney Springs 04/08 NP Wild fire Collapse NP 

CT Howard Ave Over I-95 03/03 Steel beam Tank truck crash Collapse 8 months 

CT Rte.7 Over Norwalk River 07/05 Concrete box beam Tank truck crash Damaged / replaced NP 

FL I-10 Escambia Bay 06/09 Concrete beam Truck crash Damaged / repaired 6 hour 

FL I-75 Big Slough Canal 02/04 Concrete & steel 
beams 

Tank truck Damaged / repaired 4 hour 

GA I-285 Over GA 400 06/01 Steel beam Tank truck crash Damaged NP 

HI Makaha Bridge 07/06 Wood Arson Damaged / repaired 1 week 

IA Historic Cedar Covered 
Bridge 

09/02 Timber Arson Destroyed 25 month 

KY Big Four  05/08 Steel/wood railroad 
truss 

Electrical fire Damaged 
 

NP 

MA Longfellow Bridge Boston 05/07 Steel arch Debris under 
bridge 

NP Several hours 

MA Chicopee Curve 03/08 NP Tank truck crash No damage Several days 

MD I-95 Howard Co 2004 Concrete beam Tank truck crash Minor damage 1 day? 

MO Martin Luther King Bridge 06/09 Cantilever steel truss Truck fire No damage Few hours 

MI Nine Mile Rd Over I-75 07/09 Steel beam Tank truck crash Collapse I-75 – 1day 
N.M.R.-months 

NJ I-80, Denville 06/01 Concrete beam Tank truck crash Severe damage 3-month emergency 
replacement 

NV Colorado River Bridge 
(under construction) 

2009 Steel Wildfire No damage NP 

NY Throgs Neck Bridge 07/09 Steel beam Construction fire Damaged 4-weeks 

NY Manhattan Bridge 07/09 Suspension Truck fire No damage 3 hours 

PA I-95 Chester Creek 1998 Steel beam Tank truck crash Severe damage NP 

RI Rte 37 near I-95 2000 Concrete beam Tank truck crash Severe damage Several days- 
eventually replaced 

RI Park Ave Over Railroad 2009 Concrete beam / 
wood 

Electrical fire 
Fire 

No damage NP 

SC I-585 California Ave. 09/09 NP Tank truck crash No damage NP 

TN ?? 06/07 Concrete box beam Tank truck crash Little damage NP 

TX San Antonio-Railroad 
Bridge 

2008 Wood Brush fire Damaged 48 hr. rail 
2-hrs hwy. 

UT Dewey Bridge Grand 
County 

07/08 Wood suspension Wild fire Wood damaged Out of service 

WA Puyallup River Bridge 12/02 Concrete beam Rail tanker fire Damaged / later 
repaired 

16 hrs. (reopened with 
load limit) 

WY Fishing Bridge 
(Yellowstone) 

07/08 Wood Wild fire Slight damage NP 

  NP = Information not provided. 
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BRIDGE OWNER SURVEY 

 A survey of state DOTs has been initiated to identify what case study information 
may exist in unpublished files at the DOT.  The survey is currently active on Virginia Tech's 
website: 

(https://survey.vt.edu/survey/viewResults.jsp?surveyId=1277747492581) 

Password:  firebridge 

The following provides the questions asked in the survey as well as a summary of the 
responses received as of December 26, 2010. 

Question 1 
“Please enter the number of incidents where a fire has occurred on, under, or near a 

bridge structure that have occurred in your state over the past fifteen years. – Please indicate the 
types of fires involved in the incidents” 

The 27 responses that were received for this question are summarized in Table 2. 

Table 2  Number of fire incidents based on 27 responses to the state survey. 

Type of Fire Involved Number of 
Incidents 

Percentage of Responses 
Reporting (%) 

Vehicle Accident 23 85 
Vehicle Breakdown 5 19 
Wild Fire 8 30 
Construction or Non-Vehicle 
Accident 

8 39 

Arson 2 7 
Other Fire Type 7 26 

 

Question 2 
“Enter the number of fire incidents that led to bridge structure damage that occurred in 

your state in the past fifteen years. – Please indicate the type of bridge structural elements 
involved in the incident(s).” 

The 25 responses received for this question are summarized in Table 3. 

 

 

 

https://survey.vt.edu/survey/viewResults.jsp?surveyId=1277747492581
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Table 3  Bridge elements involved in fire reported by the state survey responses. 

 
Type of Structural Element 

Number of 
Incidents 

Percentage of Responses 
Reporting (%) 

Concrete Deck – Steel Superstructure 19 70 
Concrete Deck – Prestressed / Post-Tensioned 
Concrete Superstructure 

14 52 

Concrete Deck – Reinforced Concrete 
Superstructure 

7 26 

Non-Conventional Deck – Conventional 
Superstructure 

0 0 

Non-Conventional Deck – Non-Conventional 
Superstructure 

0 0 

Concrete Substructure 13 48 
Steel Substructure 0 0 
Other Element 10 37 

 

Question 3 
“Are you able to provide any incident reports on fire damaged bridges?” 

Of the 27 overall responses, 17 responded “YES” (63%), 9 responded “NO”, and there 
was one “NO ANSWER”. 

Question 4 
“Are you able to provide any long-term performance reports of a bridge affected by fire? 

Of the 27 overall responses, 6 responded “YES” (63%), 20 responded “NO”, and there 
was one “NO ANSWER”. 

Question 5 
“If you answered yes to question 3 or 4 please enter email address for a follow-up 

contact” 

Of the 27 overall responses, contact email addresses were provided from 18 state DOT’s.  
Follow-up contact has been initiated, but results are not available for this report. 

Question 6 
“If you answered “YES” to questions 3 or 4, please enter any additional information you 

have about the incident such as location, damage extent, and report availability” 

Of the 27 overall responses, 20 provided additional information under this question.  The 
information provided by each state is summarized below: 
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New Jersey 

Two incidents were reported on I-78 and I-80.  Further information is available in bridge 
records.  No specific information exists on long term performance, but a review of bridge 
inspection records may reveal some information. 

Florida 

Most bridges with significant damage have been replaced.  Information about the events 
is scattered among the various District offices.  Over 15 years, Florida has probably spent 
between $20 and $30 million on emergency span replacements.  Most of the damaging 
events involved fuel tanker trucks.  One involved a tractor/box trailer carrying aerosol 
cans resulting in destruction of a prestressed concrete girder span. 

Utah 

In the past four years, one event occurred involving a tractor/box trailer parked under a 
bridge where the cargo burned.  There have been wildfire events in the vicinity of bridges 
but no bridge damage was sustained and there is no documentation.  One event occurred 
over four years ago where a tractor/tank trailer spill (caused by the truck overturning) 
caught fire near a bridge and the fuel flowed downhill into the bridge drainage system. 

Washington State 

1) A detailed report is available for a fire damaged prestressed concrete bridge.  This 
report is reviewed elsewhere in this chapter.   

Pennsylvania 

Contact the DOT for this information 

Tennessee 

1) Gasoline tanker truck crashed and burned under a concrete bridge.  Damage 
reports and laboratory tests of concrete are available. 

2) An oil well fire released burning crude that entered a waterway and damaged a 
small steel beam bridge downstream. 

3) A construction fire resulted in bridge damage when chemical foam that was being 
injected to raise an approach slab caught fire and damaged the abutment area of a 
prestressed concrete girder bridge. 

4) A woody debris pile was set on fire by arson.  It damaged the beams of a 
prestressed concrete bridge. 

Michigan 

Two reports are under litigation so no information can be released.  Four other events 
were noted: 
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1) Holland, MI – Damage to the concrete deck, prestressed beams, and concrete pier.  
There was no exposed reinforcing steel of prestressing strand. 

2) Flint, MI, I-69 over CSX RR, severe damage to a bridge ramp including deformed 
steel, damaged bearings, and a spalled concrete pier.  The ramp was replaced. 

3) Detroit, MI, I-75 over Rouge River, bent deformed structural steel and a spalled 
concrete pier.  Repair included partial replacement of some spans. 

4) Grand Rapids, MI, the paint system was damaged on a steel bridge. 

Georgia 

A report is available in hardcopy for a bridge accident on I-285 / GA 400. A slide 
presentation of the damage is also available. 

 Arizona 

77 bridges have the word “fire” included in their inspection reports since 1998.  53 were 
state-owned and 24 were owned by local governments.  63 bridges reported structural 
damage due to fire since 1998.  41 were state-owned and 22 were owned by local 
governments.  Nine of the state-owned bridges were inspected for assessing damage. 

Iowa 

Reports will be forwarded by e-mail. 

Illinois 

At least 10 fire incidents are reported for Illinois.  It is possible that accident descriptions 
are available for three fire events.  Three examples include: 

1) TR223 over I-70, Clark County.  Truck impacted pier, caught fire, damaged pier, 
steel beams, and concrete deck. 

2) I-72 over Little Kickapoo Creek, McLean County.  A tanker truck crash at the 
bridge approach spilled fuel that ran under the bridge.  Major damage resulted, including 
concrete piers and steel superstructure.  Replacement was required. 

3) I-72 over Illinois River, Pike County.  A truck carrying chemicals crashed on top 
of the bridge resulting in fire.  Despite a long burn time, damage was limited to the 
roadway wearing surface and the concrete parapets. 

Some information may be available from subsequent inspection reports.  Some steel and 
concrete material testing may also be available. 

North Carolina 

Four incidents are reported and damage reports should be available: 
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1) I-40, Morgantown.  A gasoline tanker crashed and burned underneath a bridge.  
The bridge collapsed due to heat. 

2) A secondary road timber bridge in Columbus County was involved in a forest fire 
and required replacement. 

3) US-29, Rockingham County.  A burning truck was stopped underneath a bridge 
resulting in minor damage to steel beams and warping of stay-in-place deck forms. 

4) I-77, Statesville.  A tractor/box trailer crashed into bridge columns and burned.  
The damage was mostly smoke damage. 

Nevada 

Three incidents are reported: 

1) State owned bridge on I-80 in Humbolt County.  A vehicle fire under the bridge 
caused charring of the concrete deck and superstructure. 

2) Two structures owned by the US Forest Service in Elko County.  A wildfire 
caused charring of timber rail and superstructure elements.  Damage was considered 
minor and did not cause any performance concerns. 

Nebraska 

One incident was reported on Hwy-30 in Longpole.  Several timber piles were destroyed 
and a report is available. 

Colorado 

There are only one or two cases of major damage due to fire in the last 15 years reported 
in the state bridge management system containing 3600 bridges.   

1) A two-span timber bridge was ignited by a wild fire.  The bridge collapsed when 
emergency responders drove on the burning bridge resulting in two fatalities. 

2) There have been at least two incidents where fuel trucks overturned on bridges 
and fuel spills ignited.  Only minor structural damage was reported due to “fortunate 
drainage and location”. 

The DOT reports that they have 190 timber bridges in their bridge inventory that are their 
major concern for fire.  They can provide an excel summary of incidents but cannot 
provide additional reports. 

Wisconsin 

One incident was reported on the Tower Drive Bridge (B-5-158) in 2009 involving a 
vehicle accident.  This was a concrete deck / steel superstructure bridge.  Damage was 
sustained to 75 ft. of parapet and 500 SF of deck.  Concrete repairs are holding up well 
and the repair cost was $19,200. 
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Maryland 

Three incidents are reported over the last 15 – 20 years for fires on or near bridges.   

1) Two involved direct collision of a tanker truck with a bridge pier resulting in a 
large fire and structural damage.  Neither collapsed but bridge testing was performed to 
assess their adequacy. 

2) MDTA bridge (toll authority).  A tanker truck lost control and overtopped the 
bridge rail resulting in a large fire.  The fire was not located underneath the bridge and 
there was no serious structural damage.  This appears to be the bridge in the NTSB report 
I-895, Elkridge, MD.   

 

NATIONAL TRANSPORTATION SAFETY BOARD (NTSB) REPORTS 

The NTSB has prepared investigation reports for 247 highway vehicle accidents since 
their creation in the late 1960’s.  Of these reports, 45 involved vehicle fires not involving 
bridges, 14 involved bridges with no fire, and only five involved both bridges and fires.  These 
reports investigated the accidents from the perspective of vehicle safety and information about 
bridge damage is sparse or non-existent.  This data set is not very useful for statistical analysis 
since the NTSB is selective in the accidents they investigate.  They tend to investigate only 
accidents that have a large number of fatalities or those that highlight important safety problems 
on the highway system.  A summary is provided for the five events involving both bridges and 
fires.  Specific references are provided for these five events but the additional reports are 
available at the NTSB website: http://www.ntsb.gov/Publictn/publictn.htm 

I-895, Elkridge, MD, January 13, 2004 
A tractor/tank trailer truck carrying 8,800 gallons of gasoline overtopped the bridge rail at 

the end of a two-lane horizontally curved overpass structure on I-895 southbound.  The vehicle 
fell into the travel lanes of I-95 below the overpass where a tractor/box trailer, a tractor/flat bed, 
and two small vehicles were involved in a crash.  An explosion and large fire immediately 
followed the crash event, resulting in four fatalities. (NTSB 2009) 
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Figure 1  Location on the I-895 overpass where a gasoline tank truck overtopped the crash 
barrier.  The narrowing of the right shoulder lane and crash barrier details at the end of the 
bridge were determined to be a contributing factor in the accident. (NTSB HAB-09/01 2009) 

Figure 1 shows a blackened area on the roadway where fire impinged on the bridge deck 
and crash barrier.  The main fire occurred on the roadway below and was not directly underneath 
the bridge.  There does not appear to be any structural damage and there is no mention of bridge 
damage in the NTSB report. (This has been verified by the MDSHA survey response)  The crash 
barrier details were subsequently upgraded to meet requirements of the AASHTO Roadside 
Design Guide (AASHTO 2002).  This is an example where geometric features of the bridge 
increased the probability of a vehicle crash. 

I-287, White Plains, NY, July 27, 1994 
A tractor/tank trailer truck carrying 9,200 gallons of propane drifted off the left shoulder 

of I-287 and impacted the guardrail and a concrete column on the center pier supporting the 
Grant Avenue Overpass.  The tank ruptured and released a vapor cloud that eventually ignited 
causing an explosion and fire.  The explosion resulted in a large fire ball that propelled the 
ruptured tank from underneath the bridge into an adjacent neighborhood, thereby spreading the 
resulting fire in a 400 ft. radius.  (NTSB 1995) 

The Grant Avenue overpass is a steel girder structure with four simply supported spans, 
each consisting of eight girders supporting a concrete deck.  One of the four columns supporting 
the center pier cap was destroyed during the crash, causing a break in the pier cap and sagging of 
the exterior fascia girders.  The bridge damage appears to have occurred due to impact, not due 
to fire.  The fact that the truck was propelled out from under the bridge when the explosion 
occurred probably reduced the duration of fire exposure significantly for the bridge.  The 
probable cause of the accident was driver fatigue and the geometric profile of the roadway was 
not a significant factor in the crash.  The crash barrier used was not sufficient to re-direct the 
vehicle and protect the bridge column from impact.   

Central Park Avenue, Yonkers, NY, October 9, 1997 
A tractor/tank trailer truck carrying 8,800 gallons of gasoline was struck by a passenger 

vehicle underneath an overpass of the NY State Thruway.  The resulting fire destroyed both 
vehicles and the overpass structure.  The Thruway remained closed for 6 months following the 
accident. (NTSB 1998) 
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The fire initiated from about 13 gallons of spilled gasoline from the transfer piping 
underneath the tank truck that was damaged in the collision.  This resulted in an immediate small 
fire that engulfed the passenger vehicle.  The truck driver escaped unharmed but the passenger 
car occupant could not escape before the vehicle was engulfed in fire.  The fuel from the main 
tank eventually leaked and fueled the fire. The timeline indicates that the fire duration was about 
80 min. until it was finally extinguished.  The NTSB noted that without the initial 13 gallons 
spill this accident would not have resulted in fire. 

The type of superstructure is unknown from the NTSB report.  A schematic shown in 
Figure 2 shows the overpass crosses Central Park Avenue on a mild skew (about 20 deg.) and 
that there are vertical concrete abutments on each side of the two lane central park avenue.  The 
span length appears to be less than 75 ft.  The location of the vehicle shows the center of the fire 
in relation to the overpass. 

 
Figure 2  Schematic of the NY State Thruway overpass showing the location of the fuel truck fire. 
(NTSB 1998). 

The NTSB report indicates the overpass was destroyed but it did not collapse.  It can be 
assumed that severe damage compromised the structural integrity forcing closure of the bridge.   

Alaskan Way Viaduct, Seattle, WA, December 4, 1975 
A tractor/tank truck full of gasoline lost control in the rain and struck a viaduct support 

column, thereby spilling the gasoline cargo.  A large fire ensued involving 4 railroad freight cars 
below the viaduct and 30 motor vehicles.  No further details are available from the NTSB (1976) 
summary. 
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I-75, Monroe, MI, July 1, 1975 
A motor home ran off the highway and struck a concrete bridge column.  There was an 

immediate fire involving two 40 lb. propane tanks.  There were seven fatalities and one injury.  
No indication of bridge damage other than the impact damage on the column. (NTSB 1976) 

Accident Reports Involving Fire, No Bridge Involvement 
Although each accident investigation involves some unique features, the 45 reports where 

fire occurred can be sorted into six general classifications: 

At Grade Train Crossings 

Five accident reports involved vehicles being struck by trains at at-grade crossings.  
Three of these involved propane and gasoline tank trucks and resulted in relatively large fires.  
Since it is unlikely that an at grade rail crossing will be located under a bridge, this type of crash 
poses little risk to bridges. 

Median Cross-Over 

Seven accident reports involved vehicles crossing the median and impacting oncoming 
traffic.  Some of these involve roadways with two-way traffic; some involve separated roadways 
where no median crash barrier exists.  These types of event can be expected to occur on bridges 
when no crash barrier separates opposing traffic flows. 

Mechanical Failure 

Two fire event accidents were reported that involved mechanical failure of vehicles.  This 
type of event has an equal probability of occurrence on bridges or roadways, as long as both have 
the same shoulders for vehicles to stop in.  Bridges with no shoulder or break-down lanes may 
have a lower probability of occurrence if vehicles cannot stop on or underneath the bridge. 

Collision with Stopped Traffic 

17 events involved collision of vehicles with stopped traffic.  There are multiple reasons 
for the stoppage, including accidents, traffic congestion, work zones, and stop signs or traffic 
signals.  Fires range from large to small depending on the types of vehicles and the fuel sources 
involved.  If a bridge has features that potentially stop traffic on or underneath the bridge, this 
can be considered an elevating factor for fire risk.   

Vehicle Over-Turn / Loss of Control 

Thirteen events involved the overturning or loss of control of vehicles.  This can be 
considered to have an equal probability of occurrence for bridges and roadways unless the bridge 
has features that elevate crash risk.  Narrowing of shoulders, horizontal curves, vertical grades, 
and weather conditions (bridges freeze before roadways) can increase the probability of 
occurrence of such events. 
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Accident Reports Involving Bridges, No Fire 
Fourteen events involved accidents on or underneath bridges that did not involve fire.  On 

top of bridges, overtopping the parapet crash barrier resulted in a number of serious accidents, 
particularly if they involve busses or motor coaches.  Bridge piers or abutments close to the 
roadway can elevate accident risk for bridges.  In general, bridges with inferior safety features 
may have a higher probability of fire compared to those with modern, safer designs. 

 

Accident Reports Involving Railroad Bridges 

Beaver River Bridge, New Brighton, PA October 20, 2006 

A derailment of a train consisting of three locomotives, three empty freight cars, and 83 
tank cars carrying denatured ethanol occurred on the end of a truss bridge structure over the 
Beaver River. (Figure 3)  Twenty of the tank cars spilled ethanol that ignited and burned for 
about 48 hours.  Property damage was estimated at $5.8 million and there were no injuries or 
fatalities. 

 

Figure 3  Post derailment fire on a steel truss bridge structure with a ballasted concrete deck.  It 
is estimated that 485,000 gallons of ethanol leaked from the tank cars and burned for 48 hours. 

 The NTSB report states that there was minor damage to the steel truss and major damage 
to the concrete deck.  Details of the bridge damage are not known. (NTSB 2008) 

 

NATIONAL FIRE PROTECTION ASSOCIATION (NFPA)  

The NFPA reviewed its anecdotal database to obtain narrative information about fires 
that had the NFIRS property code 921 (bridge or trestle).  Vehicle fires that did not mention 
bridge damage were excluded, as were fires occurring on railroad bridges or trestles.  Pier 
damage was also excluded.  This search revealed six cases where bridges were damaged by fire. 
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The following is an abridged list of the cases they found summarizing bridge damage.  The 
complete narratives are included in Appendix 1. 

Colorado, August 2007 
A tractor / box trailer struck a bridge pillar in an interstate highway.  Responders found 

the pillar had broken away and the bridge was sagging.  The vehicle was involved in fire of the 
fuel tank and contents.  It seems the primary bridge damage was due to impact, not fire.  It is not 
known if fire caused any additional bridge damage.  No bridge collapse is reported. 

Vermont, June 1987 
A 369 ft. timber frame structure (historical use only) collapsed after being accidentally 

set on fire by a group of individuals.  Fire is caused the bridge to collapse.  No injury or loss of 
life was reported for this incident. 

New York, April 1984 
A bascule bridge experienced a mechanical equipment fire that caused the bridge to be 

stuck open for about eight hours.  One fatality was reported due to smoke in the control room.  
No structural bridge damage was reported. 

New York, January 1982 
A tractor / tank trailer carrying 8,500 gallons of gasoline jack-knifed and struck an older 

900 foot steel beam bridge span.   The gasoline was released and caught fire.  The bridge 
required closure while emergency repairs were made.  No further description of the structural 
damage is available.  It is not clear if the bridge damage occurred due to structural impact or fire.  
The bridge was scheduled for demolition so it is likely that one or more structural or geometric 
deficiencies were present. 

Florida, August 1981 
A crash occurred on a curved bridge involving a gasoline tanker and a passenger vehicle.  

No further details are available on the size of vehicle or amount of fuel involved.  The fuel spill 
occurred on the bridge deck and eventually involved timber pilings underneath the bridge.  A 
work zone and lane closure was a contributing factor in the crash.  The only injuries reported 
were caused by the crash, not the fire. 

Pennsylvania, September 1981 
A tractor / tank trailer carrying 8,300 gal of gasoline rolled over, crossed the median, and 

impacted oncoming traffic.  Fire ignited on impact and involved the tanker and other vehicles.  
There were three serious injuries but no fatalities.  A horizontal curve approaching the bridge 
contributed to the truck roll-over, and a 1952 median design did not prevent the truck from 
crossing into oncoming traffic.  Severe damage is reported for supporting members and critical 
bridge elements, but no details are available. 
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CASE STUDY REPORTS ON BRIDGE DAMAGE 

The following is a summary of the in-depth case study reports for bridges that have 
sustained significant damage during fire events.  As discussed previously, this section is not 
complete and more summaries will be added when more information is obtained from the state 
survey follow-up. 

I-78 Newark, NJ 
On August 7, 1989, a trash fire occurred under the I-78 Viaduct over Frelinghuysen Ave. 

and Waverly Yards in Newark, NJ.  Building debris being stored under the bridge ignited and 
burned for about 24 hours. (ENR 1989)  The peak temperature was reached in the first few hours 
and it was estimated to be about 1150˚F based on the observed color of the steel girders.  The 
post-event inspection showed there was a nine inch sag in the structure over the fire location and 
that bridge bearings were damaged from excessive thermal expansion.  There was also observed 
web distortion in the girders and cracks in the welds connecting some gusset plates.  New Jersey 
made the decision to replace the damaged spans, partly due to the lack of information on how to 
assess fire damage effects. 

The girders removed from the bridge were subsequently tested at the Turner-Fairbank 
Highway Research Center in McLean, VA. (Wright and Cayes, 1990)  Tension tests, Charpy 
vee-notch tests, and coupon fatigue tests were performed to assess the post-fire mechanical 
properties of the steel.  Results showed the properties of the post-fire steel were consistent with 
undamaged A-36 steel.  No decrease in fatigue resistance was observed for the transverse 
stiffener weldments.  A deformation analysis was performed based on the high temperature 
properties for A36 steel reported in the literature (Fields and Fields, 1989).  Results confirmed 
that the sag in the girders was consistent with the expected creep deformation at 1150˚F.  The 
results also show that the bridge would be expected to collapse prior to reaching 1300˚F where 
metallurgical damage is expected for the steel. 

Route 7 Over Norwalk River, CT 
On July 12, 2005 a tanker truck accident on top of the bridge resulted in an intense fire 

involving 8000 gallons of gasoline.  Fuel flowed over the side of the bridge and damaged the 
guard rail as shown in Figure 4.  The prestressed adjacent concrete box girder superstructure had 
severe surface spalling and expansion damage is evident in the steel guard rail.  The Connecticut 
DOT made the decision to replace the bridge since the amount of damage to the prestressing 
tendons could not be directly assessed. 
 

The damaged girders were delivered to the TFHRC for a post-fire damage evaluation 
(Graybeal 2007).  Strength tests of the damaged beams showed that they met their intended 
design capacity.  It could not be determined if there was any strength degradation since the actual 
flexural capacity of the undamaged beams was not known, but it was determined that the beams 
had adequate capacity to remain in service.  Petrographic examination of the concrete showed 
the existence of substantial cracking which was projected to reduce long term durability of the 
bridge if it remained in service.   
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Figure 4  Fascia of Rte. 7 bridge immediately after the fire (Graybeal 2007). 

 

Puyallup River Bridge Fire 
On December 11, 2002, the Puyallup River Bridge was severely damaged due to a 

methanol fire caused by a rail tank car crash under the bridge. (Stoddard 2004)  The bridge is a 
three span (146-146-146) continuous prestressed girder structure with a concrete deck of modern 
design.  The fire burned at high intensity for about one hour with an estimated adiabatic flame 
temperature of 3,000˚F.   Although the girders and columns experienced concrete spalling and 
had exposed prestressing strands, the bridge did not show any unusual deflections of 
misalignments.  The bridge was reopened to traffic on December 12 with a restriction on permit 
vehicles.   

This study is valuable because Washington State DOT performed an in-depth evaluation 
of the damaged structure and performed a cost study on retrofit options.  It was estimated that the 
prestressing strands on the bottom of the girders may have reached temperatures exceeding 
900˚F based on observations of the surrounding concrete.  At this temperature a loss of 
prestressing force would have been expected, but deflection tests indicated the strands retained 
100% of their design force.  The engineers speculate that thermal conduction may have helped 
keep the strand temperature lower than 900˚F.  A cost analysis showed that repair and 
replacement costs were approximately equal.  Based on long term durability concerns for 
repaired girders, the replacement option was ultimately selected.  Stoddard concludes that 
additional research is needed on the response of bridges to tanker fires. 
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SUMMARY OF FINDINGS 

Several case studies have been identified that have involved bridges and fires where 
significant bridge damage has occurred.  The majority of the cases where bridge damage has 
occurred have included vehicles (tanker trucks, box trucks, rail vehicles); however, some severe 
damage has been caused by wildfires.  In cases with vehicle accidents, roadway hazards (narrow 
shoulders, construction) were also mentioned to cause several accidents.  This indicates a 
sensitivity of fire damage to bridges to roadway conditions.  The extent of damage to the bridge 
was very dependent on the location of the fire relative to the bridge, with the most severe damage 
being with the fire beneath the bridge.  Other severe fires were reported in close proximity to the 
bridge such as on top of bridges, just beside bridges after the vehicle had overturned off of an 
overpass, as well as fires that migrated from beneath the bridge to locations outside the bridge.  
Based on some of the limited data, these types of incidents did in many cases cause significant 
damage but not as severe as fires beneath the bridge.  A better understanding of the sensitivity of 
fire type and location on the effects of potential damage to bridges is needed to quantify the risk 
of various fire scenarios. 
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FUEL SOURCES 

Bridges can be exposed to fire from a variety of sources.  With the exception of timber 
and FRP structures, most bridges are constructed from non-combustible materials.  The fuel 
source for bridge fires does not come from the bridge itself, it comes from materials and events 
occurring in proximity to the bridge.  Given the purpose of highway bridges, highway vehicles 
represent a major potential fuel source.  Railroad vehicles also represent a major potential fuel 
source for bridges spanning over railroads.  Debris and other combustible materials can become 
fuel sources if they are present underneath or adjacent to the bridge.  Natural forest and brush 
fires may represent a fuel source depending on the location of the bridge and the surrounding 
ground cover. 

The fire exposure to the bridge structural elements will be dependent on the heat flux 
from the fire to the elements as a function of time.  The heat flux onto the structural element 
controls how rapidly the structural element temperature will increase with time.  This section 
provides an overview of fires that could occur near bridges and the types of heat fluxes that may 
result from these fires.   

BRIDGE FIRE EXPOSURE CONDITIONS 

Bridge fire exposures are typically local type fire exposures that are not confined by walls 
like a building or tunnel.  As shown in Figure 1, a local fire exposes a portion of the bridge 
structural elements to flames and the open nature of the fire may also allow the flames to wrap 
around the bridge.  As a result, standard furnace fire exposures developed for more enclosed 
building and tunnel fires (such as ASTM E119) are usually not used to evaluate the structural fire 
performance of bridge members.  Even though these fires are not confined by walls, local fire 
exposures onto bridges can be very severe and can exceed the heat exposure levels used in the 
standard furnace tests.  NFPA 502 “Standard for Road Tunnels, Bridges, and Other Limited 
Access Highways” contains no guidance on evaluating the potential threat of different fires on 
bridge structural elements.  The response of the bridge structural elements to a fire can be 
determined through large-scale testing or computer simulations. 

Local fires can be produced by a variety of fuel sources from brush fires to vehicle fires 
to fuel spills.  The heat flux from the fire and duration are dependent on the fire heat release rate, 
physical size of the fire (e.g., diameter), flame height, soot production, fuel type and quantity, 
and the fire location relative to the bridge.  Fires can occur on top of the bridge deck or below the 
structure.  For those occurring below, fires directly underneath the structure are potentially the 
most damaging.  All of the case studies involving structural collapse had fires occurring directly 
underneath the bridge.  Those occurring adjacent to the bridge on one side or the other will be 
expected to produce less damage. 
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Figure 1  Local fire exposure impinging on a bridge structure. 

 

FIRE HEAT RELEASE RATES 

Heat release rate of the fire is an important parameter that governs many variables 
affecting the heat flux from the fire.  Heat release rate is a measure of how much heat is 
produced by burning the item.  To determine the heat release rate, large-scale calorimetric 
experiments are performed on the item.  Babrauskas (2008) has summarized heat release rate 
data for a large number of items as well as liquid fuel pool fires.  Heat release rates relevant to a 
bridge fire exposure include data on trees and shrubs, trash, vehicles, and liquid fuel fires.   
A summary of the experimental data for trees, shrubs, and trash is provided in Table 1.  Heat 
release rates range from 1.0 to3.0 MW for trees, 0.09 to 2.1 MW for shrubs, and 0.14 to 0.35 
MW for bags of trash.  However, the duration of these fires is short (1.25 to 9.0 min.).  The data 
indicates that the heat release rate of the trees and shrubs is sensitive to the moisture content.  
Increasing the foliage moisture content above 80% will prevent the tree or shrub from igniting.  
Trash fire heat release rates will become larger by increasing the number of bags of trash, 
increasing the plastic content in the trash, and decreasing the packing density of the trash.   

Table 2 and Table 3 contain experimental data on the heat release rate of vehicles 
(Ingason, 2006).  The vehicle fire heat release rate data is frequently used is support of smoke 
control system design of tunnels.  Heat release rates of vehicles generally increases as the size of 
the vehicle and fuel load increases.  Single passenger cars were measured to have peak heat 
release rates ranging from 1.5 to 8.9 MW.  Similar peak heat release rates were measured for a 
fire that involved multiple cars, but the duration of the fire was longer compared with tests on a 
single car.  Fire durations were 15 to70 minutes.  Newer cars were measured to have higher peak 
heat release rates compared with older cars.  This is attributed to more plastics being used in new 
cars.  Larger vehicles such as buses and tractor trailers with commodity loads were measured to 
have significantly higher heat release rates.  Buses were measured to result in heat release rates 
ranging from 29 to30 MW with a burning duration of 90 to110 minutes.  
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Table 1  Heat release rates (HRR) of trash, trees, and shrubs. 

 
Item 

Peak 
HRR 
(MW) 

Time to 
Peak HRR 

(min) 

Burning 
Duration1 

(min) 

 
Data Reference 

Trees 
Douglas Fir (2.1m high, 11 kg, 
20%MC 

3.0 1.0 5.0 Babrauskas (2008) 

Douglas Fir  (2.1m high, 11 
kg, 38%MC 

1.6 1.0 5.0 Babrauskas (2008) 

Douglas Fir  (2.1m high, 11 
kg, 70%MC 

1.0 1.5 6.5 Babrauskas (2008) 

Scotch Pine (2.3-3.1m high, 
9.5-20kg, dried 3 weeks) 

1.6-5.2 NA NA Stroup et al. (1999) 

Noble Fir (3.1m high, 16.3 kg, 
26% MC) 

2.88 NA NA Jackman et al. (2000) 

Spruce (3.0m high, 14.9kg, 
20%MC) 

1.59 NA NA Jackman et al. (2000) 

Bushes and Shrubs 
Tam Juniper2 (<50%MC) 1.8-2.1 NA NA Stephens et al. (1994) 
Tam Juniper2 (50-80%MC) 0.6-0.8 NA NA Stephens et al. (1994) 
Armstrong Juniper3 (2.1kg, 
31%MC) 

0.8 0.75 1.5 Etlinger (2000) 

Rockrose3 (2.0kg, 14%MC) 0.25 0.75 2.0 Etlinger (2000) 
Manzanita3 (1.1kg, 87%MC) 0.12 0.5 1.25 Etlinger (2000) 
Ceanothus3 (1.68kg, 17%MC) 0.09 0.9 3.0 Etlinger (2000) 

Bags of Trash 
One sack (4.1 kg) 0.35 2.0 9.0 Lee (1985) 
Three sacks (3.51 kg) 0.35 1.0 7.0 Lee (1985) 
Two sacks (2.34 kg) 0.28 2.0 6.0 Lee (1985) 
One sack (1.17kg) 0.14 1.0 5.0 Lee (1985) 
5 sacks (20.5 kg) 1.75 NA NA Calculated 

HRR=Heat Release Rate, MC=Moisture Content, NA=not available 
1burning duration is the at which the heat release rate has decreased by 95% of the peak heat release rate 
2Tam Juniper typically gets 0.45 m high and 1m wide 
3bushes 0.5-1.0m high 
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Table 2  Heat release rates of small vehicles. 

 
Item 

Peak 
HRR 
(MW) 

Time to 
Peak HRR 

(min) 

Burning 
Duration1 

(min) 

 
Data Reference 

Passenger Cars 
Ford Taurus, late 70’s 1.5 12 50 Mangs and Keski-

Rahkonen (1994) Datsun 160 J Sedan, late 70’s 1.8 10 35 
Datsun 180 B Sedan, late 70’s 2.0 14 50 
Fiat 127, late 70’s 3.6 12 15 Ingason et al. (1997) 
Renault Espace J11-II, 1988 6.0 8 40 Steinert (1994) 
Citroen BX, 1986 4.3 15 40 Shipp and Spearpoint 

(1995) Austin Maestro, 1982 8.5 16 20 
Opel Kadett, 1990, u=1.5m/s 4.9 11 NA Lemaire et al. (2002) 
Opel Kadett, 1990, u=6m/s 4.8 38 NA 
Renault 5, 80’s 3.5 10 25 Joyeux (1997) 
Renault 18, 80’s 2.1 29 45 
Small Car, 1995 4.1 26 25 
Large Car, 1995 8.3 25 60 
Trabant 3.7 11 70 Steinert (2000) 
Austin 1.7 27 40 
Citroen 4.6 17 60 
Renault Laguna, 1999 8.9 10 NA Marlair and Lemaire  

Two Passenger Cars 
Citroen BX + Peugeot 305, 80’s 1.7 NA NA Joyeux (1997) 
Small Car + Large Car 7.5 13 15 
Large Car + Small Car 8.3 NA 20 
BMW + Renault 5, 80’s 10.0 NA NA 
Polo + Trabant 5.6 29 NA Steinert (2000) 
Peugeot + Trabant 6.2 40 NA 
Citroen + Trabant 7.1 20 NA 
Jetta + Ascona 8.4 55 NA 

Three Passenger Cars 
Golf + Trabant + Fiesta 8.9 33 NA  
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Table 3  Heat release rates of large vehicles. 

 
Item 

Peak 
HRR 
(MW) 

Time to 
Peak HRR 

(min) 

Burning 
Duration1 

(min) 

 
Data Reference 

Buses 
Volvo bus, 12m long, 40 seats, 
25-35 years old 

29 8 110 Ingason (1994) 

Bus  34 15 90 Steinart (1994) 

Tractor Trailers 
Trailer with 10.9 tons, 82% wood 
pallets and 18% plastic pallets 

202 18  Ingason and Lonnermark 
(2005) 

Trailer with 6.9 tons, 82% wood 
pallets and 18% foam mattresses 

157 14  

Trailer with 2 tons furniture 128 18  Grant and Drysdale (1995) 
Trailer with 8.5 tons furniture, 
fixtures, and rubber tires 

119 10  Ingason and Lonnermark 
(2005) 

Trailer with 3.1 ton corrugated 
paper cartons with plastic cups 

67 14  

Trailer with 72 wood pallets 26 12  Lemaire et al. (2002) 
Trailer with 36 wood pallets 13-19 8-16  
Simulated truck load 17 15 120 Ingason (1994) 

 

For tractor trailers, the heat release rates range from 12 to 202 MW with a burning 
duration of 15 to 45 minutes.  The large variation in heat release rate is dependent on the type 
and mass of commodity on the tractor trailer, with higher heat release rates in tests with a larger 
mass of commodity with both wood and plastics present.  The larger vehicle fire tests were 
performed inside of a tunnel to support smoke control design for tunnels.  In this configuration, 
there is more radiation feedback to the vehicle from hot gases flowing along the ceiling of the 
tunnel as well as the tunnel wall, which increases the heat release rate of the fire.  As a result, the 
large vehicle heat release rates are likely higher than they would be if the vehicle were located 
underneath a bridge which is more open to the surroundings. 

Table 4 contains heat release rate data for pool fires (Babrauskas, 2008) and spill fires 
(Gottuk and White, 2008, Gottuk et al., 2000).  Spill fires are unconfined burning liquid that 
spreads along a solid surface as far as the amount of fuel spilled allows, while pool fires are 
confined pools of burning liquid fuel.  Spill fires remain relatively thin (0. To 4.0mm deep), as a 
result there is significant heat loss directly below the burning fuel (Gottuk and White, 2008).  
Deeper pool fires do not have as significant of heat loss, especially after the fuel has heated to its 
boiling point.  As a result, the heat release rate per unit area of a pool fire is larger than that of a 
spill fire of the same size with the same fuel.  The heat release rate of spill and pool fires is 
dependent on the diameter of the fire.  The diameter of the pool fire is defined by the size of the 
container holding the liquid.  For spill fires, the fire diameter is determined by either the amount 
of fuel spilled at an instant or the rate at which the fuel is spilled.  Higher heat release rates will 
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result when the quantity of instantaneous fuel spilled is increased or the fuel spill rate is 
increased.  For example, a 100 gallon spill with a spill depth of 1mm will result in an 82 MW fire 
with a 49 ft diameter.  The same diameter fire burning as a pool fire will result in a 443 MW fire 
event. 

Table 4  Heat release rates of liquid fuel pool and spill fires. 

Description Diameter [m (ft)] Heat Release Rate 
(MW) 

Reference 

Spill Fires 
JP-8, 1-3L spills 1.4-2.6 (4.6-8.5) 0.46-2.3 Gottuk et al. (2000) 
JP-8, 0.4-1.7 L/min 
spills 

0.75 (2.5) 0.14 Gottuk et al. (2000) 

JP-8, 0.4-1.7 L/min 
spills 

1.0-1.75 (3.3-5.7) 0.34-1.04 Gottuk et al. (2000) 

JP-5, 0.4-1.7 L/min 0.75 (2.5) 0.14 Gottuk et al. (2000) 
JP-5, 0.4-1.7 L/min 1.5-2.0 (4.9-6.6) 0.76-1.35 Gottuk et al. (2000) 
Gasoline, 0.25-1 L 0.7-1.5 (2.3-4.9) 0.19-0.87 Putorti et al. (2001) 
Gasoline, 100 gal 
(378.5L) 

15.5 (49.2) 82 Calculated 

Pool Fires 
JP-5 0.75-2.0 0.72-7.0 Babrauskas (2008) 
Gasoline 0.7-1.5 0.71-4.07 Babrauskas (2008) 
Gasoline 15.5 (49.2) 443 Calculated 

 
A comparison of the average heat release rate and flame heights for the different types of 

smaller fires are contained in Figure 2.  These flame heights were calculated using the Heskestad 
(1983) correlation: 

DQLf 02.123.0 5/2 −=         (1) 

where: Lf is the flame height (m), Q is the heat release rate of the fire (kW), and D is the fire 
diameter (m).  Only the car fires have sufficient flame height to reach structural elements of a 
bridge with 16 ft vertical clearance above the roadway. 

 



9 
 

 

Figure 2  Average heat release rates and flame heights for smaller fires. 

 
Figure 3 shows the average heat release rates and flame heights for larger fires.  All of 

these fire events will have flame heights sufficient to reach a bridge with 16 ft. vertical clearance. 
As is expected, the heat release rates are substantially higher for large vehicle fires and fuel 
spills. 

 

Figure 3  Average heat release rates and flame heights for larger fires. 
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HEAT FLUXES FROM FIRES IN DIFFERENT CONFIGURATIONS 

 An overview on the heat flux levels from fires to surfaces is provided by Lattimer 
(2008) for a range of geometric and burning scenarios.  In all of these scenarios, the flames 
and/or plume from the fire is in direct contact with the surface.  This provides the convection and 
radiation heat transfer from the fire to the surface resulting in the most conservative fire exposure 
scenario for bridge structural elements.  The most relevant bridge fire scenarios are fires that 
completely immerse the object, fires impinging onto a structural element located above the fire, 
and fires confined beneath the bridge flow between beams.  This section provides experimental 
data on heat fluxes measured for these different scenarios to provide an indication on the range 
of heat fluxes that bridge structural elements may be exposed. 

Items Immersed in Large Fires 
Some of the highest heat fluxes measured from diffusion flames have been measured in 

tests with objects immersed in large, open hydrocarbon pool fires. In these tests, small and large 
objects (relative to the fire size) were placed within the continuous flaming region (lower half of 
the flame height) of pool fires as shown in Figure 4.  These tests were performed to evaluate the 
heat transfer from fires to large objects such as fuel tanks, weapons, and nuclear containers.   

 

Figure 4  Structural element placed in the lower half of the flame height (continuous flaming 
region). 

The maximum heat fluxes measured in these tests are summarized in Table 5 and Table 
6.  From data in these tables, the size of the object relative to the pool fire has a significant 
impact on the incident heat flux to the object.  Large calorimeters were measured to be exposed 
to heat fluxes of 100-150 kW/m2.  McLain (1988) and Taylor et al. (1975) measured slightly 
lower heat fluxes (75-85 kW/m2) in their tests with large items that were similar in size to the 
pool fire.  In studies with small calorimeters, peak heat fluxes were measured ranging from 150 
to 200 kW/m2.  The difference in the heat fluxes measured for small and large items immersed in 
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pool fires has been attributed to the difference in convective heat transfer coefficient, the flame 
thickness, and the impact of the object on the flame temperature.  Small-scale calorimeter data 
provide a bound for heat fluxes to an item immersed in a pool fire.  Heat fluxes from large fires 
immersing bridge structural elements would be more consistent with the results measured using 
large calorimeters, having heat fluxes ranging from 75 to 150kW/m2.    

Flame heights for large fires are calculated using the diffusion flame correlation 
developed by Heskestad (1983).  The average flame length is calculated using the following 
expression in Equation (1).  Based on heat flux data in other geometries, the maximum heat 
fluxes in the flame are present in the lower 40% of the average flame height, Lf.  Above this, the 
flames begin to break up and the heat fluxes decay according to a power law function.   

Table 5  Heat Fluxes to Objects Immersed in Large Pool Fires (Cowley, 1991) 

Data Reference Pool Size Fuel Peak Heat Flux 
(kW/m2) 

AEA Winfrith 1 0.5m x 9.45m Kerosene 150 
US DOT 1 Not listed Kerosene 138 
USCG 1 Not listed. Kerosene 110-142 

US DOT 1 Not listed. Kerosene 136-159 
Sandia1 Not listed. Kerosene 113-150 

HSE Buxton 1 Not listed. Kerosene 130 
Shell Research 1 4.0m x 7.0m Kerosene 94-112 

Large Cylinder 2 9.1m x 18.3m JP-4 100-150 
Small Cylinder 2 9.1m x 18.3m JP-4 150-200 
Cylindrical Object 3 2.4m x 4.8m JP-5 175 

1Cowley (1991). 
2Gregory, Mata, and Keltner (1987). 
3Russel and Canfield (1973). 

  



12 
 

Table 6  Heat fluxes to different size objects immersed in fires. 

Data Reference Object 
Peak Heat Flux 

(kW/m2) 
Gregory et al. (1987) Large Calorimeter 100-150 
Wachtell and Langhaar (1966) Large Calorimeter 85 
Anderson et al. (1974) Large Calorimeter 100 
National Academy of Science (1973) Large Calorimeter 110 
Moodie, et al. (1987) Large Calorimeter 100 
Tunc and Venart (1985) Large Calorimeter 105 
McLain (1988) Large Calorimeter 85a 
Taylor, et al. (1975) Large Calorimeter 75a 
Schneider and Kent (1989) Large Wall (3.0m x 0.6 m) 80-120 
Russell and Canfield (1973) Small Calorimeter 175 
Gregory, et al. (1987) Small Calorimeter 150-200 

aObject size comparable to pool fire size 

 

Fires Impinging onto an I-Beam 
Three separate studies have evaluated the heat flux incident onto an I-beam mounted to a 

ceiling with an exposure fire impinging upon the beam (Hasemi, et al. (1995), Wakamatsu et al., 
(1996), and Myllymaki and Kokkala, (2000)).  These studies all measured the heat flux to four 
surfaces shown in Figure 5 on the I-beam: the downward face of the lower flange; the upward 
face of the lower flange; the web; and the downward face of the upper flange.  For each of these 
surfaces, heat fluxes were measured from the stagnation point of the fire (centerline of the fire) 
past the location of the flame tip. 
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Figure 5  Fire impinging on an I-beam. 

The study by Wakamatsu et al. (1996) provides a framework for determining heat fluxes 
to different parts of the I-beam.  The I-beam evaluated in the study was 3.6 m long, a web 150 
mm high and 5 mm thick, and flanges 75 mm wide and 6 mm thick.  Tests were performed using 
fires from 0.5 or 1.0 m propane burners with heat release rates ranging from 100 to 900 kW.  The 
distance between the fire source and I-beam was also varied.  Heat fluxes measured on the 
downward facing surface of the lower flange were highest where the fire impinged on the I-beam 
where a 90 kW/m2 maximum was measured.  For these size fires, the other surfaces of the I-
beam had heat fluxes 2-3 times less than those measured on the downward face of the lower 
flange.  

Myllymaki and Kokkala (2000) conducted a study investigating the effect of larger fires 
on maximum heat fluxes on an I-beam similar to that used by Wakamatsu et al. (1996).  In this 
study, fire heat release rates ranged from 565 to 3,870 kW.  They found that for fires over 2.0 



14 
 

MW, the fire engulfed all surfaces of the I-beam causing the entire I-beam to be exposed to the 
same heat flux.  Maximum heat flux levels as high as 130 kW/m2 were measured where the fire 
impinges onto the I-beam.  The study did not consider the effects of I-beam size on this result.  
Figure 6 shows the heat flux as a function of the dimensionless distance from the impingement 
point of the fire, w.  Values of w less than 1.0 are in the flaming region while values greater than 
1.0 are in the hot gas ceiling jet region. 

 

Figure 6  Heat flux measured on the -bottom flange, -web, and -upper flange of an I-beam 
mounted below an unbounded ceiling for fires 565-3,870 kW (Myllymaki and Kokkala, 2000).  

The line in the plot is a correlation to the data. 

 

When the fire impinges on the I-beam, the flame length is different on the lower flange 
compared to the flame length on the upper-flange.  Flame lengths along the lower flange, Lb, 
were shorter than those observed near the upper flange, Lc.  Heat fluxes along the lower flange 
were taken to be a function Lb while heat fluxes to other surfaces were related to Lc.  Flame 
lengths were related to the dimensionless Q*: 
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Correlations were developed to predict the flame tip length along the lower and upper 
flanges: 

 ( ) 3.0*3.2
BHBBB QHHL =+        (4) 

 ( ) 4.0*9.2
CHCCC QHHL =+        (5) 

 

Fires Confined Below Bridges 
Many bridges will have a series of beams that will run along the length of the bridge.  If a 

fire occurs directly below the bridge, flames and hot gases may impinge upon the bottom of the 
bridge between two beams as shown in Figure 7.  In this scenario, the fire will flow beneath the 
bottom of the bridge exposing the deck and supports of the bridge to high heat flux levels.  
Restricting the flow of the fire in this manner has been determined to increase heat fluxes, which 
would result in higher heat fluxes to the bridge deck and structural supports compared with that 
described in the previous section for a fire impinging on an I-beam.   

Two separate studies have quantified heat flux levels to the ceiling of a corridor with one 
closed end.  This represents half of the problem shown in Figure 7  Flames impinging on the 
bottom of a bridge between two support beams., where the sides of the corridor represent beams 
in a bridge.  Hinkely et al. (1968) performed tests with fires ranging from 170-600 kW in a 1.2 m 
wide corridor.  Lattimer et al. (2008) conducted experiments with fires ranging from 100-400kW 
in a 1.2 m wide corridor.  Both studies measured the peak heat flux directly above the fire at 160 
kW/m2.  The distribution of heat flux versus distance from the impingement point is provided in 
Figure 8. 

 

Figure 7  Flames impinging on the bottom of a bridge between two support beams. 
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Figure 8  Heat fluxes along a confined ceiling with dimensionless distance along the flame 
length. 

Flame lengths in this configuration can be determined through the following empirical 
correlation:   

 
32

, 075.0 QL tipf ′=         (6) 

where Lf,tip is the total flame length determined by adding flame height below ceiling with flame 
extension along ceiling (m) and Q' is the heat release rate of the fire per unit width of hallway 
(kW/m).  Flame lengths are the distance between the fire and ceiling plus the flame extension 
along the ceiling.  The correlation represents a best fit to the corridor data as well as larger-scale 
test data from fires in tunnels (Lonnermark and Ingason, 2006), which is a similar geometry.   

 

Summary of Heat Fluxes from Fires 
A comparison of the heat fluxes from fires in interacting with structural elements in 

different configurations is provided in Figure 9.  As shown in the figure, objects immersed in the 
flames will experience the largest heat fluxes followed by configurations where the fire is 
confined below the bridge and flowing between support beams.  The heat fluxes from these local 
fires are not reached in the ASTM E119 standard fire exposure until 2-3 hours into the test.  If 
isolated to a single item, these local fire scenarios will have a duration of 1-60 minutes which is 
short relative to some standard furnace fire exposures.  Therefore, the local fire exposure is an 
intense, shorter burning event that has the potential for producing severe exposures for bridges.  
Since bridge damage is observed in the case studies where the bridges experience severe 
exposure, bridges exposed to high heat fluxes can be expected to have structural damage. 
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Figure 9  Maximum heat fluxes from fires in different configurations. 

 
No study has evaluated the fire source exposure necessary to cause significant bridge 

damage or collapse.  Part of the issue is the sensitivity of the exposure and structural response to 
the bridge geometry.  Although it is clear that a very large fire that immerses the structure in 
flames will result in the most severe exposure, this level of exposure may not be required to 
cause significant damage to the bridge.  Thermo-structural fire modeling that includes a range of 
fire source severity is planned for the next phase of the project.  This modeling will begin to 
quantify the envelope of fire severity for significant bridge damage and collapse. 
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CONCRETE MATERIAL PROPERTIES IN FIRE 

 

A review of the literature was performed to identify the thermal and mechanical 
properties for concrete at elevated temperatures.  This includes both data from the literature as 
well as correlations recommended in codes and standards.  This review was used to select the 
appropriate material properties to use for modeling the high temperature response of bridge 
structures. 

OVERVIEW OF STUDIES 

Phan and Carino (2003) reported the results of NIST research on the properties of high 
strength concrete (HSC) at elevated temperature.  The paper also reviews some of the test results 
on normal strength concrete (NSC) (Malhotra 1956, Abrams 1971, Schneider 1985, Castillo and 
Durrani 1990, Hertz 1991, Morita 1992, Diederichs et al. 1995, Furumura et al. 1995, Hammer 
1995, Felicetti et al. 1996, Khoury and Algar 1999).  In these experimental studies, both 
unrestrained and restrained concrete cylinders were heated and loaded to failure.  They also 
loaded cooled cylinders to failure to test residual post-fire strength.  They concluded that the 
code provisions for NSC were not conservative for predicting HSC strength at elevated 
temperatures.  A new model for HSC was proposed for improving the code provisions (Phan and 
Carino 2003).  

Kodur et al. (2008b and 2008c) presented models for the thermal and mechanical 
properties of both NSC and HSC at elevated temperature.  These include thermal conductivity, 
specific heat, and mass loss data from analyzing data presented in seven papers (Lie and Kodur 
1995, Lie and Kodur 1996, Sadd et al. 1996, Van Geem et al. 1996, Van Geem et al. 1997, Shin 
et al. 2002, and Kodur et al. 2003).  The mechanical properties reported in 21 papers (Castillo 
and Durrani 1990, Morita et al. 1992, Furumura et al. 1995, Felicetti et al. 1996, Lie and Kodur 
1995, Lie and Kodur 1996, Khoury 1996, Chan et al. 1999, Lawson et al. 2000, Balendran 2003, 
Wang et al. 2003, Li et al. 2004, Cheng et al. 2005, Fu et al. 2005, Saava et al. 2005, Khoury1 
2006, Khoury2 2006, Khoury3 2006, Lau and Anson 2006, Chang et al. 2006, Nassif 2006, Xiao 
et al. 2006) were also reviewed by Kodur et al. (2008a, 2008b).  Existing models for thermal and 
mechanical properties published in ASCE (ASCE and Lie,1992) and Eurocode ( CEN 2004) 
were also compared against the available data. 

Kodur et al. (2008a, 2008b) compared the data he collected with the ASCE (1992), 
Eurocode (2004), Phan and Carino (2003), and his own model.  He noted the importance of 
accounting for differences between NSC and HSC.  Finite element analysis (FEA) of reinforced 
concrete columns was used to compare the structural performance provided by the different 
material models.  In addition, the FEA results were compared to physical test data to evaluate the 
predictive capacity models.  Kodur found that the ASCE 1992 and Eurocode 2004 provisions 
were conservative for carbonate aggregate concrete but not always so for siliceous aggregates 
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when predicting temperatures and deflections.  Both the ASCE and Eurocode models over-
predicted the fire rating of the column (Kodur, et al. 2008). 

Knaack et al. (2009) collected fourteen published data sets on the properties of NSC at 
elevated temperatures.  The collected papers span fifty years (Philleo 1958, Saemann and Washa 
1960, Zoldners 1960, Harmathy and Berndt 1966, Cruz 1968, Abrams 1971, Lankard et al. 1971, 
Gillen 1980, Cruz and Gillen 1981, Castillo and Durani 1990, Van Geem et al. 1997, Phan and 
Carino 2001, Cheng et al. 2004 and Kerr 2007).  The published results were entered into a 
database of properties using graphical software to digitize data points from the figures in these 
documents.  The database is summarized in Table 1  Summary of data concrete properties 
included in database. 

Table 1  Summary of data concrete properties included in database (Knaack 2009) 

Temperature Dependent Property 
Number of Papers 

Reporting 
Number of Data 

Points 
Compressive Strength 9 647 
Static Modulus of Elasticity 7 275 
Ultimate Strain 3 70 
Dynamic Modulus of Elasticity 3 186 
Linear Expansion 3 132 
Thermal Coefficient of Expansion 3 37 
Mass Loss from Air Dry 3 82 
Strain at Peak Stress 2 30 
Creep Strain 2 992 
Modulus of Rupture 2 46 
Thermal Conductivity 2 25 
Specific Heat 2 19 
Heat Diffusivity 2 22 
Mass Loss from Oven Dry 2 308 
Mass Loss from SSD 2 24 
Ultrasonic Pulse Velocity 1 26 
Resonance Frequency 1 57 
Heat Flux 1 15 
Spalling Temperature 1 16 
Spalling Time 1 17 
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These test results were correlated to other data sets in the literature reporting concrete 
mix properties, test specimen curing, specimen properties, and test conduction characteristics.  
The complete database is publicly available in tabular form.  

Mathematical models have been developed for predicting properties as well as stress 
strain curves.  Compressive strength is modeled as a cubic polynomial, while modulus of 
elasticity, peak strain, and ultimate strain are modeled using three different quadratic 
polynomials.  Different coefficients are presented for NSC, HSC, siliceous aggregates, and 
calcareous aggregates.  The proposed models are used in conjunction with the stress-strain 
relationship model developed by Popovics (1973) and Mander et al. (1988) to generate stress-
strain curves at elevated temperatures. 

Each model was compared to previously published models including ASCE 1992, 
Eurocode (2004), and Kodur et al. (2008).  The greatest difference between the models occurs in 
the post-peak portion of the stress-strain curve.  There are several reasons for these differences.  
Previous models are based on fewer test data that implicitly include the effects of creep.  Post-
peak behavior is not well understood because many tests do not capture this behavior very well 
(Knaack, Kurama et al. 2009; Knaack, Kurama et al. 2010). 

THERMAL PROPERTIES 

Thermal Conductivity  
The thermal conductivity of concrete varies with it constitutive materials.  Moisture 

content and chemical processes also affect thermal conductivity and the variation with 
temperature.  ASCE (1992) and Eurocode 2 (CEN, 2004) contain models to predict the thermal 
conductivity at elevated temperatures.  ASCE includes two bilinear models, one for siliceous 
aggregates and another for carbonate aggregates (ASCE and Lie 1992).  Eurocode 2 provides 
parabolas that are supposed to represent the upper and lower bound of the data (CEN 2005).  
Figure 1 includes a comparison of the ASCE 1992 and Eurocode 2 models to the data presented 
(Kodur, et al. 2008). 



7 
 

 
Figure 1  Variation in thermal conductivity of normal- strength concrete as predicted by 

different models and as measured in different test programs. 

Other approaches for modeling the thermal conductivity of concrete exist.  Ahmed and 
Hurst (1997) used a classical formulation for the conductivity of a porous material when 
modeling pore pressure and mass transport in concrete.  A Taylor series approximation fit to 
deterioration data from original tests was proposed by Hertz (2005).  Room temperature thermal 
conductivity can be predicted from aggregate properties based on Ohm’s law (Khan 2002).  The 
database compiled by Knaack et al. (2009) contains data on thermal conductivity but no models 
were proposed.  A literature review on thermal properties of concrete was published by Marshall 
(1972) that attempted to explain the relationship between the properties of cement paste, 
aggregate and concrete. 

Specific Heat and Heat Capacity 
Thermal property data for specific heat capacity has been present in terms of heat 

capacity.  Heat capacity, which is the product of specific heat and density, is a variation on 
specific heat but it is based on volume rather than mass.  Unlike thermal conductivity, the heat 
capacity of concrete does not vary much with temperature.  One unique exception to this rule 
exists between 600 ºC and 800 ºC where excess calcium carbonate introduced by carbonate 
aggregate undergoes a endothermic reaction with other compounds in the cement, thereby 
absorbing a large amount of energy.  Currently the ASCE (1992) model accounts for this effect 
while the Eurocode 2 (CEN, 2005) does not.  This is shown in the comparison between the 
models and published test data(Kodur et al. 2008c) shown in Figure 2 . 
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Figure 2  Variation in heat capacity of normal-strength concrete as predicted by different models 

and test data. 

A model proposed by Harmathy (1970) was used in the finite element modeling 
performed by Huang, et al. (1996).  Test data from reinforced column tests and other previous 
tests were used to create the bilinear model presented by Lie et al (1984). 

Thermal Strain 
Thermal expansion of the concrete due to being heated by the fire must be considered to 

accurately model the behavior of restrained concrete elements.  If temperature induced strain is 
prevented due to constraint, then a temperature change will cause stresses in the concrete.  The 
rate of expansion is temperature dependant.  Both ASCE 1992 and Eurocode 2 contain models 
for thermal strain as a function of temperature as shown in Figure 3.  Eurocode 2 provides 
models for both siliceous and carbonate based concretes while ASCE does not differentiate 
based on aggregate type.  Both Eurocode 2 models predict more thermal expansion compared 
with the ASCE model. 
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Figure 3  Models of thermal strain as a function of temperature from ASCE and Eurocode 2. 

 

MECHANICAL PROPERTIES 

Compressive Strength 
Concrete cylinder strength at elevated temperature is the most widely tested and reported 

property in the literature.  In general, there is a slow degradation in compressive strength below 
400 ºC followed by a more pronounced reduction at higher temperatures.  Variations in concrete 
composition have a large influence this relationship.  Various researchers (Durrani and Castillo 
1990), (Cheng, et al. 2004), (Kerr 2007), and (Phan and Carino 2003) showed the influence of  
HSC composition on its properties.  With increase in temperature, HSC loses strength faster 
because the denser cement matrix causes more pore pressure and micro-cracking (Durrani and 
Castillo 1990).  

Eurocode 2 and other researchers (Hertz 2005; Kodur, et al. 2008; Knaack 2009, Kurama 
et al. 2009; Knaack, et al. 2010) differentiate between aggregate types.  The use of siliceous 
aggregates causes concrete to lose strength at lower temperatures compared to carbonate 
aggregates.  This may be due to the quartz content of siliceous aggregates which undergoes a 
phase change in the range of temperatures of interest (Knaack 2009, Kurama et al. 2009). 
Siliceous aggregates also have a larger coefficient of thermal expansion that can cause more 
damage as temperatures increase (Hertz 2005). 

Compressive strength varies widely based on mix formulation; therefore elevated 
properties are reported as the ratio of elevated temperature strength to strength at room 
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temperature (20 ºC).  ASCE (1992) presents a bilinear model with concrete retaining its full 
strength until 450 ºC, followed by a linear degradation to 0 at 874 ºC.  Eurocode 2 presents 
tabular data broken down into five categories, siliceous aggregate, carbonate aggregate, and three 
classes of high strength aggregate.  The ASCE and Eurocode 2 models for NSC are shown in 
Figure 4.  The Eurocode 2 models for HSC are shown in Figure 5 (Kodur et al. 2008c). 

 
Figure 4  Variation of compressive strength with temperature for normal-strength concrete.  
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Figure 5  Variation of compressive strength with temperature for high-strength concrete. 

 

Phan and Carino (2001) focused on the compressive strength of HSC at elevated 
temperatures and developed a piecewise linear model for compressive strength.  The curve is 
shown compared to other curves in Figure 5 (Kodur et al. 2008b). 

Knaack (2009) developed cubic polynomials with different coefficients for HSC and 
NSC with three different types of aggregate; siliceous, carbonate, and light-weight.  An example 
of his model is shown in Figure 6.  Knaack’s curves are also compared to the code provisions 
published by ACI (ACI and TMS 2007), ASCE, and Cheng and Kodur’s model when 
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Figure 6  Proposed compressive strength relationships fit to NSC data (carbonate aggregate, 

unstressed). 

 

appropriate.  ACI 216 presents compressive strength curves for use in design equations but does 
not publish the formulas for these curves. 

 

Modulus of Elasticity 
Less data exists in the literature for modulus of elasticity compared to that available for 

compressive strength.  Different testing procedures are used by different researchers to determine 
modulus.  This complicates the comparison of results.  Both static and dynamic tests have been 
performed to determine modulus.  The static modulus can be measured as the initial tangential 
modulus or as a secant modulus.  Dynamic tests were reported using ultrasonic pulse or 
resonance frequency testing methods. 

Of the previously cited paper reviews, only Knaack and Kurama (2009) present a 
mathematical model for elastic modulus as a function of temperature.  They cite data from seven 
papers that report elastic modulus testing (Saemann and Washa 1957; Harmathy and Berndt 
1966; Lankard, Birmiker et al. 1971; Durrani and Castillo 1990; Phan and Carino 2001; Cheng, 
Kodur et al. 2004; Kerr 2007).  Knaack’s model is a quadratic polynomial utilizing different 
coefficients to create a series of curves for different concrete mix properties.  His coefficients can 
alter the curves to represent the unstressed state of calcareous or light-weight NSC and the 
residual, stressed or unstressed states of HSC.  A comparison of Knaack’s model to ACI 216 and 
ASCE are shown in Figure 7. 
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Figure 7  Proposed modulus of elasticity relationships fit to data (NSC, carbonate aggregate, 

unstressed). 

Previously published relationships exist for modulus of elasticity.  ACI 216 publishes a 
curve based on the work of Cruz 1966 (Cruz 1966; ACI and TMS 2007).  Knaack is critical of 
this curve because of the limited amount of data used in its creation yet it is nearly identical to 
the one he proposes.  The ASCE (1992) and Eurocode 2 models account for changes in modulus 
of elasticity as part of their respective stress-strain relationships. 

Other researchers have reported modulus of elasticity results in addition to those cited by 
Knaack.  Dilek (2005) used ultrasonic pulse methods to measure the dynamic elastic modulus of 
fire exposed concrete sampled from prestressed beams.  Fu et al. (2005) reported the results of 
cylinder tests conducted in an electric furnace on three HSC and one NSC mix designs.  A 
Department of Energy report (Naus 2006) reported modulus results for concrete used in nuclear 
applications.  Naus referenced the results of several additional researchers in Asia regarding the 
residual elastic modulus after cyclic heating.  Odelson et al. (2007) reported the results of testing 
performed on cement paste which showed a quicker and more sever loss of elastic modulus at 
higher temperatures compared to the linear degradation of concrete. 

Stress-Strain Relationships 
The stress-strain relationship is the most important constitutive relationship for analysis 

of concrete.  Popular design models such as Whitney’s stress block do not scale with 
temperature.  The aforementioned changes in compressive strength and modulus of elasticity 
alter the shape of the stress-strain relationship.  Additionally the ultimate strain when concrete 
crushes is increased with temperature while the strain at peak stress decreases. 
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In codes, the changing values of strain are modeled differently.  ASCE 1992 uses a 
parabolic function of temperature for peak stress-strain.  The Eurocode 2 provides their model as 
a data table, but it does not differentiate between NSC and HSC.  In addition, as Knaack 
discusses, the ASCE approach also does not differentiate between NSC and HSC.  This leads to 
the efforts by Kodur to develop a HSC alternative to the ASCE curve as shown in Figure 8 
(Knaack et al. 2010). 

Eurocode 2 also tabulates the value of ultimate strain as a function of temperature.  ASCE 
(1992) does not provide a model for this value.  Knaack presented data based on ASCE assuming 
the ultimate strain in the concrete occurs at a stress level 85% of f’c as shown in Figure 9.  

Although the resulting stress strain relationships look similar, differences lie in the post 
peak stress portion of the curve where the Eurocode 2 adopts a linear relationship (Figure 10 and 
Figure 11). 

 
Figure 8  Comparison of the ASCE, Eurocode, and Kodur models for temperature dependent 

strain at peak stress. 
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Figure 9  Comparison of the temperature dependent ultimate strain predicted by ASCE, Kodur et 

al., and the Eurocode (Knaack 2010). 

 

 
Figure 10  ASCE(1992) temperature-dependent stress-strain models. 
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Figure 11  Eurocode 2 temperature-dependent stress-strain models. 

Because ASCE does not differentiate between NSC and HSC, Cheng developed his 
models for HSC (Cheng et al. 2004).  The changes are limited to the components of the ASCE 
model.  His model, in addition to the model for compressive strength seen in Figure 4, includes 
an alteration to the strain at peak stress as shown in Figure 8.  These changes do not alter the dual 
quadratic curve shape of the ASCE model. 

More recently, Knaack (2009) developed relationships for all components of the stress 
strain relationship based on the data collected in his database.  These curves are more robust than 
those of ASCE 1992 because they adjust to differing aggregate and strength combinations.  The 
first component of Knaack’s model is a different quadratic relationship for strain at peak stress 
for both NSC and HSC (Figure 12 and Figure 13). 

Knaack’s models do a much better job of matching tests in the database compared to the 
ASCE and Eurocode 2 models.  Similar conclusions can be drawn from the ultimate strain 
models shown in Figure 14 and Figure 15. 

Knaack utilizes a stress-strain model developed by Popovics (1973) to translate the 
individual models for peak strain, ultimate strain, compressive strength, and modulus of 
elasticity into an overall stress-strain relationship at elevated temperatures.  The functional form 
of the model is not quadratic; it is a variable inverse power function, although there is little 
difference between the two functional forms. 
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Figure 12  Comparison of the proposed strain at peak stress relationships for NSC (calcareous 

aggregate, unstressed) (Knaack 2010) 

 
Figure 13  Comparison of the proposed strain at peak stress relationships for HSC (siliceous 

and calcareous aggregate, unstressed) (Knaack 2010). 
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Figure 14   Comparison of the proposed ultimate strain relationships for NSC, (light-weight, 

calcareous aggregate, unstressed) (Knaack 2009). 

 

Figure 15  Comparison of the proposed ultimate strain relationships for HSC (calcareous and 
siliceous aggregate, unstressed) (Knaack 2009). 
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Knaack’s model is greatly affected by the small ultimate and peak strains it allows.  The 
limiting strains result in less available ductility at elevated temperature compared to the ASCE 
and Eurocode 2 models that have been shown to predict deflection well.  Knaack’s models have 
not been validated against test results.  The ductility difference is shown between the models at 
200ºC and 600 ºC in Figure 16 and Figure 17. 

 
Figure 16  Proposed stress-strain relationship for NSC - calcareous aggregate, unstressed. 

(Knaack 2009). 
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Figure 17  Comparison of the stress-strain relationships for NSC at 200 ºC and 600 ºC. 

Several additional references are not included in the results of Kodur and Knaack.  A 
high-temperature stress-strain relationship review paper is published in Concrete Research 
Magazine (Baldwin and North 1973).  The stress-strain data for concrete cylinders made of 
various HSC mixes was published by Fu et al. (2005).  Using fewer data points, Youssef and 
Moftah (2007) performed analysis similar to Knaack’s work.  Similar results were obtained. 

 

Residual Compression Properties 
Concrete material properties are altered after a fire or other high temperature event  
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cool prior to testing for compressive strength (Abrams 1971; Lankard, Birmiker et al. 1971; Phan 
and Carino 2001).  These results were included in Knaack’s development of stress-strain models 
by statistical means.  He presents tables for the development of his stress-strain curves applicable 
residual strength.  In general, residual strength is less than the strength measured when the 
specimen is tested while hot.  Knaack’s model was compared to the results reported by Kodur 
and observed by Nassiff in Figure 18. 
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Figure 18  Proposed compressive strength relationships showing the effect of test type on the 

strength loss: NSC – siliceous (Knaack 2009). 

Knaack’s residual strength models are based on less data compared to his models for 
stressed and unstressed properties.  None of the existing data includes specimens that were 
heated in a stressed condition and cooled prior to testing.  This would better simulate the 
conditions experienced by a structure remaining in service after a fire event (Knaack et al. 2009). 

Several other researchers have studied post fire residual strength as reported by Nassif 
(2006).  Early work was undertaken by Furumura (1966), Purkiss (1972) and Baldwin and North 
(1973) and Nassif (2006).  Nassif added to the limited amount of available data by testing cored 
concrete cylinders from thermally loaded slabs.  The concrete was quenched using a water spray 
to simulate fire fighting.  The tests were performed using two different aggregate types.  The 
results of the test are shown in and Figure 19 and Figure 20. 

Nassif does not attempt to generate a model for residual strength behavior.  It can be 
observed that peak stress, ultimate stress, strain at peak stress and strain at ultimate stress are all 
affected by residual properties.  Eurocode 2 acknowledges this by requiring use of the transient 
properties it prescribes in the code for the residual properties. 
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Figure 19  The post-fire (residual) full stress–strain response of concrete with fired river gravel 
aggregate. 

 

 

Figure 20  The post-fire (residual) full stress–strain response of concrete with limestone 
aggregate. 
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Tensile Strength 
Tensile strength of concrete is not usually relied upon in design however it is important 

for understanding of shear behavior.  There is limited research on the tensile strength of concrete 
at elevated temperatures.  Chang et al. (2006) reported the results of 54 split cylinder tests of 
concrete exposed to elevated temperatures and then cooled.  He observed that the residual tensile 
strength degraded faster than the residual compressive strength.  Chang proposes a three part 
linear model for tensile residual strength (Chang, Chen et al. 2006).  Eurocode 2 does not 
recommend the use of tensile strength but it provides a model for the loss of tensile strength as a 
function of exposure temperature.  It is simple linear reduction of the ambient tensile strength.  
The two residual tensile strength models are shown in Figure 21.  

 

Figure 21  Relative tensile strength of concrete as a function of temperature. 

 

Spalling 
There are many proposed models for spalling, many of them based on pore pressure and 

mass transport (Kalifa 2000, Menneteau et al. 2000; Hertz 2003; Sullivan 2004; Gawin et al. 
2006; Kodur et al. 2008a; Zeiml 2008, Lackner et al. 2008; Dwaikat and Kodur 2009; Kodur et 
al. 2009; Zheng 2010, and Hou et al. 2010).  These models predict that as the concrete heats up 
water and steam increase in pressure and diffuse through the concrete.  Based on tracking steam 
pressure and migration, spalling is predicted when the internal pressure force overcomes the 
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tensile strength of the concrete.  Tensile strength of concrete can also affect the material’s 
propensity to spall. 

SUMMARY 

This chapter provides a thorough review of the literature related to high temperature 
concrete properties.  The thermal properties of conductivity, specific heat, and thermal strain 
were reviewed.  In addition, the mechanical properties, compressive strength, modulus of 
elasticity, stress-strain relationships, residual strength, and tensile strength are presented.  As the 
amount of data available in the literature has increased over the years more elaborate predictive 
models have been created to accurately predict these properties. 

The results from this chapter were utilized to program properties into the Abaqus models 
used for the bridge fire simulations performed during this project.  The Eurocode models will be 
initially utilized for modeling since they have the most validation.  The ASCE models are limited 
in that there is not much consideration of the differences between normal strength and high 
strength concrete.  Knaack’s models have not been validated by system modeling.  The extreme 
specificity of Knaack’s models also makes them hard to use.  The fact that they predict limited 
ductility may impair their ability to accurately predict deflections.  The Eurocode presents 
models for all of the necessary thermal and mechanical properties.  It distinguishes between 
normal and high strength concrete as well as between siliceous and carbonate aggregates without 
the more intensive detail required by Knaack.  It also presents properties for prestressing steel 
which is rare.  The Eurocode 2 has been validated by several researchers and provides a 
consistent modeling framework.  Subject to ongoing validation of modeling techniques, the 
Eurocode 2 models were chosen to model the elevated temperature properties of concrete in the 
remainder of this study.  
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CONCRETE REINFORCING STEEL PROPERTIES 

 

A review of the literature has been conducted to identify the thermal and mechanical 
properties of concrete reinforcing steel.  This includes both mild reinforcement and prestressing 
bars and strand.  In addition to these properties, studies have been reviewed on the bond strength 
between the steel and concrete.  Results from this review were used to support the thermo-
structural fire modeling in the next phase of the project.  This review was also used to select 
appropriate properties for post-fire evaluation. 

PROPERTIES OF MILD REINFORCING STEEL 

Reinforcing steel for structural concrete members is divided between mild reinforcing 
bars and prestressing steels such as 7-wire strand.  Reinforcing bars are made according to the 
ASTM 615 standard using a hot-rolled process, prestressing strands are manufactured from cold-
drawn steel wire and then cold-worked to develop high strength and low relaxation properties.  
The difference in production alters the response of these two materials when subjected to 
elevated temperatures.  This section will review the general steel properties required for 
modeling and their applicability to reinforcing steels.  

The properties of structural steel have been well researched and documented in the 
literature.  High temperature properties are also widely reported because steel is often subjected 
to high temperatures in service.  The properties of concrete reinforcing steel differ from hot-
rolled structural shapes, both in production methodology and chemical composition.  In general, 
however, similarities exist relative to their ambient temperature properties.  Standards from 
ASCE 1992 (ASCE and Lie 1992) and the Eurocode (CEN 2005) exist for these properties as 
well.  In addition to his work on concrete, Kodur (2010) performed a review of reinforcing steel 
properties for use in fire modeling.  Several other investigations have been performed to verify 
the applicability high temperature property models to mild reinforcing bars and prestressing 
strand.  The thermal properties; conductivity, specific heat and thermal strain are not influenced 
much be processing methods, therefore the models developed for structural steels can be applied 
to reinforcing bars and prestressing strand.  Mechanical properties are significantly influenced by 
processing method and there is a clear difference between hot rolled and cold drawn steels. 

Thermal Properties 
Thermal conductivity in steel is less variable with temperature than the conductivity 

property of concrete.  Kodur reviewed a group of papers that measured the thermal conductivity 
of typical structural steels (Rempe & Knudson 2008; Dale and Prasad 2007; Touloukain 1972; 
Yawata 1969; and Powel 1956).  Figure 22 shows a comparison of the available data to the 
available predictive models (Kodur, et al. 2010).   
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Figure 22  Models to predict the thermal conductivity of steel compared to the 

experimental data developed in different test programs. 

Specific heat varies less across the temperature range expected in a fire scenario 
compared to the properties of concrete.  Data summarized by Kodur (Rempe and Knudson 2008; 
Bentz and Prasad 2007; Touloukain 1972) were compared to the models provided in Eurocode 2 
and ASCE as shown in Figure 23 (Kodur et al. 2010).  The two models are similar below 600 C, 
however Eurocode 2 predicts much higher energy absorption near 700ºC when the crystalline 
structure of the steel breaks down. 

The bond between steel reinforcement and concrete is important for the structural 
behavior of reinforced concrete structural members.  The thermal strain rate of steel is an 
important parameter that affects bond at elevated temperatures.  For the relatively small climatic 
temperature changes that occur in bridges in service the coefficient of thermal strain is small.  
However the rate of steel expansion increases with temperature and the coefficient of thermal 
strain increases.  Predictive models and experimental data (Stiland 1980; Anderberg 1988; 
Cooke 1988; Outinen and Mäkeläinen 2004;) were also reviewed by Kodur as shown in Figure 
24 (Kodur, et al. 2010). 
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Figure 23  Models to predict the specific heat of steel compared to experimental data 

from different testing programs in the literature. 

 

Figure 24  Models for predicting the thermal strain of steel compared to experimental 
data from different testing programs. 
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Mechanical Properties 

The elastic modulus and yield stress are the most critical of mechanical properties for 
analysis and design of reinforced concrete.  Yield stress and elastic modulus are widely reported 
in steel tests but relatively few were considered by Kodur (Outinen and Mäkeläinen 2004; 
Outinen 1997; Mäkeläinen et al. 1998; Chen et al 2006; Li et al 2003; Chen and Young 2008; 
Cooke 1988; Dever 1972; and Clark 1953).  The different testing programs were conducted at 
varied loading rates and with different heating regimens.  This leads to large variability between 
data sets, even within the small data subset examined by Kodur.  The ASCE and Eurocode 
models approach the high temperature variability of steel in different ways.  The ASCE model 
for yield strength as a function of temperature closely matches the data used in its formulation. 
The Eurocode model includes an elastic limit as well as a yield stress in its formulation.  The two 
components of the Eurocode yield strength model seem to deviate from the experimental data but 
when they are combined in the stress-strain constitutive relationship the resulting curve is similar 
to the ASCE model.  In general, the ASCE model is more conservative than the Eurocode 2 
model, showing a greater reduction in yield stress at lower temperatures as shown in Figure 25 
(Kodur, et al. 2010). 

 
Figure 25  Different models used to predict the yield strength of steel compared an 

assemblage of test data from the literature. 

The elastic modulus decreases with temperature similar to the yield stress.  Figure 26 
shows that the Eurocode 2 model predicts a greater reduction compared to the ASCE and Poh 
models. (Kodur, et al. 2010). 
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Figure 26  Prediction models for the elastic modulus of steel compared to an assemblage 

of data from different experimental tests. 

The yield stress and elastic modulus models used by the two codes vary but the resulting 
stress-strain constitutive relationships maintain good agreement.  The ASCE model for stress 
strain is a simple bilinear relationship while the Eurocode 2 model must be constructed from 
piecewise functions and tabulated data that includes the elastic limit and yield stress.  Therefore 
the corresponding strains have temperature dependant relationships.  The two models are 
compared with a third model proposed by Poh (2001), which was formulated similar to the 
Eurocode, in Figure 27 (Kodur et al. 2010). 
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Figure 27  Stress-strain relationships for structural steel comparing the ASCE, Eurocode, and 

Poh models at 20°C and 600°C. 

 

Creep of steel under sustained loading becomes factor when the steel is heated.  Kodur 
explains that the Eurocode model derivation includes the effects of creep by including test data 
from tests performed under sustained load.  The ASCE recommends that designers include the 
effect of high temperature creep but do not recommend a model.  Kodur compared the model 
originally developed by Dorn (1954) and later augmented by Harmathy (1970) with an analytical 
regression model for creep included in the software package ANSYS.  Figure 28 compares 
predictions from the two models to tests performed at three different stress levels (Kodur, et al. 
2010) 
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Figure 28  Creep strain predicted by the Kodur-ANSYS and Harmathy models at 550°C for three 
different applied stress levels. 

 

Concrete Reinforcing Steel Tests 
Most elevated temperature tests on concrete reinforcing steel have been performed with 

the steel cast into concrete structural elements.  These include flexural prism tests or pull-out 
tests.  There are only a limited number of sources to verify if Kodur’s recommendations for the 
ASCE and Eurocode models, which were developed for structural steels, are applicable to 
reinforcing bars. 

Anderberg (1988) performed an extensive evaluation of existing test data and performed 
several original investigations to determine the variation in thermal properties for reinforcing 
steels and strands.  He recommended a stress-strain model developed by Ramberg and Osgood to 
provide the best correlation to the test data available for reinforcing steel.  This is similar to the 
current Eurocode model. 

 Creep affects the performance of reinforcing bar subject to sustained loading at 
temperatures over 400ºC.  Anderberg evaluates several models for temperature induced creep of 
steel, one by Dorn (1954), a model specific to reinforcing strand developed by Harmathy (1970) 
and a third model developed for structural steel Furamura (1985). 

Elghazouli et al. (2009) performed a more recent investigation into the thermal 
mechanical properties of reinforcing bars.  In this study rebar specimens were tested at several 
strain rates in both transient and post-heating residual conditions.  They found good agreement 
between their data and the stress-strain models available in Eurocode 3 (CEN 2005).  They also 
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drew several additional conclusions not represented in Eurocode 3.  They found that cold-worked 
reinforcing regained ductility at temperatures greater than 600ºC.  Beyond this temperature, cold-
worked and hot rolled reinforcing steel were capable of achieving similar strain levels before 
failure.  They also observed a 10 to 15% loss of residual strength in cold-worked reinforcing 
steel. 

Eurocode 2 for concrete provides data for structural fire design of reinforced concrete 
including recommendations on the behavior of common reinforcing steels.  For deformed 
reinforcing bars, the recommend high temperature steel properties closely match the provisions 
located elsewhere in the Eurocode for structural steels.  This similarity is illustrated in Figure 29 
by comparing the ASCE and Eurocode provisions for general structural steel to the Eurocode 
provisions for three types of concrete reinforcing steel.  In Figure 29, the curves labeled "Post 
Yield" refers to steels that have exceeded the proportional limit while "Unyielded" indicates the 
steel does not exceed the proportional limit. 

 

Figure 29  Comparison of the ASCE and Eurocode yield  provisions for general structural steel 
with the Eurocode provisions for concrete reinforcing steel (Part 1-2). 

 
The Eurocode treats the hot-rolled reinforcing steel the same as general structural steel 

when it is utilized as tension reinforcement in a concrete structure.  Cold working the 
deformations onto the bars reduces the yield strength slightly as is shown in the two curves for 
Tension shown in Figure 29.  The Eurocode treats reinforcing steel in compression and un-
yielded reinforcing steel differently that tension reinforcing steel.  Compression steel behaves 
closer to the ASCE curve for general structural steel, which excludes creep in its formulation.  In 
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general mild reinforcing steel can be modeled utilizing the same strength models developed for 
general structural steels. 

PROPERTIES OF PRESTRESSING STRAND 

Prestressing strand and prestressing bars are cold-worked to increase strength and to 
decrease the amount of stress relaxation that occurs under constant high stress levels.  Cold-
working changes the crystalline microstructure of the steel, thereby raising the yield strength, 
tensile strength, and stress relaxation resistance.  Subsequent heating of prestressing steel 
reverses the effects of cold working and the crystalline microstructure is significantly changed. 
The thermal and mechanical properties of prestressing strands and bars undergo a more 
significant degradation during heating compared to mild structural steels. 

Eurocode 2 for concrete contains recommendations for high temperature properties of 
prestressing steels.  Figure 30 compares the provisions for prestressing steels compared to the 
ASCE and Eurocode provisions for general structural steels.  Prestressing steels exhibit a greater 
loss of yield strength at higher temperatures compared to mild structural steel. 

 

Figure 30  Comparison of the Eurocode provisions for prestressing steel (Part 1-2) with the 
ASCE and Eurocode provisions for general structural steel. 

 
In addition to strength, other properties of prestressing steels are also affected at high 

temperatures.  The structural performance of prestressed concrete members depends on the 
compression stress imparted on the concrete by the prestressing steel.  Stress relaxation can 
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decrease the prestressing force and change structural behavior, particularly related to 
serviceability and cracking.  The ultimate capacity of structural members depends on the post-
fire residual strength of the prestressing steel.  Post fire evaluation of cracking and serviceability 
depends on knowing the reduction in strand force due to stress relaxation.  Therefore, the high 
temperature effects on both properties are important to evaluate fire damage in prestressed 
concrete structures. 

Atienza and Elices (2009) cite the work of Harmathy as the only previous work on the 
relaxation and residual properties of prestressing strand at elevated temperatures  They 
performed additional research on 0.5 in (13 mm) strand specimens composed of cold-drawn, 
stress relieved wires.  The strands were loaded in a servo-hydraulic testing machine equipped 
with a furnace between the loading crossheads.  Several test protocols were performed:  

• Tensile tests at constant elevated temperature 
o 15 minute tests at a rate of 0.001 s-1 

• Stress-relaxation tests at constant elevated temperature 
o 4 hours longer than duration of Eurocode Design Fire 
o Initial loading at 10,30,50,and 90% of tensile strength 

• Fire simulation tests  
o Applied ramping heat load and subsequent cooling 
o Initial load was 70% of tensile strength 
o Room temperature residual strengths were measured  
o Room temperature relaxation tests were performed 
o 3 heating cycles were used 

 A slow heating of a restrained system (simulates encased strand) 
 Fast heating a restrained system (simulates partial exposure) 
 Fast heating an unrestrained system (simulates complete bond loss) 

 
Figure 31 shows that the yield strength reduction at high temperature measured by 

Atienza and Elices shows good agreement with the Eurocode concrete section predictions for 
strength.  The British Standards prediction is similar but provides a slightly non-conservative 
strength prediction. 

Prior to Atienza and Elices (2009), residual strength properties had not been previously 
studied for strands heated under load.  Previous work by Neves et al. (1996) tested strands that 
were heated and cooled in an unloaded condition prior to testing.  The residual strength did not 
change much compared to unheated strands until the heating temperature reached 700°C as 
reported by Atienza.  The presence of tension during heating had little effect on residual 
strength for strands heated below 300°C.  However, Atienzia and Elices found that strands 
heated to higher temperatures under tension showed a greater reduction in residual 
strength compared to strands heated under no tension.  
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Figure 31  Yield strength versus temperature for prestressing strands comparing the code 
provisions to the tension test results reported by Atienza and Elices (2009). 

 
Figure 32  Stress loss over time for strands heated to various temperatures after being 

pretensioned to 70% of the tensile strength (0.7 fpu).  At temperatures above 300°C the strands 
failed. 
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Relaxation of strands at sustained temperatures increased at temperatures 
exceeding 300°C.  This corresponds to the temperature where the mechanical properties 
imparted by cold working begin to degrade accompanied by changes in the crystal 
microstructure.  Figure 32 shows the loss of stress over time for strands heated to three different 
temperatures with an initial prestressing stress of 70% of the tensile strength (0.7 fpu) (Atienza 
and Elices 2009). 

Residual relaxation properties were also measured by Atienza and Elices.  Strands heated 
to between 100ºC – 300ºC and allowed to cool before testing showed relaxation losses between 
2.2% - 2.5%.  This is similar to the 2.2% loss exhibited by unheated strands.  Strands heated to 
400ºC and 500ºC and allowed to cool showed much higher relaxation losses of 6.2% and 13.2%, 
respectively.  These losses were measured 250 hours after prestressing the strands.  A “low-lax” 
qualified strand must maintain less than 2.5% loss over 1000 hours (Atienza and Elices 2009).  

Two other literature sources that contain material property data for prestressing strand 
were not considered by Atienza.  Zheng conducted 30 tests of prestressing strands utilizing a 
similar test set-up to the one used by Atienza.  Zheng reports the yield stress, strength and elastic 
limit and ultimate strain for both transient and residual tests, obtaining similar results. (Zheng, et 
al. 2007). 

As part of a fire rating testing project for post-tensioned flooring systems, strand 
measurements were performed by MacLean (2007).  In addition to reporting his experimental 
results, he also cites Guyon (1953), Abrams and Erlin (1967), Holmes (1982), Neves (1996), and 
Hertz (2004) as having reported residual strength test results.  The combined data from the 
Atienza, Zheng, and MacLean papers are shown with a comparison to prediction several models 
in Figure 33. 

 
Figure 33  Summary of residual strength test data reported by MacLean (2007). 
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The models presented by Hertz, MacLean and the Eurocode for general structural steels 
in the concrete chapter all provide a better fit to the residual strength data compared to the model 
provided by the Eurocode for prestressing steels at transient temperatures.  The fact that the 
general steel provisions provide a good prediction of strand strength after fire exposure indicates 
the prestressing strands behave like hot-rolled steel after the cold-worked properties are 
counteracted by heating. 

General thermal properties of steel are well known and have been include in design 
recommendations from ASCE and CEN.  These properties are applicable to both reinforcing and 
prestressing steels if the relaxation properties of prestressing strands are considered.  Most 
thermal degradation of mechanical properties occurs above 300ºC, reaching complete failure 
near 700ºC.  The Eurocode and other researchers have addressed the differences between the 
structural steel properties applicable to mild reinforcing steel and the more complex properties of 
prestressing steels.  These differences continue to be studied by researchers looking at 
reinforcing steel and concrete bond interactions. 

 

BOND PROPERTIES AT ELEVATED TEMPERATURES 

The bond properties of concrete and steel at elevated temperatures are important inputs 
for modeling and analysis of prestressed concrete bridges exposed to fire.  Both the bond 
interaction between concrete and mild reinforcing steel and prestressing strands are equally 
important.  Several researchers have studied the behavior of reinforcement bond at elevated 
temperature.  Most bond studies on mild reinforcing steel are performed using pull-out 
specimens that are relatively easy to test at high temperatures.  Prestressed strand bond studies 
are usually studied through development length measurements on flexural beams.  These tests 
are more difficult to perform in a furnace due to the large specimen size. 

Morley and Royles (1980) published an early review of testing on mild reinforcing bond 
at elevated temperatures.  The data they collected from the literature and their experimental test 
results are reported as percentages of bond strength at ambient temperatures.  Research in Japan 
performed by Harada (1971) was cited to have performed residual strength tests on cylinders 
exposed to elevated temperatures as shown in Table 2.  Residual strengths were also reported for 
pullout tests done in Czechoslovakia by Reichel (1978) in Table 3.  Morley and Royles (1980)  
reported independent test results for the residual strength of twisted square reinforcing bars in 
prismatic specimens as shown in Table 4. 
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Table 2  Reductions in compressive strength and residual bond strength after heating to various 
temperatures (Harada, et al. 1971). 

 
Property 

Temperature 

20°C 100°C 300°C 450°C 
Bond Stress at 0.05 mm  Slip 100% 44% - 10% 
Maximum Bond Stress 100% 50% 60% 10% 
Concrete Compressive Strength 100% 75% - 60% 

 

Table 3  Reductions in residual bond strength after heating to different temperatures (Reichel 
1978). 

 
Bar Type 

Temperature 
20°C 500°C 650°C 

Deformed 100% 75% 50% 

Plain 100% 40% 25% 
 

Table 4  Reductions in compressive strength and residual bond strength after heating to various 
temperatures (Morley and Royles, 1980). 

 
Property 

Temperature 
20°C 300°C 500°C 650°C 800°C 

Bond Stress 100% 69% 54% 46% 34% 
Concrete Compressive Strength 100% 85% 96% 88% 45% 

 
In general, Morley determined that residual bond strength degrades more than residual 

concrete strength from the effect of temperature.  Morley also reported data from a previous 
study by Schneider and Diederichs (1978) as shown in Table 5. 

Table 5  Reduction of residual bond strength after heating to different temperatures (Schneider 
and Diederichs, 1978) 

Property Temperature 
20°C 300°C 500°C 680°C 

Bond Strength 100% 90% 50% 28% 
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Morley and Royles (1983) performed additional elevated temperature tests in a separate 
investigation to expand on the available data for transient tests.  They conducted pullout tests on 
cylinders with a single piece of reinforcing steel.  Specimens were heated and tested in groups of 
four under the following conditions: 

• Applied stress during heating and loaded to failure when hot. 
• Applied stress during heating and loaded to failure after cooling. 
• No applied stress during heating and loaded to failure when hot. 
• No applied stress during heating and loaded to failure after cooling. 

 
The residual bond strength for the specimens heated to different temperatures correlated 

well to both the residual tensile and compressive strengths of the concrete as shown in Figure 34.  
Similar results were seen in the tests performed at the elevated temperature as shown in Figure 
35. 

 

Figure 34  Residual bond strength as a percentage of the ambient temperature strength plotted 
with concrete properties (Morley and Royles 1983). 
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Figure 35  Bond strength tested at elevated temperatures normalized by the ambient temperature 

strength (Morley and Royles 1983).  The residual strength is shown after cooling from the 
indicated temperatures. 

 

Both the residual bond tests and the elevated temperature tests showed an increase in 
strength around 250ºC when the thermal expansion of the steel caused increased friction at the 
steel-concrete interface.  This effect is lost once the concrete and steel begin to soften.  Concrete 
cover distance did not affect the amount of strength reduction with temperature, but less cover 
lead to earlier splitting failures of the concrete.  The work also confirmed that although the two 
properties should be related, concrete bond strength decreases at a higher rate than concrete 
strength as temperature increases (Morley and Royles 1983). 

More recent work was performed to quantify the loss of bond strength at elevated 
temperatures for mild reinforcement.  Haddad and Shannis (2004) reported the results of pull out 
tests conducted on 82 mm and 108 mm diameter cylinders with a length of 150 mm.  The 
specimens were made with concrete mix designs that utilized increasing levels of natural 
pozzolans (NP) and an admixture.  Loss of residual strength up to 74% were observed for 
specimens exposed to 800ºC temperatures, while a loss of 24% was reported at 650ºC.  These 
results correlated well with the results reported by Morley and Royles.  Increased pozzolan 
content reduced cracking but did not reduce the loss of bond strength when compared to ambient 
temperature strength. 

Similar work was performed to test the effect of fiber reinforced concrete on pull out 
strength.  It was shown that both organic polypropylene and steel fibers can improve residual 
bond strength by controlling crack development (Haddad et al., 2008). 
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Another study was performed using ribbed deformed bar with two different concrete mix 
designs providing 25 MPa and 35 MPa strength.  Bingöl and Gul (2009) observed the effect of 
rapid water cooling on the residual bond strength of concrete.  It was found that a linear 
relationship existed between concrete residual concrete strength and bond strength for both 
concrete strengths.  It was also observed that there was increased damage in the water cooled 
specimens due to rapid thermal stress changes.  The increase in cracking and other damage 
reduced the residual bond strength of the water cooled specimens compared to the slow-cooled 
specimens.  Residual bond strengths of 25% - 30% at 700ºC were reported. 

The literature on residual bond strength between reinforcing steel bars and concrete 
shows that elevated temperatures reduce bond strength substantially.  This reduction is correlated 
but not proportional to the loss of concrete strength at elevated temperatures.  Initial loss of bond 
strength can occur at temperatures lower than the 300ºC temperature associated with the onset of 
concrete strength degradation.  Once the temperature reaches between 600º to 700ºC, both the 
residual and high temperature bond strength reduces to approximately 30% of its ambient value. 
Future research on bond strength at elevated temperature is needed to include decomposing the 
effect of concrete and steel degradation on the resulting bond strength loss. 

Prestressing strand bond tests are usually performed on flexural specimens by measuring 
development length.  Development length tests do not provide any direct information about the 
bond stress versus slip relationship in the fully flexural portion of a beam.  In addition, the results 
of these tests cannot be directly compared to the pull-out tests performed on mild reinforcing at 
elevated temperatures.  An investigation showed that simple pullout tests and tensioned pull out 
tests correlate poorly to the bond characteristics tested in the transfer zone (Rose 1997). 
Abrishami and Mitchell (1993) performed a novel series of tests using cylinders cast around 
prestressing strand pretensioned in a testing machine.  These tests showed that the bond stress 
versus slip relationship in the flexural zone is similar in shape to results from the mild 
reinforcing tests.  However, the ultimate bond strength in the flexural region is less than what 
occurs in the transfer zone.  The difference between the two zones can be explained because 
lower tensile stress in the transfer zone increases the Hoyer wedging effect resulting from radial 
expansion.  Figure 36 shows the different bond versus slip behavior for the two zones. 
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Figure 36  Bond versus slip relationships for both the transfer and flexural zones for flexural test 

specimens. 

No high temperature prestressing strand bond tests have been found in the literature.  
This leaves the question, how will bond strength be affected at higher temperatures.  In addition, 
there are no tests to measure the residual bond strength for heated prestressed members.  
Prediction of prestressed system behavior may be possible through modeling.  One approach 
might be to scale the ambient temperature bond stress versus slip relationships for prestressing 
strands based on the reductions reported in the literature for mild reinforced bars at elevated 
temperatures.  This involves extrapolation of the mild steel results to prestressing strands.  The 
results by Abrishami and Mitchell indicate this may work for the flexural zones of prestressed 
members but applicability to the transfer zone is questionable. 

 

EPOXY COATED REINFORCEMENT 

Epoxy-coated steel has been widely used in construction of highway bridge decks to 
protect the steel from the corrosivity of road salt.  Epoxy coated steel has also been used to 
protect columns, pier caps, and other structural members in bridges.  There has also been 
occasional use on prestressed beams although this is not common.  Little is known about the 
structural performance of concrete members with epoxy-coated reinforcing steel.   

Work by Lin, et al. (1989) concluded shown that epoxy coated bars do not reduce the fire 
resistance ratings of properly designed slabs.  This conclusion is  based on tests  performed using 
standard methods for testing building components to determine a fire rating.  In pull-out tests, 
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epoxy coated reinforcing bars showed a 25% decrease in bond strength compared to uncoated 
reinforcing bars across all temperatures.  The reduced bond strengths remained larger than the 
reduced yield strengths of the bars due to their temperature (Lin, et al. 1988; Lin et al. 1989).  
This led to the conclusion that epoxy coating does not appreciably decrease structural strength at 
high temperatures.  However, this conclusion only is applicable for strength during the fire event.  
It is not known if the bond strength recovers upon cooling like the steel strength. 

There is a complete gap in the literature related to the residual strength and long term 
performance of concrete slabs reinforces with epoxy coated steel after heating.  This is a major 
concern for highway bridges exposed to fire.  There are many cases where there is no apparent 
structural damage to bridge decks following a fire event.  However, it is unknown if internal 
damage to the epoxy and the bond between the steel and concrete exists.  If such damage exists, 
one can speculate that if may lead to accelerated slab degradation under wheel loads and 
exposure to de-icing salts. 

SUMMARY  

The modeling of pre or post tensioned concrete structures for evaluation of fire resistance 
requires material models for both concrete and steel components.  The literature offers a 
substantial amount of data on concrete and general steel properties but is limited when it comes 
to reinforcing and prestressing steels. Prestressing steels have a very limited number of furnace 
tests. The properties of reinforcing bar may be applicable but differences remain that require 
further investigation.  Thermal expansion, stress-strain relationships, yielding and strength 
properties of both mild reinforcing bars and prestressing strand can be adequately predicted by 
existing codified models. The transient and residual relaxation, bond and creep properties of 
prestressing strand have little to no data representation in literature. Relaxation losses have been 
investigated by several researchers showing significant losses occurring at transient temperatures 
above 100ºC.  Relaxation losses for strands monitored after cooling seem unaffected until 
exposures of 600ºC. Limited investigations of the bond properties of mild reinforcing might not 
be applicable to prestressed systems because of the poor relationship between pull-out tests and 
the bond-slip relationships present in the transfer length of flexural specimens.  No creep studies 
have been performed on prestressing strand subject to elevated temperatures. Bond properties of 
mild reinforcing bars have been tested at elevated temperatures.  The difficulty of testing 
prestressed bond and the complex phenomena occurring in the transfer zone limit the 
applicability of the literature results for modeling pre-tensioned systems.   

 
  



44 
 

STRUCTURAL MATERIAL PROPERTIES 

 

A review of the literature has been performed to identify the elevated temperature 
properties of various structural materials used in bridges.  This includes steel, aluminum alloys, 
fiber-reinforced plastic (FRP) construction materials, and timber.  This includes elevated 
temperature data on both thermal and mechanical properties.  In addition, the review compares 
the elevated temperature property data with correlations provided in design codes and other 
standards.  For use in the next phase of this project, the elevated temperature properties of steel 
will be used to model the thermo-structural response of bridges containing steel structural 
elements.  This review will also be used to select appropriate properties for post-fire evaluation 
of structures in the Guide for Fire Damage Assessment in Highway Bridges that will be 
developed later in this project. 

STRUCTURAL STEEL 

Structural steel is a common material used in a variety of areas in bridge construction.  In 
more modern construction design, structural steel girders and supports are frequently used to 
support the underside of bridge decks.  In addition, steel is used to provide connections between 
steel and concrete. 

Thermal Properties 
The distribution of temperature within a material at elevated temperature is governed by 

its thermal properties.  The most important thermal properties of steel are thermal conductivity 
and specific heat.  The temperature rise of materials is also dependent on the steel density.  
Carbon steel is typically 7840 kg/m3 or 490 lbs/ft3.  In fires, radiation is a dominate mode of heat 
transfer.  Therefore, the surface radiation properties of steel are important and need to be 
included in thermal analysis.  The emissivity of steel as a function of temperature is discussed in 
the following sections.  The temperature dependent properties for thermal conductivity and 
specific heat are also provided in the following sections. 

Thermal Conductivity 

Thermal conductivity data of carbon steel is provided in Figure 37 from various sources.  
The thermal conductivity of carbon steel at room temperature is 53W/m-K which decreases with 
the increase of temperature up to 800°C.  The thermal conductivity correlations in ASCE and the 
Eurocode are also shown in Figure 37.  As seen in the figure, the Eurocode correlation provides a 
slightly better representation of the data compared to the ASCE correlation. 
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Figure 37  Comparison of thermal conductivity of various grades of steel with ASCE and 
Eurocode data taken from Toloukian et al, (1973). 

 

Specific Heat Capacity 

Specific heat capacity data for carbon steel from various sources is provided in Figure 38 
along with results from ASCE and Eurocode correlations.  As seen in the figure, between 600 
and 800oC the specific heat capacity increases due to a phase change in the material.  The ASCE 
correlation results are much higher compared with the presented data as well as the Eurocode.  In 
general, the Eurocode correlation provides a better representation of the data. 
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Figure 38  Comparison of specific heat data for various grades of steel with ASCE and Eurocode 
(Toloukian et al. 1973). 

 

Emissivity 

Data on the emissivity of steel at a range of temperatures is provided in Figure 39.  The 
emissivity value of oxidized steel as a function of temperature has been found by Fishenden and 
Saunders.  Gilchrist reported that the emissivity of oxidized steel decreases from 0.95 at room 
temperature to 0.85 at 500°C.  On the other hand, Wade found that the emissivity of steel 
increased from 0.84 at 316°C to 0.94 at 650°C, followed by a decrease to 0.89 at 816°C.  
Dawshave found that the emissivity values of steel decreases from 0.9 at 740°C to 0.76 at 840°C.  
Lankford et al. found that the emissivity value of dull oxidized steel remains constant at 0.96 for 
temperatures between 26 and 355°C.  For fire modeling in this project, an average emissivity 
value of 0.9 will be used at all temperatures.  
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Figure 39  Emissivity of steel as a function of temperature (Kay et al., 1996). 

 

Mechanical Properties 

Static Properties 

Both the yield strength and modulus of elasticity decrease with an increase in 
temperature.  As the temperature increases, the nucleus of the iron atoms move apart, thereby 
decreasing the bond strength.  As a result, the yield strength and modulus of elasticity decrease.  
Data in the literature that measured the modulus of elasticity at high temperatures is shown in 
Figure 40.  Data showing the reduction in yield strength from various literature sources is shown 
in Figure 41, along with the correlations proposed by the Eurocode.  From the figures, the yield 
strength and modulus of elasticity monotonically decrease as the temperature increases from 
200oC to 800oC.  It is also important to note that strength properties above 800oC are not zero.  
Instead, properties reach a plateau of approximately 5% of the room temperature value.  From 
Figure 41, it is seen that the reduction factors for steel obtained from literature data is within the 
bound defined by the reduction factor of proportional strength (EC3 Sp) and yield strength (EC3 
Sy) correlations proposed by the Eurocode.  Based on this result, the correlations proposed by the 
Eurocode provide the best representation of the data. 
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Figure 40  Variation of the modulus of elasticity (E) as a function of temperature (NIST). 

 

 
Figure 41  Yield strength reduction factor as a function of temperature (NIST). 
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Figure 42 through Figure 45  shows a comparison of the stress-strain behavior of three 
different structural steels at elevated temperature with the Eurocode EN 1993-1-2 and ASCE 
models.  The data is from Harmathy and Stanzak (1970) and Kirby and Preston (1988) for 
common structural steels.  At room temperature, the three steels exhibit elastic-plastic behavior 
followed by strain hardening. However at elevated temperatures, the yield plateau disappears and 
the curves have a round-house shape.  The Eurocode predictions better represent the measured 
data for BS Grade 43A and ASTM A36 steels over the range of temperatures, particularly at 
lower strains.  All correlations under-predict the results for the BS Grade 50B steel.   

 

Figure 42  Stress-strain curves for structural steels at 20°C. 
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Figure 43  Stress-strain curves for structural steels at 200°C. 

 
Figure 44  Stress-strain curves for structural steels at 600°C. 
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Figure 45  Stress-strain curves for structural steels at 800°C. 

 

Poisson’s Ratio 

Only a few investigations have measured the change in Poisson’s ratio as a function of 
temperature.  Dever (1972) and Frederick (cited in Clark, 1953) found that Poisson’s ratio 
increases with increasing temperature.  Based on their data, NIST (Luecke et al. 2005) developed 
a correlation to determine Poisson’s ratio at elevated temperature.  The correlation along with the 
data from Dever and Frederick is shown in Figure 46. 
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Figure 46  Variation of Poisson’s ratio as a function of temperature (NIST). 

 

Creep Properties 

Limited measurements of creep have been made on structural steel.  Creep in steel 
becomes a significant factor when temperatures exceed about one-third of the melting point, 
which for carbon steel is about 1500oC (Harmathy 1988, Kodur 2009).  This indicates that creep 
in steel will start to become significant when the material temperature reach approximately 
450oC.  Predictions from the creep models are provided in Figure 47 and Figure 48 for constant 
load and varying load conditions, respectively.  Although most investigators used constant stress 
tests to develop creep model parameters, some investigators have found that time varying loads 
affect creep. 

Creep occurs in three different stages, primary, secondary and tertiary.  In practice, 
primary and secondary creep are the two stages that have the most affect on structural response.  
As temperature is increased, the creep strain increases more rapidly with time.  Dorn (1955) 
proposed a temperature-compensated time based creep model to collapse the different creep 
curves into a single master curve.  This type of approach has been adopted for predicting creep in 
steel during fire exposures (Harmathy, 1988).  Kodur (2009) implemented a different model into 
ANSYS.  NIST used a model based on the work of Fields and Fields (1988).  A comparison of 
the models is provided in Figure 48. 
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Figure 47  Creep versus time models for constant load conditions. 

 

 
Figure 48  Creep versus time models for varying load conditions. 
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Residual Steel Properties after Fire 

Assuming a structure does not collapse in a fire event, the residual properties of steel 
must be understood to evaluate the post-fire safety of the structure.  It is possible for steel to 
sustain damage in the fire event that will alter its residual properties.  The extent of damage 
depends on the intensity and duration of the fire, the geometry of the structure, the type of 
material, and the type of load on the members.  The best way to assess structural integrity after a 
fire is to measure the material properties.  However this requires destructive testing that may not 
be practical.  In spite of its importance, little research work has been done on the residual 
properties of steel after fire.  Yamada et al, (1976) found that at temperatures greater than 250°C, 
steel loses its mechanical properties but the ductility of steel increases.  Atienza and Elices 
(2009) have investigated the effect of natural fire on the steel.  They found that if the steel 
temperature was less than 300°C there is no significant change in mechanical properties.  On the 
other hand, if the temperature exceeded 300°C, there is a significant change in both the yield and 
tensile strength.  Outinen (2007) investigated the mechanical properties of structural steel S355, 
S350GD+Z.  They found that after exposure to high temperature, the yield strength is still close 
to the nominal yield strength.  Therefore, BS 5950 recommends re-use of steel as long as the 
distortion is within tolerable limits.  BS 5950 also recommends that 90% of the nominal yield 
strength should be used for post-fire structural evaluation. 

 

Figure 49  Residual stress-strain curves for structural steel after exposure to elevated 
temperature (Outinen, 2007). 
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Hardness  

Hardness is commonly used as a non-destructive laboratory and field technique to 
measure material tensile strength.  Kelly, et al.(1999) examined the hardness of conventional and 
fire resistant steel.  Results from this study are shown in Figure 50.  The hardness decreases with 
ageing temperature until 400°C.  At higher ageing temperatures the hardness is relatively 
constant.  However there is a sharp spike in hardness for the fire resistant steel in the temperature 
range of 600 to 700°C.  Felicetti, et al.(2009) have investigated the residual behavior such as 
tensile strength and the stress-strain relationship of quenched and self-tempered (QST) steel, 
stainless steel, and carbon steel following thermal cycles in the temperature range of 200-800°C.  

 

Figure 50  Residual Vickers hardness as a function of ageing temperature (Kelly et al., 1999). 

 

BOLTED AND RIVETED CONNECTIONS 

Bolted splices and connections are a critical part of most bridge structures.  Similar to the 
base materials, connection strength also deteriorates with an increase in temperature.  As a result, 
knowledge of connection response at elevated temperatures is needed to evaluate structural 
strength at high temperatures.  Connections may be the "weak link" in bridges at high 
temperatures.  Few studies in the literature have measured the mechanical behavior of bolts at 
elevated temperatures or the post-fire strength following a fire exposure.  An overview is 
provided on the strength of bolts shear loading, the tensile properties of bolts, and the post-fire 
exposure hardness. 
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Shear Capacity 
The behavior of bolts during and after fire is mostly dependent on their manufacturing 

processes. Kirby (1995) examined the properties of high strength Grade 8.8 bolts at high 
temperature.  In these experiments, the bolts were heated for sufficient time to reach a constant 
through thickness temperature prior to testing.  Yu (2006) also examined the high temperature 
properties of A325 and A490 high strength bolts.  The test results are shown in Figure 51.  The 
results show that there is little decrease in strength at temperatures below 300°C.  Above 300°C, 
the bolt shear capacity decreases rapidly with increasing temperature.  A lower bound plateau is 
reached at temperatures above 700°C where the bolts only have about 10% of their shear 
capacity at ambient temperature. 
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Figure 51  Capacity of high strength bolts in double shear at elevated temperature. 

 
 Cross-sections of the failure of A325 high strength bolts at different temperatures are 
given in Figure 2. At 300°C, the failure surface is blue in color which is due to the oxidation of 
steel. As seen in Figure 1, the 300°C temperature is the temperature where the bolt begins to lose 
shear capacity.  As the temperature is increased, the steel becomes more ductile as evident by the 
rough abrasion marks on the failure section. 



57 
 

 
 

Figure 52  Failure surface of A325 bolts for failures at different temperatures. (Yu, 2006) 

 

Tensile Capacity 
The tensile capacity of Grade 8.8 bolts at elevated temperatures is shown in Figure 53 

(Kirby, 1995).  Similar to shear capacity, there is only a slight change in tensile capacity for bolts 
tested below 300°C.  Between 300°C and 700°C the bolt strength decreases markedly to a value 
that is approximately 10% of the room temperature strength.  Above 700oC, the tensile strength 
remains at this low residual value.  Under tension loading, the bolts were observed to fail either 
by ductile necking or thread stripping, depending on the properties of the nuts.  Failure profiles 
for the bolts that failed by ductile necking is shown in Figure 54. 
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Figure 53  Tension capacity of Grade 8.8 bolts at elevated temperature. 

 

 
Figure 54  Ductile necking failures of Grade 8.8 bolts under tension at high temperatures.  

(Kirby, 1995) 
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Hardness 
The hardness of Grade 8.8 bolts was measured by Kirby (1995) to quantify the post-fire 

bolt properties after air cooling back to room temperature.  The bolts were cut through the shank 
and Vickers hardness measurements were traversed across the bolt diameter.  The average results 
from the tests are shown in Figure 55.  No change in hardness was measured following heating to 
temperatures less than 500°C.  Bolts heated to temperatures greater than 500oC show a decrease 
in hardness reaching a 50% reduction at 900oC.  The hardness decrease was attributed to the 
formation and continued growth of carbides.  Kirby concluded that as long as the bolt is not 
subjected to temperatures greater than the heat treatment temperature, there will be no change in 
the properties.  Since the tempering temperature is not usually known in fire evaluation, Kirby 
(1995) and Yu (2006) have proposed a method to determine the bolt tempering temperature 
based on hardness. 
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Figure 55  Post-fire hardness of Grade 8.8 bolts after heating to the indicated temperature. 

 

Residual Shear Capacity 
Yu (2006) examined the residual capacity of A325 and A490 bolts loaded in double 

shear.  In this study, the bolts were tested to failure using a double shear test fixture at elevated 
temperature.  The failed bolts were then allowed to cool to room temperature in air.  After 
cooling, the remaining undamaged portion of the bolt was tested in shear determine the residual 
shear capacity.  Figure 56 shows both the high temperature and residual shear capacities of the 
bolts.  These data indicate that no change in residual shear capacity is expected for bolts heated 
to below 400°C.  Bolts heated above 400°C show a decrease in residual capacity that drops to 
about 60% of the unheated bolt value.  The rate of decrease depends on bolt type.  Comparing 
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the high temperature capacity to the residual capacity shows that a significant amount of bolt 
strength recovers after cooling back to room temperature.  
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Figure 56  Change in post-heating shear capacity for A325 and A490 bolts. 

 

Connection Strength 
A series of experiments were performed by Yu (2006) to quantify the capacity of simple 

bolted connections.  The dimensions for the tested connections are provided in Figure 57 along 
with the failure path.  The capacity of these connections is shown in Figure 58.  It was observed 
that the connection capacity for both single and two-bolt connections remain unchanged at 
temperatures below 400°C.  However, above 400°C the connection capacity decreases to about 
10% of the room temperature capacity at 800oC.   

 

  
(a) Single plate connection  (b) Two plate connection  

Figure 57  Connection details and the resulting tear-out failure paths (Yu, 2006) 
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Figure 58  Capacity of connections at different temperatures. 
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Figure 59  The failure of single bolt connections at the following temperatures: a) 25oC; b) 
100oC; c) 200oC; d) 300oC;        e) 400oC; f) 500oC; g) 600oC; and h) 700oC. (Yu, 2006). 

Figure 59 shows that the failure mode of the connections changes as a function of 
temperature.  Below 600°C, the connections fail by tear-out of the base plate.  Above 600°C the 
connections fail by bolt shear.  This shows that the bolt shear capacity decreases at a higher rate 
compared to the base plate tear-out capacity at higher temperatures.  The failure mode cannot be 
predicted for all connections from these tests.  Differences in plate thickness, material strength, 
and bolt patterns may fail in different modes. 

Many factors need to be considered when evaluating the importance of connections in the 
failure process.  The purpose and location of the connections needs to be considered.  Many 
connections may not seriously compromise the bridge system strength if they fail.  Girder splices 
are usually significantly overdesigned for loads on the structure and may have significant reserve 
capacity at high temperatures  Secondary members, such as cross frames in shorter span bridges, 
are not counted on to carry loads in the structural system.  The importance of connections 
increases for longer span and more complicated structural types.  For horizontally curved 
bridges, cross frames are primary members required for performance of the structural system.  
Connections in trusses and other bridge types may not have the inherent reserve capacity present 
in girder splices. 

Connections must also be evaluated based on serviceability.  All important bridge 
connections utilize slip-critical bolt installations to protect against fatigue and load reversal under 
live load in service.  Bolted connections are designed based on bearing capacity at the ultimate 
strength limit state and the slip capacity at the service limit state.  The slip capacity of bolts 
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depends on their installation at pretension force approaching the yield strength.  High 
temperature exposure can lead to stress relaxation in the bolts and reduce the post-fire clamping 
pressure.  In addition, slip critical primer coatings are often placed on the faying surfaces of the 
connection.  These coatings may be damaged at high temperatures thereby reducing the slip 
coefficient for the connection.  Reduction of slip critical capacity will not impair the ultimate 
strength of a structure.  But all connections subjected to heating in bridges must be evaluated for 
serviceability if the bridge is to be re-opened to traffic. 

 

BRIDGE CABLES 

Cable-stayed and suspension bridges utilize large diameter cables as a major structural 
component.  The cables are made by bundling a cluster of individual steel wires.  These cables 
are susceptible to fire exposure in locations near possible fire sources, such as the bridge deck.  
The bundled construction of these cables is a challenge for performing thermal and structural 
analysis.  Internal void spaces exist that are often filled with grease to provide corrosion 
protection.  The size of the voids varies depending on the cross section of the wires (round versus 
hexagonal).  The voids make it difficult to apply continuum mechanics for thermal and structural 
analysis.  There is only a limited amount of information in the literature related to analysis of 
bridge cables under thermal loads. 

One approach is to construct a lumped-mass model with equivalent thermal properties to 
form a continuum.  Bennets and Moinuddin (2009) utilized this technique to perform a thermal 
analysis of parallel wire cable geometry.  In this approach, convection and radiation are assumed 
to be the heat transfer mechanisms between wires.  The contact between strands is assumed to be 
small, therefore conduction is neglected.  The thermal analysis results were used in combination 
with a high temperature material model for the wires to predict the time until failure at various 
temperatures. 

Main and Luecke (2010) developed a more robust model to determine the effect of both 
low and high temperatures on parallel wire cables.  They utilized a solid element continuum 
model of the entire bundle with anisotropic thermal properties in the radial and axially direction.  
Properties in the radial direction are determined using the analytical method presented by Perrin 
for bundles of cylinders.  The axial properties were determined from tensile testing of zinc 
coated steel wire used in the World Trade Center.  These wires are similar to those used in bridge 
cables.  The effects of thermal loading coupled with probabilistic data on the cracking rate of 
individual wires within the bundle were used to predict time-to-failure for several thermal 
scenarios.  A six meter cable length was modeled to represent a typical distance between 
circumferential clamps used for vertical suspender attachments.  Under high temperature 
exposure, cable failure is predicted as a function of exposure type and duration.  Total surface 
exposure at 800ºC resulted in cable failure after 35 min.  Reducing the exposed area to a one 
meter band increased time to failure to 1.2 hours.  Limiting the exposure to half of the 
circumference over the one meter band further increased the time to failure to 3.4 hours. 
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These studies present two rational methods for modeling the behavior of parallel stranded 
bundled cables when subjected to elevated temperatures.  Additional research is required to 
verify the methods through testing.  The fire simulation modeling performed in the present study 
will be useful to determine the heat exposure for cables depending on the stand-off distance from 
the fire.  Many cables have combustible sheathing and corrosion protection media that may 
increase the heat exposure if ignited.  This factor needs to be considered when determining the 
exposure condition for a given fire event.  
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ALUMINUM ALLOYS 

Aluminum is not common as a primary structural material for bridges but it is often used 
for sign structures, luminaries, and some crash barriers.  The focus of the aluminum alloy 
properties will be on 5000 and 6000 series alloys since these are the most common structural 
alloys for exterior applications.  Thermal and mechanical property data at elevated temperatures 
are provided as well as comparison of with correlations provided in the Eurocode.  

Thermal Properties 

The thermal property data for these alloys is presented in Figure 60 and Figure 61.  As 
seen in Figure 60, the thermal conductivity of different aluminum alloys is significantly different 
due to the alloy content.  Proposed correlations in the Eurocode for the entire class of 5000 and 
6000 series aluminum have the same trend but are 15-30% higher than the data provided.  
Specific heat capacity of the aluminum alloys shown in Figure 61 is the same for both types of 
alloys. 

 

Figure 60  Thermal conductivity of aluminum alloys 5083-H116 and 6082-T651 compared to 
thermal conductivity data published in the Eurocode standard BSI (2009) 
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Figure 61  Specific heat capacity of aluminum alloys 5083-H116 and 6082-T651 compared to 

the model published in the Eurocode standard BSI (2009). 

The thermal expansion of the 5000 and 6000 series aluminum alloys as a function of 
temperature is provided in Figure 62.  The 6000 series alloy has 10% less expansion than the 
5000 series; however, the rate of expansion is similar at temperatures greater than 150oC.  
Thermal expansion for the 5000 series is not sensitive to heating rate.  The relationship provided 
in the Eurocode for the thermal expansion is in good agreement with the 5000 series alloy but 
somewhat higher than the 6000 series. 
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Figure 62  Thermal expansion of aluminum alloys 5083-H116 and 6082-T651 compared to data 
published in the Eurocode standard BSI (2009) 

Mechanical Properties 
The static mechanical properties of aluminum alloys at elevated temperatures are 

presented in Figure 63 through Figure 65.  The elastic modulus as a function of temperature for 
the 6000 series alloy is seen in Figure 63 to be greater than the 5000 series alloy.  The Eurocode 
recommended modulus is between the data of the two alloy series.  The elevated temperature 
0.2%-offset proof stress, normalized by the room temperature value, is shown in Figure 64 and 
Figure 65 for the 5000 series and 6000 series alloys, respectively.  There is significant scatter in 
the data for different 5000 series alloy treatments with a 50% reduction in properties occurring 
between 200-300oC.  The various 6000 series alloy treatments had similar proof stress values at 
elevated temperature with 50% reduction occurring at 250-300oC. 
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Figure 63  Elastic modulus of aluminum alloys 5083-H116 and 6082-T651 (Langhelle,1996) 

compared to data published in the Eurocode standard BSI (2009). 

 
Figure 64  0.2% offset proof stress normalized to the room-temperature proof stress for 5000 

Series alloys compared to data published in the Eurocode standard BSI (2009). 
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Figure 65  0.2% offset proof stress normalized to the room-temperature proof stress for 6000 

Series alloys (Langhelle,1996) compared to data published in the Eurocode standard BSI (2009). 

Representative stress strain curve for the 5000 and 6000 series alloys are shown in Figure 
66 and Figure 67.  At room temperature, the curves look similar with a well defined elastic 
region and plastic region.  Increasing the temperature causes the curves for the 5000 series 
material to be more rounded with a less well defined plastic region.  The elastic-plastic curve 
shape for the 6000 series alloys remains for all temperatures. 
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Figure 66  Stress-strain relationships for 5083-H116 aluminum at elevated temperatures. 

 
Figure 67  Stress-strain relationships for 6082-T651 aluminum at elevated temperatures. 
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Creep for aluminum alloys will begin to be significant when temperature are 
approximately one-third the melting temperature, similar to that for steel.  Aluminum alloys will 
melt at approximately 600oC making the creep to be important at around 200oC.  Creep data for 
5000 series aluminum alloy is provided in Figure 68.  Creep behavior includes primary and 
secondary creep at lower temperatures while at elevated temperatures tertiary creep also occurs.    

 
Figure 68  Creep strain for 5083-H116 aluminum held at a constant temperature of 350°C. 

FIBER REINFORCED PLASTIC (FRP) COMPOSITES 

FRP materials are not common in highway bridges but they have been used for a number 
of projects.  The lightweight and corrosion resistive properties have advantages for life-cycle 
performance of structures but FRP also has a relatively high initial cost.  The most common 
superstructure use has been in bridge decks but there are several structures using FRP beams.  
Another use has been column wrapping and pier reinforcement, mostly as a retrofit to upgrade 
seismic resistance.  A significant amount of data exists for fiber reinforced vinyl ester.  The 
majority of the data has been developed for E-glass fiber reinforcement with some limited data 
on carbon fiber reinforcement.  Data also is presented on balsa wood, which is a core material 
frequently used in sandwich composite construction. 

E-Glass Vinyl Ester Composite 
Thermal and mechanical properties for E-glass vinyl ester composite are provided in 

Figure 69 through Figure 72.  The fiber used was Colan AR105 0.83kg/m2 woven roving plain 
weave E-glass fibers.  The resin system used was Derakane 411-350 vinyl ester.  The composites 
were fabricated using the vacuum assisted resin transfer molding (VARTM) technique.  The 
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thermal property data for the composite is presented in Figure 69 through Figure 71.  The 
mechanical properties of the composite are presented in Figure 72 and Figure 73.  As seen in 
Figure 73, the stress-strain curves for the composite material are elastic until temperatures 
approach the 120 °C glass transition temperature where behavior becomes elastic-plastic.  

The glass vinyl ester composite decomposes when exposed to elevated temperatures.  
Therefore, the virgin and decomposed thermal properties (i.e. thermal conductivity and specific 
heat capacity) of the material must be measured.  These measured properties may then be used in 
conjunction with the rule of mixtures and decomposed state of the material to determine the bulk 
thermal properties.  The decomposed state of the material is determined using an nth order 
Arrhenius kinetics equation 
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where the subscripts v and d represent the virgin and decomposed properties, respectively.  The 
mechanical property degradation with temperature is represented using a hyperbolic tangent 
relationship: 
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where F is the instantaneous mass fraction and is a progress variable which tracks the relative 
decomposed state of the material.  The relationships for calculating the thermal and mechanical 
properties are listed in Table 6 in addition to the constants needed for use of Equations 1 and 2. 
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Table 6  Material properties for E-glass vinyl ester composite. 

Property Symbol Value Source 
Elastic modulus E(0) (GPa) 25.3  

 
Feih (2010) 

E(R) (GPa) 7.9 
Φ (--) 0.054 
Tk (°C) 112 
β (--) 3 

Compressive strength σc(0) (MPa) 435  
Feih et al. 

(2007) 
σc(R) (MPa) 9 
Φ (--) 0.026 
Tk (°C) 88 
β (--) 3 

Virgin conductivity kv (W/m-C) (4.405x10-5)T + 0.312 Lattimer et 
al. (2009) 

 
Decomposed conductivity kd (W/m-C) (2.83x10-4)T + 0.0949 
Virgin specific heat Cv (J/kg-C) 0.0452T  + 1080 
Decomposed specific heat Cd (J/kg-C) 0.259T + 1041 
Specific heat of gas Cg (J/kg-K) (-1.7297x10-3)T2 + 4.4007T - 91.151 
In-plane thermal expansion α (m/m-C) (-9.4x10-9)T + 11.02x10-6      T<350°C 

(-3.094x10-7)T + 1.16x10-4    T<375°C 
0 

TMA 

Pre-exponential factor A (Hz) 1015 STA 
Activation energy Ea (J/mol) 21.65x104 STA 
Order of reaction  n (--) 0.9 STA 
Heat of reaction Q (kJ/kg) -870 STA 
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Figure 69  Virgin and decomposed thermal conductivity of E-glass vinyl ester (Lattimer et al., 
2009). 

 

Figure 70  Virgin, decomposed, and evolved pyrolysis gas specific heat capacity of E-glass vinyl 
ester composite (Lattimer et al.,2009). 
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Figure 71  In-plane thermal expansion of E-glass vinyl ester composite. 

 

 
Figure 72  Elastic modulus and compressive strength of E-glass vinyl ester composite (Feih 

2010, Feih et al. 2007). 
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Figure 73  Stress-strain relationships for E-glass vinyl ester composite laminates from room 

temperature through 135°C. 

 
 

Carbon Vinyl Ester Composite 
Properties for carbon vinyl ester composite are provided in Figure 74 and Figure 75.  The 

fiber used was woven roving plain weave carbon fibers and the resin system used was Derakane 
510A vinyl ester.  The composites were fabricated using the vacuum assisted resin transfer 
molding (VARTM) technique.  The relationships for calculating the thermal properties are listed 
in Table 7. 

 
Table 7  Material properties for carbon vinyl ester composite (Lattimer et al.,2009). 

Property Symbol Value 
Virgin conductivity kv (W/m-C) (-7.19x10-6)T + 0.388 
Decomposed conductivity kd (W/m-C) (2.33x10-4)T + 0.132 
Virgin specific heat Cv (J/kg-C) 0.244T  + 967 
Decomposed specific heat Cd (J/kg-C) 0.676T + 1147 
Specific heat of gas Cg (J/kg-K) (-1.7297x10-3)T2 + 4.4007T - 91.151 
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Figure 74  Virgin and decomposed thermal conductivity of carbon vinyl ester (Lattimer et al., 

2009). 

 
Figure 75  Virgin, decomposed, and evolved pyrolysis gas specific heat capacity of carbon vinyl 

ester composite (Lattimer et al.,2009). 
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Balsa Wood Core 
Balsa wood is frequently used as a core material in sandwich composite systems.  The 

balsa wood data presented herein is for Baltek D100.  The thermal property data for the balsa 
wood is presented in Figure 76 and Figure 77.  The relationships for calculating the thermal 
properties are listed in Table 8 in addition to the constants needed for use of Equations 1 and 2. 

 
Table 8  Material properties for balsa wood (Goodrich et.al. 2010). 

Property Symbol Value 
Virgin conductivity kv (W/m-C) (9.211x10-8)T2.503 + 0.06 
Decomposed conductivity kd (W/m-C) (2.223x10-6)T1.89 + 0.008 
Virgin specific heat Cv (J/kg-C) 0.68T  + 1420 
Decomposed specific heat Cd (J/kg-C) 1.33T + 3194 
Specific heat of gas Cg (J/kg-K) (-1.60x10-3)T2 + 5.4037T + 299.8 
Pre-exponential factor A (Hz) 88.2 

Activation energy Ea (J/mol) 5.77x104 

Order of reaction n (--) 1.0 
Heat of reaction Q (kJ/kg) -500 

 

 
Figure 76  Virgin and decomposed thermal conductivity of balsa wood (Goodrich et.al. 2010). 
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Figure 77  Virgin, decomposed, and pyrolysis gas specific heat capacity of balsa wood 

(Goodrich et.al. 2010). 

 

TIMBER 

The thermal property data for white pine is presented in Figure 78 and Figure 79.  The 
mechanical properties of white pine are presented in Figure 80 and Figure 81.  The mechanical 
properties are presented in terms of both moist and dry wood samples. 
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Figure 78  Thermal conductivity of dry and charred (decomposed) wood (Fredlund 1993). 

 

 
Figure 79  Dry, charred (decomposed), and gas specific heat capacity of wood (Fredlund 1993). 
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Figure 80  Relative elastic modulus of wood in compression parallel to the grain with 

approximately 12% moisture content at ambient conditions.  Value for the elastic modulus 
ranged between 4.5 and 7.5GPa (Young and Clancy 2001) 
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Figure 81  Compression strength of wood relative to the strength of a split sample with 

approximately 12% moisture content at ambient conditions.  Value for the compressive strength 
ranged between 18 and 33MPa (Young and Clancy 2001) 
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APPENDIX F - FIRE STATISTICS AND RISK 
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BRIDGE FIRE STATISTICS AND RISK 

Quantifying the risk fire poses to bridges necessitates a determination of the number of 
bridges exposed to fires.  Generating this number requires the inspection of various resources 
whose main purpose is the documentation of related statistics.  Fire related statistics are 
compiled and analyzed by groups concerned mostly with fire prevention and safety.  Federal 
statistics concerning motor vehicle safety offer another resource.  Parsing the general fire and 
motor vehicle accident statistics was used to determine the extent of the risk posed to bridges 
from fire. 

BRIDGE COLLAPSE STATISTICS 

The NYDOT has created a database documenting 1746 cases of bridge collapse that have 
occurred in the U.S.  This was created through a combination of surveys and reviewing 
information from the media.  Figure 1 shows that the majority of reported collapses occurred 
from 1960 to the present. 

 

Figure 1  NY State database summary showing the year of collapse events 

The data represented many forms of construction but most of the bridges were built from 
concrete, steel, and timber.  The cause of failure was reported in all but 1 of the incidents as 
shown in Figure 2. 

Year (5 Year Bins)

1920 1940 1960 1980 2000

N
um

be
r o

f C
ol

la
ps

es

0

50

100

150

200

250



4 
 

 

Figure 2  NY State database summary showing the cause of collapse. 

The most prevalent cause of collapse (1006) was hydraulic phenomena such as scour, 
debris flow and flooding.  Collisions (228) and Overloading (220) caused the next largest share 
of collapses.  Deterioration (67) and Miscellaneous (56) incidents were the third most common 
cause.  These categories include a wide range of causes such as failure of components (cables, 
anchors, piles, abutments, etc.) as well as other odd occurrences like a mine collapse and blasting 
accident.  Collapses due to Fire (50) exceeded several causes that are of typical concern, such as 
earthquakes and nature.  Most of the collapse events due to fire occurred on relatively small rural 
location bridges, many that were timber bridges exposed to wild fire events.  There have also 
been several fires exposing bridges in urban areas where complete bridge collapse occurred, 
resulting in significant loss-of-service issues. 

The number of injuries and deaths occurring for each collapse event is one potential 
measure to assess the human risk posed by each type of event.  Fatalities and injuries were 
reported in 420 and 409 of the overall collapse events, respectively.  The number of incidents 
involving deaths and injuries is not proportional to the number of incidents as shown in Figure 3.  
For example, only 13 collapse events occurred during construction but this clearly caused the 
highest number of fatalities per event.  More than half of the collapse events during construction 
resulted death or injury.  Fire shows the next highest ratio of deaths per event (12 out of 100), 
closely followed by collisions.  This portrays a somewhat biased comparison since virtually all 
of the deaths and injuries occurred from the causative events (such as collisions) for the fire, not 
from the bridge collapse itself.  Therefore, the number of fatalities per event is not a good 
indicator of risk for fire events in bridges. 
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Figure 3  NY State database:  Number of casualties per 100 collapse events. 

 
The cause of fire is not well documented in the database.  Table 1 shows that collision led 

the number of documented causes, closely followed closely by arson.  This again is misleading 
because the two causes are not expected to occur on the same types of bridges.  Arson typically 
occurs on remote timber structures that serve as their own fuel source while collisions are more 
likely to occur on more heavily traveled roadways.   

Table 1  NY State database: Causes of fire events. 

Cause Count Percent 
Unknown 38 76% 
Arson 4 8% 
Collision 5 10% 
Explosion 2 4% 
Natural 1 2% 

 

The NY State database does offer other statistics that can inform the risk posed to 
bridges.  The database contains 50 incidents of a bridge failure due to a fire.  Of the thirty-five 
that report a collapse outcome, 23 or 65% report a total collapse as indicated in Table 2.  Partial 
collapses account for 12 or 34% of those reporting.  A better comparison can be made for major 
highway bridges by excluding timber bridges.  There are 27 non-timber incidents and in this case 
15 (60% of reporting) reported a total collapse and 10 (40% of reporting) reported a partial 
collapse.   
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  Partial and total collapse relates to whether the bridge was partially or totally 
incapacitated for service after the fire.  Review of other known data shows that most of the 
bridges listed as total collapse did not actually collapse during the fire event.  However, they 
were not reopened for service and were subsequently replaced.  From reviewing other sources, 
only the Macarthur Maze Bridge in California and the Nine-Mile road bridge in Michigan, both 
steel bridges with concrete decks, actually collapsed during the fire event.  Others such as I-78 in 
New Jersey and I-95 in Bridgeport, Connecticut were known to have large vertical sagging after 
the fire event.  For the purpose of risk analysis, it will be assumed that the 15 non-timber bridges 
coded as total-collapse were unable to be restored to full or partial service after the collapse 
event.  Although it needs to be verified further, it is assumed that partial-collapse indicates the 
bridges were capable of some level of partial serviceability after the collapse. 

Table 2  NY State database:  Number and extent of bridge collapses resulting from fire. 

Result Total Non-Timber 

Partial Collapse 12 10 

Total Collapse 23 15 
Unknown 15 2 

 

VEHICLE FIRE STATISTICS 

The National Fire Protection Association (NFPA) compiled statistics which state that an 
average of 287,000 vehicle fires occur per year (Aherns 2008).  Motor vehicles such as cars and 
trucks account for 93% of these fires.  Water born vessels accounted for 1% of fires and rail fires 
were about 0.45% of the fires.  Other vehicles fires, such as farm and industrial implements, 
account for the remainder.  In general, motor vehicles represent the largest fire risk on the 
highway system.   

VEHICLE CRASH STATISTICS 

Overall vehicle crash statistics can be found from databases maintained by several federal 
agencies.  Crash events are one cause of vehicle fires and are a major cause of large vehicle fires.  
None of these databases directly report information that can help isolate the number of crash 
events involving fire. 
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Figure 4  GES data:  Yearly crash counts from 1988 through 2008. 

The two most useful databases are the National Highway Traffic Safety Administrations 
(NHTSA) Fatal Accident Reporting Service Encyclopedia (FARS) and the National Automotive 
Sampling System General Estimates System (NASS GES).  The FARS database documents all 
fatal motor vehicle crashes that occur in the United States.  The GES database is compiled from a 
sample subset of detailed vehicle crash police reports in the United States. Statistical weighting 
is then used to create nationwide projections from the trends of the yearly compilation. Other 
sources of statistics such as the Federal Motor Carriers Safety Administration (FMCSA) rely on 
this data for their statistics (Blower and Campbell 2005) 

Figure 4 shows that the overall crash trends from the GES database.  On average, there 
are 6.3 million crash events per year involving 11.1 million vehicles.  The GES estimates that 
only about 16,000 of the crash events ( 0.01 percent) involved fires.  There is no indication about 
how many of the crash events occur on roadways versus bridges.  The NFPA estimates that of 
the average of 287,000 vehicle fires per year, 3 percent (8,600) result from collisions (Ahrens 
2008).  One encouraging trend is that after about 1996, there appears to be a steady reduction in 
the number of vehicle crashes.  This indicates that the risk of bridge fire from vehicle crashes is 
also probably decreasing with time. 

The GES reports that an average of 16,000 accidents per year involve collision with 
bridge elements.  This has an equal probability of occurrence as accidents involving fire.  One in 
five of these accidents occur on interstate highways with the remainder occurring on other 
highways, arterials and collectors.  There is no easy way to determine the number of crash events 
that involve both fire and collision with bridge elements from the GES data.   
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FATAL ACCIDENT REPORTING SERVICE (FARS) 

The National Highway Traffic Safety Administrations (NHTSA) Fatal Accident 
Reporting Service Encyclopedia (FARS) maintains a database of fatal crash statistics.  The 
database spanning the years 1994 to 2008 is available at http://www-
fars.nhtsa.dot.gov/Main/index.aspx.  Fifteen data fields are available for each investigation. 
Queries were crafted to report on fatal accidents where the initial collision, known as the ‘First 
Harmful Event’, occurred with a bridge component.  A second query was for vehicles that caught 
fire in the accident. Several other details of these incidents were filtered to generate the following 
data snapshots. 

Bridge Collision Details 
Table 3 shows the number of fatal collisions that occur each year.  The total number of 

bridge collisions are separated into those that did or did not result in fire.  In any given year, we 
can expect between 31 and 40vehicle collisions with bridge elements involving fire and a 
fatality.  This represents 10% of all the fatal bridge collision incidents as shown in Figure 5.  

This number of total incidents also reflects the typical number on a yearly basis. The 
average percentage of collisions resulting in a fire was 10.13% (+/- 0.84%) with a 95% 
confidence range of 9.40% - 11.08%.  

Table 3.  FARS Data: Bridge collisions by fire occurrence - statistical measures. 

 
Bridge 
Collisions 

No Fire 
Occurrence 

Fire 
Occurrence 

Accidents 5,209 4,672 536 

Average Per Year 347.3 311.5 35.7 

Standard Deviation 52.9 46.9 8.8 

Variance 2,794.1 2,201.6 76.8 

95% Confidence (+/-) 26.7 23.7 4.4 
 

 

http://www-fars.nhtsa.dot.gov/Main/index.aspx
http://www-fars.nhtsa.dot.gov/Main/index.aspx
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Figure 5  FARS data:  Percentage of fatal bridge collisions resulting in fire. 

 
Bridge collisions occur at different points and involve different elements of the bridge.  

All years in the database contain three reported fields concerning bridge components.  These 
impact points are the bridge rail, the bridge parapet end, and the bridge substructure components 
(piers and abutments).  Recent years have also included the bridge girders.  Because it was 
inconsistent across all the years this field was excluded from the analysis of impact location.  
Surprisingly, 10 of the vehicle collisions with bridge girders were reported to involve fire.  These 
excluded figures were reported only in the years 2008-2003 in Figure 6. 

 

Figure 6  FARS data:  Impact point for bridge collisions. 
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The substructure components were the initial impact point for a majority of the collisions 
that resulted in a vehicle fire.  This was consistent from year to year.  The average percentage of 
fires resulting from a pier or abutment impact was 52.13% with a 95% confidence range of 
55.86% - 48.40% or +/- 3.73%.  

Road Geography and Modalities 
The NHTSA divides portions of the transportation network into two location 

classifications, Rural and Urban.  Transportation elements are further divided along modality. 
Modes are broken down by traffic volume and access control.  Data in this section includes the 
10 additional fires resulting from vehicle collisions with bridge girders.  These figures were 
reported only in the years 2008-2003.  The road classification of both the road crossed by the 
bridge and the road carried by the bridge impact the traffic volume and speed.  This affects the 
risk of vehicular accidents.  Table 4 and Figure 7 show that rural roads are involved in a majority 
of the fatal bridge accidents that result in a fire.   

Table 4. FARS Data: Fatal bridge collision fires by roadway classification - statistical measures. 

 Rural Urban 

Average Per Year 62.88% 36.43% 

Standard Deviation 9.23% 9.11% 

Variance 0.85% 0.83% 

95% Confidence (+/-) 4.67% 4.61% 
 

 

Figure 7  Fatal bridge collision fires by roadway classification. 

In addition to the roadway classification, the risk of fire in a bridge collision is affected 
by the roadway mode.  Bridges on arterial roads, including interstates and expressways, are three 
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times more likely to be exposed to a vehicle fire as shown in Table 5 and Figure 8.  These 
statistics have similar yearly averages and confidence intervals to the roadway classification. 

Table 5. FARS Data: The percentage of fire in vehicle-bridge collision is dependent on the 
roadway mode - statistical measures. 

 Arterial Collector Road or Street 
Average Per Year 63.27% 21.59% 13.67% 
Standard Deviation 11.37% 9.39% 8.36% 
Variance 1.29% 0.88% 0.70% 
95% Confidence (+/-) 5.75% 4.75% 4.23% 

 

 
Figure 8  The likelihood of fire from bridge collisions increases for arterial roads. 

 
Arterial roads can be further sub-divided by access control.  Highway arterial roads have 

controlled access and include interstates.  Principal and minor arterials do not have controlled 
access but are in general only intersected by collectors.  Minor arterials are less busy than 
principal arterials (Table 6). 
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Table 6. FARS Data: Bridge collision fires by arterial road type - statistical measures. 

  Interstate Principal Minor 

Average Per Year 51.22% 32.03% 16.74% 

Standard Deviation 9.19% 8.22% 6.13% 

Variance 0.84% 0.68% 0.38% 

95% Confidence (+/-) 4.65% 4.16% 3.10% 
 

Vehicle Size  
Bridge loadings are usually divided into those loads cause by heavily load trucks and 

relatively small loads experience due to passenger vehicles.  Passenger vehicles and two axle 
trucks and vans make up the majority of bridge collisions that result in fire.  Due to inconsistency 
in the report style between years trucks are defined as vehicles weigh more than 26,000 lbs 
(2008-1999) or having 5 or more axles (1998-1994).  Another inconsistency between this section 
and previous sections was the inclusion of 10 fires resulting from vehicle collisions with bridge 
girders.  These figures were reported only in the years 2008-2003.  Note that this difference does 
not greatly alter the average number of fires per year.  Excluding those trucks it was 35.73 (+/- 
4.43) and inclusion results in 36.40 (+/- 4.17) (Figure 9 and Table 7). 

Table 7. Fars Data: Bridge collision fires by vehicle size - statistical measures. 

 Bridge Collisions with Fire Non-Trucks Trucks 
Accidents 546 464 82 
Average Per Year 36.4 30.9 5.5 
Standard Deviation 8.2 7.1 3.2 
Variance 68 50.4 10.3 
95% Confidence (+/-) 4.2 3.6 1.6 
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Figure 9  Bridge collision vehicle fires by vehicle size 1994-2008. 

 

Fire Severity 
The FARS database has coding fields for “First Harmful Event” and “Most Harmful 

Event”.  The “First Harmful Event” defines the nature of the initiating crash.  The “Most 
Harmful Event” may be the initial crash or the resulting fire.   Comparing the “Most Harmful 
Event” to the "First Harmful Event” gives an indication of fire severity.  If the fire was more 
harmful to the vehicle and its occupant than the collision with the bridge element then it can be 
considered a large fire.  Figure 10 shows that fire was the most harmful event in only 40 percent 
of the occurrences.  

Non-Trucks
Trucks

10

85%

15%



14 
 

 
Figure 10  Most harmful event following a vehicle collision with a bridge involving fire.  This 

shows that the collision was the most harmful event in 60% of the occurrences. 

In general 40% of bridge collisions result in a severe fire that is considered the most 
harmful event.  This can be further broken down by which element the vehicle impacted in the 
first harmful event.  Figure 11 shows that fire was the most harmful event in 47% of the 
accidents where the first harmful event was a collision with the bridge rail.  In 3% of the cases, 
the most harmful event was impact with other bridge elements.  This type of event includes roll-
overs where vehicles are deflected back into the roadway. 

 
Figure 11  FARS data: Most harmful event after a bridge rail collision. 
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Figure 12 shows that fire is the most harmful event in 64% of the accidents where the 

first harmful event was an abutment or pier collision.  Similarly, Figure 13 shows that fire is the 
most harmful event in 55% of the accidents where the first harmful event was a parapet end 
collision.  The trend among these three collision types is an indication of the severity of the 
initial collision. Impacts with piers, abutments, and parapet ends are expected to result in more 
vehicle damage.  This increases the probability of fuel spills that lead to fire events.  Abutment 
and pier collisions most likely occur head on as opposed to side swiping incidents on bridge 
rails.  Case study information in Chapter 2 shows that most injuries occur as a result of the initial 
collision or as a result of immediate post collision fire involving vehicles with trapped occupants.   

 

 
Figure 12  FARS data: Most harmful event after a pier or abutment collision. 
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Figure 13  FARS data: Most harmful event after a parapet end collision. 

 

Hazardous Cargo 

Figure 14 shows that only 2% of the fatal accidents involving bridge fire involve 
hazardous material.  This increases to 14.17% when only trucks are considered.  However, this 
number is unreliable because there is a large standard deviation in the data as shown in Table 8. 

Table 8. FARS Data: Bridge collision fires by cargo type-  statistical measures. 

 Non-Hazardous 
HazMat 

(% of Total) 
HazMat 

(% of Trucks) 
Average Per Year 97.90% 1.88% 14.17% 
Standard Deviation 2.33% 2.00% 16.07% 
Variance 0.05% 0.04% 2.58% 
95% Confidence (+/-) 1.18% 1.01% 8.13% 
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Figure 14  FARS data:  Fatal bridge collision fires involving hazardous cargo. 

 
The U.S. Department of Transportation Pipeline and Hazardous Materials Safety 

Administration (PHMSA) database contains additional information on accidents involving 
hazardous freight.  This data includes information from all accidents involving a hazardous 
material where the accident involved a fatality, injury, or the involved truck became disabled.  
Queries of this database were performed with the requirement that a fire occurred during the 
incident.  Incident descriptions were then checked to determine if any of these incidents occurred 
in proximity to a bridge.  The small number of hazardous material fires on or near bridges 
occurring each year as reported by this database was consistent with the FARS data.  Because of 
the low and varied numbers reported it is hard to confidently compare the PHMSA and FARS 
database results as shown in Table 9. 

 

Table 9. PHMSA Data: Hazardous Cargo Fires occurring on or near bridges. 

 FARS Count PHMSA Count 
Average Per Year 0.6 2.667 
Standard Deviation 0.632 2.387 
Variance 0.4 5.697 
95% Confidence (+/-) 0.32 1.35 
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NON-FATAL ACCIDENTS 

The data presented as recovered from the FARS database only represents a portion of the 
incidents that occur in the country each year.  The number of incidents threatening bridges with 
fire is therefore greater than the 36 per year that are indicated by the FARS database.  
Determining the ratio between fatal accidents and non-fatal accidents is difficult.  The FARS 
system provides a large amount of reliable data but other sources are less rigorous.  The brief 
look at incidents involving hazardous material would indicate that fatal accidents might represent 
only 20% of the total number of incidents each year but this is unreliable because of its narrow 
parameters. 

The National Automotive Sampling System-General Estimates System (GES) is 
maintained by the NHTSA and has been in operation since 1988. It is used by various 
government agencies for non-fatal crash information.  It is a primary source for the annual Large 
Truck Crash Facts reports among others. It utilizes random sampling of police reports to generate 
its estimates.  “In order for a crash to be eligible for the GES sample a police accident report 
(PAR) must be completed, it must involve at least one motor vehicle traveling on a traffic way, 
and the result must be property damage, injury, or death.  These accident reports are chosen from 
60 areas that reflect the geography, roadway mileage, population, and traffic density of the U.S. 
GES data collectors make weekly visits to approximately 400 police jurisdictions in the 60 areas 
across the United States, where they randomly sample about 50,000 PARs each year.  The 
collectors obtain copies of the PARs and send them to a central contractor for coding.  No other 
data are collected beyond the selected PARs.”  This sampling of data is used to make projections 
of the overall number of events occurring nationally. 

The GES data was investigated for incidents were the first harmful event was a bridge 
collision and a fire occurred in the vehicle.  Each incident includes a statistically determined 
weight which can be used to scale up the incident details to represent a national estimate.  For the 
years 1988 to 2008 the following yearly averages were determined as shown in Table 10.  

Table 10. GES Data:  Yearly Average bridge collision fire estimates by result. 

  Fatalities Injuries Property Only Total 
Average Per Year 11 45 26 82 
Standard Deviation 22 71 63 96 
Variance 473 5,024 3,944 9,173 
95% Confidence (+/-) 3 10 9 14 

 
The number of incidents recorded per year by GES is about 50,000.  Of these, only about 

two reports per year meet the specified criteria.  The recommended standard error of estimate is 
included in each year’s data.  Because of the small sample size the standard error included with 
each year's report negates any confidence in these numbers.  The 95% confidence interval of the 
estimated a crash count ranges from -366 to +350.  However the estimated numbers are in 



19 
 

agreement with the counts provided by the more accurate FARS data which reported around 36 
fatal accidents per year.   

The GES data can be used to scale the more accurate FARS data by the calculation of a 
fatal to non-fatal accident ratio.  In the years where the number of accidents reported was greater 
than zero a ratio was calculated for each accident type.  Overall, 17 of the 21 years reported were 
used to calculate the ratios.  These yearly ratios were averaged in to determine a single multiplier 
that could be used to scale up the FARS data as shown in Table 11.  

Table 11. GES Data: Yearly average of accident result type as percentage. 

 Fatalities Injuries Property Only 
Average Per Year 34% 44% 22% 
Standard Deviation 44% 44% 39% 
Variance 19% 19% 15% 
95% Confidence (+/-) 7% 7% 6% 

 
The multiplier to generate an estimate of the total number of crashes given the fatal 

number of accidents is 2.95. The general number of expected accidents per year involving a 
bridge collision and a vehicle fire is 105 with a confidence interval of (62.6, 293.9).  This range 
is large because of the effects of compounded error.   

According to Better Roads Bridge Inventory 2009 there are 597,787 bridges in the 
Nation.  The chances of a bridge being involved in an motor-vehicular incident that results in fire 
exposure is therefore 0.02% (0.01%, 0.05%)  

 

NFIRS DATA 

An NFPA report based on the NFIRS data states that the average number of bridge and 
trestle fires occurring per year is 320 based on the 5-year data between 2003 and 2007 (Ahrens 
2010b).  At first this number looks extremely different from the 105 estimated by combining the 
GES and FARS data.  A simple ratio would indicate that there are twice as many non-vehicle 
related fires as there are vehicle related ones.  However, the 105 number is accompanied by a 
rather large confidence interval (95% confidence limits: 62.6 , 293.86), this combined with the 
unreported confidence interval of the NFPA estimate means the two may be more similar than 
disparate.  

The difference between the two numbers may not be as large as 3:1 but clearly there are 
sources of fires that expose bridges other than motor vehicles. A bridge failure database 
compiled by the New York DOT offers a chance to better ascertain the number of bridge fires 
not caused by motor-vehicles. The data in Table 1 shows that arson may be as prevalent as 
collisions. Further investigation is required to ascertain the veracity of this trend.  
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The NFIRS average number of bridge and trestle fires is an estimate based on statistical 
analysis of data collected from both an NFPA survey of firefighting departments and data 
available in the U.S. Fire Administration’s National Fire Incident Reporting System (NFIRS). 
According to the report, "the NFPA survey is needed to project NFIRS to national estimates and 
to project different parts of NFIRS separately.  This multiple calibration approach makes use of 
the annual NFPA survey where its statistical design advantages are strongest." 

Scaling ratios are obtained by comparing NFPA’s projected numbers of residential 
structure fires, non-residential structure fires, vehicle fires, outside and other fires, associated 
civilian deaths, civilian injuries, and direct property damage with comparable totals in the NFIRS 
database.  Estimates of specific fire problems and circumstances are obtained by multiplying the 
NFIRS data by the scaling ratios. 

A report issued by the USFA (2009) from the same time period states that the NFIRS 
data comes from an average of 18,960 departments and is estimated to represent half of the 
reported fires in the US.  This report also presents the average scaling ratio for all fires from 
2003 to 2007. 

Table 12  Scaling ratios to project national trends from NFIRS data.  

Year 2003 2004 2005 2006 2007 
Ratio NFIRS/NFPA - TOTAL 0.38 0.45 0.56 0.58 0.63 

  
Based on this information, the NFIRS database can be investigated further understand the 

sources of fire that make up the 320 per year NFPA estimate. 

 

NFIRS Incidents 
 

The NFIRS database provides statistics reported by participating fire houses from around 
the U.S.  The raw data from the NFIRS database was obtained from the Department of 
Homeland Security.  The raw data are summarized in Table 13. 

Only a small portion of the incidents reported to NFIRS are reported under property use 
code 921, taking place on a bridge or trestle.  The reported incidents include all types of 
situations where a fire department response is required, including fires, accidents, other EMS 
calls, and false alarms.  Selecting only those incidents where fires were explicitly extinguished 
reduced the number of incidents shown in Table 13.  Table 14 shows the breakdown of fires 
involving bridges and trestles according to fire type. 
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Table 13  NFIRS raw data incident summary. 

Year 
Number of 
Incidents 

Number of Bridge 
Incidents 

Percent Bridge 
Incidents 

1999 2,294,090 773 0.03% 
2000 2,935,878 1019 0.03% 
2001 5,544,172 2234 0.04% 
2002 739,224 3164 0.43% 
2003 10,134,969 4966 0.05% 
2004 1,714,972 1579 0.09% 
2005 2,016,611 1869 0.09% 
2006 2,153,398 1973 0.09% 
2007 2,197,537 1826 0.08% 
2008 2,178,599 1558 0.07% 
2009 2,072,850 1588 0.08% 
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Table 14  NFIRS raw data – Bridge fire breakdown by fire type. 

Year Total Other Structure Vehicle Natural Trash Cultivation 
1999 314 17% 2% 13% 24% 33% 12% 
2000 294 24% 2% 17% 18% 24% 14% 
2001 391 24% 5% 19% 18% 29% 6% 
2002 456 22% 7% 15% 18% 34% 3% 
2003 704 23% 3% 18% 16% 39% 2% 
2004 763 19% 5% 18% 15% 42% 1% 
2005 934 19% 7% 15% 18% 41% 1% 
2006 917 20% 5% 14% 18% 42% 1% 
2007 852 20% 6% 11% 17% 46% 0% 
2008 715 19% 6% 13% 16% 45% 1% 
2009 711 20% 5% 13% 19% 43% 0% 

Average 641 21% 5% 15% 18% 38% 4% 
Std Dev 237 2% 2% 3% 2% 7% 5% 
Variance 55984 0% 0% 0% 0% 0% 0% 

Confidence 
(+/-) 147 1% 1% 2% 1% 4% 3% 

 
Simple structure fires are a very small percentage of the total. The leading type of fire 

reported in NFIRS on a bridge or trestle is a rubbish or trash fire at 38%. Natural and Vehicle 
fires cause 18% and 15% of fires respectively.  According to NFPA, 20% of brush, grass and 
forest fires from 2004-2008 were intentional (Ahrens 2010a).  With improvements to the NFIRS 
reporting system in 2001 the number of fires denoted as cultivation drops significantly.  This is 
probably because of improved reporting detail in the 5.0 version of the NFIRS software available 
to fire fighters.  The improvement of the NFIRS system is part of the reason the NFPA research 
only reported vehicle fires for 2003 to 2007.  Following the same approach, Table 15 shows the 
number of bridge fires involving vehicles for 2003 through 2007. 

The average of 125 (95% confidence limits: 110 to140) is similar to the average of 105 
estimated by the GES and FARS data presented previously. It also indicates that the scaling ratio 
used in the analysis conducted by Ahrens was 2.56.  Another way of saying this was the NFIRS 
data to NFPA estimate total ratio for this type of fire was 0.39, which is within the general fire 
ratio range published by the USFA.  Scaling up the other dominant fire types by this ratio leads 
to the predicted number of fires shown in Table 16. 
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Table 15  NFIRS raw data – Bridge vehicle fires from 2003 – 2007. 

Year Vehicles Percentage 
2001 127 20% 
2002 138 18% 
2003 137 14% 
2004 127 10% 
2005 96 11% 

Average 125 14.5% 
Std Dev 17 4.1% 
Variance 291 0.2% 

Confidence (+/-) 15 3.6% 
 

 
Table 16  Predicted number of fires threatening bridges based on 1999 0 2009 NFIRS data. 

 Total Other Structure Vehicle Natural Trash Cultivation 
Average No. 1641 333 84 243 288 657 36 
Percentage 100% 20% 5% 15% 18% 40% 2% 
Confidence 
95% (+/-) 375 71 30 54 62 194 22 
 

The total number of vehicle fires 243 (95% confidence limits: 189 to 297) falls within 
agreement with the confidence interval provided by the FARS and GES statistics, 105 (95% 
confidence limits: 63 to 294).  The confidence limit range for total potential fires is 1266 to 
2016.  Recall that the estimated number of bridges is 597,787, resulting in a 0.27% chance (95% 
confidence limits: 0.21% to 0.33%) of a bridge being exposed to fire.  Only a fraction of these 
events will exceed the damage threshold for the bridge and cause serviceability problems.  
Meaningful predictions of fire risk to bridge structures must isolate the probability of damage 
causing events from this data. 

Fire Severity 
The severity of the fire events must be established in addition to the frequency to perform 

a meaningful fire risk analysis for bridges.  The FARS and GES databases are concerned only 
with the frequency of accident reporting and do not elaborate on the accidents.  NFPA reports 
also offer little information on this subject because bridge and trestle fires are not a high priority 
for their purposes.  Most of the NFPA reports measure severity in terms of life loss, injury, and 
property damage, measures that are more suitable for application to building fires.  The case 
study information in Chapter 2 could not identify any cases where bridge performance 
contributed to injury or loss of life in a fire event.  Loss of service and/or shortening of service 
life are the two most important risk factors for bridges.  Both the severity of fire and the bridge 
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damage threshold must be determined to identify the subset of events that cause significant 
bridge damage.  Direct use of the NFPA report statistics will greatly over-estimate the fire risk 
for bridges.  

Vehicle Size 
Fire severity is difficult to quantify from statistics.  The NFIRS database offers more 

insight into fire duration and fuel type than GES or FARS data.  Some of this data is readily 
available in the main incident database.  Other queries to the relational database sub-tables are 
more difficult to perform. 

One potential indicator of fire severity is the size and type of vehicle involved.  As 
discussed in Chapter 5, large trucks with both palletized freight and fuel tankers are potentially 
large fuel sources.  FARS and GES statistics have shown that 14% of vehicle crashes that result 
in fire involved a large truck.  Further, it was shown that there is about a 2% incidence rate of 
hazardous material cargo on trucks involved in fire.  The NFIRS database provides a very broad 
classification of vehicle types as shown in Table 17.  

Table 17  NFIRS raw data:  Types of vehicles involved in bridge fires from 2001 to 2009. 

 Passenger Freight Vehicle Other 
Average 71% 7% 21% 
Standard Deviation 14% 2% 14% 
Variance 2% 0% 2% 
Confidence (+/-) 10% 1% 10% 

 

The omission of 1999 and 2001 data from this calculation was required because of the 
change in NFIRS reporting styles; before 2001 nearly all the vehicles were coded as other.  The 
NFIRS data shows a smaller number of trucks classified as freight (7%) with a large number 
classified as vehicle-other (21%) 

Hazardous Cargo 
The number of fires related to Hazardous Cargo has been observed in the FARS/GES 

data and the PHMSA data both showing a limited number of fires where a hazardous material 
has been ignited in proximity to a bridge.  The FARS/GES data lead to an estimate of 0.6 
hazardous material fires a year and the PHMSA data yielded an estimate of 2.6.  The NFIRS data 
also lists hazardous material fires. In this case the a fire was assumed to have occurred if any of 
fire related actions such as extinguishment, management, or salvage was coded as the action 
taken by the responding fire fighters.  Other actions like EMS, spill containment, and others were 
counted for the total number of releases.  The estimated counts shown in Table 18 were 
developed by multiplying the raw data in the NFIRS data for bridge and trestle incidents by the 
2.56 scaling factor previously calculated. 
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Table 18  NFIRS data: Bridge incidents involving both release and fire from hazardous cargo 
(1999 – 2010). 

 Gasoline Diesel Other Total 
Releases 19 23 51 94 
Fires 3 1 4 8 

 

The NFIRS data is in agreement with other databases on the number of vehicle fires, 
hazardous material fires estimated using GES and FARS data.  This result supports the 
conclusions drawn from the GES and FARS data as well as reinforces the potential of the NFIRS 
data moving forward.  On-going investigations, using the detailed modules of the NFIRS 
database, will include data entries such as, property loss, spill size, acres burned, etc. to give 
insight into fire size. 
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Validation for Composite Steel Beams 

TEST DESCRIPTION 

The furnace tests performed by Wainman and Kirby (1987) were conducted in general 
accordance with ISO 834 fire resistance test standard.  In their study, a series of experiments 
were performed on both composite and non-composite steel beams tested in a large furnace.  A 
elevation view of the furnace used in the testing is shown in Figure 1.  

 
Figure 1 Elevation sketch of furnace tests of a composite beam (Wainman and Kirby, 1988).   

 
Tests performed in the experimental study included a range of I-beam sizes, composite 

and non-composites systems, and various boundary conditions.  Load was applied along the 
length of the I-beam at four points by hydraulic rams.  The Abaqus model validation in this effort 
was performed on Test 15b. In this test a UB254 steel beam was topped by a 5 in (130 mm) 
composite deck and exposed in the furnace to the temperatures described by the ISO 834 curve.   
 

PRELIMINARY ELEMENT TYPE EVALUATION 

 To begin the task of element selection a mesh optimization study was performed on a 
simple I-beam.  Both shell and solid elements were evaluated.  While shell elements are 
commonly used for structural response modeling, solid elements have advantages for interfacing 
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with the thermal analysis models.  The goal is to select elements that provide accurate results 
while minimizing the degrees of freedom in the model to optimize run time.  A non-composite 
fixed-fixed beam was modeled using linear shell, quadratic shell, linear solid, and quadratic solid 
elements.  The mesh was refined from a very coarse mesh to a refined mesh for each element 
type.  Example mesh densities are shown in Figure 2 and the accuracy of the results obtained 
with these elements to model a fixed-fixed beam test are presented in Figure 3.  A UB254x146 
beam section was modeled with fixed-fixed end boundary conditions.  Results are compared to a 
theoretical virtual work solution for the deflection of the beam. 
 

 
Figure 2 Examples of Solid and Shell Elements at different mesh resolutions 
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Figure 3 Comparison of different element types for precision of mesh density. 

 The quadratic solid element results provided a very close match to the theoretical solution 
for both coarse and refined mesh densities.  The linear solid elements results matched the 
quadratic solid element results when refined mesh densities were used but there was significant 
error for coarser meshes.  It is also found that the convergence of the linear solid elements is 
dependent on the number of elements utilized through the thickness of the flanges. At least two 
elements are required to capture the strain response adequately.  The shell element meshes 
tended to over-predict deflection by about 5%. 
 A convergence study was performed to determine the optimum mesh density for each 
element type.  The results are presented in Table 1.  The results show that the linear solid 
elements required a much denser mesh to reach convergence compared to the quadratic solid and 
shell element meshes.  The quadratic solid elements and the shell element meshes all achieved 
similar convergence at relatively coarse mesh densities.  The quadratic solid elements provided 
the closest match to the theoretical deflection and provided a relatively easy interface with the 
thermal analysis models.   
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Table 1. Element comparison data from fixed-fixed beam models. 

Element 
Description 

Element 
Type 

Degrees of 
Freedom 

Deflection 
(mm) 

Convergence 
Error 

Linear Solid 

C3D8R 2100 3.5676 7.95% 
C3D8R 7452 3.5747 8.17% 
C3D8R 27126 3.5575 7.65% 
C3D8R 132678 3.3053 0.02% 
C3D8R 769776 3.3048 0.00% 

Quadratic 
Solid 

C3D20R 7080 3.2983 0.15% 
C3D20R 25560 3.2989 0.13% 
C3D20R 93921 3.3006 0.08% 
C3D20R 475353 3.3024 0.03% 
C3D20R 2853747 3.3033 0.00% 

Linear Shell 

S4R 1890 3.4526 0.54% 
S4R 6624 3.4399 0.17% 
S4R 25482 3.4349 0.03% 
S4R 108108 3.4340 0.00% 
S4R 434658 3.4340 0.00% 

Quadratic 
Shell 

S8R 5406 3.4221 0.31% 
S8R 19362 3.4259 0.20% 
S8R 75438 3.4290 0.11% 
S8R 322290 3.4313 0.04% 
S8R 1299870 3.4326 0.00% 

 
 

COMPOSITE BEAM MODEL DEFINITION 

 The Wainman and Kirby test was modeled using both shell and solid element types with 
both linear and quadratic formulations.  The mesh density was also varied for all four element 
types into ‘Coarse’ ‘Medium’ and ‘Fine’ corresponding to global element sizes of 66.6 mm, 33.3 
mm, and 16.67 mm, respectively.  The concrete deck was modeled using a smeared crack 
plasticity model and the steel used a multi-linear elastic-plastic model based on the Eurocode 
temperature dependent material models.  An example of the all solid element model mesh is 
shown in Figure 4.  The composite connection was made by coupling the nodes that coincided 
with the approximate location of shear studs.  
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Figure 4  The 'Coarse' solid mesh representing the beam test 15b. 

 

COMPOSITE BEAM MODEL PERFORMANCE 

 The coarse mesh results are presented in Figure 5 at three different time steps in the 
analysis.  The nodal temperatures were developed in a separate thermal analysis that exposed the 
beam to the furnace temperature curve.  These material temperatures do not rely directly on the 
furnace gas temperature and therefore vary independently with position.  The thermal model 
temperatures were compared to test measurements and were found to be similar.    
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Figure 5 Displaced Shape of Coarse Solid model at approximately 60, 1200, and 2400 seconds 

into the test.  The color contours represent the nodal temperature distribution. 
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Figure 6 shows the model results for one of the shell and solid mesh models compared to the 
experimental results.  For reference, results of another modeling study are shown (Cedeno, 
2008).   The same nodal temperatures were applied to both the shell and solid structural models.  
The initial results for both the shell and solid models matched reasonably closely during the 
initial heating time steps.  The model and experimental results begin to diverge after about 1000 
sec. with the model predicting higher deflections compared to the experiment.  Both the VT 
models and the Cedeno model results begin to diverge significantly at about 2400 sec. at the end 
of the test data. 
 

 
Figure 6  Comparison of current modeling and Cedeno 2008 to test data of Wainman Kirby test 

15. 

 
 The results for the two element types and three mesh densities are shown in Figure 7.  
The coarse, medium, and fine meshes all provided similar results indicating that the coarse mesh 
is suitable for this application.  The solid mesh and shell mesh results were very close throughout 
most of the test but began to diverge towards the end.  Somewhat higher deflection was predicted 
by the solid element meshes. 



10 
 

 
Figure 7  The effect of mesh density on the structural analysis. 

SUMMARY 

 The coarse solid model (using quadratic elements) resulted in a similar number of 
degrees of freedom and therefore had similar computer run time compared to the shell element 
models.  The coarse element model contained the minimum number of elements across the 
flanges and web required to capture the beam geometry.  The length of the elements was chosen 
to be close to the shear stud spacing in the test specimen.  This results in an exaggerated aspect 
ratio for the elements located at the web-flange junctions.  However, this did not seem to affect 
the accuracy of the solution.  The solid elements have significant advantages for use in the 
thermal analysis portion of the coupled analysis.  Using the same mesh for both the thermal and 
structural analysis greatly facilitated exchange of nodal information between the two models.  
For these reasons, the coarse mesh using quadratic solid elements was adopted for the bridge fire 
simulations in this project.  
 It is recognized that the mesh may be too coarse to accurately capture local buckling and 
large deformation behavior.  The primary purpose of the present study is to identify the onset of 
perceptible deflections in the bridge structure.  Bridges with several inches of vertical deflection 
following a fire will require extensive repair or replacement.  The coarse solid element mesh is 
adequate to accurately predict behavior in this region.  Accurate prediction of very large 
deflections and the collapse point is affected by many unknowns in structural behavior, such as 
the bridge end boundary conditions and the high temperature integrity of the composite deck 
interface.  Given that the bridge models with the coarse mesh typically required about one-week 
of run time on a high speed computer cluster, further mesh refinement would have made the 
modeling impractical.       
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