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Jerry A. DiMaggio, D.GE, PE, SHRP 2 Senior Program Officer, Renewal

This report, Bridges for Service Life Beyond 100 Years: Service Limit State Design, describes
research, outcomes, and products on the basis of the R19B project objectives. The objectives
were to develop design and detailing guidance and calibrated service limit states (SLSs) to
provide 100-year bridge life and to develop a framework for further development of cali-
brated SLSs. The products of this study are expected to be directly usable by the American
Association of State Highway and Transportation Officials (AASHTO) and departments of
transportation (DOTs) and include

® Provisions needed to implement SLSs and the associated load and resistance factors
necessary to produce calibrated bridge components and systems expected to have a
predictable service life.

® Detailed design and detailing provisions required to design and construct the calibrated
component or system.

¢ Databases used in the calibration, as well as instructions for a calibration spreadsheet, for
use by DOTs to track and adjust service-based reliability with time.

Consideration of SLSs requires different input data from the previously calibrated Strength
Limit State I (also known as “ultimate or strength limit states,” or ULSs). In ULSs, the limit
state function is defined by resistance, which is considered constant in time, and loads. For
SLSs, a different approach is needed because

Exceeding a service limit state does not lead to a clear, immediate loss of functionality.

Acceptable performance can be subjective (full life-cycle analysis is required).

Resistance and load effects can be and often are correlated.

Load must be considered to be a function of time, described by magnitude and frequency

of occurrence.

e Resistance may be strongly affected by quality of workmanship, operation procedures,
and maintenance.

® Resistance is subject to changes in time, mostly but not only by deterioration.

® Resistance can depend on geographical location (e.g., climate, exposure to industrial pollu-

tion, or deicing agents).

The topic of limit state design, also known as load resistance factor design (LRFD), within the
United States has been under development and implementation for more than 25 years. The
benefits of this design platform are now well understood by the bridge and structures com-
munity as well as by transportation decision makers. Generally, it has been assumed that main-
tenance activities will be sufficient to prevent significant loss of the strength and stiffness that
would result in unsatisfactory service level performance. It has been recognized that advance-
ments and further maturity of the LRFD platform need to focus on quantification and calibra-
tions of the SLSs. Although previous work has been published in this area, the R19B study serves
as a foundational reference to partially fill knowledge gaps and, perhaps more importantly, for
direct application and reference for future study in this emerging technical area of design.
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Executive Summary

The objectives of SHRP 2 Project R19B were to develop design and detailing guidance and cali-
brated service limit states (SLSs) to provide 100-year bridge life and to develop a framework for
further development of calibrated SLSs. Generally, it has been assumed that maintenance activi-
ties will be sufficient to prevent significant loss of the strength and stiffness that would result in
unsatisfactory service-level performance.

Consideration of SLSs requires different input data from the previously calibrated Strength
Limit State I (or “ultimate or strength limit states,” ULSs). In ULSs, the limit state function is
defined with two variables: resistance, which was considered constant in time, and loads. For SLSs,
a different approach is needed because of the following factors:

¢ Exceeding SLSs does not lead to a clear, immediate loss of functionality, so defining the resis-
tance is very subjective.

¢ Acceptable performance can be subjective (full life-cycle analysis is required).

¢ Resistance and load effects can be and often are correlated.

e Load must be considered to be a function of time, described by magnitude and frequency of
occurrence.

e Resistance may be strongly affected by quality of workmanship, operation procedures, and
maintenance.

¢ Resistance is subject to changes in time, mostly but not only deterioration, with difficulty
predicting initiation time and time-varying rates of deterioration (e.g., corrosion, accumula-
tion of debris, cracking).

e Resistance can depend on geographical location (e.g., climate, exposure to industrial pollu-
tion, exposure to deicing agents, proximity to the ocean).

On the basis of a survey of owners and a literature review that included other national and
international bridge design specifications, a set of possible SLSs was developed. Those SLSs were
reviewed to determine which could be calibrated using reliability theory. Calibrated, reliability-
based load factors or resistance factors, or both, were developed for

e Foundation deformations;

e Cracking of reinforced concrete components;

¢ Live load deflections;

¢ Permanent deformations;

¢ Cracking of prestressed concrete components; and

e Fatigue of steel and reinforced concrete components.

The calibration process produced target reliability levels much different from those used for
the strength calibration. This outcome was expected because, in general, the consequences of
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exceeding SLSs are an order, or even several orders, of magnitude smaller than those associated with
ULSs. Thus, an acceptable probability of exceeding an SLS is much higher than for a ULS. Although
the strength calibration was based on a target reliability index of about 3.5 for a 75-year life, with
some exceptions, most of the SLS calibration was generally done with a target reliability index
around 1.0 to 1.5 on the basis of an annual probability. Once the target reliabilities were deter-
mined, changes to load factors, resistance factors, or other design parameters were developed.

Extensive use was made of WIM (weigh in motion) collected at 32 sites around the country.
The raw data consisted of 65 million vehicle records consisting of axle weights, axle spacing,
speed, and vehicle classification. After filtering, about 35 million records formed the database
from which live load biases and coefficients of variation (CVs) were computed for a variety of
span lengths, average daily truck traffic, and time periods. To acknowledge the assumption that
the 32 sites were representative of the whole country, project live load biases were set at the mean
plus 1.5 standard deviations.

WIM data processing for fatigue consisted of passing the complete string of vehicles over influ-
ence lines for simple spans and two-span continuous units of various spans. The resulting histo-
ries of live load moments were processed using rainflow counting and cumulative damage
methodologies to provide damage-equivalent moments and axle loads and cycles per design truck
passage. Fatigue test results for the American Association of State Highway and Transportation
Officials (AASHTO) fatigue categories were reassessed using a new damage accumulation model
combined with fitted distributions to calculate biases and CVs for each category. Reliability indi-
ces for current designs were also evaluated. All this information was used in calibrating new load
factors and new constants for some of the categories.

A general procedure has been developed for calibration of SLSs based on an evaluation of the
effect of vertical or horizontal foundation deformations on bridge structures. The procedure is dem-
onstrated by using measured field data for immediate settlements of spread footings on soils. The
prediction accuracy for several methods of calculating immediate vertical movement of spread foot-
ings on soils was developed from the measured field data. This prediction accuracy is expressed in
terms of the probability of exceeding a deformation criterion (performance criterion) chosen by the
bridge designer. Using the correlation between probability of exceedance and the reliability index,
the prediction accuracy of calculation methods can be expressed in terms of the reliability index. The
target reliability index for the current calculation method by Hough (1959) recommended in the
AASHTO LRFD Bridge Design Specifications was determined for comparison with several other cal-
culation methods. The conservatism of Hough’s method is demonstrated, and use of the method by
Schmertmann et al. (1978) is recommended.

Given the regional nature of geotechnical engineering, a step-by-step process is included to
enable the process to be repeated with local data. This step-by-step process can be applied to both
vertical and horizontal deformations of all structural foundation types such as footings, drilled
shafts, and driven piles. Also recommended for consideration by the AASHTO Highway Sub-
committee on Bridges and Structures (HSCOBS) is adoption of the construction point and -0
concepts for calculating vertical deformations, which take into account the angular distortions
within bridge spans in the context of construction stages.

The criteria used by the Canadian Highway Bridge Design Code, which is based on deflection,
frequency, and perception, were evaluated and calibrated as a possible alternative to the current
deflection criteria. In this case, the reason for change was not found to be quite as compelling as
some of the other SLSs, but the rationale has been presented. Several other SLSs were either
found unsuitable for calibration, or the difference in application did not justify a change in the
AASHTO LRFD. In these cases, the rationale is also presented.

On the basis of the reported research and calibrations, draft agenda items required to imple-
ment the findings of this project through changes to the AASHTO LRFD Bridge Design Specifica-
tions are presented for consideration by the AASHTO HSCOBS. Most of these items are
evolutionary, but several would require changes to the typical American bridge design process if
they are adopted. These required changes are detailed in the report.
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Owners who make exceptions to some of the AASHTO LRFD requirements will have to evaluate
the findings of this research and decide their jurisdiction-specific requirements. The effect of the
proposed specifications revisions on specific types of components will be debated by AASHTO’s
technical committees and HSCOBS when the revisions are considered.

The products of this research, which are expected to be directly usable by AASHTO and
departments of transportation, include the following:

¢ Provisions needed to implement SLSs and the associated load and resistance factors necessary
to produce calibrated bridge components and systems expected to have a predictable service
life. When practical, the provisions are based on a 100-year life; if a component or system can-
not reasonably be expected to last 100 years, the expected life is given.

e Some detailed design and detailing provisions required to design and build the calibrated
component or system.

¢ Appendix F containing the databases used in the calibration, as well as instructions for a cali-
bration spreadsheet for use by departments of transportation to track and adjust service-
based reliability with time. It is expected that implementing owners will track deterioration
and changes to load regimes with time and adjust built-in models and assumptions over time.

The lack of quality information regarding the change in serviceability over time for bridges in
different environments and traffic conditions was a continual challenge during this project.
There is a national database summarizing the results of the National Bridge Inspection system
that could provide a wealth of information. However, no well-accepted direct link between the
National Bridge Inventory (NBI) condition data and the types of unsatisfactory performance
related to the SLSs calibrated in this study has been found. Several locally developed predictors
of changes in the NBI condition number over time have been presented to provide guidance to
owners on possible changes to the resistance side of the limit states used in this report within the
context of the caveat above. This lack of correspondence between the NBI condition numbers
and quantifiable changes in behavior or resistance as they relate to service response and, ulti-
mately, to the strength limit states, limits the use of this information to both owners and research-
ers. One of the recommendations coming out of this project is to initiate work to close this gap.

Finally, there is much interest nationally and internationally on the improved implementation
of SLSs that should be considered in any continued development of the AASHTO LRFD.



Purpose of Report and Relation to Scope

1.1 Objectives of Project R19B

The request for proposal for SHRP 2 Project R19B stated the
following objectives:

e Develop new design codes that incorporate a rational
approach based on service limit states (SLSs) for durability
and performance of bridge systems, subsystems, compo-
nents, and details that are critical to reaching the expected
service life and assuring an actual life beyond 100 years.
Special focus should be given to problematic systems, sub-
systems, components, and details. The proposed SLSs will
include data sets related to durability, fatigue, fracture, and
redundancy as integral issues of service life as reported in
SHRP 2 Project R19A.

¢ Develop performance measures incorporating predefined
component classifications that will use full probability-
based service life design criteria to maximize the actual life
of the system. Consider material performance (including
durability); structural performance of systems, subsystems,
and components (optimum joints and bearings); and design
practices leading to longer and more predictable service life.

¢ Develop comprehensive design procedures, proposed speci-
fication changes, and implementation tools that include
durability design in addition to structural design. The
development should also consider structural and material
redundancy, and system, subsystem, and component per-
formance measures that will use service life design criteria
to maximize the actual life of the system. The adjustments
to SLSs should not adversely affect ultimate or strength
limit states (ULSs) and extreme event limit states.

To best accomplish the project objectives, the project team
first developed a list of the applicable SLSs for various com-
ponents. A framework for calibration that accommodates aging
and deterioration models, applicable loads, and other design
parameters for the components was developed. Calibration

was defined as the process of determining values of load and
resistance factors so that the designed components will satisfy
the selected reliability-based criterion (i.e., the reliability of the
structure is close to the target value). Calibration involved the
development of statistical models for load and resistance, selec-
tion of the target reliability index, and reliability analysis.

The products of this research, expected to be directly usable
by the American Association of State Highway and Transporta-
tion Officials (AASHTO) and departments of transportation
(DOTs), include the following:

e Provisions needed to implement SLSs and the associated
load and resistance factors necessary to produce calibrated
bridge components and systems expected to have a predict-
able service life. When practical, the provisions are based on
a 100-year life; if a component or system cannot reasonably
be expected to last 100 years, the expected life is given.

e Some detailed design and detailing provisions required to
design and build the calibrated component or system.

¢ Appendix F, which contains the databases used in the cali-
bration, as well as instructions for a calibration spread-
sheet for use by DOTs to track and adjust service-based
reliability with time. It is expected that implementing own-
ers will track deterioration and changes to load regimes
with time and adjust built-in models and assumptions
over time.

It is assumed that the AASHTO LRFD Bridge Design Speci-
fications (AASHTO LRFD) requirements are a package that
has to be considered together. Owners who make exceptions
to some AASHTO LRFD requirements will have to evaluate
the findings of this research and decide their jurisdiction-
specific requirements. The effect of the proposed specifica-
tions revisions on specific types of components will be debated
by AASHTO’s technical committees and Highway Subcom-
mittee of Bridges and Structures (HSCOBS) when the revisions
are considered.



1.2 Scope
1.2.1 Original Scope

As originally scoped, the project was broken into two phases
containing the tasks described below.

Phase 1

TAsk 1

Conduct a review of the literature to review and identify cur-
rent practices of using SLS principles for determining struc-
tural service life approaches.

TAsK 2

Supplement the interim report provided by Project R19A at
the beginning of this contract with a follow-up survey to
identify successful systems, subsystems, components, and
details that have lasted 100-plus years. Systems, subsystems,
components, and details that have proven to or have the
potential to solve common bridge durability and structural
performance problems were of special interest for this task. In
addition, identify problematic components and the nature
and cause of failures that resulted in reduced service life, and
document any available maintenance and rehabilitative costs.
Compile any existing data regarding loadings and accelerated
environmental testing results as documented by others for
evaluating the performance of developed systems, sub-
systems, components, and details. The research team was not
aware of significant relevant information, so this type of data
was not incorporated into the SLS calibration approach.
Owner-supplied information can be used to supplement the
calibration.

TAsk 3

Develop an SLS approach that can be used to calibrate
100-plus-year service life. A benchmark in the calibration will
evaluate the suitability of the existing 75-year load and resis-
tance factor design (LRFD) approach presented in the cur-
rent specifications.

TAsSk 4

Prepare an interim report documenting Tasks 1 through 3

and a detailed work plan for executing the SLS calibration.
The research team proposed and the sponsor approved

moving Task 5 into Phase 1. The work of an independent

committee takes place in later tasks still left in Phase 2. Task 5

deals with identifying the members of the committee.

Task 5

The research team proposed, for SHRP 2 approval, an inde-
pendent national committee (INC) of experts to review and
critique the suitability of the data set and the SLS approach.

The INC included appropriate experts from AASHTO, the
Federal Highway Administration (FHWA), state DOTs,
industry, and academia (a minimum of seven volunteers is
expected for this committee).

Phase 2

TAsk 6

Conduct analytical trial runs as appropriate for evaluating
the performance of systems, subsystems, components, and
details developed under Project R19A, as well as existing sys-
tems, subsystems, components, and details that are critical to
reaching the expected service life beyond 100 years. Submit
an interim report to SHRP 2 and to the approved INC.

TASK 7

Plan a working session with the INC to review and gather
feedback on the interim report. Submit to SHRP 2 an updated
interim report based on the input from the INC.

TAsKk 8

Incorporate the framework for the long-term bridge perfor-
mance program (LTBPP), and use the LTBPP framework to
validate performance expectations. Ensure that the ULSs and
extreme event limit states are not compromised. The approach
from the research team was to include recommendations for
future bridge practitioners on how to adjust the SLSs to include
semiprobabilistic assumptions developed under this project.

Task 9

Develop a data set format that will be adaptable for future
maintenance by the AASHTO Technical Committee on Loads
and Loads Distribution (T-5).

Task 10

Work with the Project R19A team and industry to develop
recommendations for AASHTO-formatted LRFD design and
load rating specifications and analysis methods, including
detailed examples for bridge systems, subsystems, compo-
nents, and details that incorporate results from Project R1I9A.

Task 11

Develop an implementation plan suitable for adoption and
maintenance by AASHTO that is based on the findings of this
work.

Task 12
Prepare a final report, including recommendations for future
research.

The first five tasks were developed in the Phase 1 report
previously submitted and reviewed by the project expert
technical group.



1.2.2 Revised Scope for Tasks 5 and 6

Task 5 was completed. Members of the INC were selected
and approved. However, as the project unfolded, the expert
technical group was augmented with additional experts in
the areas of calibration and deterioration, and the value of
the INC decreased accordingly. Copies of the Phase 1 report
were provided to members of the INC in August 2011, but
little response was received. Written comments received from
one reviewer were very supportive of the approach outlined
in the Phase 1 report, and those comments were submitted
to the SHRP 2 staff.

Task 6 of the research plan for Project R19B, as modified
and submitted in November 2011, initially required the
submission of an interim report documenting a proof-of-
concept demonstration of the proposed calibration of SLSs.
After consulting with SHRP 2 staff, the research team decided
that the interim report served little purpose and that, due to
the unforeseen difficulty in finding suitable data for calibration
and other analytical work, the resources originally pro-
grammed for the trial calibration runs, the interim report, and
the working sessions with the INC (i.e., Tasks 6 and 7) could
be better used to advance the other tasks. The specific require-
ments for a revised Task 6 are described below.

Revised Task 6

Conduct analytical trial runs as appropriate for evaluating
the performance of systems, subsystems, components, and
details developed under Project R19A, as well as existing sys-
tems, subsystems, components, and details that are critical to
reaching the expected service life beyond 100 years. Submit
an interim report to SHRP 2 and to the approved INC.

The research team developed serviceability provisions based
on the findings and calibration approach outlined in Chapters
3 and 6. These provisions include improvements to the exist-
ing service and fatigue limit states as shown below:

e Load-induced fatigue of steel and concrete details and
components;

e Live load deflection;

e Permanent deformation of compact steel components;

¢ Cracking of reinforced-concrete components;

¢ Tension in prestressed concrete components;

e Settlement of foundations;

e Horizontal movements of abutments; and

e Slip of slip-critical bolted connections.

Initially, the calibration was to proceed in two stages: a
proof-of-concept stage involving a subset of the SLSs and a
subset of parameters (random variables), followed by a pro-
duction calibration involving all SLSs and a wider range of

parameters. At the completion of a proof-of-concept partial
calibration, the research team developed an interim report on
findings. Once the calibration procedures were coded into
spreadsheets, the value of trial runs or partial calibrations
became insignificant. That report has been folded into the
present report.

A database of bridges was useful during the calibration
process to assess current reliability versus the reliability
resulting from proposed changes in design equations and
methodologies, as well as selecting load and resistance factors.
For this project, the database compiled under National Coop-
erative Highway Research Program (NCHRP) Project 12-78
(Mlynarski et al. 2011) was selected as the source of sample
bridges. The database contains information on over 18,000
bridges suitable for analysis using AASHTOWare’s Bridge Rat-
ing analytical software.

The NCHRP 12-78 database was sorted to select relatively
modern bridges, potential candidate bridges were identified,
and a partial list of candidate bridges was submitted to SHRP 2.

As the calibration procedures were more fully developed
and it was determined that insufficient data were available to
fully calibrate some of the SLSs, the sample bridge population
was used with three SLSs: cracking of prestressed concrete
beams, settlement, and deflections. The sample bridge popula-
tion was also used to investigate the ramifications of potential
changes to two SLSs: cracking of prestressed concrete beams
and overload of steel bridges. Subsets of the candidate bridge
database used for these purposes are included in Appendix F.

1.3 Research Team

The organization and relationship of the primary team mem-
bers are shown in the organizational chart in Figure 1.1.

The functional lead responsibilities for leading individual
tasks were as follows:

e Task 1. The two universities.

e Task 2. University of Nebraska—Lincoln (UNL) (Atorod
Azizinamini took the lead).

e Task 3. All components of the team participated in the
work, but it was Modjeski and Masters’ role to see that the
group reached a conclusion and a product.

e Task 4. Modjeski and Masters, with help from the other
team members.

e Task 5. As with Task 3, this task was done by the entire
group with Modjeski and Masters seeing that a successful
outcome occurred.

e Task 6. UNL took the lead.

e Task 7. Modjeski and Masters took the lead.

e Task 8. University of Delaware took the lead.

e Task 9. University of Delaware took the lead, with assis-
tance from UNL.
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Figure 1.1. Project R19B organizational chart.

e Task 10. Modjeski and Masters took the lead, working pri-
marily with the University of Delaware.

e Task 11. Modjeski and Masters took the lead.

e Task 12. Modjeski and Masters took the lead.

1.4 Relationship of Project R19B
to Project R19A

Projects R19A and R19B combined should have resulted in
the development of AASHTO-formatted provisions for design
of bridges capable of providing more than 100 years of ser-
vice life. The provisions should address both existing and new
bridges. The procedures have to be quantifiable for both
existing and new bridges.

One of the major tasks within R19A was identifying prom-
ising systems, subsystems, components, details, and retrofit
concepts capable of prolonging the service life of bridges at
optimal total costs. RI9A was to have developed details and
subsystems requiring calibration or development (or both)
of new limit state design provisions. The R19B work depended
on R19A’s developing these details or subsystems. For selected
ideas, R19A was also to have developed deterioration models.
Incorporating these deterioration models into a general SLS
design provision framework was to be a major undertaking
within R19B. The choice of a general SLS design framework
was an important issue that affected the research directions
of both the R19B and R19A projects.

As of this writing, no new details and subsystems have been
recommended to R19B. One existing system, integral and
semi-integral abutments, has been identified by R19A for
calibration, but no limit states have been suggested or data-
bases identified.

1.5 Relationship of Project R19B
to NCHRP Project 12-83

Several members of the research team were also involved
with NCHRP Project 12-83, Calibration of LRFD Concrete
Bridge Design Specifications for Serviceability. The goal of
the NCHRP 12-83 project was to calibrate the concrete-related
SLSs currently in the AASHTO LRFD (2012) and, as needed, to
develop new calibrated concrete-related limit states for incor-
poration into the AASHTO LREFD. Significant overlap exists
between the SHRP 2 R19B and NCHRP 12-83 projects in the
area of concrete structures. All aspects of the work under
NCHRP 12-83 are fully applicable to SHRP 2 R19B. Most of the
concrete-related aspects of this report were originally developed
in NCHRP 12-83 and are incorporated here.

1.6 Special Challenges
Related to SLSs

The ULSs of the AASHTO LRFD are calibrated through
structural-reliability theory to achieve a certain level of
safety. They are intended to achieve similar component
proportions to those of the Standard Specifications for High-
way Bridges. These ULSs do not consider the integration
of the daily, seasonal, and long-term service stresses that
directly affect long-term bridge performance and subsequent
service life.

The current SLSs of the AASHTO LRFD are intended to
ensure a serviceable bridge for the specified 75-year design life.
These limit states are based on the traditional serviceability
provisions of the Standard Specifications for Highway Bridges.
The SLSs are not calibrated using reliability theory to truly



achieve a determined life with a specific level of certainty
because the tools and data to accomplish this calibration were
not available to the AASHTO LRFD code writers.

The current AASHTO LRFD SLSs include limits on the
following:

e Live load deflection of structures;

e Cracking of reinforced-concrete components;

e Tensile stresses in prestressed concrete components;

e Compressive stresses in prestressed concrete components;
e Permanent deformations of compact steel components;

e Slip of slip-critical friction bolted connections; and

e Settlement of shallow and deep foundations, among others.

The background of the current AASHTO LRFD (2012)
SLSs is presented in Chapter 2. Some of these SLSs may relate
to a specified design life; others do not. Many are presently
deterministic, such as limiting the tensile stresses in pre-
stressed concrete components to a level thought to result in
a crack-free component. This SLS could be calibrated to
achieve a certain probability of a crack-free component, but
the calibration would include a service life only in determin-
ing the live load the component must resist (e.g., a 75-year
live load).

To achieve the objective of developing the appropriate
tools, candidate SLSs were evaluated against a set of criteria.
This evaluation applied both to the retention of some of the
existing SLSs in the AASHTO LRFD and any new limit states
developed as part of this project and Project R19A. The crite-
ria include the following:

e Is the limit state quantitatively and qualitatively meaning-
ful? Does it tell us something that we can use to maintain a
structure in service and continue or extend its service life?

¢ Can the limit state be calibrated? Can we develop limit
state functions, such as indicated in Task 3, and develop a
means either through the resources of Project R19B or by
leveraging the results of Project R19A or the LTBPP to
determine the data necessary to do a calibration? (When
no such data existed, expert elicitation [Delphi process]
was used to determine the range of data and the relative
importance of certain characteristics in the data, including
uncertainty, so that some calibration could proceed.)

¢ Does a limit state really relate to the service life rather
than to some other characteristic? For example, the Model
Code for Service Life Design specifically states that it excludes
fatigue as part of the SLSs (Fédération Internationale du
Béton 2006). This exclusion may be in part because this
document was developed primarily for concrete structures.
The current AASHTO LRFD contains fatigue requirements
under a separate limit state, the fatigue-and-fracture limit
state. The assessment of fatigue life is very much related to

the service life of steel structures. Should this limit state
now be transferred to the SLSs? In many ways, fatigue is one
of the more quantifiable and calibratable of the SLSs com-
pared with those that may be developed dealing with dete-
rioration of joints, bearings, coatings, and similar structural
features.

¢ Does it provide a method to evaluate the significance of
interventions in extending the service life of the struc-
ture component? Can the proposed limit states distinguish
between interventions that slow deterioration and those
that effectively halt deterioration for some period of time
before it starts again? Can they respond to repairs that rein-
state or increase load-carrying capacity?

Consideration of SLSs requires different input data than
ULSs require. In ULSs, the limit state function is defined with
two variables: resistance (which is considered constant in
time) and loads. For SLSs, a different approach is needed for
the following reasons:

¢ The definition of resistance is very difficult.

e Acceptable performance can be subjective (full life-cycle
analysis is required).

¢ Resistance and load effects can be and often are correlated.

¢ Load is considered as a function of time, described by mag-
nitude and frequency of occurrence.

¢ Resistance is strongly affected by quality of workmanship,
operation procedures, and maintenance.

e Resistance is subject to changes (mostly but not only dete-
rioration) in time, with difficulty predicting initiation time
and time-varying rates of deterioration (e.g., corrosion,
accumulation of debris, cracking).

¢ Resistance can depend on geographical location (climate,
exposure to industrial pollution, exposure to salt as a deicing
agent, or proximity to the ocean).

In general, the consequences of exceeding SLSs are an
order, or even several orders, of magnitude smaller than those
associated with ULSs. Thus, an acceptable probability of
exceeding an SLS is much higher than for a ULS. If the target
reliability index (By) for ULS is By = 3.5 to 4.0, then for SLS,
Br=0.0 to 1.0 might be quite acceptable.

The current AASHTO LRFD (2012) considers foundation
settlement as an SLS. Foundation SLSs were probably the
most difficult issue dealt with in R19B because of the wide
range of physical parameters, numerous analytical solutions,
and the regional nature of the practice of geotechnical engi-
neering. Bridge foundations and other appurtenant struc-
tures such as approach embankments should be designed so
that their deformations will not damage the bridge super-
structure or other structural elements or ancillary elements
such as utilities, which are often attached to bridge structures.



Various aspects of deformations that should be considered in
the design of bridges include

e The effect of uneven settlement between various support
elements;

¢ The rotation and horizontal movements of the foundation
system affecting movements at the bridge-seat level; and

e Serviceability problems near a bridge abutment, in par-
ticular the ubiquitous “bump at the end of the bridge” that
affects joint serviceability and abutment performance.

The cumulative effect of these deformations may generate
uneven deformations and stresses across a bridge system and
its subsystems. In the case of an irregular pattern of settle-
ment, a reversal of stresses may occur in a bridge deck, result-
ing in the deck cracking at various locations. Cracking allows
moisture ingress, initiation of corrosion, and degradation of
various bridge elements, resulting in reduced structural
integrity. Thus, foundation deformations affect not only the
quality of ride and the safety of the traveling public, but also
the structural integrity of the bridge and its various compo-
nents. In addition, such deformations often lead to costly
maintenance and repair measures. The service life of a bridge
structure, its components, or ancillary elements such as utili-
ties attached to the bridge can be significantly affected by the
deformation characteristics of the foundation system.

In addition, it may be found that changes to material or
construction specifications are a more effective way to deal
with apparent serviceability issues than codified SLSs. This
could be the case, for example, with deck cracking, for which
changes to mix proportions or the use of curing practices
designed to reduce shrinkage may be as effective as limit
states based on strain calculations.

The conservative nature of bridge engineering practice leads
to one final special challenge for the development and calibra-
tion of SLSs. This challenge is that the concern for public safety
and the stewardship of public funds often results in a long
institutional memory of past unsatisfactory experience. It is
often a slow process to recognize when advances in technology
or codification have addressed a past problem. In the case of
SLSs in particular, which are often subjective, it is difficult to
ascertain whether changes to design provisions have resulted in
the desired improvement. It is analogous to the axiom that one
cannot prove a negative. For example, several years ago major
changes were made to the provisions for the design of modular
expansion joints, particularly in regard to fatigue. Have these
changes solved the problem so that the service life of these
joints has been increased to the point that they need not be
considered in this project? Has enough experience been gained
to know? How much good experience is needed to alter any
lingering perceptions based on earlier designs? To the research
team, these issues imply that when the results of R19B lead to

areduced design requirement rather than a new or more strin-
gent requirement, there is an enhanced need to thoroughly and
prudently evaluate the design implications.

1.7 Serviceability Versus
Deterioration

Various researchers have considered deterioration of highway
bridges and tried to track change over time for various types
of bridge and service conditions (i.e., type of roadway) by
using National Bridge Inventory (NBI) condition numbers or
a similar state-specific index. Others have tried to relate dete-
rioration to bridge type as the primary variable. Although the
general deterioration of the bridge inventory is important
from an administrative point of view, the specific impact on
load-carrying capacity that might reduce the service life is a
microlevel consideration. The various deterioration models
are of limited value in that context. Nevertheless, they are part
of the current state of the art and can inform an owner’s
effort to account for the effects on resistance over time. With
that in mind, several deterioration models found in the litera-
ture that use information currently available to owners are
reviewed in Chapter 4 of this report.

As discussed in Chapter 2, a survey of bridge owners was
conducted to identify which bridge components required
sufficient periodic maintenance to be a significant factor in
their maintenance budgets. The number of times 23 compo-
nents were cited is shown in Chapter 2, Figure 2.6.

1.8 Durability

Design Guide for Bridges for Service Life (Azizinamini et al.
2013), a product of SHRP 2 Project R19A, contains guid-
ance for selecting system, subsystems, and components of
bridges believed to promote long life. That information is not
repeated here.

Producing more durable bridges is best achieved through
a holistic approach starting with type and location decisions
through the entire bridge life to decommissioning. A study
for the Alabama DOT that addressed virtually every aspect of
the bridge delivery and maintenance system identified 57 fac-
tors needed to provide more durable bridges (Ramey and
Wright 1994). The DuraCrete report (2000) describes how
the ability to quantify the durability and service life of a bridge
changes during the design phase, construction phase ending
with transfer (handing over), subsequent inspection and assess-
ment phase, and possible repurposing phase. It is pointed out
that the designer has the least accurate information about
environmental loads, material properties, and quality of the
constructed facility than at any other time in the service life
of the facility.
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Rostam (2005) describes two overarching strategies for
addressing durability:

e Strategy A, avoidance (such as use of corrosion-resistant
rebar); and

e Strategy B, selection of materials and details to resist dete-
rioration for a given time.

Reliability modeling of deterioration is relevant only for
Strategy B, and European researchers have developed some
deterioration models and reliability applications for concrete
components (DuraCrete 2000). In particular, models have
been proposed for corrosion of rebar from salt intrusion and
carbonation. Some of the necessary data have been accumu-
lated in Europe.

Freyermuth (2009) lists the following options for achiev-
ing extended service life of concrete bridges, although the
extension is not quantified:

¢ Use of high-performance concrete to decrease permeability;

¢ Use of prestressing to reduce or control cracking;

e Use of jointless bridges, or bridge segments, and integral
bridges;

¢ Use of integral deck overlays on precast concrete segmental
bridges in aggressive environments; and

e Selective use of stainless steel reinforcing.

These important strategies may be regarded as high-level
decisions that should be made before the detailed numerical
design proceeds. Use of noncorrosive deicing and fixed anti-
icing spray technology was also noted as an in-service strat-
egy for enhancing concrete deck life, in particular.

It is of interest to consider the number of railroad bridges
that have served for over 100 years with minimal main-
tenance. Although corrosion is often evident in railroad
bridges, the severe attack of structural steel and reinforcing
steel from deicing salt, in particular, is a major distinction in
the deterioration of highway bridges, as is the pounding from
truck traffic.

Structures intended to provide at least a 100-year service
life must have the following four attributes, which are dis-
cussed in detail below:

¢ Be conceived, sited, and designed to provide an acceptable
level of reliability with respect to the natural environment
and human-made loads.

¢ Be properly constructed with suitable materials and details.

¢ Be provided with adequate control of deck drainage, espe-
cially in areas where deicing or environmental salt is
applied.

¢ Be treated with timely preventative maintenance of protec-
tive coatings, drainage systems, joints, and bearings.

1. Acceptable level of reliability with respect to the natural
environment and human-made loads. The particular mod-
ification to the AASHTO LRFD proposed in Chapter 7 of
this report relates to cracking of reinforced concrete, con-
trol of stresses in prestressed concrete, control of fatigue
cracking in steel and concrete construction, and settlement.
This recommended modification, as well as the endorse-
ment of current practice for limiting stresses due to over-
loads, will contribute to reduced damage and hence extended
service life.

2. Properly constructed with suitable materials. The benefits of

quality construction are self-evident. Every DOT has con-
struction and material specifications, as well as field and
plant inspections, intended to ascertain that those require-
ments are achieved in the completed project. It is outside
the scope of this project to critique those processes. Gener-
ally, concrete structures are adversely affected by ingress of
salt, which leads to corrosion of embedded steel; chemical
attack, such as alkali—silica reactivity and sulfate attack; and
scaling, such as that associated with freeze—thaw cycles.

Langley (1999) details some of the steps taken to address

these issues on the Confederation Bridge. Mirza (2007)

summarizes the concrete durability provisions of various

Canadian Standards Association specifications.

Some well-accepted durability-enhancing materials and
processes are described below. The cost of these enhance-
ments and the benefit achieved vary from state to state and
even within a state. Environmental regulations and mainte-
nance and protection of traffic can add tremendously to the
total cost of maintenance operations, and these associated
costs also vary widely. Therefore, no attempt has been made
to quantify cost-benefit characteristics.

e Salt intrusion is slowed by drainage control; providing
suitable cover; use of dense, low-permeability concrete
(such as high-performance concrete (HPC) and ultra-
high-performance concrete); and control of cracking.

e The effects of salt intrusion and depassivation due to
carbonation can be mitigated by using corrosion inhib-
itors, coated reinforcing, bimetallic reinforcement,
stainless steel reinforcing, or nonmetallic reinforce-
ment such as fiber-reinforced plastic composites. With-
out citing cost—benefit specifics, it will generally be
found that cost increases with each step in the reinforc-
ing path above.

e Aggregate reactivity issues such as alkalisilica reactivity
are usually handled by prescreening possible sources by
using laboratory tests to identify susceptibility. Most states
have approved sources that largely eliminate aggregate
reactivity. Use of low-alkali cement can also reduce sus-
ceptibility of a concrete mix.

e Sulfate attack is a result of the growth of minerals
caused by reaction of chemicals in the cement with



sulfates in the mix; usually these sulfates are in the

water, but they may be in the aggregate. Sulfate attack

debonds the aggregate and creates expansive pressure
leading to crack or delimitation. The causes and
effects are similar to alkali—silica reactivity. Use of

Type II, Type V, or blended cement is often indicated

as well as use of approved material sources. Factors

that reduce permeability are also usually helpful

Detwiler (2008) states that “Maximum limits on the

water-cementitious materials ratio, combined with

good concreting practices—especially good curing—
are even more important to sulfate resistance than the

right cement.” ACI 201.2R-08 (ACI Committee 201

2008) provides recommended mix practices for vari-

ous sulfate concentrations.

¢ Freeze—thaw cycles can lead to scaling of the concrete
surface due to pressure caused by the expansion of
water in the concrete. Use of air-entraining, high-
strength mixes and low permeability are effective
countermeasures, although air entrainment can result
in reduced strength and may not be compatible with
HPC or high-strength concrete. Use of fly ash can be
counterproductive if delayed strength gain exposes the
concrete to freezing before sufficient strength has been
developed.

e Prestressing contributes to control of salt intrusion by
reducing in-service cracking. Although some cracking
may result from overloads, thermal gradients, and shrink-
age, the cracks will generally close when the causative
effect is reduced or eliminated. Beam ends exposed to
salt-laden deck drainage have been found to be suscep-
tible to corrosion damage resulting from water entering
the beam via the strand ends. Tabatabai et al. (2004)
documented the benefit of coating the end 2 ft with
sealing materials and concluded that of four tested
materials, a polymer resin coating was most effective
and easiest to apply.

Modern bridge steels are produced to tight tolerances
of strength and element sizes. Toughness varies some-
what more than other properties, but it usually exceeds
the minimum specified values, sometimes substantially.
Corrosion can have a significant effect on service life if
not addressed. From a material point of view there are five
general ranges of corrosion susceptibility provided by
conventional steel, weathering steel, high-performance
steel, 1035 steel (sometimes referred to as semistainless
steel), and stainless steel. Improved corrosion resistance
and cost increase with each step along the product line.
Stainless steel has received little use in bridge construc-
tion primarily due to cost. However, it has seen more use
in recent years.
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Fatigue is an in-service design issue that is virtually
unaffected by material choice and seems to be well
addressed from the resistance side by current design
criteria.

Properly constructed, the key descriptor in the second
attribute contributing to 100-year bridge service life, car-
ries with it the requirement to provide sufficient field mon-
itoring of construction to ensure that the work is executed
within tolerances that are consistent with those assumed in
the design. For example, the concrete cover is one of the
major factors related to the rate of chloride intrusion and
carbonation, yet it is difficult to control in the field unless
suitable spacers are provided and the rebar cage, tendon
ducts, and so forth are sufficiently tied to maintain their
position during concrete placement. Proper consolidation,
curing, and water control are critical, especially in regard to
cracking and permeability. This requires vigilance by
laborers, supervisors, and inspectors.

. Providing adequate control of deck drainage. Damage caused

by deck drainage, particularly salt-laden drainage, has been
a major cause of deterioration in both steel and concrete
bridges. The reduction in the number of deck joints through
the use of continuous construction, combined with the
widespread use of coated reinforcing, has reduced the
impact of this problem. Although fully integral bridges have
eliminated all deck joints, many bridges are still designed
with some joints. In addition, most existing bridges contain
joints, and they will be in use for a long time.

. Timely preventative maintenance of protective coatings,

drainage systems, joints, and bearings. Preservation of coat-
ing systems is probably the most important step in the
preservation of painted steel bridges and contributes to
reduced permeability of concrete surfaces. Weathering
steel bridges often have the area under and adjacent to
deck joints coated, in which case preservation of that coat-
ing is as important as maintaining the coating system on
painted steel bridges.

Maintenance of joints, troughs, and drainage hardware
helps to control the flow of deck drainage to reduce dete-
rioration of bearings, girders pier caps, and abutments.
The use of continuity and integral and semi-integral abut-
ments has been found to be effective in drainage control.

Washing of bridges is usually thought to be a cost-
effective means of bridge maintenance. However, Klaiber
et al. (2004) found that for bridges on secondary roads,
after 10 years deck washing did not produce significant
improvement in deck durability.

The effects of degradation were not included in the
reported calibrations. It is assumed that maintenance will
take place before deterioration significantly affects service
load response. Further, the deterioration that might affect
service response (other than appearance issues, which
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could be considered an SLS for some bridges) could be
quite different from that which affects deflection, vibra-
tions, concrete cracking, and so forth. The condition of
the bridge can be included as a change to resistance at a
given point in time, and reliability indices can be recalcu-
lated on that basis.

Although details, materials, and techniques that are antici-
pated to increase service life can be identified, the quantifica-
tion of that increased life, or the change in reliability, is not
generally possible at this time. An exception may be the rates
of chloride ingress and carbonization for uncracked concrete
under conditions similar to those in laboratory testing. For
example, Fick’s Second Law of Diffusion has been used to
estimate the time until chlorides reach a threshold value at
reinforcement in the Confederation Bridge given cover, a dif-
fusion constant, and a chloride content.

Rostam (2005) lists the following parameters required to
determine mix design qualities to provide a target service life:

e The design surface chloride concentration;

e The background chloride concentration foreseen in the
concrete mix;

¢ The chloride diffusivity;

e The critical chloride concentration triggering corrosion
of the reinforcement (the threshold value); and

e The aging factor, represented by a decreasing diffusion
coefficient with increasing age.

Procedures are available (DuraCrete 2000) to develop a
distribution of time to reach the threshold for a given cover
from which the criteria exceedances, and hence a reliability
index, can be found.

To date this approach has not been widely used. Develop-
ment of various parameters for regional or local material
sources and concrete mixes would probably be needed for
wide application.

1.9 Initial Coordination with
FHWA Long-Term Bridge
Performance Program

Asindicated above, very little usable data have been found for
use in developing and calibrating SLSs. FHWA recently initi-
ated the long-term bridge performance program (LTBPP),
which is intended to measure response factors for in-service
bridges for as long as 20 years. This project could collect data
needed for future development and improved calibration of
SLSs, possibly even a full probabilistic approach. Task 8 in
Phase 2 of this project requires that the R19B research team
establish a dialogue with the LTBPP research team. SHRP 2
staff asked that this dialogue be started earlier, and a joint

project coordination meeting was held in the autumn of
2009. Both teams recognized the benefit that could result
from an open sharing of information and data needs. An
initial list of worthwhile types of data that the LTBPP team
might consider measuring in the bridges they will be
instrumenting was presented to the LTBPP team for their
consideration:

e Put survey targets on substructures (piers and abutments),
preferably starting with a bridge under construction, using
some sort of laser monitoring to determine displacements
and rotations with time. Possible foundation monitoring
points were discussed with the LTBPP team.

e Try to measure the relative and absolute movement between
substructure and superstructure.

e Collect data on the rate of aging of joints and bearings,
including debris collection and initiation of leaking.

¢ Collect data on vehicular damage to joints.

e Try to collect data on traffic patterns, including convoying
and lane usage.

e Measure relative movements at and across joints, similar to
what bridge inspection teams sometimes measure (some-
times hard to relate to temperature).

¢ Try to monitor longitudinal forces in structures. This could
apply to the design of joints and bearings, as well as col-
umns and foundations.

e Try to determine if there is any in-service way to monitor
change in friction with age and wear of expansion joints
and bearings.

¢ Try to monitor pavement growth and effectiveness of cycle
control joints.

e Assess corrosion loss or other elements of resistance change.

e Monitor coating deterioration.

e Try to measure something on jointless bridges involving
the potential for pier damage or movements of integral
and semi-integral abutments, pressure behind abutments,
and movements and stresses in the piles of integral and
semi-integral abutments.

e Start to assemble data on the variability of prestress
camber.

e Monitor possible development of cracks in prestressed
concrete beams and relate to overloads and environmental
factors.

e Monitor regional thermal gradients in superstructures, as
well as large exposed box members such as tie girders and
ribs. Verify Imbsen’s NCHRP study and extend to steel.

e Monitor salt ingress regionally and relate to application
rate and structural parameters.

In order to remain in active contact with the LTBPP team,
the R19B principal investigator accepted a position on
the Transportation Research Board’s Long-Term Bridge



Performance Committee. In addition, one of the coprincipal
investigators has been associated with LTBPP virtually
throughout the project and is now technical director of the
project.

1.10 Dialogue with AASHTO
HSCOBS and Others

Numerous presentations were made to keep the bridge com-
munity apprised of issues related to Project R19B, to seek
information for the project, and to gauge reactions of owners
to potential new design requirements.

Venues included the following:

e The AASHTO Technical Committees: T-5 (Loads and Load
Distribution) in 2011 and 2012; T-10 (Concrete Design) in
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2012 and 2013; T-14 (Steel Design) in 2010, 2011, 2012, and
2013; and T-15 (Foundations) in 2012, as well as the full
HSCOBS meeting in 2009, 2010, 2011, and 2012

The 2012 Annual Meeting of the National Transportation
Board in Washington, D.C.

The 2010 Annual Meeting of the Prestressed Concrete
Institute in Philadelphia, Pennsylvania

The International Association for Bridge Maintenance and
Safety meeting, 2012

The U.S.—China Seminar on Highway Technology in
Beijing, 2012

The SHRP 2-Forum of European National Highway
Research Laboratories Joint Symposium in Brussels, Bel-
gium, 2010

The poster session at the 2009 Annual Meeting of the
National Transportation Board in Washington, D.C.



Current State of the Art

2.1 Approach

As part of Phase 1, an assessment of the current state of the
art related to service limit states (SLSs) was conducted as
follows:

e Areview of technical literature was conducted and is sum-
marized in Section 2.2.

¢ A survey was made of the requirements for SLSs in several
modern bridge design specifications, including the Amer-
ican Association of State Highway and Transportation
Officials’ (AASHTO) AASHTO LRFD Bridge Design Speci-
fications. This survey included reconstructing the back-
ground of the existing SLS requirements. Much of the
detail on concrete requirements was developed under
NCHRP Project 12-83 after initial identification was made
in SHRP Project R19B. This approach is consistent with
the relationship between these projects as introduced in
Chapter 1. The requirements of the Eurocode and the
Canadian Highway Bridge Design Code (CHBDC) (2006)
were also reviewed, and significant clauses are summa-
rized here.

e A survey of owners and some industry groups was con-
ducted by the R19B research team. Surveys were also
conducted by the R19A and NCHRP 12-83 teams. The
survey results obtained by the R19B team are discussed
in detail in Section 2.4.1, and the results obtained during
NCHRP 12-83 and those obtained during R19A that
relate to R19B are summarized in Sections 2.4.2 and
2.4.3, respectively.

2.2 Summary of Literature
Survey

Results of the literature survey as they relate to the current
requirements in various design specifications are summarized
in Section 2.3.

14

2.2.1 Serviceability, SLS, Deterioration,
and Maintenance in the
Technical Literature

A limited survey was made of sources readily available at
Modjeski and Masters and on the Internet to investigate
the range of issues and phenomena various organizations
associate with the terms serviceability, SLS, deterioration,
and maintenance. The results are listed in the following
subsections.

Serviceability

e Merriam-Webster (2010)—Fit for use, of adequate quality
(comes from definition for serviceable).

e Wikipedia (2010)—Conditions under which a structure is
still considered useful.

e Manual for Bridge Evaluation (2008)—A term that denotes
restrictions on stress, deformation, and crack opening under
regular service conditions.

o Steel Construction Manual (2011)—A state in which the
function of a building, its appearance, maintainability, dura-
bility, and comfort of its occupants are preserved under
normal usage.

e ASCE/SEI 7-10: Minimum Design Loads for Buildings and
Other Structures (2010)—Structural systems, and members
thereof, shall be designed to have adequate stiffness to limit
deflections, lateral drift, vibration, or any other deforma-
tions that adversely affect the intended use and performance
of buildings and other structures.

e 2006 Seattle Building Code (International Code Council
2007)—Structural systems and members thereof shall be
designed to have adequate stiffness to limit deflections and
lateral drift as set by code writing bodies such as the Ameri-
can Concrete Institute (ACI), the American Institute of
Steel Construction (AISC), and the International Building
Code (IBC).



Eurocode (EN 1992-2 2005)—Perform adequately under
all expected actions.

ISO 2394 (1998)—Ability of a structure or structural ele-
ment to perform adequately for normal use under all
expected actions.

Service Limit State

Wikipedia (2010)—Fails to meet technical requirements
for use while remaining strong enough to stand (service-
ability limit).

Manual for Bridge Evaluation (2008)—Limit state relating

to stress, deformation, and cracking.

AASHTO LRFD (2012)

O Service I—Deflection control, crack-width control in
R/C members, slope stability;

O Service II—Control yielding of steel structures, slip of
slip-critical connections;

O Service III—Crack control in prestressed concrete
members;

O Service [IV—Relating to tension in prestressed concrete
columns with the objective of crack control;

O Deformations—Article 2.5.2.6;

O Concrete—Cracking, deformation, and concrete stresses
specified by Articles 5.7.3.4,5.7.3.6, and 5.9.4;

O Steel—Permanent deformations due to localized yield-
ing that would impair rideability under severe traffic
loadings as specified by Articles 6.10.4.2 and 6.11.4; and

O Decks—Deck deformation (9.5.2).

AISC Steel Design Guide 3 (2003)—Define the functional

performance of the structure (should be met), involve

response of people and objects to the behavior of the struc-
ture under load.

AISC Steel Construction Manual (2011)—Limiting con-

dition affecting the ability of a structure to preserve its

appearance, maintainability, durability or the comfort of
its occupants or function of machinery, under normal
usage.

ASCE/SEI 7-10: Minimum Design Loads for Buildings and

Other Structures (2010)—Conditions in which the functions

of abuilding or other structure are impaired because of local

minor damage or deterioration of building components or
because of occupant discomfort or annoyance.

2006 Seattle Building Code (International Code Council

2007)—A condition beyond which a structure or member

becomes unfit for service and is judged to be no longer

useful for its intended function.

Eurocode (EN 1992-2 2005)—Associated with conditions of

normal use, concerned with the performance of structure

or part of structure, comfort of people, and appearance of
structure.

CHBDC (2006)—See Section 2.3.3.
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ISO 2394 (1998)—A state that corresponds to conditions
beyond which specified service requirements for a structure
or structural element are no longer met.

O Local damage (includes cracking) that may reduce the
working life of the structure or affect the efficiency or
appearance of structural or nonstructural elements;

O Unacceptable deformations that affect the efficient use
or appearance of structural or nonstructural elements
or functioning of equipment; and

O Excessive vibrations that cause discomfort to people
or affect nonstructural elements or functioning of
equipment.

International Federation for Structural Concrete (fib) Bulle-

tin 34 (Fédération Internationale du Béton 2006)—States

that correspond to conditions beyond which specified ser-
vice requirements for a structure or structural member are
no longer met.

Louisiana Department of Transportation and Development

LRFD Bridge Design Manual (2006)—Stress, deformation,

and crack width are limited under service conditions.

O Pile foundations—settlement and horizontal movement.

West Virginia Department of Transportation (DOT), Divi-

sion of Highways, Bridge Design Manual (2006)—Covers

cracking, deformations, deflections and concrete stresses.

Deterioration

Merriam-Webster (2010)—Action or process of deterio-
rating (deteriorating defined as “to make inferior in quality
or value”).
Wikipedia (2010)—To make worse.
CHBDC (2006)—Includes corrosion.
U.S. Army Corps of Engineers Coastal Engineering Manual
(2002)—Gradual aging of the structure and or its compo-
nents over time.
Bridge Inspector’s Reference Manual (2002)—Definition:
decline in quality over a period of time due to chemical or
physical degradation.
Bridge Inspector’s Reference Manual (2002)—Types of dete-
rioration for different materials.
O Timber.
» Natural defects—checks, splits, shakes, fungi, and
insects;
» Chemical—acids, bases or alkalis; and
= Other types—delamination, loose connections, sur-
face depressions, fire, impact or collisions, abrasion or
mechanical wear, overstress, weathering or warping,
protective coating failure.
O Concrete.
= Reinforced concrete—cracking, scaling, delamina-
tion, spalling, chloride contamination, efflorescence,
ettringite formation, honeycombs, pop-outs, wear,
collision damage, abrasion, overload damage;



16

= Prestressed concrete—structural cracks, exposed pre-
stressing tendons, corrosion of tendons in bond zone,
loss of camber due to creep or prestress losses;

= Reinforcement—corrosion; and

= Causes—temperature fluctuation, chemical attack,
moisture absorption, differential foundation move-
ment, design and construction deficiencies, fire.

O Steel—corrosion, fatigue cracking, overloads, collision,
heat, paint failures;

O Concrete decks—cracking, scaling, delamination, spall-
ing, efflorescence, honeycombs, pop-outs, wear, collision
damage, abrasion, overload damage, reinforcement corro-
sion, prestressed concrete deterioration; and

O Steel decks—bent, damaged, or missing members; corro-
sion, fatigue cracks, other stress-related cracks.

Maintenance

e Merriam-Webster (2010)—The upkeep of property or
equipment.

e Wiktionary (2010)—Actions performed to keep a system
or machine functioning or in service.

o Eurocode (EN 1992-22005)—Under “Use and Maintenance”:
Monitoring performance, inspection for deterioration or
distress, investigation of problems, and certification of work.

e Ontario Traffic Manual: Book 5: Regulatory Signs (2000)—
The upkeep of highways, traffic control devices, other trans-
portation facilities, property, and/or equipment.

e CHBDC (2006)—Under “Inspection and Maintenance” of
commentary: Without routine inspection, maintenance,
repair or rehabilitation it is unlikely that any structure will
achieve its design life.

e U.S. Army Corps of Engineers’ Coastal Engineering Manual
(2002)—Recognize potential problems and take appropri-
ate action to assure project continues to function at accept-
able level.

e Bridge Inspector’s Reference Manual (2002)—Basic repairs
performed on a facility to keep it at an adequate level of
service.

o ISO 2394 (1998)—Total set of activities performed during
the design working life of a structure to enable it to fulfill
the requirements for reliability.

e fib Bulletin 34 (Fédération Internationale du Béton 2006)—
Set of activities that [is] planned to take place during the
service life of the structure in order to fulfill the require-
ments of reliability.

e Maryland Manual on Uniform Traffic Control Devices for
Streets and Highways (2006)—Activities performed to
retain the legibility and visibility of the device, and to retain
proper functioning of the device.

¢ Ohio DOT Bridge Design Manual (2007)—Keeping all por-
tions in good condition with regard to strength, safety, and
rideability.

There is broad similarity in the use of the terms investi-
gated, especially for maintenance and deterioration, with the
Bridge Inspector’s Reference Manual providing much more
detail, as would be expected. The term serviceability gener-
ally relates to high-level statements on structural behavior.
SLS ranges from generalities to very specific quantitative
requirements, although most of the surveyed sources deal
with vibrations, deflections including foundation settlement,
user comfort, and cracking.

There is little mention of appearance-related issues such as
rusting of steel or cracking or discoloration of concrete in
relation to serviceability.

Generally, the SLSs currently specified in AASHTO LRFD
consider most of the behaviors found in this part of the litera-
ture survey. This does not preclude the improvement of func-
tionality through calibration, nor the possibility that new limit
states might be identified through other aspects of the litera-
ture search reported in this section; more extensive evaluation
of the state of the art summarized in Sections 2.2 and 2.3; the
results of surveys reported in Section 2.4; or the experience of
the research team.

2.2.2 Search for SLSs not yet Implemented

Several reports were reviewed to determine whether any
additional SLSs should be considered when designing bridges.
The additional information was meant to supplement the
literature review performed as part of SHRP 2 Project R19A.
Reports were gathered from sources such as the National
Cooperative Highway Research Program, the Federal Highway
Administration, the ACI Structural Journal, American Con-
crete Institute (ACI) committee documents, and conference
proceedings of the Structures Congress and the American
Society of Civil Engineers (ASCE).

The investigated reports pertained to establishing foun-
dation limit states, concrete cracking of beams and bridge
decks, concrete shrinkage, fatigue of prestressed concrete
members, and methods of controlling vibration. Each report
was reviewed to determine the usefulness of the information.
Any methods that could potentially be used in creating new
SLSs were noted and investigated further.

Many sources provided information that was too general
to be useful, with many of the discussed methods for reduc-
ing serviceability issues relating to nonstructural aspects of
the design process, which would not be useful in calibrating
limit states. Some of the sources, however, provided useful
methods of anticipating and determining the effects of ser-
viceability issues such as crack width, crack spacing, and pre-
stressed concrete fatigue.

Bridge-related research problem statements are reviewed
annually by Technical Committee 11 of the Highway Subcom-
mittee on Bridges and Structures. It was thought that a review



of these documents could show a need for additional SLSs that
were not approved for funding but may still be worthwhile in
the context of this project. However, there is apparently no
archive of old research problem statements.

2.2.3 Joints and Bearings

The design lives of bearings and expansion joints are impor-
tant with regard to the serviceability of bridges. With the
exception of deck deterioration, poor performance of these
components probably results in most of the deterioration
and maintenance activities on typical bridges. Even a cursory
investigation into the design life of these components showed
widely varying results.

Several codes and design guides included expected lives of
bearings:

e fib Bulletin 34—10 to 25 years (Fédération Internationale
du Béton 2006).

¢ Queensland Government Main Roads Specification MRS81:
Bridge Bearings (2012), Section 6.3—100 years for Expo-
sure Classification B1, design life for bearings in Second
Gateway Bridge (Outokumpu 2013). The steps involved to
achieve a specified service life include
O Definition of the characteristics of the environment;

O Identification of the potential deterioration mechanisms
in that environment;

O Determination of the likely rate of deterioration;

O Assessment of the material life;

O Definition of the required material performance;

O Consideration of a probabilistic approach to the vari-
ability of the relevant parameters; and

O Assessment and definition of the need for further
protection.

e Steel Bridge Bearing Selection and Design Guide (1996)—
Shorter than that of other bridge elements.

e Japan (Itoh and Kitagawa 2001)—25 to 35 years with an
average replacement at 30 years (these values are estimated
to determine life-cycle cost).

e Indian Railways Institute of Civil Engineering (Bridge Bear-
ings 2006)—Attempt to specify a bearing with an expected
life similar to that of the bridge.

Project R19A completed a survey of state DOTs with regard
to their experiences with bearings. The results from their
interim report are summarized below:

¢ Elastomeric—15 to 50 years experienced, 50 to 75 expected.

¢ Polytetrafluoroethylene—20 to 50 years experienced, 20 to
75 expected.

¢ Cotton duck—35 to 50 years experienced, 75 expected.
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e High-load multirotational—For pots, 10+ years experi-
enced; for other high-load multirotational, 15 to 40 years
experienced, 30 to 75 expected.

e Fabricated steel—15 to 100 years experienced, 50 to 75
expected.

In addition to the suggested or expected design service life
of bearings proposed by various design manuals or industry
publications, bearing manufacturers also provided expected
life for their products. The expected life of the bearing depends
on the manufacturer and the quality of installation, but is
typically within the range of 20 to 80 years. Maurer Sohne
(2011) suggests that their MSM sliding bearings provide a
service life of up to 80 years. Agom International, srl. (2013)
and D.S. Brown (Kaczinski 2008) suggest a service life of more
than 50 years for their pot bearings and steel-reinforced elas-
tomeric bearings, respectively. Technoslide (2013) provides
documentation on plain bearings manufactured by Bearing
Technologies that suggests a service life of 20 to 40 years for
elastomeric bearings; stainless steel, polytetrafluoroethylene,
and CSB-10 bearings have a life that is assumed to match the
life of the bridge. CSB-10 is a proprietary material manufac-
tured by CSB Bearings Co.

The service life for expansion joints has been examined by
at least two agencies within the United States. Reports sum-
marizing estimated service life along with a minimum and
maximum estimate were developed. The results are shown in
Table 2.1 (Indiana sent out two surveys; the results of both
surveys are included in the table).

Several other organizations and projects have also looked
into the service life of expansion joints. The Bridge Joint
Association (2010) suggests that the service life of the expan-
sion joint should equal the service life of adjacent surfaces.
The same life-cycle cost analysis completed in Japan (Itoh
and Kitagawa 2001) for bearings also suggested the service
life of expansion joints as 15 to 25 years, with the average
being 20 years. NCHRP Synthesis 319 (Purvis 2003) noted
that in Florida elastomers used in joint seals must provide a
service life warranty for a minimum of 5 years. Research
completed as part of Project RI9A (AASHTO 2013) shows
the following for estimates of service lives:

¢ Field molded joints—1 to 3 years.

e Strip seal joints—3 to 30 years.

e Compression seal joints—3 to 30 years (also listed as 2 to
20 years).

e Finger plate joints—10 to 50 years.

¢ Modular expansion joints—10 to 50 years.

Asjoints and bearings typically have service lives much less
than the 100-year criterion for this project, these elements
were not calibrated, but instead should be designed to be
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Table 2.1. Service Life of Expansion Joints

Arizona Indiana
Joint Type Mean | Min | Max Mean Min Max
Pourable seals 11.5 4 30 | 52,56 1,0 15,20
Compression seals 12.7 5 25 11.7,10.3 0,2 20, 20
Strip seals 18.0 8 30 | 11.9,10.9 0,15 20, 25
Finger or slide plate joints 28.1 10 75 - - -
Modular joints 19.2 10 25 - - —
Integral abutments 50.9 15 100 | 8.7,7.3-9.8 | 0,1.5 20, 15-20

Polymer-modified asphalt — -

— | 35,5768 | 1,0-1.5 | 10,10-20

Note: — = not available.

Sources: For Arizona, Evaluation of Various Types of Bridge Deck Joints 2006; for Indiana, Chang and

Lee 2001.

replaceable. Expansion joint manufacturers also provided esti-
mates of service life for their products. One modular expan-
sion joint manufactured by Maurer provides an estimated
service life of 40 years and 20 years for replaceable components.
D.S. Brown (Kaczinski 2008) notes that soft joints (silicone—
urethane and asphaltic plug joints) have a life expectancy of
less than 5 years. Miska (2013) noted that their neoprene com-
pression seal has over 30 years of proven durability.

2.3 Serviceability
Requirements in Several
Modern Bridge Design
Specifications

2.3.1 AASHTO LRFD
The current AASHTO LRFD (2012) SLSs include limits on

e Live load deflection of structures.

e Fatigue of steel and concrete details.

e Cracking of reinforced-concrete components.

o Tensile stresses in prestressed concrete components.

e Compressive stresses in prestressed concrete components.
¢ Settlement of shallow and deep foundations.

e Permanent deformations of compact steel components.

e Slip of slip-critical friction bolted connections.

Design provisions are specified either in the resistance sec-
tions or Section 3 of AASHTO LRFD. The design load combi-
nations in AASHTO LRFD are presented in Table 3.4.1-1. As
stated in Chapter 1, these SLSs and the associated load and
resistance factors are based on apparent successful past practice
and have not been subject to a reliability-based calibration.
There are no consistent performance levels associated with
these limit states, although some are associated with differences
in environmental or traffic exposure.

As decisions were made as to the retention or modification
of the current AASHTO LRFD provisions, background infor-
mation for the current SLSs is provided below.

Settlement of Shallow and Deep Foundations

Serviceability aspects of foundations and walls are related to
the deformation characteristics of geomaterials and struc-
tural elements. In the current AASHTO LRFD (2012), Sec-
tion 10 (Foundations) and Section 11 (Abutments, Piers, and
Walls) present a variety of formulations for estimating defor-
mation of foundations and walls. These formulations are not
consistent in the sense that they range from theoretical,
semiempirical formulations to charts based on measured
deformations. For example, the vertical settlement of spread
footings is based on Hough’s (1959) method, which is largely
a theoretical method, but the settlement of pile groups is based
on a choice of one of four idealized cases that use Hough’s
method. In contrast, the lateral deformations of retaining
walls are based on semiempirical methods and charts. Such
approaches are adopted for all types of foundations and walls
in Sections 10 and 11 of AASHTO LRFD. Although this wide
range of approaches is understandable given that foundation
design is more an art based on observations than a science, it
created a challenge in the context of SLS calibration using a
consistent basis. The calibration processes proposed for geo-
technical features in Chapter 6 could be considered to estab-
lish a consistent framework for foundations and walls. An
example of this approach is demonstrated for vertical settle-
ment of spread footings.

ToLERABLE VERTICAL DEFORMATION CRITERIA

From the viewpoint of serviceability of a bridge structure,
the geotechnical limit states relate to foundation deforma-
tions. Uneven displacements of bridge abutments and pier



foundations can affect the ride quality, functioning of deck
drainage, and the safety of the traveling public, as well as the
structural integrity and aesthetics of the bridge. Such move-
ments often lead to costly maintenance and repair measures.
However, overly conservative criteria can be wasteful. Deter-
mination of deformation criteria should be a collaboration
between the geotechnical engineer and the structural engi-
neer to find the optimum solution. Within the context of
foundation deformation, the geotechnical limit states can be
broadly categorized into vertical and horizontal deforma-
tions for any foundation type (e.g., spread footings, driven
piles, drilled shafts, or micropiles).

Agencies often limit the deformation to values of 1 in. or
less without any rational basis. The literature survey revealed
that the only definitive rational guidance related to the effect
of foundation deformations on bridge structures is based
on a report by Moulton et al. (1985). From an evaluation of
314 bridges nationwide, the report offered the following
conclusions:

The results of this study have shown that, depending on type of
spans, length and stiffness of spans, and the type of construc-
tion material, many highway bridges can tolerate significant
magnitudes of total and differential vertical settlement without
becoming seriously overstressed, sustaining serious structural
damage, or suffering impaired riding quality. In particular, it
was found that a longitudinal angular distortion (differential
settlement/span length) of 0.004 would most likely be tolerable
for continuous bridges of both steel and concrete, while a value
of angular distortion of 0.005 would be a more suitable limit for
simply supported bridges (Moulton et al. 1985).

Another study states the following:

In summary, it is very clear that the tolerable settlement criteria
currently used by most transportation agencies are extremely
conservative and are needlessly restricting the use of spread foot-
ings for bridge foundations on many soils. Angular distortions
of 1/250 of the span length and differential vertical movements
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of 2 to 4 in. (50 to 100 mm), depending on span length, appear
to be acceptable, assuming that approach slabs or other provi-
sions are made to minimize the effects of any differential move-
ments between abutments and approach embankments. Finally,
horizontal movements in excess of 2 in. (50 mm) appear likely
to cause structural distress. The potential for horizontal move-
ments of abutments and piers should be considered more care-
fully than is done in current practice. (Wahls 1983)

AASHTO LRFD used data from Moulton et al. (1985) and
Wahls (1983) to produce the guidance summarized in Table 2.2
for the evaluation of tolerable vertical movements in terms of
angular distortions.

The criteria in Table 2.2 suggest that for a 100-ft span, a
differential settlement of 4.8 in. is acceptable for a continu-
ous span, and 6 in. is acceptable for a simple span. These
relatively large values of differential settlement create con-
cern for structural designers, who often arbitrarily limit tol-
erable movements to one-half to one-quarter of the values
listed in Table 2.2 or develop guidance such as that shown in
Table 2.3.

Another example of the use of more stringent criteria is
from Chapter 10 of the Arizona Department of Transportation
(ADOT) Bridge Design Guidelines (2009), which states the
following:

The bridge designer should limit the total settlement of a
foundation per 100 ft span to 0.5 in. Linear interpolation
should be used for other span lengths. Higher total settlement

Table 2.2. Tolerable Movement Criteria for
Highway Bridges (AASHTO LRFD 20712)

Limiting Angular

Distortion, 8/L (radians) Type of Bridge

0.004 Multiple-span (continuous-span)
bridges

0.008 Simple-span bridges

Table 2.3. Tolerable Movement Criteria for Highway Bridges

(Geotechnical Design Manual 2012)

Total Settlement at
Pier or Abutment

Differential Settlement over 100 ft
Within Pier or Abutments and
Differential Settlement Between
Piers (Implied Limiting Angular
Distortion, radians)

Action

d<1in. S1001t < 0.75in.

(0.000625)

Design and construct

1in.<d<4in.

0.75in. < 61[)0“ <3in.
(0.000625-0.0025)

Ensure structure can tolerate settlement

d>4in. S0t > 3 iN.

(>0.0025)

Need departmental approval
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limits may be used when the superstructure is adequately
designed for such settlements. The designer shall also check
other factors such as rideability and aesthetics. Any total set-
tlement that is higher than 2.5 in, per 100 ft span, must be
approved by the ADOT Bridge Group.

Although from the viewpoint of structural integrity there
are no technical reasons for structural designers to set arbi-
trary additional limits to the criteria listed in Table 2.2, there
are often practical reasons based on the tolerable limits of
deformation of other structures associated with a bridge, such
as approach slabs, wingwalls, pavement structures, drainage
grades, utilities on the bridge, and deformations that adversely
affect ride quality. Thus, the relatively large differential settle-
ments based on Table 2.2 should be considered in conjunc-
tion with functional or performance criteria not only for the
bridge structure but also for all associated facilities. Samtani
and Nowatzki (2006) suggest the following steps in this regard:

1. Identify all possible facilities associated with the bridge
structure and the tolerance of those facilities to movement.
An example of a facility on a bridge is a utility (e.g., gas,
power, or water). The owners of the facility can identify
the tolerance of their facility to movements. Alternatively,
the facility owners should design their facilities for the
movements anticipated for the bridge structure.

2. Due to the inherent uncertainty associated with estimated
values of settlement, determine the differential settlement by
using conservative assumptions for geomaterial properties
and prediction methods. It is important that the estimation
of angular distortion be based on a realistic evaluation of
the construction sequence and the magnitude of loads at
each stage of the construction sequence.

3. Compare the angular distortion from Step 2 with the various
tolerances identified in Step 1 and in Table 2.2. Using this
comparison, identify the critical component of the facility.
Review this critical component to check if it can be relo-
cated or if it can be redesigned to more relaxed tolerances.
Repeat this process as necessary for other facilities. In
some cases, a simple resequencing of the construction of
the facility based on the construction sequence of the
bridge structure may help mitigate the issues associated
with intolerable movements.

This three-step approach can be used to develop project-
specific limiting angular distortion criteria that may differ
from the general guidelines listed in Table 2.2. For example, if
a compressed-gas line is fixed to a simple-span bridge deck
and the gas line can tolerate an angular distortion of only
0.002, then the utility will limit the angular distortion value
for the bridge structure, not the criterion listed in Table 2.2.
However, this problem is typically avoided by providing

flexible joints along the utility such that it does not control
the bridge design.

TOLERABLE HORIZONTAL DEFORMATION CRITERIA

Horizontal deformations cause more severe and widespread
problems for highway bridge structures than do equal magni-
tudes of vertical movement. Tolerance of the superstructure to
horizontal (lateral) movement will depend on bridge seat or
joint widths, bearing type(s), structure type, and load distri-
bution effects. Moulton et al. (1985) found that horizontal
movements less than 1 in. were almost always reported as
being tolerable, while horizontal movements greater than 2 in.
were typically considered to be intolerable. On the basis of this
observation, Moulton et al. (1985) recommended that hor-
izontal movements be limited to 1.5 in. The data presented
by Moulton et al. (1985) show that horizontal movements
resulted in more damage when accompanied by settlement
than when occurring alone.

Limitations on the Live Load
Deflection of Structures

The current requirements for live load deflection limits in the
AASHTO LRFD have their roots in the corresponding provi-
sions of the Standard Specifications for Highway Bridges, 17th ed.
(2002). These provisions have been reviewed repeatedly. Sum-
maries by Wright and Walker (1972), Roeder et al. (2002), and
Barker and Barth (2007) are often referenced.

The ASCE Committee on Deflection Limitations of Bridges
of the Structural Division (1958) reported on their examina-
tion of the live load deflection limits and depth-to-span ratios
in the 1953 American Association of State Highway Officials
(AASHO) Standard Specifications for Highway Bridges. The
earliest deflection limits were adopted in 1871 by the Phoenix
Bridge Company, which limited deflection to 1/1,200 of the
span length for a train moving 30 mph. The American Rail-
way Engineering Association (AREA) adopted depth-to-span
ratios in the early 1900s, although the limits were without
basis. Depth-to-span ratios for highway bridges were initially
set forth in 1913 and adopted by AASHO in 1924. Vibrations
became an issue in the 1930s, and the Bureau of Public Roads
attempted to provide a correlation between the bridges with
vibration problems and bridge properties. The result was limit-
ing deflections to L/800 for simple and continuous spans with-
out pedestrians, L/1,000 for simple and continuous spans with
pedestrians, and L/300 for cantilevered spans. The ASCE
Committee surveyed state highway departments to obtain data
on the behavior of bridges and the views of experienced bridge
designers. The conclusions of the survey included the follow-
ing: maximum oscillations occur with passage of medium-
weight vehicles, not heavy vehicles; reports of objectionable
vibrations came from continuous-span bridges more often



than simple-span bridges; and there is no defined level of
vibration that constitutes being undesirable. The vibration of
the bridge is affected by the following quantities:

¢ Bridge flexibility and associated natural frequency.

e Flexibility of vehicle suspension and associated natural
frequency.

¢ Relative weight of vehicles and bridge.

¢ Vehicle speed.

e Profile of approach roadway and bridge deck.

¢ Frequency of load application.

e Motion caused by loads in adjacent spans of continuous-
span structures.

e Damping characteristics of bridge and vehicle.

The use of depth-to-span ratios began in the early 1900s
with the American Railway Engineering and Maintenance of
Way Association (AREMA) (at that time AREA) specification
that pony trusses and plate girders should have a depth not
less than 1/10 of the span length. These ratios have changed
little over the years. The current depth-to-span limits are 1/10
for trusses and 1/12 for rolled shapes and plate girders.

The early specifications for highway bridges adopted with
some modification the depth-to-span ratios from AREMA.
The changes in depth-to-span ratios for highway bridges are
shown in Table 2.4 for selected time periods.

Both AREMA and AASHTO specifications included state-
ments that required flanges to be strengthened if section depths
smaller than those required by the limiting depth-to-span ratio
were used.

The use of depth-to-span ratios was primarily to limit
deflections, but it was also driven by economics. The limiting
values of depth-to-span ratios have decreased with time,
while allowable stresses have increased. This would result in
shallower sections being used, which would result in larger
deflections. This result confused the ASCE Committee on
Deflection Limitations of Bridges of the Structural Division,
which was tasked with investigating the origins of the deflec-
tion and depth-to-span limits. The committee quoted the
1905 AREA Committee’s explanation of their depth-to-span
ratios: “We established the rule because we could not agree on

Table 2.4. Historic Depth-to-Span Ratios
for Highway Bridges

Year Trusses | Plate Girders | Rolled Shapes

1913, 1924 1/10 112 1/20

1931 1/10 1/15 1/20

1935, 1941, 1/10 1/25 1/25
1949, 1953

2012 1/10 1/25 1/25
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any. Some of us in designing a girder that is very shallow in
proportion to its length decrease the unit stress or increase
the section according to some rule which we guess at. We put
that in there so that a man would have a warrant for using
whatever he pleased.”

The report concluded that the reasons for the two criteria,
deflection limit and depth-to-span ratio, are of different ori-
gin. The deflection limit is to limit undesired vibration, but
the depth-to-span ratio is a result of economics. In addition,
the report writers could not provide recommendations as to
what constitutes undesirable deflection or vibration or how
best to limit deflections or vibrations. The ASCE Committee
had minor modifications, but due to the empirical nature of
the current limits, they believed that they could not suggest
the revisions. They also believed that the then-current limits
were sufficient until further test data became available, but
that girders with composite action should be limited to
smaller deflections.

In U.S. practice, the deflection of bridges supporting vehic-
ular traffic is generally limited to the span length divided by
800 for simple spans and continuous spans and divided by
300 for cantilever arms. The specifications have placed fur-
ther limits on bridges also intended to carry pedestrian and
bicycle traffic. There is little technical support for the efficacy
of the current deflection provisions. They are simple to use,
but they do not directly relate to the actual issue of concern,
namely, the vibration response under live load. Although
the quasistatic deflection and dynamic response both involve the
stiffness of the bridge, the dynamic response also involves the
mass, damping, and the characteristics of the forcing function,
which is in turn related to the surface roughness, suspension
characteristics of the vehicle, and other parameters.

Wright and Walker (1972) developed a summary of the
experience with the deflection limitation provisions in the era
during which the bulk of the steel structures were of non-
composite construction. Roeder et al. (2002) revisited the
subject decades later and suggested that

e the current AASHTO limits are insufficient for control of
vibrations and should ultimately be removed;

e the current limit of L/800 for bridges without pedestrians
is not always sufficient to control vibrations, but should
not be removed as there is insufficient documentation to
warrant removing it from the design specifications; and

e the applied loading and use of load factors and distribu-
tion factors should be clarified.

Roeder et al. (2002) also suggested immediately removing the
L/1,000 deflection limit for bridges with pedestrian access.
As alternatives to the deflection limits (L/800 and L/1,000)
and until a method for controlling vibration frequency and
amplitude is approved by AASHTO, they suggest using the
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equations developed by Wright and Walker (1972) or the cri-
teria provided in the CHBDC (2006) for simple-span bridges.
Barker and Barth (2007) have compared the procedure in
AASHTO LRFD, which was intended to provide some unifor-
mity in application, to the specific procedures used in several
states. They found wide variations in load, load distribution,
and deflection limits. In some states, the individual interpreta-
tion is severe enough to frequently control the design, particu-
larly of steel bridges, by a significant margin. A sample of the
reported variation follows:

¢ Bridges without pedestrian access
O L/1,600 (one state);
O L/1,100 (one state);
O L/1,000 (five states); and
O L/800 (40 states).
¢ Bridges with pedestrian access
O L/1,600 (one state);
O L/1,200 (two states);
O L/1,100 (one state);
O L/1,000 (39 states); and
O L/800 (three states).
e Loads used based on AASHTO load factor design (LFD)
requirements
O HS20 truck only (one state);
HS20 truck plus impact (16 states);
HS20 lane load plus impact (one state);
HS20 truck plus lane load without impact (one state);
Larger of HS20 truck plus impact or HS20 lane load plus
impact (seven states);
HS20 truck plus lane plus impact (17 states);
Military or permit vehicles (four states); and
O HS25 truck (eight states).

O O O O

o O

Live load deflection is sometimes postulated to be a con-
tributor to the cracking of concrete decks. A sample of the
conflicting literature on this issue follows:

¢ Fountain and Thunman (1987) conducted a study in which
they examined the live load deflection criteria for steel
girder bridges with concrete decks and how the deflection
criteria are associated with cracking of the concrete deck.
Cracking can be caused by numerous factors, including
plastic shrinkage, deck restraint, drying shrinkage, long-
term flexure due to service loads, and repetitive vibrations.
The results indicated that the live load deflection criteria
did not meet the desired goals, which were strength, dura-
bility, and safety of steel bridges. Fountain and Thunman
questioned the applicability of the live load deflection cri-
teria as a majority of steel girder bridges are built with
composite decks, and composite decks lead to small tensile
stresses in the deck. In addition, as bridge stiffness increases,

the stresses in the deck may also increase due to interac-
tion between the deck and girder. The increased stresses
may lead to additional cracking or deterioration of the
bridge deck. Dynamic response of the bridge is affected
minimally by increases in flexibility; the increased flexibil-
ity leads to more lateral distribution of the load to adja-
cent girders.

Krauss and Rogalla (1996) examined available literature;
surveyed 52 transportation agencies in the United States
and Canada; and performed research using analytical
methods, as well as field and laboratory measurements. The
survey was used to develop an understanding of how often
transverse cracks are noted in new bridge decks, as well as
how they are believed to form. More than 18,000 bridges
were analyzed to examine the stresses in the concrete deck.
Laboratory testing indicated that concrete mix, environ-
mental conditions during concrete placement, and con-
struction practices significantly affected the formation of
transverse cracks. It was also determined that bridge charac-
teristics such as deck geometry and girder type, spacing, and
size significantly affect the formation of transverse cracks. It
was determined that continuous multigirder steel spans are
more susceptible to transverse cracks due to restraint of the
deck. Krauss and Rogalla also noted that longer spans are
more susceptible to cracking than shorter spans.
Goodpasture and Goodwin (1971) evaluated whether any
relationship existed between deck deterioration and live
load deflection. They examined 27 bridges to determine
which bridge type had the most cracking. Bridge types
included plate girders, rolled shapes, concrete girders, pre-
stressed girders, and trusses. Ten continuous steel girder
bridges were evaluated to determine if the stiffness of the
bridge influenced transverse cracking. The results indi-
cated no correlation between girder flexibility and amount
of transverse cracking.

Walker and Wright’s (1971) analysis indicated that spalling,
scaling, and longitudinal cracking are not associated with
girder flexibility. Transverse deck moments result in tension
along the top surface of the deck, possibly resulting in deck
cracking. Increased girder flexibility results in larger posi-
tive transverse moments and smaller negative moments
resulting in reduced likelihood of deck cracking.

Nevels and Hixon (1973) examined 195 girder bridges
consisting of simple- and continuous-span steel plate and
rolled girders and prestressed concrete girders. Span lengths
ranged from 40 to 115 ft. They concluded that there was
no relationship between flexibility and deck deterioration.
Similarly, the Portland Cement Association (1970) pre-
sented results of a study in which substantial evidence was
collected that indicated flexible bridges, typically steel
girder bridges, do not have a greater tendency to exhibit
deck cracking damage than other bridge types.



e Barker et al. (2008) examined deflection limits and deflec-
tion loadings from various states for a suite of 10 bridges for
both LFD and load and resistance factor design methods.
The results indicate that states using larger loads and more
restrictive deflection limits end up with designs controlled
by deflection. To meet the more restrictive deflection limits,
a significantly stiffer bridge would be needed. Furthermore,
it was noted that the 10 bridges were performing well and
had not demonstrated any detrimental effects, either user
comfort or structural damage, due to excessive deflections.
The suite of 10 bridges would not satisfy the deflection cri-
teria in several states and would require additional steel be
added; the additional steel would not be required for
strength but rather to meet the deflection criteria.

The literature reviewed above indicates that transverse
deck cracking can be affected by many factors. In addition,
there is disagreement on whether limiting static live load
deflections (girder flexibility) is a satisfactory method to pre-
vent deck cracking. Of the articles reviewed, the conclusions
are equally divided between those that concluded that girder
flexibility affects deck cracking and those that concluded that
girder flexibility does not affect deck cracking. As indicated
by some of the studies presented above, concrete material fac-
tors may be more important to reduce the formation of early
age deck cracks.

1000
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Some modern specifications, such as the Ontario High-
way Bridge Design Code (1979) and its successor the CHBDC,
use a combination of frequency, perception levels, and deflec-
tion limits to distinguish between acceptable and unacceptable
response. Figure 2.1, taken from CHBDC (2006), illustrates
this approach, which has the benefit of directly addressing
the design issue of vibration control. This is similar to the
procedure for building design developed by Murray et al.
(2003).

In the Eurocode, live loads include a vibration factor to
account for stresses caused by vibration; no checks for fre-
quency or displacement are required (EN 19902002). In New
Zealand, vertical velocity is limited to 0.055 m/s (2.2 in./s)
under two 120 kN (27 kip axles) of one HN unit if a bridge
carries significant pedestrian traffic or where cars are likely
to be stationary. Previous versions included span-to-depth
ratios and deflection limits, but these have been removed.

Several proposed dynamics-based approaches in the litera-
ture are summarized below:

e Wright and Walker (1972) recommended limits based on
vertical acceleration to control vibration; this includes
composite action.

O 9, =static deflection caused by live load with a wheel line

distribution factor of 0.7 on one stringer acting with its
share of deck
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Figure 2.1. Deflection provisions in CHBDC (2006).
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O Natural frequency for simple or equal spans:

f —_ l Eblbg
Tor? w Y
O Speed parameter: O =
peed p 2L

O Impact factor: DI = a0 + 0.15
O Dynamic component of acceleration =a= DI x §_(27f,)’
must be less than 100 in./s?
e Barth and Wu (2007) provide equations to estimate the
natural frequency of continuous-span steel I-girder bridges

O f=\’f, for continuous spans

n |Elg .
O f,=—— [Zb2b% for simple spans
sb 2L2 w p P
o kzzaLf
where

L =span length;
E,I, = flexural rigidity of composite steel girder;
g =acceleration due to gravity;
w =weight per unit length of composite steel girder;
L%, = maximum span length; and
I =average moment of inertia of composite girder
section.

O For two-span bridges
* q=0.95 (1.44 for metric units)
= b=0.046
= ¢=0.032

O For three- or more span bridges
= 4=0.88 (1.49 for metric units)
* b=-0.033
= ¢=0.033

Presently, specifications based on determining the fre-
quency have not received wide acceptance in U.S. practice.
There has been a perceived difficulty in determining the first
fundamental frequency of the bridge. Equations for simple-
span structures have been available for decades [e.g., Biggs
(1964)]. Similarly, formulas for frequency have been devel-
oped for continuous structures of regular geometry. His-
torically, frequencies could be calculated using the Rayleigh
method typically implemented through Newmark’s numer-
ical integration. Roeder et al. (2002) summarized empirical
equations that are based not only on theoretical structural
dynamics but also have adjustments for apparent behavior
in the field. Modern refined computational methods make
the determination of frequencies and mode shapes relatively
straightforward. Thus, there does not seem to be any imped-
iment to adopting an approach similar to that specified in
the CHBDC.

Fatigue-and-Fracture Limit States

GENERAL

The fatigue-and-fracture limit state is divided into two load
combinations: Fatigue I for infinite-life fatigue resistance and
Fatigue II for finite-life fatigue resistance. These relatively
new provisions appeared in the 2009 interim changes to load
provisions in Section 3 of the AASHTO LRFD published in
early 2009. The fatigue resistance provisions for concrete and
steel bridges in Sections 5 and 6 of the AASHTO LRFD,
respectively, were modified accordingly.

LoAps

The fatigue load of AASHTO LRFD Article 3.6.1.4 and the
fatigue live load load factors of AASHTO LRFD Table 3.4.1-1
are based on extensive research of structural steel highway
bridges. The fatigue load is the AASHTO LRFD design truck
(HS20-44 truck of the Standard Specifications for Highway
Bridges) but with a fixed rear-axle spacing of 30 ft. The live
load load factors for the fatigue limit state load combinations
are summarized in Table 2.5.

Infinite-Life Fatigue

The Fatigue I load factor of 1.50, used to design highway
bridges with higher traffic volumes for infinite fatigue life, is
based on a 1-in-10,000 rate of exceedance (Dexter and Fisher
2000). The infinite-life fatigue or constant amplitude fatigue
threshold stress range is the stress range below which the
inherent flaws in steel do not propagate significantly during
the design life of the bridge. If all the stress ranges experienced
by a detail are below this value, the detail is assumed to have
infinite life. Thus, this stress range represents a maximum
limit to achieve infinite life. This stress range is revisited in
Section 6.6 through simulation using weigh-in-motion data.

Finite-Life Fatigue

NCHRP Report 267 (Fisher et al. 1983) established that the
root mean cube of the stress ranges experienced by a steel-
bridge detail characterizes accumulated fatigue damage well
when portions of the stress range distribution exceed the
constant amplitude fatigue threshold more often than the
1-in-10,000 rate cited above, no matter how small these por-
tions exceeding the threshold are. Thus, the effective stress

Table 2.5. Fatigue Live Load
Load Factors

Live Load
Load Factor

Fatigue Limit State
Load Combination

Fatigue | 1.50
Fatigue Il 0.75




range for estimating accumulated fatigue damage may be
taken as shown by Equation 2.1:

(Ac)effective =3 2(A61)3 (2' 1)

1

The Fatigue II load factor produces a force effect that rep-
licates the fatigue damage due to the entire spectrum of stress
ranges experienced by the bridge detail. In other words, the
fatigue damage due to passage of the effective truck over the
bridge for a total number of cycles, equal to the average daily
truck traffic averaged over the 75-year life span, is assumed
equal to the fatigue damage due to the actual truck traffic
crossing the bridge in 75 years.

Recommendations

The stress ranges represented by both load factors (the root
mean cube and the exceedance of 1 in 10,000) are based on
observations of steel highway bridges and structural steel
laboratory specimens. Extending these stress ranges to steel
reinforcement, both nonprestressed and prestressed, is quite
appropriate as the stress ranges represent fatigue damage accu-
mulation in steel. It is assumed that these fatigue damage
accumulation models apply to concrete in compression, as
well as steel reinforcement. This approach is proposed for this
study. A validation of these principles for concrete highway
bridges is far beyond the scope and funding of this study.

FATIGUE RESISTANCE OF CONCRETE STRUCTURES

The fatigue resistance values of concrete, nonprestressed
reinforcement and prestressing tendons in the AASHTO
LRFD are based on ACI 215R-74(92), Considerations for
Design of Concrete Structures Subjected to Fatigue Loading
(ACI Committee 215 1974). This reference includes an exten-
sive bibliography on fatigue resistance of concrete and its
reinforcement.

Concrete

The compressive stress limit of 0.40f, for fully prestressed
components in other than segmentally constructed bridges in
Article 5.5.3.1 of AASHTO LRFD applies to a combination of
the Fatigue I limit state load combination (which includes
only live load) plus one-half the sum of the effective prestress
and permanent loads after losses (a load combination derived
from a modified Goodman diagram). This suggests that com-
pressive stress limit represents an infinite-life check, as the
Fatigue I limit state load combination corresponds with infi-
nite fatigue life.

ACI 215R-74(92) indicates that the fatigue resistance of
concrete in the form of an S-N curve (stress range versus
number of cycles) is approximately linear between 100 and
10 million cycles. It does not exhibit a constant amplitude
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fatigue threshold (indicated by a horizontal S-N curve) up to
that point. Further, it suggests that the compression stress
limit of 0.40f is based on a target fatigue life of 10 million
cycles. For highway bridges, a target fatigue life of 10 million
cycles is significantly less than the design life. A highway bridge
with average daily truck traffic of 2,000 trucks per day would
experience over 50 million cycles during its 75-year design life.

For this study, the research by Ople and Hulsbos (1966)
used to define these S-N curves was reevaluated to estimate
the fatigue resistance to about 10® (100 million) cycles, a prac-
tical upper bound for highway bridges. The uncertainty of
the fatigue resistance is quantified in terms of bias, mean, and
coefficient of variation.

Nonprestressed Reinforcement

As used here, nonprestressed reinforcement includes straight
reinforcing bars and welded-wire reinforcement. AASHTO
LRFD (Article 5.5.3.2) specifies the fatigue resistance of these
types of reinforcement.

The fatigue resistance of straight reinforcing bars and
welded-wire reinforcement without a cross weld in the high-
stress region (defined as one-third of the span on each side of
the section of maximum moment) is specified by Equation 2.2:

(AF)y; =24 —0.33f (2.2)

min

where f,;, is the minimum stress; TH is threshold.
For welded-wire reinforcement with a cross weld in the

high-stress region, the fatigue resistance is specified by

Equation 2.3:

(AF)py=16—0.33f,, (2.3)

Equations 2.2 and 2.3 implicitly assume a ratio of radius to
height (i.e., r/h) of the rolled-in transverse bar deformations
of 0.3.

These fatigue resistances are defined as constant amplitude
fatigue thresholds in AASHTO LRFD. ACI Committee report
ACI 215R-74(92) and the supporting literature indicate that
nonprestressed reinforcement exhibits a constant amplitude
fatigue threshold, yet it is unclear that these equations are in
fact the threshold values. ACI 215R-74(92) suggests that the
resistances are “a conservative lower bound of all available test
results.” In other words, a horizontal constant amplitude
fatigue threshold has been drawn beneath all the curves.

The studies used to define the fatigue resistance of non-
prestressed reinforcement (Fisher and Viest 1961; Pfister and
Hognestad 1964; Burton and Hognestad 1967; Hanson et al.
1968; Helgason et al. 1976; Lash 1969; MacGregor et al. 1971;
Amorn etal.2007) were reanalyzed to estimate constant ampli-
tude fatigue thresholds for each case (analogous to the vari-
ous detail categories defined for steel details) that could be
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identified in the research and to determine their uncertainty in
terms of bias, mean, and coefficient of variation. The various
thresholds were grouped together to make design practical and
more rational than the single threshold currently defined.

The AASHO Road Test (1962) demonstrated that a bridge
does not necessarily collapse due to fracture following fatigue
of nonprestressed reinforcement. Such nonprestressed rein-
forcement fracture results in distress such as excessive deflec-
tion and wide cracks, which facilitate detection and subsequent
repair. This consequence suggests that a target reliability index
(Br) less than that for ultimate limit states (ULSs) is acceptable
(in other words, B < 3.5).

Prestressing Tendons

Fully prestressed components satisfying the tensile stress lim-
its specified in AASHTO LRFD Table 5.9.4.2.2-1 at the Ser-
vice III limit state load combination are exempt from fatigue
considerations. (The Service III limit state load combination
and its calibration are discussed in Chapter 6.) This exemption
acknowledges that tendons in uncracked prestressed beams
do not experience stress ranges resulting in fatigue cracking.
Most prestressed concrete bridge members are covered by this
exemption.

For segmentally constructed bridges, AASHTO LRFD Arti-
cle 5.5.3.3 specifies the fatigue resistance of prestressing ten-
dons as given in Table 2.6. Reductions in constant amplitude
fatigue threshold limits for fretting fatigue are not included in
the tabulated values.

In-service fatigue cracking of prestressing tendons has not
been observed, thus justifying the exemption. The majority of
research on fatigue cracking of prestressing strands is based
on testing of tendons in air. Application of the resultant fatigue
resistance to concrete members with prestressing tendons is
questionable (Hanson et al. 1970; Tachau 1971; Warner and
Hulsbos 1966). Thus, the uncertainty of the fatigue resistance
of prestressing tendons in concrete members is not well doc-
umented. In addition, the determination of stress ranges in
cracked prestressed concrete members is complicated and
beyond the normal prestressed concrete member design pro-
cedure (Abeles et al. 1969, 1974; Abeles and Brown 1971). The
uncertainty of this determination is also not well defined. In

Table 2.6. Prestressing Tendon
Fatigue Resistance

Radius of
Curvature (ft)

Constant Amplitude
Fatigue Threshold (ksi)

>30 18

<30 and >12 Linear interpolation

between 18 and 10

<12 10

response to these various uncertainties, it is proposed that this
fatigue limit state not be calibrated.

Welded and Mechanical Splices of Reinforcement
In AASHTO LRFD Article 5.5.3.4, constant amplitude fatigue
thresholds are given in Table 5.5.3.4-1. These values are used
in the general fatigue limit state equation (AASHTO LRFD
Equation 5.5.3.1-1) for the design of welded or mechanical
splices of reinforcement for infinite fatigue life.

Review of the available test data in NCHRP Research
Results Digest 197 (1994) suggests that any splice capable of
developing 125% of the yield strength of the bar will sustain
1 million cycles of a 4-ksi constant amplitude stress range.
This fatigue limit is a close lower bound for the splice fatigue
data contained in NCHRP Research Results Digest 197 (1994).

NCHRP Research Results Digest 197 (1994) found that
there is substantial uncertainty in the fatigue performance
of different types of welds and connectors, much as in struc-
tural steel details. However, all types of splices appeared
to exhibit a constant amplitude fatigue limit for repetitive
loading exceeding about 1 million cycles. The stress ranges
for over 1 million cycles of loading given in AASHTO LRFD
Table 5.5.3.4-1 are based on statistical tolerance limits to
constant amplitude staircase test data, such that there is a
95% level of confidence that 95% of the data would exceed
the given values for 5 million cycles of loading. These values
may, therefore, be regarded as a fatigue limit below which
fatigue damage is unlikely to occur during the design life-
time of the structure. This is the same basis used to establish
the fatigue design provisions for unspliced reinforcing bars
in AASHTO LRFD Article 5.5.3.2, which is based on fatigue
tests reported in NCHRP Report 164 (Helgason et al. 1976).

STEEL STRUCTURES
Finite-Life Fatigue
The statistical bias and coefficient of variation of finite-life
steel fatigue resistances are relatively well defined. NCHRP
Report 286 (Keating and Fisher 1986) summarizes the mean
finite-life fatigue resistance curves for the AASHTO detail
categories A through E” and their standard deviations. The
AASHTO nominal finite-life fatigue resistance curves,
defined in log-log space, are illustrated in Figure 2.2 (Fig-
ure C6.6.1.2.5-1 of AASHTO LRFD). The finite-life fatigue
resistances are represented by the sloping portions of the
curves. The nominal fatigue resistance curves are determined
by subtracting two standard deviations from the mean curves.
The finite-life fatigue resistance (i.e., the allowable stress
range to reach a certain number of cycles) is defined by Equa-
tion 2.4:

1

AG = (ﬁ)g (2.4)
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Figure 2.2. Nominal fatigue resistances in AASHTO LRFD.

where A is a constant defined for each detail category, and
N is the number of cycles to failure.
The current constant, A, is tabulated for each detail category

Table 2.8. Statistical Parameters
for Finite-Life Fatigue Resistance

in Table 2.7 for the mean finite-life fatigue resistance. Coefficient of
The current estimates of uncertainty for finite-life fatigue Detail Category | Bias Variation
resistances are tabulated in Table 2.8. A 08 0.59
Infinite-Life Fatigue B 20 0.71
The uncertainty of statistical parameters for infinite-life B’ 24 0.67
fatigue resistances is not well defined. The infinite-life fatigue C 1.3 0.83
resistance is defined by a constant amplitude fatigue thresh- c 13 0.83
old for each detail category. These thresholds, used for design, b 16 0.77
are tabulated in Table 2.9 (Table 6.6.1.2.5-3 of the AASHTO
LRED). E 1.6 0.77
These threshold values were not determined as rigorously E 2.5 0.63

as the finite-life curves discussed above because experimental

Table 2.9. Nominal Constant

Table 2.7. Constant A Amplitude Fatigue Thresholds

for Mean Fatigue

Resistance Nominal Constant
Amplitude Fatigue
Detail Category | A (x109) Detail Category Threshold (ksi)
A 700 A 24
B 240 B 16
B’ 146 B’ 12
C 57 C 10
c’ 57 c’ 12
D 35 D 7
18 E 45
E’ 10 E’ 2.6
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testing near the threshold is time consuming and costly. Con-
servative thresholds were estimated graphically by using limited
experimental test observations. Thus, the uncertainty of these
threshold values is not defined.

A Delphi process was employed to investigate the un-
certainty of the infinite-life fatigue resistances represented by
the constant fatigue thresholds. At the winter 2010 meeting of
the Bridge Task Force, in conjunction with the winter 2010
meeting of AASHTO Technical Committee T-14, the topic of
the uncertainty of the thresholds was discussed. As the same
characteristics that influence the uncertainty of the finite-life
fatigue resistance of welded details influence the uncertainty
of the infinite-life fatigue resistance, the Bridge Task Force
concluded that the statistical parameters associated with the
well-defined finite-life fatigue resistance (i.e., the bias and
coefficient of variation) would be assumed appropriate for
the infinite-life fatigue resistance, as well.

With this assumption, the mean values of infinite-life
fatigue resistance are tabulated in Table 2.10 below.

The statistical parameters for infinite-life fatigue resis-
tance are those tabulated in Table 2.8 for finite-life fatigue
resistance.

Cracking in Concrete Structures

Cracking in concrete structures is controversial but must
be controlled for aesthetic purposes, durability, and corro-
sion resistance. Cracking is primarily caused by flexural and
tensile stresses, but also from temperature, shrinkage, shear,
and torsion. Although researchers do not agree on any single
crack-width spacing, the most significant parameters to con-
trol cracking are widely agreed on. The most sensitive factor
is the reinforcing steel stress, followed by concrete cover, bar
spacing, and the area of concrete surrounding each bar. It has

Table 2.10. Mean Infinite-Life
Fatigue Resistance

Constant
Amplitude Fatigue

Detail Category Threshold (ksi)
A 67
B 32
B’ 29
C 13
Cc’ 16
D 11

7
E’ 6

been agreed that the bar diameter is not a major variable. For
engineering practice, equations in the ACI 318-08 Code (ACI
Committee 318 2008) and AASHTO LRFD (2012) are used
to control cracking. The corresponding provisions are dis-
cussed below.

Crack CONTROL REINFORCEMENT

This section reviews previous research studies on control of
cracking and predicting crack width in concrete members. A
significant amount of research has been conducted to investi-
gate crack control in concrete members. The research resulted
in the development of numerous equations to predict the
crack width on the tension surface and the side faces at the
level of reinforcement. Equations available to predict crack
width were developed for concrete members with cover less
than 2.5 in. and are not applicable for beams with larger con-
crete cover. Different equations have been adopted by differ-
ent codes. However, for calibration purposes, these equations
were evaluated with regard to accuracy and applicability. The
results from various equations were compared and validated
using data collected from available literature.

One of the early studies by Clark (1956) included testing
58 specimens and collecting over 105 crack-width readings.
Clark concluded that the average crack width is closely related
to the following parameters: (1) the diameter of the reinforcing
bar, (2) the total reinforcement ratio, (3) the area of the beam
section, and (4) the distance from the bottom reinforcement
to the beam bottom surface. Clark stated that the average
width was also proportional to the stresses in the reinforcing
bars beyond the cracking stress. He suggested that the width
of the cracks can be reduced by using a large number of
small-diameter bars and by increasing the amount of the steel
reinforcement. On the basis of these results, Equation 2.5 was
developed to predict the average crack width of the concrete
beams. The maximum crack width was estimated by multi-
plying the average crack width by 1.64 (Clark 1956).

Wave:C12|:fs_C2 (l+n):| (2'5)
p p

where
Wae = average width of cracks (in.);
C,, C, = coefficients that depend on distribution of bond
stress, bond strength, and tensile strength of con-
crete; for Clark’s study, C, =2.27 x 1078 (h — d)/d,
C, =56.6;
D = diameter of reinforcing bar (in.);
p =AJA, = cross-sectional area of reinforcement/
cross-sectional area of concrete;
A, =bd (in.2);
b =width of component (in.);
f. = computed stress in reinforcement (psi);



n =ratio of modulus of elasticity of steel to concrete
(assumed to be 8 in Clark’s study);

h = overall depth of beam/slab (in.); and

d = distance from compressive face of beam/slab to
centroid of longitudinal tensile reinforcement.

Kaar and Mattock (1963) also developed a well-known
crack-width equation for bottom face cracking, as given by
Equation 2.6:

w,=0.115pf YA (2.6)

where
w;, = maximum crack width (taken as 0.001 in.);
B = ratio of distances to neutral axis from extreme tension
fiber and from centroid of reinforcement;
f. = steel stress calculated by elastic cracked-section the-
ory (ksi); and
A = average effective concrete area around reinforcing bar,
having same centroid as reinforcement (in.?).

Broms (1965) conducted tests on 37 tension and 10 flexural
members to analyze crack width and crack spacing. Broms
observed that crack spacing decreased rapidly with increasing
load, and a number of primary tensile cracks formed on the
surface of flexural and tension members. Secondary tensile
cracks were confined to the surrounding area of reinforce-
ment. The study concluded that the absolute minimum visible
crack spacing is the same as the distance from the surface to
the center of the reinforcing bar located nearest to the surface
of the member. Thus, the theoretical minimum crack spacing
is equal to the thickness of the concrete cover (Broms 1965).

Gergely and Lutz (1968) developed an equation to predict
the crack width based on a detailed statistical assessment of
experimental data available in the literature at the time. Gergely
and Lutz identified various parameters, such as reinforcing bar
locations, stresses in the reinforcement, concrete cover depth,
and spacing of the reinforcement, as the controlling factors
affecting the crack width. The Gergely and Lutz equation is
presented as shown in Equation 2.7:

w, = 0.076pf.3[Ad. (2.7)

where
wj, = maximum crack width (taken as 0.001 in.);
[ = ratio of distances to neutral axis from extreme tension
fiber and from centroid of reinforcement;
f. = steel stress calculated by elastic cracked-section the-
ory (ksi);
d.=bottom cover measured from center of lowest bar
(in.); and
A = average effective concrete area around reinforcing bar,
having same centroid as reinforcement (in.?).
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The maximum concrete cover tested in this study was
3.31 in.; however, only three test specimens over 2.5-in. cover
were tested.

In the study by Frosch (1999), crack widths were determined
from an equation developed from a physical model. Results
were compared with the test data used in Kaar and Mattock
(1963) and Gergely and Lutz (1968). The crack-width model
developed in this study showed that the crack spacing and
width are functions of the distance between the reinforcing
steel bars. Crack control can be achieved by limiting the spac-
ing of these reinforcing bars. On the basis of these research
findings, Frosch (1999) suggested that limiting the maximum
bar spacing would prevent large cracks in concrete beams.

The equation to calculate the maximum crack width for
uncoated reinforcement was developed on the basis of the
physical model as shown by Equation 2.8 (Frosch 1999):

u@=%§ﬁ Pﬁ+€3? (2.8)

s

where
s = maximum permissible bar spacing (in.);
w, =limiting crack width (in.) [0.016 in., based on ACI
318-95 (ACI Committee 318 1995)];
E, = elastic modulus of steel reinforcement (can be taken

as 29,000 ksi);

B =1.0+0.08d;

d.=bottom cover measured from center of lowest bar
(in.); and

f, = stress in steel reinforcement.

Frosch (1999) suggested that for epoxy-coated reinforce-
ment, Equation 2.8 (for uncoated reinforcement) should be
multiplied by a factor of 2. Equation 2.8 has been rearranged
to solve for the allowable uncoated bar spacing, as shown in
Equation 2.9:

w.E, ? )
(53] ) 7

The following design recommendation, which was based
on the physical model and addresses the use of both uncoated
and coated reinforcement, was presented. The equation to
calculate the maximum spacing of reinforcement was given
as shown by Equation 2.10 (Frosch 1999):

d
s:120c{2— G }suas (2.10)
30,
where
_36,
s ﬁ c
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d. = thickness of concrete cover measured from extreme
tension fiber to center of bar or wire located closest
thereto, in.;

s = maximum spacing of reinforcement (in.);

o, = reinforcement factor;

v. = reinforcement coating factor: 1.0 for uncoated reinforce-
ment, 0.5 for epoxy-coated reinforcement, unless test
data can justify a higher value; and

f. = calculated stress in reinforcement at service load (ksi).

The calculated stress in reinforcement at service load ( f;)
should be computed as the moment divided by the product
of steel area and internal moment arm; f; should not exceed
60% of the specified yield strength f,.

Frosch (2001) summarized the physical model for cracking
and illustrated the development and limitations of the pro-
posed design method. He recommended formulas for calculat-
ing the maximum crack width for uncoated and epoxy-coated
reinforcement, as well as the design recommendation for their
use, similar to those in Frosch (1999).

In general, the largest crack widths are expected at the
extreme tensile face of the beam. However, Beeby (1979) con-
ducted studies that showed the largest crack widths in the
web along the beam side face occurred at about midheight.
Frosch (2002) conducted research on the modeling and con-
trol of cracking on the side face of concrete beams. The study
showed that to provide adequate crack control, the maximum
skin reinforcement spacing is a function of the side cover. It
was also shown that a maximum bar spacing of 12 in. pro-
vides reasonable crack control for up to 3 in. of concrete
cover. The crack model developed by Frosch (2002) allows for
the calculation of the crack width at any location along the
cross section. A profile of the crack width through the depth
of the section is more easily created and allows for informa-
tion regarding optimum locations for placing skin reinforce-
ment for the purpose of controlling side face cracks.

Frosch (2002) showed that the crack spacing and crack
width along the side face are functions of the distance from
the reinforcement, so the crack can be controlled by adding
skin reinforcement and limiting the reinforcement spacing.
As the maximum crack width was observed halfway between
the reinforcement and neutral axis, Equation 2.11 can be used
to solve for crack width w,at x= (d — ¢)/2:

w, =€, df+(%(d—c))2 (2.11)

where
€, = strain in steel reinforcement = f,/E;
d, = concrete cover for skin reinforcement (in.);
d = effective depth (in.); and
¢ =depth of neutral axis from compression face (in.).

The study of the physical model showed that sections with
an effective depth of 36 in. and covers up to 3 in. can be
designed without skin reinforcement. For thicker covers, the
maximum effective depth not requiring skin reinforcement
should be decreased. Maximum effective depth decreases for
covers thicker than 3 in. for Grade 60 reinforcement, resulting
in the maximum depth (d =36 in.).

To prevent excessive cracks throughout the depth of the
section, maximum spacing of the reinforcement should be
determined. According to Frosch (2002), the placement of
the first bar is the most critical for the spacing of the skin
reinforcement. The maximum crack width (w,) was calcu-
lated halfway between the primary reinforcement and the
first skin reinforcement bar at a distance x = s/2, yielding
Equation 2.12:

A
w,=22 [d2+ (> (2.12)
E, 2

For sections with skin reinforcement, it is necessary to
determine the location in the section at which the reinforce-
ment can be discontinued. As crack widths are controlled by
skin reinforcement below its end point, it is necessary to calcu-
late the maximum distance where the skin reinforcement can
be eliminated. The maximum crack width will occur approxi-
mately halfway between the neutral axis and the location of
the first layer of skin reinforcement at a distance x=s,,/2 from
the neutral axis (Frosch 2002). The maximum crack width can
be calculated with Equation 2.13 based on the physical model
developed by Frosch (2002):

2
w,= sm(dgs ) 4+ (57) (2.13)
—C

where s, is the maximum distance where the skin reinforce-
ment can be eliminated.

Frosch (2002) recommended that the design formula
should be based on a physical model to address the control
of cracking in reinforced-concrete structures and to unify
the design criteria for controlling cracking in side and ten-
sion faces. Frosch (2002) recommended the maximum
spacing of flexural tension reinforcement as given by Equa-
tion 2.14:

s:lzoc{z— d, }suas (2.14)
30,

s

where



d. =thickness of concrete cover (in.) (for bottom face
reinforcement, measured from extreme tension fiber
to center of bar, and for skin reinforcement, mea-
sured from side face to center of bar);

s = maximum spacing of reinforcement (in.);
o, = reinforcement factor; and
f. = calculated stress in reinforcement at service load (ksi).

The f; value should be computed as the moment divided by
the product of steel area and internal moment arm; f; should
not be more than 60% of the specified yield strength f,.

Skin reinforcement is required along both side faces of a
member for a distance d/2 from the nearest flexural tension
reinforcement if the effective depth exceeds the depth calcu-
lated by Equation 2.15:

d =420, 2d, <360, (2.15)

Epoxy-coated reinforcement is widely used to increase the
durability of structures. The epoxy coating has been shown to
decrease bond strength, which can decrease crack spacing
and increase crack widths when compared with uncoated
reinforcement (Blackman and Frosch 2005). Blackman and
Frosch investigated crack widths in concrete beams by using
epoxy-coated reinforcement. The primary variables used in
the study included epoxy coating thickness and reinforcing
bar spacing. Blackman and Frosch designed 10 slab specimens
to examine the effect of epoxy coating on cracks and con-
cluded that the epoxy coating thickness did not significantly
affect the concrete cracking behavior. Frosch (1999, 2001,
2002) and Blackman and Frosch (2005) presented an equa-
tion, given here as Equation 2.16, to compare the average
measured crack spacing for the uncoated and epoxy-coated
bars with the calculated values:

S,=yd* (2.16)

where
S. = crack spacing (in.);
d* = controlling cover distance (in.); and
V, = crack spacing factor (1.0 for minimum crack spacing,
1.5 for average crack spacing, and 2.0 for maximum
crack spacing).

Cracking of structures is rather common and is not always
damaging to the structure. However, when considering a
bridge deck, moderately sized cracks can be detrimental to
the longevity of the structure due to the harsh environmental
exposure. Recently, increased concrete cover coupled with
high-performance concrete has become increasingly popular
because of its durability. However, this practice results in
unrealistically small bar spacing and prevents the use of con-
temporary crack control practices that are based on statistical
studies. Thus, it is desirable to develop methods to predict

31

average and maximum crack widths of reinforced-concrete
members with thicker concrete covers at various locations.

Choi and Oh (2009) studied crack widths in transversely
posttensioned concrete deck slabs in box girder bridges. They
tested four full-scale concrete box girder segments and derived
the maximum-crack-width equation from the testing data, as
given by Equations 2.17 and 2.18:

0.75
) A ho
wm“=3><106(fs—f0)¢5( o j d_z (2.17)

Ast + gApt

- f’i,ﬂﬁ(n—l)& (2.18)
T, nmo 0,
where
A, =total area of reinforcing bars (mm?);
A, = total area of prestressing tendons (mm?);
A, o = effective tensile concrete area (mm?);
d = effective depth (mm);
f. = increment of reinforcing bar stress after decompres-
sion (MPa);
fo = steel stress at initial occurrence of crack (MPa);
h = height of cross section (mm);
n = number of strands in a flat duct;
x = depth of neutral axis (mm);
Winax = predicted maximum crack width (mm);
¢, = diameter of reinforcing bar (mm);
’c(bp = diameter of prestressing tendons (mm); and

% =0.465 for grouted posttensioned tendons.
T

as

ConTtroL oF CRACKS IN CURRENT CODE PROVISIONS
The current code provisions specifying the distribution of
reinforcement are reviewed in this section.

ACI requirements for flexural crack control in beams and
thick one-way slabs are based on the statistical analysis of
maximum-crack-width data from several sources (Gergely
and Lutz 1968). ACI maintains that crack control is particu-
larly important when reinforcement with yield strength over
40,000 psi is used. Good detailing practices such as concrete
cover and spacing of reinforcement should lead to adequate
crack control even when reinforcement with a yield strength
of 60,000 psi is used. ACI 318-08 Article 10.6 (ACI Commit-
tee 318 2008) does not distinguish between interior and
exterior exposure because corrosion is not clearly correlated
with surface crack widths in the range normally found at
service-load levels. ACI 318-08 only requires that the spacing
of reinforcement closest to the tension face (s) does not
exceed that given by Equation 2.19

40,
s=15(mj—2.5cc (2.19)

s
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40,000

but not greater than 12( ), where c, is the least dis-

N

tance from the surface of reinforcement or prestressing steel to
the tension face. If there is only one bar or wire nearest to the
extreme tension face, s in Equation 2.19 is the width of the
extreme tension face. These provisions are not sufficient for
structures subject to very aggressive exposure or designed to
be watertight.

Special investigation is required for structures subject to
very aggressive exposure or designed to be watertight. ACI
318-99/318R-99 (ACI Committee 318 1999) limited the
maximum spacing to 12 in., but this limitation was removed
in ACI 318-08 (ACI Committee 318 2008). ACI 318-08 also
recommends the use of several bars at moderate spacing
rather than fewer bars at larger spacing to control cracking.
These provisions were updated recently to reflect the higher
service stresses that occur in flexural reinforcement with the
use of the load combinations introduced in ACI 318-02/
318R-02 (ACI Committee 318 2002). The maximum bar
spacing to directly control cracking is specified. Similar rec-
ommendations have been stated for deep beams with the
requirement of skin reinforcement.

AASHTO LRFD (2012) also provides provisions of rein-
forcement spacing to control flexural cracking. Like ACI,
AASHTO emphasizes the importance of reinforcement detail-
ing and that smaller bars at moderate spacing tend to be more
effective than an equivalent area of larger bars. AASHTO
LRFD also agrees with ACI 318-08 on the most important
parameters affecting crack width and specifies a formula
for the distribution of reinforcement to control cracking.
The equation in AASHTO LRFD (2008) is based on the phy-
sical crack model of Frosch (2001) rather than the statisti-
cally based model used in previous editions. The equation
(given here as Equation 2.20) limits bar spacing rather than
crack width:

s< 0% 5y (2.20)
BS-f;S
where
B=1+ __d (the geometric relationship between
0.7(h—d.)

crack width at tension face versus crack width at
reinforcement level);

Y. = exposure factor (1.00 for Class 1 exposure, 0.75 for
Class 2 exposure);

d. = thickness of concrete cover measured from extreme
tension fiber to center of the flexural reinforcement
located closest thereto, in.;

.. = tensile stress in steel reinforcement at the SLS (ksi);
and

h = overall thickness of depth of the component (in.).

Unlike ACI, AASHTO specifies exposure conditions to meet
the needs of the authority having jurisdiction. The Class 1
exposure condition is based on a maximum crack width of
0.017 in. and applies when cracks can be tolerated due to
reduced concerns of appearance or corrosion. This exposure
class can be thought of as an upper bound in regard to crack
width for appearance and corrosion. The Class 2 exposure con-
dition generally applies to decks and substructures exposed to
water and any other components exposed to corrosive envi-
ronments. AASHTO LRFD (2008) also specifies requirements
for skin reinforcement based on ACI 318-11 (ACI Committee
3182011). AASHTO Equation 5.7.3.4-1 (given here as Equa-
tion 2.20) applies to both reinforced and prestressed concrete,
with specifications on the steel stresses used. In general, if the
AASHTO Class 2 exposure condition is used, AASHTO spac-
ings are less than those derived by the ACI equation. How-
ever, if the Class 1 exposure condition is used, ACI spacing
becomes more conservative.

PRINCIPAL STRESSES IN WEBS OF SEGMENTAL CONCRETE BRIDGES
Okeil (2006) studied the allowable tensile stress for webs of
prestressed segmental concrete bridges by using a reliability-
based approach. In this study, six prestressed segmental con-
crete bridge designs were analyzed. Okeil stated that by
complying with the allowable tensile stresses, flexural crack-
ing at the top and bottom fibers is controlled. However, for
the webs, cracks might develop due to a biaxial stress state
resulting from a combination of shear and normal stresses.
To control shear cracking, the principal stress must be limited
to an allowable tensile stress (f,,;). This issue was addressed
by the Florida DOT (Structures Manual 2013) and resulted in
a recommendation for the allowable tensile stresses to be
used in checking web tensile principal stress (G,). However,
the recommendation ignored the accompanying compressive
principal stress (0,), which has a significant effect on the ten-
sile strength of concrete. The objective of Okeil’s study was
to develop an allowable stress limit under which cracking in
webs of prestressed segmental bridges under service-load
conditions can be controlled.

Three equations were considered: ACI (ACI Committee
318 2005), Kupfer and Gerstle (1973), and Oluokun (1991),
as shown in Equations 2.21 to 2.23, respectively:

f,=6.7(f)" (2.21)
£, =1.59(f)" (2.22)
fu=1.38(£)"" (2.23)

where f,, is uniaxial tensile strength of concrete (psi), and f7 is
concrete compressive strength (psi).



Okeil (2006) concluded that Equation 2.23 provides a better
estimate of the tensile strength over a wider range of concrete
compressive strengths. Using a biaxial state of stress and regres-
sion analysis, Okeil developed a relationship between the
tensile strength and the corresponding compressive strength,
as shown in Equation 2.24:

(¢ (¢}
—M=1+40.85-%

tu c

(2.24)

where 6., and G, are the ultimate strengths of concrete under
a compression—tension biaxial state of stress (psi).

By combining Equations 2.23 and 2.24, Equation 2.25 is
obtained:

’
c

c,=1.38(f)" (1 +0.85 GC“] (2.25)

After a detailed parametric study and reliability analysis,
Okeil (2006) recommended an expression, given in Equa-
tion 2.26, for estimating the allowable tensile stress in the
webs of posttensioned segmental bridges under biaxial
stresses:

£,=0.60(f) (1 + 0.85%) (2.26)

c

where 0, is the principal stress in the centroidal stress block
in the web of a posttensioned segmental bridge.

The findings of this study are limited to the range of con-
crete compressive strengths between 5 and 8 ksi.
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STRESS LIMITATIONS FOR PRESTRESSING TENDONS

AASHTO LRFD (2012) provides stress limits for prestressing
tendons at various service conditions. These stress limits are
listed in Table 2.11.

ACI 318-08 provides similar limits on the tensile stress in
prestressing tendons and rebars (ACI Committee 318 2008).
Major revisions to the limits were made in the 1983 version
of ACI 318 to incorporate the higher yield strength of low-
relaxation wire and strand (ACI Committee 318 1983). The
ACI 318-08 stress limits for prestressing steel are listed as fol-
lows (ACI Committee 318 2008):

Due to prestressing steel jacking force: 0.94f,, but not greater
than the lesser of 0.80f,, and the maximum value recom-
mended by the manufacturer of prestressing steel or anchor-
age devices.

Immediately after prestress transfer: 0.82f,, but not greater
than 0.74f,,. Post-tensioning tendons, at anchorage devices
and couplers, immediately after force transfer: 0.70f,,.

EN 1992-2 (Eurocode 2): Design of Concrete Structures
(EN 1992-2 2005) restricts inelastic deformation of the steel
in concrete structures at the SLS to prevent large, perma-
nently open cracks. In EN1992-2, at the SLSs, the stress limit
for prestressing steel is 0.75f,, after allowance for losses, where
o is the characteristic tensile strength of prestressing steel.
The exact meaning of characteristic tensile strength is not
defined in EN1992-2 and is interpreted here as the specified
strength. This limit of 0.75f, is listed in EN1992-2 Section 7.

CONCRETE TENSION STRESSES
The early discussion of cracking control is diverse. At the First
United States Conference on Prestressed Concrete in 1951,

Table 2.11. Stress Limits for Prestressing Tendons (AASHTO LRFD 2072)

Tendon Type
Stress-Relieved Deformed
Strand and Plain Low-Relaxation High-
Condition High-Strength Bars Strand Strength Bars
Pretensioning
Immediately before transfer (f,) 0.70f,, 0.75f,, —
At SLS after all losses (f,e) 0.80f,, 0.80f,, 0.80f,,
Posttensioning
Before seating, short-term f,,; may be allowed 0.907,, 0.90f,, 0.90f,,
At anchorages and couplers immediately after 0.70f,, 0.70f,, 0.70f,,
anchor set
Elsewhere along length of member away from 0.70f,, 0.74f,, 0.70f,,
anchorages and couplers immediately after
anchor set
At SLS after losses (f,e) 0.80f,, 0.80f,, 0.80f,,

Note: — = not applicable.
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some experts opined that a completely crackless concrete
member is only better for the specific purpose, but others
thought that cracking of prestressed concrete beams is as
important as yielding. In 1958, the Tentative Recommenda-
tions for Prestressed Concrete proposed by ACI-ASCE Joint
Committee 323 suggested that prestressed concrete, before
losses due to creep and shrinkage, should meet the following
limits (note units in the following provisions are in pounds
per square inch for the allowable tensile stress):

34/f. for members without nonprestressed reinforcement;

64/ f/ for members with nonprestressed reinforcement pro-
vided to resist the tensile force in concrete; computed on the
basis of an uncracked section.

The 1963 Building Code Requirements for Reinforced Con-
crete (ACI Committee 318 1963) included the recommenda-
tion for the tensile stress limits proposed by ACI-ASCE Joint
Committee 323 (1958), with some modifications:

34/ f; for members without auxiliary reinforcement in the
tension zone;

[wlhen the calculated tension stress exceeds 34/ f;
forcement shall be provided to resist the total tension force
in the concrete computed on the assumption of uncracked

section.

; .
;> rein-

The 1977 Building Code Requirements for Reinforced Con-
crete modified the allowable tensile stress limit as follows
(ACI Committee 318 1977):

6+/f;; for the extreme fiber stress in tension at ends of simply
supported members;

34/ f; for the extreme fiber stress in tension at other locations.

In the current ACI 318-11, Section 18.4.1 specifies the
allowable tensile stress in concrete immediately after prestress
transfer (before time-dependent prestress losses) as follows
(ACI Committee 318 2011):

Where computed concrete tensile stresses, f;, exceeds 64/ f.;
at ends of simply supported members, or 34/f at other
locations, additional bonded reinforcement shall be pro-
vided in the tensile zone to resist the total tensile force in

concrete computed with the assumption of an uncracked
section.

The AASHTO Standard Specifications for Highway Bridges
(1992) specified the allowable tensile stresses, before losses
due to creep and shrinkage, as follows:

200 psi or 34/ f.; for members in tension areas with no bonded
reinforcement;

[w]here the calculated tensile stress exceeds this value,
reinforcement shall be provided to resist the total tension
force in the concrete computed on the assumption of
uncracked section. The maximum tensile stress shall not
exceed 7.5\/f70'- .

Table 2.12 shows the tensile stress limits and provisions of
AASHTO LRFD (2008).

ExisTiNG LiMiT STATES THAT ARE DETERMINISTIC

OR REPRESENT DETAILING REQUIREMENTS

The following limit states exist in AASHTO LRFD. Reviewing
the background of these limit states revealed that they are
either deterministic or represent detailing requirements that
cannot be calibrated. No calibration is anticipated for these
limit states.

Table 2.12. Tensile Stress Limits in Prestressed Concrete at SLS After Losses,
Fully Prestressed Components (AASHTO LRFD Table 5.9.4.2.2-1 [2008])

Bridge Type Location Stress Limit
Other Than Segmentally | Tension in the precompressed Tensile Zone Bridges, Assuming Uncracked Sections
Constructed Bridges For components with bonded prestressing tendons or reinforcement that are subjected to not 0.1 9\/f7 (ksi)
worse than moderate corrosion condition.
For components with bonded prestressing tendons or reinforcement that are subjected to severe 0.0948\/f:' (ksi)
corrosive conditions
For components with unbonded prestressing tendons No tension

Segmentally Con-
structed Bridges

Longitudinal Stresses Through Joints in the Precompressed Tensile Zone
Joints with minimum bonded auxiliary reinforcement through the joints sufficient to carry the calcu-
lated longitudinal tensile force at a stress of 0.5 fy; internal tendons or external tendons

0.0948,[f" (ksi)

Joints without the minimum bonded auxiliary reinforcement through joints No tension
Transverse Stress Through Joints

Tension in the transverse direction in precompressed tensile zone 0.0948\/E' (ksi)
Principal Tensile Stress at Neutral Axis in Web

All types of segmental concrete bridges with internal and/or external tendons, unless the Owner 0.1 10\/ft’ (ksi)

imposes other criteria for critical structures.




Fatigue in Concrete Deck Slabs and Culvert Top Slabs
(AASHTO LRFD Article 5.5.3.1)
Stresses measured in concrete deck slabs of bridges and top
slabs of box culverts in service are far below infinite fatigue
life, most probably due to internal arching action.

AASHO Standard Specifications for Highway Bridges (1975)
includes the background that led to waiving fatigue require-
ments for these components.

Fatigue of Reinforcement of Fully Prestressed Components
(AASHTO LRFD Article 5.5.3.1)

For fully prestressed components designed to have extreme
fiber tensile stress due to a Service I1I limit state within the ten-
sile stress limit specified in AASHTO LRFD Table 5.9.4.2.2-1,
the fatigue limit state load factors, the girder distribution fac-
tors, and dynamic load allowance cause fatigue limit state stress
to be considerably less than the corresponding value deter-
mined from Service III. For fully prestressed components, the
net concrete stress is usually significantly less than the concrete
tensile stress limit specified in AASHTO LRFD Table 5.9.4.2.2-1.
As a result, the calculated flexural stresses are significantly
reduced. For this situation, the calculated steel stress range,
which is equal to the modular ratio times the concrete stress
range, is almost always less than the steel fatigue stress range
limit specified in AASHTO LRFD Article 5.5.3.3.

Fatigue of Prestressing Tendons (AASHTO LRFD Article 5.5.3.3)
With fatigue in fully prestressed components waived (see
above), these provisions are only applicable to segmental
bridges. Little data are available on the randomness of load
and resistance of segmental bridges. There is no evidence of
fatigue damage on these structures, so no changes are recom-
mended, and calibration will not be made.

Crack Control Reinforcement for Components Designed Using
Strut and Tie Model (AASHTO LRFD Article 5.6.3.6)
Birrcher et al. (2009) proposed new provisions regarding
crack control reinforcement as follows: “The spacing of the
bars in these grids shall not exceed the smaller of d/4 and 12.0
in.” Moreover, they continued, “The reinforcement in the ver-
tical and horizontal direction shall satisfy the following
[shown here as Equation 2.27]”:

A A
Y >0.003, —>0.003
bwsv Sh

(2.27)

w

where
A,, A, = total area of vertical and horizontal crack control
reinforcement within spacing s, and s, respectively;
b,, = width of member web (in.); and
s,» s, = spacing of vertical and horizontal crack control
reinforcement, respectively.
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Birrcher et al. (2009) concluded that “[c]rack control rein-
forcement shall be distributed evenly near the side faces of
the strut. Where necessary, interior layers of crack control
reinforcement may be used.”

Control of Permanent Deformation

Steel structures are subject to requirements intended to pre-
vent changes in riding quality and appearance resulting from
permanent deflections in service. Starting with specifications
for LFD in the early 1970s, steel structures have been subject
to two limitations to guard against these undesirable behav-
iors. There is a requirement that the service-load stress under
an overload be less than 95% of yield in a composite girder or
80% of yield in a noncomposite girder and that slip-critical
connections be designed for the same overload requirement.
In LFD, the overload requirement was dead load plus 5/3 of
the HS20 loading. Due to the increased demand of the HL-93
live load, the corresponding provisions in the AASHTO LRFD
are investigated at the Service II limit state, which involves a
load factor on live load of 1.30.

The response of girder structures to excessive overloads
was one of several issues explored during the AASHO Road
Test of the late 1950s and early 1960s and documented in a
series of reports issued by the Highway Research Board
(AASHO Road Test 1962), the predecessor of the Transpor-
tation Research Board. The structures of the AASHO Road
Test were designed to undergo many repetitions to relatively
high stresses.

Table 2.13 shows a summary of the initial stresses in steel
bridges of composite and noncomposite construction. The
nominal yield stress for the material in these bridges was
33 ksi, so it can be seen that in many cases these bridges were
subjected to loads beyond the yield stress.

Table 2.13 also indicates the number of live load passages
to which these structures were subjected. After the repetitions
of actual truck loading, some of the structures were subjected
to further cycles of load to investigate fatigue through the use
of eccentric mass dampers.

In American Iron and Steel Institute Bulletin 15, Vincent
(1969) summarizes the basis for LFD of steel structures.
Bulletin 15 contains the following statement: “There is, how-
ever, a definite need for a control on the possibility of perma-
nent deformations under infrequent overloads which may
impair the riding quality of the bridges.” The establishment
of the 80% and 95% criteria is demonstrated in Figure 2.3,
taken from Bulletin 15, which shows the permanent set at
midspan of several of the bridges from the AASHO Road
Test and the corresponding ratio between test stress and
the actual measured yield point of the steel in the bridges.
The two criteria for composite and noncomposite struc-
tures are seen to produce an accumulated displacement of
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Table 2.13. Data from AASHO Road Test (1962)

Summary of Initial Stresses in Steel Bridges
Design Stress (ksi) Actual Stress (ksi) No. of Vehicle Passages
Center | Exterior | Interior | Center | Exterior To First
Bridge Beam Beam Beam Beam Beam Cracking Total
Noncomposite Bridges
1A 27.0 - 253 27.7 30.1 536,000 557,400
1B 34.8 - 32.5 35.4 40.5 — 235
2A 35.0 — 35.0 39.4 411 — 26
3A 27.3 - 28.6 30.9 35.4 — 392,400
4A 34.7 - 35.9 38.9 411 — 106
4B 34.7 - 39.1 421 42.3 — 106
9A - 27.0 22.9 24.7 25.5 477,900 477,900
9B — 27.0 24.0 24.6 26.0 477,900 477,900
Composite Bridges
2B 35.0 - 30.2 33.8 35.8 531,500 558,400
3B 26.9 - 26.0 28.8 31.0 535,500 557,800
Note: — = not available.

approximately 1 in. at the midspan of bridges of an approxi-
mately 50-ft span. Deflection measurements at various times
during the road test indicate that most structures accumu-
lated most of the eventual permanent set in the very early
repetitions of loading.

The provisions for control of permanent deformations in
steel structures were incorporated into AASHTO LRFD with
an adjustment for the increased live load with the intent of

providing generally the same, or even higher, level of over-
load performance as was provided by LFD in most cases.
Consider Figure 2.4, which shows the ratio of the HL-93
loading to the HS20 loading in the Standard Specifications.
The load factor in the Standard Specifications for this case
was 1.67; the current load factor for the AASHTO LRFD Ser-
vice II load combination is 1.3. That means that whenever
the moment ratio in Figure 2.4 is greater than 1.28, then the

1.0+
~0.95Fy SA
. e
2B ——
33,/ A ——
08t ~* 9B ey
—.—% ., y
9A
Test stress
Fy 06}
0.4}
Composite bridges .
o.2r Noncomposite bridges o
(o] 1 1 1 1 1 1
0 1.0 2.0 3.0

Permanent set ot midspan, in.
Source: Vincent (1969). Reproduced with permission from the American Iron & Steel Institute.

Figure 2.3. Development of service stress limits.
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Figure 2.4. Ratio of HL-93 moment to
HS20 moment.

current demand is higher than that required by the Standard
Specifications.

Several issues arose regarding retention of, or revisions to,
the provisions related to control of permanent deformations;
these are discussed in Section 6.4.

2.3.2 Eurocode

The Eurocode contains the following sections, to which refer-
ence is made in subsequent sections of this report:

e EN 1990 (Eurocode 0): Basis of Structural Design

e EN 1991 (Eurocode 1): Actions on Structures

e EN 1992 (Eurocode 2): Design of Concrete Structures

e EN 1993 (Eurocode 3): Design of Steel Structure

e EN 1994 (Eurocode 4): Design of Composite Steel and Concrete
Structures

e EN 1995 (Eurocode 5): Design of Timber Structures

e EN 1996 (Eurocode 6): Design of Masonry Structure

e EN 1997 (Eurocode 7): Geotechnical Design

e EN 1998 (Eurocode 8): Design of Structures for Earthquake
Resistance

e EN 1999 (Eurocode 9): Design of Aluminum Structures

These Eurocode sections allow the user countries to incorpo-
rate country-specific requirements through the incorporation
of a national annex.

The Eurocode replaced most previous country specifica-
tions, such as the German Institute for Standardization and
the British BS5400, and it is expected to eventually replace all
other European Union member country specifications. It is
assumed that the requirements of the Eurocode encompass
those of the previous specifications and, thus, no other Euro-
pean specifications were reviewed.
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Definition of SLS
The Eurocode (EN 1990 2002) defines SLSs as those concerning

e The functioning of the structure or structural members
under normal use;

e The comfort of users; and

e The appearance of the construction works.

The Eurocode (EN 1990 2002) includes requirements call-
ing for

e The serviceability requirements to be agreed on for each
individual project;
¢ A distinction to be made between reversible and irrevers-
ible serviceability limit states; and
e The verification of SLS based on criteria concerning the
following aspects:
a. Deformations that affect
- The appearance,
— The comfort of users,
- The functioning of the structure (including the
functioning of machines or services), or
— That cause damage to finishes of nonstructural
members.
b. Vibrations
— That cause discomfort to people, or
- That limit the functional effectiveness of the
structure.
c. Damage that is likely to adversely affect
— The appearance,
- The durability, or
— The functioning of the structure.

In the context of serviceability, the Eurocode considers the
term appearance to be concerned with such criteria as high
deflection and extensive cracking, rather than aesthetics
(EN 1990 2002).

Background on the Eurocode’s Reliability Basis

The Eurocode specifies that structures be designed for a par-
ticular design working life (EN 1990 2002). The design work-
inglife is defined as the period for which a structure is assumed
to be usable for its intended purpose with anticipated mainte-
nance but without major repair being necessary. Examples of
design working life are given in Table 2.14.

The levels of reliability relating to ULS and SLS can be
achieved by suitable combinations of protective measures
(e.g., protection against fire or corrosion), measures relating
to design calculations (e.g., choice of partial factors), mea-
sures relating to quality management, measures aimed to
reduce errors in design (e.g., project supervision), and
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Table 2.14. Design Working Lives

Design

Working Life | Design Working

Category Life (years) Examples

1 10 Temporary structures

2 10-25 Replaceable structural parts
(e.g., gantry girders,
bearings)

3 15-30 Agricultural and similar
structures

4 50 Building structures and other
common structures

5 100 Monumental building struc-
tures, bridges, and other
civil engineering structures

Source: Adapted from Table 2.1 of EN 1990 (EN 7990 2002).

execution (construction) of the structure (e.g., inspection
during execution) and other kinds of measures.

The Eurocode defines three levels of consequences classes
(CCl1, CC2, and CC3), as defined in Table 2.15. Three reli-
ability classes (RC1, RC2, and RC3) may be associated with
the three consequence classes.

The vast majority of bridges are designed to CC2, with
CC3 a possibility only for those bridges with very high con-
sequences of failure, such as a signature bridge.

The provisions of the Eurocode, specifically EN 1990
(EN 1990 2002) with the partial factors given in Annex Al and
EN 1991 to EN 1999, yield designs consistent with reliability
class RC2. The Eurocode uses the multiplication factors (Kj,)
given in Table 2.16 applied to load factors to differentiate the
three reliability classes. Other measures (e.g., differing levels of
quality control) in lieu of modifying the load factors are some-
times preferred.

Table 2.15. Eurocode Consequence Classes

Consequence Description Related to Reliability
Class Consequences Class

CCH1 Low consequence for loss of RCA1
human life; economic, social, or
environmental consequences
small or negligible

CC2 Moderate consequence for loss of RC2
human life; economic, social, or
environmental consequences
considerable

CC3 Serious consequences for loss of RC3
human life or for economic,
social, or environmental concerns

Source: Adapted from Table B1 of EN 1990 (EN 7990 2002).

Table 2.16.
Multiplication
Factor (K¢y)
for Reliability
Differentiation

Reliability Class | K

RC1 0.9
RC2 1.0
RC3 1.1

Table 2.17 summarizes the probabilities of failure (P,) inher-
ent to the Eurocode and the AASHTO LRFD for ULSs, along
with the corresponding reliability indices () below them in
italics. The defining probabilities of failure in the case of the
Eurocode and the defining reliability indices for the AASHTO
LRFD are shown in boldface.

SLS RELIABILITY
The SLSs of the Eurocode are categorized as reversible and irre-
versible. Reversible SLSs are those for which no consequences
remain once a load is removed from a structure. For example,
a crack-width limit state with a sufficiently small size is a revers-
ible limit state, but one defined by a high width (e.g., 0.5 mm)
is irreversible because, if the crack width is high enough, once
the live load is removed the crack does not close completely.
The irreversible SLSs, which do not concern the safety of
the traveling public, are calibrated to a higher probability of
failure and corresponding reliability index than the strength
limit states, as shown in Table 2.18.

SLS LoAp COMBINATIONS

EN 1990 (2002) includes three types of load combinations for
the SLSs: characteristic combination, frequent combination,
and quasipermanent combination. Table 2.19 summarizes
the Eurocode SLS load combinations.

Serviceability Design Basic Approach

BAsIC EQUATION
The basic equation in the Eurocode (EN 1990 2002) for verify-
ing that an SLS is satisfied is

E,<C,

where
C, =is the limiting design value of the relevant service-
ability criterion and
E, =is the design value of the effects of actions specified in
the serviceability criterion, determined on the basis
of the relevant combination.
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Table 2.17. Target Probabilities of Failure (P;) and Target Reliability Indices (31)

Reference Period (years)

Code 1 50 75 100 120

Eurocode cc2 1.00E-06 | 5.00E-05 | 7.50E-05 | 1.00E-04 | 1.20E-04
(Ke=1.0) 4.75 3.89 3.79 3.72 3.67
cc3 1.00E-07 | 5.00E-06 | 7.50E-06 | 1.00E-05 | 1.20E-05
(Ker=1.1) 5.20 4.42 4.33 4.26 4.22

AASHTO LRFD | Typical bridges 2.67E-06 | 1.33E-04 | 2.00E-04 | 2.67E-04 | 3.20E-04
(n=1.0) 4.55 3.65 3.50 3.46 3.41
Important bridges | 9.60E-07 | 4.80E-05 | 7.20E-05 | 9.60E-05 | 1.15E-04
(=109 4.76 3.90 3.80 3.73 3.68

Table 2.18. Irreversible SLS
Target Probabilities of Failure and
Corresponding Reliability Indices

Reference Period
(years)
Reliability Class 1 50
RC2 1.00E-03 | 1.00E-01
2.9 1.5

Source: Adapted from Table C2 of EN 7990
(Eurocode 0) (EN 1990 2002).

SERVICEABILITY CRITERIA

Specific serviceability criteria such as crack width, stress or
strain limitation, and slip resistance exist in separate sections
of the Eurocode (EN 1991 to EN 1999). In addition to these
requirements, project-specific deformations to be considered
in relation to serviceability requirements are required to be as
detailed in relevant code annexes in accordance with the type

Table 2.19. SLS Combinations

of construction works or agreed with the client or the national
authority.

COoMBINATION OF ACTIONS (LOAD COMBINATIONS)

The combinations of actions (load combinations) for service-
ability limit states in the Eurocode are defined symbolically by
Equation 2.28, which is the characteristic (rare) combination;
Equation 2.29, which is the infrequent combination; Equa-
tion 2.30, which is the frequent combination; and Equation 2.31,
which is the quasipermanent combination. The characteristic
combination (Equation 2.28) is normally used for irreversible
limit states; the frequent combination (Equation 2.30) is nor-
mally used for reversible limit states.

E,= E{Z G+ B+ Q+ Uy, Qk,,} (2.28)
i1 i>1

E;= E{sz,j+R<+l]r’;,l'Qk,l-l_zl]r’l,i.Qk,i} (2.29)
j21 i>1

SLS Load Combination
Acceptance of
Type Description Type Infringement Example
Reversible Limit states that will not be Frequent Specified duration and Crack-width limit state of a prestressed con-
exceeded when the actions frequency of infringe- crete beam with bonded tendons charac-
that caused the infringement ments are accepted terized by a 0.2-mm crack width
are removed
Quasipermanent Specified long-term Crack-width limit state for a reinforced-
infringement is concrete or prestressed-concrete beam
accepted with unbonded tendons characterized by
a 0.3-mm crack width
Irreversible | Limit states that remain per- Characteristic No infringement accepted | Crack-width limit state characterized by a
manently exceeded after the (5% probability 0.5-mm crack width, because such a wide
actions that caused the of exceedance) crack cannot completely close once the
infringement are removed loads that caused it are removed
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E,= E{ZGm Pt Qb 2y Qk,f} (2:30)

721 i>1

E,= E{Z G+ B+ 2y, Qk),} (2.31)

= i>1

where
Gyj = characteristic (extreme) value of permanent
action jj
Gij.sup/ Gijine = upper/lower value of permanent action jj
P =relevant prestressing value of prestressing
action;
Q1 = characteristic value of the leading (domi-
nant) Variable Action 1;
Qq; = characteristic value of the accompanying
Variable Action 1;
U5, = factor for characteristic value of a variable

action;

{5, = factor for frequent value of a variable action;
and

U5, = factor for quasipermanent value of a variable
action.

The terms in Equations 2.28 through 2.31 are further defined
as follows:

o effect of action (E): Effect of actions (or action effect) on
structural members (e.g., internal force, moment, stress,
strain) or on the whole structure (e.g., deflection, rotation).

e permanent action (G): Action that is likely to act through-
out a given reference period and for which the variation in
magnitude with time is negligible, or for which the varia-
tion is always in the same direction (monotonic) until the
action attains a certain limiting value.

e variable action (Q): Action for which the variation in
magnitude with time is neither negligible nor monotonic.

e characteristic value of a variable action ({5, Q;): Value
chosen (insofar as it can be fixed on statistical bases) so
that the probability that the effects caused by the combi-
nation will be exceeded is approximately the same as by
the characteristic value of an individual action. It may be
expressed as a determined part of the characteristic value by
using a factor (s, < 1.0).

¢ frequent value of a variable action ({5; Qy): Value deter-
mined (insofar as it can be fixed on statistical bases) so that
either the total time within the reference period during
which it is exceeded is only a small given part of the refer-
ence period, or the frequency of its being exceeded is lim-
ited to a given value. It may be expressed as a determined
part of the characteristic value by using a factor (s, < 1.0).

e quasipermanent value of a variable action (s, Q;): Value
determined so that the total period of time for which it will

be exceeded is a large fraction of the reference period. It
may be expressed as a determined part of the characteristic
value by using a factor (s, < 1.0).

The Eurocode allows some of the above expressions to be
modified and gives detailed rules in relevant sections of the
code (parts of EN 1991 to EN 1999). Each Eurocode country
has its own national annex in which country-specific require-
ments are placed; thus, the Eurocode allows each country to
specify its own serviceability criteria in its national annex.
Recommended values of the {s factors for different types of
structures (e.g., buildings, highway bridges, or railway bridges)
are tabulated in the Eurocode. Table 2.20 shows the recom-
mended values for highway bridges.

Note 1: The (s values may be set by the National Annex. Rec-
ommended values of s factors for the groups of traffic loads
and other more common actions are given in

e Table A2.1 for road bridges;
e Table A2.2 for foot bridges; and
e Table A2.3 for railway bridges.

Note 2: When the National Annex refers to the infrequent
combination of actions for some serviceability limit states of
concrete bridges, the National Annex may define the values
of Yjing. The recommended values of ;¢ are

e 0,80 for grla (LM1), grib (LM2), gr3 (pedestrian loads),
gr4 (LM4, crowd loading), and T (thermal actions);

¢ 0,60 for Fy, in persistent design situations; and

e 1,00 in other cases (i.e., the characteristic value is substi-
tuted for the infrequent value).

Note 3: The characteristic values of wind actions and snow
loads during execution are defined in EN 1991-1-6 (2005).
When relevant, representative values of water forces (F,,)
may be defined for the individual project.

Existing Limit State

A summary of the SLS requirements in the Eurocode is in
Appendix A.

2.3.3 Canadian Highway Bridge Design Code
Background

The CHBDC (2006) and earlier Ontario Highway Bridge Design
Code (1991) cover ULS and SLS. The serviceability limit states
in the CHBDC include fatigue, deflection, cracking, and com-
pressive stress in concrete. The SLS acceptability criterion was
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Table 2.20. Eurocode Recommended Values of {s Factors for

Highway Bridges

Action Symbol ¥, v, v,

Traffic loads (EN gria (LM1 + pedes- TS 0,75 | 0,75 | O

o [0:0 |

Pedestrian + cycle-track | 0,40 | 0,40 | O

loads?

grib (single axle) 0 0,75 | 0

gr2 (horizontal forces) 0 0 0

gr3 (pedestrian loads) 0 0 0

gr4 (LM4 —crowd loading) 0 0,75 | O

gr5 (LM3—special vehicles) 0 0 0

Wind forces Fax

Persistent design situations 0,6 0,2 0

Execution 0,8 — 10
Fi 1,0 - =
Thermal actions Tx 0,6°c | 0,6 0,5
Snow loads Qsn« (during execution) 0,8 — —
Construction loads | Q. 1,0 — 110

aThe recommended values of s, Uy, and s, for gria and grib are given for roads with traffic corresponding to
adjusting o, 0, 0, and Bg equal to 1. Those relating to unified distribution load (UDL) correspond to the most
common traffic scenarios, in which an accumulation of lorries can occur, but not frequently. Other values may be
envisaged for other classes of routes, or of expected traffic, related to the choice of the corresponding o factors.
For example, a value of s, other than zero may be envisaged for the UDL system of LM1 only, for bridges
supporting a severe continuous traffic. See also EN 1998-2 (2005).

bThe combination value of the pedestrian and cycle-track load, which is mentioned in Table 4.4a of EN 1991-2
(2003), is a “reduced” value. {5, and s, factors are applicable to this value.

°The recommended s, value for thermal actions may in most cases be reduced to zero for ULSs EQU, STR, and

GEO. See also the design Eurocodes.

Source: Adapted from Table A2.1 of EN 7990 (EN 1990 2002).

determined by reference to past practice. As an example of
this process, special consideration was given to the tensile
stress limit state in prestressed concrete girders. The accept-
ability criterion was formulated in terms of the minimum
return period for exceeding the decompression moment. It
was assumed that the girders will crack due to shrinkage
before installation or under exceptionally heavy trucks and
that the crack will reopen each time the decompression
moment is exceeded. An open crack, even for a fraction of a
second, is assumed to allow water with salt or other pollutants
to penetrate and eventually reach the rebar and prestressing
steel, resulting in corrosion, delamination, spalling of con-
crete, and girder failure. The minimum acceptable return
period for exceeding the decompression moment was then
determined by a group of experts invited by the Code Con-
trol Committee using a process of expert elicitation (Delphi
process). The group was asked to provide their expert opin-
ion. They deliberated and came to a conclusion that a return

period of 3 weeks is acceptable. However, the group did not
feel strongly about it, so they agreed that the target probabil-
ity of exceeding this limit state is 50%, which corresponds to
the target reliability index (;=0).

Existing Limit States

In general, the SLSs in the CHBDC are very similar to the
SLSs currently specified in AASHTO LRFD. There are some
differences in application, but the general phenomena being
treated are basically the same. No new limit states that do not
exist in AASHTO LRFD were found in the 2006 CHBDC.
CHBDC Clause 3.5.1 and Table 3.1, in particular, contain
the requirements for load factors and load combinations.
Table 3.6.1(a) lists only two load combinations for service-
ability limit states. Service-load combinations use a load fac-
tor of 0.9 for the live load that is based on the CL-W-625 truck
(140.5 kips, 59 ft long) or lane loading. The CL-W-625 truck
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is considerably larger than the HL-93 truck alone (i.e., without
the uniform distributed load). Load Combination 2 applies to
superstructure vibration only. The CHBDC also specifies a
lane load that consists of 80% of the axles of the CL-W truck
superimposed on a UDL of 9 kN/m, which is similar to the
UDL used with the HL-93 loading.

CHBDC Clause 6.4.1.3 deals with serviceability limit states
and foundations. Three criteria are noted:

e Foundation deformations that cause SLS limits to be
exceeded;

e Deformations that cause the riding surface or transitions
between the approaches and the bridge to become un-
acceptable; and

e Deformations that cause unacceptable structural mis-
alignment, distortion, or tilting.

Clause 7.6.5.2 deals with construction requirements for
pipe arches and limits to downward deflection. The commen-
tary reinforces that this is a construction requirement rather
than a design control.

Clause 7.7.5.2 speaks to upward or downward crown deflec-
tion during construction of metal box structures and pro-
vides a 1% requirement. Little additional information is
provided in the commentary, which notes that AASHTO
Article 12.8.5.3 has limits for live load deflection.

Clause 8.5.1 states that cracking, deformation, stress, and
vibration SLSs should be considered.

Clause 8.5.2 specifies serviceability limit states for concrete
structures and indicates that these are cracking, deforma-
tions, stress, and vibration.

Clause 8.5.2.2 deals with a cross reference to Clause 8.12
with some limits on earth cover.

Clause 8.5.2.3 deals with deformation provisions and indi-
cates that short-term and long-term deformations may affect
the function of the structure.

Clause 8.5.2.4 deals with stresses in the component not
exceeding certain values of Clauses 8.7.1, 8.8.4.6, and 8.23.7.

Clause 8.5.2.5 deals with vibrations and refers back to
clauses in Section 3 on loads.

The commentary for Clause 8.5.2.1 speaks to the fact that, in
general, nonprestressed and partially prestressed components
are expected to crack under the service loads. The commentary
indicates that it is generally a good practice to provide sufficient
prestress so that under permanent loads, any cracks previously
caused due to the application of live load are closed under per-
manent loads to enhance durability.

Clause 8.12 deals with control of cracking by specifying
distribution requirements and a tensile strain limit.

Clause 8.12.3.1 specifies limits on crack width for non-
prestressed and prestressed components for several types of
exposure.

Clause 8.12.3.2 provides guidance on calculating the crack
width and spacing based on parameters that include the aver-
age strain in the reinforcing. A distinction is made for epoxy-
coated reinforcement, for which the calculated crack width is
increased 20%.

Clause 10.5.3.1 specifies serviceability limit states for steel
structures; these include deflection, yielding, slipping of bolted
joints, and vibrations.

Clause 10.5.3.2 for deflections is a cross reference for
Clause 10.16.4, which applies to orthotropic decks only.

Clause 10.5.3.3 deals with the prevention of general yield-
ing at the SLSs, which appears to pertain to Clause 10.11.4
(permanent deflections for composite sections). The latter is
similar to the AASHTO overload requirements, except that
the CHBDC load factor for live load is 0.9 as opposed to the
AASHTO load factor of 1.3. As discussed in Chapter 6, the net
result is probably similar because of the heavier CHBDC live
load. This is not a new limit state, although the numerical
values might differ somewhat from AASHTO.

Clause 10.11.3 is an SLS for differential shrinkage between
restrained and free shrinkage of concrete and steel composite
members.

2.3.4 Japanese Geotechnical Society
Foundation Design Guideline

The Japanese Geotechnical Society (JGS) prepared a draft foun-
dation design guideline in 2002. This document attempts to
phrase the structural and geotechnical design principles follow-
ing the general requirements of ISO 2394. Three limit states are
defined on the basis of the following functional statements:

e With respect to the various magnitudes and frequencies of
loading during the expected service life, the structures shall
satisty structural performance as characterized by structural
strength, stability, deformability, and durability, including
serviceability, repairability, and safety with appropriate levels
of reliability.

e The structures shall be designed to be sufficiently safe so as
to prevent serious injury to occupants and surrounding
personnel during all possible design situations through the
design working life. This functional statement is related to
the topic of safety.

¢ The structures may be designed, by judgment of the owner
based on the importance of the structure, such that normal
functions are preserved (serviceability) or damage is lim-
ited within a certain tolerable level (repairability) against
specified loading conditions during the design working life
with appropriate reliability.

e It is not prohibited for owners of the structures to specify
additional functional statements other than those stated
above based on their own judgment.



The above functional statements are in the context of design
working life. The JGS document indicates that the design work-
ing life may be determined by considering various factors
including life-cycle cost, durability, deterioration, and the func-
tional life of the structure. The document notes that care
should be taken to ensure that the safety margin (i.e., reli-
ability) introduced to each limit state is strongly related to the
design working life of the structure. The structural perfor-
mance requirements of the structure are specified by several
limit states according to the load levels classified according to
their frequencies, as follows:

e High-frequency variable actions are those expected to
occur once or a few times with significantly high probabil-
ity during the design working life of the structure.

e Low-frequency variable actions are those that may or may
not occur during the design working life of the structure
(i.e.,alow-frequency variable action is an event with a very
low occurrence probability).

Using the preceding concepts, the JGS presents three major
limit states in the following qualitative manner:

e ULS—The structures may sustain considerable damages
but not to the extent of collapse that would result in serious
injury or loss of life. This limit state corresponds to the
functional statement of safety as noted above.

e Repairable limit state—Damage to the structure, although
it may influence durability, is limited to a level that can be
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repaired at a reasonable cost and in a relatively short period
of time. This limit state, therefore, can be interpreted as a
state in which the majority of the value of the structure is
preserved. Furthermore, this limit state sometimes implies
a state in which marginal use of the structure is possible for
rescue operations right after an extraordinary event such
as a large earthquake. This limit state corresponds to the
repairability defined in the functional statement above.

e SLS—Damage to the structure is limited to a level at which
all common functions of the structure are preserved and do
not influence structural durability. This limit state corre-
sponds to the serviceability defined in the functional state-
ment above.

The JGS document indicates that additional performance
requirements and limit states other than those defined above
may be defined as deemed necessary. With respect to the three
limit states identified above, the JGS document provides a
conceptual view of a performance matrix for describing the
performance requirements of a structure. In the performance
matrix, design situations and limit states are taken as the axes
of the coordinate system, and performance requirements are
coordinated according to the importance of the structure. The
example performance matrix presented in Figure 2.5 consists
of three levels of design situations and limit states. It reflects a
seismic design situation, which for most structures in Japan is
the critical design situation.

The performance requirements defined above are required to
be verified by two approaches: Approach A and Approach B.
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Approach A does not require any specified method for perfor-
mance verification of the structure. It requires, however, that the
designer prove the structure satisfies the specified performance
requirements with an appropriate level of reliability. A designer
who uses Approach A is required to submit the necessary design
report and documentation for examination to the administra-
tive organization or local government responsible for control-
ling the safety of the structure. In contrast, in Approach B the
verification of performance requirements is based on specific
design codes specified by the owner. The JGS document recom-
mends use of the partial-factors format for design.

2.3.5 Overarching Characteristics of Other
Specifications to Be Considered

Reversible Versus Irreversible Limit States

SLSs may be categorized as reversible and irreversible. Revers-
ible SLSs are those for which no consequences remain once a
load is removed from a structure. Irreversible SLSs are those
for which consequences remain.

Due to their reduced safety implications, irreversible SLSs,
which do not concern the safety of the traveling public, are cali-
brated to a higher probability of failure and a corresponding
lower reliability index than the strength limit states. Reversible
SLSs are calibrated to an even lower reliability index.

Load-Driven Versus Non-Load-Driven Limit States

The difference between load-driven and non-load-driven limit
states is basically in the degree of involvement of externally
applied load components in the formulation of the limit state
function. In the load-driven limit states, the damage occurs due
to accumulated applications of external loads, usually live load
(trucks). Examples of load-driven limit states include decom-
pression and cracking of prestressed concrete and vibrations or
deflection. The damage caused by exceeding SLSs may be
reversible or irreversible and, therefore, the cost of repair may
vary significantly. However, in non-load-driven SLSs, the dam-
age occurs due to deterioration or degradation as a function of
time and aggressive environment or as inherent behavior due to
certain material properties. Examples of non-load-driven SLSs
include penetration of chlorides leading to corrosion of rein-
forcement, leaking joints leading to corrosion under the joints,
and shrinkage cracking of concrete components. In these exam-
ples, the external load occurrence plays a secondary role.

2.3.6 Lessons Learned from Review of
Existing Design Specifications

Review of existing design specifications revealed that the SLSs
covered by different specifications are somewhat similar. It

was concluded that other specifications do not include “new”
SLSs that need to be added to AASHTO LRFD. However, the
review resulted in some concepts that were of interest. These
concepts include

¢ The target reliability index for SLSs may have different val-
ues for different limit states. Furthermore, the target reli-
ability for a certain limit state may vary depending on the
consequences of exceeding that limit state.

e To differentiate between different limit states according to
the consequences of exceeding the limit state, the following
factors were considered:

O Whether the limit state is reversible or irreversible: Irre-
versible limit states may have higher target reliability
than reversible limit states.

O Relative cost of repairs: Limit states that have the poten-
tial to cause damage that is costly to repair may have
higher target reliability than limit states that have the
potential of causing only minor damage.

2.4 Surveys of Current Practice
2.4.1 Summary of R19B Survey

A focused survey was sent to 31 bridge owners, four industry
representatives, and one university. A copy of the survey
questionnaire and a summary of responses are included in
Appendix B. The state bridge engineers who received the sur-
vey specifically included the chairs of the AASHTO Technical
Committees for joints and bearings, culverts, steel design,
concrete design, loads, and foundations. Sixteen responses
were received. The survey consisted of two parts: one was
superstructure oriented, and the other was substructure and
foundation movement oriented.

Although there were only 16 responses, some consistency
was apparent in the most significant items in structural main-
tenance budgets, as seen in Figure 2.6.

The most-cited responses confirmed that serviceability
issues relating to expansion joints and deck cracking are
widespread. Responses highlighted the following: deteriora-
tion and section loss of beam ends, painting of steel mem-
bers, problems with bearings, corrosion of reinforcement,
and deck overlays. Although there were many serviceability
issues, many responses indicated that the SLSs are adequate
in their current form or would be adequate with some addi-
tional limit states, such as

¢ Foundation settlement;

e Guidance on stress checks based on corrosion-reduced
section properties;

e Better crack control reinforcement provisions and stress
limits for concrete flexural members; and
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Responses to SHRP 2 R19B Survey Question 1
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Figure 2.6. Survey responses indicating the most significant structural maintenance budget items.

e Additional limit states for connections, expansion joints,
and bearings.

Despite suggestions for additional limit states, there was a
common theme that additional limit states would not have
affected or prevented the observed reduced serviceability.

Approximately half the responses indicated that the respon-
dents did not use deterioration models other than Pontis, while
the other half used engineering judgment, had developed their
own models, or were collecting data to develop their own
model. In addition, approximately one-half of the responses
indicated that no additional assessments were completed
beyond those that are a part of Pontis, and one-quarter indi-
cated that they complete additional qualitative assessments but
no additional quantitative assessments. The other one-quarter
of the responses indicated that they complete additional quali-
tative and quantitative assessments, including condition sur-
veys, chloride penetration depth measurements, ultrasonic
testing, and condition scales for each component combined
with figures and notes that show the overall condition and defi-
ciencies. The qualitative assessments have indicated a correla-
tion between deterioration and reduced serviceability, but the
reduction in serviceability was not quantified.

There were few responses to the second questionnaire
about bridge movement and observed distress. The responses

that were received focused on structures typically built within
the last two decades. All the structures mentioned in the
responses were continuous spans with integral or stub abut-
ments. In addition, the approach fill was either a mechani-
cally stabilized earth wall or fill with side slope. The responses
regarding tolerable movements were split almost evenly
between acceptable and not acceptable. The responses appeared
to be specific to the structures described in the section about
bridge movement and observed distress rather than a general-
ized response indicative of a population of bridges. The final
questions dealt with the allowable movement of new struc-
tures, with a majority of agencies noting that they are not
following the guidance on tolerable movements found in
AASHTO LRFD Article C10.5.5.2. Agencies differed in what
their criteria for allowable movements were, with some deter-
mining criteria on a case-by-case basis, and others using
general-purpose quantitative requirements.

2.4.2 Summary of NCHRP Project 12-83
Survey Related to Concrete Design

A survey of current practices related to the SLSs of concrete
structures was developed in NCHRP Project 12-83. The sur-
vey was sent to major bridge owners across North America,
including all 50 state DOTS, the Ministry of Transport in all
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Canadian provinces, the District of Columbia, and many
turnpike authorities, bridge authorities, and commissions.

The survey included 20 questions covering the following
topics:

¢ Modifications to the specification loading (HL-93 loading)
for SLSs;

e Checking SLSs under the effects of legal loads as part of the
normal design procedure;

e Revisions to the SLS stress limits for prestressed concrete
components;

e Revisions to existing SLSs for concrete structures;

e Method used for designing for control of cracking by dis-
tribution of reinforcement;

e Checking concrete superstructure and substructures for
any additional service-load combinations beyond those in
AASHTO LRFD;

¢ Checking concrete structures for SLSs under overloads;

e Cracking of pretensioned concrete beams immediately
after prestressing force release;

¢ Observations of cracking of prestressed concrete beams in
service;

e Damage to ends of prestressed beams under expansion
joints;

e Use of the deck empirical design method and the perfor-
mance of these decks in service;

e Observations of deck cracking;

¢ Type of reinforcement bars used in newer decks (e.g., black
bars, epoxy-coated, galvanized, stainless steel);

e Average life span of concrete decks and the main reasons
decks are replaced;

e Types of concrete superstructures in use;

¢ Problems with bearings in concrete structures;

e Cracking of abutments and piers;

¢ Average service life span of the concrete substructures;

¢ Fatigue problems in concrete superstructures; and

e Use of coatings in concrete substructures.

Responses from 27 state DOTs and the Ontario Ministry of
Transportation were received. The responses to the ques-
tionnaire indicated that most bridge owners apply the SLSs
included in AASHTO LRFD with few or no revisions. The
additional limit states used by bridge owners appear to be
related either to owner-specified vehicles or to address a spe-
cific issue that does not seem to be shared by other bridge
owners, as evident by the lack of use of these additional limit
states by other owners. It is expected that some of the other
agencies that did not respond to the questionnaire also use
permit vehicles in checking some aspects of the design under
service loads. The use of permit vehicles to check some ser-
vice conditions and the desire expressed by some bridge
designers to have guidance on applying permit vehicles to

service conditions suggest a need exists for a service-load
combination akin to the Strength II limit state that applies to
permit (overload) vehicles. The load factors for live load for
such a load combination can be determined using the same
principles used for calibrating other SLSs. However, the sta-
tistical parameters to be used for permit vehicles differ from
those for random traffic.

One important modification to the existing limit state is
the load factor for live load in the Service III limit state in
AASHTO LRFD. One state, Louisiana, uses a load factor of 1.0
for live load to check tension in prestressed concrete under
the Service III limit state instead of the 0.8 specified in
AASHTO LRFD. The higher load factor addresses an issue
that has gained importance with AASHTO’s adoption of
newer prestress loss equations in 2005. Some engineers are of
the opinion that the lower load factor compensated for the
conservatism in the older prestressing loss equations and,
thus, guarded against excessive conservatism in the design.
The use of the new equations, which are believed to provide
a more accurate estimate of the prestressing losses, may have
eliminated the need for the 0.8 load factor.

2.4.3 Summary of the R19As Survey
as it Relates to R19B

One of the main objectives in Phase 1 of Project R19A was the
identification and ranking of the problematic areas preventing
bridges from providing long service life. The research team
considered two alternatives for ranking of the performance:

¢ Ranking based on quantitative performance data that are
obtained from experimental investigations or field obser-
vations of bridges that are currently in service; and

¢ Ranking based on qualitative opinion data (an expert elici-
tation or Delphi process).

The R19A research team concluded that despite the avail-
ability of some experimental data, it is very difficult to quan-
tify the performance of actual in-service components. The
majority of the reported tests were performed using acceler-
ated testing methods, which are not easily correlated with
field conditions. They often focused only on the effect of one
degradation process, while experience shows that reality is
more complex, and often several degradation processes inter-
act with the environmental loads. The combined effects and
complexity of deterioration processes and the uncertain nature
of environmental loads complicate the prediction of the ser-
vice life for both new and existing structures.

The other source of quantitative data is from long-term
monitoring of bridges in service, but such data are not avail-
able at this time. In summary, the research team concluded
that there are no available data for quantitative evaluation
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LRFD Article Reversible No. of Lanes MPF

2.5.2.6.2 Criteria for Deflection Yes Single -

3.4.1 Load Factors and Load Combinations for Fatigue No Single -

5.5.3.1 General—Compressive Stress Limit for Concrete— No Single No
A Fatigue Criterion

5.5.3.2 Fatigue of Reinforcing Bars No Single -

5.5.3.4 Fatigue of Welded or Mechanical Splices of No Single -
Reinforcement

5.6.3.6 Crack Control Reinforcement—To be revised but not No - -
calibrated —Deemed to satisfy

5.7.3.4 Control of Cracking by Distribution of Reinforcement— | No na -
Not calibratable —Deemed to satisfy

5.9.3 Stress Limitations for Prestressing Tendons No Multiple Yes

5.9.4.2.2 Tension Stresses Yes Single No

6.10.4.2 Permanent Deformations of Steel Structures No Single No

6.13.2.8 Slip Resistance of Bolts No Single No

10.6.2.4 Settlement Analysis of Shallow Foundations No for footing, possible | Multiple for sands, none -

for superstructure for clays
10.8.2.2 Settlement (related to drilled shaft groups) No Multiple Yes
10.8.2.4 Horizontal Movement of Shaft and Shaft Groups No - -
Note: MPF = multiple presence factor; — = current criteria do not specify whether or not the MPF is applicable; na = not applicable.

and ranking of existing or promising strategies to quantify
the reduction in service life due to deterioration.

As there are no quantitative data for ranking and selection
of the problematic areas, the R19A research team prioritized
the research topics based on the qualitative opinion of experts.
Obtained information was organized and presented in tech-
nology, strategy, and research tables that provide the informa-
tion on the potential service life issues and available solutions.
The tables also provide information on the advantages and
disadvantages of different design concepts, along with other
relevant data necessary to evaluate different strategies address-
ing durability. Four major problem research areas were identi-
fied: decks, joints, bearings, and durability.

The major product from the R19A research effort is Design
Guide for Bridges for Service Life (Azizinamini et al. 2013),
which is intended to complement AASHTO LRFD specifica-
tions and incorporate the design for durability and enhanced
service life. The document provides a basis for the selection,
design, fabrication, construction, inspection, management,
and maintenance of bridge systems.

In summary, the R19A research team stated that due to the
lack of quantitative data with respect to almost all bridge ele-
ments, it was difficult to propose or develop new design
methodologies that are based on deterioration models.

2.5 SLSs to Be Considered
in This Report

Potential limit states and possible calibration approaches for
general requirements, concrete structures, steel structures, geo-
technical issues, joints, and bearings have been reviewed. Some
of the potential limit states have since been determined to be
uncalibratable. For example, some are deterministic or are based
on judgment and experience. The SLSs believed to be calibrat-
able are listed in Table 2.21 along with whether the phenomena
being addressed are reversible or irreversible and whether the
live load involves single-lane or multiple-lane loading.

Note that SLS references to partial prestressing have been
removed. AASHTO no longer accepts partial prestressing as a
design strategy.



Overview of Calibration Process

3.1 Introduction

The new generation of bridge design codes is based on proba-
bilistic methods. Load and resistance (load-carrying capac-
ity) parameters are treated as random variables, and structural
performance is quantified in terms of the reliability index
(Nowak and Collins 2013). This approach allows for a ratio-
nal comparison of different materials and load combinations.
An increased degree of uncertainty causes a reduction in reli-
ability, and strict control of structural parameters results in a
safer structure. The probabilistic analysis requires statistical
models of load and resistance parameters. The load models
for bridges can be based on truck surveys and other field tests.
Resistance models for structural components (e.g., bridge
girders) can be derived from material tests, lab tests, and ana-
lytical simulations.

With the advent of limit states design methodology in North
American design specifications, there has been an increasing
demand to obtain statistical data to assess the reliability of
designs. Reliability depends on load and resistance factors that
are determined through calibration procedures using available
statistical data. Methodologies that can be used to determine
load and resistance factors, including the basic reliability con-
cepts and detailed procedures that can be used to characterize
data to develop the statistics and functions needed for reliabil-
ity analysis, are described in NCHRP Report 368 (Nowak
1999) and TRB Circular E-C079 (Allen et al. 2005).

The code calibration procedure can include closed-form
solutions for estimating load and resistance factors that can
be used for simple cases, as well as more rigorous probabilis-
tic analysis methods such as the Monte Carlo method, which
is described in Section 3.2.3. There are three levels of proba-
bilistic design: Levels I, II, and III (Nowak and Collins 2013).
The Level I method is the least accurate, and Level III is the
only fully probabilistic method. However, Level III requires
complex statistical data beyond what are generally available
in engineering practice. Level T and Level II probabilistic
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methods are more viable approaches for structural design. In
Level I design methods, safety is measured in terms of a safety
factor, or the ratio of nominal (design) resistance to nominal
(design) load. In Level I, safety is expressed in terms of a reli-
ability index (B). The Level II approach generally requires
iterative techniques best performed using computer algo-
rithms. For simpler cases, closed-form solutions to estimate
B are available. Closed-form analytical procedures to estimate
load and resistance factors should be considered approxi-
mate, with the exception of very simple cases for which an
exact closed-form solution exists. Alternatively, spreadsheet
programs can be used to estimate load and resistance factors
using the more rigorous and adaptable Monte Carlo simula-
tion technique, which in turn can be used to accomplish a
Level II probabilistic analysis.

The goal of Level I or II analyses is to develop factors that
increase the nominal load or decrease the nominal resistance
to give a design with an acceptable and consistent reliability.
To accomplish this, an equation that incorporates and relates
all the variables that affect the potential for failure of the
structure or structural component must be developed for each
limit state.

For load and resistance factor design (LRFD) calibration
purposes, statistical characterization should focus on the pre-
diction of load or resistance relative to what is actually mea-
sured in a structure. Thus, this statistical characterization is
typically applied to the bias, the ratio of the measured to pre-
dicted value. The predicted (nominal) value is calculated using
the design model being investigated. The degree of variation is
measured in terms of the coefficient of variation (CV), which
is the ratio of the standard deviation to the mean value.

Regardless of the level of probabilistic design used to per-
form LRFD calibration, the steps needed to conduct a cali-
bration are as follows:

e Develop the limit state equation to be evaluated so that
the correct random variables are considered. Each limit



state equation must be developed on the basis of a pre-
scribed failure mechanism. The limit state equation
should include all the parameters that describe the failure
mechanism and that would normally be used to carry
out a deterministic design of the structure or structural
component.

e Statistically characterize the data on which the calibration
is based (i.e., the data that statistically represent each ran-
dom variable in the limit state equation being calibrated).
Key parameters include the mean, standard deviation, and
CV, as well as the type of distribution that best fits the data
(often normal or lognormal).

e Select a target reliability value based on the margin of
safety implied in current designs, considering the need for
consistency with reliability values used in the development
of other AASHTO LRFD specifications, the consequence of
exceeding the limit state, cost, and the levels of reliability
for design as reported in the literature for similar struc-
tures. If the performance of existing structures that were
designed using the current code provisions is acceptable,
then there is no need to increase the safety margin in the
newly developed code. Furthermore, the acceptable safety
level can be taken as corresponding to the lower tail of dis-
tribution of betas.

¢ Determine load and resistance factors by using reliability
theory consistent with the selected target reliability.

The accuracy of the results of a reliability theory analysis is
directly dependent on the adequacy, in terms of quantity and
quality, of the input data used. The final decision made
regarding the magnitude of the load and resistance factors
selected for a given limit state must consider the adequacy of
the data. If the adequacy of the input data is questionable, the
final load and resistance factor combination selected should
be weighted toward a level of safety that is consistent with
past successful design practice, using the reliability theory
results to gain insight as to whether past practice is conserva-
tive or unconservative.

The calibration procedure can be different depending on
the type of limit state. In the case of serviceability limit
states, it is much more complex, mostly due to difficulties in
formulation of the limit state equation. The parameters of
load and resistance are determined not only by magnitude,
as is the case with strength limit states, but also by frequency
of occurrence (e.g., crack opening) and as a function of
time (e.g., corrosion rate, chloride penetration rate). Accept-
ability criteria are not well defined as they are subjective
(e.g., deflection limit, allowable tensile stress), and the
code-specified limit state function does not necessarily have
a physical meaning (e.g., allowable compression stress in
concrete).
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3.2 Calibration by
Determination of
Reliability Indices

3.2.1 Basic Framework

Expanding on the four basic steps outlined above, the frame-
work for calibration of service limit state (SLS) using reliabil-
ity indices is summarized as follows:

1. Formulate the limit state function and identify basic vari-
ables. Identify the load and resistance parameters and for-
mulate the limit state function. For each considered limit
state, the acceptability criteria were established. In most
cases, it was not possible to select a deterministic bound-
ary between what is acceptable and unacceptable. Some of
the code-specified limit state functions do not have a
physical meaning (e.g., allowable compression stress in
concrete).

2. Identify and select representative structural types and design
cases. Select the representative components and structures
to be considered in the development of code provisions
for the SLSs.

3. Determine load and resistance parameters for the selected
design cases. Identify the design parameters on the basis
of typical structural types, loads, and locations (climate,
exposure to harsh environment). For each considered ele-
ment and structure, the values of typical load components
must be determined.

4. Develop statistical models for load and resistance. Gather sta-
tistical information about the performance of the consid-
ered types and models in selected representative locations
and traffic. Gather statistical information about quality of
workmanship. Ideally, for a given location and traffic, the
required data include general assessment of performance,
assumed time to initiation of deterioration, assumed dete-
rioration rate as a function of time, maintenance, and repair
(frequency and extent). Develop statistical load and resis-
tance models (as a minimum, determine the bias factors
and CVs). The parameters of load and resistance are deter-
mined not only by magnitude, as is the case with strength
limit states, but also by frequency of occurrence (e.g., crack
opening) and as a function of time (e.g., corrosion rate,
chloride penetration rate). The available statistical param-
eters were used, but the database is limited, and for some
serviceability limit states there is a need to assess, develop,
or derive the statistical parameters. The parameters of time-
varying loads were determined for various time periods.
The analyses were performed for various traffic parameters
(average daily truck traffic, legal loads, multiple presence,
traffic patterns). The load frequencies served as a basis for
determination of acceptability criteria.
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5. Develop the reliability analysis procedure. Reliability can be
calculated using either a closed-form formula or the
Monte Carlo method. The reliability index for each case
can be calculated using closed formulas available for par-
ticular types of probability distribution functions in the
literature or the Monte Carlo method. In this study, all the
reliability calculations were based on Monte Carlo analy-
sis. The Monte Carlo method is a stochastic technique that
is based on the use of random numbers and probability
statistics to simulate a large number of computer-based
experiments. The outcome of the simulation is a large
number of solutions that takes into account all the ran-
dom variables in the resistance equation.

6. Calculate the reliability indices for current design code and
current practice. Calculate the reliability indices for selected
representative bridge components corresponding to cur-
rent design and practice.

7. Review the results and select the target reliability index. Use
the calculated reliability indices to select the target reliabil-
ity index (By). Select the acceptability criteria (i.e., perfor-
mance parameters) thatare acceptable and the performance
parameters that are not acceptable.

8. Select potential load and resistance factors. Prepare a rec-
ommended set of load and resistance factors. The objec-
tive is that the design parameters (load and resistance
factors) have to meet the acceptability criteria for the con-
sidered design situations (location and traffic). The design
parameters should provide reliability that is consistent,
uniform, and conceivably close to the target level.

9. Calculate reliability indices. Calculate the reliability indices
corresponding to the recommended set of load and resis-
tance factors for verification. If the design parameters do
not provide consistent safety levels, modify the parameters
and repeat Step 8.

Figure 3.1 presents the flowchart for the basic calibration
framework described in the nine steps above.

Step 4 requires the analysis of data describing load and
resistance. Normal probability paper is a special scale that
facilitates the statistical interpretation of data. The horizontal
axis represents the variable (e.g., gross vehicle weight, mid-
span moment, or shear) for which the cumulative distribu-
tion function (CDF) is plotted. The vertical axis represents
the number of standard deviations from the mean value,
which is often referred to as the standard normal variable, or
the Z-score. The vertical axis can also be interpreted as the
probability of being exceeded; for example, one standard
deviation corresponds to 0.159 probability of being exceeded.
The most important property of normal probability paper
is that the CDF of a normal random variable is represented
by a straight line. The straighter the plot of data, the more

accurately it can be represented as a normal distribution. In
addition, the curve representing the CDF of any other type of
random variable can be evaluated, and its shape can provide
an indication about the statistical parameters, such as the
maximum value and type of distribution for the whole CDF
or, if needed, only for the upper or lower tail of the CDE Fur-
thermore, the intersection of the CDF with the horizontal
axis (zero on the vertical scale) corresponds to the mean. The
slope of the CDF determines the standard deviation, or G, as
shown in Figure 3.2. A steeper CDF on probability paper
indicates a smaller standard deviation. Further information
about the construction and use of probability paper can be
found in textbooks (e.g., Nowak and Collins 2013).

3.2.2 Closed-Form Solutions

The reliability index (B) is defined as shown by Equation 3.1:
p=a"'(p) (3.1)

where @1 is the inverse of the standard normal distribution,
and Pyis the probability of failure.

If the limit state function (g) can be expressed in terms of
two random variables, R representing resistance and Q repre-
senting the load effect, then g is given by Equation 3.2:

and the probability of failure is expressed by Equation 3.3:
P, =Prob(g <0) (3.3)

B can then be calculated using a closed-form formula in
two cases: when both R and Q are normal random variables
or when both R and Q are lognormal random variables. In all
other cases, the available procedures produce approximate
results.

If both R and Q are normal random variables, [} can be
calculated using Equation 3.4:

R-Q
Pl o
Ox+ 0,
where
R =mean or expected value of the distribution of
resistance;

Q =mean or expected value of the distribution of load;
o = standard deviation of the distribution of resistance;
and
O, = standard deviation of the distribution of load.
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Figure 3.2. Use of normal probability paper.

Sometimes, R — Q is termed M, the margin of safety. Using
this terminology, 3 is given by Equation 3.5:

M
B=— (3.5)

Om

For the case in which both distributions are lognormally
distributed, a more complete derivation of the closed-form
solutions and how they can be applied to LRFD calibration
is shown by Allen et al. (2005). Although closed-form solu-
tions are useful for illustrative purposes, in practice either
load or resistance or both are not normally distributed,
which limits the use of closed-form solutions in code
calibration.

3.2.3 Using Monte Carlo Simulation
in the Calibration Process

The typical application of Monte Carlo simulation, refer-
enced in Step 5 for bridge structural reliability and as reported
in the literature (Allen et al. 2005; Nowak and Collins 2013),

is well known. Application of Monte Carlo simulation follows
these steps:

e It is assumed that dead load is normally distributed and
live load CDF is as shown on the probability paper [directly
from WIM (weigh in motion) data]. The statistical param-
eters of live load depend on the time period. For longer
time periods, the statistical parameters are obtained by
extrapolation of the available WIM data. The total load is
a sum of dead load and live load and, therefore, in practice
it can be treated as a normal variable. This assumption is
partly justified by the central limit theorem, and it is
acceptable if the load components are of similar magni-
tude (Nowak and Collins 2013).

e Resistance is assumed to be lognormally distributed. The
resistance side of the LRFD equation is a product of terms.

e The minimum statistical parameters needed for each
random variable are the CV (V) and the bias (A). Using
the reported statistics of load and resistance along with
computer-generated random numbers, the distributions
of load and resistance are developed, and values are chosen



randomly from these distributions. For example, for the
simple load combination of dead load plus live load, ran-
dom values of dead load and live load are chosen from the
normal distributions fitted in the region of interest. A ran-
dom value of resistance is chosen from the lognormal dis-
tribution of resistance.

e The simulation is run by selecting random values from
both the load and resistance distributions. The limit state
function [R;— (D;+ L;)] is calculated for each set of random
variables. If the value is equal to or greater than zero, the
function is satisfied, and the individual case is safe. If the
value is negative, the criterion is not satisfied, and the case
represents a failure.

e After alarge number of iterations, the failures are counted,
and the failure rate is determined. For the sampling to be
significant at least 10 failures should be observed; other-
wise, more iteration is necessary. If the expected probabil-
ity of failure is very low, then the number of iterations can
be prohibitively large. An alternative way to determine the
reliability index is to generate a smaller number of limit
state function values, plot the results on normal probabil-
ity paper, and extrapolate the obtained lower tail of the
distribution function. The extrapolated lower tail will
allow for assessment of the reliability index and probability
of failure (or failure rate).

e By using the failure rate, the reliability index is determined as
the inverse of the standard normal cumulative distribution.

A step-by-step procedure for implementing the Monte
Carlo method by using statistical functions commonly avail-
able in spreadsheet programs is presented in Appendix F.

3.2.4 Statistical Parameters for Resistance
and Other Loads

The discussion in this section is excerpted from Kulicki et al.
(2007).

Resistance Models

Resistance was considered as a product of a nominal resis-
tance (R,) and three factors: M, or material factor (strength
of material, modulus of elasticity); F, or fabrication factor
(geometry, dimensions); and B, or professional factor (use of
approximate resistance models; e.g., the Whitney stress block,
idealized stress and strain distribution model). Resistance (R)
is given by Equation 3.6:

R=R,-M-F-P (3.6)

The mean value of resistance () and the CV of resistance
(Vx) may be approximated by Equations 3.7 and 3.8,
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respectively, which are accepted equations for the range of
values that were considered:

Hp =R, -l -Mpelp (3.7)

Ve =AVi+V2+V} (3.8)

The statistical parameters of resistance were determined
using the test results available before 1990, special simula-
tions, and engineering judgment. They were developed for
noncomposite and composite steel girders, reinforced con-
crete T-beams, and prestressed concrete AASHTO-type girders.
Bias factors and CVs were determined for material factor M,
fabrication factor F, and analysis factor P. Factors M and F
were combined.

For structural steel, the statistical parameters are found in
papers by Ravindra and Galambos (1978), Yura et al. (1978),
Cooper et al. (1978), and Hansell et al. (1978), which are sum-
marized in Ellingwood et al. (1980). The information included
the mean values and CV for the yield strength of steel, tensile
strength of steel, and modulus of elasticity for hot-rolled
beams and plates. In addition, they provided the statistical
parameters (mean value and CV) for the fabrication factor
and the professional factor. In the very last phase of calibration
for AASHTO LRFD, the American Iron and Steel Institute
provided the upgraded bias factors and CVs for yield strength
of structural steel. These values were then used in Monte
Carlo simulations to determine the parameters of resistance
for noncomposite and composite girders for the moment-
carrying capacity and shear. [More recent data gathered after
the Northridge earthquake by Dexter et al. (2000) and Dexter
and Melendrez (2000), and data reported by Bartlett et al.
(2003), show improved statistics, although Bartlett et al. rec-
ommend no resistance factor changes until more is known. In
the case of the steel SLSs calibrated in this study, the newer
data could affect only the overload limit state, making the reli-
ability analysis somewhat conservative. Given the paucity of
resistance data on which this limit state is based, the analysis
was not updated for the more recent data.]

For concrete components, the material parameters were
taken from Ellingwood et al. (1980). As in the case of struc-
tural steel, the statistical parameters were obtained, but no
raw test data. The basis for these parameters was research by
Mirza and MacGregor (1979a, 1979b). The data included
mean value and CV for the compressive strength of concrete,
yield strength of reinforcing bars, and prestressing strands. In
addition, the data included the statistical parameters of fab-
rication factor and professional factor.

The material data, combined with the statistical parame-
ters of the fabrication factor and professional factor, were
used in Monte Carlo simulations that resulted in the statisti-
cal parameters of resistance for steel girders (noncomposite
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Table 3.1. Statistical Parameters of

Component Resistance
Material and
Fabrication
Factors Professional Resistance
(M and F) Factor (P) (R)
Type of
Structure A "4 A "4 A "4
Noncomposite steel girders
Moment 1.095 | 0.075 | 1.02 0.06 | 1.12 | 0.10
(compact)
Moment 1.085 | 0.075 | 1.03 0.06 | 1.12 | 0.10
(noncompact)
Shear 1.12 0.08 1.02 0.07 | 1.14 | 0.105
Composite steel girders
Moment 1.07 0.08 1.05 0.06 | 1.12 | 0.10
Shear 1.12 0.08 1.02 0.07 | 1.14 | 0.105
Reinforced concrete
Moment 1.12 0.12 1.02 0.06 | 1.14 | 0.13
Shear with 1.13 0.12 1.075 | 0.10 | 1.20 | 0.155
steel
Shear without 1.165 | 0.135 | 1.20 0.10 | 1.40 | 0.17
steel
Prestressed concrete
Moment 1.04 0.045 | 1.01 0.06 | 1.05 | 0.075
Shear with 1.07 0.10 1.075 | 0.10 | 1.15 | 0.14
steel

Source: Nowak (1999).

and composite), reinforced concrete T-beams, and pre-
stressed concrete girders, for moment and shear, as shown in
Table 3.1 (Nowak 1999). The statistical parameters include
three factors representing uncertainty in materials, dimen-
sions and geometry, and analytical model.

It was assumed that resistance is a lognormal random
variable.

Statistics of Loads Other Than Live Load

The data presented below were developed in support of
strength calibrations, but they are equally applicable to load
calculations related to SLS calibration (see Table 3.2).

The bias factors for DL, and DL, were provided by the
Ontario Ministry of Transportation and were based on sur-
veys of actual bridges in conjunction with calibration of the
Ontario Highway Bridge Design Code (OHBDC 1979; Lind
and Nowak 1978). The CVs provided by the Ministry of
Transportation for dead load were 0.04 and 0.08 for DL, and

Table 3.2. Statistical Parameters of Dead Load

Dead Load Component Bias Factor CcVv

Factory-made members, | 1.03 0.08
DL,

Cast-in-place, DL, 1.05 0.10

Wearing surface, DL; 3in. (mean thickness) | 0.25

1.03~1.05 0.08 ~0.10

Miscellaneous, DL,

DL,, respectively (Lind and Nowak 1978). However, there is
no report available to support these data. The CVs used in
calibration were taken from the National Bureau of Stan-
dards Special Publication 577 (Ellingwood et al. 1980) and
include other uncertainties (also human error).

The parameters of DL; were calculated using the survey
data provided by the Ontario Ministry of Transportation in
conjunction with calibration of the OHBDC (1979).

3.3 “Deemed to Satisfy”

When you can measure what you are speaking about, and
express it in numbers, you know something about it, when
you cannot express it in numbers, your knowledge is of a mea-
ger and unsatisfactory kind; it may be the beginning of knowl-
edge, but you have scarcely, in your thoughts advanced to the
stage of science.—William Thomson, Lord Kelvin

The least rigorous process for establishing design require-
ments, and load and resistance factors in particular, is referred
to as “deemed to satisfy.” In this process, experience and
empirical observation are used to define the boundary
between satisfactory performance and unsatisfactory perfor-
mance. It provides no quantifiable way of assessing the pro-
vided margin of adequacy, such as safety or reliability. As
there is no way to quantify the performance margin, there is
no way to assess the benefit of a change in requirement other
than a general knowledge that changing this or that should
move in the direction of higher performance. The obvious
corollary is that cost-benefit cannot be quantified. An exam-
ple of “deemed to satisfy” is the specification of concrete
cover requirements in U.S. practice, which is based only on
experience and has no consistent mathematical basis.

Nonetheless, “deemed to satisfy” has a place in the pan-
theon of engineering tools. It is often the basis of detailing
requirements and may serve as the beginning of design speci-
fication development, as in “experience shows that if we do
(or do not do) this or that the results are generally accept-
able.” Expert elicitation (Delphi process) or an experimental
program may provide insight into the adequacy of “deemed
to satisfy.”



3.4 Customizing the Process

The data used in the calibration described in this report are
provided in Appendix E. The key to providing the ability for
owners to adjust the calibration of the SLSs for their own
experience is to either adjust the data in Appendix F or supply
state-specific information of the same type.

The following attributes were identified as necessary to
allow bridge owners to customize the calibration process and
to develop spreadsheets for their particular needs.

The ability of the process to address these issues is pro-
vided as follows:

e Ability of the Monte Carlo procedure to produce a probability
of criteria exceedance and the associated reliability index. This
ability is at the core of applying the Monte Carlo procedure.
If 100,000 trial calculations of a given limit state function are
produced using randomly generated loads and resistances
that are consistent with the mean values and CVs for
that limit state function, and the function is not satisfied
100 times, then the failure rate is 0.001 and the success rate
is 0.999. The corresponding reliability index from a hand-
book of probability functions or inverse standard normal
CDF available in many computer applications is 3.09.

o Ability to accept a user-supplied deterioration of load-carrying
capacity. A possible approach to downgrading the resistance
with time is discussed in Chapter 4 by using condition num-
ber as a surrogate for deterioration. For example, assume that
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it is expected that at some point in time corrosion will have
resulted in a 10% reduction in resistance of a class of bridges.
Referring to the box marked Statistical Parameters of Resis-
tance in Figure 3.1, the resistance would be adjusted (low-
ered) by 10%. If it is determined that not only is it expected
that the average resistance will be lowered, but that the values
of resistance are becoming more diverse (random), then the
bias and CV of resistance can also be adjusted based on that
experience, as they are simply input variables. Rerunning the
calculations for the affected population of the originally pro-
vided bridges, or an owner-supplied set, will allow the owner
to track the change in reliability indices. If one wanted to esti-
mate the effect on reliability-based ratings or postings, one
could keep or modify the target reliability index and repeat
the lower iteration loop by using revised trial load factors
until sufficient convergence of the reliability indices was
found. This would essentially be a recalibration.

Ability to react to user intervention as reflected in an improved
resistance (also user supplied). This is basically the opposite
of the process of downgrading resistance discussed above.
Ability to accept either a user-supplied database from which the
product will determine a new bias and CV or a user-supplied
bias and CV from an external calculation. As discussed above,
the biasand CV are input variables that a bridge owner is able
to adjust.

Ability to accommodate a user-supplied resistance model. This
is especially important for the geotechnical community due
to the regional nature of practice in that discipline.



Deterioration

4.1 Introduction

Deterioration and a degradation of serviceability indicated by
a reduction in usable capacity (either by a change in rating or
a change in reliability index) are not interchangeable terms,
although they may be related for some elements or systems.
For example, a steel girder, especially a rolled beam, may have
visible corrosion suggesting that the element is deteriorating
and in need of maintenance, but it may have little or no per-
ceptible change in deformations, stresses, or rider comfort.
Sometimes a corrosion hole may exist in a place that does not
control an evaluation. Similar observations can be made about
the early stages of damage to prestressed beams resulting from
poor drainage control at expansion joints. The resulting spall-
ing and possible rusting of rebar and strands may be unsightly
but have relatively little structural effect until the damage is
well advanced. For these types of elements or systems, deterio-
ration models or databases geared to predicting maintenance
budget needs are not especially useful to the calibration pro-
cess needed for Project R19B. Degradation first leads to loss of
service, and if left untreated, can lead to loss of load-carrying
capacity resulting in failure.

However, for some elements and subsystems, a high cor-
relation may exist between loss of serviceability and deterio-
ration as indicated by a change in National Bridge Inspection
Standards (NBIS) sufficiency ratings or the results of a dete-
rioration model. Such might be the case for decks and bear-
ings, for which a deteriorated state could be considered in the
calibration by owner adjustment of nominal resistance based
on bridge-specific knowledge or deterioration modeling.

Several researchers have proposed algorithms predicting
the change in condition number, either the National Bridge
Inventory (NBI) condition number or a variation, over time
for bridge details or complete structures. Five of these pro-
posals are reviewed in this chapter. Bridge owners could use
one or more of these proposals, or others that may be found
to more accurately reflect local conditions, as a basis for

including an estimate of deterioration in recalibrating the
service limit states by using the framework described in
Chapter 3 of this report. One simple way to do this would be
to accept the premise that until more usable data on the
change of resistance with time are available, it is reasonable to
treat the percentage change in condition number as a surro-
gate for change in resistance and adjust the resistance in the
calibration spreadsheets accordingly. In some cases, the use of
the equations included in this chapter may be beyond the
range for which they were developed.

4.2 Bolukbasi et al. (2004)

Bolukbasi et al. (2004) used historic NBI rating data for 2,601
bridges from Illinois to determine regression equations relating
the bridge age to the condition rating of the deck, superstruc-
ture, and substructure. No distinction between cast-in-place
(CIP) decks and precast panels was indicated in the reference.
The data were adjusted such that bridges with a sudden rating
increase are excluded from the study (a sudden increase in
rating indicates performance of maintenance). The resulting
equations suggest the rating and a corresponding service life if
no maintenance occurs. Equations are provided for the follow-
ing categories: all bridges; steel bridges; reinforced-concrete
(RC) bridges; prestressed concrete bridges; Interstate bridges;
non-Interstate bridges; bridges with annual average daily traffic
(AADT) <5,000; bridges with 5,000 < AADT < 10,000; and
bridges with AADT >10,000. Within each bridge category,
equations are provided to estimate the rating for the deck,
superstructure, and substructure.

Table 4.1 shows the rating prediction equations for the nine
categories, as well as a graph showing the condition rating
versus time. The end of service life is typically defined as when
a rating of 3 is achieved, and maintenance would be required
to continue using the structure.

The equations were also plotted by component (deck,
superstructure, substructure), allowing an investigation into



Table 4.1. Rating Prediction Equations and Graphs for Nine Categories of Bridges
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Table 4.1. Rating Prediction Equations and Graphs for Nine Categories of Bridges (continued)
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Table 4.1. Rating Prediction Equations and Graphs for Nine Categories of Bridges (continued)
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Source: Bolukbasi et al. (2004).

how other criteria affect the service life of the bridge. Figure 4.1,
Figure 4.2, and Figure 4.3 show the predicted deck, super-
structure, and substructure condition rating, respectively,
versus time. The graphs in Table 4.1 show that the service life
of the deck is typically shorter than the service life of either
the superstructure or the substructure. All categories have a
deck service life less than 55 years. For Interstate bridges and
high-traffic-volume bridges, Figure 4.1 shows the deck ser-
vice life is much closer to 40 years. High-traffic-volume
bridges have an estimated service life of 41 years, medium-
traffic-volume bridges have an estimated service life of
47 years, and low-traffic-volume bridges have an estimated ser-
vice life of 54 years. The medium- and high-traffic bridge deck
condition ratings decrease at a faster rate than the low-volume
bridges. For the first 30 years, the medium and high traffic have
nearly identical deck condition ratings. After the first 30 years
they split, with the high-traffic bridges decreasing faster.
Figure 4.2 shows the superstructure rating versus time for
the nine bridge categories. Similar to the deck condition rating,
Interstate bridges and bridges with AADT >10,000 have the
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Figure 4.1. Deck condition rating versus time.

shortest service life (45 to 50 years). Steel and prestressed con-
crete bridges also have shorter service lives (55 to 65 years), but
this is likely due to the fact that many of these are located on
the Interstate and are subject to high traffic counts. The basis
for this difference, 55 years and 65 years, could not be found
in the reference. Non-Interstate, RC, and low-traffic bridges
have an estimated service life of approximately 75 years.
Bridges with AADT between 5,000 and 10,000 are shown to
have the longest service life, greater than 80 years. The AADT
between 5,000 and 10,000 category may have a longer esti-
mated life due to less traffic than the Interstate and AADT
>10,000 categories, combined with routine maintenance
and repair, resulting in a longer service life.

Figure 4.3 shows the substructure condition rating versus
time for the nine bridge categories. As with the other condi-
tion ratings, bridges falling into the high-traffic and Interstate
categories have the shortest service life (an estimated 50 years).
The substructures of prestressed concrete bridges and steel
girder bridges have estimated service lives of approximately
62 and 67 years, respectively. The basis of this difference could
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Figure 4.2. Superstructure condition rating versus time.
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Figure 4.3. Substructure condition rating versus time.

not be found in the reference. Non-Interstate, RC, and low-
traffic bridges all have an estimated service life of approxi-
mately 80 years, and bridges in the medium-traffic category
have the longest estimated service life (approximately 90 years).
Similar to the superstructure ratings, the substructure service
life for the medium-traffic category is the longest and may be
due to better maintenance.

4.3 Jiang and Sinha (1989)

In their 1989 report on bridge performance and optimization,
Jiang and Sinha discussed the results of regression analysis and
Markov chain analysis to estimate the average rating of a group
of bridges. They considered Interstate and non-Interstate
bridges, as well as steel and concrete bridges; no distinction was
made between reinforced or prestressed concrete construction.
Geographic location and traffic volume were initially consid-
ered, but because they did not appear to influence the regres-
sion analysis, they were not considered as separate categories.
A relatively small sample (several hundred bridges) was used in
the regression analysis, and at the time of the analysis, biennial
NBI inspections had only been occurring for approximately 10
years. Thus, the results may have been influenced by the limited
amount of data available and used.

The results of the regression analysis were coefficients for a
third-order polynomial describing the NBI condition rating
as a function of bridge age. Coefficients were determined for
the different bridge types and for the deck, superstructure,
and substructure. The equations and a graph of the equations
showing the NBI condition rating as a function of time are
shown in Table 4.2. Unlike the equations by Bolukbasi et al.

Table 4.2. Rating Prediction Equations and Graphs for Four Categories of Bridges
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(continued on next page)
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Source: Jiang and Sinha (1989).

(2004), the constant term in the prediction equation is
always 9; this assumes that the bridge component was in
perfect condition when new.

The equations were also plotted by component (deck,
superstructure, substructure), allowing an investigation into
how other criteria affect the service life of the bridge. Decks
are believed to be CIP concrete decks. Figure 4.4, Figure 4.5,

and Figure 4.6 show the predicted deck, superstructure, and
substructure condition ratings, respectively, versus time. It is
typically assumed that the end of service life occurs when the
condition rating reaches a value of 3. Figure 4.4 shows that
the Interstate bridges typically have a shorter deck service
life than the non-Interstate bridges. All bridge types have
a similar deterioration rate until approximately 10 years.
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Figure 4.4. Deck predicted condition ratings for
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ratings for different bridge types.
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Non-Interstate bridges have a longer period during which
the rating does not change significantly; the concrete bridge
rating is higher than the steel bridge rating during this pla-
teau period and throughout most of the service life. Con-
crete bridges are shown to have longer deck service lives than
steel bridges. The predicted service life for Interstate bridge
decks is approximately 36 years for steel bridges and 42 years
for concrete bridges. For non-Interstate bridges, the service
life increases to approximately 59 years for steel bridges and
62 years for concrete bridges. The reference did not provide any
information as to why the deck service life varies between steel
and concrete bridges for both Interstate and non-Interstate
conditions.

Figure 4.5 is very similar to Figure 4.4 with regard to mate-
rial and highway type. Concrete superstructures have longer
service lives than steel bridges subjected to the same volume
of traffic. Interstate bridges have a shorter service life than non-
Interstate bridges. The superstructure service lives predicted
are very similar to those predicted for the deck. The difference
in service life between concrete and steel bridges is not dis-
cussed in the reference.

Figure 4.6 shows the predicted substructure condition
ratings versus times. This figure is similar to the two previous
figures for deck and superstructure service lives. The predicted
substructure service lives are very similar to those predicted for
the deck and also for the superstructure. This is a surprising
result as it is typically expected that the substructure will last
longer than either the deck or the superstructure. The report
did not indicate any specific reasons for the substructure having
predicted service lives similar to the deck and superstructure.

4.4 Hatami and Morcous (2011)

A 2011 report by Hatami and Morcous, Developing Deteriora-
tion Models for Nebraska Bridges, presented the results of a
project performed for the Nebraska Department of Roads in

which deterioration models were developed specifically for
Nebraska bridges. The deterioration models were based on
NBI condition ratings for bridge decks, superstructures, and
substructures by using data from 1998 to 2010. Factors such
as structure type, deck type, wearing surface, deck protection,
average daily traffic (ADT), average daily truck traffic (ADTT),
and location were considered in the development of the dete-
rioration models, which were determined using deterministic
and stochastic methods.

NBI data were obtained for all bridges in Nebraska from
1998 to 2010; only data for state bridges were used in the
analysis as the authors believed that inspections performed
by state inspectors have stricter requirements. The determin-
istic deterioration models developed for state bridges in
Nebraska are shown in Table 4.3. In the second figure in the
table, in which deterioration is related to ADTT, decks sub-
jected to more truck traffic appear to have a longer expected
life than those subjected to fewer trucks, which is contrary to
what would be expected. In the third figure, the rating starts
to increase in District 2 after approximately 60 years, which is
likely a sign that more data were needed to more accurately
develop the deterioration model. The last figure shown in
Table 4.3 indicates that the service life of the deck exceeds that
of either the superstructure or substructure, which is also
contrary to what would be expected.

4.5 Comparison of Equations
from Bolukbasi et al.
(2004), Jiang and Sinha
(1989), and Hatami and
Morcous (2011)

4.5.1 Introduction

The results from Bolukbasi et al. (2004), Jiang and Sinha
(1989), and Hatami and Morcous (2011) are generally simi-
lar. The equations are plotted together to provide a comparison
between resulting equations. Various comparisons are pro-
vided below. Comparisons are based on material type, as well
as highway type and ADTT. Typically the Bolukbasi et al.
equations have a slower deterioration rate over the service life
of the structure. This may be due to a larger number of struc-
tures being considered and the availability of more inspection
data. The equations from the Nebraska study are only
included in the superstructure ratings for steel bridges; the
results for other bridge and component types were not spe-
cific enough to include elsewhere.

4.5.2 Concrete Superstructure Bridges

Plots of the prediction equations for deck, superstructure,
and substructure condition ratings for concrete bridges are
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Figure 4.7. Comparisons of concrete bridge predicted condition ratings for (a) decks, (b) superstructures,

and (c) substructures.

shown in Figure 4.7. For the deck condition ratings, the
Bolukbasi et al. (2004) equation indicates the highest condi-
tion rating until an age of approximately 35 years, after
which the non-Interstate equation for concrete bridges pro-
posed by Jiang and Sinha (1989) indicates the highest con-
dition rating. For the superstructure and substructure,
the Bolukbasi et al. equations always indicate the highest con-
dition rating. The prediction equations provide an estimated
service life for the deck, superstructure, and substructure. The
estimated service lives, or the predicted times until a condition
rating of 3 is achieved, are provided in Table 4.4. The Jiang and
Sinha equations generally predict a similar service life for all
major components of a bridge. The Bolukbasi et al. equation
suggests that the deck has the shortest service life. The super-
structure and substructure service lives are significantly
longer.

4.5.3 Steel Superstructure Bridges

Plots of the prediction equations for deck, superstructure, and
substructure condition ratings for steel bridges are shown in

Figure 4.8. For the deck condition ratings, the Bolukbasi et al.
(2004) equation indicates a higher condition rating until an
age of approximately 50 years, after which the non-Interstate
equation for steel bridges proposed by Jiang and Sinha (1989)
indicates a higher condition rating. The superstructure
and substructure condition ratings are always higher when
using the Bolukbasi et al. equations versus either Jiang and
Sinha equation. The Hatami and Morcous (2011) equation

Table 4.4. Service Life Comparison:
Reinforced Concrete (RC) Bridges

Service Life (years)
Equation Deck | Superstructure | Substructure
Bolukbasi et al., RC 54 77 82
Jiang and Sinha, RC 42 41 41
Interstate
Jiang and Sinha, RC 63 63 63
non-Interstate
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Figure 4.8. Comparisons of steel bridge predicted condition ratings for (a) decks, (b) superstructures,

and (c) substructures.

[identified as NEDOR (Nebraska Department of Roads) in
Figure 4.8] predicts higher condition ratings than both
Bolukbasi et al. and Jiang and Sinha until approximately
30 years. Unlike the other equations, the Hatami and
Morcous equation does not indicate a period of time when
the condition rating plateaus. The prediction equations pro-
vide an estimated service life for the deck, superstructure,
and substructure. The estimated service lives, or the predicted
times until a condition rating of 3 is achieved, are provided in
Table 4.5. The Jiang and Sinha equations generally predict a
similar service life for the major components of a bridge. The
Bolukbasi et al. equation suggests that the deck has the short-
est service life. The superstructure and substructure service
lives are somewhat longer.

4.5.4 Interstate Bridges

Plots of the prediction equations for deck, superstructure,
and substructure condition ratings for Interstate bridges are
shown in Figure 4.9. For the deck condition ratings, the
Bolukbasi et al. (2004) equation indicates a higher condition

rating until an age of approximately 25 years. After 25 years,
the Bolukbasi et al. equation and the Jiang and Sinha (1989)
concrete equations are very similar. The superstructure and
substructure condition ratings are always higher when using
the Bolukbasi et al. equations versus either Jiang and Sinha
equation, but overall the three indicate similar estimated

Table 4.5. Service Life Comparison: Steel Bridges

Service Life (years)
Equation Deck | Superstructure | Substructure
Bolukbasi et al., steel 53 63 68
Jiang and Sinha, 36 37 36
steel Interstate
Jiang and Sinha, steel 54 56 57
non-Interstate
Hatami and Morcous, NA 47 NA
steel

Note: NA = not available.
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Figure 4.9. Comparisons of Interstate bridge predicted condition ratings for (a) decks, (b) superstructures,

and (c) substructures.

service lives. The prediction equations provide an estimated
service life for the deck, superstructure, and substructure.
The estimated service lives, or the predicted times until a con-
dition rating of 3 is achieved, are provided in Table 4.6. The
estimated service lives are similar for all components and
equations.

Table 4.6. Service Life Comparison:
Interstate Bridges

Service Life (years)
Equation Deck | Superstructure | Substructure
Bolukbasi et al., 41 45 48
Interstate
Jiang and Sinha, 36 37 36
steel Interstate
Jiang and Sinha, 42 a1 41
concrete Interstate

4.5.5 Non-Interstate Bridges

The prediction equations for deck, superstructure, and
substructure condition ratings for non-Interstate bridges
are shown in Figure 4.10. For the deck condition ratings,
the Bolukbasi et al. (2004) equation indicates a higher rat-
ing until an age of approximately 40 years. After 40 years,
the Jiang and Sinha (1989) concrete equation indicates the
highest condition rating, and after approximately 45 years,
the Jiang and Sinha steel equation provides an estima-
ted service life greater than the Bolukbasi et al. equation.
The superstructure and substructure condition ratings
are always higher when using the Bolukbasi et al. equations
versus either Jiang and Sinha equation. The Bolukbasi
et al. equations indicate an overall slower deterioration
rate. The prediction equations provide an estimated
service life for the deck, superstructure, and substruc-
ture. The estimated service lives, or the predicted times
until a condition rating of 3 is achieved, are provided in
Table 4.7. The table shows that the Bolukbasi et al.
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Figure 4.10. Comparisons of non-Interstate bridge predicted condition ratings for (a) decks, (b) superstructures,

and (c) substructures.

equations predict the shortest deck service life, but they
also predict the longest superstructure and substructure
service lives.

4.5.6 Low- and Medium-AADT Bridges

The prediction equations for deck, superstructure, and
substructure condition ratings for bridges with AADT

Table 4.7. Service Life Comparison:
Non-Interstate Bridges

Service Life (years)
Equation Deck | Superstructure | Substructure
Bolukbasi et al., 52 77 81
non-Interstate
Jiang and Sinha, 54 56 57
steel non-Interstate
Jiang and Sinha, con- 62 62 63
crete non-Interstate

<10,000 for Bolukbasi et al. (2004) and for non-Interstate
bridges for Jiang and Sinha (1989) are shown in Fig-
ure 4.11. For the deck condition ratings, the Bolukbasi
et al. equation for AADT <5,000 indicates the highest
condition rating until an age of approximately 42 years. After
this time, the Jiang and Sinha concrete non-Interstate
equation indicates the highest condition rating, and after
approximately 50 years, the Jiang and Sinha steel non-
Interstate equation provides an estimated service life
similar to the Bolukbasi et al. equation for AADT <5,000.
The Bolukbasi et al. equation for AADT between 5,000
and 10,000 is greater than the Jiang and Sinha equations
until approximately 27 years. The superstructure and
substructure condition ratings are always higher when
using the Bolukbasi et al. equations versus the Jiang and
Sinha equations. The Bolukbasi et al. equations indicate
an overall slower deterioration rate. The equation for
AADT <5,000 is greater until approximately 63 years
for the superstructure and approximately 50 years for
the substructure. The prediction equations provide an
estimated service life for the deck, superstructure, and
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Figure 4.11. Comparisons of low- to medium-AADT bridge predicted condition ratings for (a) decks,

(b) superstructures, and (c) substructures.

substructure. The estimated service lives, or the predicted
times until a condition rating of 3 is achieved, are provided
in Table 4.8. The table shows that the Bolukbasi et al. equa-
tions predict the shortest deck service life, but they also
predict the longest superstructure and substructure ser-
vice lives.

Table 4.8. Service Life Comparison:
Low- to Medium-AADT Bridges

Service Life (years)
Equation Deck | Superstructure | Substructure
Bolukbasi et al., 54 76 80
AADT <5,000
Bolukbasi et al., 5,000 47 81 90
< AADT < 10,000
Jiang and Sinha, steel 54 56 57
non-Interstate
Jiang and Sinha, 62 62 63
concrete
non-Interstate

4.5.7 High-AADT Bridges

The prediction equations for deck, superstructure, and sub-
structure condition ratings for bridges with AADT >10,000
for Bolukbasi et al. (2004) and for Interstate bridges for Jiang
and Sinha (1989) are shown in Figure 4.12. The Bolukbasi
et al. deck condition rating equation is greater for approxi-
mately 30 years, after which it is very similar to the Jiang
and Sinha concrete Interstate prediction equation. The
superstructure and substructure condition ratings are
always higher when using the Bolukbasi et al. equation
versus the Jiang and Sinha equations. The Bolukbasi et al.
equations indicate an overall slower deterioration rate. The
prediction equations provide an estimated service life for
the deck, superstructure, and substructure. The estimated
service lives, or the predicted times until a condition rating
of 3 is achieved, are provided in Table 4.9. The table shows
that the Bolukbasi et al. equations predict a deck service life
approximately equal to the service life predicted by the
Jiang and Sinha concrete Interstate bridge equation, and
they also predict the longest superstructure and substructure
service lives.
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Figure 4.12. Comparisons of high-AADT bridge predicted condition ratings for (a) decks, (b) superstructures,
and (c) substructures.

4.6 Agrawal and Kawaguchi

(2009)

A 2009 report by Agrawal and Kawaguchi provides regression
equations relating condition rating (CR) to age for common
bridge components in New York State. The following list indi-
cates the number of options and examples of each component:

e Abutment backwall (all grouped together);
e Abutment stem (all grouped together);

Table 4.9. Service Life Comparison:
High-AADT Bridges

Service Life (years)
Equation Deck | Superstructure | Substructure
Bolukbasi et al., 41 48 49
AADT >10,000
Jiang and Sinha, 36 37 36
steel Interstate
Jiang and Sinha, 42 41 41
concrete Interstate

Abutment wingwall (four options: none, other, wingwall
exists, and reinforced earth wingwall);

Abutment bearing (six options: none, steel, polytetra-
fluoroethylene [PTFE], multirotational, elastomeric, and
others);

Abutment pedestal (all grouped together);

Abutment joint (12 options: none, open, finger, sliding
plate, filled elastic material, preformed elastomeric seals,
strip seal, sawed and filled, compression, modular, armored,
and other or unknown);

Pier bearing (six options: none, steel, PTFE, multirota-
tional, elastomeric, and other or unknown);

Pier pedestal (five options: none, concrete, masonry, steel,
and timber);

Pier cap top (five options: none, concrete, masonry, steel,
and timber);

Pier cap (five options: none, concrete, masonry, steel, and
timber);

Pier stem (all grouped together);

Pier column (five options: none, concrete, masonry, steel,
and timber);

Pier footing (all grouped together);
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e Pier recommendation (five options: none, concrete,
masonry, steel, and timber);

e Pier joint (12 options: none, open, finger, sliding plate,
filled elastic material, preformed elastomeric seals, strip
seal, sawed and filled, compression, modular, armored, and
other or unknown); and

e Primary member design type (19 options, such as rolled
beam, truss, and deck arch).

The work by Agrawal and Kawaguchi resulted in a com-
puter program based on synthesized Pontis data that calcu-
lates the deterioration rates of bridge components using
Pontis data. The program contains a cascading algorithm to
classify bridges based on several factors. These factors are

e Element design type—For bearings, for example, the type
can be one of six choices (none, steel, PTFE, multirota-
tional, elastomeric, and others);

e New York State Department of Transportation (NYSDOT)
Region—There are 11 regions in New York State;

e Bridge ownership—Various organizations own bridges
within New York State, including NYSDOT, park authori-
ties or commissions, nonpark authorities or commissions,
and the New York State Thruway Authority. Bridges are
also owned locally, privately, by railroads, and by other
entities;

o Superstructure design type—These include girder and
floorbeam system, truss, and suspension;

o Superstructure material type—These include weathering
steel, timber, and prestressed concrete;

e AADT—AADT is divided into five groups ranging from
no trucks to >5,000 trucks per day;

e Salt usage—Salt usage is divided into four categories:
low (between 6,893 and 13,492 tons), medium (between

10,175 and 25,457 tons), high (between 16,969 and
40,195 tons), and very high (between 46,375 and
94,739 tons);

e Snow accumulation—There are three snow accumulation
categories: low (<171 in.), medium (between 171 and
278 in.), and high (between 278 and 458 in.);

e Climate groups—The 10 groups are based on climate data
provided by the National Oceanic and Atmospheric
Administration;

e Functional class—There are five functional classes ranging
from Interstate to none; and

e Feature under—This factor has three categories: Interstate
under, highway under, and water under.

The factors listed above were used to create a class of bridges
that have similar characteristics. The number of characteris-
tics selected allows the deterioration rate to be calculated for a
very narrow or a very broad group of bridges.

Within a specific component, multiple equations may be
provided for different materials or types of components. As
an example, for abutment bearings, four equations (one
each for steel bearings, elastomeric bearings, multirota-
tional bearings, and PTFE sliding bearings) were provided.
The equations and graphs are shown in Table 4.10. The
ratings in New York vary from 1 to 7, with 7 indicating
perfect condition; 5 indicating minor deterioration but still
functioning as designed; 3 indicating serious deterioration
or not functioning as designed; and 1 indicating a failed
condition. Even-numbered ratings (2, 4, and 6) are used to
provide a middle ground between the odd numbered,
defined ratings (1, 3, 5, and 7).

If failure is defined as a condition rating of 3 and the
component no longer functioning as intended, then the

(text continues on page 78)

Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data

CR =7 -0.0564703T + 0.0000667T?2

Abutment Backwall
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I
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5.50 \
2 5.00 -
S N
= 4.50 \
T 4.00 \\
3.50 \
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2.50
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(continued on next page)



Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

AbutmentBearings

Steel: CR=7-0.0773187T + 0.000240872
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6.50 &g _ -
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g 4.50 \\\_ \\ T
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3.00 N \\ ........
2.50 S N\ - \\ .......
2.00 ~
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—1.01 x 10573
7.00
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6.00 J — - =Modular e Armor -9.3x10°T3
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(continued on next page)
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Abutment Wingwall CR =7 -0.0500728T — 0.000054672 - 6.0 x 10-7T?
7.00
6.50 —— Abutment
6.00 Wingwall
5.50
©5.00 ™~
= 4.50
©
T 4.00 ~
3.50
3.00 AN
2.50
2.00
0 20 40 60 80 100 120
Time (years)
Deck Curb Granite/Stone: CR =7 — 0.0605424T + 0.00010897?
-1.0x107T3
7.00
Granite/Stone
6.50 - = - Steel Plate Steel Plate: CR =7 — 0.0577393T — 0.0001956T2
6.00 Ag.\ — 1.7 x 10673
5.50 S — - = Timber .
: N ] e Concrete
=y 5.00 NS Timber: CR =7 — 0.0584921T — 0.0003144T?2
g 450 \?\ —-2.4x10°T°
= O )
T 4.00 \\\\\
3.50 . \ U Concrete: CR =7 —0.0507576T — 0.0002625T2
3.00 — \\ -1.9x10°73
2.50 N S~
2.00 S
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Pier Bearings Steel: CR =7 —0.0681319T — 0.000159772 + 3.4
x 10-6T3
7.00
6.50 NG Steel Multirotational: CR = 7 — 0.0833154T + 0.0008055T
6.00 \Q = = = Multirotational _3.8%10-6T?
5.50 \ — - - Elastomeric
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Pier Cap Top Concrete: CR=7 - 0.04758007 — 0.000109172 + 1.2
x 1073
7.00
6.50 Attt < Concrete
: ~ —— M Masonry: CR = 7 — 0.0094394T — 0.000715372 + 3.8
~ asonry
6.00 T — - - Steel x 10-6T3
5.50 >
S | Timber
25.00 RN Steel: CR =7 - 0.01313027 - 0.000782072 + 4.9
E 4.50 ST x 10-6T3
T 4.00 R
3.50 \ S Timber: CR =7 — 0.0467232T + 0.000105172 — 1.3
3.00 S % 1073
- .
2.50 \\"-\?\ =
2.00
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Pier Column Concrete: CR =7 — 0.0486218T — 0.000132672 + 1.2
x 10-6T3
7.00
6.50 Concrete
: N - = ~Masonry Masonry: CR =7 — 0.1461181T + 0.0028522T2 — 2.66
6.00 N — - -Steel x 10573
5.50 Mo N ee
S NG e Timber
@ 5.00 S Steel: CR =7 — 0.0594952T + 0.000230072 — 4.0
% 4.50 < . \ x 10773
T 4.00 A T Ny
3.50 R T~ Timber: CR =7 —0.1077933T + 0.001205172 - 7.9
3.00 e -...‘\\\\ T X 10T
2.50 \ - :
2.00 D =
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Pier Footing CR=7-0.0361181T — 0.0001836T2
7.00
6.50 ™~ —— Pier Footing
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\
5.50 ~C
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N\
& 4.00 O
3.50 C
3.00 N
2.50 \C
2.00
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Time (years)
Pier Joint Open: CR=7 - 0.1746867T + 0.00297337T2 — 2.24
x 10573
7.00 Opon ~ = sup Seal Strip Seal: CR = 7 — 0.2222855T + 0.004342972
6.50 .
6.00 — - -Compression ~ +*=====* Modular ~3.68 X.-I o°r?
et R U Armor - - = Sliding Plate Compression: CR =7 — 0.2047452T + 0.0034777T?
5.50 ~ g
— - - Filled Elastic Preformed 2.09x10°°T?
25.00 Modular: CR =7 — 0.1178004T + 0.0000691T?2 + 1.37
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(continued on next page)
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Pier Pedestal Con%e:c:;_:SCR =7-0.0427029T — 0.000343272 + 2.8
«10-
7.00
\
6.50 ~_ Concrete Masonry: CR = 7 — 0.0214166T — 0.0007708T2 + 5.0
6.00 A — — -Masonry x 10-8T3
5.50 w
. — - - Steel
25.00 ‘\\\\ I Steel: CR =7 - 0.0294246T — 0.000294072 + 1.5
b 4.50 \\ ~ x 10673
X 4.00 s ~
3.50 \' :
3.00 \\\ 2
2.50 ~U~
2.00 F———
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Pier Design Confl:roets_:SCR =7 -0.0616063T + 0.000123572-1.0
«10-
7.00 BT
N S Concrete
6.50 -.,\\ ~ - = ~Masonry Masonry: CR =7 +0.0189981T — 0.001349872 + 7.5
6.00 N T —
o ‘\\\\ \\\ — - -Steel x 10-6T3
. %, .. S N BRI Timber
25.00 NS = < Steel: CR = 7 — 0.0335030T — 0.000408972 + 2.4
= 4.50 g = ~ 673
= <~ x 10T
T 4.00 + }\.Q-\‘
3.50 EaET™ - \ < < Timber: CR=7 —0.1156794T + 0.001481872 - 9.8
3.00 B \ R T x 10-6T3
2.50 e
2.00 .
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Time (years)
Pier Stem CR=7-0.0445180T — 0.000148272+ 1.1 x 106 T3
7.00
6.50 ——Pier Stem
6.00 \ \
5.50 N
o 5.00 \
£ 4.50
T 4.00
3.50 N
3.00
2.50 \\
2.00 P
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Time (years)
Primary Members Slab, Box, Box Channel: CR =7 - 0.0724412T
+0.0002255T72 - 4.0 x 10-7T®
7.00
9 Slab, Box, Box Channel
6.50 » BO% - “CR=7- -
6.0 \_‘ - = =Tee orl-Beam Teeor | BeaT. 3C.‘? =7-0.0509168T — 0.0001729T7?2
5'50 \\§ — - -Rolled Beam +2.1x10°T
' R I Plate Girder
o 5.00 Q. Rolled Beam: CR =7 — 0.0573849T + 0.00006037?2
a— NSe.
5 jﬁg N +1.0x 10772
3.50 \~§\ ..... Plate Girder: CR =7 — 0.0533815T + 0.0000618T2
3.00 N
2.50 SR
2.00 ~ SR
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Time (years)
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Primary Members

Truss: CR = 7 — 0.09621207 + 0.000546072 — 1.6
x 10T

7.00 = Deck Arch: CR = 7 — 0.0608540T — 0.0001644T2
6.50 < fuss +2.5 % 10°T?
6.00 ~ = = =DeckArch
\s
5.50 NG
5.00 O~
£ 4.50 \ <
& 4.00 ~\‘\
3.50 > N
3.00 NN
2.50 N <
2.00 =
20 40 60 80 100 120
Time (years)
Prlmary Members Metal Pipe Arch: CR =7 —0.0917752T +
0.0006315T2 — 1.2 x 10673
7.00
N Metal Pipe Arch
650 TR - —Frame P Frame: CR = 7 — 0.0586090T — 0.000015372 + 9.0
6.00 N «10-7T3
5.50 \“\ — - =Box Culvert
' \\\ L Pipe Culvert
o 5.00 S
£ NN
g 400 NG
4.00 RN Box Culvert: CR =7 — 0.0662312T + 0.0002877T2
3.50 2 =~ —1.1x10°T2
3.00 R
2.50 N T Pipe Culvert: CR =7 — 0.0918358T + 0.0005486T2
2.00 S~ ~1.9%10-T?
20 40 60 80 100 120
Time (years)
Secondary Members Slab, Box, or Box Channel: CR =7 — 0.0705115T
+0.0002846T2 - 2.0 x 10773
7.00
6.50 o i'aljl’ : ox, orBox Channel Tee or I-Beam: CR = 7 — 0.0371296T — 0.0004970T?
6.00 T T 7 eelbeam —4.1x10-T?
5.50 \\Q..\ — - -Rolled Beam
\§ L .
5.00 N Plate Girder Rolled Beam: CR = 7 — 0.0536963T + 0.000209072
= 4.50 ?\m,, ; ~1.6x10°T3
& 4.00 NS
\
3.50 N \\\“‘~ Plate Girder: CR = 7 — 0.0403950T — 0.0002383T2
3.00 \ \\ +1.6x10°5T3
250 A T
2.00 N -
20 40 60 80 100 120
Time (years)
Secondary Members TFUS1S:0CG:¢3: 7 —0.0600905T — 0.000165372 + 2.1
10
7.00 |-~y
~ T
650 TN S~ e Deck Arch: CR = 7 + 0.0225284T — 0.0019546T2
6.00 N s Sl tal +1.38 x 10°5T°
5.50 O
o 5.00 ~
£ AN
s
. ~
3.50 \\ S~LC
3.00 \\
2.50 ~N
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2.00 ~
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Secondary Members Fran;lz: g_lj =7 -0.0031620T — 0.000766672 + 3.9
% 10
7.00 =]
6.50 ~ ——Frame
6.00 \‘\
5.50 \
o 5.00
£ N
= 4.50 \
T 4.00 N
3.50 \
3.00 ~_
2.50 ~—
2.00
20 40 60 80 100 120
Time (years)
Sidewalk/Fascia Con::(r)eE?;CR =7 -0.0697598T + 0.000189972 - 4.0
< 10-
7.00 W=
Concrete
6.50 B : =7-
o o0 \ - — - Steel Plate Steel Plate: gRs_ 7 —0.0636279T + 0.0001742T2
5'50 Ok — - - Asphalt Concrete +1.0x107T
. o N
........ Steel
5.00 N \\ . Asphalt Concrete: CR =7 — 0.1145251T
E 4.50 N R \ S +0.001582272—-1.34 x 10578
4.00 s kS
3.50 \-\\ N Steel: CR = 7 — 0.0055077T — 0.0034812T2 + 4.78
3.00 TN x 10573
2.50 N, ~_ S~o
2.00 \ =
20 40 60 80 100 120
Time (years)
Structural Deck CIP Concrete Black Rebar: CR =7 — 0.0675608T
+0.000141172+1.0x 10773
7.00
6.50 ~__ CP Conrete Black Rebar Precast Plank: CR = 7 — 0.1188157T + 0.0018646T
6.00 ‘\‘\ — = =Precast Plank i : ’
b o0 N — - -CIP w/ Epoxy Rebar —2.04x10°T
: CONe || e CIP w/ Other Prot. or Coatin
5.00 ~ N = = CIP with Epoxy Rebar: CR = 7 — 0.0767927T
E 4.50 NI \ ~N +0.000798872 - 5.1 x 10-6T3
4.00 A < |
N ~
3.50 O R < CIP with Other Protection or Coating: CR =7
3.00 \\ N N ~ —0.0793700T + 0.000515772—-2.3 x 10673
2.50 N LN
2.00 » et
20 40 60 80 100 120
Time (years)
Structural Deck Timt;%r:e_%l? =7-0.1015141T + 0.001036672 - 7.3
%10
7.00
650 1O\ Timber Steel Grating: CR = 7 — 0.0971087T + 0.0005147T2
6.00 \ = = = Steel Grating —7x107T3
5.50 . — - - Steel Plate
= 5.00 N ~<< Steel Plate: CR =7 — 0.1387853T + 0.0032377T2
E 4.50 AN N —-2.583x 10573
4.00 SN *
N \
3.50 \\ :
3.00 SN0 \
2.50 S '\
2.00 =
20 40 60 80 100 120

Time (years)
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Superstructure Type Slab: CR =7 — 0.0550966T — 0.000010772 + 5.0
x107T3
7.00
e Slab , , ,
. N - — - Stringer/Multi-beam/Girder Stringer/Multi-beam/Girder: CR =7 — 0.0608104T
228 “5‘:5\\' — - - Girder/Floorbeam System +0.00012287* - 2 x 1077
. \:\\';:’: N R Tee Beam )
25.00 SO, |- Box Beam or Box Girder Girder/Floorbeam System: CR = 7 — 0.0375553T
g 4.50 \\‘\% —0.0003374T2+ 1.9 x 10678
T 4.00 RO \\;\
3.50 ~ \\ Tee Beam: CR =7 — 0.0334694T — 0.0005675T2
3.00 s SN +4.1x10°T°
2.50 b
2.00 ‘\‘ . Box Beam or Box Girder: CR =7 — 0.0671339T
0 20 40 60 80 100 120 +0.0000287T72+ 1.5 x 10673
Time (years)
Superstructure Type Frame: CR =7 — 0.0374148T — 0.000424572 + 3.1
x 10773
7.00
N
6.50 NI Frame Culvert: CR =7 — 0.0683836T + 0.000215972 — 1.0
6.00 N ,‘\ = = =Culvert x107T3
5.50 ~
25.00 RS N
= 4.50 ~
© -~
T 4.00 \\
3.50 T
N
3.00 N
2.50 =S
2.00 P
0 20 40 60 80 100 120
Time (years)
Superstructure Type Thru Truss: CR =7 — 0.0719036T + 0.0001651T?
7.00 x< - Thru Truss Deck Arch: CR =7 —0.0209106T + 0.0007879T2
6.50 \ << +5.1 %1073
6.00 AN 3 = = =DeckArch
5.50 ‘\ RS
©5.00 N\ <
= 4.50 N <
T 4.00 \\\ <
3.50 N\ N
N
3.00 S
2.50 NN
. \\ So
2.00 ~ =
0 20 40 60 80 100 120
Time (years)
Wearing Surface Integral/Monolithic Portland Cement (PC): CR =7
—0.1178904T + 0.0012462T72 + 7.0 x 10-6T3
7.00 =
6.50 "\\ Integral/Monolithic PC Concrete with Membrane: CR =7 — 0.3488945T
6.00 \ \ = = =Concrete w Membrane +0.02116872 - 5.196 x 10473
550 Mo\ — - =Class H Concrete
2 5.00 AN Class H Concrete®: CR =7 — 0.0417046T
£ 4.50 Y A +0.0022971T2
& 4.00 \ N
3.50 \ N
3.00 4 ~_
2.50 \ \
2.00 v
0 20 40 60 80 100 120

Time (years)

(continued on next page)
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Table 4.10. Regression Equations and Graphs Based on New York State Bridge Data (continued)

Wearing Surface PC Overlay: CR =7 — 0.1517338T + 0.001952972
-9.7x10°6T3
7.00
6.50 — PC Overlay i >
. \ Asphalt: CR =7 — 0.1215795T + 0.000888372 - 1.9
6.00 ‘\ = = = Asphalt % 10-6T3
5.50 NS
N

AN
T N
T 4.00 AN N

3.50

3.00 S

2.50 = >‘\

2.00 ==

0 20 40 60 80 100 120
Time (years)
Wearing Surface Wood/Wood Block: CR=7 —0.168718T
+0.002012272 - 9.2 x 10-6T3
7.00
N

6.50 N\~ Wood/Wood Block Open Steel Grate: CR = 7 — 0.0726944T

6.00 17N — = ~Open Steel Grate +0.0004775T2 - 3.9 x 1073

5.50 \C ~<
o 5.00 \ 3
(= ~
£ 4.50 \\ S
& 4.00 \ RES

3.50 " <

3.00 N <

2.50 ~_ >

2.00 ~ ~

0 20 40 60 80 100 120
Time (years)

Note: CR = condition rating.

2Indicates equations that, when plotted, do not appear correct based on graphs provided in the report.

Source: Agrawal and Kawaguchi (2009).

(continued from page 70)

service life of each component can be estimated. The esti-
mated service lives are shown in Table 4.11 to Table 4.13.
The reported service lives were determined by extending
the graph until a condition rating of 3 was reached. Doing
so may have resulted in some equations being used outside
their intended range of applicability. In addition, the
bridges used in this analysis were combined into one large
group. This grouping may result in service lives for one
material being greater than that for another material that
might be expected to last longer. As an example, in Table 4.12
timber pier caps are predicted to last longer than concrete
pier caps. Performing the analysis on a smaller group of
bridges may result in the concrete service life being greater
than that of the timber.

4.7 Stukhart et al. (1991)

In a report to the Texas Department of Transportation
(DOT), Stukhart et al. (1991) presented numerous equa-
tions predicting the condition rating for bridge decks,

superstructures, and substructures. No distinction between
CIP decks and precast panels was noted in the reference.
Several of the equations are from work completed by others,
but most of the equations either use NBI data for Texas
bridges or the expert opinion of Texas bridge engineers. The
equations are shown and plotted in Table 4.14. The first set
of equations was determined using regression analysis by
the Transportation Systems Center and is a function of both
age and ADT.

NBI data for Texas bridges were used to determine addi-
tional equations relating age and ADT to condition ratings.
Linear, piecewise linear, and nonlinear equations were pro-
posed; in addition, through a survey, equations based on
expert opinion were determined considering the worst-
case scenario, the most likely scenario, and the best-case
scenario. Table 4.15 shows the prediction equations for
coastal bridge substructures for different functional clas-
sifications, and Table 4.16 shows the prediction equations
for substructures in all regions not considering functional
classification. The graphs in Table 4.16 and Table 4.17 show
that the linear equations suggest service lives (time to reach



Table 4.11. Abutment Component
Estimated Service Lives

Component Service Life (years)

Abutment Backwall 78.0

Abutment Bearings

Steel 65.0
PTFE 51.4
Multirotational 57.0
Elastomeric 88.0

Abutment Joints

Open 45.0
Compression 46.0
Modular 41.3
Armor 42.4
Sliding plate 66.4
Filled elastic 58.0
Preformed 37.0
Abutment Pedestal 72.5
Abutment Stem 81.0
Abutment Wingwall 79.0

a condition rating of 3) significantly longer than 100 years,
which is possible, but unlikely. The nonlinear equations are
terminated at the minimum value; beyond this point the
condition rating would appear to increase, which is not
possible without maintenance. As only bridges without
maintenance, repair, or rehabilitation were used in the
analysis, the rating should not increase with increasing age.
A new structure would have a condition rating of 9; all the
prediction equations indicate the condition rating to be
near 8 when new.

Piecewise linear equations were determined for differ-
ent functional classifications for the deck, superstructure,
and substructure condition ratings. The coefficients B,
B,, B,, and B; used in the piecewise linear equations are
presented in Table 4.17. The condition rating is described
by three linear equations that are applicable during cer-
tain times of the bridge life; these equations are shown as
Equation 4.1. In the study by Stukhart et al., , and t, are
defined as 25 and 45 years, respectively. Several of the
graphs are terminated at 45 years as the results of the
regression analysis indicate that the condition rating would
increase, which cannot be true without maintenance being
performed.

Table 4.12. Pier Component
Estimated Service Lives

Component

Service Life (years)

Pier Bearings

Steel 61.4
Multirotational 98.0
Elastomeric 69.0
Pier Cap
Concrete 76.0
Masonry 84.5
Steel 83.4
Timber 81.6
Pier Cap Top
Concrete 82.6
Masonry 93.0
Steel 91.7
Timber 84.8
Pier Column
Concrete 77.4
Masonry 57.1
Steel 98.0
Timber 63.3
Pier Footing 79.0
Pier Joints
Open 47.7
Strip seal 34.3
Compression 41.5
Modular 49.0
Armor 33.7
Sliding plate 37.2
Filled elastic 42.0
Preformed 35.6
Pier Pedestal
Concrete 76.0
Masonry 78.3
Steel 91.4
Overall Pier
Concrete 75.7
Masonry 96.6
Steel 78.7
Timber 66.0
Pier Stem 81.0
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Table 4.13. Superstructure and Deck Estimated Service Lives

Component Service Life (years) Component Service Life (years)
Deck Curb Rolled beam 84.3
Granite or stone 75.6 Plate girder 81.3
Steel plate 75.9 Truss 64.5
Timber 58.3 Deck arch NA
Concrete 66.9 Frame 98.0
Primary Member Structural Deck
Slab, box, or box channel 67.8 GIP with black rebar 69.9
Tee or I-beam 77.3
Precast plank 51.9
Rolled beam 76.7
CIP with epoxy rebar 87.0
Plate girder 82.9
Truss 56.9 CIP with other coating 74.5
Deck arch 65.7 Timber 61.0
Metal pipe arch 87.0 Steel grating 57.0
Frame 72.8 Steel plate 85.4
Box culvert 79.5 Wearing Surface
Pipe culvert 61.0 Integral or monolithic

Overall Superstructure Portland cement 57.7
Slab 754 Concrete with membrane 26.3
Multistringer or beam 76.0 Class H concrete NA
Gird floorb 76.6
raer or floorbeam Portland cement overlay 53.0
Tee beam 75.6
Asphalt 48.0
Box beam or girder 68.9
Wood or wood block 37.8
Frame 77.4
Culvert 76.0 Open steel grate 68.6
Through truss 65.5 Sidewalk or Fascia
Deck arch 77.9 Concrete 68.0
Secondary Member Steel plate 82.0
Slab, box, or box channel 82.8 Asphalt concrete 59.0
Tee or I-beam 53.2 Steel NA

Note: NA = not available.

CR=
B,+ Bt if t<t

B,+ Bt,+B,(t—t)if t,<t<t, (4.1)

B,+ Bt,+B,(t,—t,)+B,(t—t,) if t>1,

A nonlinear regression analysis was performed to deter-
mine the parameters for the best-fit exponential decay
curve. Parameters were determined for bridge decks and
superstructures based on functional classification using the
multiyear data set. The best-fit parameters and equations
were used to estimate the service life of bridge decks and

superstructures; for most cases, the estimated service lives
were in excess of 150 years. Although this would seem like a
good thing, it is known that most bridge decks and super-
structures will not have a service life of this length. In fact, it
is more likely that the service life of a bridge deck is closer to
40 or 50 years than 150 years. Although the estimated service
lives seem extreme, the results are shown to indicate the avail-
able data. The basic equation used to estimate the service life
is shown as Equation 4.2; the graphs and parameters are
shown in Table 4.18. The estimated service life is approxi-
mately equal to the absolute value of B, for this set of data.
Looking at the values of [3,, the only reasonable values are for

(text continues on page 86)



Table 4.14. Transportation Systems Center Prediction Equations

Deck Ratings CR=9-0.119t - 2.158 x 106 (ADTAGE)
10.00
—— Deck (ADT = 1000)
oewor-s000 | | ADTAGE = APTIAGE)
9.00 — - -Deck (ADT = 10000) 1 0
<<<<<<<< Deck (ADT = 15000)
8.00 \
7.00
N
o \
£ 6.00
©
& \\
5.00 \
4.00 \\
3.00 . \
2.00 2 N
20 40 60 80 100 120
Time (years)
Substructure Ratings CR=9-0.105t-2.105x 10 ADT
10.00
—— Substructure (ADT = 1000)
- = =Substructure (ADT = 5000)
9.00 — - -Substructure (ADT = 10000)
<<<<<<<< Substructure (ADT = 15000)
8.00 \
7.00 \
g \
£ 6.00 \
-4
5.00 \\
4.00 \
3.00
N
2.00 \
0 20 40 60 80 100 120
Time (years)
Superstructure Ratings CR=9-0.103t-1.982 x 10 ADT
10.00
—— Superstructure (ADT = 1000)
- - - Superstructure (ADT = 5000)
9.00 — - -Superstructure (ADT = 10000)
~~~~~~~~~ Superstructure (ADT = 15000)
8.00
7.00
2
] 6.00 \
4
5.00 N
“ \\
3.00 \{
2.00 \
20 40 60 80 100 120
Time (years)

Source: Stukhart et al. (1991).
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Table 4.15. Coastal Substructure Condition Rating Prediction Equations

Coastal Substructure Rating-Interstate Highways IH1=7.80 - 0.022¢t
10.00
IH2 =7.98 — 0.036¢ + 3.89 x 1042 — 8.00 x 108 x t
9.00 x ADT
ADT assumed as 25,000 vehicles
2
-;—‘ 6.00
5.00
4.00
3.00
—H1 e lH2
2.00
0 20 40 60 80 100 120
Time (years)
Coastal Substructure Ratings-US Highways US1=7.81-0.017t
10.00
US2 =7.94 - 0.028t + 2.02 x 1042 — 6.00 x 108 x
900 tx ADT
8.00 \\ ADT assumed as 15,000 vehicles
7.00
o
£ 6.00
[:4
5.00
4.00
3.00
——US 1 = US2
2.00
0 20 40 60 80 100 120
Time (years)
Coastal Substructure Ratings-State Highways SH1=8.12 - 0.025t
10.00
SH2 =8.47 — 0.064t + 7.45 x 10*4t2 - 2.20 x 107
900 x t x ADT
800 ADT assumed as 10,000 vehicles
7.00
o
£ 6.00
:4
5.00
4.00
3.00
——8H1{ -SH2
2.00
0 20 40 60 80 100 120
Time (years)

(continued on next page)



Table 4.15. Coastal Substructure Condition Rating Prediction Equations (continued)

Coastal Substructure Ratings-Farm-Market Highways FM1 =8.11 - 0.028t

10.00
FM2 =8.18 — 0.032t + 1.84 x 1063

9.00

Other = 7.93 — 0.034¢

Rating

4.00
3.00
——FM { =+ FM 2 ==== Other
2.00
0 20 40 60 80 100 120

Time (years)

Note: IH = Interstate highways or principal arterials; US = U.S. highways (non-Interstate) or minor arterials; SH = state highways or minor arterials;
FM = farm-to-market roads or collectors.
Source: Stukhart et al. (1991).

Table 4.16. Substructure Condition Rating Prediction Equations by Region (continued)

Coastal Substructure Ratings C1=7.97 - 0.024t
10.00
C2=8.14-0.040t + 3.31 x 10*2 - 9.00 x 108 x t
900 x ADT
R C3=8.22 - 0.057¢ +1.05 x 102 — 8.25 x 10-f°
) -9.00x108xtxADT
7.00
2
H 6.00
5.00 .
4.00
3.00
—C1 e C2 ----C3
2.00
0 20 40 60 80 100 120
Time (years)
East Texas Substructure Ratings ET1=8.20 - 0.037t
10.00
ET2=8.20-0.012¢t — 1.58 x 1032 + 2.24 x 10-5¢°
9.00
2
&
5.00
4.00
3.00
—ETH e ET2
2.00
0 20 40 60 80 100 120
Time (years)

(continued on next page)
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Table 4.16. Substructure Condition Rating Prediction Equations by Region (continued)

1

Rating

0.00

Inland Texas Substructure Ratings

9.00

6.00

5.00

4.00

3.00

2.00

—_T1 e

T2

0 20

40 60 80
Time (years)

100

120

IT1=7.93-0.015¢t

IT2 =8.05-0.028t — 4.40 x 102 + 3.76 x 1053
—-6.00x 108 xtxADT

1

Rating

0.00

West Texas Substructure Ratings

9.00

6.00

5.00

4.00

3.00

2.00

0 20

40 60 80
Time (years)

100

120

WT1=7.85-0.015¢t

WT2 =8.27 - 0.059t — 1.22 x 1032+ 9.00 x 10-6¢3
-4.40x107 xtx ADT

Rating

9.00

Panhandle Region Substructure Ratings

8.00

7.00

6.00

5.00

4.00

3.00

2.00

— PH1

e PH2

0 20

40 60 80
Time (years)

100

120

PH1=7.72 -0.015t

PH2 =8.56 — 0.109t — 2.52 x 10-3t2 + 1.62 x 10-5¢3
-3.60x 107 xtx ADT

(continued on next page)



Table 4.16. Substructure Condition Rating Prediction Equations by Region (continued)

All Region Substructure Ratings
10.00

9.00

8.00 1

7.00

6.00

Rating

5.00

4.00

3.00

2.00

——AR1 - AR2

0 20 40 60 80
Time (years)

100 120

AR1=7.98 - 0.023t

AR2 =8.21 - 0.043t - 3.68 x 1042 - 5.00 x 108
x tx ADT

Note: Equations are named according to region (C for coastline, ET for east Texas, and so forth) and are numbered in the order in which they are

presented in Stukhart et al. (1991).
Source: Stukhart et al. (1991).

Table 4.17. Piecewise Linear Condition Rating Equations and Coefficients

Time (years)

Deck Ratings
10.00 Mat. B, B, B, B3
0.0 IH RC 8.17 | -0.051 | 0.003 | -0.046
00 B IH Other 8.18 | -0.025 | 0.004 | -0.063
SFM RC 8.04 | -0.029 | -0.016 | -0.034
7.00 +
SFM Other | 8.06 | -0.012 | -0.004 | -0.032
o
g % US RC 8.25 | —0.056 | 0.018 | -0.134
5.00 us ST 8.08 | -0.016 | 0.004 | -0.040
4.00 {"——1H Reinf. Conc :
wwwsssers |H Other ‘.\
-ST/FM Reinf. Conc N
3.00 {| - - -ST/FM Other N
-+ = US Reinf. Conc N
— —US Other N
2.00 <
0 20 40 60 80 100 120
Time (years)
Superstructure Ratings
10.00 Mat. B, B, B, B;
000 IHPS 8.23 | -0.029 | -0.132 | -0.184
IHRC 8.27 | -0.036 | -0.036 | -0.036
IHST 8.16 | -0.056 | 0.002 | -0.050
SFMPS | 8.33 | -0.033 | -0.027 | 0.084
H N SFMRC | 8.08 | -0.016 | -0.026 | -0.013
e SFM ST | 8.08 | -0.035 | -0.016 | —0.056
400 || = 1 e Sone \ S USPS | 834 | -0.038 | -0.038 | 0.004
- ee .
T ST R Gonc \ \ USRC | 8.25 | -0.034 | -0.002 | -0.125
3.00 - :ST/E’%SC‘(Q;?\IC .
Z U Rt Cone \ N USST | 817 | -0.053 | -0.016 | -0.147
2.00 ——US Steel \ .
0 20 40 60 80 100 120

(continued on next page)



Table 4.17. Piecewise Linear Condition Rating Equations and Coefficients (continued)

Rati
100 Substructure Ratings Mat. B, B, B, B,
000 IHRC 8.23 | —-0.039 | -0.018 | —0.004
IHST 8.46 | —0.066 | —0.066 | —0.066
IH Other 8.30 | -0.029 | -0.029 | -0.029
SFM RC 8.32 | -0.039 | —-0.039 | 0.020
; SFM ST 7.87 | -0.028 | -0.048 | -0.094
SFM Other | 8.23 | -0.032 | -0.032 | -0.032
" T i et Cone. USRC 8.34 | —0.046 | 0.007 | -0.118
277 Surtw Feinf, Cone. US ST 8.08 | -0.033 | —0.063 | —0.063
3.00 ||— —ST/FM Other
.13 Reinf Gone. US Other 8.43 | —0.040 0.009 | -0.109
—— US Other

0 20 40 60
Time (years)

120

Note: IH = Interstate highways or principal arterials; RC = reinforced concrete; SFM = state farm-to-market road; US = U.S. highways (non-Interstate)
or minor arterials; ST = state highways; PS = prestressed; SH = state highways or minor arterials; FM = farm-to-market roads or collectors;

ST/FM = state highways and farm-to-market combined.
Source: Stukhart et al. (1991).

(continued from page 80)
decks of prestressed concrete bridge on the state and farm-to-
market highway systems.

CR=B,e" (4.2)

The final method used to develop equations to predict con-
dition ratings for the deck, superstructure, and substructure
was a survey of Texas bridge engineers, who were asked to pro-
vide estimates of the worst-case, the most likely, and the

best-case expected remaining service life based on expert opin-
ion. The expected remaining service life was based on a given
condition rating: new (9), good (7), fair (5), and poor (3).
From these responses, an estimated condition rating deterio-
ration rate was determined. As would be expected with any
opinion-based survey, there was significant variation in the
responses; in several cases, the standard deviation was
greater than the mean. The equations and graphs are shown
in Table 4.19 for the deck, superstructure, and substructure
condition ratings.

Table 4.18. Exponential Best-Fit Graphs and Parameters

Deck Ratings
10.00 Material B4 B2
9.00 IHRC 7.997 —198.662
IH Other 8.046 -718.254
USRC 7.882 —266.081
USPS 8.229 —-255.085
E’ US Other 7.980 | —1295.727
SHRC 7.901 -316.403
N SHPS 8.876 | -66.876
TUSRE o - USPIS cone, |~ SHOther | 7.980 | -937.262
8007 2T léJ'Sath/eSr Conc. - 73::2 (F;?;ecronc. \ ~.
——FMR/F Conc. FM P/S Conc. FM RC 7.991 -330.937
200 === FM Timber ~ — —FM Other .
0 20 40 60 80 100 120 FM PS 8.998 -59.482
Time (years)
FM Timber | 7.032 —363.467
FM Other 8.046 -718.254

(continued on next page)



Table 4.18. Exponential Best-Fit Graphs and Parameters (continued)

10.00

9.00

Rating

4.00

3.00

2.00

Superstructure Ratings

Material [ B2
IHRC 8.177 | -256.504
IHPS 8.269 | —247.523
IH Steel 7.938 | —184.626
USRC 8.155 | -302.925
US PS 8.356 | —204.955
US Steel 7.630 | -371.819
SHRC 8.186 | —332.936

: :: E/F Conc. ___ IHSPF/VS C(&:)nc.

TS Pecon.  — 0SS SHPS 8.373 | —217.760

— - - State R/F Conc. — - - State P/S Conc.

IE};‘;’,%‘%?,'M, e ;m g{ze?onc SH Steel | 7.929 | -291.797

20 40 60 80 100 120 FM RC 8.194 | -352.926
Time (years)

FM PS 8.187 | —-410.558
FM Steel | 7.957 | —289.826

Source: Stukhart et al. (1991).

Table 4.19. Expert Opinion Condition Rating Prediction Equations

Rating

Deck Ratings
10.00

9.00

Min =7.560 — 0.145t
Mean =7.758 — 0.115t
Max =7.655 — 0.083t

—Min .- Mean  ---- Max
2.00 .
0 20 40 60 80 100 120
Time (years)
Superstructure Ratings Reinforced Concrete:
o —RCMin ~-RCMean ---- RC Max Min =7.642 - 0.136t
0.00 ---PISMin ---P/SMean — —P/SMax Mean =7.775 - 0.107t
— - Steel Min — - Steel Mean —— Steel Max Max =7.698 — 0.076t
Prestressed Concrete:
Min =7.737 — 0.138t
Mean =7.707 — 0.099¢
2 Max = 7.633 — 0.076t
&
Steel:
Min =7.752 — 0.146t
Mean =7.864 — 0.117t
Max = 7.803 — 0.089t
X,
\\*
. X,
60 80 100 120

Time (years)

(continued on next page)




Table 4.19. Expert Opinion Condition Rating Prediction Equations (continued)

Substructure Ratings
10.00

Reinforced Concrete:
Min =7.654 — 0.144t

——RC Min

= ==P/SMin
9.00

—— Timber Min -~

e RC Mean
-+ = P/SMean
— - -Steel Min  —-
- Timber Mean

- Steel Mean

Mean =7.740 — 0.107t
Max =7.701 — 0.081t

— —P/S Max
—— Steel Max
----- Timber Max

8.00
Yy

Prestressed Concrete:
Min=7.710 - 0.131t

7.00

6.00

Mean =7.739 — 0.097t
Max =7.723 — 0.073t

Rating

Steel:

5.00

AN
W

4.00

Min=7.881-0.177t
Mean =7.866 — 0.138t

3.00

Max =7.883 — 0.105t

\

2.00

Timber:
Min =7.535 - 0.202t

0 20 60

Time (vears)

80

Mean =7.846 — 0.174t
Max =7.992 — 0.140t

100 120

Source: Stukhart et al. (1991).

4.8 Massachusetts DOT

The Massachusetts DOT conducted a study of its bridges to
gain a better understanding of the dynamics of how bridges
age and deteriorate. This knowledge is intended to be used to
plan strategies for bridge work and to determine required lev-
els of funding.

The main aspects of this study were to determine the
following:

¢ The makeup of the bridge population by age and material
of construction;

e The average age of bridges for a given average condition
rating by material;

e The probability that a bridge in a given average condition
rating will transition to a structurally deficient condition
in the following year based on the age and current condi-
tion of the bridge;

e The percentage of bridges in each age group that are in one
of the following categories: structurally deficient, fair, or
satisfactory; and

e Equations to predict the growth of bridges in the fair or
satisfactory condition categories.

In undertaking this analysis, the Massachusetts DOT
defined the bridge condition categories as described here. A
structurally deficient bridge was defined as a bridge with any
one of the NBI Items 58, 59, or 60 (deck, superstructure, or
substructure, respectively) condition ratings less than or
equal to 4. A fair bridge was defined as a bridge with an aver-
age condition rating of Items 58, 59, and 60 greater than 4 but
less than or equal to 5, but with none of the individual condi-
tion ratings being 4 or lower. Similarly, a satisfactory bridge

was defined as a bridge with an average condition rating of
Items 58, 59, and 60 greater than 5 but less than or equal to 6,
but with none of the individual condition ratings being 4 or
lower. Bridges with a condition rating average greater than 6
were considered excellent.

Figure 4.13 shows the average age of a Massachusetts
bridge in a given average condition rating. The average age for
all bridges to reach an average condition rating of 1.0 is
greater than that for either steel or concrete and can be attrib-
uted to the age effect from old masonry bridges, the oldest of
which in Massachusetts is 250 years old.

By knowing the time it takes a bridge to deteriorate into the
next lower average condition rating, the additional service
life that could be obtained by increasing the average condi-
tion rating can be estimated for a given preservation strategy.
A regression analysis could be used to develop equations
relating age to condition rating, as done in the previously

Satisfactory

== Concrete
=t Steel
All

Fair

Bridge Condition

Structurally Deficient

0 T T T T )
0 20 40 60 80 100

Bridge Age

Figure 4.13. Massachusetts bridge conditions by age.
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Figure 4.14. Probability of all bridges in fair condition becoming
structurally deficient in the following year.

presented studies. The same process could be used to develop
additional equations based on ADTT, location, or owner if
the required data were available. The average condition rating
versus age for Massachusetts bridges is similar to those pre-
sented above for other states.

However, the purpose of the Massachusetts DOT study was
not to develop equations to predict the condition rating as a
function of time (or age) as the studies presented previously,
though if desired, equations could be developed using the
available data. Instead, using the data acquired for the third
and fifth bullet points above, the number of bridges that
become structurally deficient in any given year can be esti-
mated from the number of bridges predicted to be in a given
condition (i.e., satisfactory or fair).

The analysis results indicated that, for the bridge population
as a whole, approximately 4.25% of bridges in fair condition

transition to structurally deficient the following year (see
Figure 4.14). Similarly, Figure 4.15 indicates that approxi-
mately 1.11% of bridges in satisfactory condition transition to
structurally deficient the following year. Figure 4.14 and Fig-
ure 4.15 also show the transition probabilities for steel bridges
and concrete bridges; these probabilities could be used if the
analyst wished to look only at steel or concrete bridges. The
graphing of these transition probabilities indicates that, except
for concrete bridges in the fair category, which show some age-
related influence, age is not as much of a factor as the current
condition category of the bridge in determining the transition
probability. Similar transition probabilities could be devel-
oped for different geographic regions or different levels of
ADT or ADTT.

To predict the growth of bridges in the fair and satisfactory
categories, best-fit equations were developed from a regression
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Figure 4.15. Probability of all bridges in satisfactory condition
becoming structurally deficient in the following year.
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Satisfactory Bridges Growth
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Figure 4.16. Growth of bridges in satisfactory category.

analysis of the number of bridges that were in those two
categories for each year from 2002 through 2009. These equa-
tions were used to predict the number of fair and satisfac-
tory bridges in future years. These equations are graphed in
Figure 4.16 and Figure 4.17 and show the predicted numbers
compared with the actual numbers from 2002 to 2009.

Due to concerns that the regressed exponential equation
for the growth of fair bridges was too aggressive, the Massa-
chusetts DOT decided to use the number of fair bridges that
would be obtained by averaging the number of fair bridges

predicted by the best-fit exponential equation and the best-fit
straight line equation for further analysis. After applying
the transition probability for fair bridges, the growth in
structurally deficient bridges from this category is shown in
Figure 4.18 for each of the regression equations, as well as
from the average.

A final needs analysis spreadsheet was developed that
combined the structurally deficient growth predictions and
the predictions of the number of projects that could be
undertaken for a given amount of funding. The number of
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Figure 4.17. Growth of bridges in fair category.
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Growth in SD Bridges from Fair Bridges
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Figure 4.18. Number of fair bridges becoming structurally deficient (SD).

structurally deficient bridges for a given year was estimated
by multiplying the transitional probability by the predicted
number of fair or satisfactory bridges for that year.

The cost model was calibrated with actual project costs and
considered the costs for a full replacement versus a preserva-
tion project. Replacement projects assumed the replacement
of an already structurally deficient bridge and hence resulted
in a reduction in the number of structurally deficient bridges
estimated for the following year. It was assumed that preser-
vation projects were to be performed on fair bridges and that
only a percentage of bridges, based on the transitional prob-
ability times the number of preservation projects undertaken,

would be prevented from becoming structurally deficient in
the following year. However, the total number of bridges that
had preservation work done were removed from the fair con-
dition rating population in calculating structurally deficient
bridges for subsequent years.

Figure 4.19 and Figure 4.20, respectively, show the effect of
different funding levels on the number of bridges that will be
structurally deficient or in fair condition. The funding levels,
shown in the far-left column of Figure 4.19 and Figure 4.20,
are normalized to the lowest funding level shown in the top
row. Figure 4.19 shows the overall bridge program funding
level and includes both replacement and preservation projects.

SD TRENDS BASED ON CAPITAL AND PRESERVATION SPENDING, 4% INFLATION
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Figure 4.19. Number of structurally deficient bridges based on various spending levels.
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FAIR BRIDGE GROWTH TRENDS BY PRESERVATION SPENDING,

4% INFLATION
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Figure 4.20. Number of fair bridges based on various spending levels.

The second and third rows of Figure 4.19 assume that 1.59
and 1.93 times as much money is available for structurally
deficient bridges. The 1.53 funding level will trend to a steady
state number of structurally deficient bridges. The 1.93 fund-
ing level will reduce the number of structurally deficient
bridges at a rate that will result in zero structurally deficient
bridges in 20 years. In Figure 4.20, the spending levels corre-
late to the preservation spending for each of the total funding
levels in Figure 4.19.

As expected, spending more money leads to fewer bridges
that are structurally deficient or in fair condition and spend-
ing less money leads to more bridges that are either structur-
ally deficient or in fair condition. This graph also indicates
the level of funding that would be needed to achieve a given
desired outcome. For example, to achieve a net annual reduc-
tion in the number of structurally deficient bridges for the
long term, program funding above the 1.59 level is needed.

In addition to the preceding analysis, the Massachusetts
DOT also developed a utility to rank all the bridges in the
state to prioritize which bridges should be worked on first.
This ranking methodology is being used to develop the bridge
State Transportation Improvement Program lists. The rank-
ing is a function of three values: the condition loss value, the
change in health index, and the highway evaluation factor.
Condition loss is simply the difference between a perfect con-
dition rating (9.0) and the current average condition rating
divided by nine and multiplied by 100 to achieve a percentage
value. Health index is the change in the bridge’s health index
that AASHTOWare Bridge Management (formerly Pontis)
predicts will occur over 15 years, expressed as a percentage
value. The health index is calculated using the current CoRe

Element condition state for an existing bridge versus that of
a new bridge, as given in Equation 4.3 (Thompson and
Shepard 2000). Current element value is calculated using
Equation 4.4, and total element value is calculated using
Equation 4.5. The CoRe elements and associated condition
states can be found in the AASHTO Guide Manual for Bridge
Element Inspection (2011).

> CEV
Health Index (HI) =

Y TEV

where CEV is current element value and TEV is total element
value.

x100

(4.3)

CEV = (Z [Quantity in Condition State i X WF (i)]) x FC
(4.4)

where WF(i) is the condition state weighting factor given in
Table 4.20 and FC is the failure cost of the element.

TEV = Total Element Quantity X FC (4.5)
Table 4.20. Condition State Weighting Factors

Number of

Condition

States State 1 | State2 | State 3 | State 4 | State 5

3 1.00 0.50 0.00

4 1.00 0.67 0.33 0.00

5 1.00 0.75 0.50 0.25 0.00




The highway evaluation factor is a measure of the func-
tionality of the bridge and considers the ADT, detour length,
functional classification, load-carrying restrictions, and deck
geometry deficiencies. The categories within each variable are
given a value between 1 and 5; the average value for the five
variables is determined and then divided by five and multi-
plied by 100 to achieve a percentage value. The values for con-
dition loss (CL), health index (HI), and highway evaluation
factor (HEF) are then combined using Equation 4.6 to deter-
mine the final ranking factor for each bridge:

Ranking Factor = 0.3CL + 0.4HI + 0.3HEF (4.6)
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The ranking factor is then used to sort the bridges to
determine each bridge’s overall rank within the Massachu-
setts bridge population and, hence, its priority for work;
bridges with the highest ranking factor values are those that
require repair or maintenance in the future. The ranking is
not a set order (Bridge 2 can go before Bridge 1) but, in gen-
eral, higher-ranked bridges should be improved before
lower-ranked bridges. The ranking factor, if calculated over
a number of years, may lead to a reasonable estimate of the
amount of deterioration and possible loss of serviceability
for a bridge.



Live Load for Calibration

5.1 Development of Live
Load Models for
Service Limit States

5.1.1 Introduction

The consideration of limit states, both ultimate (strength) and
serviceability, requires the knowledge of loads. The objective
of this task is to determine the statistical parameters of live
load for the limit states considered in AASHTO LRFD (2012).
For strength limit states, the live load statistics were deter-
mined in NCHRP Project 12-33 and documented in NCHRP
Report 368 (Nowak 1999). The emphasis was placed on pre-
diction of the extreme expected live load effects in the 75-year
lifetime of a bridge. The database at that time was a truck sur-
vey carried out by the Ontario Ministry of Transportation in
Canada. The basic statistical parameters of the maximum
75-year live load effect (moment and shear force) were deter-
mined by extrapolating the truck survey data. It was assumed
that the survey represented 2 weeks of heavy traffic. The pro-
cedure is described in NCHRP Report 368 (Nowak 1999).

The serviceability limit states require additional statistical
parameters, not only the maximum values, but also load
spectra (i.e., frequency of occurrence of loads). The maxi-
mum values are needed for shorter time periods, such as a
day, week, month, or year. At present, a considerable amount
of WIM (weigh in motion) truck data is available and the
research team had access to two sources: NCHRP Project
12-76 data (Sivakumar et al. 2011) and Federal Highway
Administration (FHWA) files. This chapter provides docu-
mentation on the development of the statistical parameters
of live load for service limit states (SLSs) and fatigue.

The analysis includes consideration of the WIM database
from NCHRP Project 12-76 and FHWA. The obtained data
included over 65 million vehicles. Of that number, about
10 million were deleted or filtered because of obvious errors,
leaving about 55 million. Data from New York (about 7.8 mil-
lion records) and Indiana other than site SPS-6 (about
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13 million records) were also removed. The New York data
were not considered because they included a considerable
number of extremely heavy vehicles. It was decided that these
data would have a strong effect on the statistical parameters,
which would cause the remaining states to be unnecessarily
penalized. Indiana data could not be considered because the
format was not compatible with the other states. The consid-
ered database included about 35 million vehicles.

The obtained WIM data include the following information
for each location and each recorded vehicle: number of axles,
spacing between axles, axle loads, gross vehicle weight
(GVW), vehicle speed, and exact time of measurement. Sta-
tistical parameters are determined for the GVW and moment
caused by the vehicles, including a cumulative distribution
function (CDF); a bias factor (A) that is equal to the mean-to-
nominal ratio (i.e., the ratio of the mean value and the nomi-
nal, or design, value); and the coefficient of variation (CV), V,
which is equal to the ratio of the standard deviation (o) to the
mean ().

The CDFs for the WIM data for each site were plotted on
normal probability paper, which is described in Chapter 3,
Section 3.2.1.

5.1.2 WIM Database

The truck survey includes WIM truck measurements from
52 sites obtained from NCHRP Project 12-76 and FHWA.

The data obtained from FHWA, which are summarized
below, included trucks recorded from special pavement
studies (SPSs); each SPS is followed by a number that identi-
fies the study’s location (e.g., SPS-1 is Special Pavement Study;,
Location 1):

e Arizona (SPS-1)—Data recorded continuously from Janu-
ary 2008 until December 2008;

¢ Arizona (SPS-2)—Data recorded continuously from Janu-
ary 2008 until December 2008;



Arkansas (SPS-2)—Data recorded continuously from
January 2008 until December 2008;

Colorado (SPS-2)—Data recorded continuously from
January 2008 until December 2008;

Delaware (SPS-1)—Data recorded continuously from
January 2008 until December 2008;

Mlinois (SPS-6)—Data recorded continuously from Janu-
ary 2008 until December 2008;

Indiana (SPS-6)—Data recorded continuously from July
2008 until December 2008;

Kansas (SPS-2)—Data recorded continuously from Janu-
ary 2008 until December 2008;

Louisiana (SPS-1)—Data recorded continuously from
January 2008 until December 2008;

Maine (SPS-5)—Data recorded continuously from Janu-
ary 2008 until December 2008;

Maryland (SPS-5)—Data recorded continuously from
January 2008 until December 2008;

Minnesota (SPS-5)—Data recorded continuously from
January 2008 until December 2008;

New Mexico (SPS-1)—Data recorded continuously from
May 2008 until December 2008;

New Mexico (SPS-5)—Data recorded continuously from
May 2008 until December 2008;

Pennsylvania (SPS-6)—Data recorded continuously from
January 2008 until December 2008;

Tennessee (SPS-6)—Data recorded continuously from
January 2008 until December 2008;

Virginia (SPS-1)—Data recorded continuously from Janu-
ary 2008 until December 2008; and

Wisconsin (SPS-1)—Data recorded continuously from
January 2008 until December 2008.

Data obtained from NCHRP projects are also summarized

here, and include trucks recorded from

California

Lodi (Site 003)—Data recorded continuously from June
2006 until March 2007;

Antelope Eastbound (Site 003)—Data recorded almost
continuously from April 2006 until March 2007 (107 days
missing);

Antelope Westbound (Site 003)—Data recorded almost
continuously from April 2006 until March 2007 (109 days
missing);

LA 710 Southbound (Site 059)—Data recorded continu-
ously from April 2006 until March 2007;

LA 710 Northbound (Site 060)—Data recorded almost
continuously from April 2006 until March 2007 (32 days
missing); and

Bowman (Site 072)—Data recorded almost continuously
from April 2006 until February 2007 (139 days missing).

Florida

US-29 (Site 9916)—Data recorded continuously from
January 2005 until December 2005 (11 days missing);
I-95 (Site 9919)—Data recorded continuously from Janu-
ary 2005 until December 2005 (16 days missing);

I-75 (Site 9926)—Data recorded almost continuously from
January 2005 until December 2005 (100 days missing);
I-10 (Site 9936)—Data recorded almost continuously from
January 2005 until December 2005 (100 days missing); and
State Route (Site 9927)—Data recorded almost continuously
from January 2004 until December 2004 (5 days missing).

Indiana

Site 9511—Data recorded continuously from January 2006
until December 2006;

Site 9512—Data recorded continuously from January 2006
until December 2006;

Site 9532—Data recorded continuously from January 2006
until December 2006;

Site 9534—Data recorded continuously from January 2006
until December 2006; and

Site 9552—Data recorded continuously from January 2006
until December 2006.

Mississippi

I-10 (Site 3015)—Data recorded almost continuously from
January 2006 until December 2006 (28 days missing);

I-55 (Site 2606)—Data recorded almost continuously from
January 2006 until December 2006 (16 days missing);

[-55 (Site 4506)—Data recorded almost continuously
from March 2006 until December 2006 (39 days missing);
US-49 (Site 6104)—Data recorded almost continuously from
January 2006 until December 2006 (5 days missing); and
US-61 (Site 7900)—Data recorded almost continuously
from January 2006 until December 2006 (49 days missing).

New York

1-95 Northbound (Site 0199)—Data recorded continu-
ously from March 2006 until December 2006;

1-95 Southbound (Site 0199)—Data recorded continu-
ously from July 2006 until November 2006;

1-495 Westbound (Site 0580)—Data recorded continu-
ously from January 2006 until December 2006;

1-495 Eastbound (Site 0580)—Data recorded continuously
from January 2006 until December 2006;

Highway 12 (Site 2680)—Data recorded continuously
from January 2005 until December 2005;

1-84 Eastbound and Westbound (Site 8280)—Data recorded
continuously from January 2006 until December 2006;
1-84 Eastbound and Westbound (Site 8382)—Data recorded
continuously from January 2005 until December 2005;



e 1-81 Northbound and Southbound (Site 9121)—Data
recorded continuously from January 2005 until December
2005; and

e Highway 17 Eastbound and Westbound (Site 9631)—Data
recorded continuously from February 2006 until Decem-
ber 2006.

5.1.3 WIM Data Filtering

The WIM data both from NCHRP Project 12-76 and FHWA
include vehicle records that appear to be incorrect. There are
various reasons for questioning the data (e.g., GVW is too
low, unrealistic geometry). The data were filtered to eliminate
questionable vehicles by using the following criteria:

e Weight per axle less than 2 kips or greater than 70 kips,
based on NCHRP 12-76;

e Record in which the first axle spacing was less than 5 ft,
based on NCHRP 12-76;

¢ Record in which any axle spacing was less than 3.4 ft, based
on NCHRP 12-76;

¢ Record in which GVW varied from the sum of the axle
weights by more than 10%, based on NCHRP 12-76;

e Record in which the length of the truck varied from the
sum of the axle spacings by more than 1 ft, based on
NCHRP 12-76;

e Record that had a GVW less than a threshold; at various
times the threshold was 10 or 12 kips;

e Record in which the steering axle was less than 6 kips,
based on NCHRP 12-76;

e Record in which the sum of the axle spacing lengths was
less than 7 ft, based on Pelphrey et al. (2008);

e Class of the vehicle according to FHWA, from Class 3 to 14,
to filter out cars, motorcycles, and so on; and

¢ Speed ranges from 10 to 100 mph, based on NCHRP 12-76.

The filtering process is illustrated in the flowchart in Fig-
ure 5.1. Because a heavy vehicle meeting all the conditional
filters involving GVW would pass the filters, the research
team reviewed exceptionally heavy vehicles to check if their
configuration resembled permit vehicles, such as cranes and
garbage trucks. The data were divided into two sets. The first set
contained regular truck traffic. These data were used for the live
load model for SLSs. The remaining set of data included permit
vehicles and illegally overloaded vehicles, which occurred rela-
tively infrequently. The latter data were used along with the

WIM Data

v

Ignore Record

to be incorrect)

- Individual axle weight greater than 70 kips or less than 2 kips
- GVW less than 10 kips

- Total length greater than 120 ft

- Total length less than 7 ft

- First axle spacing less than 5 ft

- Individual axle spacing less than 3.4 ft

(data appears *_ - Speed less than 10 mph

- Speed greater than 100 mph

- GVW differs from sum of axle weights by more than 10%

- Class of the vehicle according to FHWA <3 or >14

- Sum of axle spacing is greater than wheel base of truck by 1 ft or more
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Figure 5.1. Flowchart of the filtering process.
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Figure 5.2. CDF of GYW FHWA and Ontario data.

regular truck traffic for live load for SLSII. The GVW criteria of
20 kips in Step 3 is a traditional, albeit arbitrary, cutoff used in
virtually all previous fatigue studies to reduce the calculation
effort by not considering light traffic, which does not contribute
significantly to cumulative damage.

The CDFs of GVWs were plotted on probability paper;
examples are shown in Figure 5.2 to Figure 5.5. The live load
model based on the Ontario truck survey data that were used
in calibration for strength limit states is also shown. The rela-
tive position of the Ontario curve is a result of the intentional
selection of seemingly heavy vehicles, albeit based solely on
the appearance of the vehicles.
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Figure 5.2 represents the CDF of the GVW of trucks from
FHWA sites plotted on probability paper. Data collected from
14 sites represent 1 year of traffic, data from the Indiana site
represent 6 months of traffic, and data from the New Mexico
sites represent 8 months of traffic. The maximum truck GVW
was 220 kips. Mean values ranged from 20 to 65 kips.

Figure 5.3 to Figure 5.5 represent CDFs of the GVWs for
Ontario and the following states: Oregon and Florida (Fig-
ure 5.3), Indiana and Mississippi (Figure 5.4), and California
and New York (Figure 5.5) (i.e., the NCHRP 12-76 data). The
corresponding traffic data from these figures are given in
Table 5.1.
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Figure 5.3. CDFs of GVW for Oregon, Florida, and Ontario.
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Figure 5.5. CDFs of GVW for California, New York, and Ontario.
Table 5.1. Summary of State Sites and Their Traffic Data
for Figures 5.3 to 5.5
No. of | No. of Months Maximum Mean Value
Figure State Sites of Data GVW (kips) | Range (kips)
Figure 5.3 | Oregon 4 4 200 43-52
Florida 5 12 250 20-50
Figure 5.4 | Indiana 5 12 250 25-57
Mississippi 5 12 260 38-57
Figure 5.5 | California 2 8.7 250 40-50
1 7
New York 7 12 380 35-50




As an initial observation, the data shown in Figure 5.2 to
Figure 5.5 are generally consistent for the majority of the sites
(consistent refers to the similarity of the general shape of the
curves, i.e., the CDFs). Exceptions are the following heavily
loaded sites from New York:

e Site 9121 on I-81 by Whitney Point;

e Site 8382 on I-84 by Port Jervis;

e Site 8280 on -84 by Fishkill; and

e Site 0580 on I-495 in Queens in New York City.

Because these sites were so exceptional, it was decided not
to include the New York WIM data in developing a national,
notional SLS live load. In addition, several sites for which the
recording format differed or had considerably less than one
tier of data were eliminated from consideration. A summary
of the remaining 32 sites and filtered data, including the WIM
locations, number of records, and average daily truck traffic
(ADTT), is shown in Table 5.2. Approximately 35 million
records are represented by these sites.

A copy of the raw WIM data and of the filtered WIM data
is available at http://www.trb.org/Main/Blurbs/170201.aspx.
A sample of the filtered WIM data is included in Appendix E

The CDFs of GVWs and moment are plotted as separate
curves for each location. The legend for all CDFs is shown in
Figure 5.6.

5.2 Initial Data Analysis
5.2.1 Gross Vehicle Weight

The CDFs for the GVWs from the remaining FHWA and
NCHREP sites are plotted on probability paper in Figure 5.7.
Each of the 32 curves represents a different location. The result-
ing curves indicate that the distribution of GVW is not normal.
Irregularity of the CDFs is a result of different types of vehicles
(such as long and short, fully loaded and empty, or loaded by
volume only) in the WIM data. For the considered locations,
the mean GVWs are between 25 and 65 kips. The upper tails of
the CDF curves show a similar trend, but there is a considerable
spread of the maximum values, from 150 to over 250 kips.

5.2.2 Moments from WIM Data

The distribution of simple-span moments due to WIM trucks
was obtained by calculating the maximum bending moment
for each vehicle in the database. Each vehicle was run over
influence lines to determine the maximum moment by using
a specially developed computer program. The calculations
were carried out for spans from 30 to 200 ft. For easier inter-
pretation and comparison of results, the calculated WIM data
moments were then divided by the corresponding HL-93
moment. Normalizing the data to a common reference makes

Table 5.2. WIM Locations and Number

of Recorded Vehicles

No. of Days Total No. of Lane
Site in Data Truck Records | ADTT
Arizona (SPS-1) 365 35,572 97
Arizona (SPS-2) 365 1,430,461 3,919
Arkansas (SPS-2) 365 1,675,349 4,590
Colorado (SPS-2) 365 343,603 941
Delaware (SPS-1) 365 201,677 553
lllinois (SPS-6) 365 854,075 2,340
Indiana (SPS-6) 214 185,267 508
Kansas (SPS-2) 365 477,922 1,309
Louisiana (SPS-1) 365 85,702 235
Maine (SPS-5) 365 183,576 503
Maryland (SPS-5) 365 164,389 450
Minnesota (SPS-5) 365 55,572 152
New Mexico (SPS-1) 245 117,102 321
New Mexico (SPS-5) 245 608,280 1,667
Pennsylvania (SPS-6) 365 1,495,741 4,098
Tennessee (SPS-6) 365 1,622,320 4,445
Virginia (SPS-1) 365 259,190 710
Wisconsin (SPS-1) 365 226,943 622
California Antelope EB 258 837,667 2,1922
California Antelope WB 256 943,147 2,2582
California Bowman 134 651,090 2,0182
California LA-710 NB 333 4,092,484 6,3807
California LA-710 SB 365 4,661,287 8,3667
California Lodi 304 3,298,499 5,1867
Florida I-10 354 1,641,480 2,2072
Florida I-95 349 2,112,518 2,56587
Florida US-29 354 389,164 6062
Mississippi I-10 337 1,965,022 2,9672
Mississippi I-55Ul 268 1,232,223 2,0542
Mississippi I-55R 349 1,333,268 1,790°
Mississippi US-49 359 1,225,138 1,4752
Mississippi US-61 319 159,299 2542
Total 35,856,898

Note: EB = eastbound; WB = westbound; NB = northbound; SB = southbound.
aNCHRP data are for multilane cases; the lane with maximum ADTT is listed.
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FHWA Data NCHRP Data
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Figure 5.6. Legend for all graphs.

the data easier to interpret. HL-93 was a convenient reference
and ties this work to the original strength limit state calibra-
tion and associated published information.

The CDFs for the ratio of the WIM truck moment and
HL-93 moment are plotted on normal probability paper in
Figure 5.8 to Figure 5.12; the shape of the CDF curves is simi-
lar to that of GVW. The mean WIM moments were between
0.2 and 0.4 of the HL-93 moments for all span lengths consid-
ered. The probability of a WIM moment exceeding 0.4 to 0.5
of the HL-93 moment was about 0.15. The maximum values
of the WIM moment were between 1.0 and 1.4 of HL-93
moment in most cases.

The obtained results served as the basis for determining
the statistical parameters of live load needed for the reliability
analysis of the serviceability limit states.

5.2.3 Filtering of Presumed lllegal Overloads
and Special Permit Loads

The goal of this analysis was to observe the change in the very
top tail of the distribution after removing the heaviest vehicles
from the database. These extremely heavy vehicles seemed to be
either permit vehicles that should be included in the design pro-
cess (as some states do) or vehicles reviewed for permit issuance
by using the Strength IT limit state load combination; otherwise,
they are illegal overloads. An example of the heaviest truck in the
WIM data is presented in Figure 5.13. This truck was recorded
at Site 8382 near Port Jervis, New York. The total length of the
truck was 100.6 ft. The GVW was 391.4 kips. The position of the
12 axles, their weight, and the vehicle’s length suggest that it
should be categorized as a permit vehicle. WIM equipment cap-
tures each vehicle, including permit vehicles, as a string of axles,
and an FHWA designation is given based on the best FHWA

category that fits the detected configuration. Heavy vehicles are
assumed to be permit vehicles or illegally loaded vehicles.

The initial study indicated that the removal of a very small
number of the heaviest vehicles drastically changed the upper
tail of the CDF of moments and shears. It was decided to explore
this by investigating the number of vehicles that exceeded an
upper value of 1.35 times HL-93, which corresponds to the max-
imum bias ratio obtained from the Ontario measurements.

The results of the analysis for sites from New York and Mis-
sissippi were plotted on probability paper and are shown in
Figures 5.14 to 5.16. It can be observed that, as expected, the
very upper tail of the distribution changed drastically by
removing only a very small percentage of vehicles.

For example, for 90-ft spans at New York Site 8382 (Fig-
ure 5.15), the bias changes from about 2.35 to about 1.65—but
only when considering the six largest moment ratios (corre-
sponding to the six heaviest trucks, including the 391-kip vehi-
cle shown in Figure 5.13) out of the 1.55 million data records
remaining after application of the additional filter to remove
moments less than 15% of the corresponding HL-93 moment.
Even for the WIM sites that demonstrated very extreme tails,
these extreme trucks constituted only the upper 0.01% to
0.22% of the truck population. For most of the locations
reviewed, the percentage was lower (see Table 5.3). The heavi-
est loads may have an important impact on calibration of the
ultimate or strength limit states; however, in the case of SLSs,
the upper tail of the CDF of the live load is not important, as it
is the main body of the CDF that affects SLS performance.
Therefore, for SLS calibration, it was decided to ignore the
upper tip of the CDF of live load.

5.2.4 Multiple Presence Analysis

Multiple presence was investigated by a correlation analysis
of the WIM data sets. The objective of the correlation analysis
was to select two trucks that were simultaneously positioned
on the bridge as shown in Figure 5.17 and that satisfied the
following requirements:

e Both trucks had the same number of axles.
e GVWs of the trucks were within +5%.
e All corresponding spacings between axles were within +10%.

The maximum load effect is often caused by the simultane-
ous presence of two or more trucks on a bridge. The statistical
parameters of these effects are influenced by the degree of
correlation. In calibration for the strength limit states, certain
probabilities of occurrence of correlated trucks were assumed
on the basis of engineering judgment applied to limited obser-
vations of the presence of multiple trucks of unknown weight.
The available WIM data allowed for verification of these
assumptions.

(text continues on page 108)



101

FHWA and NCHRP data

||||||||||

mm——————————

g

300

|
150
GVW [kip]

4_._._-_._-_-

a|qELEA |EWLION PIEPUBIS
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FHWA and NCHRP DATA Span 30 ft
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Figure 5.8. CDFs of WIM moment and HL-93 moment ratio, span



103

FHWA and NCHRP DATA Span 60 ft
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FHWA and NCHRP DATA Span 90 ft
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Figure 5.10. CDFs of WIM moment and HL-93 moment ratio, span



105

FHWA and NCHRP DATA Span 120 ft
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FHWA and NCHRP DATA Span 200 ft
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Figure 5.13. Configuration of extremely loaded truck.
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Figure 5.16. Data removal from New York Site 9121 and Mississippi I-10 locations.

(continued from page 100)

A special program was developed to filter the data by using
the time of a record and the speed of the truck to find
instances when either of the events shown in Figure 5.17
occurred involving similar trucks. The filter resulted in select-
ing the observed cases of two trucks with a headway distance
less than 200 ft in either the same lane or two adjacent lanes.

Two Trucks: Side by Side

The analysis of the degree of correlation was performed for
Site 9936 in Florida along I-10 and Site 8382 in New York
with 1,654,004 and 1,594,674 site-specific total records,
respectively. Filtering the data resulted in the selection of
2,518 fully correlated trucks in adjacent lanes in Florida and
3,748 fully correlated trucks in adjacent lanes in New York.
Histograms of the GVWs of these fully correlated side-by-
side trucks are shown in Figure 5.18.

The selected trucks were plotted on probability paper and
compared with all recorded vehicles. The GVW of both cor-
related trucks were added together and divided by two to
obtain the average GVW. (Note that the correlation criteria
ensure that the average is similar to the two selected trucks
in each pair.) The comparison of the mean correlated GVW
of the trucks recorded in adjacent lanes with the GVW of the
whole population from Florida and New York is shown in
Figure 5.19.

Two Trucks: ONE AFTER THE OTHER

Filtering the data resulted in the selection of 8,380 fully cor-
related trucks in one lane in Florida and 9,868 fully correlated
trucks in one lane in New York. Histograms of these trucks
are shown in Figure 5.20. The comparison of the mean cor-
related GVW of the trucks recorded in one lane with the
GVW of the whole data set from Florida and New York is
shown in Figure 5.21.

Table 5.3. Removal of Heaviest Vehicles (90-ft Span)

No. of Trucks No. of Trucks No. of Removed
Figure State Site | Before Filtering | After Filtering | Removed Trucks | Trucks (%)
Figure 5.14 | New York 0580 2,474,407 2,468,952 5,455 0.22
Figure 5.14 | New York 2680 89,286 89,250 36 0.04
Figure 5.15 | New York 8280 1,717,972 1,717,428 544 0.03
Figure 5.15 | New York 8382 1,551,454 1,550,914 540 0.03
Figure 5.16 | New York 9121 1,235,963 1,235,886 77 0.01
Figure 5.16 | Mississippi 1-10 2,103,302 2,103,300 2 0.00
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Figure 5.17. Two cases of the simultaneous presence of
two trucks with headway distance less than 200 ft.
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Figure 5.18. Histograms of trucks side by side (a) on Florida I-10 and (b) at New York
Site 8382.
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Figure 5.20. Histogram of trucks one after another (a) on Florida I-10 and

(b) at New York Site 8382.

IMPLICATIONS FOR SPECIFICATION DEVELOPMENT

The study of multiple presence based on WIM data indicated
that, for SLSs, the vehicles representing the extreme tails of the
CDF need not be considered as being simultaneously present
in multiple lanes. The implication is that only a single-lane
live load model needs to be considered on the load side (Q)
of limit state functions. The resistance side (R) of limit state
functions should represent the requirements of the applica-
ble design requirement, even if that is a multiple-lane loading
situation.

The issue of multiple load lanes was considered in the
development of HL-93 for AASHTO LRFD strength limit
states, and the conclusion was that extreme truck load does
not occur simultaneously with another fully correlated extreme
truck, but was considered to occur simultaneously with a
truck about 15% to 20% lighter. This two-lane loading was

Florida I-10

Standard Normal Variable

Abb| - Florida 110 - 8380 Correlated Trucks - Side by Side
:' ----- Florida 110 - All Trucks
T

T T
0 50 100 150 200 250

Gross Vehicle Weight
(a)

correlated to the design loading of two lanes of HL-93 with a
load factor of 1.75 and a multiple presence factor of 1.0. (The
multiple presence factor for a single-lane loading is 1.20 to
account for the occasional truck that creates more force effect
than the family of configurations used to develop the HL-93
load configuration.)

5.2.5 Project Guidelines Regarding Live load

The following guidelines are based on live load bias factors
and CVs determined from the preliminary analysis of WIM
measurements and previous work by the research team
(Nowak 1999):

¢ The use of dynamicload as 10% of live load, with CV=280%,
is recommended.

New York Site 8382
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Figure 5.21. Comparison of mean GVW and GVW of the whole population for

(a) Florida and (b) New York.



¢ Generally use a single loaded lane (no multiple loaded
lanes).

e The national load (i.e., notional load) should not try to
encompass all WIM records. Some of the extremely heavy
vehicles are permit loads and some are illegal overloads. A
relatively small number of loads were excluded for most of
the SLS studies, but they were included for the overload
limit state.

e Ttis likely that different probabilities of exceedance will be
used for various limit states based on consequences.

e Some jurisdictions may need exceptions based on their
legal loads and extent of enforcement.

e The basic HL-93 load model, scaled by calibrated load fac-
tors, is appropriate for SLS.

With these recommendations, the evaluation of numerical
live load models continued. The processes used and results
obtained are summarized here. Further details and extensive
graphical presentations are contained in Rakoczy (2011).

5.3 Statistical Parameters
for Service Limit States
Other than Fatigue

5.3.1 Maximum Moments for Different
Time Periods

The maximum moment is a random variable. It depends on
the period of time, ADTT, and distribution of traffic (e.g., CDF
of WIM moments). For a given CDF of WIM moments [F(x)],
period of time (T), and ADTT, the mean value of the maxi-
mum moment can be determined as follows. The total number
of vehicles (N) expected during the considered time period T
(in days) is TX ADTT. The expected or mean value of the max-
imum moment for time T [Mmax(T')] is equal to the moment
corresponding to probability {1 — F[1/N(T)]}, where F(x) is
the CDF of WIM moments, which is F'[1 — 1/N(T)], where
F'is the inverse of CDE.

The objective is to determine the mean maximum moment
for different time periods (i.e., 1 day, 2 weeks, 1 month, 2 months,
6 months, 1 year, 5 years, 50 years, 75 years, and 100 years). The
number of recorded vehicles for each location is given in
Table 5.2. The data were collected over different time periods,
in most cases about 1 year, but the number of vehicles varies
because ADTT varies. Each CDF in Figure 5.8 to Figure 5.12
includes the number of data points equal to the corresponding
number of vehicles (N). For each CDF, the vertical coordinate
of the maximum moment (Z,,,,) is given by Equation 5.1:
Z,.=—® " (1/N) (5.1)
where —®! is the inverse standard normal distribution func-
tion. For example, if N = 1,000,000, then Z,., = 4.75.
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In further analysis, five ADTTs were considered: 250, 1,000,
2,500, 5,000, and 10,000. The calculations were performed
separately for each ADTT. To determine the mean maximum
moments corresponding to the considered time periods, the
vertical coordinates were found first.

Starting with ADTT = 250, the vertical coordinate of the
mean maximum 1-day moment z is given by Equation 5.2:

z=—®"(1/250)=2.65 (5.2)

because the number of trucks per 1 day is 250.
The mean maximum 2-week moment z is given by Equa-
tion 5.3:

z=—®"(1/3500)=3.44 (5.3)

because the number of trucks per 2 weeks is (250 trucks)
(14 days) = 3,500 trucks.

Finally, the mean maximum 100-year moment z is given by
Equation 5.4:

z=—®"(1/9,125,000)=5.18 (5.4)

because the number of trucks per 100 years is (250 trucks)
(365 days)(100 years) = 9,125,000 trucks.

Similarly, for ADTT = 1,000, the vertical coordinate of the
mean maximum 1-day moment z is given by Equation 5.5:

z=—®"(1/1000) = 3.09 (5.5)

because the number of trucks per 1 day is 1,000.
The mean maximum 2-week moment z is given by Equa-
tion 5.6:

z=—®"(1/14,000)=3.8 (5.6)

because the number of trucks per 2 weeks is (1,000 trucks)
(14 days) = 14,000 trucks.

Finally, the mean maximum 100-year moment z is given by
Equation 5.7:

z=—-®"(1/36,500,000) = 5.67 (5.7)

because the number of trucks per 100 years is (1,000 trucks)
(365 days)(100 years) = 36,500,000 trucks.

Values of z for the considered ADTTs and time periods
from 1 day to 100 years are summarized in Table 5.4.

For example, for the WIM moments in Figure 5.11 (span =
120 ft), the vertical coordinates corresponding to different
time periods are shown in Figure 5.22 for ADTT = 1,000.

There were 32 WIM locations and, therefore, 32 curves rep-
resenting CDFs of WIM moments in each of Figures 5.8 to
5.12. The mean maximum moment can be obtained directly
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Table 5.4. Vertical Coordinates for the Mean
Maximum Moment

ADTT
Time Period | 250 | 1,000 | 2,500 | 5,000 | 10,000
1 Day 2.65 | 3.09 3.35 3.54 3.72
2 Weeks 3.44 | 3.08 4.02 4.18 4.33
1 Month 3.65 | 4.00 4.20 4.35 4.50

2 Months 3.82 | 4.15 4.35 4.50 4.65

6 Months 4.09 | 4.39 4.59 4.73 4.87

1 Year 424 | 455 4.73 4.87 5.01
5 Years 459 | 4.87 5.05 5.18 5.31
50 Years 5.05 | 5.31 5.47 5.60 5.72
75 Years 513 | 5.38 5.55 5.67 5.78

100 Years 518 | 5.44 5.60 5.72 5.83

from the graph by reading the moment ratio (horizontal axis)
corresponding to the vertical coordinate representing the con-
sidered time period. For example, from Figure 5.22, the mean
maximum 1-day moment ratio for Florida US-29 is 0.95, and
the mean maximum 1-year moment ratio is 1.39. Values for lon-
ger time periods were projected or interpolated as appropriate.

For each ADTT and span length, there are 32 values of the
mean maximum 1-day moment, 32 values of the mean maxi-
mum 2-week moment, and so on. For an easier review and
comparison, CDFs of these 32 values obtained from Fig-
ure 5.22 were plotted on normal probability paper and are
shown in Figure 5.23. There is one CDF for 1-day values, one
for 2 weeks, and so on. These are CDFs of extreme variables, as
each of the 32 values is the maximum moment for a WIM loca-
tion. The obtained CDFs are almost parallel; in particular, this
applies to the upper part. Because of regularity, it is easier to
determine the statistical parameters. Each data point repre-
sents the mean of the maximum value for one of 32 WIM loca-
tions, which means that the CDFs in Figure 5.23 are extreme
value distributions rather than hypothetical curves.

5.3.2 Statistical Parameters of Live Load

It was assumed that the 32 WIM locations considered are rep-
resentative for the truck traffic in the United States. The statisti-
cal parameters (the mean maximum and CV of the maximum
live load) were determined for each WIM location. The CDFs
of the mean maximum values were plotted on probability
paper. This is an extreme value distribution. The mean of these
mean maximum values can be considered as the mean maxi-
mum national live load. The standard deviation of the mean
maximum values can be determined from the graphs (slope of
the CDF). However, the WIM locations were not selected

randomly; rather, the selection was based on the availability
of WIM stations with truck data and the credibility of the
measured data (truck records). If the considered WIM loca-
tions are biased (i.e., nonrepresentative), then the processed
database can underestimate or overestimate the statistical
parameters of the national live load. Therefore, for the pur-
pose of further reliability analysis, it is conservatively assumed
that the calculated mean maximum live load is increased by
1.5 standard deviations. The probability of exceeding this
value (mean plus 1.5 standard deviations) is about 5%, so that
it will be exceeded by 5% of 32 WIM locations (i.e., in one or
two WIM locations).

As the upper parts of the CDFs are almost straight lines, the
fitting by normal distributions is justified. The mean values
can be read directly from the graph as the intersection of CDFs
(represented by straight lines) and the horizontal axis at zero
on the vertical scale. This process is depicted in Figure 5.24.
The visual comparison of how the actual CDF fits a straight
line is much better than any curve-fitting formula because the
research team was mostly interested in only some parts of the
CDE Different curves can have different slopes, which are
reflected in the standard deviations.

Calculations were carried out for all considered cases of
ADTT and span length. The results, which were extrapolated
to 100 years and span length of 300 ft, are summarized in
Table 5.5 to Table 5.9. Statistical parameters were calculated
for a variety of ADTTs (500, 1,000, 2,500, 5,000, and 10,000);
however, the AASHTO LRFD is based on 5,000 (consistent
with strength limit states). Live load data for values of ADTT
other than 5,000 were tabulated so owners can repeat the cali-
bration process with other data. For a given bridge, use of a
lower ADTT should lead to a higher reliability index.

Bias factors vary depending on ADTT for shorter time
periods; however, for longer time periods, the bias factor is
about 1.4.

5.3.3 Reactions

Tables of statistics for reactions of simply supported spans
were developed for the same spans, time periods, and ADTTs
as presented for bending moments by using a methodology
analogous to the one presented in Section 5.3.2. The results
are shown in Table 5.10 to Table 5.14. Graphical representa-
tions are presented in Rakoczy (2011).

5.3.4 Axle Loads

Statistical parameters for various time periods and ADTTs
are developed using a methodology analogous to that pre-
sented in Section 5.3.2 applied to axle loads instead of
moments. The results are presented in Table 5.15.

(text continues on page 121)
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FHWA and NCHRP Data
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Distributions of Extreme Values
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Distributions of Extreme Values
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Table 5.5. Statistical Parameters of Live Load Moments for ADTT 250, A\ = p + 1.5¢

Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft
Time
Period A M (e17) A H CcvV A 1] Ccv A 1] (e17) A H CvV A H CcvV
1 Day 0.92 | 065 | 0.28 | 0.82 | 0.64 | 0.23 | 0.80 | 0.66 | 0.17 | 0.79 | 0.65 | 0.15 | 0.71 | 0.56 | 0.18 | 0.61 | 0.48 | 0.18

2 Weeks 1.06 | 0.80 | 0.21 | 1.05 | 0.80 | 0.16 | 1.01 | 0.80 | 0.18 | 1.02 | 0.80 | 0.16 | 0.93 | 0.73 | 0.16 | 0.84 | 0.67 | 0.16

1 Month 112 | 085 | 0.21 | 1.09 | 0.85 | 0.19 | 1.08 | 0.85 | 0.18 | 1.08 | 0.85 | 0.17 | 1.01 | 0.78 | 0.19 | 0.90 | 0.73 | 0.16

2Months | 1.14 | 090 | 0.18 | 1.15 | 091 | 0.17 | 1.14 | 0.90 | 0.18 | 1.14 | 0.90 | 0.17 | 1.05 | 0.85 | 0.15 | 0.95 | 0.77 | 0.15

6Months | 119 | 095 | 0.17 | 1.23 | 096 | 0.19 | 1.20 | 0.97 | 0.15 | 1.19 | 0.98 | 0.14 | 1.12 | 0.91 | 0.15 | 1.04 | 0.85 | 0.15

1 Year 123 | 100 | 015 | 127 | 098 | 0.19 | 1.24 | 1.00 | 0.16 | 1.22 | 1.04 | 0.12 | 1.15 | 094 | 0.15 | 1.08 | 0.88 | 0.15

5 Years 131|107 | 015 | 135 | 1.09 | 0.16 | 1.31 | 113 | 0.11 | 1.31 | 1.14 | 0.10 | 1.256 | 1.02 | 0.15 | 1.18 | 0.97 | 0.15

50 Years 137 | 117 | 0.11 | 139 | 1.16 | 013 | 1.39 | 125 | 0.07 | 1.37 | 1.19 | 0.10 | 1.32 | 1.06 | 0.16 | 1.256 | 1.02 | 0.15

75 Years 138 | 1.20 | 0.10 | 1.40 | 119 | 012 | 141 | 1.27 | 0.07 | 1.39 | 1.21 | 0.10 | 1.34 | 1.08 | 0.16 | 1.27 | 1.04 | 0.15

100Years | 139 | 122 | 0.09 | 143 | 121 | 012 | 142 | 1.28 | 0.07 | 141 | 122 | 0.10 | 1.35 | 1.09 | 0.16 | 1.29 | 1.05 | 0.15

Table 5.6. Statistical Parameters of Live Load Moments for ADTT 1,000, A = p. + 1.5¢

Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft
Time
Period A 1] CvV A 1] CvV A M cv A 1] CVv A M CVv A 1] (37
1 Day 099 | 0.72 | 0.28 | 0.89 | 0.71 | 0.20 | 0.90 | 0.72 | 0.17 | 0.89 | 0.71 | 0.17 | 0.81 | 0.63 | 0.19 | 0.71 | 0.55 | 0.19

2 Weeks 114 | 087 | 0.21 | 1.13 | 0.90 | 0.16 | 1.13 | 0.89 | 0.18 | 1.14 | 0.91 | 0.16 | 1.06 | 0.85 | 0.16 | 0.97 | 0.77 | 0.16

1 Month 118 | 0.95 | 0.16 | 1.19 | 095 | 0.16 | 1.19 | 095 | 0.17 | 1.19 | 0.96 | 0.16 | 1.11 | 0.91 | 0.14 | 1.01 | 0.83 | 0.14

2Months | 123 | 099 | 0.16 | 1.26 | 0.99 | 0.18 | 1.26 | 1.00 | 0.17 | 1.23 | 1.03 | 0.13 | 1.16 | 0.96 | 0.14 | 1.07 | 0.89 | 0.14

6 Months | 127 | 1.04 | 0.14 | 1.31 | 1.05 | 0.16 | 1.30 | 1.10 | 0.12 | 1.27 | 1.09 | 0.11 | 1.22 | 0.99 | 0.15 | 1.15 | 0.93 | 0.15

1 Year 133 | 1.07 | 0.16 | 1.34 | 1.08 | 0.16 | 1.32 | 1.15 | 0.10 | 1.31 | 1.14 | 0.10 | 1.25 | 1.01 | 0.16 | 1.18 | 0.95 | 0.16

5 Years 137 | 111 | 015 | 137 | 114 | 013 | 1.36 | 1.21 | 0.08 | 1.35 | 1.17 | 0.10 | 1.30 | 1.06 | 0.15 | 1.24 | 1.01 | 0.15

50 Years 138 | 1.24 | 0.07 | 142 | 121 | 012 | 141 | 126 | 0.08 | 1.41 | 1.21 | 0.11 | 1.35 | 1.11 | 0.14 | 1.28 | 1.05 | 0.14

75 Years 140 | 126 | 0.07 | 142 | 123 | 011 | 142 | 128 | 0.07 | 141 | 123 | 0.10 | 1.36 | 1.13 | 0.13 | 1.29 | 1.07 | 0.13

100Years | 1.40 | 1.27 | 0.07 | 1.44 | 124 | 0.11 | 143 | 1.29 | 0.07 | 143 | 124 | 0.10 | 1.37 | 1.14 | 0.13 | 1.30 | 1.09 | 0.13




Table 5.7. Statistical Parameters of Live Load Moments for ADTT 2,500, A\ = p. + 1.5¢
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Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time

Period A 1] CcvV A H CvV A M (617 A 1] CcvV A H (e17) A 1] CcvV
1 Day 1.03 | 0.80 | 0.19 | 097 | 0.79 | 0.18 | 0.97 | 0.77 | 0.17 | 0.98 | 0.78 | 0.17 | 0.90 | 0.70 | 0.19 | 0.80 | 0.62 | 0.19
2Weeks | 1.20 | 0.93 | 0.19 | 1.20 | 0.96 | 0.17 | 120 | 0.96 | 0.17 | 1.20 | 0.97 | 0.15 | 1.12 | 0.92 | 0.14 | 1.02 | 0.84 | 0.14
1Month | 123 | 099 | 0.16 | 1.25 | 0.99 | 0.17 | 1.26 | 1.00 | 0.17 | 1.22 | 1.04 | 0.12 | 1.16 | 0.95 | 0.15 | 1.09 | 0.89 | 0.15
2Months | 1.28 | 1.04 | 0.15 | 1.31 | 1.04 | 017 | 129 | 1.11 | 011 | 1.27 | 112 | 0.09 | 1.21 | 0.98 | 0.15 | 1.12 | 0.91 | 0.15
6 Months | 1.31 | 1.07 | 0.15 | 1.34 | 1.07 | 017 | 1.32 | 1.15 | 0.10 | 1.31 | 1.14 | 0.10 | 1.25 | 1.01 | 0.16 | 1.18 | 0.95 | 0.16
1 Year 134 | 111 | 014 | 135 | 1.11 | 0.14 | 1.36 | 1.19 | 0.09 | 1.34 | 1.17 | 0.09 | 1.28 | 1.04 | 0.15 | 1.21 | 0.98 | 0.15
5 Years 136 | 1.15 | 0.12 | 1.39 | 1.18 | 0.12 | 1.39 | 1.24 | 0.08 | 1.38 | 1.20 | 0.10 | 1.33 | 1.07 | 0.16 | 1.26 | 1.01 | 0.16
50Years | 1.40 | 1.25 | 0.08 | 1.42 | 122 | 0.11 | 1.43 | 129 | 0.07 | 143 | 1.23 | 0.11 | 1.37 | 1.11 | 0.15 | 129 | 1.05 | 0.15
75Years | 1.40 | 1.26 | 0.07 | 1.43 | 124 | 0.10 | 1.43 | 1.30 | 0.07 | 1.44 | 1.24 | 0.10 | 1.37 | 1.13 | 0.14 | 129 | 1.06 | 0.14
100 Years | 1.40 | 1.27 | 0.07 | 1.44 | 1.25 | 0.10 | 1.44 | 1.31 | 0.07 | 1.44 | 1.25 | 0.10 | 1.39 | 1.14 | 0.14 | 1.32 | 1.09 | 0.14

Table 5.8. Statistical Parameters of Live Load Moments for ADTT 5,000, A\ = p. + 1.5¢
Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time

Period A M CcvV A 1] (17 A 1] Ccv A 1] (e17) A M CcvV A 1] (37

1 Day 1.08 | 085 | 0.18 | 1.02 | 0.82 | 0.17 | 1.03 | 0.82 | 0.17 | 1.03 | 0.82 | 0.17 | 0.95 | 0.75 | 0.17 | 0.84 | 0.67 | 0.17
2Weeks | 1.24 | 0.98 | 0.17 | 1.26 | 1.00 | 0.17 | 1.24 | 1.00 | 0.16 | 1.24 | 1.04 | 0.13 | 1.16 | 0.96 | 0.14 | 1.06 | 0.88 | 0.14
1Month | 1.28 | 1.04 | 0.15 | 1.32 | 1.03 | 0.18 | 1.30 | 1.12 | 0.11 | 1.26 | 1.11 | 0.09 | 1.20 | 0.99 | 0.14 | 1.13 | 0.93 | 0.14
2Months | 1.31 | 1.07 | 0.15 | 1.34 | 1.07 | 0.17 | 1.32 | 1.15 | 0.10 | 1.31 | 1.14 | 0.10 | 1.23 | 1.02 | 0.14 | 1.16 | 0.96 | 0.14
6Months | 1.34 | 111 | 014 | 1.35 | 111 | 0.14 | 1.34 | 119 | 0.08 | 1.32 | 1.17 | 0.09 | 128 | 1.04 | 0.15 | 1.23 | 1.00 | 0.15
1 Year 135 | 114 | 012 | 1.38 | 1.14 | 0.14 | 1.38 | 1.21 | 0.09 | 1.36 | 1.19 | 0.09 | 1.31 | 1.07 | 0.15 | 1.25 | 1.02 | 0.15
5 Years 139 | 1.16 | 0.13 | 1.40 | 1.19 | 012 | 140 | 1.25 | 0.08 | 1.41 | 121 | 0.11 | 1.34 | 1.10 | 0.15 | 1.28 | 1.05 | 0.15
50Years | 1.41 | 121 | 0.11 | 1.44 | 124 | 0.10 | 1.44 | 127 | 0.09 | 1.46 | 1.23 | 0.12 | 1.39 | 1.13 | 0.15 | 1.30 | 1.06 | 0.15
75Years | 142 | 1.22 | 011 | 145 | 125 | 010 | 1.45 | 1.29 | 0.08 | 1.46 | 1.25 | 0.11 | 1.40 | 114 | 015 | 1.31 | 1.07 | 0.15
100 Years | 1.42 | 123 | 0.11 | 145 | 126 | 0.10 | 1.47 | 1.30 | 0.08 | 1.47 | 1.26 | 0.11 | 1.40 | 1.15 | 0.15 | 1.33 | 1.08 | 0.15
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Table 5.9. Statistical Parameters of Live Load Moments for ADTT 10,000, A = p + 1.5¢

Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time

Period A M (e17) A H CcvV A 1] Ccv A 1] (e17) A H (e17) A H (e17)
1 Day 117 | 0.88 | 0.22 | 1.09 | 0.89 | 0.16 | 1.11 | 0.87 | 0.18 | 1.13 | 0.87 | 0.20 | 1.02 | 0.81 | 0.17 | 0.91 | 0.75 | 0.17
2 Weeks 129 | 102 | 018 | 1.31 | 1.04 | 017 | 129 | 111 | 011 | 1.27 | 112 | 0.09 | 1.22 | 0.98 | 0.16 | 1.16 | 0.93 | 0.16
1 Month 132 | 106 | 0.16 | 1.34 | 1.08 | 0.16 | 1.32 | 115 | 010 | 1.29 | 1.14 | 0.09 | 1.25 | 1.01 | 0.16 | 1.20 | 0.97 | 0.16
2Months | 1.35 | 1.09 | 0.16 | 1.35 | 1.11 | 0.14 | 135 | 1.18 | 0.09 | 1.32 | 1.17 | 0.09 | 1.28 | 1.04 | 0.15 | 1.23 | 1.00 | 0.15
6 Months | 1.35 | 112 | 0183 | 1.37 | 1.14 | 013 | 1.37 | 1.20 | 0.09 | 1.34 | 1.19 | 0.08 | 1.30 | 1.06 | 0.15 | 1.25 | 1.02 | 0.15
1 Year 137 | 117 | 011 | 139 | 1.16 | 0.13 | 1.39 | 1.24 | 0.08 | 1.38 | 1.20 | 0.10 | 1.32 | 1.08 | 0.15 | 1.27 | 1.04 | 0.15
5 Years 139 | 124 | 008 | 141 | 121 | 011 | 142 | 127 | 0.08 | 142 | 122 | 0.11 | 1.37 | 1.11 | 0.15 | 1.30 | 1.06 | 0.15
50 Years 140 | 128 | 0.06 | 145 | 124 | 0.11 | 145 | 1.30 | 0.08 | 146 | 1.25 | 0.11 | 1.40 | 1.14 | 015 | 1.31 | 1.07 | 0.15
75 Years 141|129 | 006 | 1.46 | 1.26 | 0.10 | 1.47 | 1.32 | 0.08 | 147 | 126 | 0.11 | 1.40 | 1.16 | 0.14 | 1.32 | 1.09 | 0.14
100Years | 142 | 1.30 | 0.06 | 147 | 127 | 010 | 149 | 133 | 0.08 | 148 | 1.27 | 0.11 | 142 | 117 | 0.14 | 1.33 | 1.10 | 0.14

Table 5.10. Statistical Parameters of Live Load Reactions for ADTT 250, A = p. + 1.5¢
Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time M+ u+ u+ M+ u+ H+

Period 150 H CV | 1.5¢ M CV | 150 1] CV | 1.5¢ H CV | 1.5¢0 1] CV | 1.5¢ 7] (e37)
1 Day 1.02 | 0.85 | 0.13 | 0.88 | 0.74 | 0.12 | 0.88 | 0.74 | 0.12 | 0.86 | 0.72 | 0.13 | 0.73 | 0.61 | 0.13 | 0.57 | 0.48 | 0.13
2 Weeks 122 | 1.02 | 0.13 | 1.08 | 091 | 0.12 | 1.11 | 094 | 0.12 | 1.08 | 0.90 | 0.13 | 0.97 | 0.80 | 0.14 | 0.82 | 0.68 | 0.14
1 Month 128 | 1.07 | 0183 | 1.14 | 096 | 0.13 | 1.17 | 099 | 0.12 | 1.15 | 0.97 | 0.12 | 1.06 | 0.88 | 0.14 | 0.93 | 0.77 | 0.14
2Months | 1.32 | 111 | 0.13 | 119 | 1.01 | 012 | 1.22 | 1.04 | 0.12 | 120 | 1.02 | 0.12 | 1.12 | 0.92 | 0.14 | 0.98 | 0.81 | 0.14
6Months | 137 | 1.16 | 0.12 | 1.27 | 1.07 | 012 | 1.32 | 111 | 013 | 1.30 | 1.10 | 0.12 | 1.18 | 0.97 | 0.14 | 1.08 | 0.89 | 0.14
1 Year 141|120 | 012 | 1.31 | 110 | 0.13 | 1.37 | 1.14 | 013 | 1.35 | 112 | 0.13 | 1.22 | 1.01 | 0.14 | 1.12 | 0.93 | 0.14
5 Years 149 | 126 | 012 | 1.38 | 1.15 | 0.13 | 146 | 122 | 013 | 1.44 | 120 | 0.13 | 1.35 | 1.11 | 0.14 | 1.24 | 1.02 | 0.14
50 Years 154 | 130 | 012 | 149 | 123 | 0.14 | 152 | 128 | 013 | 1.652 | 1.28 | 0.13 | 1.45 | 1.18 | 0.15 | 1.36 | 1.11 | 0.15
75 Years 155 | 131 | 012 | 150 | 124 | 014 | 155 | 129 | 0183 | 155 | 129 | 013 | 146 | 1.19 | 0.15 | 1.37 | 1.12 | 0.15
100 Years | 156 | 1.32 | 0.12 | 1.50 | 1.25 | 0.14 | 155 | 1.30 | 0.13 | 1.55 | 1.30 | 0.13 | 1.47 | 1.20 | 0.15 | 1.38 | 1.12 | 0.15




Table 5.11. Statistical Parameters of Live Load Reactions for ADTT 1,000, A = p + 1.5¢
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Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time u+ M+ 55 Mu+ u+ u+

Period 150 H CV | 1.5¢ H CV | 1.5¢ 1] CV | 1.5¢ H CV | 1.5¢ M CV | 150 1] Ccv
1 Day 114 | 094 | 0.14 | 095 | 0.80 | 0.13 | 0.94 | 0.80 | 0.11 | 091 | 0.79 | 0.10 | 0.84 | 0.70 | 0.13 | 0.74 | 0.62 | 0.13
2 Weeks 131 (110|013 | 1.17 | 099 | 0.12 | 1.19 | 1.02 | 0.11 | 1.19 | 1.02 | 0.11 | 1.09 | 0.91 | 0.13 | 0.97 | 0.81 | 0.13
1 Month 13 (115|012 | 123 | 1.03 | 013 | 1.26 | 1.08 | 0.11 | 1.25 | 1.07 | 0.11 | 1.17 | 097 | 0.13 | 1.06 | 0.88 | 0.13
2Months | 138 | 1.18 | 0.11 | 126 | 1.08 | 0.11 | 1.31 | 1.11 | 012 | 1.31 | 1.11 | 0.12 | 1.22 | 1.01 | 0.14 | 1.11 | 0.92 | 0.14
6Months | 142 | 122 | 011 | 129 | 1.11 | 011 | 1.38 | 1.15 | 0.13 | 1.37 | 1.16 | 0.12 | 1.28 | 1.05 | 0.14 | 1.18 | 0.97 | 0.14
1 Year 145 (125|011 | 132 | 114 | 011 | 140 | 119 | 012 | 140 [ 119 | 012 | 1.32 | 1.09 | 0.14 | 1.21 | 1.00 | 0.14
5 Years 150 (129 | 0.11 | 1.40 | 1.20 | 0.11 | 149 [ 126 | 012 | 1.50 | 1.26 | 0.13 | 1.38 | 1.14 | 0.14 | 1.28 | 1.06 | 0.14
50 Years 156 | 133 | 0.11 | 146 | 1.25 | 0.11 | 156 | 1.30 | 0.13 | 1.57 | 1.30 | 0.14 | 1.47 | 1.20 | 0.15 | 1.35 | 1.10 | 0.15
75 Years 157 | 134 | 011 | 147 | 126 | 0.11 | 157 | 1.31 | 013 | 1.58 | 1.31 | 0.14 | 148 | 1.21 | 0.15 | 1.36 | 1.11 | 0.15
100 Years | 1.57 | 135 | 0.11 | 148 | 127 | 011 | 157 (132 | 013 | 159 | 132 | 0.14 | 149 | 122 | 0.15 | 1.36 | 1.12 | 0.15

Table 5.12. Statistical Parameters of Live Load Reactions for ADTT 2,500, A = p. + 1.5¢
Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time H+ u+ u+ H+ M+ U+

Period 150 1] CV | 1.5¢ M CV | 1.5¢ 1] CV | 1.5¢ H CV | 1.5¢ 1] CV | 1.5¢ 1] CcVv
1 Day 1.18 | 1.00 | 0.12 | 1.02 | 0.88 | 0.10 | 1.07 | 0.90 | 0.12 | 1.04 | 0.89 | 0.11 | 0.93 | 0.78 | 0.13 | 0.79 | 0.66 | 0.13
2 Weeks 135 | 114|012 | 123 | 1.05 | 011 | 129 | 1.09 | 0.12 | 1.29 | 1.09 | 0.12 | 1.19 | 099 | 0.13 | 1.06 | 0.89 | 0.13
1 Month 138 (117 | 012 | 126 | 1.08 | 0.11 | 1.35 | 1.14 | 012 | 1.34 | 113 | 0.12 | 123 | 1.02 | 0.14 | 1.12 | 0.93 | 0.14
2Months | 141 | 120 | 012 | 129 | 1.11 | 011 | 140 | 117 | 013 | 1.38 | 1.17 | 0.12 | 1.29 | 1.06 | 0.14 | 1.17 | 0.96 | 0.14
6Months | 147 | 124 | 012 | 1.34 | 1.14 | 011 | 144 | 120 | 0.13 | 1.44 | 1.20 | 0.13 | 1.33 | 1.09 | 0.15 | 1.22 | 1.00 | 0.15
1 Year 149 | 125|013 | 136 | 1.16 | 0.11 | 147 | 123 | 0.13 | 1.48 | 1.24 | 0.13 | 1.38 | 1.12 | 0.15 | 1.25 | 1.02 | 0.15
5 Years 155 | 129 | 013 | 144 | 121 | 012 | 155 | 129 | 0.13 | 1.54 | 1.28 | 0.13 | 143 | 1.17 | 0.15 | 1.31 | 1.08 | 0.15
50 Years 159 (133|013 | 153 (127 | 013 | 158 | 1.32 | 0.13 | 159 | 1.32 | 0.14 | 150 | 1.21 | 0.16 | 1.38 | 1.11 | 0.16
75 Years 160 | 1.34 | 013 | 154 | 128 | 013 | 159 | 133 | 0.13 | 1.60 | 1.33 | 0.14 | 151 | 122 | 0.16 | 1.39 | 1.12 | 0.16
100 Years | 1.60 | 1.35 | 0.13 | 1.54 | 129 | 0.13 | 159 | 1.34 | 0.13 | 161 | 1.34 | 0.14 | 151 | 1.23 | 0.16 | 1.40 | 1.183 | 0.16
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Table 5.13. Statistical Parameters of Live Load Reactions for ADTT 5,000, A = p + 1.5¢

Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time u+ M+ 55 Mu+ u+ u+

Period 150 H CV | 1.5¢ H CV | 1.5¢ 1] CV | 1.5¢ H CV | 1.5¢ M CV | 150 1] Ccv
1 Day 125 | 105|012 | 1.09 | 094 | 0.11 | 1.14 | 096 | 0.13 | 1.12 | 0.94 | 0.13 | 1.02 | 0.84 | 0.14 | 0.90 | 0.74 | 0.14
2 Weeks 142 | 119 | 0143 | 1.30 | 1.10 | 0.12 | 1.36 | 1.13 | 013 | 1.36 | 1.13 | 0.13 | 1.26 | 1.03 | 0.15 | 1.13 | 0.93 | 0.15
1 Month 146 (122 | 013 | 1.34 | 113 | 012 | 139 | 1.16 | 013 | 140 | 1.17 | 0.13 | 1.30 | 1.06 | 0.15 | 1.18 | 0.96 | 0.15
2Months | 148 | 124 | 013 | 136 | 1.15 | 012 | 143 | 120 | 0.13 | 1.44 | 120 | 0.13 | 1.33 | 1.09 | 0.15 | 1.21 | 0.99 | 0.15
6Months | 151 | 127 | 013 | 1.39 | 1.18 | 012 | 147 | 123 | 013 | 148 | 124 | 0.13 | 1.39 | 1.13 | 0.15 | 1.27 | 1.08 | 0.15
1 Year 154 | 128 | 013 | 141 | 120 | 012 | 150 | 1.26 | 0.13 | 1.51 [ 127 | 0.13 | 141 | 115 | 0.15 | 1.29 | 1.06 | 0.15
5 Years 158 | 132 | 013 | 148 | 125 | 012 | 1.54 | 130 | 012 | 1.56 | 1.30 | 0.13 | 1.46 | 1.19 | 0.15 | 1.34 | 1.09 | 0.15
50 Years 162 | 136 | 013 | 1.53 | 129 | 0.12 | 159 | 135 | 012 | 161 | 135 | 0.13 | 1.52 | 1.283 | 0.15 | 140 | 1.14 | 0.15
75 Years 163 | 137 | 012 | 1.54 | 1.30 | 0.12 | 160 | 1.36 | 0.12 | 1.62 | 1.36 | 0.13 | 153 | 1.24 | 0.15 | 1.41 | 1.15 | 0.15
100 Years | 1.63 | 1.38 | 0.12 | 155 | 1.31 | 012 | 161 (137 | 012 | 1.62 | 1.37 | 0.13 | 1.53 | 1.25 | 0.15 | 1.42 | 1.15 | 0.15

Table 5.14. Statistical Parameters of Live Load Reactions for ADTT 10,000, A\ = p. + 1.5¢
Span
30 ft 60 ft 90 ft 120 ft 200 ft 300 ft

Time H+ u+ u+ H+ M+ U+

Period 150 1] CV | 1.5¢ M CV | 1.5¢ 1] CV | 1.5¢ H CV | 1.5¢ 1] CV | 1.5¢ 1] CcVv
1 Day 131 | 110 | 013 | 1.20 | 1.00 | 0.13 | 1.23 | 1.08 | 0.13 | 1.21 | 1.01 | 0.13 | 1.11 | 091 | 0.14 | 0.98 | 0.81 | 0.14
2 Weeks 145 | 121|013 |13 | 112 | 013 | 140 | 117 | 013 | 1.41 | 118 | 0.13 | 1.31 | 1.07 | 0.15 | 1.19 | 0.97 | 0.15
1 Month 148 | 124 | 013 [ 139 [ 116 | 013 | 143 | 1.20 | 013 | 145 | 121 | 0.13 | 1.36 | 1.10 | 0.15 | 1.24 | 1.00 | 0.15
2Months | 150 | 126 | 013 | 142 | 119 | 013 | 146 | 123 | 012 | 148 | 124 | 013 | 1.39 | 1.13 | 0.15 | 1.27 | 1.08 | 0.15
6Months | 152 | 128 | 0.13 | 145 | 121 | 013 | 148 | 125 | 012 | 152 | 1.26 | 0.13 | 141 | 1.15 | 0.15 | 1.31 | 1.07 | 0.15
1 Year 155 | 129 | 013 | 146 | 122 | 013 | 151 | 128 | 0.12 | 1.54 | 1.28 | 0.13 | 1.44 | 117 | 0.15 | 1.33 | 1.08 | 0.15
5 Years 160 | 1.34 | 013 | 150 | 1.26 | 0.13 | 1.55 | 1.31 | 0.12 | 1.59 | 1.33 | 0.13 | 149 | 122 | 0.15 | 1.37 | 1.12 | 0.15
50 Years 164 | 137 | 013 | 156 (130 | 013 | 162 | 1.36 | 0.13 | 162 | 1.35 | 0.13 | 154 | 125 | 015 | 1.43 | 1.16 | 0.15
75 Years 165 | 138 | 013 | 157 | 1.31 | 013 | 163 | 1.37 | 0.12 | 1.63 | 1.36 | 0.13 | 1.55 | 1.26 | 0.15 | 1.44 | 117 | 0.15
100 Years | 166 | 1.39 | 0.13 | 1.57 | 1.32 | 0.13 | 1.63 | 1.38 | 0.12 | 164 | 1.37 | 0.13 | 1.55 | 1.27 | 0.15 | 1.45 | 1.18 | 0.15




Table 5.15. Statistical Parameters for Axle Loads, \ = p + 1.5¢

ADTT
250 1,000 2,500 5,000 10,000

Time

Period N | CV(%) | N | CV(%)| N |CV(%) | N | CV(%) | N | CV(%)
1 Day 0.91 0.17 1.00 0.17 1.07 0.16 1.1 0.16 1.15 0.16
2 Weeks 1.09 0.16 1.17 0.16 1.24 0.15 1.29 0.15 1.32 0.15
1 Month 1.14 0.16 1.23 0.15 1.28 0.15 1.32 0.14 1.36 0.14
2 Months | 1.18 0.15 1.27 0.15 1.32 0.14 1.36 0.14 1.38 0.14
6 Months | 1.24 0.15 1.32 0.14 1.37 0.14 1.40 0.14 1.42 0.13
1 Year 1.30 0.14 1.37 0.14 1.41 0.13 1.42 0.13 1.45 0.13
5 Years 1.38 0.14 1.43 0.13 1.46 0.13 1.47 0.13 1.49 0.13
50 Years 1.45 0.13 1.48 0.13 1.50 0.13 1.51 0.13 1.53 0.12
75 Years 1.45 0.13 1.48 0.12 1.50 0.12 1.51 0.12 1.53 0.12
100 Years | 1.46 0.13 1.49 0.12 1.51 0.12 1.52 0.12 1.53 0.12
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(continued from page 112)

5.4 Development of Statistical
Parameters of Fatigue Load

5.4.1 Objective

Fatigue is one of the major causes of distress in steel highway
bridges. Cracking or rupture of components and connections
calls for costly repairs or replacements. The durability of affected
structures can be enhanced by applying reliability theory to this
limit state. The limit state of fatigue is reached when accumu-
lated load spectra exceed the fatigue resistance of material. A
rational approach to the evaluation of existing bridges and
design for new bridges requires knowledge of the load-carrying
capacity and accumulated loads, as shown on Figure 5.25. A
considerable effort was directed toward tests of materials under
cyclic loading to establish the so-called S-N curves, where S is
the applied stress, and N is the number of load applications to

Distributionof R
|
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/

Equivalentuniformload, Q

/

]
™~ DistributionofQ |
"
i

Stress range (log scale)

\ 4

Number of load cycles to failure (log scale) Failure

Figure 5.25. Fatigue failure on S-N curve.

failure. However, knowledge about the real fatigue stress caused
by current truck traffic, which was based on research done in
the 1980s, was limited and outdated.

The current AASHTO LRFD (2012) has two fatigue limit
states. Fatigue Limit State [ is related to infinite load-induced
fatigue life. The fatigue load in this limit state reflects the load
levels found to be representative of the maximum stress range
of the truck population for infinite fatigue life design. Fatigue
Limit State II is related to finite load-induced fatigue life. The
fatigue load in this limit state is intended to reflect a load level
found to be representative of the effective stress range of the
truck population with respect to the induced number of load
cycles and their cumulative damage effects on the bridge
components. Only Fatigue I applies to fatigue of concrete and
the considered types of reinforcement.

The focus of this section is to develop statistical models of
fatigue load based on the WIM truck survey data. The fatigue
load is intended to be used in calibration of the design provi-
sions in the AASHTO LRFD (2012). The WIM measurements
provide an unbiased data set. The 15 WIM sites provided by
FHWA are considered as representative for the United States
for this analysis. Only sites with one full year of constant
reading were used for fatigue analysis.

Three cases are considered: midspan moment for a simply
supported bridge, moment at the interior support of a two-
span continuous bridge, and moment at 0.4 of the span length
of a continuous bridge. The surveyed vehicles were run over
influence lines as traffic streams to determine the number and
magnitude of moment cycles for a wide range of span lengths
for each case. The fatigue load time history was then devel-
oped for the bending moment. The Fatigue IT (finite life) load
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was calculated as an equivalent moment by using the linear
damage rule first proposed by Palmgren (1924) and later pop-
ularized by Miner (1945) as the Palmgren—Miner rule. The
Fatigue I (infinite life) load for each location was determined
by finding the highest 0.01% of the load cycles and using the
smallest of them as the fatigue load for the considered loca-
tion. The obtained results combined with fatigue resistance
models served as the basis for the development of calibrated
criteria for SLS in the AASHTO LRFD.

5.4.2 WIM Data Used for Fatigue Calculation

To be consistent with research done by Fisher (1977), in addi-
tion to the two filters used for live load, a third filter was used
to remove light trucks with GVW under 20 kips because light
vehicles cause relatively low fatigue damage. A summary of
the data used for fatigue analysis, including WIM locations,
number of records, and ADTT, is shown in Table 5.16.

5.4.3 Truck Traffic Simulation and Calculation
of Bending Moment Time History

Live load on bridges is caused mainly by moving trucks. Longer
bridges often experience more than one vehicle in one span at
the same time. Multiple vehicles in one span produce a larger
load effect than a single truck. For fatigue load calculations, it

Table 5.16. WIM Locations and Number of Vehicles
Used for Fatigue Analysis

Total No.
No. of Days of Truck Single-Lane
Site in Data Records ADTT
Arizona (SPS-1) 365 26,501 97
Arizona (SPS-2) 365 1,391,098 3,919
Arkansas (SPS-2) 365 1,642,334 4,590
Colorado (SPS-2) 365 326,017 941
Delaware (SPS-1) 365 175,889 553
llinois (SPS-6) 365 821,809 2,340
Kansas (SPS-2) 365 456,881 1,309
Louisiana (SPS-1) 365 70,831 235
Maine (SPS-5) 365 172,333 503
Maryland (SPS-5) 365 124,474 450
Minnesota (SPS-5) 365 47,794 152
Pennsylvania (SPS-6) 365 1,458,818 4,098
Tennessee (SPS-6) 365 1,583,151 4,445
Virginia (SPS-1) 365 237,804 710
Wisconsin (SPS-1) 365 209,239 622

is very important to find the largest load cycles, because they
cause the major fatigue damage. Experimental studies showed
that there is a linear relationship between the magnitude of
load cycle and fatigue damage. S-N curves for fatigue load
tests show a log-log relationship between the cycle amplitude
and the number of cycles to failure. This relationship is reflected
in the Palmgren—Miner formula for equivalent load, shown as
Equations 5.13 and 5.14.

Recent WIM data provide much more complex and more
accurate information about measured trucks. The WIM data
include not only axle loads and spacing between axles, but
also truck speed and time of measurement with an accuracy
of 1 s. Using these data, the team simulated truck trafficon a
bridge for a 1-year period, and the time history of the bend-
ing moment was recorded. This allowed calculation of the
load effect due to the presence of multiple trucks. Calcula-
tions were carried out for span lengths from 30 to 200 ft. The
considered continuous bridges had two equal-length spans.
Examples of moment time histories for a single truck passage
are shown in Figure 5.26, Figure 5.27, and Figure 5.28.

5.4.4 Rainflow Cycle-Counting Method

The development of fatigue load models requires a collection
of the actual load time histories. The collected time histories
must be processed to obtain a usable form. In general, load
histories may be considered as either narrow-band or wide-
band processes, as shown in Figure 5.29. Narrow-band time
histories are characterized by an approximately constant period.
Wide-band time histories are characterized by a variable fre-
quency and random amplitude. For fatigue calculations, the
stress range is determined (i.e., the difference between peak
and valley).

Bending moment histories due to truck passages are wide
band. The cycles are irregular with variable frequencies and
amplitudes. Wide-band histories do not allow for simple
cycle counting. The Palmgren—Miner rule is applicable only
when the individual events are isolated, (i.e., narrow-band
time histories). Different counting procedures have been pro-
posed and used, all of which were studied and compared to
select the most efficient approach for this study. Only two
counting algorithms seemed to provide accurate results: rain-
flow and range pair (Dowling 1972). Rainflow counting was
used in this study.

A rainflow cycle-counting procedure was proposed for the
first time by Matsuishi and Endo in 1968. This method counts
the number of full reversal cycles, as well as partial cycles, and
their range amplitude for a given load time history. A full
reversal cycle occurs when the cycle range goes up to its peak
and back to the starting position. A partial cycle goes in only
one direction, from the valley to the peak or from the peak to
the valley.
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Figure 5.26. Bending moment time history for a single truck
passage on simple-supported bridges at middile of the span.
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Figure 5.28. Bending moment time history for a single truck
passage on continuous bridges at 0.4 of the span length.

The summary of the steps in rainflow cycle counting are as
follows:

1. Reduce the time history to a sequence of (tensile) peaks
and (compressive) troughs.
2. Imagine that the time history is a template for a rigid sheet
(pagoda roof).
3. Turn the sheet clockwise 90° (earliest time to the top).
4. Each tensile peak is imagined as a source of water that
“drips” down the pagoda.
5. Count the number of half-cycles by looking for termina-
tions in the flow occurring when
e It reaches the end of the time history (Figure 5.30,
Path 3-4-end or Path 4-5-7-9-11-end);
e It merges with a flow that started at an earlier tensile
peak; or
e It flows opposite a tensile peak of greater magnitude
(Figure 5.30, Path 5-6, 6-67, 8-8’, or 10-10").
6. Repeat Step 5 for compressive troughs.

Wide Band History

Stress, S

7. Assign a magnitude to each half-cycle equal to the stress
difference between its start and termination (Table 5.17).

8. Pair up half-cycles of identical magnitude to count the
number of complete cycles (Table 5.18). Typically, there
are some residual half-cycles (Downing and Socie 1982).

The moment time histories obtained from the truck traffic
simulation for each WIM site, span length, and case were pro-
cessed using the rainflow counting method. Total number of
cycles was divided by number of trucks in the database to get
an average number of load cycles per truck passage. The
results for the simple-span case are summarized in Table 5.19,
for the negative moment over the support in continuous
spans in Table 5.20, and for positive moment at 0.4 of the
span length in continuous bridges in Table 5.21. For simply
supported bridges, the number of cycles at the midspan was
2 to 2.5 cycles per truck passage for short spans; this value
dropped linearly to 1 cycle for a span length of about 100 ft.
Similarly, for continuous bridges at 0.4 of the span length, the

Narrow Band History

Stress, S

Time

Time

Figure 5.29. Wide-band versus narrow-band history.
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Figure 5.30. Rainflow counting diagram.

Table 5.17. Half-Cycles After Rainflow
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Counting
Positive Direction Negative Direction

Range Amplitude | Range Amplitude
1-2 2 2-3 3
3-4-end 4 4-5-7-9-11-end 6
5-6 1 6-6" 1
7-8 1 8-8’ 1
9-10 4 10-10 4
11-12 5 12-13 4
13-14 2 - -

Note: For range values, see Figure 5.30; — = no further negative

direction values.

Table 5.18. Load Cycles
After Rainflow Counting

Amplitude | No. of Cycles
1 2

2 1

3 0.5

4 2

5 0.5

6 0.5

Table 5.19. Total Number of Load Cycles and Average Number of Load Cycles per Truck Passage

for Simply Supported Bridges at the Midspan

No. of Cycles No. of Cycles per Truck
No. of

Site Vehicles 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90ft | 120 ft | 200 ft

Arizona 26,501 59,427.5 36,397 27,321 26,505 26,501 2.24 1.37 1.03 1.00 1.00
(SPS-1)

Arizona 1,391,098 | 3,667,719.5 | 2,632,482.5 | 1,650,818.0 | 1,407,468.0 | 1,397,629.5 | 2.64 1.89 1.19 1.01 1.00
(SPS-2)

Arkansas 1,642,334 | 4,216,668.5 | 3,108,866.5 | 1,983,249.5 | 1,667,856.0 | 1,640,182.5 | 2.57 | 1.89 | 1.21 1.02 1.00
(SPS-2)

Colorado 326,017 824,366.5 591,565.5 377,138.0 328,271.0 327,680.5 | 2.53 1.81 1.16 1.01 1.01
(SPS-2)

Delaware 175,889 391,173.0 272,989.0 184,061.0 176,696.5 175,664.5 | 2.22 1.55 1.05 1.00 1.00
(SPS-1)

Illinois 821,809 | 2,104,493.5 | 1,552,007.5 990,256.0 831,086.0 823,435.0 | 2.56 1.89 1.20 1.01 1.00
(SPS-6)

Kansas 456,881 | 1,182,596.0 839,726.0 542,967.5 460,973.5 459,671.5 | 2.59 1.84 1.19 1.01 1.01
(SPS-2)

Louisiana 70,831 162,679.5 113,121.5 74,619.5 70,947.0 70,838.0 | 2.30 1.60 1.05 1.00 1.00
(SPS-1)

Maine 172,333 417,837.5 294,010.5 185,121.0 173,174.0 172,727.0 | 2.42 1.71 1.07 1.00 1.00
(SPS-5)

(continued on next page)
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Table 5.19. Total Number of Load Cycles and Average Number of Load Cycles per Truck Passage
for Simply Supported Bridges at the Midspan (continued)

No. of Cycles No. of Cycles per Truck
No. of
Site Vehicles 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90ft | 120 ft | 200 ft
Maryland 124,474 271,233.5 186,120.0 129,968.0 124,930.5 124,482.0 | 2.18 | 1.50 | 1.04 1.00 1.00
(SPS-5)
Minnesota 47,794 96,065.0 68,750.0 48,829.0 47,798.0 47,752.0 | 2.01 1.44 | 1.02 1.00 1.00
(SPS-5)

Pennsylvania | 1,458,818 | 3,669,978.0 | 2,667,443.0 | 1,676,101.0 | 1,477,196.0 | 1,459,284.0 | 252 | 1.83 | 1.15 | 1.01 | 1.00
(SPS-6)

Tennessee 1,583,151 | 3,492,829.0 | 2,816,652.0 | 1,673,936.0 | 1,600,563.0 | 1,583,300.0 | 2.21 | 1.78 | 1.06 | 1.01 | 1.00
(SPS-6)

Virginia 237,804 563,467.5 416,252.5 260,806.0 239,251.0 238,315.0 | 237 | 1.75 | 1.10 1.01 1.00
(SPS-1)

Wisconsin 209,239 483,546.0 366,955.0 225,109.0 210,644.0 210,164.5 | 2.31 1.75 | 1.08 1.01 1.00
(SPS-1)

Table 5.20. Total Number of Load Cycles and Average Number of Load Cycles per Truck Passage
for Continuous Bridges at the Middle Support

No. of Cycles No. of Cycles per Truck
No. of
Site Vehicles 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona 26,501 65,563.5 64,115.5 69,703.5 65,402 58,905 247 | 242 | 2.63 2.47 2.22
(SPS-1)
Arizona 1,391,098 | 4,584,915.0 | 4,804,207.0 | 4,971,600.0 | 4,220,277.5 | 3,423,766.0 | 3.30 | 3.45 | 3.57 3.03 2.46
(SPS-2)
Arkansas 1,642,334 | 5,437,711.0 | 5,654,802.0 | 5,774,335.5 | 4,949,930.5 | 3,902,161.0 | 3.31 | 3.44 | 3.52 3.01 2.38
(SPS-2)
Colorado 326,017 | 1,020,374.5 989,200.0 | 1,100,728.5 983,802.0 767,937.0 | 3.13 | 3.03 | 3.38 3.02 2.36
(SPS-2)
Delaware 175,889 543,754.5 502,112.5 527,143.0 484,787.5 419,294.5 | 3.09 | 2.85 | 3.00 2.76 2.38
(SPS-1)
lllinois 821,809 | 2,716,902.0 | 2,768,327.0 | 2,836,337.0 | 2,489,643.5 | 1,987,891.5 | 3.31 | 3.37 | 3.45 3.03 2.42
(SPS-6)
Kansas 456,881 | 1,505,890.5 | 1,507,880.5 | 1,608,769.0 | 1,387,383.0 | 1,116,965.5 | 3.30 | 3.30 | 3.52 3.04 2.44
(SPS-2)
Louisiana 70,831 217,990.0 199,088.0 215,738.0 200,995.5 166,450.5 | 3.08 | 2.81 | 3.05 2.84 2.35
(SPS-1)
Maine 172,333 518,377.5 502,246.5 558,181.0 508,993.0 383,351.5 | 3.01 | 291 | 3.24 2.95 2.22
(SPS-5)
Maryland 124,474 397,197.5 346,614.5 376,056.5 342,106.5 290,348.0 | 3.19 | 2.78 | 3.02 2.75 2.33
(SPS-5)
Minnesota 47,794 135,741.0 131,289.0 139,940.0 123,124.0 107,837.0 | 2.84 | 2.75 | 2.93 2.58 2.26
(SPS-5)
Pennsylvania | 1,458,818 | 3,896,713.0 | 3,604,125.0 | 4,019,137.0 | 3,955,368.0 | 3,174,582.0 | 2.67 | 2.47 | 2.76 2.71 2.18
(SPS-6)
Tennessee 1,583,151 | 4,298,789.0 | 3,889,255.0 | 4,468,069.0 | 4,346,233.0 | 3,427,878.0 | 2.72 | 2.46 | 2.82 2.75 217
(SPS-6)
Virginia 237,804 743,162.0 716,559.5 770,125.5 700,670.5 561,742.5 | 3.13 | 3.01 | 3.24 2.95 2.36
(SPS-1)
Wisconsin 209,239 646,250.5 633,403.0 657,828.5 608,381.0 492,283.5 | 3.09 | 3.03 | 3.14 2.91 2.35
(SPS-1)




Table 5.21. Total Number of Load Cycles and Average Number of Load Cycles per Truck Passage

for Continuous Bridges at 0.4 of the Span Length
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No. of Cycles No. of Cycles per Truck
No. of
Site Vehicles 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90 ft | 120 ft | 200 ft
Arizona 26,501 68,688.0 39,328.0 29,363.0 27,695.0 26,509.0 | 2.59 | 1.48 | 1.11 1.05 1.00
(SPS-1)
Arizona 1,391,098 | 4,032,130.0 | 2,699,800.5 | 2,281,797.0 | 2,017,321.5 | 1,767,920.0 | 2.90 | 1.94 | 1.64 1.45 1.27
(SPS-2)
Arkansas 1,642,334 | 5,610,372.0 | 4,069,843.0 | 3,532,308.0 | 3,132,234.0 | 2,872,888.0 | 3.42 | 2.48 | 2.15 1.91 1.75
(SPS-2)
Colorado 326,017 885,651.0 617,440.5 458,136.5 410,761.5 385,205.5 | 2.72 | 1.89 | 1.41 1.26 1.18
(SPS-2)
Delaware 175,889 410,830.0 293,946.0 223,028.5 210,104.0 199,350.0 | 2.34 | 1.67 | 1.27 1.19 1.13
(SPS-1)
lllinois 821,809 | 2,304,196.0 | 1,579,655.0 | 1,313,036.5 | 1,118,188.0 | 1,037,709.5 | 2.80 | 1.92 | 1.60 1.36 1.26
(SPS-6)
Kansas 456,881 | 1,292,694.0 872,400.0 702,959.5 616,645.0 554,203.0 | 2.83 | 1.91 | 1.54 1.35 1.21
(SPS-2)
Louisiana 70,831 171,703.5 120,584.5 91,168.0 85,553.5 80,458.0 | 2.42 | 1.70 | 1.29 1.21 1.14
(SPS-1)
Maine 172,333 433,793.5 313,517.0 231,617.0 204,775.5 190,443.0 | 2.52 1.82 1.34 1.19 1.1
(SPS-5)
Maryland 124,474 279,856.5 200,955.5 155,882.5 143,168.0 138,347.5 | 225 | 1.61 | 1.25 1.15 1.11
(SPS-5)
Minnesota 47,794 123,298.0 70,383.5 59,891.5 52,727.5 48,5415 | 258 | 1.47 | 1.25 1.10 1.02
(SPS-5)
Pennsylvania | 1,458,818 | 3,992,907.0 | 2,784,565.0 | 2,243,835.5 | 1,943,551.0 | 1,756,756.0 | 2.74 | 1.91 | 1.54 1.33 1.20
(SPS-6)
Tennessee 1,583,151 | 4,590,126.0 | 2,929,061.5 | 2,273,958.5 | 1,888,805.5 | 1,651,117.5 | 2.90 | 1.85 | 1.44 1.19 1.04
(SPS-6)
Virginia 237,804 599,977.0 434,778.0 338,100.0 299,309.0 278,883.5 | 252 | 1.83 | 1.42 1.26 1.17
(SPS-1)
Wisconsin 209,239 516,843.0 376,098.5 298,936.5 267,981.0 246,176.0 | 2.47 | 1.80 | 1.43 1.28 1.18
(SPS-1)

number of cycles per truck was 2.3 to 3.5 for short spans,
which dropped to 1 to 1.5 cycles for a span length of about
100 ft. The results for negative moment over the support in
continuous bridges were 2.5 to 3.5 for short spans and about
2.5 for longer spans. More load cycles for short spans is caused
by groups of axles rather than whole trucks due to relatively
short spans compared with the vehicle length.

5.4.5 Fatigue Damage Accumulation
and Equivalent Fatigue Load

Because bridge structures are subjected to loads of different
magnitude and frequency occurring at different times, the
load can be considered as a randomly varying amplitude
load. The effect of such a loading can be accounted for by

applying a cumulative damage rule. Many rules have been
proposed. According to the Palmgren—Miner rule, which
seems to provide a reasonable means of accounting for ran-
dom variable loading, fatigue damage due to variable ampli-
tude loading is expressed by Equation 5.8:

n n n n n.
_1+_2+_3+...+ n 2 =1

= (5.8)
N, N, N, N, N,

where #;/N; is the incremental damage that results from the
stress range cycles with magnitude S; that occurs n; times
(Figure 5.31), and N; is the number of cycles to failure with a
constant amplitude equal to S; (Figure 5.32). Failure occurs

when the sum of the incremental damage equals or exceeds 1.
The tests of welded details (Fisher et al. 1983; Schilling et al.
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Figure 5.31. Number of cycles n, for stress range S.

1977) and Barsom’s crack growth studies (Rolfe and Barsom
1977) showed a good correlation with the Palmgren—Miner
rule assumptions.

Schilling et al. (1977) showed that the Palmgren—Miner
rule can be used to develop an equivalent constant amplitude
cyclic loading that produces the same fatigue damage as a
variable amplitude load for the same number of load cycles.
This theory is based on the exponential model of the stress
range-life relationship as given by Equation 5.9 (Fisher 1977):

N=AS™ (5.9

where
N =number of cycles to failure;
S = nominal stress range;
A =a constant for a given detail; and
n = slope constant.

The concept of fatigue design based on stress range alone was
adopted by AASHO in 1974 (Fisher et al. 1970, 1974). Equa-
tion 5.10 is obtained by substituting Equation 5.9 into Equa-
tion 5.8:

n.
—=1 5.10
e o

Stress range, S

Number of load cycles to failure, N

Figure 5.32. Number of load cycles to failure N, for
stress range S..

Substituting Equation 5.11 into Equation 5.10 yields

n,=p;Ny (5.1

Zpil\{T _ %21 (5.12)
AS" AS"

or S!=pS;

S, =42, pS! (5.13)

The exponent # for most structural metal details is about 3.
Equation 5.13 is often referred to as a root mean cube of the
stress distribution. The equivalent stress is a convenient con-
cept to be used for comparison of stress histograms obtained
using the rainflow counting method.

Because fatigue crack nucleation and further propagation
occur mostly at tensile stress conditions that are related to
bending moment, it is convenient to use the bending moment
formulation instead of the stress formulation for an equiva-
lent load. The bending moment formulation of Equation 5.13
is given by Equation 5.14:

M, =4 pM! (5.14)

where
M., = equivalent moment cycle load;
M; = incremental moment cycle; and
p; = probability of occurrence of M.

Calculation of the equivalent moment requires the prob-
ability of occurrence for each incremental moment M;. The
corresponding probability distribution functions (PDFs) of
the moment cycles for each site were calculated for spans
from 30 to 200 ft. As an example, the PDFs for moments cor-
responding to the FHWA WIM data from Arkansas (SPS-1)
are shown in Figure 5.33. The area under the curve represent-
ing the PDF for each span length is equal to 1.

The equivalent moment was calculated from moment
cycles obtained using rainflow counting. The equivalent load
was calculated for all considered WIM sites, a wide range of
span lengths between 30 and 200 ft, and three bridge configu-
rations. Next, the calculated equivalent moments were divided
by moment due to the AASHTO LRFD fatigue truck. Results
are summarized in Table 5.22 to Table 5.24. The results show
that the moment ratio is smaller for short spans.

5.4.6 Fatigue Limit State Il:
Fatigue Damage Ratio

Finite fatigue life depends on the number of load cycles dur-
ing the service life and their magnitude. According to the
AASHTO LRFD (2012) provisions, the number of load cycles
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during bridge service life (N) is calculated using Equa-
tion 6.6.1.2.5-3, shown here as Equation 5.15:
N =(365)(75n(ADTT ), (5.15)
where (ADTT)g, is a single lane of ADTT, and # is the number
of load cycles per truck taken from Table 5.25 [AASHTO
LRFD (2012, Table 6.6.1.2.5-2)].

The magnitude of load cycles is calculated as a stress due to
the HL-93 fatigue truck with the second axle spacing equal to
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30 ft. To compare fatigue damage due to design fatigue load and
actual fatigue load, it is convenient to remove the resistance part
from limit state Equations 5.16, 5.17,and 5.18 [AASHTO LRFD
(2012, Equations 6.6.1.2.5-1 and 6.6.1.2.5-2)]:

Y(Af)<(AF), (5.16)
(AF),= i/% (5.17)
Y(Af)Si/% (5.18)

where
v =load factor;

Af=force effect (i.e., live load stress range due to the pas-
sage of a fatigue truck);

A =resistance constant that depends on the class of the
structural detail; and

N =number of load cycles during the service life calcu-
lated according to Equation 5.15.

Stress due to truck passage is calculated according to Equa-

tion 5.19:
Af =M/S (5.19)

where S is section modulus and M is moment due to truck
passage.

Table 5.22. Equivalent Moments for Simply Supported Bridges at the Midspan

Equivalent Moment/HL-93
Equivalent Moment (kip-ft) Fatigue Moment
No. of
Site Vehicles 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | 151.63 | 426.18 | 889.67 | 1,362.17 | 2,593.90 | 0.62 | 0.78 | 0.82 | 0.84 0.85
Arizona (SPS-2) 1,391,098 | 145.82 | 357.81 | 790.59 | 1,316.93 | 2,601.01 | 0.60 | 0.66 | 0.73 | 0.81 0.85
Arkansas (SPS-2) 1,642,334 | 146.25 | 354.83 | 770.41 | 1,290.54 | 2,554.63 | 0.60 | 0.65 | 0.71 0.79 0.83
Colorado (SPS-2) 326,017 | 132.61 | 325.49 | 713.45 | 1,173.08 | 2,311.31 | 0.54 | 0.60 | 0.66 | 0.72 0.75
Delaware (SPS-1) 175,889 | 155.16 | 400.92 | 831.01 | 1,270.55 | 2,424.36 | 0.64 | 0.74 | 0.77 | 0.78 0.79
lllinois (SPS-6) 821,809 | 146.48 | 354.91 | 762.76 | 1,279.33 | 2,532.79 | 0.60 | 0.65 | 0.70 | 0.79 0.83
Kansas (SPS-2) 456,881 | 141.00 | 355.18 | 767.58 | 1,277.57 | 2,524.67 | 0.58 | 0.65 | 0.71 0.79 0.82
Louisiana (SPS-1) 70,831 | 142.42 | 363.30 | 775.00 | 1,202.37 | 2,318.98 | 0.58 | 0.67 | 0.72 | 0.74 0.76
Maine (SPS-5) 172,333 | 129.72 | 328.38 | 707.39 | 1,126.24 | 2,206.36 | 0.53 | 0.60 | 0.65 | 0.69 0.72
Maryland (SPS-5) 124,474 | 132.44 | 335.88 | 675.87 | 1,033.81 | 1,982.63 | 0.54 | 0.62 | 0.62 | 0.64 0.65
Minnesota (SPS-5) 47,794 | 142.39 | 353.48 | 731.81 | 1,138.96 | 2,219.99 | 0.58 | 0.65 | 0.68 | 0.70 0.72
Pennsylvania (SPS-6) | 1,458,818 | 151.46 | 363.23 | 777.74 | 1,259.78 | 2,468.70 | 0.62 | 0.67 | 0.72 | 0.78 0.81
Tennessee (SPS-6) 1,583,151 | 153.14 | 351.05 | 772.72 | 1,227.46 | 2,417.64 | 0.63 | 0.65 | 0.71 0.76 0.79
Virginia (SPS-1) 237,804 | 140.35 | 344.56 | 749.93 | 1,202.76 | 2,356.27 | 0.58 | 0.63 | 0.69 | 0.74 0.77
Wisconsin (SPS-1) 209,239 | 142.47 | 360.19 | 772.69 | 1,213.03 | 2,349.64 | 0.58 | 0.66 | 0.71 0.75 0.77
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Table 5.23. Equivalent Moments for Continuous Bridges at the Middle Support

Equivalent Moment (kip-ft)

Equivalent Moment/HL-93

Fatigue Moment

Site V:I:’i.ccl)(:s 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | -96.91 | -212.79 | -314.01 | —483.56 | —960.50 | 0.53 | 0.59 | 0.59 0.63 0.72
Arizona (SPS-2) 1,391,098 | -89.91 | -221.06 | —296.65 | —454.32 | -975.62 | 0.49 | 0.61 | 0.56 0.60 0.73
Arkansas (SPS-2) 1,642,334 | -87.98 | —-219.14 | -294.68 | -450.44 | -998.99 | 0.48 | 0.61 | 0.56 0.59 0.74
Colorado (SPS-2) 326,017 | -82.94 | —203.52 | —268.50 | —407.76 | —844.78 | 0.45 | 0.56 | 0.51 0.54 0.63
Delaware (SPS-1) 175,889 | —90.38 | —-214.99 | -299.91 | -451.62 | -896.29 | 0.49 | 0.60 | 0.57 0.59 0.67
llinois (SPS-6) 821,809 | -87.55 | —219.79 | —295.45 | —444.61 | -964.62 | 0.48 | 0.61 | 0.56 0.58 0.72
Kansas (SPS-2) 456,881 | -85.97 | -216.73 | —290.84 | —439.49 | -916.36 | 0.47 | 0.60 | 0.55 0.58 0.68
Louisiana (SPS-1) 70,831 | -86.45 | —205.76 | —280.85 | —423.51 | -858.73 | 0.47 | 0.57 | 0.53 0.56 0.64
Maine (SPS-5) 172,333 | —79.39 | -198.30 | —262.39 | -393.39 | -825.92 | 0.43 | 0.55 | 0.50 0.52 0.62
Maryland (SPS-5) 124,474 | —79.35 | —192.49 | -263.24 | —-403.19 | -814.86 | 0.43 | 0.53 | 0.50 0.53 0.61
Minnesota (SPS-5) 47,794 | -79.86 | -201.32 | -270.79 | -405.61 | -814.03 | 0.43 | 0.56 | 0.51 0.53 0.61
Pennsylvania (SPS-6) | 1,458,818 | —90.89 | -235.11 | -310.77 | —-449.583 | -974.43 | 0.49 | 0.65 | 0.59 0.59 0.73
Tennessee (SPS-6) 1,683,151 | -87.39 | -231.37 | -300.99 | -436.22 | -961.13 | 0.48 | 0.64 | 0.57 0.57 0.72
Virginia (SPS-1) 237,804 | -84.56 | —208.61 | —278.84 | —418.94 | —868.36 | 0.46 | 0.58 | 0.53 0.55 0.65
Wisconsin (SPS-1) 209,239 | -83.68 | —206.92 | —285.18 | —422.87 | —860.95 | 0.45 | 0.57 | 0.54 0.56 0.64

Table 5.24. Equivalent Moments for Continuous Bridges at 0.4 of the Span Length

Equivalent Moment (kip-ft)

Equivalent Moment/HL-93

Fatigue Moment

Site V::l)i-c:l);s 30 ft 60 ft 90 ft 120 ft 200 ft 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | 134.25 | 413.51 | 838.11 | 1,291.21 | 2,503.65 | 0.55 | 0.71 | 0.76 0.80 0.83
Arizona (SPS-2) 1,391,098 | 133.46 | 349.66 | 663.89 | 1,096.11 | 2,282.14 | 0.54 | 0.60 | 0.60 0.68 0.75
Arkansas (SPS-2) 1,642,334 | 122.64 | 272.45 | 540.68 899.92 | 1,881.91 | 0.50 | 0.47 | 0.49 0.55 0.62
Colorado (SPS-2) 326,017 | 121.69 | 317.11 | 634.34 | 1,032.34 | 2,101.21 | 0.49 | 0.54 | 0.58 0.64 0.69
Delaware (SPS-1) 175,889 | 144.84 | 386.50 | 743.25 | 1,143.10 | 2,230.39 | 0.59 | 0.66 | 0.68 0.70 0.74
llinois (SPS-6) 821,809 | 135.47 | 345.78 | 657.19 | 1,091.43 | 2,222.58 | 0.55 | 0.59 | 0.60 0.67 0.73
Kansas (SPS-2) 456,881 | 129.86 | 342.26 | 665.25 | 1,095.22 | 2,272.29 | 0.53 | 0.58 | 0.61 0.68 0.75
Louisiana (SPS-1) 70,831 | 131.42 | 353.55 | 691.10 | 1,076.33 | 2,130.97 | 0.53 | 0.60 | 0.63 0.66 0.70
Maine (SPS-5) 172,333 | 121.26 | 312.87 | 618.65 | 1,008.24 | 2,050.51 | 0.49 | 0.58 | 0.56 0.62 0.68
Maryland (SPS-5) 124,474 | 126.68 | 339.42 | 654.83 | 1,023.41 | 1,994.36 | 0.52 | 0.58 | 0.60 0.63 0.66
Minnesota (SPS-5) 47,794 | 120.71 | 344.34 | 655.63 | 1,054.97 | 2,132.90 | 0.49 | 0.59 | 0.60 0.65 0.70
Pennsylvania (SPS-6) | 1,458,818 | 135.74 | 352.48 | 668.88 | 1,087.55 | 2,204.49 | 0.55 | 0.60 | 0.61 0.67 0.73
Tennessee (SPS-6) 1,583,151 | 128.44 | 339.17 | 665.81 | 1,104.94 | 2,275.40 | 0.52 | 0.58 | 0.61 0.68 0.75
Virginia (SPS-1) 237,804 | 130.01 | 334.69 | 649.10 | 1,055.60 | 2,142.89 | 0.53 | 0.57 | 0.59 0.65 0.71
Wisconsin (SPS-1) 209,239 | 133.10 | 349.47 | 666.43 | 1,061.17 | 2,138.88 | 0.54 | 0.60 | 0.61 0.65 0.71




Table 5.25. Number of Cycles per Truck
Passage (n) for AASHTO Fatigue Design

n
Span Span
Length | Length
Longitudinal Members >40 ft <40 ft
Simple-span girders 1.0 2.0
Continuous girders | Near interior support 1.5 2.0
Elsewhere 1.0 2.0

To calculate the ratio of fatigue damage caused by the
actual fatigue load and design fatigue load, the load factor has
to be removed from Equation 5.18. From Equations 5.18 and
5.19, it is possible to calculate the ratio of fatigue damage due
to the actual load and fatigue damage due to design load by
using Equation 5.20:

Boundary of Actual Boundary of Code
Fatigue Damage Fatigue Damage
M
S—H =3 i SM —3 é
S N, N N
where where
M., = equivalent moment M = moment due to
from Miner’s Rule; fatigue design truck;
A= resistance constant; A =resistance constant;
and and

N =actual number of

N = number of cycles

cycles. (from Equation 5.15).
1=3 i & S 1=3 A ® i
R M N M

[N, M,
7\.=3FR*VCI (520)

A is the ratio of the fatigue damage due to the actual fatigue
load to the fatigue damage due to the design fatigue load.
Because resistance was removed from Equation 5.20, the
fatigue damage ratio is the same regardless of the bridge com-
ponent or detail class.
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The fatigue damage ratio was calculated according to the
current AASHTO LRFD provisions for each WIM site, span
length, and case. Results are summarized in Table 5.27 to
Table 5.29 in the column labeled Fatigue Damage Ratio (cur-
rent). The fatigue damage ratio is smaller for shorter spans.
The difference between short and longer spans is due to dif-
ferent code provisions for short spans with a given number of
load cycles per truck passage (see Table 5.25). For short spans,
a truck causes more load cycles than for longer spans. How-
ever, it is balanced by a smaller moment ratio (equivalent
moment/HL-93 fatigue truck moment) for short spans. If the
number of load cycles due to a truck passage were equal for
all spans, as shown in Table 5.26, then the resulting fatigue
damage ratio would be more uniform.

The fatigue damage ratio for the proposed fatigue design
was calculated for each WIM site, span length, and case. The
results are summarized in Table 5.27 to Table 5.29 in the col-
umn labeled Fatigue Damage Ratio (proposed). For simply
supported bridges at midspan and continuous bridges at 0.4
of the span length, the results are very uniform for all span
lengths. At the middle support of continuous bridges, the
difference between short and longer spans is reduced by
about 10%.

Because fatigue resistance depends on structural detail and
material characteristics but not on span length, the variation in
fatigue load due to span length produces a variation in reli-
ability indices. The design parameters proposed in Section 5.4.9
eliminate this problem.

5.4.7 Fatigue Limit State I: Maximum
Moment Range Ratio

Fatigue Limit State I is related to an infinite load-induced
fatigue life. The fatigue load in this limit state reflects the load
levels found to be representative of the maximum stress range
of the truck population for an infinite fatigue life design
(AASHTO LRFD 2012).In other words, if the majority of stress
cycles are below a threshold magnitude [(AF)y], then failure
will require so many load cycles that the considered detail will
have an infinite fatigue life. (A F)1y is a boundary between the
finite and infinite fatigue life, as shown in Figure 5.34.

Table 5.26. Number of Cycles per
Truck Passage (n) for Proposed

Fatigue Design
Longitudinal Members n
Simple-span girders 1.0

Continuous girders | Near interior support | 1.5

Elsewhere 1.0
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Table 5.27. Fatigue Damage Ratios for Simply Supported Bridges at the Midspan

Fatigue Damage Ratio (current)

Fatigue Damage Ratio (proposed)

Site V:I'?i.c‘l);s 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120ft | 200 ft
Arizona (SPS-1) 26,501 | 0.65 | 0.87 | 0.83 0.84 0.85 0.81 | 0.87 | 0.83 0.84 0.85
Arizona (SPS-2) 1,391,098 | 0.66 | 0.81 | 0.77 0.81 0.85 0.83 | 0.81 | 0.77 0.81 0.85
Arkansas (SPS-2) 1,642,334 | 0.65 | 0.81 | 0.76 | 0.80 0.83 0.82 | 0.81 | 0.76 0.80 0.83
Colorado (SPS-2) 326,017 | 0.59 | 0.73 | 0.69 0.72 0.76 0.74 | 0.73 | 0.69 0.72 0.76
Delaware (SPS-1) 175,889 | 0.66 | 0.85 | 0.78 0.78 0.79 0.83 | 0.85 | 0.78 0.78 0.79
lllinois (SPS-6) 821,809 | 0.65 | 0.81 | 0.75 0.79 0.83 0.82 | 0.81 | 0.75 0.79 0.83
Kansas (SPS-2) 456,881 | 0.63 | 0.80 | 0.75 0.79 0.83 0.79 | 0.80 | 0.75 0.79 0.83
Louisiana (SPS-1) 70,831 | 0.61 | 0.78 | 0.73 0.74 0.76 | 0.77 | 0.78 | 0.73 0.74 0.76
Maine (SPS-5) 172,333 | 0.57 | 0.72 | 0.67 0.69 0.72 0.71 | 0.72 | 0.67 0.69 0.72
Maryland (SPS-5) 124,474 | 0.56 | 0.71 | 0.63 0.64 0.65 0.70 | 0.71 | 0.63 0.64 0.65
Minnesota (SPS-5) 47,794 | 0.58 | 0.73 | 0.68 0.70 0.72 0.74 | 0.73 | 0.68 0.70 0.72
Pennsylvania (SPS-6) | 1,458,818 | 0.67 | 0.82 | 0.75 0.78 0.81 0.84 | 0.82 | 0.75 0.78 0.81
Tennessee (SPS-6) 1,583,151 | 0.65 | 0.78 | 0.73 0.76 0.79 0.82 | 0.78 | 0.73 0.76 0.79
Virginia (SPS-1) 237,804 | 0.61 | 0.76 | 0.71 0.74 0.77 0.77 | 0.76 | 0.71 0.74 0.77
Wisconsin (SPS-1) 209,239 | 0.61 | 0.80 | 0.73 0.75 0.77 0.77 | 0.80 | 0.73 0.75 0.77

Table 5.28. Fatigue Damage Ratios for Continuous Bridges at the Middle Support

Fatigue Damage Ratio (current)

Fatigue Damage Ratio (proposed)

Site V:I?i.ctl)(:s 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | 0.57 | 0.69 | 0.71 0.75 0.82 0.62 | 0.69 | 0.71 0.75 0.82
Arizona (SPS-2) 1,391,098 | 0.58 | 0.81 | 0.75 0.75 0.86 0.64 | 0.81 | 0.75 0.75 0.86
Arkansas (SPS-2) 1,642,334 | 0.57 | 0.80 | 0.74 | 0.75 0.87 0.62 | 0.80 | 0.74 0.75 0.87
Colorado (SPS-2) 326,017 | 0.52 | 0.71 | 0.66 | 0.68 0.73 0.58 | 0.71 | 0.66 0.68 0.73
Delaware (SPS-1) 175,889 | 0.57 | 0.74 | 0.71 0.73 0.78 0.63 | 0.74 | 0.71 0.73 0.78
lllinois (SPS-6) 821,809 | 0.56 | 0.80 | 0.74 0.74 0.84 0.62 | 0.80 | 0.74 0.74 0.84
Kansas (SPS-2) 456,881 | 0.55 | 0.78 | 0.73 0.73 0.80 0.61 | 0.78 | 0.73 0.73 0.80
Louisiana (SPS-1) 70,831 | 0.54 | 0.70 | 0.67 0.69 0.74 | 0.60 | 0.70 | 0.67 0.69 0.74
Maine (SPS-5) 172,333 | 0.49 | 0.69 | 0.64 0.65 0.70 | 0.54 | 0.69 | 0.64 0.65 0.70
Maryland (SPS-5) 124,474 | 0.50 | 0.66 | 0.63 0.65 0.70 0.55 | 0.66 | 0.63 0.65 0.70
Minnesota (SPS-5) 47,794 | 0.49 | 0.68 | 0.64 0.64 0.70 0.54 | 0.68 | 0.64 0.64 0.70
Pennsylvania (SPS-6) | 1,458,818 | 0.54 | 0.77 | 0.72 0.72 0.82 0.60 | 0.77 | 0.72 0.72 0.82
Tennessee (SPS-6) 1,583,151 | 0.53 | 0.76 | 0.70 0.70 0.81 0.58 | 0.76 | 0.70 | 0.70 0.81
Virginia (SPS-1) 237,804 | 0.53 | 0.73 | 0.68 0.69 0.75 0.59 | 0.73 | 0.68 0.69 0.75
Wisconsin (SPS-1) 209,239 | 0.53 | 0.73 | 0.69 0.69 0.75 0.58 | 0.73 | 0.69 0.69 0.75




Table 5.29. Fatigue Damage Ratios for Continuous Bridges at 0.4 of the Span Length

Fatigue Damage Ratio (current) Fatigue Damage Ratio (proposed)
Site V:I?i.ccl);s 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90 ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | 0.60 | 0.81 | 0.79 | 0.81 0.83 | 0.75 | 0.81 | 0.79 | 0.81 0.83
Arizona (SPS-2) 1,391,098 | 0.61 | 0.75 | 0.71 0.76 0.82 | 0.77 | 0.75 | 0.71 0.76 0.82
Arkansas (SPS-2) 1,642,334 | 0.60 | 0.63 | 0.64 | 0.69 0.75 | 0.75 | 0.63 | 0.64 | 0.69 0.75
Colorado (SPS-2) 326,017 | 0.55 | 0.67 | 0.65 | 0.69 0.73 | 0.69 | 0.67 | 0.65 | 0.69 0.73
Delaware (SPS-1) 175,889 | 0.62 | 0.78 | 0.73 | 0.75 0.77 | 0.78 | 0.78 | 0.73 | 0.75 0.77
llinois (SPS-6) 821,809 | 0.62 | 0.73 | 0.70 | 0.75 0.79 | 0.78 | 0.73 | 0.70 | 0.75 0.79
Kansas (SPS-2) 456,881 | 059 | 0.73 | 0.70 | 0.75 0.80 | 0.75 | 0.73 | 0.70 | 0.75 0.80
Louisiana (SPS-1) 70,831 | 0.57 | 0.72 | 0.68 | 0.71 0.73 | 0.72 | 0.72 | 0.68 | 0.71 0.73
Maine (SPS-5) 172,333 | 0.53 | 0.65 | 0.62 | 0.66 0.70 | 0.67 | 0.65 | 0.62 | 0.66 0.70
Maryland (SPS-5) 124,474 | 0.54 | 0.68 | 0.64 | 0.66 0.68 | 0.67 | 0.68 | 0.64 | 0.66 0.68
Minnesota (SPS-5) 47,794 | 0.53 | 0.67 | 0.64 | 0.67 0.71 0.67 | 0.67 | 0.64 | 0.67 0.71
Pennsylvania (SPS-6) | 1,458,818 | 0.61 0.75 | 0.70 0.74 0.77 0.77 | 0.75 | 0.70 0.74 0.77
Tennessee (SPS-6) 1,683,151 | 0.59 | 0.71 | 0.68 | 0.72 0.76 | 0.74 | 0.71 | 0.68 | 0.72 0.76
Virginia (SPS-1) 237,804 | 0.57 | 0.70 | 0.66 | 0.70 0.75 | 0.72 | 0.70 | 0.66 | 0.70 0.75
Wisconsin (SPS-1) 209,239 | 0.58 | 0.73 | 0.68 | 0.71 0.75 | 0.73 | 0.73 | 0.68 | 0.71 0.75
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Fatigue Limit State I refers to the stress value that has
1/10,000 probability of being exceeded. It is assumed that the
distribution of stress has the same CDF shape as that of the
corresponding moments. Thus, the fatigue load analysis is
performed using the developed CDFs for moments for vari-
ous considered sites, cases, and spans from 30 to 200 ft. The
moment corresponding to the upper 0.01% is determined as
a percentile corresponding to the probability of 0.9999, or 3.8
on the vertical axis in Figure 5.35. This moment represents
the maximum stress range corresponding to an unlimited
fatigue life. For example, for the WIM data from Arkansas
(SPS-1), the moment for span of 120 ft corresponding to the
upper 0.01% is 2,505.5 kip-ft (Figure 5.35).

Resistance, R

Finite Fatigue Life
(AF)m

NS

Stress range (log scale)

Infinite Fatigue Life

Number of load cycles to failure (log scale)

Figure 5.34. The threshold stress (AF):; on an
S-N curve.

The calculations were performed for the considered loca-
tions, cases, and span lengths. The obtained values of moment
were divided by the corresponding AASHTO fatigue truck
moment. The results are summarized in Table 5.30 to Table 5.32.

5.4.8 Statistical Parameters
of Fatigue Live Load

The objective was to determine the statistical parameters of
fatigue load that can be considered as representative for the
national load. The statistical parameters will be different for
the maximum and equivalent fatigue load specified for
Fatigue Limit States I and II, respectively. The ratios of the
1/10,000 moment to the HL-93 fatigue moment were plotted
on normal probability paper and are shown in Figure 5.36 to
Figure 5.38, and the proposed fatigue damage ratios are
shown in Figure 5.39 to Figure 5.41. Each point on the graphs
represents one of 15 sites considered.

To determine the statistical parameters from the graphs, a
straight line was fitted for each distribution. A straight line cor-
responds to a normal distribution on the normal probability
paper. The intersection of the straight line with the horizontal
axis is at the mean value. The standard deviation is determined
from the slope of the straight line. The statistical parameters of
fatigue load (i.e., mean, p, and CV), based on data from 15 con-
sidered sites, were calculated as the ratio of standard deviation
(o) and the mean and are listed in Table 5.33 and Table 5.34.

(text continues on page 142)
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Table 5.30. Maximum Moment Range for Simply Supported Bridges at the Midspan

1/10,000 Moment/HL-93
1/10,000 Moment Cycle Fatigue Moment
No. of
Site Vehicles | 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 424 | 1,008 | 1,761 | 2,754 | 5,640 | 1.74 | 1.84 | 1.63 1.70 1.84
Arizona (SPS-2) 1,391,098 308 765 | 1,416 | 2,246 | 4,711 1.26 | 1.41 1.31 1.38 1.54
Arkansas (SPS-2) 1,642,334 | 352 860 | 1,526 | 2,460 | 5,066 | 1.44 | 1.58 | 1.41 1.52 1.65
Colorado (SPS-2) 326,017 | 336 814 | 1,497 | 2,409 | 4,854 | 1.38 | 1.50 | 1.38 1.48 1.58
Delaware (SPS-1) 175,889 | 454 | 1,257 | 2,302 | 3,212 | 5,735 | 1.86 | 2.31 | 2.12 1.98 1.87
lllinois (SPS-6) 821,809 | 350 844 | 1,480 | 2,408 | 5,033 | 1.43 | 1.55 | 1.37 1.48 1.64
Kansas (SPS-2) 456,881 411 1,018 | 1,989 | 3,112 | 6,083 169 | 1.87 | 1.84 1.92 1.99
Louisiana (SPS-1) 70,831 460 | 1,237 | 2,126 | 3,332 | 6,616 | 1.89 | 2.27 | 1.96 2.05 2.16
Maine (SPS-5) 172,333 | 397 964 | 1,722 | 2,726 | 5549 | 1.63 | 1.77 | 1.59 1.68 1.81
Maryland (SPS-5) 124,474 | 412 | 1,038 | 1,802 | 2,599 | 5,061 1.69 | 1.91 1.66 1.60 1.65
Minnesota (SPS-5) 47,794 392 1,111 | 2,220 | 3,316 | 6,225 1.61 2.04 | 2.05 2.04 2.03
Pennsylvania (SPS-6) | 1,458,818 | 402 | 1,003 | 1,730 | 2,623 | 5,291 165 | 1.84 | 1.60 1.62 1.73
Tennessee (SPS-6) 1,583,151 419 | 1,020 | 1,652 | 2,387 | 4,906 | 1.72 | 1.88 | 1.52 1.47 1.60
Virginia (SPS-1) 237,804 | 369 946 | 1,709 | 2,562 | 5,055 | 1.51 1.74 | 1.58 1.58 1.65
Wisconsin (SPS-1) 209,239 | 393 968 | 1,712 | 2,717 | 5,396 | 1.61 1.78 | 1.58 1.67 1.76




135

Table 5.31. Maximum Moment Range for Continuous Bridges at the Middle Support

1/10,000 Moment/HL-93 Fatigue
1/10,000 Moment Cycle Moment
No. of
Site Vehicles | 30ft | 60 ft 90 ft 120ft | 200ft | 30ft | 60ft | 90 ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | —266 | -701 | -1,026 | —-1,608 | -3,089 | 1.45 | 1.95 | 1.94 | 2.11 2.30
Arizona (SPS-2) 1,391,098 | -211 | -549 -968 | -1,526 | -3,019 | 1.15 | 1.52 | 1.83 | 2.00 2.25
Arkansas (SPS-2) 1,642,334 | 213 | -643 -995 | 1,522 | -3,187 | 1.16 | 1.78 | 1.88 | 2.00 2.38
Colorado (SPS-2) 326,017 | -231 | -579 -877 | 1,312 | 2,813 | 1.25 | 1.61 | 1.66 | 1.72 2.10
Delaware (SPS-1) 175,889 | —248 | -650 | —-1,173 | -1,643 | -3,303 | 1.35 | 1.80 | 2.21 2.16 2.46
lllinois (SPS-6) 821,809 | —207 | —640 | -1,005 | -1,506 | -3,093 | 1.13 | 1.78 | 1.90 | 1.98 2.31
Kansas (SPS-2) 456,881 | —294 | —-755 | —-1,015 | -1,469 | -2,937 | 1.60 | 2.10 | 1.92 | 1.93 2.19
Louisiana (SPS-1) 70,831 | -278 | -815 | -1,128 | 1,539 | -3,255 | 1.51 | 2.26 | 2.13 | 2.02 2.43
Maine (SPS-5) 172,333 | —251 | —-694 -970 | -1,418 | 2,967 | 1.37 | 1.93 | 1.83 | 1.86 2.21
Maryland (SPS-5) 124,474 | —240 | -592 | -1,049 | -1,564 | -3,281 | 1.31 | 1.64 | 1.98 | 2.05 2.45
Minnesota (SPS-5) 47,794 | —292 | 695 | -1,034 | —1,487 | -2,753 | 1.59 | 193 | 1.95 | 1.95 2.05
Pennsylvania (SPS-6) | 1,458,818 | -245 | -638 | -1,067 | —-1,588 | -3,131 133 | 1.77 | 2.01 2.09 2.33
Tennessee (SPS-6) 1,583,151 | -222 | -628 | 1,025 | -1,559 | -2,977 | 1.21 | 1.74 | 1.93 | 2.05 2.22
Virginia (SPS-1) 237,804 | —223 | —603 -973 | -1,477 | 3,010 | 1.21 | 1.67 | 1.84 | 1.94 2.24
Wisconsin (SPS-1) 209,239 | -250 | -671 -953 | -1,394 | 2,802 | 1.36 | 1.86 | 1.80 | 1.83 2.16

Table 5.32. Maximum Moment Range for Continuous Bridges at 0.4 of the Span Length

1/10,000 Moment/HL-93
1/10,000 Moment Cycle Fatigue Moment
No. of
Site Vehicles | 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120 ft | 200 ft
Arizona (SPS-1) 26,501 | 399 976 | 1,764 | 2,769 | 5542 | 1.62 | 1.67 | 1.61 1.71 1.83
Arizona (SPS-2) 1,391,098 | 293 761 | 1,431 | 2,228 | 4,636 | 1.19 | 1.30 | 1.30 | 1.37 1.53
Arkansas (SPS-2) 1,642,334 | 338 849 | 1,527 | 2,416 | 4914 | 1.37 | 1.45 | 1.39 1.49 1.62
Colorado (SPS-2) 326,017 | 319 805 | 1,528 | 2,428 | 4,857 | 1.30 | 1.38 | 1.39 1.50 1.60
Delaware (SPS-1) 175,889 | 439 | 1,279 | 2,243 | 3,141 | 5635 | 1.78 | 2.19 | 2.04 1.94 1.86
llinois (SPS-6) 821,809 | 334 814 | 1,508 | 2,399 | 4,893 | 1.36 | 1.39 | 1.37 1.48 1.61
Kansas (SPS-2) 456,881 | 394 | 1,049 | 1,983 | 3,088 | 5988 | 1.60 | 1.79 | 1.81 1.90 1.98
Louisiana (SPS-1) 70,831 | 458 | 1,126 | 2,174 | 3,349 | 6,486 | 1.86 | 1.92 | 1.98 | 2.06 2.14
Maine (SPS-5) 172,333 | 377 937 | 1,811 | 2,768 | 5,525 | 1.53 | 1.60 | 1.65 1.71 1.82
Maryland (SPS-5) 124,474 | 406 | 1,036 | 1,817 | 2,618 | 4,941 | 165 | 1.77 | 1.65 1.61 1.63
Minnesota (SPS-5) 47,794 | 382 | 1,142 | 2,134 | 3,223 | 6,065 | 1.55 | 1.95 | 1.94 1.99 2.00
Pennsylvania (SPS-6) | 1,458,818 | 395 1,020 | 1,726 | 2,608 | 5,243 | 1.61 1.74 | 1.57 1.61 1.73
Tennessee (SPS-6) 1,583,151 | 416 | 1,012 | 1,636 | 2,379 | 4,868 | 1.69 | 1.73 | 1.49 1.47 1.61
Virginia (SPS-1) 237,804 | 356 955 | 1,704 | 2,509 | 4,947 | 1.45 | 1.63 | 1.55 1.55 1.63
Wisconsin (SPS-1) 209,239 | 375 958 | 1,705 | 2,662 | 5326 | 1.53 | 1.64 | 1.55 1.64 1.76
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Simple Supported - Mid-span
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Figure 5.36. Maximum moment range ratio (Fatigue Limit State I)

for simple-supported bridges at the midspan.
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for continuous bridges at the middle support.
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Simple Supported - Mid-span
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Figure 5.39. Fatigue damage ratio for proposed change (Fatigue

Limit State Il) for simple-supported bridges at the midspan.
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Continuous - Middle Support
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Figure 5.41. Fatigue damage ratio for proposed change (Fatigue
Limit State Il) for continuous bridges at 0.4 of the span length.
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Table 5.33. Maximum Moment Range Ratio
for Fatigue Limit State |

Bridge Type Span (ft) | Mean | Mean + 1.5¢ | CV
Simple-supported 30 1.60 1.90 0.13
midspan 60 | 1.83 2.24 0.15
90 1.60 1.96 0.15
120 1.64 1.88 0.10
200 1.70 2.15 0.18
Continuous middle 30 1.35 1.61 0.13
support 60 | 1.81 213 0.12
90 1.92 2.18 0.09
120 1.97 2.17 0.07
200 2.27 2.47 0.06
Continuous 0.4 of 30 1.54 1.86 0.14
the span length 60 | 1.67 2.06 0.16
90 1.60 1.92 0.13
120 1.65 1.97 0.13
200 1.72 2.11 0.15

Table 5.34. Proposed Fatigue Damage Ratio

for Fatigue Limit State Il

Bridge Type Span (ft) | Mean | Mean + 1.5¢ | CV
Simple-supported 30 0.79 0.87 0.07
midspan 60 0.78 0.86 0.06
90 0.73 0.81 0.07
120 0.76 0.84 0.07
200 0.78 0.86 0.07
Continuous middle 30 0.59 0.65 0.07
support 60 0.74 0.82 0.07
90 0.69 0.77 0.07
120 0.71 0.78 0.06
200 0.79 0.87 0.07
Continuous 0.4 of 30 0.73 0.81 0.07
the span length 60 | 0.72 0.80 0.07
90 0.68 0.75 0.07
120 0.72 0.79 0.06
200 0.76 0.84 0.07

(continued from page 133)

It is assumed that the considered 15 WIM locations are rep-
resentative of the truck traffic in the United States. For the pur-
pose of further reliability analysis, it is recommended to assume
that the mean fatigue load is equal to the mean for the 15 WIM
locations plus 1.5 standard deviations (1.5 6). The probability
of exceeding this value is about 5%, and as Figure 5.42 shows,
95% of sites in the United States are below this value. The
moment ratios corresponding to the mean plus 1.5 standard
deviations are also listed in Table 5.33 and Table 5.34.

The statistical parameters were calculated for all consid-
ered cases and span length.

5.4.9 Recommendations

Use of the proposed number of cycles of stress range per
truck shown in Table 5.26 resulted in the relatively tightly clus-
tered moment range ratios shown in Table 5.33 and Table 5.34
for the Fatigue II and Fatigue I limit states, respectively. As
with other live load recommendations in this report, the val-
ues to be considered for calibration are the moment ratios at
the “mean plus 1.5 standard deviations” and the CVs. For sim-
plicity, the recommended values for the calibration of the
fatigue limit states are further simplified into single values
independent of span length as follows:

e For Fatigue I, use stress ranges (loads) based on 2.0 HL-93
anda CV=0.12.

e For Fatigue II, use stress ranges (loads) based on 0.80
HL-93 and a CV =0.07.

The corresponding load factors are determined from
Monte Carlo simulation using the statistics of resistance
based on past laboratory testing, as summarized in Keating
and Fisher (1986). The development of the load factors for
steel and concrete components and details is explained in
Chapter 6.

Probability Density Function
I

95% of the
population

Probability

Mean Mean + 1.50

Fatigue Load Ratio

Figure 5.42. Probability density function of the
national fatigue load.



5.5 Development of Overload
(Service 1) Parameters

WIM data also forms the basis for estimating how often a
given design moment (or shear) is exceeded. Table 5.35 shows
the number of times the live load moment exceeded 100%,
110%, 120%, and 130% of HL-93 for the 32 WIM sites. One
of the sites, Florida Route 29, clearly has a unique traffic pat-
tern. The Florida Department of Transportation explained
that truck traffic from several other highways was being
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directed onto this road, which undoubtedly accounted for the
relatively large number of times the HL-93 was exceeded for
the various percentages indicated. The total number of times
the various ratios of HL-93 were exceeded, excluding Florida
Route 29, is shown in the Table 5.35, as well as the average
number per site. Most of the data were collected for a year, so
that the lowest row in the table indicates the average number
of times each of the criteria was exceeded on an average site
during a year. This information was used to assess the signifi-
cance of the Service II limit states in Chapter 6.

Table 5.35. Number of Times WIM Moments Exceeded Factored HL-93 Loadings

Moment
Ratio Truck/HL-93 1.1 Ratio Truck/HL-93 21.2 Ratio Truck/HL-93 21.3

Site 30ft | 60ft | 90ft | 120ft | 200ft | 30 ft 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120 ft | 200 ft

Arizona 1 0 0 0 0 0 0 0 0 0 0 0 0 0
(SPS-1)

Arizona 0 0 1 1 0 0 0 0 0 0 0 0 0 0
(SPS-2)

Arkansas 2 7 3 0 0 0 0 0 0 0 0 0 0 0
(SPS-2)

Colorado 0 2 5 4 0 0 2 0 0 0 0 0 0 0
(SPS-2)

Delaware 36 33 22 11 0 10 10 1 0 1 11 1 0 0
(SPS-1)

lllinois 0 0 1 0 0 0 0 0 0 0 0 0 0 0
(SPS-6)

Indiana 3 11 11 10 2 2 5 4 0 0 0 1 0 0
(SPS-6)

Kansas 16 33 35 31 2 7 17 7 0 6 7 6 0 0
(SPS-2)

Louisiana 44 6 12 14 7 26 7 7 0 6 6 5 4 0
(SPS-1)

Maine 4 4 5 2 0 0 2 0 0 0 2 0 0 0
(SPS-5)

Maryland 5 6 2 2 0 0 1 0 0 0 1 0 0 0
(SPS-5)

Minnesota 7 5 6 5 0 4 2 1 0 2 1 1 0 0
(SPS-5)

New Mexico 0 1 1 1 0 0 0 0 0 0 0 0 0 0
(SPS-1)

New Mexico 3 1 1 2 0 2 0 0 0 0 0 0 0 0
(SPS-5)

Pennsylvania 32 22 17 14 1 13 13 1 0 3 13 2 0 0
(SPS-6)

Tennessee 53 4 4 0 0 5 0 0 0 1 0 0 0 0
(SPS-6)

(continued on next page)
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Table 5.35. Number of Times WIM Moments Exceeded Factored HL-93 Loadings (continued)

Moment

Ratio Truck/HL-93 21.1

Ratio Truck/HL-93 21.2

Ratio Truck/HL-93 21.3

Site 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120ft | 200ft | 30ft | 60ft | 90ft | 120 ft | 200 ft

Virginia 0 0 1 1 0 0 0 0 0 0 0 0 0 0 0
(SPS-1)

Wisconsin 1 0 3 3 1 0 0 1 1 0 0 0 0 0 0
(SPS-1)

California 0 1 0 0 5 0 0 0 0 0 0 0 0 0 0
Antelope
EB

California 0 5 4 13 28 0 0 0 1 9 0 0 0 0 1
Antelope
WB

California 0 0 0 1 1 0 0 0 0 1 0 0 0 0 0
Bowman

California 1 31 50 51 15 0 6 24 19 0 0 0 4 1 0
LA-710 NB

California 1 17 45 48 14 0 3 18 19 0 0 0 1 1 0
LA-710 SB

California 0 4 16 46 140 0 0 1 2 32 0 0 0 0 2
Lodi

Florida 79 40 46 75 37 22 16 14 17 5 10 5 4 5 2
I-10

Florida 0 0 0 0 0 0 0 0 0 0 0 0 0 0 0
I-95

Florida 653 495 322 245 106 360 266 174 119 51 177 160 82 59 21
US-29

Mississippi 24 22 31 33 22 7 2 10 19 2 2 2 2 2 1
I-10

Mississippi 0 0 0 1 2 0 0 0 0 0 0 0 0 0 0
I-55UI

Mississippi 19 30 48 58 32 7 8 16 21 19 2 3 5 8 9
I-55R

Mississippi 0 0 2 1 0 0 0 0 0 0 0 0 0 0 0
US-49

Mississippi 0 0 1 2 1 0 0 1 1 0 0 0 0 0 0
US-61

Total 331 285 373 430 310 105 111 144 121 68 33 51 32 21 15
(without
Florida
US-29)

Average per 10.7 9.2 12.0 13.9 10.0 3.4 3.6 4.6 3.9 2.2 1.1 1.6 1.0 0.7 0.5
site per
year




Calibration Results

6.1 Foundation Deformations,
Service I: Lifetime

The geotechnical limit states for serviceability of a bridge struc-
ture relate to foundation deformations. Within the context of
foundation deformation, the geotechnical limit states can be
broadly categorized into vertical and horizontal deformations
for any foundation type (e.g., spread footings, driven piles,
drilled shafts, micropiles). Table 6.1 summarizes the various
relevant articlesin AASHTO LRFD (2012) that address vertical
(settlement) and horizontal deformations for various types of
structural foundations.

This section describes procedures that can be used for
calibrating service limit states (SLSs) to evaluate the effect of
vertical or horizontal deformations of all structural foundation
types such as footings, drilled shafts, and driven piles. The
procedure is demonstrated by using the case of immediate
settlements of spread footings, and the effect of foundation
deformations on bridge superstructures is discussed in the
context of construction stages.

6.1.1 Target Reliability Index

For strength limit states, reliability index values in the range of
3.09 to 3.54 are used. Strength (or ultimate) limit states pertain
to structural safety and the loss of load-carrying capacity.
In contrast, SLSs are user-defined limiting conditions that affect
the function of the structure under expected service conditions.
Violation of SLSs occurs at loads much smaller than those for
strength limit states. As there is no danger of collapse if an
SLS is violated, a smaller value of target reliability index may
be used for SLSs. In the case of foundation deformation, such
as settlement, the structural load effect is manifested in terms
of increased moments and potential cracking. The load effect
due to settlement relative to the load effect due to dead and live
loads would generally be small because in the Service I limit
state the load factor s, which represents the uncertainty in
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estimated settlement, is only one of many load factors. Further-
more, the primary moments due to the dead and live loads
are much larger than the additional (secondary) moments
due to settlement. Because of these considerations and based
on a consideration of the reversible and irreversible SLSs
for bridge superstructures described earlier in this report,
a target reliability index (By) in the range of 0.50 to 1.00 for
the calibration of load factor s for foundation deformation
in the Service I limit state is used.

6.1.2 Calculation Models

Evaluation of an SLS involves consideration of the deformation
aspects of the structure or members of the structure. The load
deformation characteristics of the structure or its member
are important to understand because resistance must now
be quantified as a function of the deformation. This section
first discusses the extension of the AASHTO LRFD frame-
work to incorporate the load deformation behavior, after
which a calibration framework for SLSs for foundation defor-
mations is presented. The proposed step-by-step procedure
for calibration is described in Section 6.1.2.5, which leads to
a load factor for deformations based on the target reliability
index that was discussed in Section 6.1.1. The proposed pro-
cedure is demonstrated by an example for immediate settle-
ments of spread footings by using various analytical methods
in Section 6.1.3.

6.1.2.1 Incorporation of Load Effect
Deformation (Q-8) Characteristics
in the AASHTO LRFD Framework

The basic AASHTO LRFD framework in terms of distributions
of load effects and resistances is shown in Figure 6.1, where

Q =load;

Quean = mean load;
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Table 6.1. Summary of AASHTO LRFD (2012) Articles for Estimation of Vertical and Horizontal Deformation

of Structural Foundations

AASHTO LRFD Article

Comment

10.6.2.4
Settlement Analyses for Spread Footings

Article 10.6.2.4 presents methods to estimate the settlement of spread footings. Settlement
analysis is based on the elastic and semiempirical Hough (1959) method for immediate
settlement and the one-dimensional consolidation method for long-term settlement.

10.7.2.3
Settlement (related to driven pile groups)

10.8.2.2
Settlement (related to drilled shaft groups)

10.9.2.3
Settlement (related to micropile groups)

The procedures in these articles (10.7.2.3, 10.8.2.2, and 10.9.2.3) refer to settlement analysis
for an equivalent spread footing; see AASHTO LRFD (2012, Figure 10.7.2.3.1-1).

10.7.2.4
Horizontal Pile Foundation Movement

10.8.2.4
Horizontal Movement of Shaft and Shaft Groups

10.9.2.4
Horizontal Micropile Foundation Movement

Lateral analysis based on the p-y method and strain wedge method is included in AASHTO
LRFD (2012) for estimating horizontal (lateral) deformations of deep foundations.

Note: Section 11 (Abutments, Piers and Walls) Article 11.6.2 refers to the various articles noted in the left column of this table. Thus, the articles noted in this table also

apply to fill retaining walls and their foundations.

v =load factor;
R =resistance;
R ean = Mean resistance;
¢ = resistance factor;
Q, =nominal load;
Ao = bias factor for load;
f = frequency;
R,, = nominal resistance; and
Az = bias factor for resistance.

the evaluation of SLS, the basic AASHTO LRFD framework
shown in Figure 6.1 needs to be modified to include load effect
deformation, or Q-0 behavior. The Q-8 behavior can be consid-
ered as another dimension of the basic AASHTO LRFD frame-
work, as shown in Figure 6.2, where

0 = deformation;
05 = deformation at nominal load effect (Q,);

Details of the AASHTO LRFD framework can be found in

Nowak and Collins (2013). Strength limit states were evaluated
by using this framework. Because determination of defor-
mation is a necessary part of the evaluation of serviceability, for

f(R, Q)

«—PDF of curve

Q,R 3

Figure 6.1. Basic AASHTO LRFD framework Figure 6.2. Incorporation of Q-8 mechanism

for load effects and resistances.

into the basic AASHTO LRFD framework.
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Figure 6.3. Significant points of interest on the mean Q-8 curve.

Oy = deformation at factored load effect [Qy=7(Q,)]; and
~ = deformation at load corresponding to nominal resis-
tance (R,).

Although Q-0 curves can have many shapes, for illustration
purposes, a strain-hardening curve is shown in Figure 6.2. For
discussion purposes, the mean Q-8 curve is shown, and the
spread of the Q-0 data about the mean curve is represented sche-
matically by a probability distribution function (PDF) that is
discussed later in this chapter. The various relevant load effect
and deformation quantities shown in the Q-0 space in Figure 6.2
are shown in the regular first quadrant of the two-dimensional
plot in Figure 6.3. Note that the nominal resistance is equated
to a load effect that would correspond to this resistance.

Figure 6.2 combines different aspects of material behavior
that cover both load effects and resistances. It is important to
understand the interrelationships among the various param-
eters displayed on the curves. To that end the following points
are made:

Q
o
——— Upper Bound
3 /, —— -—-2——' == — Measured Mean
/ 3% 4 Lower Bound
7/ A< ©
Z ®
1,
)

Figure 6.4. Significant points of interest
on the Q-8 curve.

e The load effect deformation (Q-8) curves shown in Fig-
ure 6.2 and Figure 6.3 represent the measured mean curves
based on field measurements.

¢ Field measurements have upper and lower bounds with
respect to the mean of the measured data. These bounds are
shown schematically in Figure 6.4 and also in Figure 6.2
and Figure 6.3 through a PDF. Although PDFs for nor-
mal distributions are shown, the spread of the data about
the mean may be represented by normal or nonnormal
distributions, as appropriate. In general, the spread of
the data around the mean curve increases with increasing
deformations.

¢ Many theoretical methods are available to predict load effect
deformation behavior. The theoretical models may predict a
stiffer or softer material response compared with the actual
response. For the purpose of discussion, a softer material
behavior is shown in Figure 6.5. Because the bias factor is
defined as the ratio of measured mean to predicted values,

Q
o Measured
{ -/ Mean
Stk i
/‘/ 5 Theoretical
4 ¢ Prediction
3

Figure 6.5. Relationship of measured
mean with theoretical prediction.
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the bias factor for deformations (A;s) will vary over the full
range of the Q-0 curve.

6.1.2.2 Consideration of Bias Factor
in Calibration of SLS

A varying bias factor along the Q-8 curve, although a reality,
can be cumbersome to handle in the calibration process.
However, the problem is made easier by realizing that for
calibration of SLS the load effects between Points O and S, as
shown in Figure 6.3, are of primary interest. Point S represents
the service load effects, and the deformation corresponding to
this point is of primary interest. As the bias factor will generally
increase with increasing deformations, the value of the bias
factor at Point S will be the maximum between Points O and S.
Thus, use of the bias factor at Point S will be conservative.
In this context, the bias factor at Point S is most relevant
and, at a minimum, field data under full service loads are of
importance in geotechnical SLS calibrations. The data most
particularly needed for SLS evaluations are the full range of
incremental loads and deformations measured on in-service
structures from the beginning of construction of the first
element (e.g., the foundation) to the completion of the road-
way and beyond. Such data will help in the evaluation of the
variability in predicted deformations for structural, as well as
geotechnical, features. At present, these types of data are not
routinely available; however, programs such as the Federal
Highway Administration’s (FHWA) Long-Term Bridge Perfor-
mance Program may offer a good avenue to collect such data.

6.1.2.3 Application of Q-6 Curves in the
LRFD Framework

The AASHTO LRFD calibration of the strength limit state
was performed by using the general concepts in Figure 6.1.
This approach presumes that statistical data are available to
quantify the spread of the load effects and resistances. In the
context of deformations, tolerable deformations (87) can be
considered as resistances, and predicted deformations (3p) can
be considered as loads. Thus, a limit state function (g) can be
written as shown by Equation 6.1:

§=9%,-9, (6.1)

Once the deformations are expressed in the form of a limit
state, probabilistic calibration processes similar to those used
for the strength limit state can be used. For strength limit
states, Monte Carlo analysis is often used for calibrations.
One of the assumptions of the Monte Carlo procedure is that
PDFs for both the load (Q) and resistance (R) are available.
However, for geotechnical SLS calibration, there are practical
limitations to this approach. Although the statistical data for

modeling the uncertainty in predicted deformations (Jp) are
available, the same is not true for tolerable deformations (&r).
Some attempts have been made (e.g., Zhang and Ng 2005) to
evaluate the distribution of tolerable deformations, but from
a geotechnical viewpoint, it may not be possible to obtain a
PDF for tolerable deformation that is applicable to the vari-
ous structural SLSs discussed in other sections of this report.
This is largely because it is virtually impossible to identify a
consistent tolerable deformation across all elements of a
structure. Many variables can affect the value of tolerable
deformation for a given element. To bypass these difficulties,
a single deterministic value of 8, is often used for comparison
against the potential spread of data for J,. In practical terms,
a bridge engineer often assumes a deterministic tolerable
deformation that would limit deformations according to the
type of bridge structure being designed. In this case, the con-
ventional calibration processes, such as the Monte Carlo pro-
cedure, would not be necessary as there would be a PDF for
load (Q), but a deterministic value for resistance (R). To use
Monte Carlo in this situation an arbitrarily small value of
standard deviation or coefficient of variation (CV) would
have to be used. Although theoretically possible, this process
could lead to spurious results. Thus, an alternative approach
to calibration of SLSs for geotechnical features is necessary.
When a deterministic value for & is used, then by using
Figure 6.1 as the basis, the resistance PDF is reduced to a single
value while the load effect PDF can be used to represent the
predicted deformations. This modified treatment for defor-
mations is shown in Figure 6.6. In this approach, the probabil-
ity of exceedance (P,) for the predicted deformations to exceed
the tolerable deformation is given by the area of the overlap
of the two curves (the shaded zone shown in Figure 6.6). As
the goal is to prevent serviceability-related problems, P, can

8 o

f(R, Q)

Probability of
Exceedance, P,

QR

Figure 6.6. Relationship of deterministic value
of tolerable deformation (8:) and a PDF for
predicted deformation (8g). Q = load effect;

R = resistance; 8, = predicted deformations
(load effect); and &, = deterministic value of
tolerable deformation (resistance).



be selected on the basis of the acceptable value of the target
reliability index (Br). The ratio 8,/8, can be thought of as aload
factor for deformations for a given P,, corresponding to 3.

The PDF for the predicted deformations shown in Figure 6.6
is obtained from the data at Point S shown in Figure 6.2 and
Figure 6.3. This is where the concept of the Q-0 curve fits into
the framework to calibrate the SLS on the basis of on defor-
mations. Thus, any model that can predict a Q-8 curve can be
used in the conventional AASHTO LRFD framework as long
as the data at Point S corresponding to SLS load effects are
available through field measurements. The effect of material
brittleness (or ductility) can now be introduced in the AASHTO
LRFD framework through the use of an appropriate Q-8 model.
Examples of Q-0 models are stress—strain curves, vertical load-
settlement curves for foundations, p-y (lateral load—lateral
displacement) curves for laterally loaded piles, shear force—
shear strain curves, moment—curvature curves, and so forth.
The proposed framework can incorporate any Q-8 model and
is therefore a general framework that is applicable to structural
or geotechnical aspects.

6.1.2.4 Deterioration of Foundation
and Wall Elements

Most, if not all, foundation elements are buried in geomaterials.
This is also true for most earth-retaining structures. Thus, the
long-term performance of the foundation and wall elements
can be affected by the corrosion or degradation potential of the
geomaterials. The term corrosion applies to metal components,
and degradation applies to nonmetal components such as poly-
meric soil reinforcements in mechanically stabilized earth
(MSE) walls.

If the geomaterials have significant corrosion or degradation
potential, then the sectional properties of the foundation and
wall elements will deteriorate by reduction in the section or
loss of strength, or both. The AASHTO LRFD Specifications
clearly recognizes this mode of deterioration and provides
definitive guidelines. For example, Articles 10.7.5 and 10.9.5 of
Section 10 (Foundations) provide guidelines for evaluation of
corrosion and deterioration of driven piles and micropiles,
respectively. Similarly, Section 11 (Abutments, Piers, and Walls)
provides guidance in Article 11.8.7 for nongravity cantilevered
walls, Article 11.9.7 for anchored walls, and Articles 11.10.2.3.3
and 11.10.6.4 for MSE walls. Supplementary guidance can be
found in Elias et al. (2009) and Fishman and Withiam (2011).
The AASHTO, Elias et al., and Fishman and Withiam docu-
ments cross reference various publications that discuss the
corrosion or degradation potential of geomaterials.

In general, the AASHTO articles and other documents cited
above provide guidance for testing frequencies and protocols
to evaluate the corrosion or degradation potential of various
geomaterials. It is assumed that the foundation and wall
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designer will perform the necessary tests and, as appropriate,
implement the necessary mitigation measures to minimize
the inevitable effects of corrosion or degradation on the foun-
dation and wall elements and the structures these elements
support. The most common approach is to estimate the rate
of corrosion or degradation over the design life of the struc-
ture and provide additional sectional or strength properties
(or both) that will permit the structure to perform within its
strength and serviceability requirements. For example, metal
elements are often provided additional section based on the
anticipated loss of metal over the design life of the structure.
Concrete deterioration due to sulfate attack is often mitigated
by use of an appropriate type of cement.

6.1.2.5 Determination of Load Factor
for Deformations

The concept presented in Figure 6.6 assumes that the designer
has unique (fixed) values of tolerable deformation (&;) and
predicted deformation (8). However, these values are func-
tions of many parameters for a given element and the mode
of deformation being evaluated. Thus, it is more practical to
express the load factor for deformation as a function of the
value of 8. The load factor is more conveniently determined
by using an alternative form of the concept, as shown in
Figure 6.7, in which the cumulative distribution function
(CDF) is used instead of the PDF. In this concept it is more
convenient to use the data based on the inverse of the bias
factor because the predicted (calculated) deformation is
plotted on the x-axis. The format shown in Figure 6.7 is used
as follows:

1. Obtain data for predicted (dp) and measured (3,,) deforma-
tions for the deformation mode of interest (e.g., immediate
settlement of spread footings). Recognize that the value of
Oy can be considered as resistance and equivalent to the
tolerable settlement (7).

2. Modify the data to be expressed in terms of the ratio 8/6;.
In geotechnical literature (e.g., Tan and Duncan 1991) this
ratio is often referred to as accuracy. Label this ratio as X.
X is a random variable that can now be modeled by an
appropriate PDE. Develop the appropriate statistics, and
select a suitable distribution function. Express the data in
terms of a CDE

3. As shown in Figure 6.7, plot a family of CDF curves for a
range of values of tolerable deformation (e.g., 87, > 87, > 83)
that permits the determination of values of the probability
of exceedance (P,) for a range of &,. The CDFs are generated
by multiplying the CDF for accuracy (i.e., X = 8,/0;) or by
selected values of tolerable deformations (87, &7, O73).
The plot shown in Figure 6.7 is referred to as a probability
exceedance chart (PEC).
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Figure 6.7. PEC for evaluation of load factor for a target probability
of exceedance (P.;) at the applicable SLS combination.

4. Select the design value of probability of exceedance (P,r)
corresponding to the target reliability index (B,r), and
determine the value of 8 for a given value of Jp, as shown
in Figure 6.7.

5. Compute the value of the deformation load factor (Y= 6,/5y),
as shown in Figure 6.7.

The benefit of this approach is that once the designer
computes (predicts) a deformation for any given deformation
mechanism, then the designer simply multiplies the computed
value by the deformation load factor corresponding to that
value of deformation and uses the factored value for evaluation
at the applicable SLS load combination. This concept is valid
whether structural or geotechnical deformation mechanisms
are evaluated. This concept is demonstrated in the next sec-
tion, in which immediate settlements for spread footings are
evaluated.

6.1.3 Calibration Results

The proposed procedure for calibration described in Sec-
tion 6.1.2.5 is demonstrated by an example for immediate
settlement of spread footings. The calibration results are
presented in a step-by-step format that is generally consistent
with other similar results presented in this report.

6.1.3.1 Step 1: Formulate the Limit State Function
and Identify Basic Variables

In the context of deformations, tolerable deformations (8y) can
be considered as resistances, and predicted deformations (8,)
can be considered as loads. Thus, a limit state function (g) can
be given by Equation 6.2 (first introduced as Equation 6.1):

g=0,-9, (6.2)

For SLS calibration for foundation deformation, the limit
state ¢ expressed as a ratio is more appropriate, as given by
Equation 6.3:

§=08,/3; (6.3)

6.1.3.2 Step 2: Identify and Select Representative
Structural Types and Design Cases

In general, the vertical and lateral deformations for all structural
foundation types (e.g., footings, drilled shafts, and driven piles)
can be calibrated using the process described in this example.
For the purpose of demonstration of the calibration process,
immediate vertical settlement of spread footings is used as a
design case.

6.1.3.3 Step 3: Determine Load and Resistance
Parameters for the Selected Design Cases

The load and resistance parameters for the selected design
case of immediate vertical settlement of spread footings are as
follows. Load is predicted (or calculated) immediate vertical
settlement (8p) and resistance is tolerable (or limiting or mea-
sured) immediate vertical settlement (8;).

6.1.3.4 Step 4: Develop Statistical Models
for Load and Resistance

Table 6.2 shows a data set for spread footings based on vertical
settlements of footings measured at 20 footings for 10 instru-
mented bridges in the northeastern United States (Gifford
et al. 1987). The bridges included five simple-span and five
continuous-beam structures. Each of the footing designations
in Table 6.2 represents a footing supporting a single sub-
structure unit (abutment or pier). Four of the instrumented



Table 6.2. Data for Measured Settlement (8y) and Calculated Settlement (6;)
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Shown in Figure 6.8
Calculated Settlement (in.)
Measured
Settlement | Schmertmann D’Appolonia Peck and Burland and
Site (in.) et al. (1978) Hough (1959) et al. (1968) Bazaraa (1969) | Burbridge (1984)
S1 0.35 0.79 0.75 0.65 0.29 0.30
S2 0.67 1.85 0.94 0.39 0.16 0.12
S3 0.94 0.86 1.21 0.30 0.19 0.13
S4 0.76 0.46 1.46 0.58 0.36 0.39
S5 0.61 0.30 0.98 0.38 0.42 0.57
S6 0.42 0.52 0.61 0.50 0.17 0.34
S7 0.61 0.18 0.40 0.19 0.30 0.19
S8 0.28 0.30 0.60 0.26 0.16 0.14
S9 0.26 0.18 0.53 0.20 0.16 0.11
S10 0.29 0.29 0.40 0.23 0.16 0.09
S11 0.25 0.36 0.47 0.29 0.16 0.06
S14 0.46 0.41 1.27 0.57 0.50 0.40
S15 0.34 1.57 1.46 0.74 1.36 1.61
S16 0.23 0.26 0.74 0.39 0.17 0.17
S17 0.44 0.40 0.82 0.46 0.28 0.23
S20 0.64 1.21 0.33 0.10 0.07 0.65
S21 0.46 0.29 1.05 0.49 0.21 0.54
S22 0.66 0.54 0.84 0.56 0.52 0.31
S23 0.61 1.02 1.39 0.61 0.34 0.64
S24 0.28 0.64 0.99 0.59 0.33 0.44

Note: Gifford et al. (1987), the source for the table, note that data for Footings S12, S13, and S18 were not included because
construction problems at these sites resulted in disturbance of the subgrade soils, and short-term settlement was increased.
Data for Footing S19 appear to be anomalous and have been excluded in this table and Figure 6.8.

bridges were single-span structures. Two two-span and three
four-span bridges were also monitored, in addition to a single
five-span structure. Nine of the structures were designed
to carry highway traffic, and one four-span bridge carried
railroad traffic across an Interstate highway. Additional infor-
mation on the instrumentation and data collection at the
10 bridges can be found in Gifford et al. (1987). Similar and
more extensive databases are available for spread footings
(e.g., Sargand et al. 1999; Sargand and Masada 2006; Akbas
and Kulhawy 2009; Samtani et al. 2010) and other foundation
types, such as driven piles and drilled shafts. Similar data-
bases are also available for lateral load behavior. However, for
this report, the calibration concepts for SLS evaluations are
demonstrated by use of the limited data set for spread footings
shown in Table 6.2. Although spread footings are used as an
example, all the concepts discussed here are applicable to other
foundation types and deformation patterns.

Figure 6.8 shows a plot of the data in Table 6.2 and the
spread of the data about the 1:1 diagonal line, which defines the
case for which the predicted and measured values are equal.
Such a plot provides a visual frame of reference to judge the
accuracy of the prediction method. If the data points align
closely with the 1:1 diagonal line, then the predictions based
on the analytical method being evaluated are close to the
measured values and are more accurate than the case for which
the data points do not align closely with the 1:1 diagonal line.
In the geotechnical literature (e.g., Tan and Duncan 1991),
accuracy is defined as the mean value of the ratio of the pre-
dicted (calculated) to the measured settlements. Table 6.3
shows the values of accuracy (denoted by X, where X =8,/
for each footing based on the data in Table 6.2.

As noted in Step 3 of the calibration process, the value
of &), can be considered as the resistance and equivalent to
the tolerable settlement (37). The accuracy (i.e., X = 85/
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Figure 6.8. Comparison of measured and calculated (predicted) settlements based on
service load data in Table 6.2.

Table 6.3. Accuracy (X = 8p/8y) Values Based on Data Shown in Table 6.2

Schmertmann D’Appolonia Peck and Burland and
Site et al. (1978) Hough (1959) et al. (1968) Bazaraa (1969) | Burbridge (1984)
S1 2.257 2.143 1.857 0.829 0.857
S2 2.761 1.403 0.582 0.239 0.179
S3 0.915 1.287 0.319 0.202 0.138
S4 0.605 1.921 0.763 0.474 0.513
S5 0.492 1.607 0.623 0.689 0.934
S6 1.238 1.452 1.190 0.405 0.810
S7 0.295 0.656 0.311 0.492 0.311
S8 1.071 2.143 0.929 0.571 0.500
S9 0.692 2.038 0.769 0.615 0.423
S10 1.000 1.379 0.793 0.552 0.310
S11 1.440 1.880 1.160 0.640 0.240
S14 0.891 2.761 1.239 1.087 0.870
S15 4.618 4.294 2.176 4.000 4.735
S16 1.130 3.217 1.696 0.739 0.739
S17 0.909 1.864 1.045 0.636 0.523
S20 1.891 1.641 0.766 0.328 0.844
S21 0.630 1.826 1.217 1.130 0.674
S22 0.818 2.106 0.924 0.515 0.970
S23 1.672 1.623 0.967 0.541 0.721
S24 2.286 2179 1.286 0.893 1.286




[or 8,/87]) is a random variable that can now be modeled by
an appropriate PDF. To develop an appropriate PDF, an eval-
uation of the data spread around the mean value is needed.
This evaluation involves statistical analysis and the develop-
ment of histograms.

Table 6.4 presents the arithmetic mean (p) and standard
deviation (G) values for various methods. AASHTO LRFD
recommends the use of Hough’s (1959) method, which has the
smallest CV, for calculating immediate settlement. However,
the Hough method is conservative by a factor of approximately
two (see mean value in Table 6.4), which leads to an unnecessary
use of deep foundations instead of spread footings. FHWA
(Samtani and Nowatzki 2006; Samtani et al. 2010) recommends
the use of the method proposed by Schmertmann et al. (1978)
because it is a rational method that considers not only the
applied stress and its associated strain influence distribution
with depth for various footing shapes, but also the elastic prop-
erties of the foundation soils, even if they are layered.

Even though FHWA and AASHTO recommend the
Schmertmann etal. (1978) and Hough (1959) methods, respec-
tively, all the methods noted in Table 6.2 to Table 6.4 were
evaluated as part of the calibration process because some agen-
cies may use one of the remaining three methods as a result
of past successful local practice.

As noted earlier, accuracy (X = 8,/8,) is a random variable
that can be modeled by an appropriate PDE. The data for X in
Table 6.3 were used to develop histograms.

The histograms of the data for X taken from Columns 2 to 6
of Table 6.3 are shown in Figure 6.9a to Figure 6.13a, respectively.
None of the histograms resembles a classic bell shape character-
istic of normally distributed data. Thus, nonnormal distribu-
tions would be more appropriate in these cases. To evaluate the
deviation of the data from a classic normal PDE the data for the
value of X in Table 6.3 were plotted against the standard normal
variable (z) to generate CDFs, as shown in Figure 6.9b to Fig-
ure 6.13b. See Allen et al. (2005, Chapter 5) for a definition of z
and procedures to develop the lower graphs (b) in Figures 6.9—
6.13. The beneficial attributes of this probability plot are
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discussed above. As Figure 6.9b to Figure 6.13b show, the data
points based on Table 6.3 do not plot on the straight line, which
confirms the observation of nonnormal distributions made
on the basis of the histograms in Figure 6.9a to Figure 6.13a.

By using procedures described in Allen et al. (2005), a log-
normal distribution was used to evaluate the nonnormal
data. As seen in Figure 6.9b to Figure 6.13b, the lognormal
distribution fits the data better than the normal distribution.
The lognormal distribution, which is valid between values
of 0 and +eo, is used in these figures because (1) immediate
settlement cannot have negative values, and (2) lognormal
PDFs have been used in the past for nonnormal distributions
during calibration of the strength limit state for geotechnical,
as well as structural, features in the AASHTO LRFD frame-
work. For SLS, a PDF with an upper bound and lower bound
(e.g., beta distribution) instead of open tail(s) (e.g., normal
or lognormal distribution) may be more appropriate because
the conditions represented by an open-tail PDF are not physi-
cally possible when one considers foundation deformations.
As noted, the lognormal PDF is used here to be consistent
with the PDFs that have been used in LRFD calibration pro-
cesses to date. Guidance for the selection of an appropriate
PDF and development of the distribution parameters shown
in Table 6.5 is provided in Nowak and Collins (2013) or other
similar books that deal with probabilistic methods.

Values of the lognormal mean and lognormal standard devi-
ation are needed to use the lognormal PDEF. These values can be
obtained by using correlations with the mean and standard
deviation values for normal distribution or calculated directly
from the natural logarithm (In) of the values of the data points.
Table 6.5 presents the values for correlated mean (pync) and
correlated standard deviation (G;xc). Table 6.6 shows the log-
normal of accuracy values of data in Table 6.3, and Table 6.7
presents the values for arithmetic mean (pn,) and arithmetic
standard deviation (G x,) based on the In(X) values in Table 6.6.

The correlated and arithmetic values of the mean (pnc and
Wina, respectively) and standard deviation (Ginc and Opya,

(text continues on page 160)

Table 6.4. Statistics of Accuracy (X) Values Based on Data Shown in Table 6.3

Schmertmann D’Appolonia Peck and Burland and

Statistic et al. (1978) Hough (1959) | etal.(1968) | Bazaraa (1969) | Burbridge (1984)
Count 20 20 20 20 20
Minimum 0.295 0.656 0.311 0.202 0.138
Maximum 4.618 4.294 2.176 4.000 4.735

3] 1.381 1.971 1.031 0.779 0.829

c 1.006 0.769 0.476 0.796 0.968

Ccv 0.729 0.390 0.462 1.022 1.168

Note: CV = o/p.
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Figure 6.9. Schmertmann et al. (1978) method: (a) histograms
for accuracy (X) and (b) plot of standard normal variable (z) as
a function of X.
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Figure 6.10. Hough (1959) method: (a) histograms for accuracy (X)
and (b) plot of standard normal variable (z) as a function of X.
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Figure 6.11. D’Appolonia et al. (1968) method: (a) histograms
for accuracy (X) and (b) plot of standard normal variable (z) as
a function of X.
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Figure 6.12. Peck and Bazaraa (1969) method: (a) histograms
for accuracy (X) and (b) plot of standard normal variable (z) as
a function of X.
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Figure 6.13. Burland and Burbridge (1984) method: (a) histograms
for accuracy (X) and (b) plot of standard normal variable (z) as
a function of X.




Table 6.5. Correlated Statistics of Accuracy (X) for Lognormal PDFs
Schmertmann D’Appolonia Peck and Burland and
Statistic et al. (1978) Hough (1959) et al. (1968) Bazaraa (1969) | Burbridge (1984)
Hine 0.1095 0.6076 -0.0665 —-0.6078 -0.6177
Gine 0.6528 0.3766 0.4398 0.8459 0.9274

Note: The pine and oy Values for lognormal distribution were calculated from the normal (arithmetic) mean and
standard deviation values in Table 6.4, respectively, by using the following equations based on idealized normal
and lognormal PDFs: p ¢ = In(u) — 0.50(nc)%; and opne = [Inf(o/p)? + 13]°5.

Table 6.6. Lognormal of Accuracy Values [In(X)] Based on Data
Shown in Table 6.3

Schmertmann D’Appolonia Peck and Burland and

Site et al. (1978) Hough (1959) et al. (1968) Bazaraa (1969) | Burbridge (1984)

S1 0.8141 0.7621 0.6190 —-0.1881 -0.1542

S2 1.0157 0.3386 -0.5411 —-1.4321 -1.7198

S3 -0.0889 0.2525 —-1.1421 —-1.5989 -1.9783

S4 -0.5021 0.6529 -0.2703 -0.7472 -0.6672

S5 -0.7097 0.4741 -0.4733 -0.3732 -0.0678

S6 0.2136 0.3732 0.1744 -0.9045 -0.2113

S7 -1.2205 —-0.4220 —-1.1664 -0.7097 —-1.1664

S8 0.0690 0.7621 -0.0741 —-0.5596 —0.6931

S9 -0.3677 0.7122 -0.2624 —-0.4855 -0.8602

S10 0.0000 0.3216 -0.2318 —-0.5947 —1.1701

S11 0.3646 0.6313 0.1484 —0.4463 —1.4271

S14 -0.1151 1.0155 0.2144 0.0834 -0.1398

S15 1.5299 1.4572 0.7777 1.3863 1.5550

S16 0.1226 1.1686 0.5281 -0.3023 -0.3023

S17 -0.0953 0.6225 0.0445 -0.4520 -0.6487

S20 0.6369 0.4951 -0.2671 -1.1144 -0.1699

S21 -0.4613 0.6022 0.1967 0.1226 -0.3947

S22 -0.2007 0.7448 -0.0788 -0.6633 —-0.0308

S23 0.5141 0.4842 -0.0333 -0.6144 -0.3267

S24 0.8267 0.7787 0.2513 -0.1133 0.2513

Table 6.7. Statistics of In(X) Values Based on Data Shown in Table 6.6
Schmertmann D’Appolonia Peck and Burland and

Statistic etal. (1978) Hough (1959) | etal. (1968) | Bazaraa (1969) | Burbridge (1984)
Count 20 20 20 20 20
Minimum -1.2205 —-0.4220 -1.1664 —-1.5989 -1.9783
Maximum 1.5299 1.4572 0.7777 1.3863 1.5550
Hina 0.1173 0.6114 -0.0793 -0.4854 -0.5161
Gina 0.6479 0.3807 0.5029 0.6226 0.7731

Note: pna = arithmetic mean of In(X) values; o,ys = arithmetic standard deviation of In(X) values.
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(continued from page 153)

respectively) for lognormal distributions are not equal. This
is because the correlated values were based on derivations for
an idealized lognormal distribution and not a sample dis-
tribution from actual data, which may not necessarily fit an
idealized lognormal distribution. In contrast, the arithmetic
values were obtained by taking the arithmetic mean and stan-
dard deviation directly from the In(X) value of each data point
noted in Columns 2 to 6 of Table 6.3.

It is important to use the appropriate values of mean and
standard deviation based on the syntax for a lognormal dis-
tribution function used by a particular computational program.
For example, if one is using the @RISK program by Palisade
Corporation, then the RISKLOGNORM function in that pro-
gram is based on arithmetic values (p and ) of the normal
distribution. In contrast, the Microsoft Excel LOGNORMDIST
(or LOGNORM.DIST) function uses the arithmetic mean
(Hina) and standard deviation (Oyy,) values of In(X). Use of
improper values of mean and standard deviation can lead to
drastically different results. This issue is of critical importance
because calibration in this report, as mentioned earlier, is based
on Microsoft Excel.

Figure 6.14 shows the CDFs for accuracy (X) for various
analytical methods based on the LOGNORM.DIST function
in the 2010 version of Microsoft Excel using the i, and Gy,
values noted in Table 6.7. These CDFs can now be used to
develop the PEC discussed in Section 6.1.2 for various analyti-
cal methods.

Figure 6.15 shows the PEC for the method by Schmertmann
etal. (1978). The probability of exceedance corresponding to
a given predicted settlement can now be readily determined.
For example, assume that the geotechnical engineer has pre-
dicted a settlement of 0.85 in. The probability of exceedance
of 1 in. in this case is approximately 32%. This can be found
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Figure 6.14. CDFs for various analytical methods
for estimation of immediate settlement of spread
footings.
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Tolerable Settlement
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Figure 6.15. PEC for the Schmertmann et al. (1978)
method.

by drawing line AB, finding the intersection of the line with the
curve for 1 in., drawing line BC, and reading the value from the
ordinate of the PEC in Figure 6.15. Four additional curves for
settlements of 1.5, 2, 2.5, and 3 in. are shown in Figure 6.15.
Using the procedure demonstrated for the example above
(see dashed arrows in Figure 6.15), if the predicted (calculated)
value is 0.85 in., then the probability of the measured value
being greater than 1.5, 2, 2.5, and 3 in. is approximately 14%,
6%, 3%, and 2%, respectively.

A load factor for settlement (Ysg) can be determined using
the procedure in Section 6.1.2.5. For example, assume the
predicted settlement is 1 in. To determine the value of s for
a25% target probability of exceedance (P,r), draw a horizontal
line from Point D on the ordinate corresponding to a value of
25%. Next, draw a vertical line from Point E on the abscissa
corresponding to a value of 1 in. Locate the point of inter-
section, F, which lies between the curves for 1 in. and 1.5 in.
Interpolating between the two curves leads to a value of approx-
imately 1.35 in. Based on the definition of ysz noted above, the
value of Yy is equal to 1.35 in./1.0 in., or 1.35.

PECs for other analytical methods noted in Figure 6.14
are given in Figure 6.16 to Figure 6.19. Those PECs can be
used in a similar manner as demonstrated for the PEC for the
Schmertmann et al. (1978) method.

A PEC chart is essentially a representation of the CDF of
accuracy, or X. Similar charts are referred to as probabilistic
design charts by Das and Sivakugan (2007) and Sivakugan and
Johnson (2002, 2004) and artificial neural network charts
by Shahin et al. (2002) and Musso and Provenzano (2003).
Although not specifically in chart format, similar concepts
are presented in Tan and Duncan (1991) and Duncan (2000).
The specific format of PEC that is developed and used here is
amenable to correlation to the AASHTO LRFD-based concept
of target reliability index, as explained in Step 5.
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Figure 6.16. PEC for the Hough (1959) method.
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Figure 6.17. PEC for the D’Appolonia et al.
(1968) method.
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Figure 6.18. PEC for the Peck and Bazaraa (1969)
method.
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Figure 6.19. PEC for the Burland and Burbridge
(1984) method.

6.1.3.5 Step 5: Develop Reliability
Analysis Procedure

The estimation of load factor for settlement (ys;) in terms of
probability of exceedance (P,) was demonstrated in the previ-
ous step. In the AASHTO LRFD framework, calibrations are
expressed in terms of a reliability index (B). 3 can be expressed
in terms of P, of a predicted value by using Equation 6.4,
which applies to normally distributed data. As observed
from Step 4, lognormal distributions have been used. Fur-
thermore, the CV values noted in Table 6.4 are rather large.
For a normal random variable, the relationship between 3
and P, depends only on CV (i.e., one parameter), but for a
lognormal distribution, it depends on the mean and stan-
dard deviation or the mean and CV (i.e., two parameters).
Therefore, strictly speaking, B should be based on a lognor-
mal function. However, for B <2.0 there is not a significant
practical difference in the P, values for data that are normally
or lognormally distributed for the wide range of CVs noted
in Table 6.4. An assumption of a normal distribution is gen-
erally conservative in the sense that for a given f3 it gives a
larger P, compared with a lognormal distribution. Further-
more, conventionally the normal distribution has been
assumed for strength limit states in AASHTO LRFD (as well
as other international codes), which has [ values larger than
2.0. The key consideration is that the type of distribution is
not as important as being consistent and not mixing different
distributions while comparing B values. When these various
issues are taken into account, the Microsoft Excel formula
that assumes normally distributed data is considered to be
acceptable for SLS calibrations.

Table 6.8 and Figure 6.20 were generated by using Equa-
tion 6.4:

B=NORMSINV (1-P) (6.4)
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Table 6.8. Values of 3 and Corresponding P,
Based on Normally Distributed Data

B Pe(%) | B | Pe(®%) | B | Pe(%) | B | Pe(%)
2.00 2.28 1.50 6.68 [ 1.00 | 15.87 || 0.50 | 30.85
1.95 2.56 1.45 7.35 || 0.95 | 17.11 |[ 0.45 | 32.64
1.90 2.87 1.40 8.08 [ 0.90 | 18.41 || 0.40 | 34.46
1.85 3.22 1.35 8.85 || 0.85 | 19.77 | 0.35 | 36.32
1.80 3.59 1.30 9.68 [ 0.80 | 21.19 | 0.30 | 38.21
1.75 4.01 1.25 | 1056 || 0.75 | 22.66 | 0.25 | 40.13
1.70 4.46 1.20 | 11.51 0.70 | 24.20 || 0.20 | 42.07
1.65 4.95 115 | 1251 | 0.65 | 25.78 [ 0.15 | 44.04
1.60 5.48 1.10 | 13.57 | 0.60 | 27.43 | 0.10 | 46.02
1.55 6.06 1.05 | 14.69 || 0.55 | 29.12 || 0.05 | 48.01

0.00 | 50.00

Note: Linear interpolation may be used as an approximation for
intermediate values.

The correlation between B and P, can now be used to
rephrase the earlier discussion with respect to Figure 6.15. In
that discussion, as an example, it was assumed that the geo-
technical engineer has predicted a settlement of 0.85 in. From
Figure 6.15, it was determined that the probability of exceed-
ance of 1, 1.5, 2, 2.5, and 3 in. was approximately 32%, 14%,
6%, 3%, and 2%, respectively. Using Table 6.8 (or Figure 6.20
or Equation 6.3), the results can now be expressed in terms of
reliability index values. Thus, it can be stated that if the pre-
dicted settlement is 0.85 in., then the assumption of tolerable
settlement values of 1, 1.5, 2, 2.5, and 3 in. means a reliability
index of approximately 0.45, 1.10, 1.55, 1.90, and >2.00,
respectively.

In the example, the geotechnical engineer has predicted
settlement 8,=0.85 in. by using the Schmertmann et al. (1978)
method. The owner has specified that the SLS design for the

Reliability Index,

0.0 0.5 1.0 1.5 2.0
1% 1in 100

T

10% e 1in10
/
/

robability of Exceedance, P,

1in1

P
=
(=]
Q
®

Figure 6.20. Relationship between 3 and P, for
the case of a single load and single resistance.

bridge should be performed using a reliability index of 0.50.
What is the value of ys; and the tolerable settlement that the
bridge designer should use?

The load factor (ys;) is a function of the probability of
exceedance (P,) of the foundation deformation under consid-
eration, which in this example is the immediate settlement of
spread footings calculated by using the analytical method
of Schmertmann et al. (1978). By using either Equation 6.4 or
Table 6.8, a value of P, = 0.3085 (or 30.85%) is obtained for
B =0.50.

Equation 6.5 is the formula used in Microsoft Excel to deter-
mine a value of accuracy (X) in terms of P,, the mean value
(Mina)> and the standard deviation (G, ) of the lognormal dis-
tribution function as computed in Step 4. The value of X repre-
sents the probability of the accuracy value (8,/8;) being less
than a specified value.

P.=LOGNORMDIST (X, U;yx> Ornn) (6.5)

From Table 6.7, for the Schmertmann et al. (1978) method,
tna = 0.1173 and Oy = 0.6479. The goal is to determine the
value of X that gives P, = 0.3085. Thus, for this example, the
expression for P, can be written as shown by Equation 6.6:

P .=LOGNORMDIST(X, 0.1173,0.6479) = 0.3085 or 30.85%
(6.6)

Using Goal Seek in Microsoft Excel, X (i.e., 85/07) = 0.813.
Note that in the 2010 version of Microsoft Excel, another
function, LOGNORM.DIST, can also be used. In this case,
the same result (X = 0.813) is obtained by using the follow-
ing syntax and using the Goal Seek function to determine X
(TRUE indicates the use of a CDF):

P.=LOGNORM.DIST(X, 0.1173,0.6479, TRUE) = 0.3085.

In the context of the AASHTO LRFD framework, the load
factor (ysz) is the reciprocal of X. Thus, for immediate settle-
ment of spread footings based on the method of Schmertmann
etal. (1978), vz =1/0.813 = 1.23.

As per the AASHTO LRFD framework, the load factor is
rounded up to the nearest 0.05, and thus sz = 1.25 should
be used.

Therefore, in the bridge design example, the bridge designer
should use a settlement value of (Ysz)(8p) = (1.25)(0.85 in.) =
1.06 in. to assess the effect of settlement on the structure.
This value can also be obtained using the graphic technique
explained earlier with respect to Figure 6.15. The example
demonstrated with respect to Figure 6.15 also assumed a toler-
able settlement of 0.85 in., and it was found that a settlement
of 1 in. would imply a 32% probability of exceedance. These



Table 6.9. Computed Values of vyse for Various Methods to Estimate Immediate
Settlement of Spread Footings on Cohesionless Soils
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Reliability | Schmertmann D’Appolonia Peck and Burland and
Index (B) et al. (1978) Hough (1959) et al. (1968) Bazaraa (1969) | Burbridge (1984)
0.00 0.89 0.54 1.08 1.62 1.68

0.50 1.23 0.66 1.39 2.22 2.47

1.00 1.70 0.79 1.79 3.03 3.63

1.50 2.35 0.96 2.30 4.13 5.34

2.00 3.25 1.16 2.96 5.64 7.86

2.50 4.49 1.41 3.81 7.71 11.58

3.00 6.21 1.70 4.89 10.52 17.04

3.50 8.59 2.06 6.29 14.36 25.08

values are close to the value of 1.06 in. for a 30.85% probability
of exceedance obtained here. Given that the load factor is
rounded to the nearest 0.05, the result from the graphic tech-
nique is sufficiently accurate.

The procedure demonstrated in the above example can
be used to develop values of ¥s; for any desired B by using the
lognormal distribution of X for the method of Schmertmann
etal. (1978). A similar approach can be used for other analytical
methods and distributions.

Table 6.9 presents the values of y; results for the various
analytical methods shown in Figure 6.8 and Table 6.2. Obvi-
ously, Ys; values less than 1.0 should not be allowed to prevent
the risk of bridges being underdesigned. Furthermore, the
values of ¥s; should be rounded to the nearest 0.05, because
not doing so implies a level of confidence that is not justified
by the available data. Table 6.10 presents values of s that are
bounded by 1.0 and rounded to the nearest 0.05.

6.1.3.6 Step 6: Review Results and Selection
of Load Factor for Settlement

Figure 6.21 shows a plot of ys; versus 3 based on the data shown
in Table 6.10. The current practice based on AASHTO LRFD
(2012) is as follows:

1. Use the Hough (1959) method to estimate immediate
settlements.
2. Use YSE =1.0.

The data in Table 6.10 and the graph in Figure 6.21 imply
that f = 1.65 corresponds to the current practice noted above.
B=1.65is based on the data set in Table 6.2. If additional data
were included, or if a different regional data set were to be
used, then the value of B may be different. However, based on
a review of state practices performed as part of Samtani and

Table 6.10. Proposed Values of yge for Various Methods to Estimate Immediate
Settlement of Spread Footings on Cohesionless Soils

Reliability | Schmertmann D’Appolonia Peck and Burland and
Index (B) et al. (1978) Hough (1959) | etal. (1968) | Bazaraa (1969) | Burbridge (1984)
0.00 1.00 1.00 1.10 1.60 1.70

0.50 1.25 1.00 1.40 2.20 2.45

1.00 1.70 1.00 1.80 3.05 3.65

1.50 2.35 1.00 2.30 4.15 5.35

2.00 3.25 1.15 2.95 5.65 7.85

2.50 4.50 1.40 3.80 7.70 11.60

3.00 6.20 1.70 4.90 10.50 17.05

3.50 8.60 2.05 6.30 14.35 25.10

Note: The values of yse have been rounded to the nearest 0.05 and limited to 1.00 or larger.
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Figure 6.21. Evaluation of ysg based on current and target

reliability indices.

Nowatzki (2006) and Samtani et al. (2010), it is anticipated
that, based on its inherent conservatism, the value of B is
anticipated to be large and greater than 1.0 for the Hough
(1959) method and sz = 1.0. The majority of the data points
for the Hough method plot below s = 1.0, which suggests a
significant conservatism in the Hough method. This is con-
sistent with the earlier observation that the Hough method
is conservative (overpredicts) by a factor of approximately
two (see Table 6.4), which leads to an unnecessary use of deep
foundations instead of spread footings. Based on a consider-
ation of reversible and irreversible SLSs for bridge super-
structures, as shown earlier, a target reliability index (B;) in
the range of 0.50 to 1.00 for calibration of load factor sz for
foundation deformation in the Service I limit state is accept-
able. Settlement is clearly an irreversible limit state with
respect to the foundation elements, but it may be reversible
through intervention with respect to the superstructure. This
type of logic would lead to consideration of 0.50 as the B, for
calibration of immediate settlements under spread footings
on cohesionless soils.

In Figure 6.21, the horizontal bold dashed line corresponds
to B = 0.50 for SLS evaluation. The boxes around the markers
for various methods represent the spread of predicted values for
the five methods evaluated here. For § = 0.50, if ysz = 1.25 is
adopted, then it would encompass three of the five methods.
The value of s = 1.25 includes the Schmertmann et al. (1978)
method, which is currently recommended by Samtani and
Nowatzki (2006) and Samtani et al. (2010) and is commonly
used in U.S. practice. Based on these observations, ys; = 1.25 is
recommended.

6.1.3.7 Step 7: Select vy for Service I Limit State

As demonstrated in Steps 5 and 6, the Ys value can be deter-
mined for any reliability index () for various analytical
methods. Use of the format shown in Figure 6.21 will lead to
better regional practices in the sense that owners desiring to
calibrate their local practices can readily see the implication
of a certain method on the selection and cost of a foundation
system. This is because the chart in Figure 6.21 shows the
reliability of various methods and permits selection of an
appropriate method that would lead to selection of a proper
foundation system for a given set of } and s, values (i.e., not
using a deep foundation system when a spread foundation
would be feasible). The agency that calibrates a value of sz
based on a locally accepted analytical method must ensure
that the chosen value of ys; is consistent with the serviceability
of the substructure and superstructure design, as discussed
in Step 6.

6.1.4 Meaning and Use of yge

The meaning and use of ys; must be understood in the specific
context of structural implications within the AASHTO LRFD
framework. In particular, the value of 7y is used to assess
structural implications, such as the generation of additional
(secondary) moments within a given span because of settle-
ment of one of the support elements and effect on the riding
surface, and conceivably even appearance and roadway damage
issues. If taken literally, the value of ys; = 1.25 in the example
could be interpreted to mean that the settlement predicted (y)



by the analytical method of Schmertmann et al. (1978) needs
to be increased by 25% to limit the probability of exceedance
(P,) of the tolerable settlement (&;) to less than 30.85%, cor-
responding to a target reliability index (B;) of 0.50. However,
this literal interpretation is not entirely correct because the
value of ¥ (1.25 in this case) is just one of many load factors
in the Service I limit state load combinations within the overall
AASHTO LRFD framework.

In addition to the SLS, settlements need to be considered at
applicable strength limit states, because although settlements
can cause serviceability problems, they can also have a signifi-
cant effect on moments in continuous superstructures that can
result in increased member sizes. Settlement is handled more
explicitly in AASHTO LRFD (in which it is listed among the
loads in Table 3.4.1-1, Load Combinations and Load Factors)
than it was in the Standard Specifications for Highway Bridges.
It appears in four of the five strength load combinations and
three of the four service load combinations. This emphasis may
appear to be a departure from past practice, as exemplified
by AASHTO’s Standard Specifications for Highway Bridges, in
that settlement does not appear in those load combinations.
But settlement is mentioned in Article 3.3.2.1 of Standard
Specifications (2002), which states “If differential settlement
is anticipated in a structure, consideration should be given
to stresses resulting from this settlement.” The parent article
(3.3, Dead Load) implies that settlement effects should be
considered wherever dead load appears in the allowable stress
design or load factor design (LFD) load combinations.

The additional moments due to the effect of settlement are
very dependent on the stiffness of the bridge, as well as the
angular rotation (i.e., differential settlement normalized with
respect to span length, as discussed in Chapter 2 in the section
on tolerable vertical deformation criteria). A limited study
(Schopen 2010) of several two- and three-span steel and pre-
stressed concrete continuous bridges selected from the NCHRP
Project 12-78 database showed that allowing the full angular
distortion suggested in Table 2.2 could result in an increase
in the factored Strength I moments on the general order of as
little as 10% for the more flexible units considered to more
than double the moment from only the factored dead and live
load moments for the stiffer units. These order of magnitude
estimates are based on elastic analysis without consideration of
creep, which could significantly reduce the moments, especially
for relatively stiff concrete bridges. For example,a W 36 x 194
rolled beam with a 10 X 174-in. bottom cover plate composite
with a 96 X 7%4-in. deck is presented in Brockenbrough and
Merritt (2011). The computed moments of inertia for the basic
beam and short-term composite and long-term composite
sections were in the approximate ratio 1:2:3. This indicates that
consideration of construction sequence, an appropriate choice
of section properties, and possibly even a time-dependent
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calculation of creep effects could be beneficial in some cases.
Use of the construction point concept (see next section) would
also mitigate the settlement moments. Nevertheless, Schopen’s
results suggest that the use of permissible angular distortions
approaching those currently allowed by AASHTO LRFD
requires careful consideration of the particular bridge and its
design objectives.

As the predicted (estimated or calculated) settlement (;) is
based on the Service I load combination and the load factor
(Yse) is used to modify the Service I load combination, the
use of Y5 can potentially lead to a circular reference in the
bridge design process that may require significant iterations.
The following procedure is recommended to avoid a circular
reference:

1. Assume zero settlement and determine the service load by
using the Service I load combination. When settlement is
assumed to be zero, the value of ; is irrelevant.

2. Determine 8, based on the method that has been calibrated
using the procedure described here.

3. Multiply 8, by yse = 1.25 to determine the tolerable (lim-
iting) settlement (&;) that should be incorporated into
bridge design through use of the 8-0 angular distortion
and construction point concept described below. The use
of the 8-0 angular distortion and construction point con-
cept incorporates the span lengths, differential settlements
between support elements, and the various stages of con-
struction into the bridge design process.

6.1.5 Effect of Foundation Deformations
on Bridge Superstructures

Uneven displacements of bridge abutments and pier founda-
tions often lead to costly maintenance and repair measures
associated with the structural distress that the bridge super-
structure and substructure might experience. The bridge
superstructure and substructure displacements can be due to
a variety of reasons, including foundation deformations. The
foundation deformations need to be evaluated in the context
of span lengths and various construction steps to understand
their effect on the bridge superstructures. These aspects and
the concepts of angular distortion and construction points are
discussed in this section. The application of load factors due
to deformation (e.g., Yse) is also presented.

For all bridges, stiffness should be appropriate to the con-
sidered limit state. Similarly, the effects of continuity with the
substructure should be considered. In assessing the structural
implications of foundation deformations of concrete bridges,
the determination of the stiffness of the bridge components
should consider the effects of cracking, creep, and other
inelastic responses.
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6.1.5.1 8-0 Concept for Vertical Deformations
(Settlements)

Because of the inherent variability of geomaterials, the verti-
cal deformations at the support elements of a given bridge
(i.e., piers and abutments) will generally be different. This is
true regardless of whether deep foundations or spread footings
are used. Figure 6.22 shows the hypothetical case of a four-span
bridge structure with five support elements (two abutments
and three piers) for which the calculated settlement () at each
support is different (the figure assumes rigid substructure
units between the foundations and bridge superstructure).
Differential settlements induce bending moments and shear
in the bridge superstructure when spans are continuous over
supports and potentially cause structural damage. To a lesser
extent, they can also cause damage to a simple-span bridge.
However, the major concern with simple-span bridges is the
quality of the riding surface and aesthetics. Due to a lack of
continuity over the supports, the changes in slope of the riding
surface near the supports of a simple-span bridge induced by
differential settlements may be more severe than those in a
continuous-span bridge.

Depending on factors such as the type of superstructure,
the connections between the superstructure and substructure
units, and the span lengths and widths, the magnitudes of
differential settlement that can cause damage to the bridge
structure can vary significantly. For example, the damage
to the bridge structure due to a differential settlement of
2 in. over a 50-ft span is likely to be more severe than the
same amount of differential settlement over a 150-ft span.
Various studies, including Grant et al. (1974) and Skempton
and MacDonald (1956), have determined that the severity of

differential settlement on structures is roughly proportional
to the angular distortion (A), which is a normalized measure
of differential settlement that includes the distance over which
the differential settlement occurs. Angular distortion is defined
as the difference in settlement between two points (Ad) divided
by the distance between the two points (L), as shown in Fig-
ure 6.22. Angular distortion is a dimensionless quantity that is
expressed as an angle in radians. Theoretically, the ratio Ad/L
represents the tangent of the angle of distortion, but for small
values of the tangent, the angles are also very small. Thus, the
tangents (i.e., A) are shown as angles in Figure 6.22. For bridge
structures, the two points used to evaluate the differential
settlement are commonly selected as the distance between
adjacent support elements (see Figure 6.22).

Although all analytical methods for estimating settlements
have a certain degree of uncertainty, the uncertainty of the
calculated differential settlement is larger than the uncertainty
of the calculated total settlement at each of the two support
elements used to calculate the differential settlement (e.g.,
between an abutment and a pier or between two adjacent piers).
For example, if one support element settles less than the
amount calculated, and the other support element settles
the amount calculated, the actual differential settlement
will be larger than the difference between the two values of
calculated settlement at the support elements. On the basis of
these considerations and guidance in Samtani and Nowatzki
(2006) and Barker et al. (1991), the following limit state criteria
are suggested to estimate a realistic value of differential settle-
ment and angular distortion:

e The actual settlement of any support element could be as
large as the value calculated by using a given method.

Abutment 1 Pier 1 Pier 2 Pier 3 Abutment 2
L - Jo te g by Le
N Span 1 T Span 2 I~ Span 3 T Span 4 i

Differential
Support Element | Settlement Span Settlement Angular Distortion
Abutment 1 da1 1 1841 — dpil Ay = (1841 — dpil)/L,
Pier 1 dp1 2 18p1 — dpal Ay = (18p1 — dpal)/ Lo
Pier 2 dp2 3 18p2 — dp3l Az = (16p2 — dp3l)/L3
Pier 3 dp3 4 18p3 — a2l Ag = (18p3 — dp2l)/Ls
Abutment 2 a2

Figure 6.22. Concept of settlement and angular distortion

in bridges.



Table 6.11. Estimation of Design
Differential Settlements and Design
Angular Distortions for Hypothetical
Case Shown in Figure 6.22

Design Differential Design Angular
Span Settlement Distortion
1 8p1 = Opy (@ssume 8,1 = 0) Ay =8pi/L4
2 8p1 = Opy (@ssume dp, = 0) A, =0pi/L,
3 Op3 = dps (@ssume &p, = 0) Az = 0ps/Ls
4 02 = Op2 (@SSUME Op3 = 0) Ay =0u/L4

At the same time, the actual settlement of the adjacent sup-
port element could be zero instead of the value calculated
by using the same given method.

The concept outlined above is referred to as the §-0 concept,
with a value of 8 representing full calculated settlement at one
support of a span and a value of 0 representing zero settle-
ment at an adjacent support. Use of the §-0 approach would
result in an estimated maximum possible differential settle-
ment between two adjacent supports equal to the larger of the
two total settlements calculated at either end of any span. Thus,
with respect to Figure 6.22, where 8, < 8p; > 8p, < Op3 < Oy,
represents the relative magnitudes of the total settlement at
each support point, the differential settlements and angular
distortion for design are evaluated as shown in Table 6.11.
The values in Table 6.11 represent the maximum values for
each span according to the criteria above and should be used
for design. The hypothetical settlement profile assumed for
computation of the design angular distortion for each span is
represented by the dashed lines in Figure 6.23. It should not
be confused with the calculated total settlement profile, which
is represented by the solid lines. From the viewpoint of the
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damage to the bridge superstructure, the concept shown in
Figure 6.23 is more important for continuous-span structures
than single-span structures because of the ability of the latter
to permit larger movements at support elements.

6.1.5.2 Construction Point Concept

Most designers analyze foundation deformations as if a
weightless bridge structure is instantaneously set in place and
all the loads are applied at the same time. In reality, loads are
applied gradually as construction proceeds. Consequently,
settlements also occur gradually as construction proceeds.
Several critical construction points or stages during construc-
tion should be evaluated separately by the designer. Figure 6.3
shows the critical construction stages and their associated load-
displacement behavior. The baseline format of Figure 6.24 is
the same as that of Figure 6.3 except that the figure considers
vertical load and vertical displacement (i.e., settlement). For-
mulation of settlements in the manner shown in Figure 6.24
would permit an assessment of settlements up to that point
that can affect the bridge superstructure. For example, the
settlements that occur before placement of the superstructure
may not be relevant to the design of the superstructure. Thus,
the settlements between application of loads X and Z are the
most relevant.

The percentage of settlement between the placement of
beams and the end of construction is generally in the range of
25% to 75%, depending on the type of superstructure and
the construction sequence. With respect to the example of the
four-span bridge and the angular distortions in Table 6.11, the
use of the construction point concept would result in smaller
angular distortions to be considered in the structural design.
This will be true of any bridge evaluation. Using Figure 6.22
as a reference, Figure 6.25 compares the profiles of the calcu-
lated settlements (solid lines), hypothetical maximum angular
distortions (dashed lines), and the range of actual angular

Abutment 1 Pier 1 Pier 2 Pier 3 Abutment 2
L - Je e g b g4 Ly
I~ Span1 il Span 2 T Span3 I Span 4 il
a1 dp1 dp2 Spa a2

angular distortion

Calculated settlement profile (refer to Figure 6.22)
Hypothetical settlement profile assumed for computation of maximum

Figure 6.23. Estimation of maximum angular distortion

in bridges.
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B Factored Load I_\
l 9 (Strength Limit) F
Y 4 Wearing Surface During
h 4 s truct construction
uperstructure y 4 Long — term settlement
X Y (if applicable)
«————— Substructure Service Load
X (Service Limit)
[ 73xRs W
1 W <« Foundation (shallow or deep) )
Vertical
(a) Sw Ox Sy 8z Displacement ~
(b)
Legend:
W | load after foundation construction Sy | displacement under load W
X | load after pier column and wall construction dx | displacement under load X
Y | load after superstructure construction 8y | displacement under load Y
Z | load after wearing surface construction &z | displacement under load Z

S | service load (or limit) state (SLS)

F | factored load (strength limit state)

Figure 6.24. Construction point concept for a bridge pier: (a) identification
of critical construction points and (b) conceptual load-displacement pattern

for a given foundation.

distortions (hatched-pattern zones) based on the construction
point concept. The angular distortions shown in Figure 6.25
should be compared with the limit state criteria for angular
distortions provided in Article 10.5.2.2 of AASHTO LRFD
(2012) and Table 6.2 here.

On the basis of the discussions above, it is recommended
that the limit state of vertical deformations (i.e., settlements)

should be evaluated in terms of angular distortions using the
construction point concept. While using the construction
point concept, it is important to recognize that the various
quantities are being measured at discrete construction stages,
and the associated settlements are considered to be immediate.
However, the evaluation of total settlement and the maximum
(design) angular distortion must also account for long-term

Abutment 1 Pier 1 Pier 2 Pier 3 Abutment 2
| L1 \I/ Lg \I/ L3 \l/ L4 \l
T spant T Span 2 T 1
Sa1 p1

E;i" . ] _ =
RIS
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- angular distortion
‘t}?‘JJ
&

Calculated settlement profile (refer to Figure 6.22)
Hypothetical settlement profile assumed for computation of maximum

Range of relevant angular distortions using construction point concept

Figure 6.25. Angular distortion in bridges based on construction

point concept.



settlements. For example, significant long-term settlements
may occur if foundations are founded on saturated clay depos-
its or if a layer of saturated clay falls within the zone of stress
influence below the foundation, even though the foundation
itself is founded on competent soil. In such cases, long-term
settlements will continue under the total construction load
(Z), as shown by the dashed line in Figure 6.24. Continued
settlements during the service life of the structure will tend to
reduce the vertical clearance under the bridge, which may
cause problems when large vehicles pass below the bridge
superstructure. As a result, the geotechnical specialist must
estimate and report to the structural specialist the magnitude
of the long-term settlement that will occur during the design
life of the bridge. A key point in evaluating settlements at critical
construction points is the close coordination required between
the structural and geotechnical specialists.

6.1.5.3 Foundations Proportioned
for Equal Settlement

Often geotechnical and structural specialists will try to pro-
portion foundations for equal settlement. In this case, the
argument is made that there will be no differential settlement.
Although this concept may work for a building structure
because the footprint is localized, it is a fallacy to assume zero
differential settlement for a long linear highway structure such
as a bridge or a wall due to the inevitable variation of the
properties of geomaterials along the length of the structure.
Furthermore, as noted earlier, the prediction of settlements
from any given method is uncertain in itself. Thus for high-
way structures, even when the foundations are proportioned
for equal settlement, it is advisable to evaluate differential
settlement assuming that the settlement of any support ele-
ment could be as large as the value calculated by using a given
method, while at the same time, the settlement of the adjacent
support element could be zero.

6.1.5.4 Horizontal Deformations

Horizontal deformations generally occur due to sliding or
rotation (or both) of the foundation. Horizontal deformations
cause more severe and widespread problems than do equal
magnitudes of vertical movement (Moulton et al. 1985). The
most common location of horizontal deformations is at
the abutments, which are subject to lateral earth pressure.
Horizontal movements can also occur at the piers as a result
of lateral loads and moments at the top of the substructure
unit. The estimation of the magnitudes of horizontal move-
ments should take into account the movements associated
with lateral squeeze, as discussed in Samtani and Nowatzki
(2006) and Samtani et al. (2010). Lateral movements due to
lateral squeeze can be estimated by geotechnical specialists,
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and lateral movements due to sliding or lateral deformations
of deep foundations can be estimated by structural specialists
using input from geotechnical specialists. The limiting hori-
zontal movements are strongly dependent on the type of
superstructure and the connection with substructure and are
therefore project specific.

6.1.6 Practical AASHTO LRFD Application
of the Load Factor for Deformation
Using the Construction Point Concept

Article 10.5.2.2 of AASHTO LRFD (2012) addresses the topic
of tolerable movements and movement criteria. This section
is intended to provide additional guidance to incorporate the
concept of the load factor for deformation and the construc-
tion point concept into LRFD Article 10.5.2.2. The following
steps should be followed to estimate a practical value of angular
distortion of the superstructure on the basis of foundation
settlement; a similar approach can be applied and is recom-
mended for evaluation of horizontal movement and rotation
of foundations.

6.1.6.1 Vertical Deformations (Settlement)

1. Compute total foundation settlement at each support ele-
ment by using an owner-approved method for the assumed
foundation type (e.g., spread footings, driven piles, drilled
shafts) as follows:

a. Determine d,, the total foundation settlement using all
applicable loads in the Service I load combination.

b. Determine J, the total foundation settlement before
construction of bridge superstructure. This settlement
would generally be as a result of all applicable sub-
structure loads computed in accordance with a Service I
load combination.

c. Determine §,, relevant total settlement: 8, = &, — 5.

2. Atagiven support element assume that the actual relevant
settlement could be as large as the value calculated by the
chosen method. At the same time, assume that the settle-
ment of the adjacent support element could be zero instead
of the relevant settlement value calculated by the same
chosen method. Thus, differential settlement (8,) within a
given bridge span is equal to the larger of the relevant settle-
ment at each of two supports of a bridge span. Compute
angular distortion (A,) as the ratio of §, to span length (L,),
where A, is measured in radians.

The discussion with respect to Table 6.11 and Figure 6.23
in Section 6.1.5 is applicable to this step.

3. Compute modified angular distortion (A4,) by multiplying
A, from Step 2 with the s values for settlement using the
approach discussed in Section 6.1.4 based on the analytical
method used for computing the total settlement value.
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4. Compare the Ay, value with owner-specified angular dis-
tortion criteria. If owner-specified criteria are not available,
then use 0.008 radians for the case of simple spans and
0.004 radians for the case of continuous spans as the limit-
ing angular distortions. This was discussed in Chapter 2 in
the section on tolerable vertical deformation criteria.
Other angular distortion limits may be appropriate after
consideration of
¢ Cost of mitigation through larger foundations, realign-

ment, or surcharge;

¢ Rideability;

e Vertical clearance;

e Tolerable limits of deformation of other structures
associated with the bridge (e.g., approach slabs, wing-
walls, pavement structures, drainage grades, utilities on
the bridge);

¢ Roadway drainage;

e Aesthetics; and

e Safety.

5. Evaluate the structural ramifications of the computed
angular distortions that are within acceptable limits as per
Step 4. Modify foundation design as appropriate based on
structural ramifications.

6. The above procedure should also be used for cases in
which the foundations of various support elements are
proportioned for equal total settlement, because the pre-
diction of settlements from any given method is in itself
uncertain.

6.1.6.2 Lateral Deformations

Using procedures similar to settlement evaluation specified
for vertical deformation in the previous subsection, lateral
(horizontal) movement at the foundation level can also be
evaluated. Horizontal movement criteria should be estab-
lished at the top of the foundation based on the tolerance of
the structure to lateral movement, with consideration of the
column length and stiffness.

The above guidance should take into account the following
guidance from Article C10.5.2.2 of AASHTO LRFD (2012):

Rotation movements should be evaluated at the top of the
substructure unit in plan location and at the deck elevation.

Tolerance of the superstructure to lateral movement will
depend on bridge seat or joint widths, bearing type(s), struc-
ture type, and load distribution effects.

6.1.6.3 Walls

The procedure for computing angular distortions can also be
applied for evaluating angular distortions along and trans-
verse to retaining walls, as well as the junction of the approach

walls to abutment walls. The angular distortion values along
a retaining wall can be used to select an appropriate wall type
(e.g., MSE walls can tolerate larger angular distortions than
cast-in-place walls).

6.1.6.4 General Comments

The following guidance from AASHTO LRFD Article 10.5.2.2
should be followed while implementing the recommenda-
tions made in previous sections:

Foundation movement criteria shall be consistent with the
function and type of structure, anticipated service life, and
consequences of unacceptable movements on structure perfor-
mance. Foundation movement shall include vertical, horizontal,
and rotational movements. The tolerable movement criteria
shall be established by either empirical procedures or structural
analyses, or by consideration of both.

Foundation settlement shall be investigated using all
applicable loads in the Service I load combination specified in
Table 3.4.1-1. Transient loads may be omitted from settlement
analyses for foundations bearing on or in cohesive soil deposits
that are subject to time-dependent consolidation settlements.

All applicable service limit state load combinations in
Table 3.4.1-1 shall be used for evaluating horizontal move-
ment and rotation of foundations.

Additional guidance is provided below:

¢ All foundation deformation evaluations should be based
on the geomaterial information obtained in accordance
with Article 10.4 of AASHTO LRFD (2012).

¢ The bridge engineer should add deformations from the sub-
structure (elements between foundation and superstructure)
as appropriate in evaluation of angular distortions at the
deck elevation.

¢ Although the angular distortion is generally applied in the
longitudinal direction of a bridge, similar analyses should
be performed in the transverse direction based on consid-
eration of bridge width and stiftness.

6.1.7 Proposed AASHTO LRFD Provisions

In AASHTO LRFD (2012), Article 10.5.2 (Service Limit
States) in Section 10 (Foundations) is the primary article that
provides guidance for SLS design for bridge foundations in
terms of tolerable movements. Article 10.5.2 is referenced in
other articles, as indicated in Table 6.12.

The changes based on geotechnical considerations are pri-
marily needed in Article 10.5.2. As Article 10.5.2 references
Article 3.4, changes are also needed in that article. These
changes are provided in Chapter 7.



Table 6.12. Summary of Relevant Articles in
AASHTO LRFD for Foundation Deformations

Article Title Relates to

10.6.2.2 Tolerable Movements Spread footings

10.6.2.5 Overall Stability Spread footings

10.7.2.2 Tolerable Movements Driven piles

10.7.2.4 Horizontal Pile Foundation Driven piles
Movement

C10.7.2.5 Commentary to Settlement | Driven piles
Due to Downdrag

10.8.2.1 Service Limit State Drilled shafts

10.8.2.2.1 General Drilled shafts

10.8.2.3 Horizontal Movements of Drilled shafts
Shafts and Shaft Groups

10.9.2.2 Tolerable Movements Micropiles

10.9.2.4 Horizontal Micropile Micropiles
Foundation Movement

C11.10.11 | Commentary to MSE MSE walls
Abutments

14.5.2.1 Number of Joints Joints and bearings

Note: Article 10.5.2 and its subarticles are frequently referenced in the
articles noted in the left-hand column and their corresponding commentary
portion. In this table, the article number is based on the first occurrence of
the reference to Article 10.5.2.

6.2 Cracking of Reinforced
Concrete Components,
Service | Limit State:
Annual Probability

Traditionally, reinforced concrete components are designed to
satisfy the requirements of the strength limit state, after which
they are checked for the Service I limit state load combination
to ensure that the crack width under service conditions does
not exceed a certain value. However, the specifications provi-
sions are written in a form emphasizing reinforcement details
(i.e., limiting bar spacing rather than crack width). Satisfying
the Service I limit state for crack control through the distribu-
tion of reinforcement may require a reduction in the reinforce-
ment spacing. This may require the use of smaller bar diameters
or, if the smallest allowed bar diameters are already being used,
an increase in the number of reinforcement bars leading to an
increase in the reinforcement area.

Two exposure classifications exist in AASHTO LRFD: Class 1
exposure condition and Class 2 exposure condition. Class 1
relates to an estimated maximum crack width of 0.017 in.,
and Class 2 relates to an estimated maximum crack width of
0.01275 in. Class 2 is typically used for situations in which the
concrete is subjected to severe corrosion conditions, such as
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bridge decks exposed to deicing salts and substructures exposed
to water. Class 1 is used for less corrosive conditions and could
be thought of as an upper bound in regard to crack width for
appearance and corrosion. Previous research indicates that
there appears to be little or no correlation between crack width
and corrosion. However, the different classes of exposure con-
ditions have been so defined in the design specifications in
order to provide flexibility in the application of these provi-
sions to meet the needs of the bridge owner.

The load factors for dead load (DL) and live load (LL) spec-
ified for the Service I load combination are as follows: DL load
factor =1.0 and LL load factor = 1.0.

When designing reinforced concrete bridge decks using the
conventional design method, most designers follow a similar
approach in selecting the deck thickness and reinforcement.
The thickness is typically selected as the minimum acceptable
thickness, often based on the owner’s standards. The choice of
main reinforcement bar diameter is typically limited to No. 5
and No. 6 bars, and the designer does not switch to No. 6 bars
unless No. 5 bars result in bar spacing less than the minimum
spacing allowed. This practice limits the number of possible
variations and allows the development of a deck database that
can be used in the calibration.

For decks designed using the empirical method, not deter-
mined on the basis of a calculated design load, the reinforce-
ment does not change with the change in girder spacing,
which results in varying crack resistance. As the statistical
parameters for both the load effect and the resistance are
required to perform the calibration, a meaningful calibration
of decks designed using the empirical design method could
not be performed.

For other components, including prestressed decks, design-
ers may select different member dimensions, resulting in dif-
ferent reinforcement areas. Even for the same reinforcement
area, the designer may use bars or strands of different diam-
eters and spacing and, consequently, obtain different crack
resistance and a different reliability index for each possible
variation. The variation in the cracking behavior of the same
component with the change in the selected reinforcement
prohibits the performance of a meaningful calibration for
such components.

Due to the reasons indicated above, the calibration for the
Service I limit state for crack control through the distribution of
reinforcement was limited to reinforced concrete decks designed
using the conventional design method. The decks are assumed
to be supported on parallel longitudinal girders.

6.2.1 Live Load Model

Reinforced concrete decks designed using the conventional
method have been designed for the heavy axles of the design
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truck. This practice required developing the statistical param-
eters of the axle loads of the trucks in the weigh-in-motion
(WIM) data. The statistical parameters for the axle loads are
presented in Chapter 5. Statistical parameters corresponding
to a 1-year return period were assumed in the reliability analy-
sis. Average daily truck traffic (ADTT) of 1,000, 2,500, 5,000,
and 10,000 were considered; however, an ADTT of 5,000 was
used as the basis for the calibration.

6.2.2 Target Reliability Index
6.2.2.1 Limit State Function

For the control of cracking of reinforced concrete through the
distribution of reinforcement, the limiting criteria are the cal-
culated crack widths, assumed to be 0.017 and 0.01275 in. for
Class 1 and Class 2, respectively. Due to the lack of clear con-
sequences for violating the limiting crack width, there was no
basis to change the nature or the limiting values of the limit
state function (i.e., the crack width criteria). The work was
based on maintaining the current crack width values and
calibrating the limit state to produce a uniform reliability
index similar to the average reliability index produced by the
current designs.

6.2.2.2 Statistical Parameters of Variables
Included in the Design

Several variables affect the resistance of prestressed compo-
nents. Table 6.13 shows a list of variables that were considered
to be random variables during the performance of the reliability
analyses. These variables represent a summary of the infor-
mation based on research studies by Siriaksorn and Naaman
(1980) and Nowak et al. (2008).

6.2.2.3 Database of Reinforced Concrete Decks

A database consisting of 15 reinforced concrete decks designed
using the conventional method of deck design was developed.
As typical in deck design, No. 5 bars were used unless they
resulted in bar spacing less than 5 in., the minimum spacing
many jurisdictions allow in deck design. If No. 5 bars resulted in
a bar spacing less than 5 in., No. 6 bars were used. No maximum
bar spacing was considered in the design to ensure that all
decks produced a calculated crack width equal to the maxi-
mum allowed crack width allowed by the specifications. The
designs were not checked for other limit states because the
purpose was to calibrate the Service I limit state. The design
of the 15 decks was repeated twice, once assuming Class 1

Table 6.13. Summary of Statistical Information for Variables Used
in the Calibration of Service I Limit State for Crack Control

Variable | Distribution Mean CcvVv Source
As Normal 0.9A, 0.015 Siriaksorn and Naaman (1980)
b Normal b, 0.04 Siriaksorn and Naaman (1980)
Ck, Normal 33.6 0.1217 Siriaksorn and Naaman (1980)
d Normal 0.99d, 0.04 Nowak et al. (2008)
d, Normal dgn 0.04 Nowak et al. (2008)
E, Normal E., 0.024 Siriaksorn and Naaman (1980)
ft Lognormal 3,000 psi:1.31f;, | 3,000:0.17 Siriaksorn and Naaman (1980)
E.=Cg, 3,500 psi:1.27 f;, | 3,500:0.16
'\{]:-5\/?0’ 4,000 psi:1.24 f;, | 4,000:0.15
4,500 psi:1.21 f,, | 4,500:0.14
5,000 psi:1.19 f;, | 5,000:0.135
f, Lognormal 1.13f, 0.03 Nowak et al. (2008)
h Normal hn 1/(6.4p) Siriaksorn and Naaman (1980)
Ye Normal 150 0.03 Siriaksorn and Naaman (1980)

As = area of steel rebar (in.?);

b = width of equivalent transverse strip of concrete deck (in.);
Cg, = constant parameter for concrete elasticity modulus;

d = effective depth of concrete section (in.);

d. = bottom cover measured from center of lowest bar (in.);

E; = modulus of elasticity of steel reinforcement (psi);
fe = specified compressive strength of concrete (psi);

f, = yield strength of steel reinforcement (psi);
h = deck thickness (in.); and
Y. = unit weight of concrete (Ib/ft?).



Table 6.14. Summary Information of 15 Bridge
Decks Designed Using AASHTO LRFD Conventional
Deck Design Method

Deck Group No. | Girder Spacing (ft) | Deck Thickness (in.)

1 6 7
7.5
8

2 8 7.5
8
8.5
3 10 8
8.5
9
9.5
4 12 8
8.5
9
9.5
10

exposure conditions and a second time assuming Class 2
exposure conditions.

Table 6.14 presents the summary information of the
15 designed bridge decks.

6.2.2.4 Selection of Target Reliability Index

Monte Carlo simulation was used to obtain the statistical
parameters of resistance (or capacity) and dead load, and
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the statistical parameters for live load were taken from Sec-
tion 5.3.4. The reliability indices for various ADTTs and expo-
sure conditions for the 15 decks are summarized in Table 6.15.
Due to the difference in positive and negative moment (bottom
and top) reinforcement of the deck, the reliability index was
calculated separately for the positive and negative moment
reinforcement.

Even though the design for Class 2 resulted in more rein-
forcement than for Class 1 exposure conditions, the reliability
index for Class 2 is lower than that for Class 1 due to the more
stringent limiting criteria (narrower crack width).

Current practices rarely result in the deck positive moment
reinforcement being controlled by the Service I limit state
due to the small bottom concrete cover. When Strength I limit
state is considered, more positive moment reinforcement is
typically required than by Service I. The additional reinforce-
ment results in reliability indices for the positive moment
region higher than those shown in Table 6.15.

For the negative moment region, the design is often con-
trolled by the Service I limit state. Thus, the reliability indices
shown for the negative moment region in Table 6.15 are
considered representative of the reliability indices that would
be calculated when all limit states, including Strength I, are
considered in the design.

Therefore, it is recommended that the target reliability index
be based on the reliability index for the negative moment
region. Because the Class 2 case is the more common case for
decks, the reliability index for Class 2 was used as the basis
for selecting the target reliability index. The reliability index
for Class 1 was assumed to represent a relaxation of the base
requirements. The case of ADTT = 5,000 was also considered
as the base case on which the reliability analysis was performed.
Table 6.16 shows the inherent reliability indices for the negative

Table 6.15. Summary of Reliability Indices for Concrete Decks Designed

According to AASHTO LRFD (2012)

Positive Moment Region Negative Moment Region
Reliability Index | Reliability Index | Reliability Index | Reliability Index

ADTT (Class 1) (Class 2) (Class 1) (Class 2)
1,000 2.44 1.54 2.37 1.77
2,500 1.95 1.07 1.79 1.27
5,000 1.66 0.85 1.61 1.05
10,000 1.39 0.33 1.02 0.5
Average 1.86 0.95 1.70 1.15
Maximum 2.44 1.54 2.37 1.77
Minimum 1.39 0.33 1.02 0.50
Standard deviation 0.45 0.50 0.56 0.53
Ccv 24% 53% 33% 46%
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Table 6.16. Reliability Indices of Existing
Bridges Based on 1-Year Return Period

Current Practice
(Class 2, Negative)

Current Practice
ADTT (Class 1, Negative)

1,000 2.37 1.77
2,500 1.79 1.27
5,000 1.61 1.05
10,000 1.02 0.50

moment region of decks designed for the current AASHTO
LRFD. The selected target reliability indices are 1.6 and 1.0 for
Class 1 and Class 2, respectively, based on ADTT = 5,000.

6.2.3 Calibration Result

The basic steps of the calibration process are shown below as
they relate to the Service I calibration.

6.2.3.1 Step 1: Formulate Limit State Function
and Identify Basic Variables

The limit state function considered was the limit on the esti-
mated crack width. In the absence of information suggesting
that the current criteria (based on a crack width of 0.017 and
0.01275 in. for Class 1 and Class 2, respectively) are not ade-
quate, the current crack widths were maintained as the limiting
criteria. A discussion of crack width equations in the literature
is included in Appendix C.

6.2.3.2 Step 2: Identify and Select Representative
Structural Types and Design Cases

The database of decks used in this study is described in Sec-
tion 6.2.2.3.

6.2.3.3 Step 3: Determine Load and Resistance
Parameters for Selected Design Cases

The variables include the dimension of the cross section and the
material properties. The statistical information includes the
probability distribution and statistical parameters such as
mean (p) and standard deviation (G).

6.2.3.4 Step 4: Develop Statistical Models
for Load and Resistance

The variables affecting the load and resistance were identified.
These include live load; resistance, including the dimensions
of the cross section; and the material properties. The statistical

information includes the probability distribution and statisti-
cal parameters for axle loads presented in Section 5.3.4 in
Chapter 5 and for other variables affecting the resistance pre-
sented in Section 6.2.2.2.

6.2.3.5 Step 5: Develop Reliability
Analysis Procedure

The statistical information of all the required variables was
used to determine the statistical parameters of the resistance
by using Monte Carlo simulation.

For each deck, Monte Carlo simulation was performed for
each random variable associated with the calculation of the
resistance and dead load. One thousand simulations were per-
formed. For each random variable 1,000 values were generated
independently on the basis of the statistics and distribution
of that random variable. For each simulation, t