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Transfer of Load Between Precast Bridge Slabs 
ADRIAN PAUW and JOHN E . BREEN, respectively, Professor and Assistant Professor 
of Civil Engineering, University of Missouri, Columbia 

#THIS PAPER presents the procedures used and the results obtained in a series of 
static load tests designed to study the mechanism of load transfer between adjacent 
precast bridge-slab sections. These tests were undertaken as one phase of a general 
structural and economic study of precast bridge units under the sponsorship of the 
Missouri State Highway Commission and the Bureau of Public Roads. Because little or 
no information was available on the nature of the mechanism of load transfer between 
precast slab sections, this test program was necessarily of an exploratory nature and 
was therefore designed to give specific information for the standard channel sections 
presently used by the Missouri State Highway Department. 

THE MISSOURI STANDARD CHANNEL SECTION 
The precast channel section used by the Missouri State Highway Department has a 

standard width of 3 ft 2 in., and a depth of 18 in. Sections of the same depth may be 
used for either H-10 or H-15 loading by providing different amounts of longitudinal 
reinforcement. The standard lengths range from 21. 5 to 34 ft in modular increments 
of 6.25 ft. Typical details are shown in Figure 1. Seven parallel vinits are used for a 
20-ft roadway and an additional special 2-ft wide unit, for a 22-ft roadway. Stiffening 
diaphragms are provided at 6 ft 3 in. on centers and the units are bolted together at 
points midway between the diaphragms using 1-in. -diameter bolts with beveled washers 
at each end. 

Three holes are provided in the channel legs at each bolt location to permit use of 
the units in skewed structures. The design provides for shear transfer between units 
by the 1-in. -diameter tie bolts and by a V4-in. -wide keyway filled with a dry-packed 
cement mortar to within 1 in. of the top surface. After the units are erected an asphalt 
wearing surface is placed to provide a smooth riding surface. 

DETAILS OF TEST ARRANGEMENT 
The sections were too large to permit full-scale testing for all length and load com­

binations. In the static-load test program for the individual vinits, half-scale models 
were therefore selected to simplify handling. The results of the model tests were 
correlated by one set of full-scale tests, using the 21.5-ft span. The results obtained 
from tests of the half-scale model were found to be in excellent agreement with test 
results for the full-size sections. Similarly full-scale testing for the load transfer 
series was not feasible because of laboratory space limitations and it was therefore 
decided to limit the test to a study of the behavior of three half-scale models of the 
standard 27.75-ft section for H-10 loading. Dimensions of the model section are also 
shown in Figure 1. 

The shear keys provided in the model section were scaled down to be representative 
of the keys used in the prototype. Figure 2 shows an over-all view of the test frame 
and the test arrangement. Load cells were provided at the reaction points under each 
channel leg and the load was applied through a calibrated load cell by means of a 
hydraulic jack. Other instrumentation was provided to measure deflections, slip be­
tween vinits, and strains in the reinfbrcement and in the concrete. 

To separate the effect of the tie bolts from that of the shear keys, the units were 
loaded in a preliminary series of tests in which shear transfer was provided by the tie 
bolts alone. Care was taken in this series not to overload the units and thereby damage 
the sections before the final tests. On completion of this test series the tie bolts were 



loosened and the keys packed with a dry cement-mortar grout consisting of one part 
Portland cement and two parts sand. The tie bolts were then retightened. A close-up 
of the key detail is shown in Figure 3. 

TESTING PROGRAM 
To permit comparison with the test results for the individual sections the three 

half-scale model sections used in the load transfer series were made as nearly identi­
cal as possible with the sections used in the flexural capacity series. To obtain the 
maximum amount of information possible with a single set of specimens, a special 
loading sequence was followed. This sequence can best be explained by referring to 
Figure 4. 
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Figure 2. Te s t arrangement. Figiire 3. Closeup of key d e t a i l . 

Seven methods of load application were used. In series I, II, and III, the load was 
applied at the midpoint of the center, the west, and the east channel, respectively. In 
series IV and V the load was applied at the north quarter-point of the center and of the 
west channel, respectively. Finally, in series VI and VII the load was split and applied 
to the outside channels at the center, and at the north quarter-point, respectively. 

The test series with the joints grouted were designated by subscripts, where the 
subscript letter defined the maximum load applied in the particular series. While this 
loading sequence permitted obtaining the maximum amount of information, it did 
complicate interpretation of the measurements, especially for the load ranges for which 
the loading sequence resulted in cumulative increments of permanent distortion. The 
sequence of loading, showing the loading limits, is summarized in Table 1. 

INSTRUMENTATION 
The disposition of the instrumentation used in the test is shown in Figure 5. 

instruments used and their points of application were as follows: 
The 

1. 
I load. 

One pancake-type load cell, 60, 000-lb capacity, used to measure the applied 

2. Twelve spool-type load cells, 10, 000-lb capacity, under the channel stems to 
[measure the reactions. 

3. Twelve deflectometers, one 1.0-in. range deflectometer under each channel 
stem at the center of the span, and one 0. 5-in. range deflectometer at the center of 
the diaphragm at the one-quarter and at the three-quarter points of each channel. 

4. Eighteen SR-4 strain gages to measure the longitudinal steel strains in each 
jstem; six each, at the one-quarter, the center, and the three-quarter points. 

5. Six SR-4 strain gages to measure the transverse stell strains in the diaphragms 
|of the center and west channels at the one-quarter, the center, and the three-quarter 
points. 

6. Nine extensometers to measure the concrete strains in each of the interior 
iiaphragms. 

7. Six extensometers mounted directly above the center of each stem, to measure 
ihe concrete strains at the center of the span. 

Two pairs of slip gages, movinted between channels at the center of the span, 
[o measure slip and rotation of the channel sections. 

9. Twelve bench marks for auxiliary large deflection measurements with a height 
âge. 

Figure 6 shows a bank of reaction cells in place. The precast sections were care-
uUy grouted on the reaction-cell bearing plates, to equalize the initial dead-load 
eactions. Some difficulty was encountered with the use of these cells in that their 
ccuracy at very low loads was impaired by mechanical hysteresis and zero drift. 
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This difficulty was overcome by preloading the cells by placing six 50-lb weights on 
the end of each section. 

The plunger-type deflectometers used are shown in Figure 7. These deflectometerl 
were used in place of dial gages because of the inaccessibility of the deflection station^ 
and because their use permitted measurements to be made from a central location. 
The deflectometers were supported by a steel framework resting on the reaction sup­
ports of the testing frame as shown in Figure 6. When the deflections became large, 
the deflectometers were removed and deflections measured with the height gage shown 
in Figure 8 using tensioned wires attached to the testing frame as reference base 
lines. The height gage was provided when a vibrating reed the vibration of which was| 
damped when the reed came in contact with the base-line wire thus giving a sensitive 
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Figure 6. Baiik of r e a c t i o n c e l l s . Figure 7. Deflectometers. 

Jidication of position. The micrometer adjustment on the height gage permitted the 
letermination of deflections to an accuracy of about 0. 002 in. 

Figure 7 also shows the areas of concrete blocked out to permit attachment of 
gages. Reinforcement was prepared for gage installation before casting the 

:iiannels ami small sections of concrete were blocked out with pieces of styrofoam. 
^fter hardening of the concrete, the pieces of styrofoam were easily removed and the 
;ages installed. By this technique the need for waterproofing the gages was avoided 
jid all gages were found to operate satisfactorily. 

Figure 9 is a close-up view of the clip-on type extensometer used to measure 
;oncrete strains. The extensometer (a detailed description of this instrument as well 
s of the deflectometer snd the load cell is given in "Technical Report No. 1, Structural 
nd Economic Study of Precast Bridge Units - Instrumentation, " University of 
Missouri Engineering Experiment Station, 1957) is essentially a three-hinged arch 
dth two SR-4 gages on the center hinge acting as the strain transducer. Inasmuch as 
vo gages are used, one in tension and one in compression, the meter is automatically 
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TABLE lA 

1' 

LOADING 
Sublette r Method of Connection Maximum Applied Load, lb 

None Lateral bolts only 3750 
a Lateral bolts and 

grouted shear key 3750 
b TI 7500 
c I T 11250 
d I f 15000 
e I f 18000 
f f f 25000 
g TI 30000 
h f ? Complete failure 

TABLE IB 
LOADING SEQUENCE 

Series Bolts Only Bolts ind Grouted Key 
a b c d e f g h 

I 1 6 13 20 27 30 31 32 33 
II 2 7 14 21 28 34 

III 3 8 15 22 35 
IV 4 9 16 23 
V 5 10 17 24 

VI 11 18 25 29 
VII 12 19 26 

' 1-5, 

temperature-compensated. A preten-
sioning screw is provided to permit zero 
adjustment and to allow application of 
pretension when the meter is used to 
measure compressive strains. The 
meter has a gage length of 4 in. and is 
attached by cementing the binding posts 
to the concrete. Figure 10 shows the 

0 
• 4 < 

1 # 

Figure Height gage. Figure 9. Extenscmeter. 



extensometers installed on the three channel sections. Also shown in this figure are 
two slip gages and the pancake-type load cell directly under the loading jack. 

•The details of the slip gage are shown in Figure 11. These gages were patterned 
after similar instruments used at Lehigh University and were found to perform quite 
satisfactorily. Both slip and rotation can be determined from the dial readings; 
relative slip being determined from the difference of the dial increments, and relative 
rotation, from the sum. 

TEST OBJECTIVES 
Before discussing the actual test results it is desirable to consider precisely what 

is to be determined. A single channel unit can carry at most one line of wheel loads 
acting along the longitudinal centerline of the section. After the units have been joined 
together by tie bolts and grouted keyways to form an integral bridge slab it is reason­
able to expect that part of the load applied to a particular unit will be transferred 
through shear to the adjacent sections. It is required then to obtain a load transfer 
coefficient by which the wheel loads may be multiplied to give the effective equivalent 
design load for a single unit. The present design policy of the Missouri State Highway 
Department is to consider that the precast units act as a solid slab. The load distri­
bution is then computed by the formula (AASHO, Standard Specifications for Highway 
Bridges, 7th Edition, p. 25) 

ION + W 

in which 
E = width of slab over which a wheel load is distributed, 
N = number of lanes of traffic on the bridge, 
W = width of roadway between curbs of the bridge. 

Thus for a 20-ft roadway, E = 5 ft giving a load reduction coefficient of 0.63 for a 3-ft 
2-in. wide channel section. 

The purpose of the load transfer tests, therefore, was to determine load reduction 
coefficients which can safely be applied in the design of the individual sections. In 
interpreting the test results for selection of suitable load reduction coefficients the 
applicability of the tests to actual conditions should be considered carefully. Applica­
bility of any particular test series depends on such factors as (a) the position of the 
section in the bridge (that is, whether the section is an interior or an edge imit); (b) 
the length-to-width ratio of the section; and (c) the location of the load. 

Some other considerations in selecting a suitable reduction coefficient include (a) 

Figure 10. Instrumentation d e t a i l s . Figure 11. S l i p gage. 
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economic design factors such as the need for inter changeability of precast sections, 
(b) spacing of the stiffening diaphragms, and (c) the basic design philosophy used (that 
is, whether the design is to be based on working load stresses or on ultimate load 
capacity). 

The test program completed was not sufficiently extensive to answer all the questions 
raised by the foregoing considerations. The limited results obtained, however, do in­
dicate very definite behavior patterns and suggest design concepts which should prove 
useful in planning more extensive investigations. 

LIMITATIONS OF MODEL STUDIES 
In using structural models it is generally impracticable to preserve a constant 

model ratio for the effect of both dead and live loads. Because failure of both the 
single channel sections and of the joined units was primarily due to flexure, the equiva­
lent applied loads used in interpreting the test results were based on equivalent 
moments; that is, the moments in the model which would result in the same maximum 
stress levels in the steel and in the concrete in both model and prototype. Thus the 
equivalent single concentrated load for one line of wheels applied at the midspan of the 
model was found to be about 3, 500 lb based on DL + L L + I for H-10 loading. For two 
or more working loads the equivalent applied load would have to be increased by in­
crements of 4,100 lb to correct for the dead load of the slab. 

SLIP TESTS 
The observed maximum slip values in the Series I tests (tie bolts only) are compared] 

with the values obtained in the Series la tests (tie bolts and grouted keyways) in Figure 
12. Two significant results should be noted: 

1. The magnitude of the slip in the Series I tests at an equivalent maximum normal 
working load was about two-thirds the deflection of a sii^le unit at the same load (see 
also Fig. 16). 

2. The grouting of the keyway reduced the slip in the Series la-Ig tests to insignifi­
cance. This reduction was further evidenced by the fact that the slip with grouted key-
ways at ultimate load was considerably less than the slip with tie bolts alone at working | 
load. 

From the first result It may be concluded that, although some load transfer may be 
developed by tie bolts alone at low stress levels, even at normal maximum working loat 
the load transfer ratio has been reduced to insignificance. Furthermore, the relatively 
large slips at normal working load would tend to cause rapid deterioration of the bi­
tuminous wearing surface. On the other hand the grouted keyways were extremely 
effective in preventing excessive slip up to the ultimate load capacity of the combined 
sections. The important role of the tie bolts in developing the shearing resistance of 
the keys should be noted. Their principal function is to prevent lateral separation or 
spreading of the precast sections and their effectiveness in this respect was demonstra^ 
by the development of stress in the stiffening diaphragms as discussed in a subsequent 
section. 

Figure 13 shows the observed slip values for Series la-Ig. The test results have 
been plotted for the successive load increments of this series so as to give slip as a 
continuous function of load. The apparent discontinuities are the result of permanent 
slip displacement due to the cyclic load application used in the tests and the interspaci 
of the Series II to VI loadings. In spite of these discrepancies it may be noted that the I 
maximum slip just before complete failure of the sections was only about one-third the| 
slip value at working load when tie bolts alone were used. 

REACTIONS 
The maximum reaction values for each of the Series la-Ig tests are shown in Figur^ 

The end reactions were averaged for each channel stem. It is of interest that the 
comer reactions reached a maximum absolute value and then actually decreased as 
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ladditional load increments were applied. This phenomenon can be explained by consid­
eration of the redistributuion of the load which resulted from a relatively early yielding 
of the reinforcement in the stiffening diaphragm of the center channel (see also Fig. 
20). This redistribution of load was accompanied by a marked tilting of the exterior 
channel sections resulting in a sharp increase in the reactions for the Interior stems 
of these sections. These results are perhaps even more graphically demonstrated by 
r'igure 15. Here the reactions are shown as a percentage of the total load applied, ft 
nay be noted that the center channel reactions remain relatively constant at a value of 
ibout 37 percent of the total load whereas the percentage of the load transmitted to the 
ixterior stems of the unloaded channels decreases and that for the interior stems in-
:reases with each additional load increment. While these results cannot be used directly 
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to determine load reduction coefficients, they are useful in obtaining a better under­
standing of composite action and in providing a measure of the shear distribution be­
tween adjoining sections. 

DEFLECTIONS 
In addition to being an important design criterion in itself, the deflection serves as 
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an excellent indicator of the strain distribution. Figure 16 compares the center de­
flections for the connected imits with the deflections for a single channel section. With 
tie bolts alone the deflections of the loaded channel were not significantly reduced, 
whereas with the keyways grouted and in the elastic range the deflections of the center 
unit were reduced to about one-third that for a single section. 

It may be noted that for the single channel section there was a significant change in 
slope in the load-deflection curve at an applied load of about 11 kips. This change in 
slope was caused by yielding of the longitudinal reinforcement. As a result the load-
deflection curve is similar in appearance to a typical stress-strain curve for the re­
inforcement, with the exception that the deflection curve does not become horizontal 
at the point of initial yield. Following initial yield of the longitudinal reinforcement, 
the single channel sections were able to sustain some additional load due to shifting of 
the neutral axis and stressing of the steel into the strain-hardening region. 

The change in slope of the load-deflection curve in Figure 16 for the connected units 
(series la-lg) is more gradual because the main reinforcement did not yield simultaneous­
ly in all units resulting in a load redistribution. The deflection of the connected units 
at failure was only a little over one-third the maximum deflection for the single units 
because failure was the result of punching of the slab rather than complete collapse of 
the entire section. 

In Figure 17 the deflections of the channel stems at midspan are shown as a percent­
age of the loaded channel deflection. This figure clearly illustrates the non-linear 
increase m the tilting of the outside channels as additional load increments were ap­
plied. As the ultimate load was approached, the deflections of the outside stems decreas­
ed to about 70 percent. The decrease in deflection of the interior stems of the outside 
channels was in part due to relative slip between the sections. As a consequence of 
the tilting of the outside channel sections, the longitudinal steel in the adjoining stems 
started to yield before the yield point of the steel in the outside stem was reached. 
This initial yielding occurred at about twice the yield load for the single channel sec­
tion and was followed by a redistribution of the load. At the load level for which the 
steel strains in the outside stems have reached the yield point, the load-deflection 
curve (Fig. 16) becomes essentially flat. 

Where deflections are the limiting factor in design of relatively shallow slab sections, 
the load ratio for equivalent deflection at the first yield of the single section would be 
applicable as a basis for establishing a load reduction coefficient. From Figure 16 it 
may be seen that for the conditions represented by this test the coefficient would be 
approximately 11/26 or 0.42. This ratio was found to be consistent with observed 
strain patterns, because large yields of the longitudinal steel in the outside stems 
occurred after initial load redistribution and at a load of approximately 26 kips. 

LONGITUDINAL STEEL STRAINS 
The mechanism of load redistribution due to yielding of the reinforcement is further 

clairified by the load-strain curves shown in Figure 18. It may be noted that the steel 
in the center unit yielded at an applied load of about 22 kips followed by yielding of the 
steel in the interior stems of the outside units at about 25 kips and in the outside stems 
at 26 kips. The consistent behavior of the reinforcement in corresponding stems should 
also be noted. A comparison of the initial slopes of these strain curves provides an 
excellent measure of the load distribution for loads less than the load causing initial 
yield of the reinforcement in the center channel. Using average slope values the load 
reduction coefficient determined on this basis was found to be 0.41 for the mid-section. 

Unfortunately, no actual data of the steel strains in the vicinity of the yield load were 
obtained in the tests of the corresponding individual sections, and the comparative 
strains shown in Figure 19 are therefore based on the known stress-strain characteristics 
of the reinforcement used in the tests. However the yield load of 11 kips determined 
on this basis is consistent with the value determined from the load-deflection curve 
shown in Figure 16. Using these values the load reduction coefficient at yield, follow­
ing load redistribution, would be 11/26 or 0.42. This value is in excellent agreement 
î ith the reduction coefficient determined from the slopes of the strain curves in Figure 
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18. The load reduction coefficient based on behavior at working-stress levels for this 
case may also be determined by comparing the average slope for the elastic range of 
the load-strain curves for the center channel with the slope for the single channel. The| 
reduction coefficient determined on this basis is approximately 0.38 for this loading 
series. 

The similarity shown in Figure 18 between the strain curves for the reinforcement 
in the adjoining channel stems should be noted. While the strains for the stems of 
the outside channels were somewhat smaller due to rotation and slip, these strains 
became more nearly equal as the load was distributed. It was also noted that the 
crack patterns developed in the adjoining stems at these loads were very similar, furthj 
testifying to the effectiveness of the shear keys in distributing the load. 



13 

^ d c - C — — 
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Figure 1 9 . Comparative longitudinal steel strains. 

The longitudinal steel strains for the series I test (tie bolts only) are shown in the 
insert in Figure 19. This plot s^aln confirms the relative ineffectiveness of the use of 
tie bolts alone in distributing the load. 

CONCRETE COMPRESSION STRAINS 

I
The observed strains in the top fibers of the slab above each channel stem are plot­

ted in Figure 20 as a function of applied load. The redistribution of the load to the 
outside sections is again apparent. The change in slope of the load-strain curves for 
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F i g u r e 20. longl t u d l n a a concrete compressive s t r a i n s — s e r i e s l a - I g . 

I [ V 
L 

TRANSVERSE S T E E L STRAINS 

The observed strains in the center -
diaphragm reinforcement of the loaded 

the outside channels, starting at a load of approximately 15 kips, is apparently due to 
twisting of these sections. Figure 21 is a plot of the compression-zone depth ratio as 
a fxmction of load for the center channel section. The depth ratios were computed on 
the basis of an assumed linear strain 
distribution between the observed steel 
strains and the maximum concrete com­
pressive strains in the top fiber of the 
section. Zone A represents the loads 
for which the concrete had not cracked 
and was taking some tension. For the 
loads in zone B the concrete in the ten­
sion zone cracked and hence the value of 
k was steadily reduced until it reached a 
constant value in zone C . Zone D Is the 
yield zone. In this zone the total steel \ 
stress was essentially constant and the ^ 
increase in moment capacity was the re- -
suit of an increase in the internal mo­
ment arm. As the yield zone was passed, 
the depth ratio again began to increase 
slightly in zone E due to strain hardening 
of the steel. The minimum observed k-
value was found to be in excellent agree­
ment with the value predicted by ultimate 
strength theory. 

1 
0 

i 

Figure 21. Compression zone 
s e r i e s l a - I g . 

depth r a t i o — 
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channel section for loading series la-Ie is shown in Figure 22. The significant change in slope 
at about 11 kips should be noted. This change indicates yielding of the reinforcement and the 
initiation of load redistribution. It is interesting to note that this load level coincides with 
the loadingatwhichthecorner reaction ceased to increase (Fig. 14). The behavior of the 
diaphragm was somewhat unexpected in that the obse rved strains in the tests of the individual 
sections were relatively small up to loads which resulted in yielding of the longitudinal rein­
forcement. On the basis of these tests it would appear that load redistribution could be delay-
edby increasing the diaphragm reinforcement. Assuming an initial yield load of 22 kips for 
the longitudinal reinforcement, doubling the amount of steel provided in the diaphragms 
would result in abetter balance between longitudinal and transverse reinforcement. 

QUALITATIVE RESULTS 

Determination of the load reduction coefficient on the basis of ultimate load capacity 
would be irrelevant for this case because failure in the series Ig test was the result of 
pimching of the slab as shown in Figure 23, whereas the individual sections failed due 
to excessive yielding of the longitudinal reinforcement followed by a secondary com­
pression failure. The cracking pattern at ultimate load is shown in Figure 24. It 
should be noted that cracking was confined to the region between intermediate diaphragms 
at the quarter points. Figure 25 shows the failure of the center diaphragm and the 
spalling of the slab resulting from the punching failure. This failure occurred at an 
applied load of 28.7 kips. It is apparent that, even at this load, slip and separation of 
adjoining channel stems was negligible. After the punching of the center channel, 
loading was continued by applying load to the outside channels. The final failure due 
to secondary compression is shown in Figure 26. 

SUMMARY AND CONCLUSIONS 

The applicable load reduction coefficients (that is, the factors by which the wheel 
loads should be multiplied to give the reduced equivalent design load for a single 
section) for the test series discussed are summarized in Table 2. The load reduction 
coefficients based on yield strains and deflections after load redistribution are slightly 
more conservative than the coefficients based on working-load strains. This result 
may have been influenced somewhat by the premature yielding of the diaphragm rein­
forcement. As has previously been noted, the failure modes at ultimate load were 
incompatible and therefore ultimate load capacity should not be used as a method of 

2500 3000 
Strain - micro m/in 

Figure 22. Diaphragm s t e e l s t r a i n s a t midspan. 
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F i g u r e 23. Punching f a i l u r e . F i g u r e 24. Crack p a t t e r n at ultimate load. 

Figure 25, Diaphragm f a i l u r e . 

F i g u r e 26. Secondary compression f a i l u r e . 

comparison in this case. Because of the 
reserve capacity developed by load redis­
tribution, either the equivalent yield-load 
deflection or the secondary yielding of the 
principal reinforcement appears to offer 
the most rational basis for the determin­
ation of a suitable load reduction coefficient 

It should be noted that only the principal 

T A B L E 2 

LOAD-REDUCTION C O E F F I C I E N T S 
Basis of Determination Coef. Comments 

Slope of strain curve 0.41 
Equivalent-yield deflection 0. 42 
Initial-yield strain 0. 50 
Secondary-yield strain 0.42 
Working-load strain 0.38 
Ultimate load 0.54 
End reactions 0.37 

Based on average initial slope (Fig. 
Allowance for load redistribution 
No allowance for load redistribution 
Allowance for load redistribution 

Incompatible failure 
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test series has been discussed and that the results reported should therefore only be 
used voider conditions which are sufficiently similar to make them applicable. How­
ever, the results obtained are believed to be sufficiently encouraging to warrant addi­
tional study and experimentation to make more economical designs possible. 
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Dynamic Tests of a Three-Span Continuous 
I-Beam Highway Bridge 
C . L . HULSBOS and D.A. LINGER, respectively, Professor and Instructor of Civil 
Engineering, Iowa Ei^ineering Experiment Station, Iowa State University, Ames 

This paper presents the results of the static and dy­
namic testing of a three-span continous I-beam high­
way bridge. Live load stress frequency curves for 
selected points are shown, and the static and dynamic 
load distribution to the longitudinal composite beam 
members are given. 

The bridge has four traffic lanes with a roadway 
width of 48 ft. Six longitudinal continous W F beams 
act compositely with the reinforced concrete slab to 
carry the live load. The beams have partial length 
cover plates at the piers. 

Previous research has indicated that beams with 
partial length cover plates have a very low fatigue 
strength. It was found in this research that the magni­
tude of the stresses due to actual highway loads were 
very much smaller than those computed from specifi­
cation loading. Also, the larger stresses which were 
measured occurred a relatively small number of 
times. These data indicate that some requirements 
for reduced allowable stresses at the ends of cover 
plates are too conservative. 

The load distribution to the longitudinal beams 
was determined for static and moving loads and in­
cludes the effect of impact on the distribution. The 
effective composite section was found at various 
locations to evaluate the load distribution data. The 
composite action was in negative as well as positive 
moment regions. The load distribution data indi­
cate that the lateral distribution of live load is con­
sistent with the specifications but that there is longi­
tudinal distribution, and therefore the specifications 
are to conservative. 

• I N 1944 the first specifications for the design of composite highway b r i b e s were 
published as a part of the American Association of State Highway Officials "Standard 
Specifications." The acceptance of this type of construction is shown by the increased 
use of composite steel and concrete in highway bridges. The resulting bridge structurel 
is lighter and has a larger span depth ratio than ever before. 

In the composite steel stringer bridge with a reinforced concrete slab, the roadway 
slab is used not only to transfer the load laterally, but also to form a composite section 
in conjunction with the longitudinal steel stringers. Therefore the slab adds not only 
lateral stiffness but also considerably to the basic longitudinal load-carrying capacity 
of the stringers. Thus, the steel stringer can be reduced considerably in size with a 
saving in both dead load and the cost of the structure. In addition, the reduction in 
dead load allows the basic superstructure to be decreased in size, resulting in a much 
lighter bridge. 

18 
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Additional reduction in the size of the steel stringers can be obtained if the structure 
is made continuous over a number of supports. This continuity tends to increase the 
ultimate load-carrying capacity of the bridge structure. This is an aspect which should 
be considered because of loading at some future time, which might produce an extreme 
overload on the bridge. 

However, some problems arise when the stringer is made continuous. The most 
significant is that the "Standard Specifications" do not permit the use of composite 
action in the area of negative moments. Inasmuch as composite action is not accepted, 
cover plates must be added to the longitudinal stringers along some portion of this 
negative moment region. 

Recent results of fatigue tests of rolled beams with cover plates indicate that fatigue 
might be critical in the life of this type of structure (I). Fatigue life depends on the 
magnitude of the static stress and on the amplitude of the superimposed dynamic stresses. 
It can be shown that with specification loading, stress reversals at the ends of the cover 
plates are large enough to cause fatigue failure after the required number of reversals. 
However, these computed stresses may be erroneous, because many assumptions, 
mainly those of load distribution and impact, are made in their calculations. 

The problem of fatigue is acute because of the dynamic behavior of a continuous 
type of bridge. This behavior, usually vibration, is a result of the large span depth 
ratio. Its consequence is not only increased stress, which is usually within the impact 
factor, but also the repetition of this stress resulting from prolonged vibration. 

A recent survey (2) shows that over one-half the state highway departments in this 
coimtry are using rolled beams with partial length cover plates. These state highway 
commissions use various types of cover plate termination details. These end details 
have an important effect on the fatigue strength of rolled sections with partial length 
cover plates. 

The Iowa State Highway Commission is now using a cover plate termination detail 
with a rectangular end which is tapered and welded along its entire end. However, a 
type of cover plate termination detail previously used in Iowa (Fig. 4a) was investigated 
in this research because it was considered more conducive to stress concentration than 
the present detail. 

O B J E C T I V E 

The objective of this research is to determine experimentally the live load stresses 
in the cover plate termination region from which the stress-frequency curves for in-
service loading can be obtained. Once these stress-frequency curves are determined, 
laboratory tests may be d e s e e d to use these fatigue data in determining the permis­
sible stress for the cover plate cutoff points. 

Although it was not the intent of this research to evaluate load distribution to the 
longitudinal stringers, this is inherent any time an experimental stress is compared 
with a theoretical stress. As a part of the load distribution problem, the impact 
characteristics and composite section properties were studied. Therefore, the problem 
of load distribution is an objective of this research, though an indirect one. 

STRAIN EQUIPMENT 

(
The objective of this research required not only that the magnitude of the stress 

be determined but also that a complete stress-time curve be constructed for the pas­
sage of each vehicle over the bridge. In other words, an instrument was required 
phich could record the stresses continuously over an extended period of time. 

The term "stress analysis" is inaccurate, because although one speaks of measur-
stresses actually strains must be measured and converted to stresses. Of the 

jiy varied ways of measuring strains, the requirement of a continuous record of 
strain dictated the type of strain gage and limited the variation in types of strain re-
jorders. 

To measure the strains, standard SR-4 strain gages were used. The types of SR-4 
,ages used were A-11 and A-5 . The resistance to the ground of the SR-4 gages was 
lis follows: the A-11 gages 50,000 to 100, 000 ohms; the A-5—100, 000 to 1, 000, 000 ohms. 
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The strain readings were recorded by a Brush universal amplifier ( B L - 520) and a 
Brush direct-writing recorder (BL-274). This equipment produces a continuous record 
of strain for which the time base can be varied by the speed of the recording paper. 
The speeds available vary from 1 to 250 mm per sec. For a check of the time base as 
determined by the speed of the paper, a 1-sec timer was used to actuate an event 
marker on the edge of the record. The Brush universal amplifiers have a number of 
attenuator settings which vary from 1 microinch per inch of strain per attenuator-line 
to 1, 000 microinch per inch of strain per attenuator-line, and therefore allow a wide 
choice of amplification of the strain to best use the recording paper. 

STRUCTURE 

The test bridge was selected because of its location, accessibility, and its similar­
ity to the type of bridge currently being built in Iowa's primary road system (Fig. 1). 
The bridge is located on US 30 one mile east of Ames, Iowa. Highway 30 crosses the 
Skunk River at this point, and the bridge is often referred to as the "Skunk River" 
bridge. The structure has longitudinal steel wide-flange stringers constructed integrally| 
with a reinforced concrete slab roadway. Shear lugs were provided to insure composite 
action between the stringers and the concrete roadway slab. The steel diaphragms are 
spaced at about 18-ft, 6-in. centers. The bridge has four 12-ft lanes and a 2-ft safety 
curb on both sides. 

LOADINGS 
Controlled Load 

Two types of loading were necessary for the data required. The first type was a 
standard controlled load needed to evaluate the load distribution and impact stresses. 
This loading was used also to evaluate the stress distribution around the cover plate 
termination area. The vehicle used in this loading is a tandem axle. International L -
190 van-type truck (Fig. 2). This truck used to check the Iowa State Highway Commis­
sion scales, has a wheel base of 14 ft, 8 in. and a tread of 6 ft. It weighs 40, 650 lb 
with 31,860 lb on the rear axle. 

The "static" tests were performed by the controlled loading vehicle creeping across 
the bridge with the motor idling. This loading was applied on al l 14 test "lanes" on the 
bridge (Fig. 3). The moving load tests were conducted at vehicle speeds beginning at i 
10 mph and increasing by approximately 10-mph increments up to the maximum attain­
able speed of approximately 50 mph. The maximum speed was limited by the vehicle 
and the terrain. These moving load tests were conducted on only 4 of the 14 test "lanes| 
The speed of the test vehicle was detemined by two air hose switches connected to a 
speed indicator on the roadway at one end of the structure. The indicator is the prop­
erty of the Safety Department of the Iowa State Highway Commission. During the movi 
load tests, the vehicle's speed was constant over the entire length of the bridge, and th^ 
vehicle did not vary from the assigned "lane." Each of the 14 "lanes" used was mark­
ed by a painted stripe along which the left front tire of the truck was run. During the 
speed runs the variation to one side or the other of the vehicle was never more than iVa] 
in. 

Random Load 

For the random load test, the actual in-service traffic was recorded. In this traf­
fic were trucks, semi-trucks, buses, cars, and miscellaneous vehicles. The stresses 
resulting from this traffic were recorded, and the type, direction, and highway lane-of 
travel of the vehicles were noted on the record. The record was obtained for a period 
of 4 hr a day for 2 days. The operating periods were staggered so that the two 4-hr 
periods together covered a period from 10:00 a. m. to 5:30 p. m. 

T E S T R E S U L T S 

Stress Distribution in the Cover Hate Termination Area 

The distribution of stress in the cover plate termination region was determined firs 
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This was required so that a location could be established for an indicator gage which 
would yield repeatable results, would not be affected by stress raisers, and could be 
correlated with the stresses at points of stress concentration. 

Figure 4b and 4c shows the longitudinal stress variation as contour lines on the 
cover plate termination area. These lines were constructed by assuming that the 
strain varied linearly between the 19 strain gage locations used. This is, of course, 
an approximation, but it gives an indication of the variation of the stresses. This 
approximate anomaly picture was used only to determine the best place for the single 
strain gage. This gage was used as an indicator for each cover plate termination area 
for the measurement of the strains during the moving load tests. This point was chosen 
because a center line location was desirable due to the symmetry of the detail. The 
distance from the end of the cover plate is large enough that the strain measured is 
not at the point of maximum stress concentration and yet close enough to indicate the 
response of the cover plate termination detail to various moving loads. 

The location chosen for the individual gage was 2V2 in. away from the end of the 
cover plate along the center line of the flange. A l l the cover plate termination areas 
in one quadrant of the bridge plan were instrumented with a single gage located at that 
point. This particular point is indicated in Figure 4 by 100 percent, inasmuch as it 
was used as a base for the percentage contour line. 

Stress-Frequency Curves 
The stress history of a structure can be shown best by a continuous record of 

stress measured over a period of time. This picture of the stress variations is , how­
ever, not satisfactory for the most concise indication of the susceptibility of a structure 
to fatigue. The factors affecting fatigue are the intensity of stress and the number of 
times the stress is repeated. Therefore, the stress history of a structure, from the 
fatigue aspect, is most easily shown by a stress-frequency curve. The data for this 
curve is obtained from a continuous strain record. 

A typical continuous strain record curve shows the variation of strain as a vehicle 
passes over the structure (Fig. 5). To construct a stress-frequency curve from this 
record, the number of times the strain record exceeds each stress level in the rising 
direction is plotted on abscissa of the stress-frequency diagram (Fig. 6). 

The Random Traffic. —To obtain the in-service stress history of the cover plate 
termination areas, which was the primary objective of this research, a continuous 
record of strain was obtained for a given period of time. Once this was obtained the 
stress-frequency curves for this traffic were constructed to show the cyclical stress 
repetition occurring in these areas of potential fatigue failures. These stress-fre­
quency curves or stress histories of the traffic sampled, show the susceptibility of the 
cover plate termination region to fatigue failure under in-service conditions. The 
data for this information were obtained by recording the strain at the "indicator" gages 
located 2% in. from the end of the long cover plates in one quadrant of the bridge plan. 
Thus because of bi-lateral and bi-longitudinal symmetry the strains recorded are 
typical of al l the long cover-plate termination regions of this structure. 

The random traffic sampled was typical mid-week primary road traffic. The sam­
ple was obtained on the morning of Tuesday, July 29, and the afternoon of Wednesday, 
July 30, 1958. The time factor for the random samples is equivalent to 1% hr of con­
tinuous sampling from 10:00 a. m. to 5:30 p. m. In terms of the number of vehicles 
the sample is the result of 253 vehicles which includes semi-trucks, conventional 
single-unit trucks, and buses. 

The average maximum strain produced by individual automobiles traveling across 
the bridge was approximately five microinch per inch. This is less than Vio of the 
average maximum strain produced by trucks and buses. Because of the snmll strain 
produced by individual automobiles this strain was insignificant in its effect on the 
fatigue life of the bridge. Therefore, the stress-frequency curves in Figure 7 include 
only the trucks and buses and combination of automobiles with trucks and buses and 
are incomplete in the range of - 5 microinch per inch, or - 150 psi. 

Only when an automobile was immediately preceded by a large truck, especially a 
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semi-truck, was the strain produced by an automobile significant. The vibratory 
motion produced by the truck was often amplified by the automobile, but in most cases 
the automobile only caused the vibration to continue for a longer period at the same 
amplitude as that produced by the truck. The period of this bridge vibration is 0.313 
sec. This frequency of vibration was often superimposed in a slower vibration of 3.4 
sec (Fig. 8). This "beat" or superposition of two frequencies resulted usually in the 
stringers which are not directly below the load, but adjacent to the "loaded" stringer. 
The vibration which results from this "beat" causes rather large strains, which are 
repeated an average of thirty times during the course of the vibration caused by one 
truck. 

The largest strain recorded was 60 microinch per inch, which corresponds to 
stress of 1, 800 psi. This stress was not repeated more than nine times during the TVz 
hr of strain recording. This stress is, of course, in addition to the dead load stress 
which varies between 4, 000 and 5, 000 psi for the stringers subjected to this maximum 
repeated live load stress. The dead load stresses are shown for each different cover 
plate cut-off point as the equilibrium or zero live load stress ordinate on the stress-
frequency diagrams (Fig. 7). The cut-off design stress for the test bridge cover plates 
are based on the eqiiation 

18,000 - 5( f = s 
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Typical cover plate 
termination detail I F " 

8 

Indicotor gage 
b Long cover plate 

Goge locations x 

Indicator gage 
c. Short cover plate 

Gage locations x 

Figure h. Typical cover plate termination detail (at top), and longitudinal stress con­
tours shovm as a percentage of the Indicator gage stress. 
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This equation yields an allowable stress of 16,190 psi for the outer stringers and 
16, 355 psi for the inner stringers. After lengthening the cover plates 18 in. for the 
tapered cut-off detail and rounding off the length to the nearest % ft, the resulting 
maximum design live (H-20) and dead load stress at the end of the cover plates varies 
from 12,300 psi to 12, 700 psi for the inner stringers and 13, 300 psi to 13,600 psi for 
the outer stringer. 

The Standard Truck. —The standard truck was used as the controlled loading to 
study the effects of speed and position of the vehicle on the bridge structure. 

Speed. —Figure 9 shows the stress-frequency curves for the indicator gage on the 
inside stringer at the end of the long cover plate. The moving load for these curves 
was the standard truck. The only variable in the data used to construct these stress-
frequency, curves was the speed of the vehicle. The increased number of repetitions 
of a given stress is indicative of the increased vibration which accompanies an increase 
in speed. The increase in the ordinate of each curve is an indication of the amount of 
impact which resulted from the moving load. Although the curves show an increase in 
the repetition of stress as the speed increases, it is apparent that the speed which 
produces the maximum number of oscillations is not necessarily the maximum speed. 
The final answer as to the most critical speed was beyond the scope of this research, 
but it is believed that the maximum vibration for a given structure is a function of 
speed, length of truck, and continuity of traffic. 

Position. —The amount of vibration in the bridge structure is the determining factor 
in the amount of repetition of stress. It was found that in the bridge investigated, 
which has a 48-ft roadway, the lane in which the truck was traveling vibrated less than 
the unloaded lanes (Fig. 10). In the stringer directly below the loaded lane and the 
stringer below the adjacent imloaded lane, the loaded stringer has the larger stress. 

1 However, the greatest number of repetitions in stress occur in the unloaded stringer. 
The position of the load used in the construction of these stress-frequency curves is 

shown in Figure 11. One wheel passed directly along the "loaded" stringer. The dis­
tribution of total live load to the "loaded" and "unloaded" stringers was approximately 
37 and 14 percent, respectively. 

Composite Section 
In the typical continuous stringer highway bridge the moment of inertia of the wide 

flange section and cover plates at the pier is approximately the same as the moment 
of inertia of the composite stringer. This leads to an often used simplified analysis 
of live loads which assumes that the moment of inertia is constant throughout the length 
3f the bridge. This assumption could 

s.e a considerable difference in the 
calculated live load moments. There­
fore, to evalxiate the correctness of the 

liform section assumption, the prop- 600 
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Igure 5. Typical continuous strain record. 
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Figure 6. Stress-frequency curve for typi­

c a l strain record. 
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Strain 0 

Strain 0 

Time, sec. 
Figure 8. Beat frequency vibration due to moving loads. 
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Figure 9. Effect o f speed on stress frequency. 
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Figure 11. Position of the load with respect to the loaded and unloaded stringers. 

erties of the stringer cross-section were determined at three places along the bridge. 
These three sections are (a) a typical positive moment section, (b) a section in which 
there are extreme reversals in moment, and (c) a typical negative moment section 
(sections I , U, and HI , F ig . 1). 

A l l three sections are located in the exterior span of the three-span bridge. Sectio^ 
I is located at point 0 .4L of the end span f r o m the abutment; this is approximately the 
point of maximum positive moment. Section I I i s located 17 f t f r o m the pier and is 
just beyond the cover plate cutoff point. Section I I I is located 3 f t f r o m the pier, near I 
the point of maximum negative moment and yet away f r o m the influence of the reactioni 
and the pier diaphragm. 

Another purpose of investigating the properties of the stringer cross-sections was 
to evaluate the actual moments of inert ia and section moduli of a l l the stringers at one| 
section of the bridge. This was necessary before the experimental load distribution 
data could be reduced and compared with the design data. 

It was found that the sum of the measvired strains at the bottom f iber f o r a l l the 
stringers at the cross-section of section I was 200 microinch per inch 1 5 percent, r e | 
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gardless of the lateral position of the load vehicle on the roadway. This seemed to i n ­
dicate that the section moduli were the same fo r a l l the stringers and the lateral spread­
ing of the load was not affected by the position of the load, or that these two factors 
combined so that the f ina l result was a constant. To investigate the mechanics of the 
distribution of load more thoroughly, the neutral axes were determined f o r each of the 
stringers at this cross-section of the bridge. One-half of the bridge was instrumented 
at section I fo r the determination of the neutral axes of the stringers. Five SR-4 strain 
gages were positioned on each steel stringer. One gage was located at the center of 
gravity of the rol led section, and the other four gages at the extreme f ibers and the 
quarter points of the rol led section. The locations of the neutral axes were then used 
to determine the amount of concrete slab which was working compositely with the steel 
stringers. Liasmuch as the roadway surface was spalled, the top % in . of the slab 
was disregarded in these calculations. The moment of inertia was then determined 
using the necessary amovmt of slab. A modular ratio of 10 was used in these calcula­
tions. 

The experimentally located neutral axes varied considerably f r o m the calculated 
location based on the specifications, and i t did not depend on the load or the type of 
bending moment, either positive or negative. A number of readings were taken with 
different vehicles going in either direction across the bridge. The experimentally de­
termined neutral axis varied less than four percent of the depth fo r any particular 
stringer. 

Section I . —At Section I , the point of maximum positive moment, the position of the 
experimentally determined neutral axis varied fo r the two inner stringers, although 
they are both 36 WF 194 rol led sections. This position of the neutral axis was, i n 
both cases, closer to the wide-flange centroidal axis than the calculated location based 
on specifications. This resulted in the stringer closest to the longitudinal center line 
of the bridge using 35.0 percent less slab than allowed by the specifications. The l o ­
cation of the neutral axis fo r the outer stringer, a 33 WF 141 rol led section, was foimd 
to be farther f r o m the wide-flange centroidal axis than the calculated location based on 
specification. This indicates that the outer stringer has more slab acting compositely 
with the stringer than is available according to the specifications. Using only the road­
way slab in the reduction of neutral axis data, the slab required by the outer beams 
exceeds the amount remaining after the portion needed by the inner beams is subtracted 
f r o m the total roadway. A more realistic approach fo r jus t i fying the position of the 

I neutral axis in the exterior beam is the use of some portion of the sidewalk and curb 
in addition to the slab as the composite beam. This presents the problem of what a-
mount of each of these parts to use in the composite beam. If only the curb direct ly 
above the roadway slab is used, 10 f t , 2 i n . of roadway slab is required to complete 
the composite section. This is an unrealistic quantity of slab because the stringers 
are 9 f t , 'i'/iz i n . center to center. This indicates that an a rb i t ra ry maximum amount 
of slab should be used with the sidewalk and curb. The l imi t ing width of slab acting 
with the rol led section was taken as one-half the distance to the next stringer plus the 
overhanging slab under the curb. In addition to this slab, 21^/2 i n . of sidewalk curb 
were required by the experimentally determined position of the neutral axis. 

The moments of inertia of the composite stringers at section I resulting f r o m these 
Calculations were 27, 050 i n . (4), 26, 580 in . (4), and 24, 500 i n . (4) for the three 

stringers on one side of the longitudinal center line (beginning with the outer str inger) . 
Che section moduli show more s imi lar i ty than the moments of inert ia. The composite 
section moduli are, respectively, f r o m outer to inner stringer, 856 in . (3), 892 in . 
|;3), and 876 i n . (3) or a variation f r o m the average of ^ 2 percent (Fig. 12), 

Section 11.—Section I I , 17 f t , 0 in . f r o m the pier, is near the dead load contra-flex-
ire point and is subjected to extreme variations in the live load bending moment. Be-
;ause the section is just outside the cover plate cutoff point, the results indicate the 
pffect of the cover plates on the neutral axis in an area where an abrupt change is 
leoretically indicated but actually incongruous. The position of the neutral axis of the 

Juter stringer indicates that only a small portion of the sidewalk and curb acts in addition 
the arbi t rary maximum amount of roadway slab (the arbi t rary maximum width fo r 
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Figure 12. A cross-section of the bridge at sections, I , I I , and I I I showing the com­
posite moments of Inertia, section moduli, and the effective slab. 

the slab extends to the midpoint between beams). The moment of iner t ia of the com­
posite stringer is 22.9 percent less at this section than at section I . This is the r e ­
sult of lower position of the neutral axis which, of course, results i n a.smaller com­
posite section. One factor affecting this is the size of the rol led section. The outer 
stringer changes f r o m a 33 WF 141 to a 33 WF 152 at a splice on both sides of the pier . 
Thus, section I I is a larger (33 WF 152) wide flange than section I . Thus, the neutral 
axis w i l l move toward the center of gravity of the rol led section as this rol led section 
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becomes larger . Also, the cover plates, which terminate nearby, have a tendency to 
bring the neutral axis closer to the centroid of the rol led section. However, the extent 
of this effect is unknown. 

The inner stringers at section I I , both 36 WF 194 rol led sections, have neutral axes 
closer to the wide-flange centroidal axes than observed at section I . This resulted in 
an average reduction in moment of inertia of 10.2 percent. The position of the neutral 
axis was the same fo r both inner stingers at section I I . 

A comparison of the moments of inert ia and section moduli of the stringers at 
section I I shows a variation of ± 4.6 percent in the moments of inertia while the section 
moduli varied 1 9,2 percent. The moments of inert ia are 20, 830 i n . (4) f o r the outer 
stringer and 22,900 i n . (4) f o r the inner stringers. The section moduli are 712 i n . (3) 
and 856 i n . (3) for the outer and inner stringers, respectively. 

Section III.—The th i rd section at which the neutral axes were found was 3 f t , 0 i n , 
f r o m the pier . This section is near the point of maximum negative moment but should 
not be affected by the reaction of the pier or by the pier diaphragm. The location of 
the neutral axis of the outer stringer at this point corresponds approximately to the 
location of the neutral axis at section n (at the end of the long cover plates). But, be­
cause of the cover plates, two plates on the top and bottom flanges, the required amount 
of composite concrete i s increased, and, of course, the moment of inert ia is greatly 
Increased. The position of the neutral axis of the outer stringer required that more 
than a l l the sidewalk be used in addition to the maximum amoimt of roadway slab (the 
arbi t rary maximum width of slab extends to the midpoint between beams). Therefore, 
in addition to a l l the sidewalk and curb 110.2 in . of roadway were used in the calcula­
tions. The resulting moment of inertia and section modulus of the outer beam were 
44,030 i n . (4) and 1, 381 i n . (3), respectively. 

The inner stringers at section I I I also exhibit a large amount of composite action. 
The inner stringer closest to the longitudinal center line required 80.6 i n . of slab and 
the other inter ior stringer required 112.4 i n . of slab. The locations of the neutral axes 
at section in of the inner stringers corresponds approximately to the locations of neutral 
axes at section I I . Again because of the cover plates, the size of the composite section is 
considerably greater. The moments of interia fo r the two inner stringers are 48,040 i n . 
(4) and 47,690 i n . (4), the latter being the stringer closest to the longitudinal center l ine. 
The section moduli are 1,600 i n . (3) and 1,680 i n . (3), f o r these two stringers, respectively. 

The total width of roadway slab required at section I I I exemplifies the composite 
action situation in the section of negative bending. The total width of roadway required 
by a l l three stringers i s 25 f t , 3 i n . plus the sidewalk and curb. This required slab 
exceeds the total slab available by 10 i n . over the entire width of the bridge. Thus, i t 
is evident that composite action occurs at the pier, and this action should be considered 
in design i f a true analysis i s desired. 

These neutral axes results are incomplete fo r the determination of the variations in 
cross-section along the entire length of the bridge. They do show, however, that the 
f i na l composite cross-section varies greatly at different sections along the bridge 
stringers. The variations in moments of inertia and section moduli along the outer 
span of the three-span bridge can be shown most clearly by reducing the actual values 
to unit values. Using the moment of inert ia and section modulus of the outer stringer 
at section I as a base, the rat io of the values at sections n and I I I , respectively, to the 
values at section I are: 

RATIO OF MOMENTS OF INERTIA 

Stringer Section 

I I ni 
Outer 
Inner 
Inner (closest to longitudinal 

center line) 

1.0 
0.981 

0.906 

0.77 
0.846 

0.846 

1.62 
1.77 

1.76 
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RATIO OF SECTION MODULI 
Stringer Section 

I n m 
Outer 1.0 0. 83 1.61 
Inner 1.04 1.0 1.96 
Inner (closest to longitudinal 

1.0 1.96 

center line) 1.02 1.0 1.87 

The moment of inert ia of the composite outer stringer is 8 percent smaller than the 
moment of inertia of the composite inner stringer even though the moment of inertia of 
the outer stringer rol led section is an average of 35 percent smaller than the moment 
of inert ia of the inner stringer rol led section. The difference is in the amoimt of com­
posite slab assumed by each of the respective stringers and the sidewalk and curb 
which act wi th the outer stringer. 

Load Distribution 

Of particular interest to the design engineer is how the vehicle loads are distributed 
to the supporting beams. A number of research programs have been conducted on this 
subject (Z, 4, 5). The results of some of these projects are in the recent revision of 
the American Association of State Highway Officials design specifications. Although 
the p r imary intent of this research was not to evaluate load distribution to the longi­
tudinal stringers, this problem was encountered in this research when an analysis of 
the experimental stresses was made. 

The complexity of the slab-stringer-type bridge does not lend i tself conveniently to 
an exact solution. The slab, which is the roadway, also acts as an integral part of the 
longitudinal str ingers. The continuity of slab over the stringers and the unequal deflec­
tions of the stringers combine to make load distribution a function of many variables. 
Therefore, the results contained in this report are for one bridge and cannot be con­
sidered conclusive f o r a l l slab-stringer bridges. 

The 48- f t wide roadway has resulted in longitudinal distribution of the concentrated 
wheel loads over a very wide area. This yields a total moment at any one cross-sectionj 
of the bridge which results f r o m a relatively concentrated load, i f a stringer is direct ly 
beneath the wheels, and a distributed'load on the other stringers. This distributed 
load is probably a function of the la teral distance f r o m the wheel to the stringers. 

The moments in the bridge stringers at section I were determined by measuring the 
outer f ibe r f l exura l strains at that cross-section and multiplying each strain by the 
modulus of elasticity of steel and the section modulus of the corresponding beam. The 
total moment at this section Is then the sum of these moments. 

Because the section moduli of the stringers at section I are almost equal, and be­
cause the sum of the experimentally measured strains f o r a l l the stringers at section 
I are also constant regardless of the lateral position of the load, as previously hypothe­
sized, the la teral spreading of the load was not affected by the la teral position of the 
load on the roadway. 

I t was found that, regardless of the lateral position of the loading vehicle on the 
roadway, the total moment of a l l the stringers at section I varied only + 2.2 percent 
f r o m an average of 424 k ip f t f o r the vehicle traveling toward the abutment (west to 
east) and only t 1.5 percent f r o m an average of 431 kip f t fo r the vehicle traveling to­
ward the pier (east to west). These moments occur wi th the rear axle of the vehicle 
at section I . • 

The theoretical moment at section I which results f r o m the standard vehicle traveling 
toward the abutment, assuming a constant cross-section and no longitudinal distribution 
Is 550 k ip f t . The corresponding total experimentally determined moment of 424 k ip f t 
is 77.1 percent of this theoretical value. Similarly, the theoretical moment at section 
I resulting f r o m the standard vehicle traveling toward the pier, again assuming a un i ­
f o r m cross-section and no longitudinal distribution, is 564 kip f t . The experimental 
moment of 431 kip f t i s 76.5 percent of this theoretical moment. This percentage cor­
responds very closely with the previous one. 
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The difference between the experimental and theoretical moments is the result of 
the longitudinal distribution of load and the variation in cross-section. The longitudinal­
ly distributed load extends over the entire length of the stringer farthest f r o m the wheel 
load and over a smaller portion of a stringer closer to the wheel load, and l ike the v a r i ­
ations in cross-section, this would tend to decrease the positive moment. 

By using the individual moment of each stringer as a percent of the total moment, 
the variation in the lateral distribution of load can be determined f o r the stringers. 
This assumes the moment diagram for a l l the stringers are indentical in shape, s i m i ­
lar to the design assumptions. Figure 13 shows the static load distribution at section 
I (approximately the point of maximum positive bending moment) as a percent of load 
carr ied by each stringer. The cross-section of the bridge is shown at the top of the 
graphs, and the position of the truck is indicated on each particular graph. 

In obtaining the maximum distribution of load to the various stringers, the static 
load distribution curves were used with the assumption that superposition is val id (6). 
The largest number of standard vehicles which contribute to the load in each respective 
stringer were superimposed on the bridge roadway. Each vehicle was l imi ted in i ts 
lateral movement to the width of i ts lane less approximately 2 f t f o r clearance. This 
could be accomplished by using the experimental lane data without any need for interpo­
lation. Three trucks were used fo r the outer stringers and four vehicles were used in 
the computation of the maximum load on the inner stringers. 

By loading lanes 1-S, 5-S, and 6-N the roadway is loaded to produce the greatest 
load in the outer stringer while keeping the trucks approximately within 2 f t of the edge 
of their respective lanes (Fig. 13). To improve the accuracy of the results the percent 
distril^ution values were averaged with the corresponding values f o r the other outer 
stringer using lanes 1-N, 5-N, and 6-S. The resulting average load distributed to 
an outer stringer is 64.15 percent of a standard vehicle. This corresponds to a wheel 
load distribution factor of 1.283. 

The lanes loaded to produce the largest load in the inner stringer immediately ad­
jacent to the outer stringer are lanes 2-S, 5-S, 2-N, and 6-N f o r this s t r i i ^ e r on the 
south, and 2-N, 5-N, 2-S, and 6-S for this stringer on the north (Fig. 13). Averag­
ing these two values, the average percent of a standard vehicle distributed to each of 
these stringers is 78.45 percent. This corresponds to a wheel load distribution factor 
of 1.569. 

The lanes loaded to produce the largest load in the inner stringer closest to the 
longitudinal center line are lanes 2-S, 6-S, 6-N and 2 -N f o r both the stringers on the 
north and on the south of the longitudinal center l ine. The average percent of a stand­
ard vehicle distributed to each of these stringers i s 78.5 percent. The wheel load 
distribution factor f o r these stringers is therefore 1. 570, which is very close to the 
wheel load distribution factor f o r the other inner str ingers. 

These distribution factors are fo r approximately 77 percent of a imit vehicle load as 
a result of the variation in cross-section and the longitudinal distribution. A compari­
son of these values can now be made with the AASHO design specification load factors. 

The specifications require that a load factor of S/5.5 be used in determining the 
fract ion of a wheel load applied to an inter ior (inner) stringer. For this bridge the 
load factor fo r an inner stringer is 1.70. 

1 The fract ion of a wheel load applied to the outer stringers by the AASHO specifica­
tions shall not be less than "the reaction of the wheel load obtained by assuming the 
f loor ing to act as a simple beam between stringers" or the f ract ion of a wheel load 
pound by 

S 
4.0 + 0.25S 

6 f t ^ S ^ 14 f t 

The f i r s t c r i t e r ia results in a load factor of 1.06 while the second c r i t e r i a results 
a load factor of 1.475. Thus, the second load factor governs. 
Investigating the problem of load distribution fur ther , another method of analysis 

vas used to determine the theoretical amount of wheel load distributed to the outer 
btringers. This is a method which makes use of the formula usually associated with 
Iccentric column analysis (7). The formula is 
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or 

Z - Pey 
A I 

W_ 

in which 

"p " 

" [ 2 1 " Sly^ 

P = total load, 
e = eccentricity of load, 

Cn = distance of Nth girder f r o m centroid of I 's , 
21 = sum i f I 's fo r a l l girders, 

2Iy^ = sum of the moments of inertia of I 's , 
\ = moment of Inertia of Nth girder, and 

Wn = load carr ied by Nth girder . 

This formula is used by the Iowa State Highway Commission to determine the amount 
of load distributed to the outer str ingers. A unit moment of inert ia is assumed fo r 
each stringer so that i t i s not necessary to approximate the relative sizes of stringers 
p r io r to the analysis. I t was found that fo r the bridge tested, the e:g)erlmental mo­
ments of inert ia varied less than 6 percent at the 0 .4L point (section I ) . Thus, the use 
of unit moments of inert ia is a good approximation f o r this bridge. By placing three 
vehicles i n the position fo r a maximum load on an outer stringer and using the fo re ­
going method of analysis, a theoretical design load factor of 1.64 is found. This value 
corresponds to the loading which produces the largest e]q)erimental load. However, a 
design loading of four vehicles would be used by the Iowa State Highway Commission, 
and this results in a design load factor of 1.452 f o r the outer stringer. 

The Effect of Impact on Load Distr ibution. —It has been suggested by one author 
that the increase in stress due to impact f o r highway bridges "might be almost any 
value between 10 percent and 200 percent of the amount given by the specifications" 
and that an over-a l l impact factor might be apportioned to the stringers Individually 
(7). This suggestion and others dealing wi th impact seem to indicate that the s imp l i ­
ci ty with which impact i s handled in design, has resulted in large inequities in the actual | 
stresses produced in different type bridges under s imi la r loads (8). F rom the data 
obtained during this research an analysis of impact and the effect on the distribution 
of loads may be made. 

Moving load tests were performed using 4 of the 14 test lanes. Speed increments 
of 10 mph were used up to the maximum speed obtainable f r o m the vehicle (approxi­
mately 50 mph). The vehicle used was the standard H-20 truck. The stress resulting 
f r o m the moving vehicle was obtained as a continuous strain time record. A s imi lar 
record of the vehicle moving slowly across the bridge had been obtained. This was 
considered the static stress with no impact. The effect of the dynamic loads is con­
sidered to be the variation f r o m this static strain record. This variation appeared as 
a transient vibration superimposed on the static strain record. The amoimt of the i m ­
pact resulting f r o m this moving load cannot be considered to be the maximum. The 
maximum amount of impact fo r this bridge would probably result f r o m a t ruck- t ra i le r 
combination with the maximum t ra i l e r length. This is a surmise in a relatively unex­
plored area that needs fur ther research. The importance of the data presented here is I 
not in the quantitative but instead in the qualitative aspect. The way in which the impacf 
affects the distribution of load and the way in which the impact per se is distributed is 
the objective of this data. 

The distribution of load to the various stringers fo r a vehicle traveling on the experi 
mental lanes at various speeds is shown in Figure 14. A t the top of the graph is the 
bridge cross-section with the vehicle position located. Each part of the graph indicate: 
the load distribution for a different speed. The solid line indicates this dynamic load 
distribution fo r the vehicle at Section I , and the dotted line represents the value ob­
tained f r o m the static tests at the same section. The static test values were deter­
mined f r o m the strain time curve obtained by the vehicle moving slowly across the 
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bridge. This is the same static load distribution curve shown in Figure 13. The re ­
sulting variations between the dynamic and static load distribution curves are very 
smal l . 

Shown in Figure 15 is the impact or increase in stress which is shown as a percent­
age rat io of the dynamic moment to the static moment. This value fo r the individual 
stringers is shown beneath the respective stringers. The total impact in the bridge 
cross-section is a percentage rat io of the total dynamic moment to the total static mo­
ment In the bridge cross-section. The total impact is shown at the right of each graph. 
The Individual impact values vary considerably and in some cases are less than 100 
percent, or less than the static value. This indicates that the dynamic moment was 
smaller than the static. Also, the impact ratio for some stringers is shown as inf ini ty 
which results f r o m a zero static live load moment. The total bridge impact values also 
vary considerably, but their tendency is to increase as the speed increases. The ve­
hicle Is shown on the bridge cross-section at the top of the figures in the position f o r 
which the underlying series of dynamic results were obtained. 

The Impact values obtained fo r the individ\ial stringers cannot be compared wi th the 
total bridge impact values. These two values vary considerably and are the basis of 
many contradictory conclusions. 

SUMMARY AND CONCLUSIONS 

The structure tested in this research program was a three-span continuous com­
posite steel stringer bridge typical of the type used by the Iowa State Highway Commis­
sion on pr imary and interstate highways. Some detail changes have been made by the 
I . S. H. C. bridge design section in this type since this bridge was bui l t . However, the 
results obtained in this research are at least qualitatively applicable, and some are 
quantitatively applicable to the continuous composite steel stringer bridges being de­
signed. 

Stress Frequency and Fatigue 

The stress-frequency curves obtained in this research indicate that the number of 
cycles of repetition i s large, although the corresponding stress is rather smal l . Ap­
proximately the largest repeated live load stress produced was 1, 800 psi and this was 
not repeated more than nine times in the 7V -̂hr sampling period. The stringers with 
the largest dead load stress which were subjected to this maximum repeated l ive load 
have a stress variation pattern of 4, 500 t 1, 800 psi, or a maximum stress of 6, 300 
psi and a minimum of 2, 700 ps i . A comparison of this data with the results of other 
fatigue tests (1) can be made to determine i f the fatigue strength of these cover plate 
termination areas might be c r i t i c a l . Using a summation (2) of fatigue data fo r "beams| 
with par t ia l length cover plates attached with continuous f i l l e t welds, " a fatigue streng 
of 11,500 t 2, 500 psi i s indicated f o r 2,000, 000 cycles of zero to maximum stress. 
Assuming the ultimate strength of structural steel is 60, 000 psi, and using Goodman's] 
equation, an indication is obtained of how the fatigue strength of "beams with par t ia l 
length cover plates attached wi th continuous f i l l e t welds" compares with the ejcperi-
mental results of the stress-frequency data f o r the structure tested. By using the mo]| 
c r i t i ca l fatigue strength of 9, 000 psi , (11, 500 - 2, 500) and assuming that the dead 
load stress level Is 4,200 psi , the repeated amplitude of stress f o r fatigue to be c r i U c | 
is ± 4,425 psi . Alternately, assuming a repeated amplitude of stress of t 1, 800 psi 
and the same fatigue strength as mentioned, the dead load stress level fo r c r i t i ca l fa ­
tigue is 37,300 ps i . Because the dead load stress level f o r most bridges w i l l corres­
pond closely to the value f o r the bridge tested, and because i t is not l ikely that the 
dead load stress level w i l l be increased in the future, a closer look at the c r i t i ca l 
repeated amplitude is necessary. 

F rom the experimental results i t is possible to obtain an average repeated ampl i ­
tude of t 5, 890 psi by placing eighteen H-20 trucks on the test structure. This does 
not include the dynamic effect that such a combination of vehicles might produce but 
on the other hand i t requires a spacing of vehicles of 7.33 f t . This hypothetical case 
shows that i t is possible for the c r i t i ca l fatigue amplitude to be exceeded, although th\ 
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possibility of i t occurring often enough to produce a fatigue fa i lure is at the present 
absurd. 

The previous simple calculations seem to indicate that the cover plate termination 
regions investigated are not c r i t i ca l due to fatigue considerations. However, the fatigue 
strength based on the I l l inois fatigue tests should not be applied without some concern 
about the difference between the fatigue tests and the actual bridge stringers which are 
being compared. The comparison of the experimental fatigue results with the actual 
stress frequency of the bridge stringers is based on a phenomenon f i r s t studied by 
Wohler (9) and later formulated by Gerber and Goodman. A l l these results are based 
on the idea that the range of stress necessary to produce failure decreases as the 
mean stress increases. This permits a comparison of the zero to maximum stress 
condition of the experimental fatigue results with a mean stringer stress of 4,200 psi 
plus or minus the live load stress amplitude in the bridge stringer. However, other 
investigators have shown that there is no general law connecting the mean stress and 
the stress range. It is necessary, therefore, to obtain experimental fatigue data for 
the range of stress at the c r i t i ca l regions of the bridge stringers before their fatigue 
l i f e can be determined with any certainty. For additional accuracy in the correlation 
of experimental fatigue tests with the actual bridge stringer data, the experimental 
stress cycle during the fatigue test should be varied periodically to correspond with 
the actual stress variations. This fatigue test, with varying amplitudes of stress, 
would estimate service l i fe under service stresses. To correlate this experimental 
fatigue test wi th the actual service stress condition, a previously determined stress-
frequency curve is converted to a stepped curve with a logarithmic scale, and this is 
converted in turn to the variable stress fatigue program required for testing. 

Each variable stress fatigue program i s one series of stress cycles. These stress 
cycles are continued, one series after another, unt i l fai lure occurs. In a second pro­
gram a l l the stresses are multiplied by a constant factor, thus a curve s imi lar to the 
usual endurance curve is obtained which relates stress level to the l i f e of the specimen. 
This curve could be used to determine an allowable design stress, after the application 
of a safety factor. 

A stress frequency curve in Figure 7 is converted to a stepped curve in Figure 16, 
land the resulting variable stress fatigue program is in Figure 17. Only with the results 
Ifrom a variable stress fatigue experiment based on a program similar to that in Figure 
|17 w i l l the designer ever know whether bridge structures have a f ini te fatigue l i f e , at 

?hich point they w i l l require extensive repair, or whether the cover plate termination 
stresses are ultra-conservative. 

/^ariations in Cross-Section 
I t has been shown that there is composite action even in the cross-sections subjected 

|:o negative bending. This occurs even thoi^h a maximum live load tensile strain of 60 
i lcroinch per inch was experimentally determined in the extreme top f iber of the 

toadway slab. This corresponds to a stress of approximately 180 psi . Therefore, i t 
i not unrealistic to assume that there is complete action a l l along the stringer. 

It might be possible by using this composite action judiciously to attach the cover 
)lates to the lower flange only or even to omit them entirely. For instance, i f the same 
mount of slab acted compositely with an inner stringer without cover plates as with an 
mer stringer with cover plates, the composite moment of inertia would exceed by 10 
jrcent the theoretical moment of inertia of the non-composite wide flange with cover 

ftlates. 
The data and results fo r the composite cross-sections also indicate that the assump-

Lon that the f ina l moments of inertia of the stringers are constant throughout the length 
f the bridge is very much in e r ro r . The positive moment regions have composite 
ction as assumed in d e s ^ , and the resulting moments of inert ia correspond closely 

I the theoretical moment of inert ia of the wide-flange sections wi th cover plates and 
composite actions. However, the composite action at the supports increases the 

loment of inert ia 148 percent fo r the outer stringers and 85 percent f o r the inner 
Tingers. Therefore, the f ina l rat io of the moment of inert ia at the negative moment 
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section with respect to the moment of inertia at the positive moment section is an aver­
age of 1.79 for all the stringers. This indicates the error in the live load moments 
which are based on a constant moment of inertia. 

These data also indicate the large increase in the moment of inertia of the outer 
stringer due to the sidewalk and curb. A comparison between the non-composite 
outer and inner stringers at the pier shows that the numerical moment of inertia of the 
outer wide flange is 65 percent of the moment of inertia of the inner wide flanges. 
When composite action is considered, the moment of inertia of the outer stringer is 
only 8 percent less than the value of the moment of inertia of the inner stringers. Simi­
larly, at the positive bending section the composite action limited by specifications re­
sults in the moment of inertia of the outer section being 60 percent of that of the inner 
section. The actual composite sections, including the effect of the sidewalk and curb 
on the outer stringer, results in the moment of inertia of the outer stringer being ap­
proximately 6 percent more than that of the composite inner stringers. It is clear from 
the foregoing discussion that the stringers tend to use the amount of slab necessary to 
equalize the moments of inertia at the various cross-sections. 
Load Distribution 

The load distribution data show quite clearly the error introduced by assuming that 
no longitudinal load distribution occurs. The error is increased further by the varia­
tion in moments of inertia. The large composite moment of inertia in the negative 
bending area (section III) tends to increase the negative moment at the pier. It is pos­
sible for this to decrease the positive moment at section I 3 to 5 percent. Therefore, 
inasmuch as the experimental moment was found to be 23 percent less than the theoreti­
cal moment, i t can be assumed that about 20 percent of the reduction in the e^erlment-
ally determined moment can be attributed to longitudinal distribution of the wheel loads. 

If the longitudinal distribution of load is disregarded, the lateral load distribution 
factors agree rather closely with the values specified by the American Association of 
State Highway Officials. The experimental lateral load distribution factors of 1.57 for 
the inner stringers is 7.6 percent less than the AASHO design load factor of 1.70. 
Similarly, the e}q)erlmental load distribution factor of 1.283 for the outer stringer is 
13 percent less than the AASHO load factor of 1.475. The other method which makes 
use of the eccentrically loaded column formula results in a lateral load distribution 
factor, as used by the Iowa State Highway Commission, of 1.452 (7). Here, the ex­
perimental value of 1.283 is 11.6 percent less than this design value. Thus, the rela­
tively small irregularities in lateral load distribution are overshadowed by the initial 
assumption that there is no distribution of longitudinal load. 
Impact 

The data indicate the dynamic moments and how they are distributed in the bridge 
:ross-section. The stringers with the largest load percentagewise have an increase 

moment; however, the increase in percentage is often larger in the stringers with 
^ess moment. This results from the vibrational amplitude of the stringers depending 
fiore on their mass than on their static load. Therefore the moment resulting from 
he vibration of the stringers with a smaller static moment shows the largest increase 

percentage. 
It is apparent that the distribution of load undergoes no large change as a result of 

|he vibrational impact. The greatest change occurs when the truck is in the outer lane 
md produces an upward or negative moment in the extreme opposite outer stringer. 
The dynamic effect of the truck is a vibration superimposed on the static load distri-
iition. Thus, when the vibrational amplitude causes the greatest increase in moment, 
tie sign of the dynamic vibratory moment is opposite to the sign of the static moment 

this outer stringer. The result is an apparent decrease in moment in the extreme 
pposite outer stringer and therefore a small change in the load distribution percentages. 

|ven so, the dynamic load distribution percentages were always within 5 percent of the 
itic load distribution percentages. As a result, the change in the dynamic load dis-

j-ibution was always well within the difference between the experimental and design 
lad distribution factors. 
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The total impact in the bridge shows an increase with speed, the amount of impact 
depending on whether or not the amplitude of vibration coincides exactly with the maxi­
mum moment in the bridge stringers. The maximum total brieve impact measured was 
24, 5 percent. This corresponds to a specification impact value for the outer span of 
23,2 percent. 

The individual stringer impact values depend on the amplitude of the vibratory 
moment and the static moment level. For the most heavily loaded stringers, the maxi­
mum impact values are somewhat similar to the maximum bridge impact values. The 
largest impact value in a heavily loaded stringer is 28.8 percent. This is similar to 
the maximum percentage for the total bridge. 

It is difficult to determine what value of impact might be suitable for design. The 
two values compared in this study are the individual stringer impact percentages and 
the total bridge impact percentages. These two values vary considerably and would 
probably vary more if a more critical, in terms of vibration, truck-trailer combina­
tion had been used. 
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Rapid Method for Estimating Maximum Bending 
Stress in Simple-Span Highway Bridges 

HENSON K. STEPHENSON, Research Engineer, Texas Transportation Institute and 
Professor of Civil Engineering, Agricultural and Mechanical College of Texas, 
College Station 

This paper presents a new and rapid method 
for estimating maximum combined bending 
stresses in simple-span beam bridges pro­
duced by dead load, live load and impact. 
The maximum live load and impact stresses 
are those resulting from any heavy vehicle 
type or loading found on the highway. 

The procedure for estimating the total 
maximum stress in simple-span bridges— 
of given construction type and design designa­
tion—is accomplished in two simple steps: 
(a) convert any particular vehicle imder con­
sideration into its equivalent H truck loading 
on any span, as may be desired, by use of 
the conversion coefficients given in Table 1; 
and (b) once the H-equivalency of a given 
vehicle has been determined for a given span 
then its stress-producing effects may be 
determined from charts similar to those 
shown in Figures 3 to 14, inclusive, depend­
ing on the span and loading conditions. 

THE METHOD presented for estimating the maximum combined bending stresses 
•oduced by dead load, vehicle loads and impact in simple-span beam bridges results 

|om three rather simple but important observations. Briefly, these observations are: 
1. It has been shown that any heavy vehicle may be converted into an equivalent H 

ick loading that wi l l produce the same maximum bending moment on a given span as 
particular vehicle under consideration (1., 4, 5, 7). Equivalent H truck loadings, 

jrefore, provide a convenient means for describing or evaluating the stress-produc-
effects of any particular vehicle on a given span. It might be added that heavy ve-

;les also may be converted into any other equivalent design loading on the basis of 
)ments, shears or any other stress function as may be desired U,2, 3). 
2. It has been found, for any simple-span beam bridge of given length, that the per-
i t of total design moment per beam caused by dead load remains about the same, 
Respective of the lateral spacing of the beams (4, 7). Similarly, for a given span, 

percent of total design moment (or stress) per beam caused by live load plus impact 
|o remains about the same, irrespective of the beam spacing (4, 7). For a given span, 
Irefore, i t follows that the percentage of total design moment (or stress) caused by 

and dead loads, respectively, is about the same per foot width of bridge or per 10-
me as i t is per beam, irrespective of the beam spacing. These findings permit the 

and dead load design moments (or stresses) per beam or per 10-ft lane to be gen-
|lized for simple-span beam bridges of given construction type and design designa-

as shown in Figure 2. 
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3. For a given brieve the maximum dead load stress is a fixed and definite per­
cent of the total design stress; also, the maximum live load plus impact stress caused 
by a given vehicle wi l l vary directly with the weight or H-equivalency of that particular 
vehicle. From these and the preceding observations i t has been shown that the total 
maximum stress caused by dead load, vehicle load and impact in a given bridge may be 
expressed by a simple straight-line equation in which the total maximum stress is a 
function of the H-equivalency of the vehicle under consideration (4, 7). It is usually 
more convenient though to convert this total maximum stress into the ratio that i t bears 
to the allowable stress for which the bridge was designed. This ratio is referred to 
herein as the design stress ratio. The variations of this design stress ratio with equiva-j 
lent H truck loadings on various spans are as shown in Figures 3 - 1 4 inclusive. 
DEVELOPMENT OF METHOD FOR ESTIMATING MAXIMUM BENDING STRESSES 

The bridges used herein for illustrating the method are of H 15 design and consist 
of a concrete deck of minimum thickness supported by unencased steel beams. It is 
also assumed that the supporting steel beams are so spaced that the maximum live load | 
bending stress produced in an interior stringer by a single vehicle in one lane only, 
wi l l amount to C = 75 percent of that produced by indentical vehicles in each lane simul­
taneously. This means that if the given bridge were loaded with vehicles having identi-1 
cal H-equivalencies, one in each lane, the maximum live load stress produced in a 
typical interior stringer would be % or 133 percent of that produced by only one of 
these vehicles in one lane only. 

The reason for selecting this light type of construction is that the ratio of dead load 
stresses to total design stresses is smaller than would be the case for any of the heavi^ 
types of construction, such as reinforced concrete deck girder spans. Consequently, 
any conclusions arrived at concerning the stress-producing effect of a given vehicle or | 
vehicles on any particular bridge are on the conservative rather than the unsafe side. 
Although the discussion and illustrative examples given herein are confined to bending 
moments and bending stresses in simple-span steel beam bridges of H 15 design, the 
method is equally applicable to bridges of other construction types and design designa­
tion. 

Once the percent of total design stresses caused by live load plus impact and dead 
load have been determined for bridges of a given type and design designation similar t(j 
those given in Figure 2 i t is convenient to consider the method for estimating total 
maximum bending stress in a given bridge in two parts, as follows: (1) determination 
of equivalent H truck loadings, and (2) evaluation of total maximum stress caused by a| 
given equivalent H truck loading on a given span corresponding with specified loading 
conditions. 

The nomenclature and definitions used herein are assembled in Appendix A for 
convenience of reference. 

EQUIVALENT H TRUCK LOADINGS 
Any heavy vehicle may be converted into an equivalent H truck loading that wi l l pre 

duce the same maximum bending moment on a given span as the particular vehicle un(| 
consideration. Heavy vehicles also may be converted into any other equivalent desig 
loading on the basis of moments, shears or other stress function on various span len^ 
as may be desired (1,2,3). 

The H-equivalency of a given vehicle on a given span may be determined on an exaj 
basis by finding the maximum moment caused by this particular vehicle on the given 
span and then selecting the standard H truck designation in tons that would produce thj 
same maximum moment. The procedure for any other stress function would be simi] 

It has been found, however, from numerous investigations of actual vehicles, i r ­
respective of the number of spacing of axles, that any normal distribution of load a-
mong the axles of a given vehicle wi l l produce slightly less moment on a given span t l 
the same load would produce if i t were uniformly distributed over a length, L, equal \ 
the wheel base length of the vehicle under consideration (5, 7). This means that the 
maximum moment caused by any given vehicle on a given span can be estimated quitd 
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easily and accurately—but a little on the safe side—by the moment formula resulting 
from the imiform load of length, L, and weight, W, on span, S (Fig. 1). This loading 
results in the following formula for maximum moment: 

(1) 

Eq. 1 provided the basis for calculating the coefficients given in Table 1 for converting 
heavy vehicles of given weight and wheel base length into equivalent H truck loadings on 
various span lengths. 

The determination and use of the coef­
ficients given in Table 1 can be illustrat­
ed by comparing the maximum moment 
caused by a heavy vehicle weighing 20 tons 
and having a total wheel base length of 28 
f t with that caused by an H 20 truck on a 
50-ft simple span. According to Eq. 1 
the moment caused by the heavy vehicle 
would be 360.0 kip-feet. This compares 
with a moment of 445,6 kip-feet caused 
by an H 20 truck on a 50-ft span. The 
20-ton heavy vehicle with 28-ft wheel base, 
therefore, causes 80,79 percent as much 
moment as the H 20 truck on this 50-ft 
span. 

This means that a vehicle, with a 28-
I f t wheel base, wi l l cause 0, 8079 times as 

L 

W L - W 

SPAN > S 

MAXIMUM MOMENT, M-^(s> ^ ) 

Figure 1, Maximum moment caused by a gross 
weight of W, unlfomly distributed over 

a length L, on a span length of S. 

TABLE 1 
COEFFICIENTS FOR CONVERTING ANY HEAVY VEHICLE OF GIVEN WEIGHT 

AND WHEEL-BASE LENGTH INTO EQUIVALENT H TRUCK LOADINGS 
ON SIMPLE SPANS 

/heel Coefficient 
Base, 
L( f t ) 

20-Ft 30-Ft 40-Ft 50-Ft 60-Ft 70-Ft 80-Ft 90-Ft 100-Ft Base, 
L( f t ) Span Span Span Span Span Span Span Span Span 

1 4 1.1250 1,1354 1.0982 1,0772 1.0638 1.0541 1.0473 1.0416 1.0373 
8 1,0000 1,0543 1.0404 1,0323 1.0271 1.0231 1.0204 1.0179 1,0161 

12 0,8750 0,9732 0,9826 0.9874 0.9905 0.9921 0.9936 0.9942 0,9949 
16 0, 7500 0, 8921 0.9248 0,9425 0.9538 0.9611 0.9667 0.9706 0,9738 
20 0,6250 0,8110 0,8670 0. 8977 0.9171 0.9301 0.9398 0.9469 0.9526 

1 24 - 0,7299 0. 8092 0. 8528 0, 8804 0.8991 0.9130 0.9232 0.9314 
1 28 - 0.6488 0. 7514 0.8079 0.8437 0.8681 0.8861 0.8995 0.9102 
1 32 - - 0.6936 0.7630 0. 8070 0.8371 0.8593 0.8759 0.8891 
1 36 - - 0.6358 0.7181 0.7704 0.8061 0.8324 0.8522 0.8679 
1 40 - - 0,5780 0.6732 0.7337 0.7751 0.8056 0.8285 0.8467 
1 44 - - - 0,6284 0.6970 0.7440 0.7787 0.8048 0.8256 
1 48 - - - 0, 5835 0.6603 0, 7130 0.7519 0,7812 0.8044 
1 52 - - - - 0.6236 0,6820 0. 7250 0,7575 0.7832 
1 56 - - - - 0.5869 0, 6510 0.6982 0,7338 0.7621 
1 60 - - - - 0.5503 0,6200 0.6713 0,7102 0.7409 

tOTE: The H-equvalency of any vehicle of given weight and wheel base length on a 
iven span, is equal to the weight of the vehicle times the conversion coefficient for 
i t span corresponding to the given vehicle's wheel base length. For example, a 20-

In vehicle with a 28-ft wheel base on a 50-ft span would have an H-equivalency of 20.0 
|0.8079 = 16.16 tons or correspond with an equivalent H 16.16 truck loading. 
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much moment on a 50-ft span as a standard H truck of equal weight. It also means 
that a vehicle of given weight, with a 28-ft wheel base, wi l l cause as much moment on 
a 50-ft span as a standard H truck weighing 80.79 percent as much. This 20-ton ve­
hicle, with a 28-ft wheel base on a 50-ft span, therefore, would have an H-equivalency 
of 20.0x 0. 8079 = 16.16 tons or correspond with an equivalent H 16.16 truck on that 
span. 

Design Stress Relationships in Simple-Span Steel Stringer Bridges of H 15 Design 
As previously stated, it has been foimd that for any simple-span beam bridge of 

given length, the percent of total design stress (or moment) per beam caused by dead 
load remains about the same, irrespective of the lateral spacing of the beams (4, 7). 
Similarly for a given span, the percent of total design stress per beam caused by live 
load plus impact also remains about the same, irrespective of the beam spacing. For a 
given span, therefore, i t follows that the percent of total design stress (or moment) 
caused by live and dead loads, respectively, is about the same per foot width of bridge 
or per 10-ft lane as i t is per beam, irrespective of beam spacing. These findings per­
mit the live and dead load design stresses (or moments) per beam or per 10-ft lane to 
be generalized for simple-span beam bridges, of given construction type and design 
designation, similar to those shown in Figure 2. 

With design stress information for simple-span bridges, of given construction type 
and design designation, similar to that given in Figure 2, it has been shown that the 
total maximum stresses caused by dead load, vehicle load and impact for a given 
bridge may be expressed by a simple straight-line equation in which the total maximum] 
stress or design stress ratio is a function 
of the H-equivalency of the vehicle under 
consideration (4,7). Design stress ratio 
for a given member is defined as the ratio 
of actual total maximum stress caused by 
dead load, vehicle load and impact in the 
member, to the maximum allowable stress 
used for the design of that member. 

A further discussion of design stress 
ratios is given in Appendix B. Also in 
Appendix B is given the development of 
the straight-line equations for estimating 
design stress ratios (or maximum stress­
es) caused by dead load, vehicle loads 
and impact for given spans corresponding 
with various loading conditions. The de­
velopment of the straight-line equations 
in Appendix B follows rather closely the 
development of similar equations previous­
ly presented (4, 7). 

Estimating Maximum Bending Stresses 
Caused by Equivalent H Trucks 

Inasmuch as Figure 2 gives the ratio 
of dead load stress to total design stress, 
R d , and the ratio of live load plus impact 
stress to total design stress, R l , it wi l l 
be seen that the equivalent H truck loading 
corresponding with any degree of over-
stress or understress (design stress 
ratio, Q) and loading conditions may be 
determined by Eq. 12. Tables 2 through 
5 give the equivalent H truck loadings, in 
tons, required to produce maximum bend­
ing stresses in an interior stringer, cor-
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responding to a given design stress ratio, for four different conditions of loading. 
Referring to Eq. 13, it wi l l be seen that the design stress ratio, Q, is a linear 

equation. For any given member of a particular bridge i t w i l l also be seen that the 
change in Q varies directly with the values of H, C, and K' in Eq. 13. This is illustrat­
ed in Figures 3 to 14. Figures 3 to 8 give the design stress ratios produced by equiv­
alent H trucks on simple-span steel stringer bridges of H 15 design with one vehicle 
in each lane and varying allowance for impact. Figures 9 to 14, give the design stress 
ratios produced by equivalent H trucks on simple-span steel stringer bridges of H 15 
design with one vehicle in one lane only and varying allowance for impact. 

On a 50-ft span, for example, Figure 5 shows that one equivalent H 30 truck in each lane 
simultaneously (C = 1.00) with fu l l allowance for impact would result in a maximum design 
stress ratio Q = 1.60. This means that the maximum stress produced in one of the interior 
steel stringers by such a loading would be 160 percent of the basic allowable design stress, 
or an overstress of 60 percent. However, if the speed of these equivalent H 30 trucks were re­
duced to about 5 mph, which would result in little or no impact, i t w i l l be seen that the maxi­
mum amount of overstress in an interior stringer would be reduced to about 32 percent. 

Similarly, on a 50-ft span Figure 11 shows that one equivalent H 30 truck in one 
lane only (C = 0. 75) with fu l l allowance for impact would result in a maximum design 
stress ratio, Q = 1.31, or an overstress of about 31 percent. However, if the speed 
of this equivalent H 30 truck were reduced so as to result in little or no impact, the 
maximum amount of overstress in an interior stringer would only amount to about 10 
percent. These illustrations should be sufficient to show the value and utility of the 
stress data to be obtained from Figures 3 through 14. 
Summary of Method 

The preceding discussion shows that the maximum combined bending stresses caus­
ed by dead load, live load, and impact in simple-span beam bridges may be estimated 
rather quickly in two simple steps as follows: 

T A B L E 2 

E Q U I V A L E N T H T R U C K L O A D I N G I N E A C H L A N E W I T H F U L L A L L O W A N C E F O R 
I M P A C T R E Q U I R E D T O P R O D U C E M A X I M U M S T E E L S T R E S S C O R R E S P O N D I N G 

T O G I V E N D E S I G N S T R E S S R A T I O 

= I K ' = 1.00 + I = K C = 1.00 

Value of F a c t o r 

10-Ft 20-Ft 30-Ft 40-Ft 50-Ft 60-Ft 70-Ft 80-Ft 90-Ft 100-Ft 
lac tor Span Span Span Span Span Span Span Span Span Span 

f L 0.870 0. 790 0.715 0.654 0.603 0.558 0.522 0.498 0.478 0.460 
1.30 1.30 1.30 1.30 1.286 1.27 1.256 1.244 1.232 1.222 

P D 11.7 41.5 95.9 178.5 283.0 421.0 610.0 820.1 1062.6 1344.8 
I M L 78.0 156.0 240.5 337.4 429.8 531.5 666.1 813.6 973.0 1145.6 
B T _ _ 89.7 197.5 336.4 515.9 712.8 952.5 1276.1 1633.7 2035.6 2490.4 

ftsign 
• • e s s 
i t i o , Q E q u i v . H T r u c k Loading 

.50 23.6 24.5 25.5 26.5 27.4 29.1 32.2 35.2 38.2 41.4 

.40 21.9 22.6 23.4 24.1 24.9 26.4 29.0 31.7 34.3 37.1 

.30 20.2 20.7 21.3 21.9 22.5 23.6 25.9 28.1 30.4 32.8 

.20 18.5 18.8 19.2 19.6 20.0 20.9 22.7 24.6 26.5 28.5 

.10 16.7 16.9 17.1 17.3 17.5 18.1 19.6 21.1 22.6 24.2 

1.00 15.0 15.0 15.0 15.0 15.0 15.4 16.4 17.6 18.7 19.8 
Loo 13.3 13.1 12.9 12.7 12.5 12.6 13.3 14.0 14.8 15.5 
[80 11.6 11.2 10.8 10.4 10.0 9.8 10.1 10.5 10.9 11.2 
l 7 0 9.8 9.3 8.7 8.1 7.5 7.1 7.0 7.0 7.0 6.9 
l 6 0 8.1 7.4 6.6 5.8 5.0 4.3 3.8 3.5 3.1 2.6 
Iso 6.4 5.5 4.5 3.5 2.6 1.6 0.7 - - -
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T A B L E 3 

E Q U I V A L E N T H T R U C K L O A D I N G I N E A C H L A N E W I T H N O A L L O W A N C E 
F O R I M P A C T R E Q U I R E D T O P R O D U C E M A X I M U M S T E E L S T R E S S C O R R E S P O N D I N G 

r = 0.00 K ' = 1.00 + 0.00 = 1.00 C = 1.00 

Value of F a c t o r 

10-Ft 
F a c t o r Span 

20-Ft 
Span 

30-Ft 
Span 

40-Ft 50-Ft 60-Ft 
Span Span Span 

70-Ft 
Span 

80-Ft 
Span 

90-Ft 
Span 

100-Ft 
Span 

R L 
K 
M D 
K M L 
M-p 

0.870 
1.30 

11.7 
78.0 
89.7 

0.790 
1.30 

41.5 
156.0 
197.5 

0.715 
1.30 

95.9 
240.5 
336.4 

0.654 
1.30 

178.5 
337.4 
515.9 

0.603 
1.286 

283.0 
429.8 
712.8 

0. 558 
1.27 

421.0 
531.5 
952.5 

0.522 
1.256 

610.0 
666.1 

1276.1 

0.498 
1.244 

820.1 
813.6 

1633.7 

0.478 
1.232 

1062.6 
973.0 

2035.6 

0.460 
1.222 

1344.8 
1145.6 
2490.4 

Design 
S t r e s s 

E q u i v . H T r u c k Loading 

1.50 30.7 31.8 33.2 34.4 35.3 37.0 40.4 43.8 47.1 50.6 
1.40 28.5 29.4 30.4 31.4 32.1 33.5 36.5 39.4 42.3 45.3 
1.30 26.3 26.9 27.7 28.4 28.9 30.0 32.5 35.0 37.5 40.1 
1.20 24.0 24.4 25.0 25.5 25.7 26.5 28.6 30.6 32.7 34.8 
1.10 21.8 22.0 22.2 22.5 22.5 23.0 24.6 26.2 27.8 29.5 1 
1.00 19.5 19.5 19.5 19.5 19.3 19.5 20.6 21.8 23.0 24.2 
0.90 17.3 17.0 16.8 16.5 16.1 16.0 16.7 17.5 18.2 19.0 
0.80 15.0 14.6 14.1 13.5 12.9 12.5 12.7 13.1 13.4 13.7 
0.70 12.8 12.1 11.3 10.6 9.7 9.0 8.8 8.7 8.6 8.4 1 
0.60 10.5 9.6 8.6 7.6 6.5 5.5 4.8 4.3 3.8 3.2 1 
0.50 8.3 7.2 5.9 4.6 3.3 2.0 0.9 - - 1 

T A B L E 4 

E Q U I V A L E N T H T R U C K L O A D I N G I N O N E L A N E W I T H F U L L A L L O W A N C E F O R 
I M P A C T R E Q U I R E D T O P R O D U C E M A X I M U M S T E E L S T R E S S C O R R E S P O N D I N G 

T O G I V E N D E S I G N S T R E S S R A T I O 

r =1 K ' = 1.00 + I = K c = O.TI 

Value of F a c t o r 

10-Ft 20-Ft 30-Ft 40-Ft 50-Ft 60-Ft 70-Ft 80-Ft 90-Ft 100- l | 
F a c t o r Span Span Span Span Span Span Span Span Span SpanI 

R L 0.870 0. 790 0.715 0.654 0.603 0.558 0.522 0.498 0.478 0 . 4 | 
K 1.30 1.30 1.30 1.30 1.286 1.27 1.256 1.244 1.232 I.2I 
M D 11.7 41.5 95.9 178.5 283.0 421.0 610.0 820.1 1062.6 1344.8l 
K M L 78.0 156.0 240.5 337.4 429.8 531.5 666.1 813.6 973.0 1145.61 
M T 89.7 197.5 336.4 515.9 712.8 952.5 1276.1 1633.7 2035.6 2490.4I 

Design 
S t r e s s 
Ratio, E q u i v . H T r u c k Loading 

1.50 31.5 32.6 34.0 35.3 36.6 38.8 42.9 46.9 51.0 55. J 
1.40 29.2 30.1 31.2 32.2 33.2 35.1 38.7 42.2 45.8 49.1 
1.30 26.9 27.6 28.4 29.2 29.9 31.5 34.5 37.5 40.6 43.1 
1.20 24.6 25.1 25.6 26.1 26.6 27.8 30.3 32.8 35.4 38.1 
1.10 22.3 22.5 22.8 23.1 23.3 24.1 26.1 28.1 30.1 32.1 
1.00 20.0 20.0 20.0 20.0 20.0 20.5 21.9 23.4 24.9 26.1 
0.90 17.7 17.5 17.2 16.9 16.7 16.8 17.7 18.7 19.7 20.1 
0. 80 15.4 14.9 14.4 13.9 13.4 13.1 13.5 14.0 14.5 15.1 
0. 70 13.1 12.4 11.6 10.8 10.0 9.5 9.3 9.3 9.3 9.1 
0.60 10.8 9.9 8.8 7.8 6.7 5.8 5.1 4.6 4.1 3.1 
0.50 8.5 7.3 6.0 4.7 3.4 2.1 0.9 - -
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T A B L E 5 

E Q U I V A L E N T H T R U C K L O A D I N G I N O N E L A N E W I T H NO A L L O W A N C E F O R 
I M P A C T R E Q U I R E D T O P R O D U C E M A X I M U M S T E E L S T R E S S C O R R E S P O N D I N G 

T O G I V E N D E S I G N S T R E S S R A T I O 

r = 0.00 K ' = 1. 00 + 0. GO = 1.00 C = 0.75 

Value of F a c t o r 

10-Ft 20-Ft 30-Ft 40-Ft 50-Ft 60-Ft 70-Ft 80-Ft 90-Ft 100-Ft 
F a c t o r Span Span Span Span Span Span Span Span Span Span 

R L 0.870 0.790 0.715 0.654 0.603 0.558 0.522 0.498 0.478 0.460 
K 1.30 1.30 1.30 1.30 1.286 1.27 1.256 1.244 1.232 1.222 
M D 11.7 41.5 95.9 178.5 283.0 421.0 610.0 820.1 1062.6 1344.8 
K M L 78.0 156.0 240.5 337.4 429.8 531.5 666.1 813.6 973.0 1145.6 
M-r 89.7 197.5 336.4 515.9 712.8 952.5 1276.1 1633.7 2035.6 2490.4 

Design 
S t r e s s 
Rat io , Q E q u i v . H T r u c k Loading 

1.50 41.0 42.4 44.2 45.9 47.0 49.3 53.9 58.4 62.8 67.4 
1.40 38.0 39.1 40.6 41.9 42.8 44.6 48.6 52.5 56.4 60.4 
1.30 35.0 35.9 36.9 37.9 38.5 40.0 43.3 46.7 50.0 53.4 
1.20 32.0 32.6 33.3 34.0 34.2 35.3 38.1 40.8 43.6 46.4 
1.10 29.0 29.3 29.7 30.0 30.0 30.7 32.8 35.0 37.1 39.3 
1.00 26.0 26.0 26.0 26.0 25.7 26.0 27.5 29.1 30.7 32.3 
0.90 23.0 22.7 22.4 22.0 21.4 21.3 22.3 23.3 24.3 25.3 
0. 80 20.0 19.4 18.7 18.1 17.2 16.7 17.0 17.4 17.9 18.3 
0. 70 17.1 16.1 15.1 14.1 12.9 12.0 11.7 11.6 11.4 11.2 
0.60 14.1 12.8 11.5 10.1 8.7 7.4 6.4 5.7 5.0 4.2 
0. 50 11.1 9.5 7.8 6.1 4.4 2.7 1.2 - -

1. Convert the heavy vehicle under consideration into its equivalent H truck loading 
|)n a given span by use of the appropriate coefficient in Table 1. 

2. With the H-equivalency found in the f i rs t step, an estimate of the bending stress-
s caused by it on the given span may be read directly from the appropriate chart 
;iven in Figures 3 through 14, depending on the span length and loading conditions. 

1- L M i t k . « • 

20 30 40 
H TRUCK-TONS 

Equation, for Dclan Set . . . Rat i , 

X - K' - 1 JOD, q . 0476 H ̂  285 
K' - I 200. Q - 0U9 H + 281 
K* . 1 100. Q - 0403 H + 285 
« ' - 1 OOO; q . 0366 II t 285 

gui-e 3. Design stress ratio produced by 
ivalent H trucks on simple-span bridges 
H 15 design with one vehicle In each 
.ane and varying allowance for Impact. 

i u . u m K>K'>I30 
K-120 

K'lOO 

20 30 40 
H TRUCK-TONS 

FquBtioni tor Daalsn Screta Ratio 

K - K' - 1 300, Q - 0436 H ••> 366 
K' - I 200, Q - 040Z H + 3b6 
K' - J lOO, Q - 0369 H -I- 346 
k' - 1 000, Q - 0333 H + 346 

Figure k. Design stress ratio produced by 
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle In each 

lane and varying allowance for Impact. 
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Span LMigth - M ' 

K'-IIO 
K'.lOO 

20 30 40 

H TRUCK-TONS 

Equation, for De.lsn b t r . . . RaCio 

K - K' - 1 286, Q - 0402 H + J97 
K' - 1 200, q - 0376 H + 397 
K' - 1 lOO, Q - 03*6 H + 397 
K' - 1 000 . 0 - 0313 n + 397 

Figure 5' Design stress ratio produced by-
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle i n each 

lane and varying allowance for impact. 

20 30 40 

H TRUCK-TONS 

• f o r M i l g n SCraas Ratio 

• 1 270, 
• 1 200, 
• 1 IDO, 
. 1 000, 

• 0364 11+ Vt2 
i 03M K + 442 
• 0315 K + 442 
• .0286 n + 442 

figure 6. Design stress ratio produced "by-
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle i n each 

lane and varying allowance for Impact, 

Span U n i t h - 80' Span Ungth - 100 

1 1 1 " Hit 4 - t 1 " Hit 
1 

K - K - l i 
K ' - I Z O -

K'-l 10 

.44 4 -

1 1 i n 

K - K - l i 
K ' - I Z O -

K'-l 10 1 ' 
1 1 K'alOO—vl 1 J_L 1 1 1 

r 1 i 
J 

I I I 
. i j i " ! 
1 ' i V 3 ^ 1 

J L 
- 1 -

1 1 iT 
- l J - ) - L -
1 1 1 1 

- U 
- K 

j I ' l l 

1 1 1 ^ 1 1 ; 1 
1 1 1 1 ' 1 ' 1 

1 ' 1 
I I I , 

1 1 1 1 

1 1 1 1 

' 1 
1 ' ' 1 

1 1 
1 1 1 . 1 1 1 1 1 ' 1 

' 1 

1 1 1 i 1 1 1 1 - 1 1 ; 1 1 1 { 
1 1 ' 1 I ' M 

M l ' 1 1 M 1 1 1 i 1 1 
- q -

1 1 1 1 ; 1 1 

1 
X -

1 
1 
1 

1 
1 
- q -

" t i f f 
20 30 40 

H TRUCK-TONS 

Equations f o r Dealgn S t r c i i Ratio 
- K' - 1 244, 

K' - 1 200. 
K' - I 100, 
K- - 1 000. 

0284 H + 
0274 H + 
0251 H + 
02?B H + 

Figure 7- Design stress ratio produced by-
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle In each 

lane and varying allowance for impact. 

UK - i . 
- 1 -

-1-1 
- •n i 

- 1 -

j _ 1_ K-K • I 222 
K'.|20 

Ka| 10 
K-l 00 

20 30 40 

H TRUCK-TONS 

Eqaatlon. [or Dcalgn Stra.a Ratu, 

' . 1 222, 
' - I 200 
• - 1 100, 
' - I 000. 

0232 H + 560 
0226 H + S60 
0209 H + 560 
0190 H + 560 

Figure 8. Design stress ratio produced by 
equivalent H trucks on simple-span brldges| 
of H 15 design with one vehicle in each 

lane and varying allowance for impact. 
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K' - Varle. Span Lmgth - AO* 

20 30 40 

H TRUCK-TONS 

Equ.tlon. for te.lpi Strcis b t l o 

K - K' - I 300, Q - 0357 H + 2BS 
K- . 1 200. q - 0330 B + 2B3 
K' - 1 100, q - 0303 n + 285 
K' . l.DOO, q - 0275 H + 28^ 

Figure 9. Design stress ratio produced by 
equlvaaent H trucks on simple-span bridges 
of H 15 design with one vehicle in one 
lane only and varying allowance for im­

pact. 

K - K " - I 30 
K ' . l 20 

K ' - l l O 
100 

20 30 40 
H TRUCK-TONS 

Equation, for Doslsn Strc.s Hatlo 

• 1 300, 
• 1 200, 
• 1 100, 
. 1 000, 

0327 H + V,b 
0302 K + 346 
0277 K + 346 
0252 H + 346 

Figure 10. Design stress ratio produced by 
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle i n one 
lane only and varying allowance for im­

pact. 

3 r « Ungtl . - 60' 

M i l K " K - 1 286 
"'-120 

1̂ -1 10 I K ' - l 00 

H TRUCK 

1 ' UjOZ H + j!l7 
, - 0282 H + 397 

- 0259 11 + 397 
J - 0235 H + 197 

i'lgure 11. Design stress ratio produced by 
iquivalent H trucks on simple-span bridges 
)f H 15 design with one vehicle i n one 
.ane only and varying allowance for im­

pact. 
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• -1 1 L - H -
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- I I I ' 
" H T ' 

- n - r 
1 1 1 

- - r - r * -

"iTr 
1 1 1 I 
I N I 

0 10 20 30 40 50 60 

H TRUCK-TONS 

Equ.cLon. for De.lgn S t t c . Ratio 

K - E' - 1 270, q - 0273 11 + 442 
E' - 1 20O, q - 0258 H + 642 
E' - 1 lOO, q - 0237 H + 442 
E' - 1 OUO, q - 0215 II + 442 

Figure 12. Design stress ratio produced by 
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle i n one 
lane only and varying allowance for im­

pact. 
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Sp.D Luigch - 80' Span Length - 100* 

K - K - I Z 4 4 
120 

K'-IO 
IC-IOO 

H TRUCK-TONS 

Equation. Eor DeaLgn Strasa lacio 

< - 1 244, 
' - 1 ZOO, 
' - I 100, 
• - I 000, 

0213 H + 502 
0205 H + 502 
0188 H + 502 
0171 H + 502 

Figure 13. Design stress ratio produced hy 
eq.ulvalent H trucks on slfliple-span hrldges 
of H 15 design with one vehicle In one 
lane only and varying allowance for Im­

pact. 

I-I t l -

H TRUCK - TONS 

Equ.tloni for D.aign btra.s RatLo 

' - I 222, 
' - I 200, 
• - 1 100, 
• - 1 000, 

0174 K + 540 
0170 H + 540 
0156 H + 540 
0142 K + 540 

Figure ih. Design stress ratio produced by 
equivalent H trucks on simple-span bridges 
of H 15 design with one vehicle i n one 
lane only and varying allowance for im­

pact. 
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Appendix A 

NOMENCLATURE AND DEFINITIONS 
C = coefficient which represents the fractional part of the total live load 

stress, in a given member, produced by one or more lanes loaded, C 
= 1.00 if a stringer bridge is loaded with identical vehicles, one in each 
lane and so placed to produce maximum stress. For a steel stringer 
bridge, if one vehicle in one lane only would produce 75 percent as much 
stress in an interior stringer as identical vehicles in each lane i t would 
mean that C = 0. 75. 

f = unit stress in pounds per square inch or unit stress as may be defined, 
f j ) = unit stress resulting from dead load; f^ = unit stress resulting from 
live load; fT = maximum total design stress; f j i = stress resulting from 
vehicle or vehicles weighing H tons each, 

H = equivalent H truck in tons. For example, if a given vehicle produces 
the same maximum moment (or other stress function) in a given member 
as a standard H truck weighing 23,6 tons, i t would be rated as an equiva­
lent H 23.6 truck loading in which case H = 23.6 tons. 

I = impact fraction (maximum 0.30 or 30 percent) as determined by the 
AASHO formula I = 50/ (S + 125) in which S = length in feet of the portion 
of the span which is loaded to produce the maximum stress in the member. 

r = impact fraction assumed in connection with the determination of the 
stress-producing effects of any given vehicle imder consideration. For 
example, if the speed of a given vehicle were limited to about 5 mph, this 
impact fraction might be considered so small as to be negligible, in which 
case r might be assumed equal to zero. Depending on traffic and con­
ditions, therefore, the impact fraction, I ' could be assumed at any rea­
sonable value between zero and the fu l l impact allowance, I , as defined 
by the AASHO design specifications. 

K = (1.00 + I) = coefficient by which the design live load moment (shear, or 
other stress function 's multiplied to obtain the live load plus impact 
moment (shear or other stress function) used for design. Thus, K M L 
would be equal to the live load plus impact moment used for design; 
similarly K V L would be equal to the live load plus impact shear used for 
design, 

K ' = (1, 00 + r ) = coefficient by which the live load moment (shear, or other 
stress function) produced by a given vehicle is multiplied to obtain the 
live load plus impact moment (shear, or other stress function) produced 
on a given span or in a given member by the vehicle under consideration. 
Thus, K ' M H would be equal to the live load plus impact moment produced 
on a given span by any particular vehicle having an H-equivalency of H tons. 

M D = dead load moment as included in total design moment. 
Mj j = moment in an interior stringer (or other member) resulting from equiv­

alent H trucks weighing H tons each. Likewise Mg represents the mo­
ment for 1 lane produced by equivalent H truck weighing H tons. 

M H ( I ) = moment for one lane produced by a standard H truck weighing 1 ton. 
M L = live load moment as included in total design moment. 
M T = moment used for design or total design moment. 

Q = design stress ratio. This term refers to the ratio of total maximum 
stress, caused by dead load, vehicle load and impact, to total design 
stress in any particular member of part of a given highway bridge. 

Rj3 = (MD/MTT,) = ratio of dead load moment Mp (shear, or other stress func­
tion) to lotal moment M-p used for design. In terms of shear this ratio 
would be Rj) = (Vjj/V-p), and for other stress functions i t would be similar. 
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R L = ( K M L / M T ) = ratio of live load plus impact moment, K M L , (shear, or other stress 
function), used for design, (to the total design moment, M T , or total moment 
(shear, or other stress function) used for design. In terms of shear, this ratio 
would be R L = ( K V L / V T ) , and for other stress functions it would be similar. 

S = span length (usually in feet). 
V = shear force. 

Appendix B 

DEVELOPMENT OF EQUATIONS FOR DESIGN STRESS RATIOS 
Design Stress Ratios 

Design stress ratios, Q, refer to the ratios of total actual stresses to total design 
stresses in any particular member or part of a given highway bridge. For example, 
consider a 50-ft simple-span steel stringer bridge with concrete deck of H-15 design. 
If the design calculations for this bridge show that the dead load produces a maximum 
stress of 7.20 ksi and the design live load plus impact produces a maximum stress of 
10.80 ksi in an interior stringer, the total design stress for this stringer is 7.20 + 
10. 80 = 18.00 ksi. 

If further calculations indicate that a particular heavy vehicle load would produce a 
maximum live load plus impact stress of K f j j = 16.20 ksi (see Appendix A for nomen­
clature) i t wi l l be seen that the maximum total actual stress in this stringer would be 
7.20 + 16.20 = 23.40 ksi. So, the ratio of total actual stress to total design stress for 
this situation results in a design stress ratio of Q = 23.40/18.00 = 1.30. This means 
that the heavy vehicle under consideration would result in total actual stresses 1.30 
times as much as the total basic design stress of 18. 00 ksi for which this stringer was 
designed or an overstress of 30 percent in excess of the basic design permitted by the 
AASHO design specifications. 

Each of the many heavy vehicle types and loadings has one thing in common—the 
capacity to induce a stress (bending, shear, or direct stress) of definite and calculable 
magnitude at any particular point in a given bridge. Consequently a bridge of given 
type and span can be made to serve as a sort of weighing device by which the maximum { 
stress (bending, shear, or direct stress) produced by any given heavy vehicle can be 
directly compared with that produced by any other vehicle or arbitrarily standardized 
loading. However, rather than directly comparing the actual stresses produced by a 
given heavy vehicle with those produced by others, it is more convenient to appraise 
the stress-producing effects of a given vehicle if they are expressed in terms of some 
arbitrary or standardized loading on a simple span of given length. 

For this purpose a standard H truck, H-S truck, or any other arbitrary loading, 
could be used. The standard H truck loading is used herein as a basis for measuring 
the stress-producing characteristics of all other vehicles because the load-carrying 
capacities of most existing highway bridges are rated in terms of the H loading desig 
And, as previously mentioned, bending moment is the stress function used to illustrate 
the method for measuring overstress because it is the bending stresses that ordinarily| 
determine the load-carrying capacity of most highway bridges. 

On a 50-ft simple span, for example, if it were determined that a given heavy ve­
hicle produced a maximum live load moment of 445.6 kip-ft, with no allowance for im-| 
pact, it would be found to be the same as the maximum live load moment produced by ; 
H-20 truck on the same span. Based on its capacity to produce bending stresses in a 
simple span of 50 f t the given vehicle would be converted into or rated as an equiva­
lent H truck load weighing 20 tons, or simply an equivalent H-20 truck loading. In a 
similar manner, if a given heavy vehicle produced as much direct stress in a particul^ 
member of a given through truss bridge as an H-21.6 truck, i t would be rated as an 
equivalent H-21.6 truck loading insofar as its capacity to produce direct stress in thai 
particular member is concerned. The logic would be similar for any type of stress o: 
stress fimction at any point that might be of interest in any type of simple-span or 
continuous bridge. The manner in which these equivalent design loads can be used foil 
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determining the degree of overstress, or design stress ratio, produced by any given 
vehicle at some particular point in a given bridge is presently explained. 
Development of Equations 

The stress relationships in the 50-ft simple-span steel stringer bridge of H-15 design 
referred to previously provides a convenient basis for illustrating the development of 
equations relating to design stress ratios. A study of the stresses in this bridge, and 
how they are related to each other, shows how such relationships provide a basic and 
necessary tool for the further investigation of maximum stresses in highway bridges 
(also see 4). For this 50-ft bridge the design calculations show that the dead load pro­
duces a maximum stress of 7.20 ksi and the design live load plus impact produces a 
maximum stress of 10.80 ksi, or a maximum total design stress of 7.20 + 10.80 = 
18.00 ksi, in a typical Interior stringer. In accord with the nomenclature given in 
Appendix A, i t wi l l be seen from these data that the dead load ratio, R D , which is de­
fined as the ratio that the maximum dead load stress, f j ) , bears to the maximum total 
design stress, f'p, would be 

R D = f x 
7.20 

T O O " = 0.400 (2) 

Similarly, it wi l l be seen that the live load ratio, R L , which is defined as the ratio 
that the maximum live load plus impact stress, K f x (moment, K Mj^; shear, K V L ; or 
other stress function), bears to the maximum totaldesign stress, f-p (moment, M T ; 
shear, V-j.; or other stress function) would be 

K f L K MT 

M T 
10. 80 
18. 00 0. 600 (3) 

3ut because the sum of the design dead load, live load and impact stresses for a given 
lember is equal to the total design stress, the sum of the dead load and live load ratios 
riust equal 1.00, and it follows that 

f. K f , 
R D + R L f x 

7.20 + 10. 80 
TOO 0.400 + 0.600 = 1.00 (4) 

imilarly, if these ratios were defined in terms of moments for an interior stringer 
r in terms of moments for a fu l l lane, which would be proportional to those in the 
tringer, their values would remain the same and their sum equal 1.00. Thus 

R D + RT 

KM, 

Mx 0.400 + 0.600 = 1.00 (5) 

In Eq. 4 the maximum stress, tj^, in one of the interior stringers is produced by the 
indard design live loading (without impact), which for this 50-ft span consists of one 
idard H-15 truck in each lane, simultaneously: K is the coefficient by which the live 

|ad stress, f^, is increased to include the specified allowance for impact. That is, 

K = 1.00 + I (6) 
I which I is the impact fraction as determined by the AASHO formula 

I = 50/(S + 125) (7) 
|d S is the length in feet of the span which is loaded to produce maximum stress in 

member imder consideration (for simple spans, S = fu l l length of span). 
J For the 50-ft simple span the impact would amount to I = 50/(50 + 125) = 0.286, 
lich in turn would result in a coefficient K = 1.00 -i- 0.286 = 1.286. As previously 
Ited, the design live load plus impact produces a maximum stress in an interior 
I'inger of K f = 10. 80 ksi. Inasmuch as this value includes an allowance of 28.6 
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percent for impact, it wi l l be seen that the design live load stress without impact 
would be f L = 10.80/1.286 = 8.40 ksi. 

It was also stated previously that further calculations Indicated that a particular 
heavy vehicle would produce a maximum live load plus impact stress of K fH = 16.20 
ksi in the most highly stressed interior stringer of that 50-ft simple-span steel stringer | 
bridge. The next question would be: What is the H-equivalence of this particular ve­
hicle on a 50-ft span? In other words, a standard H truck of what weight would be 
required to produce a live load plus impact stress of 16.20 ksi in the most highly stres­
sed interior stringer ? This question can be answered by referring to previous cal­
culations which show that the design live load plus impact produces in this same interior 
stringer a maximum stress of K f^ = 10. 80 ksi. The design live load in this consists 
of one H-15 truck in each lane simultaneously. For this bridge, too, i t was assumed 
that a single vehicle in one lane only would produce 75 percent as much stress in an 
interior stringer as that produced by identical vehicles, one in each lane simultaneously 
On this basis, therefore, a single H-15 truck on this bridge in one lane only would product 
in the same interior stringer a live load plus impact stress of C K f^ 0.75 x 1.286 
X 1.286 X 8.40 = 8.10 ksi. 

Now if a single H-15 truck, in one lane only, produces a maximum live load plus 
impact stress of this magnitude, by direct proportion one can find the equivalent H 
truck required to produce a corresponding stress of K fH = 16.20 ksi, or K f j j / C K f L 
= 16.20/8.10 = 2.00 times as much live load plus impact stress as a single H-15 truck.J 
Therefore, this given heavy vehicle would be rated as an equivalent H-30 truck on a 
50-ft span. Symbolically, the equivalent H truck rating (KHT) for this particular ve­
hicle would be EHT = 15(K fn/C K fi^) = 15(16.20/8.10) = Equivalent H-30 truck. 

Based on the foregoing discussion of dead load, design live load, impact and actual 
live load plus impact stresses, and how they may be related for determining the design| 
stress ratios which result from actual vehicle loadings, i t is now possible to write a 
general expression for determining the design stress ratio (4, 7) produced by a vehicle 
of given H-equivalency on a span of given length. In terms of stress produced by ve­
hicles of given H-equivalency, the design stress ratio would be 

Rj) + R L 
^ ' ^H^ 

- K f T 
(8) 

Similarly, if the stress function were in terms of maximum bending moments produce^ 
by vehicles of given H-equivalency, the design stress ratio would be 

Q = R D + R L 
K' M j j C 

(9 

in which 
K' = 1.00 + r (lOl 

is the coefficient by which the actual live load stress (moment or other stress functioij 
is multiplied to obtain the live load plus impact stress (moment or other stress func­
tion) produced on a given span by a given vehicle under consideration; and I ' is the ir 
pact fraction assumed in connection with the stress-producing effects of any given ve-l 
hide imder consideration. Depending on the speed of the vehicle under consideration] 
and other traffic conditions, the impact fraction I ' , could be assumed at any reasonatj 
value between zero and the ful l impact allowance, I , as defined by the AASHO desig 
specifications. 

In Eq. 8, if f n represents the maximum live load stress in an interior stringer re 
suiting from identical vehicles of given H-equivalency, one in each lane simultaneous 
the coefficient C = 1.00 (or 100 percent) of the potential stress that would result fror 
identical vehicles of given H-equivalency, one in each lane simultaneously. But if or 
one of these vehicles were placed in one lane only, C would be less than 1.00, and ir 
the foregoing examples i t has been assumed that C = 0.75 for the case of one vehicle| 
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one lane only. Here, it wi l l be remembered that C is a function of the stringer spac­
ing and for al l lanes loaded, C = 1.00. Similarly, in Eq. 9, if M H represents the 
maximum live load moment in an interior stringer resulting from identical vehicles of 
given H-equivalency, one in each lane simultaneously, C = 1.00. But if only one of 
these vehicles were placed in one lane only, this coefficient would be less than one, 
say C = 0.75, as has been assumed previously. 

Likewise, if MH represents the moment for one lane produced in a given span by a 
vehicle of given H-equivalency and M L represents the live load moment for one lane 
produced by the design live load, the ratio M J J / M L would be the same as would obtain 
if M H were defined as the moment in an interior stringer resulting from vehicles of 
given H-equivalency, one in each lane simultaneously and M ^ the moment in the same 
stringer resulting from the design live load in each lane simultaneously. Therefore, 
Eq. 9 provides a general expression for determining design stress ratios resulting 
from heavy vehicle loadings. 
Use of Eq. 8 or Eq. 9 

To illustrate the use of Eq. 8 or Eq. 9 for determining design stress ratios, sup-
[ pose it is desired to determine the design stress ratio resulting from the live load plus 
impact stress of 16.20 ksi produced in an interior stringer by the equivalent H-30 truck 
in one lane only on the 50-ft span referred to earlier. Now is K' = K = 1.286, and this 
stress of 16.20 ksi is 75 percent of what i t would be if each lane were loaded, then if 
vehicles with identical H-equivalencies were placed one in each lane simultaneously, 
the maximum actual live load stress in an interior stringer would be K ' fn = 16.20/ 
0.75 = 21.60 ksi. ^ 

With this information i t is now possible by use of Eq. 8 to determine the design 
•stress ratio in an interior stringer of this 50-ft span. Therefore, by Eq. 8 i t wi l l be 
Ifound that the design stress ratio for this situation is 

Q = 0.400 + 0.600 (21.60x 0.75 \ 
10.80 I 

rhich turned out to 
0.400 + 0,900 = 1.300 10. 80 

This shows that the given vehicle, which turned out 1:o be an equivalent H-30 truck, 
rould result in a design stress ratio of 1.30 or an overstress of 30 percent in an in­

ferior stringer if this vehicle were the only one on the span at one time. 
What would the design stress ratio be if vehicles of idential H-equivalencies (equi­

valent H-30 trucks) were placed one in each lane simultaneously? An equivalent H-30 
•ruck in each lane simultaneously on this 50-ft span would, by Eq. 8, result in a de-
lign stress ratio of 

Q = 0.400 + 0.600 (21.60X 1.00\ 
10780—I 1.60 10.80 

other words, on this 50-ft span of H-15 design, an equivalent H-30 truck in each 
jine simultaneously would produce a maximum stress in an interior stringer 60 per-
snt in excess of the basic design stress, or a maximum actual stress of 1.60 x 18.00 
28.80 ksi. 

Ivaluating H-Equivalencies 
For any given span, if Mj j is the moment for one lane produced by a single equiva-

Int H truck weighing H tons and MH(1) the moment for one lane produced by a standard 
truck weighing 1.0 tons, then the H rating or H-equivalency in tons for any particular 
ihicle on a given span would be 

(11a) H = V ^ ( l ) 

Mj j = H 
bstitution of Eq. lib in Eq. 9 gives 

H 

^ ( 1 ) 

K M L ( Q - Rp) 
C K' M j j ^ j R j ^ 

( l ib) 

(12) 
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an equation for determining the equivalent H truck loading that would be required on a 
given span to produce a design stress ratio, Q, of specified value. 
Ratios Resulting from Equivalent H Truck Loadings 

By rearranging Eq. 12 or by substituting the value of Mj j , as given by Eq. l i b in 
Eq. 9, i t wi l l be seen that the design stress ratios resulting from various weights of 
equivalent H trucks and other loading conditions would be 

H C K' M, 
Q = R D + R L 

H(l) (13) 
K M L 

This shows that the design stress ratio, Q, is a linear equation. Therefore, for any 
given member of a bridge of given span, Q varies directly with the values of H, C and 
K' in Eq. 13. Thus, Eq. 13 provides a simple and effective means for estimating the 
stress-producing effects of heavy vehicle loads on highway bridges of various spans, 
types of construction and design designation. 

The usefulness and variety of information to be obtained from Eq. 13 are discussed 
and illustrated in the main body of the paper. 



Report on Test Pile Program Conducted by 
Kansas and Missouri State 
Highway Departments 
J. A. WILLIAMS, Bridge Engineer, Missouri State Highway Department 

This report presents the primary reasons for 
development of a test pile program conducted 
by the Kansas and Missouri State Highway 
Departments, the procedures followed, and 
the results obtained in the driving and loading 
of two groups of four different types of piles. 
The U. S. Bureau of Public Roads and the two 
states involved agreed that because of the 
magnitude of pile requirements for the pro­
posed structure, preliminary studies and in­
vestigations to predetermine comparative 
pile lengths and capacities would be worth­
while. It was hoped to obtain data that would 
justify the use of design loads for piles in ex­
cess of those permitted by the AASHO specifi­
cations, and thereby realize an appreciable 
economic saving in construction costs. 

I THE PLANNING and construction of structures in urban areas present many com-
licated and costly problems. The Kansas and Missouri State Highway Departments 
lere confronted with such a problem in providing additional lanes for the existing 
Tucture which connects Kansas City, Kans., and Kansas City, Mo. The existing 
xucture at this location consists of a truss over the Kansas River and some 8, 000 f t 
I-beam spans averaging approximately 45 f t in length. This structure has four 10-ft 

|affic lanes with a Gin. wide median dividing the east-and west-bound traffic. 
Interstate Route 70 has been routed over this structure and in order to meet Inter-

ite standards, i t was necessary to widen the existing structure or build another 
Iructure parallel to i t . The anticipated traffic requires three lanes in each direction. 
|ter a comparative cost estimate was made, the two states agreed that a separate 
ree-lane structure should be constructed parallel, but not tied to the existing structure. 
|ie existing structure would carry three lanes of traffic. 

The central portion of the proposed structure consists of approximately 3, 715 linear 
it of which 1, 359 f t is in Kansas and 2, 356 f t in Missouri. A joint agreement was 
tered into by the two states and a consulting f i rm was employed to design and prepare 

detail plans. At the time the preliminary plans for the proposed structure were 
|lng discussed, structural steel was sti l l scarce and it was agreed to construct a 
itinuously-reinforced concrete tee-girder structure with the spans matching the 

arrangement of the existing structure. Because of the necessity for using short 
|ns, the substructure costs for the proposed structure took on additional importance. 
[The central portion of the Intercity Viaduct, for which plans were being developed, 
located in the flood valleys of the Kansas River and the Missouri River, and not far 
|m the junction of these two rivers. Preliminary sounding information brought out 
J fact that at the Kansas end of the structure, bedrock was approximately 85 f t below 
lund elevation and at the Missouri end it was approximately 65 f t to bedrock. The 
lings showed that the soil classification was fairly uniform for the entire structure, 
• 63 
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the top 10 or 15 f t consisting of fine sand, the next 25 f t consisting of silty sand and 
sandy silt, and the balance consisting of fine to coarse sand and gravel. The bedrock 
was shale and limestone. 

On the basis of this preliminary soimding data, it was evident that the substructure 
units should be placed on piling. The question then arose as to whether friction piling 
or point bearing piling would be the more economical. In accordance with AASHO 
specifications, the maximum assumed design load for a 14-in. cast-in-place concrete 
friction pile, without the benefit of extensive subsurface investigations or test loads, 
would be approximately 30 tons. With the benefit of subsurface investigations and past 
practices in the area, but without test loads, this maximum could conceivably be in­
creased to 45 or 50 tons but normally not in excess thereof. AASHO specifications 
also limit the maximum design load for steel point bearing piles to 6, 000 psi unless 
test loads indicate that larger loads can safely be sustained. 

In view of the large number of substructure units involved in the project and the sub­
surface conditions as noted in the explorations, i t was thought that a test pile program 
would be of considerable value. A thorough study was made of the proposed test pile 
program by the two state highway departments, the U. S. Bureau of Public Roads, and 
the consulting engineer's office. It was then agreed by everyone involved that a test 
pile program would be beneficial in determining the possible use of pile design loads 
in excess of those permitted by AASHO specifications and thus reducing the over-all 
foundation costs. 

After a definite decision had been reached by all organizations involved, the con­
sultant was requested to proceed with a test pile program and to investigate subsurface] 
soil conditions in the vicinity of the pile driving site, and to determine the relative 
driving effort, pile length requirements, and bearing capacities for four types of bear-| 
ing piles. The program was set up to obtain pertinent information not only for the 
Intercity Viaduct, but also to obtain additional data on friction piles which at some 
future time could be added to HRB Special Report 36, covering a study of the compara­
tive behavior of friction piles (1958). 

The consultant was authorized to set up a project, prepare specifications, and re­
ceive competitive bids for a program to consist of furnishing, driving, and test loading 
four types of piles and for a split-barrel boring centered in the pile groups at each of 
two locations. One location was in Kansas and the other in Missouri. The program 
as originally proposed was to consist of one pile of each type at each of the two locatio| 
but to satisfy the various pile manufacturers, three additional piles were added. 

Location A, which was in Missouri, called for seven piles. The piles consisted of 
(1) 1478-in. Union Metal Monotube Tapered Steel Pile, (lA) 12y4-in. Union Metal Monc 
tube Tapered Steel Pile, (2) 14y8-in. Raymond Step Tapered Pile, (3) 12y4-in. Armco 
Foundation Pipe Pile, (3A) 14-in. Armco Foundation Pipe Pile, (4) 12-in. BP 53 Steel 
H-Pile, and (4A) 12-in. BP 53 Steel H-Pile Driven to refusal. Piles (1), (lA), (2), 
(3), (3A), and (4) were driven to a depth of 55 f t below ground level and test loaded. 
Pile (4A) was driven to bedrock and test loaded. 

Location B, which was in Kansas, called for six piles. The piles consisted of (5) 
16%-in. Raymond Step Tapered Pile, (6) le/^-in. Union Metal Monotube Tapered Stee 
Pile, (7) 14-in. Armco Foundation Pipe Pile, (7A) 16-in. Armco Foundation Pipe Pil\ 
(8) 14 BP 73 Steel H-Pile, and (8A) 14 BP 73 Steel H-Pile driven to refusal. Piles 
(5), (6), (7), (7A), and (8) were driven to a depth of 54 f t 9 in. below ground level and| 
test loaded. Pile (8A) was driven to refusal and test loaded. 

Test piles fabricated by the Union Metal Manufacturing Company, Raymond Concr^ 
Pile Company, and Armco Drainage and Metal Products, Inc., were in accordance 
with manufacturer's standards and met the dimensions listed. The piles were locate| 
and driven so that they could be used in the foundation of the permanent structure. 
The piles were all driven with a Modified Vulcan No. 1 Steam Hammer with a 6, 500-
ram and a rated energy of 19, 500 f t - lb . The test piles were driven in accordance wij 
each respective pile manufacturer's recommended procedure, and each pile was d r i j 
to the specified depth without interruption. 

After driving all piles at the two locations, the shells for the cast-in-place piles 
were inspected for shell condition and watertightness and then filled with concrete. 
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The seven-day compressive strength of the high-early strength concrete used in the 
piles was determined by testing companion 6- by 12-in. cylinder specimens and found 
to vary from 4, 315 to 4, 855 psi. 

The contractor elected to apply the test loads concentrically to each test pile by 
using a 500-ton capacity hydraulic jack. Wide flange beams were secured to anchor 
piles to serve as a reaction for the jacking operations. Settlement of the pile was 
measured by two Ames dials reading to 0.001-in. located 180 deg apart, referenced to 
a fixed beam across the test site. Settlement readings were also made with a wire 
line arrangement customarily used by contractors. 

The following procedure was followed by the contractor in handling the test load 
applications. The load was applied concentrically not earlier than 48 hr after the driv­
ing of the pile to be tested and anchor pile had been completed, and in no case were the 
cast-in-place piles loaded until the concrete had attained a compressive strength of 
3,000 psi. The load was maintained at all times during the test by constant attention to 
load gage readings and jacking applications. 

The load was applied in increments. The f i rs t application was approximately 50 tons 
per pile at Location A and 65 tons per pile at Location B. An increment load of approxi­
mately 25 tons per pile was applied not earlier than 1 hr after all measurable settle­
ment of the initial loading had ceased. The least settlement considered measurable 
was 0.012 in. Additional 25-ton increments of load per pile were added after the mea­
surable settlement of the previous load had ceased. The waiting period after measurable 
settlement had ceased was increased 1 hr for each additional load increment. 

The loading for the f i rs t set of tests consisted of two 25-ton increments applied to 
each pile at Location A and three to each pile at Location B, in addition to the initial 
50-ton and 65-ton applications. This made a total load of 100 tons at Location A and 
140 tons at Location B. Yield point was reached at Location A by one pile before the 
100-ton load was applied. Yield point was reached at Location B by four piles before 
|the 140-ton load was applied. Yield point is defined as where the rate of gross settle-

lent exceeds 0.03- in. per ton for the last increment of load applied. 
A l l friction piles at Location A and B were unloaded after completion of the f i rs t 

est, or after failure, and the recovery noted. The load was removed in increments 
iqual in magnitude to those applied with a 15-min interval between each increment, 
mmediately after the load was removed, the net recovery was observed and recorded. 
The recording of the recovery was continued for 3 hr after the load was removed. 

The friction piles at Locations A and B that had not failed during the first test were 
|;iven a second load test. The load was applied in increments of 25 tons. The load 
icrements were applied at 15-min intervals until the magnitude of the previous load 
id been applied and thereafter at 2-hr intervals imtil the yield point was reached, 

[fter the second test, the piles were again unloaded and the recovery noted. 
Pile (4A) at Location A and Pile (8A) at Location B, were the steel H-piles which 

ere driven to refusal on rock. Pile (4A), the 12 BP 53 steel H-pile, was test loaded 
ith an initial load of 50 tons and additional load increments of 25 tons each were ap-
ied at 2-hr intervals until the maximum load of 200 tons was applied. The maximum 
ad was maintained for a period of 6 hr before the load was removed and recovery 
)ted. Pile {8A), the 14 BP 73 steel H-pile, was test loaded with an initial load of 75 

|ns and additional load increments of 25 tons each were applied at 2-hr intervals un-
the maximum load of 300 tons was applied. The maximum load of 300 tons was 

lintained for 6 hr before the load was removed and recovery noted. 
Borings were made at each of the test pile locations and extended from ground level 
bedrock. Borings were made in accordance with the Proposed Method for Penetra-
m Tests and Split-Barrel Sampling of Soil as published in "Procedures for Testing 
ils, " ASTM Committee D-18 (April 1, 1958). As previously stated, the soil classi-
ations at Location A and Location B were quite similar and consisted of various 
idations of sand with mixtures of silt and clay for the first 30 to 40 f t and coarse 
id and gravel from there to bedrock. The ground water level was 28 f t below ground 
rface at Location A and 30 f t below ground surface at Location B. 
I It is not possible to give a complete summary of the driving record of each pile, 
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but a summary is given of the load in ton at yield point for each pile as well as the 
capacity of the pile as computed by the following formula 

p ^ 2WH 19.5 
2000 (S+0.1 w ) ~ 12 + 0. Iw 

W ^ 
in which 

P = capacity in tons; 
H = height of fal l of the hammer in feet; 
S = average penetration in inches per blow; 
B = blows per foot of penetration; 
w = weight of pile, mandrel and cap in poimds; and 
W= we^ht of striking part of hammer in pounds. 

Pile No. 1-1478-in. Union Metal Monotube Tapered Steel Pile. Yield point load 
115 tons. Formula capacity 48. 5 tons. Factor of safety 2.37 (Fig. 1). 

Pile No. lA-12%-in . Union Metal Monotube Tapered Steel Pile. Yield point load 
103 tons. Formula capacity 48.9 tons. Factor of safety 2.11 (Fig. 2). 

Pile No. 2—14y8-in. Raymond Step Tapered Pile. Yield point load 145 tons. For­
mula capacity 26.0 tons. Factor of safety 5. 57 (Fig. 3). 

Pile No. 3—12'/4-in. Armco Pipe Pile. Yield point load 85 tons. Formula capacity 
33.6 tons. Factor of safety 2. 53 (Fig. 4). 

Pile No. 3A—14-in. Armco Pipe Pile. Yield point load 105 tons. Formula capacity^ 
40.1 tons. Factor of safety 2.62 (Fig. 5). 

Pile No. 4-12 BP 53 Steel H-Pile in Friction. Yield point load 110 tons. Formula] 
capacity 26.7 tons. Factor of safety 4.12 (Fig. 6). 

Pile No. 4A—12 BP 53 point bearing and driven to refusal at more than 200 tons 
(Fig. 7). 

Pile No. 5—1678-in. Raymond Step Tapered Pile. Yield point load 165 tons. For­
mula capacity 39.8 tons. Factor of safety 4.14 (Fig. 8). 

Pile No. 6-1674-in. Union Metal Monotube Tapered Steel Pile. Yield point load 
124 tons. Formula capacity 78 tons. Factor of safety 1. 59 (Fig. 9). 

Pile No. 7—14-in. Armco Pipe Pile. Yield point load 110 tons. Formula capacity] 
52.2 tons. Factor of safety 2.11 (Fig. 10). 

Pile No. 7A—16-in. Armco Pipe Pile. Yield point load 123 tons. Formula capacitj 
63.2 tons. Factor of safety 1.95 (Fig. 11). 

Pile No. 8-14 BP 73 Steel H-Pile in Friction. Yield point load 116 tons. Formul 
capacity 43. 7 tons. Factor of safety 2.65 (Fig. 12). 

Pile No. 8A—14 BP 73 Steel Pile point bearing driven to refusal at more than 300 
tons (Fig. 13). 

To complete an economic comparison of foundation types, i t was necessary to de­
termine appropriate lengths of friction piles required for a selected range of design 
loads. This range was arbitrarily selected to vary from 30 to 70 tons per pile in 10-
ton increments. The length of pile for a given design load had to be determined in so^ 
manner from the results of the load tests. 

One approach which was considered was to assign friction values to the subsurfacel 
soils based on available boring and test data, thus estimating the depth of penetrationf 
required to provide the desired design load plus a factor of safety. 

The method actually used was based on the Danish Formula wherein the ultimate 
test loads, plastic set values and driving records obtained during the program were 
incorporated in the pile length determinations. In a r r i v i i ^ at this formula, the resis 
tance of the embedded surface of the pile is disregarded and it is assumed that the 
point resistance varies with the downward increment of the pile point. The material^ 
of the pile and the driving cushion are assumed to be perfectly elastic. Inertia forcej 
in the soil and energy losses due to irreversible derformations, except of the soil, 
are disregarded. This formula may be written 

aWH = % QSo +QS 
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P I L E L O A D IN T O N S 
100 150 2 0 0 3 0 0 

EsTima-nsdFhifuns Load 
1 I 1 I 1-1 T - 1 - i - i <- l i ' M 

7b^/5eMemen^ 1353' 
f?ebound rSnd) OI20' T 

• 1 -\ 
-V- „ 4_ 
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PILE DATA 
/Jli' Union /Hs^al Mono^ub^ Tapsrsd S^ssl Pils 
composed oP Po//o^v/ng sections • 

l-40fbp^ Typs F, OI4'/pbo^ tapi^r: 7gaugs 
Mi-fh 8s'hsmisphericol -hp 
I- eo foo-f rype NJ O O S B ' / f o o - / - ̂ apsr, 7gouge 
heavy da^y Piefd Join-h^iive/ded 
Driven Ceng^h. £00 fise+ 
Loaded Leng^....^ S&o 
SmbeddecTLengJ-h- SSO fee^ 
Ele-vahon oP Tip. 6895 /het 

Pile driven J'an sa, /9S9 and filled wi-f-h concre-he 
Feb S, 1959, and ^es^-ed Feb 16. and 19,1959 

DRIVING DATA 
Pile driven Vulcan Alo I tvi^h CSOOLb ram 
(Poymond IS) 

Ra-l-ed Energy. 19,500 Ub^ 
Weight oPDriving cap l,000 Lbs 
Approxima-l-e iveigh-f of pile 
of final pene-fra-fion. 1,487Lbs 
S-f-rokes permincrfe. 58 
Driving fime. 13 nttnLrhes 

L O A D D E F L E C T I O N 

re 1. Interc i ty viaduct connecting Kansas Ci ty , Mo. 
Pi le Program, Location A, Pi le No. 

, and Kansas C i t y , Kan. (Test 
1 ) . 
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T E S T L O C A T I O N - A " 

740 

720 

BROWN FINE 
SAND 
BROWN. r i N E SAND 
WITH S ILT 
DARK SILT, SAND 
AND 
CINDER F I L L 
GRAY. FINE, SILTY SAND iflO' 
DARK C L A Y E Y 
SILT 2 2 J 

GRAY, VERY 
FINE TO FINE 
SAND 
WITH S I L T 

GRAY. F I N E 
S A N D , T R A C E 
S M A L L G R A V E L 

GRAY. C O A R S E SAND 
WITH S M A L L TO 
MEDIUM GRAVEL 

GRAY. F INE 
TO C O A R S E SAND 
WITH 
S M A L L G R A V E L 

B L O W S / F T O N S A M P L E R * 
O 20 4 0 60 

R E F U S A L , ROCK OR BOULDER 

VINDICATES CIRCULATING WATER 
L O S T IN STRATA 

^ I N D I C A T E S UNABLE TO R E C O V E R 
S A M P L E 

Z^'CASING S E T TO 6 7 0 ' 
BAILED TO 3 S ' - 0 -
WATER L E V E L S B ' ^ O " BELOW GROUND 
S U R F A C E 2 HOURS A F T E R 
COMPLETION 

«NUMBER OF BLOWS REQUIRED 
TO DRIVE 2 * 0 D SAMPLING P I P E 
ONE FOOT WITH A 1*0 L B WEIGHT 
F A L L I N G 30 INCHES 

B L O W S / F T ON P I L E 
20 4 0 60 

txcavcr/ton 

P I L E L O A D IN T O N S 
J O O !50 200 250 

2 10 

Total SeH-lsment I7S3 
Rebound rsnd) 133 
Nei-SeH-lsmcrrl / 600 

P I L E DATA 
ISi "Union Me-fal Mono-fube Tapered S^sb/ Pile -composed 
oFfollomng sec:Hons 

l-Xfoo-l Type F, OI4'//oo-f ^per. 7gauge, 
hemispMer/cal rip 
l-30fioo^ Type N. OOSa'/foo-t -hiper, 7Qouge 

Driven leng-Hi.... - /SOOtbe+ 
Loaded length. see reef 
Imbedded length.-. 
Elevation of tip— 

JSOfeet 
..e89 3 

Pile driven Jbn 30,19S9 and filled mth cxxicrete 
Feb S, I9S9, and test loaded Feb le and 17,1959 

DRIV ING DATA 
Pile driven Kith Vulcan No I with 6500Lb romCl^ymondl-S) 

Poted energy. I9.300 Ft Lbs 
Weight of driving cap. . l,000 Lbs 
Approximats tveight of pile 
at final penetration. 1,383 Lbs 
brakes per nninute. 58 
Driving time. 12 minutes 

L O A D D E F L E C T I O N 

Figure 2 . Interc i ty viaduct connecting Kansas C i ty , Mo., and Kansas C i ty , Kan. (Te^ 
Pi le Program, Location A, P i le No. l A ) . 
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T E S T L O C A T I O N - A " 

E L E V 7 4 9 0 

730 J 

B R O W N F I N E 
I S A N O 

D A R K S I L T . S A N D 
A N D 
C I N D E R F I L L I S S ' 

G R A Y F I N E . S I L T Y S A N D lao ' 

LRK C L A Y E Y 

bl 2 2 5 

%2" 
I GRAY VERY 

FINE T O FtNE 
SAND 
WITH S I L T 

I G R A Y F I N E 
S A N D T R A C E 
S M A L L G R A V E L 

F G R A Y , C O A R S E S A N D 
W I T H S M A L L T O 
M E D I U M G R A V E L 

G R A Y , F I N E 
T O C O A R S E S A N D * ?*• 
W I T H 
S M A L L G R A V E L 

7 5 0 ' 

R E F U S A L , R O C K O R B O U L D E R 

• I N D I C A T E S C I R C U L A T I N G W A T E R 
L O S T TN S T R A T A 

» * ' I N D I C A T E S U N A B L E T O R E C O V E R 
S A M P L E 

Z ^ ' C A S I N O S E T T O 6 7 0 ' 

B A I L E D T O 3 5 ' - 0 -

W A T E R L E V E L 2a'-0" B E L O W G R O U N D 
S U R F A C E 2 H O U R S A F T E R 
C O M P L E T I O N 

B L O W S / F T O N S A M P L E R * 
0 20 4 0 60 
— n 

4 NUMBER OP BLOWS REQUIRED 
TO DRIVE 2 - 0 D SAMPLING P IPE 
ONE FOOT WITH A 1*0 L B WEIGHT 
FA LL IN G 30 INCHES 

B L O W S / F T O N P I L E 
0 20 4 0 60 

710 

680 

_ Fxcav trfion 

i4 1 \\\\- i4 1 
ten 1\ 
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I t 
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t 
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f ' t l L 
\ i-
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- J - - I t Jt 

J]-

I • I t 
- t 
- i : 

^\\ 
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1 1 1 
-! ^ 1-

J l d " 
n i-i 1 - ' U . -

d t i l : 
1 1 1 

-1 U-i m 
11 

[ : 
1 : 

4U-;-
1 . 

h 
—1 

P I L E L O A D IN T O N S 
J O Q ISO 200 250 

Total 5e-fHcmsnf /333 
Rtsbounct rend) OSSd 
Net SsfHemsnf O 979 

P ' L P DATA 
I4i'Raymond S+sp Teipsrad Pi Is - composed of 
folloi^^ing sechon5 • , 

r-a /oo^/?aLjmond designation *OOOC8e ' hp 
diamehsn /4 gaijgs)ivi¥^h M^trd ^/o+s-^ssl 
pto-h^ to c/ose bottom 
/ - e foot /Poymond designation Cl4gouge) 
I-3Foot ffaymonddesignation (Idgauge) 
IS foot Poymondalssignation #/ Cl&gaugis) 
1-3 foot ffaymond designation (/e gouge) 
I-8 foot Raymond designation *3 (IGgauge) 
I- 8 foot /pQumond designation 03gauge) 
Dn^en /ength S&O/bet 
Loaded lengtti. 3& S fe&KBuiltup) 
Imbedded length. ...55 e f^et 
SJevotion of tip. .ea9 3 

Pile driven Jan JO, 1959 and filled Mth concrste P'eb 
5,1959, and test loaded, fsb 19 and eo, I9S9. 

DRIVING DATA 

Pile di-ivsn ivith l/ulcan No I ivith £500 lt> ram 
CPoynnond IS) 

PO^sd energy. I9,500 Ft Lbs 
VJeight ofdnifing cap. 1,000 Lbs 
Approximate tveigtrt oPpile and 
mandrel at f/nolpenetration. 3,5Gd Lbs 
Strokes per minute 38 
Driving time. /Onninutes 

L O A D D E F L E C T I O N 

|.gure 3 . Interc i ty viaduct connecting Kansas C i ty , Mo., and Kansas Ci ty , Kan. (Test 
Pi le Program, Location A, Pi le No. 2 ) . 
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T E S T L O C A T I O N "A" 

E L E V 7 4 9 0 

720 

6 7 0 

BROWN FINE 
SAND 

DARK SILT. SAND 
AND 
CINDER F I L L 
GRAY. FINE. S t U Y SAND iaO' 
DARK C L A Y E Y 

WL2" 
GRAY, VERY 
FINE TO FINE 
SAND 
WITH S I L T 

GRAY. F INE 
SAND, T R A C E 
S M A L L G R A V E L 

GRAY. C O A R S E SAND 
WITH S M A L L TO 
MEDIUM GRAVEL 

0/ 
GRAY. F INE 
TO C O A R S E SAND 
WITH 
S M A L L G R A V E L 

R E F U S A L , R O C K OR BOULDER 

• I N D I C A T E S CIRCULATING WATER 
L O S T IN STRATA 

I^ INDICATES UNABLE TO R E C O V E R 
S A M P L E 

2i ' 'CASING S E T TO 6 7 0 ' 
BAILED TO 3 5 ' - 0 ' 
WATER L E V E L 2 8 ' - 0 " BELOW GROUND 
S U R F A C E 2 HOURS A F T E R 
C O M P L E T I O N 

B L O W S / F T O N S A M P L E R * 
0 20 4 0 60 
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- fNUMBER OF BLOWS REQUIRED 
TO DRIVE 2 ' 0 D SAMPLING P I P E 
ONE FOOT WITH A 140 L B WEIGHT 
F A L L I N G 30 INCHES 

B L O W S / F T O N P I L E 
0 20 4 0 60 
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660 
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P I L E DATA 
IpJ' Armco Founckj-^ian Pipe P//e, sp/ra/ tvc/e/ed 
eo-pxi-/- lencr/-h, i ' w o / I ^/yicknsss £n<^c/ossd 
Mi^h / V c ? / j ? < = c r / atoms' 

Dnve:n lerig-fh 60fise^-
Looc/ed/engih SS&fks-h 
Imbsdt^ J^ng^. SSO feei-
Elevahon of-hp. £899 

Pile dn^n Jon 30,19S9 and filled m-f-h concrete 
Feb S, 1959, and+ss-l- loadixlon fisb IPan<flS,ISt59 

DRIVING DATA 
Pils driKsn ivi-/-h IILilcon No I m-f^h CSOOi-b rann 
CRoymond IS) 

fPofed energy l9,SOO F^ lbs 
Y^igh-f-of dnving cap ..l,000 Lbs 
^pproxiina-l-e tveig/rl- of pi le 
ol- final pene^raf-ion. 1,5IO lbs 
Sf^rokes par minute. 58 
Driiiing time.. — // mnu-fes 

L O A D D E F L E C T I O N 

Figure \ . Interc i ty viaduct connecting Kansas Ci ty , Mo., and Kansas Ci ty , Kan. (Tes| 
P i le Program, Location A, Pi le No. 3 ) . 
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T E S T L O C A T I O N - A " 

E L E V 749 0 

DARK 5ILT, SAND 
AND 
CINDER F I L L 
GRAY FINE SILTY SAND ISO 
DARK C L A Y E Y 
SILT 2 2 5 

GRAY VERY 
FINE TO FINE 
SAND 
WITH S I L T 

GRAY F INE 
SAND T R A C E 
S M A L L G R A V E L 

GRAY, C O A R S E SAND 
WITH S M A L L TO 
MEDIUM GRAVEL 

_ 6 2 0 ' 

GRAY FINE 
TO C O A R S E SAND 
WITH 
S M A L L G R A V E L 

7 5 0 

B L O W S / F T O N S A M P L E R * 
0 20 4 0 60 

R E F U S A L . R O C K OR BOULDER 

VINDICATES CIRCULATING WATER 
LOST IN STRATA 

/ • I N D I C A T E S UNABLE TO R E C O V E R 
S A M P L E 

Z^'CASING S E T TO 6 7 0 ' 
BAILED TO 3 5 ' - 0 ' 
WATER L E V E L 2 0 ' - O " BELOW GROUND 
SURFACE 2 HOURS A F T E R 
COMPLETION 
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«NUMBER OF B L O W S REQUIRED 
TO DRIVE £ " 0 0 SAMPLING PIPE 
ONE FOOT WITH A 140 L B WEIGHT 
FALL ING 3 0 INCHES 
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L O A D D E F L E C T I O N 

PILE DATA 
l4'/^rmco Foundation Pipe Ptle,.spiral welded 
60' lengtti, i ' nail -thickness End closed 
with /'lot sMelpla-te 

Driven len^ti. 60 tket 
Cocxted length. S3 3 feet 
Imbedded length. -550 feet 
Elevation of t,p .€90 2 

Pii^ driven Jon 30, I9S9 and filled with concrete 
Feb S, 1959, ond t<Tst loaded on Feb l£andniS59 

DRIVING DATA 
Pilti driven with Yulcan No I w/th G.500Lb ram 
(Pkiymond IS) 

Roted Energy. I9.SOO Lbs 
Weight of driving cap. _ I.OOO Lbs 
Apu3rox/n-iate tveigb-^ orp/le 
or finalpenetrotion... 1,660 Lbs 
Strokes per minute. S8 
Driving -^ime 16 minutes 

re 5. Interc i ty viaduct connecting Kansas Ci ty , Mo., and Kansas C i t y , Kan. (Test 
Pi le Program, Location A, Pi le No. 3A). 
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T E S T L O C A T I O N ' A -

C L E V 7 4 9 0 

700 

690 

670 

660 J - l 

BROWN FINE 
SAND 

DAftk i i L T , iANb 
AND 
CINDER F I L L 
CRAY. F INE. a iLTY »AND Igo' 

WL2" 
GRAY, VERY 
FINE TO FINE 
SAND 
WITH S I L T 

GRAY, F I N E 
SAND. T R A C E 
S M A L L G R A V E L 

GRAY, C O A R S E SAND 

GRAY, F INE 
TO C O A R S E SAND 
WITH 
S M A L L G R A V E L 

_ap-

B U D W S / F T 
q 20 

O N S A M P L E R « 
4 0 60 

710 

680 

R E F U S A L , ROCK OR BOULDER 

• I N D I C A T E S CIRCULATING WATER 
L O S T IN STRATA 

j t l N D I C A T E S UNABLE TO R E C O V E R 
S A M P L E 

2^'CASING S E T TO « T 0 ' 
B A I L E D TO 3 S ' - 0 ' 
WATER L E V E L 2»--0" BELOW GROUND 
S U R F A C E 2 HOURS A F T E R 
C O M P L E T I O N 
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• NUMBER OF BLOWS REQUIRED 
TO DRIVE Z - O D SAMPLING P I P E 
ONE FOOT WITH A 140 L B WEIGHT 
F A L L I N G 3 0 INCHES 

B L O W S / F T O N P I L E 
0 20 4 0 60 

P I L E L O A D IN T O N S 
J O O B O 2 0 0 3 0 0 

To^al SeHlemenf/TSO' . 
Rebound rend/gssr t 
ive^-Se^fkmenl- / / / ? 9 

P I L E DATA 

IS'BP S3 S^sBl /I file S& foof lengHi, sfeel meehng 
reguinemenfs /iSTM Oea/g A-'7 

Driven leng-f-b. 3& fisef 
Loaded length. ._. 7feef 
Embedded /eng^h. SSOfiee^ 
Elevai-ion of fip- £898 

Pile driven Feb a. 1959, and -hss-fed on Feb '3 
and/4,/959 

DRIVING DATA 
Pile driven ni+h Vu/con No I «-///> <S,500 Lb ram 
CPaumond IS) 

Or/ed Energy. I9.500 F-f Lbs 
Wsigh-h of driving cop 1,000 Lbs 
Approximate iveigh-t afpileoi 
finalpenefrofion S9£8 Lbs 
5i-rokes per minu-hs 58 
Driving hme. aminul-es 

L O A D D E F L E C T I O N 

Flgxire 6. Interc i ty viaduct connecting Kansas C i t y , ^to.J 
Pi le Program, Location A, Pi le No, 

and Kansas C i t y , Kan. (Te| 
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T E S T L O C A T I O N "A" 

. . . J GRAY. FINE, SILTY SAND Igtf 
730-BH DARK C L A Y E Y , 

6 6 0 

BROWN FINE 
SAND 
BROWN, F INE SAND 
WITH S ILT 
DARK SILT, SAND 

GRAY, VERY 
FINE TO FINE 
SAND 
WITH S I L T 

GRAY. F I N E 
SAND, T R A C E 
S M A L L G R A V E L 

GRAY, C O A R S E SAND 
WITH S M A L L TO 
MEDIUM GRAVEL 

GRAY, FINE 
TO C O A R S E SAND 
WITH 
S M A L L G R A V E L 

_ 7 5 0 

B L O W S / F T O N S A M P L E R « 
0 20 4 0 60 

R E F U S A L , R O C K OR BOULDER 

VINDICATES CIRCULATING WATER 
LOST IN STRATA 

T^INDICATES UNABLE TO R E C O V E R 
S A M P L E 

Z l ' C A S I N G S E T TO 6 7 0 ' 
BAILED TO 3 5 ' - 0 ' 
WATER L E V E L a B ' - O " BELOW GROUND 
SURFACE 2 HOURS A F T E R 
COMPLETION 

«NUMBER OF B L O W S REQUIRED 
TO DRIVE 2 * 0 D SAMPLING P I P E 
ONE FOOT WITH A 140 L A WEIGHT 
FALL ING 3 0 INCHES 

B L O W S / F T O N P I L E 
0 2 0 4 0 60 

P I L E L O A D IN T O N S 
J O O S O 2 0 0 250 

iJC^£stimat^ 
"ixlure Load 

3 0 0 

Total Settlement 0709" 
Rebound q&l8'\_ 
Net Settlement O09l'^ 

P I L E DATA 

IS'BP 53 Steel N Pile 75 foot length, s¥eel meeting 
requirenrients ASTM Desig A'7 

Driven length. 7SO feet 
Loaded length. 7S3feet 
Imbedded /er^h. 713 feet 
Elevation of tip. , 67S 3 

Pile driven fish S, I9S9 and tixstad on P&b 
SO. SI and SS,I9S9 

DRIVING DATA 

Pilednven Mth Vu/con hlo 1 mtti G,SOOLb ram 
(Raymond/S) 

Rated Energy. I9i500 f t Lbs 
Weight of driving cap. 1,000 Lbs 
Appnoxinnote ir/eigtrt of pile 
at final penetration 
Strokes per minute. 
Driving time. 

..3.973Lbs 
38 
rrminutes 

L O A D D E F L E C T I O N 

Interc i ty viaduct connecting Kansas Ci ty , Mb. 
Pi le Program, Location A, Pi le No. 

, and Kansas C i ty , Kan. (Test 
\k). 
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T E S T L O C A T I O N " B " 

E L E V 7 S I 4 !LS' 

B L O W S / F T O N S A M P L E R « 
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S I L T ; W I T H V E R T 
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z i C A S I N G S E T T O 7 6 0 ' 

B A I L E D T O 35 ' - 0" 

t I N D I C A T E S C I R C U L A T I N G W A T E R L O S T IN S T R A T A 
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J . t ' 
I L * 1 

1 1 ' • i 
, 1-

, I 

. , i 
1 1 
1 . 

. ' ; 1 ' 

1 ; ; 
11 • 1 

- r • 1 

Tb-fal SeHtomen^^ 1431' 
Pebound, Pnd OaS2' 
Ne^• SeHlemenI- 1179' ' 

1 . . 1 1 . . 

-fNUMBER OF BLOWS REQUIRED 
TO DRIVE a-OO SAMPLING PIPE 
ONE FOOT WITH A 140 LB WEIGHT 
FALLING 30 INCHES 

PILE DATA 
fPoymond S^sp 7bpt^f~&c/ P/IG - composed of 

/o//Oiv/nQ ^ec'/'/ons 
1-8 roo^ f^ymand dssigno^ion ^O, * /4 gouge 
1-8 foo^ /Paymond designohon ^1, 14 gauge 
I ' 8 foof Raymond designahon ^2. 14 gauge 
/ - 8 /bo / Raymond dGsignoHon *^3, /6 gouge 
t'SPoo-f Raymond designahon * 4 I & gouge 
/ -5 foo-f Raymond dssfgnahon ^5, IG gouge. 
1-6 Raymond dss/gno^fon ^G. 18 gauge. 
DriYtsn /engrh. ... ... .. ^GO/esi 
Loaded/eng^ SGOfee-t-
Jn^bedded feng^h ^4 3 Pes/-
ElGt/o-f-ion aP+/D. G90 7AfSL 

P//e dr tven Feb //, 1959, Pil/ed rvif^n concre-f-e Feb 13, 
1959 and / e s / - loaded an F^b £5 and 2e, 195 9 

* //J' /ip diame/er tvi-^h welded Plal-s-l-eel pla-^e 
•f-o close bof^om 

DRIVING DATA 
Pile driven w//' i^u/can No I ivi^h e.SOOLb ram 
(Raymond IS) 

RofedEnergy. ....I9.SOO FfLbs 
Weigh f oPdnving cap.. I.OOO Lbs 
Apprommafe weig^r of pi le and 
mandrel a / Pinalpene-l-rahon. ... .. . I0,048 Lb^ 
Strokes perminu'/'e.. .58 
Driving hme I3minu-fes \ 

L O A D D E F L E C T I O N 

Figure 8. Interc i ty viaduct connecting Kansas City , Mo., and Kansas C i ty , Kan. (Tes 
Pi le Program, Location B, Pi le No. 5 ) . 
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T E S T L O C A T I O N 
. E1 ,EV_7S I4 

- B " 

eao|j 

670 p 

B L O W S / F T ON S A M P L E R * 
0 20 4 0 60 

B R O W N 
F I N E 
S A N D 

D A R K . C L A Y E Y 
S I L T , W I T H V E R Y 
F I N E S A N D 

G R A Y , F I N E T O 

G R A Y M E D I U M 
T O C O A R S E 
S A N D W I T H 
S M A L L G R A V E L 

G R A Y F I N E T O 
C O A R S E S A N D , 
T R A C E C L A Y 
A N D S M A L L T O 
M E D I U M G R A V E L 
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R E F U S A L T R O C K O R B O U L D E R 

C A S I N G S E T T O 7 6 0 ' 
B A I L E D T O 35 ' - 0" 

le I N D I C A T E S C I R C U L A T I N G W A T E R L O S T IN S T R A T A 
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* NUMBER o r BLOWS RCQUIRCO 
TO DRIVE 2 - 0 D SAMPLING P I P E 
ONE FOOT WITH A 140 L B WEIGHT 
FALLING 30 INCHES 

P I L E DATA 

I6i'Union Me-Zal niono-fuiia Tapered S^ysvl Pi/e-composed 
of following ^ec-Z-ions 

I- 33 foo+ Type jr, oZS'/fbo-/- ^aper. 7gauge 
v^i+h hemisp/iericol hp 
l-SSfoo-l rype/^,oea'/foo^-/oper. 7gauge 
/neavij da-/y fi&ld Jo/n-/-, ive/ded 
Driven /eng^n. seofesi-
Looded leng+h. 3<S 4 / f e e / 
Xmbedded/eng-Z-lT. 54 9 fee/-
Elera-^ion of hp eS06 

Pile driven fet> II, 1959 and filledconcre-^e 
Feb 13,1959, and ^es^edon Feb e7ond ea, 1959 

D R I V I N G DATA 

Pile driven ^i-/-h Vulcon No Ii/vi-ftt €.500 Lb ram 
(Raymond l-S) 

/^•/-edEnergy. I9,SOO F+Lbs 
Weighh of driving cap.... 1,000 Lbs 
Appnoxima-/e irjeigh-hofpile 
a-/ finalpeneh-o-Z-ion l,610 Lbs 
3-/-ro/ees permmu-he 58 
Driving hme. /5 minu-/es 

L O A D D E F L E C T I O N 

|gure 9. Intercity viaduct connecting Kansas City, Mo. 
Pile Program, Location B, Pile No. 

, and Kansas City, Kan. (Test 
6). 
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T E S T L O C A T I O N " B " 
: L e v 7 S i 4 M ' 

B L O W S / F T O N S A M P L E R * 
20 4 0 60 

B L O W S / F T ON P I L E 
0 20 4 0 60 

670 

660 

BROWN 
FINE 
SAND 

DARK, CLAYEY 
SILT, WITH VERY 
nut SAND 

W L 2 ' ' 

* M 0 ' 
* 

GRAY MEDIUM 
TO COARSE 
SAND WITH 
SMALL ORM/EL 

GRAY FINE TO 
COARSE SAND, 
TRACE CLAY 
AND SMALL TO 
MEDIUM GRAVEL 

LESS DENSE 
_.,*o-

REFUSAL, ROCK OR BOULDER 
a i CASINO SET TO 760' 
BAILED TO 35'-0* 

WATER LEVEL 30 -2 - BELOW GROUND SURFACE 
2 HOURS AFTER COMFLETION 
* INDICATES CIRCULATING WATER LOST IN STRATA 
^INDICATES UNABLE TO RECOVER SAMPLE 
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«NUMBER OF BLOWS REQUIRED 
TO DRIVE Z-O D SAMPLING PIPE 
ONE FOOT WITH A 140 LB WEIGHT 
FALLING 30 INCHES 
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Ni-l-h flai s^eslpla-f-e 

driven len^H^.. _. 600 feel-
Loadsd /engH-i. S&5 feeJ-
Imbedded leng-/-h.... 550 fee+ 
Elevcr/-ion o / ' / / o - — - - - - - S SOS 

Pile di-iven Fa-b II, I9S9 and fi I led w/^h concr-efe 
Feb 13, 1959, and ¥iss-f-edon f^b P5, /9S9 

D R I V I N G DATA 

Pile driven nvi/^ Vulcan No I m^hS.SOO^b ram 
(Poumond IS) 

Pa-ted Energy - . I9.SOO Fi Los 
Weight of driving cap — I.OOO Lbs 
Approxima-fe iNsigh+ofpile 
a/-finalpene-f-rotion. I.e&O Lbs 
S-frokes per minute. 58 
Driving -time..... —- - lerninutes 

I 1-1 4 

L O A D D E F L E C T I O N 

Figure 10. Intercity viaduct connecting Kansas City, Mo., and Kansas City, Kan. (Tej 
Pile Program, Location B, Pile No. 7). 
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T E S T L O C A T I O N " B " 
_ELEy 7514 . _ 
GRAY SILT AND 
VERY FINE SAND 

BROWN 
FINE 
SAND 

DARK, C L A Y E Y 
SILT, WITH VERY 
FINE SAND 

B L O W S / F T O N S A M P L E R « 

6 8 0 1̂ 

670 U 

WL_2" 

GRAY MEDIUM 
TO COARSE 
SAND WITH 
SMALL GRAVEL 

GRAY FINE TO 
COARSE SAND. 
TRACE CLAY 
AND SMALL TO 
MEDIUM GRAVEL 

* 3 8 0' 

.790' 
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_BI_p' 

REFUSAL. ROCK OR BOULDER 
CASING SET TO 760' 

BAILED TO aS'-O" 

t INDICATES CIRCULATING WATER LOST IN STRATA 
''INDICATES UNABLE TO RECOVER SAMPLE 
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TO DRIVE 2-0 D SAMPLING PIPE 
ONE FOOT WITH A 140 LB WEIGHT 
FALLING 30 INCHES 
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P I L E L O A D IN T O N S 
100 150 2 0 0 
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To+a/ Ss+Hemen+ I £47' 
Retxiunc/ 0/33' 
/Ve^SeH/smen-/- 1514' 
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P I L E DATA 

IG'Arrrico Founc/er^ton f^/pe Pifc sptra/ir^^/c/ed 
GO foo-f^ t^ng/h ^/e'tvo// ̂ -hiclrnsss endc/exs&i 

Drti/sn Isng-^h. S O O / f e e / 
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Pi/s driinsn Feb II, 1959 and filled nvi-^h ooncre/e 
Feb 13.19S9. and ^s-fed Feb a4, and 251959 

DRIVING DATA 

Pile driven Mi-ffi Vu/aan No I M-fh €.SOO Lb. ram 
(Raymond IS) 

r^-fedEnergy. 19.SOO F^Lba 
Weigh+of driving cap. ... l,000 Lbs 
Approx/ma-^e weigh-f- ofpile 
ai' finalpene-fraHon 
5-^rokes perminu-f-e. , 
Driving -hme. 

U900 Lbs 

I7i77/nures 

L O A D D E F L E C T I O N 

gure 11. Intercity viaduct connecting Kansas City, Mo., and Kansas City, Kan. (Test 
Pile Program, Location B, Pile No. 7A). 
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TEST LOCATION 
EI-EVT5I* 

"B" BLOWS/FT ON SAMPLER » 

GRA 
VER 

20 4 0 60 

BROWN 
FINE 
SAND 

DARK. CLAYEY 
SILT, WITH VERY 
FIN^ SAND 

WL_2" 

GRAY. FINE TO 
COARSE SAND, 
T8A£E_aiU _ 

GRAY MEDIUM 
TO COARSE 
SAND WITH 
SMALL GRAVEL 

32 a' 

• MO' 

• ̂  GRAY FINE TO 
COARSE SAND, 

V, TRACE CLAY 

LESS DENSE 

_700' 
He / 

_8ip' 
* . 

REFUSAL, ROCK OH BOULDER 
a i CASING SET TO 760' 
BAILED TO 3S'-0" 

* INDICATES CIRCULATING WATER LOST IN STRATA 
9^ INDICATES UNABLE TO RECOVER SAMPLE 
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FALLING 30 INCHES 

PILE LOAD IN TONS 
IOC 150 200 2 5 0 3 0 0 

I 

I I M - j i l 
I 1 ' 1 

PILE DATA 
14'BP 73 S-fssI H Pile 59' /engih, si^eel mee-^ing 
rscfuirsmeni-s ASTM-Desig A-7 

Drifsn /sn^h 590 fhet 
Loaded length 568 fesi-
Imbedded leng+h. 553 Fee+ 
E/eva-f-ion oPfip 690 8 

Pile dmen Fsb //, 1959 ancf / S S T W Feb 1959 

DRIVING DATA 
Pile dmen rvi¥-h l^u/can No / C SOOLb ram 
Cfr'aumond IS) 

f^^ed Energy 19,500 F^- Lbs 
Weigh-/^ oPdriving cap. I.OOO Lbs 
Approxima-^ tveight oPpife 
oi-final penetration. . ^ 3 0 ^ 7 Lbs 
3-f-rokes per minu^. 58 
Driving hme Smnu-res 

LOAD DEFLECTION 

Figure 12. Intercity viaduct connecting Kansas City, Mo., and Kansas City, Kan. (Tes| 
Pile Program, Location B, Pile No. 8 ) . 
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gure 13. Intercity viaduct connecting Kansas City, Mb., and Kansas City, Kan. (Test 
Pile Program, Location B, Pile No. 8A). 
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in which 
a = coefficient of energy loss in driving system 

(1.0 for drop hammer and 0.8 for all others); 
W= weight of hammer; 
H = height of fall of hammer; 
Q = bearii^ capacity of pile (ton); 

So = dynamic compression of pile with a fixed 
point; and 

S = total plastic set per blow. 
Any consistent set of units may be used in the formula. 

This formula can be expanded as follows: 

^2aWH 

Then 

Let 

Then 

aWH = Va QSo+QS = Q + S 
If the dynamic compression of the pile is taken as ) 

aWH 
SO 

"2~ + S 

K 

aWH 
7aWHL 

Q = 

( aWHL 
-2AE-

aWH 
f 

K+S 
For a test pile 

Q (actual) aWH 
K (actual) + S (actual) 

The actual K value for each pile, using the ultimate test loads and sets previously 
recorded, is obtained by direct computation. 

aWH - Q(actual)x S(actual) 
Q(actual) K (actual) 

Although this value of K would be reduced for a length of pile shorter than the test 
pile, i t is conservative to assume it constant. Using this value of K, the plastic set 
required to obtain bearing capacities of twice the design loads of 30, 40, 50, 60, and 
70 tons per pile is determined from the formula 

Q = aWH 

The set value thus determined for design loads of 30, 40, 50, 60, and 70 tons per 
pile was converted to blows per foot and from an inspection of the driving records of 
the driven test piles, the length of pile was determined. For estimating purposes, 
the average lengths of cast-in-place friction pile for the design loads were 

Location 

A 
B 

30-Ton 
—WT 

33 
28 

40-Ton 

40 
30 

50-Ton 

47 
43 

60-Ton 

51 
55 

70-To 

55 
55 

Comparative cost studies were made for the various design loadings of both frictid 
piles and point bearing piles. For purposes of this comparison, preliminary design^ 
were made for all 136 footings included in the central portion of the Intercity Viaductl 
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and quantities determined for al l foundation items. The items for which quantities 
were determined and the unit prices applied in the comparison are 

Structural excavation at $5.00 per cubic yard. 
Footing concrete at $60.00 per cubic yard. 
Reinforcing steel at $0.15 per pound. 
Cast-in-place concrete piles and 12 BP 53 steel 
piles at $6.00 per linear foot. 
14 BP 73 steel piles at $7.50 per linear foot. 

As previously mentioned, various design loadings were assumed. For friction-type 
pile footings, design loadings of 30, 40, 50, 60, and 70 tons per pile were investigated, 
using pile lengths that were previously discussed. For the point bearing pile-type 
footings, design loadings of 6, 9, and 12 kips per square inch of cross-sectional area 
were used, with both 12 BP 53 and 14 BP 73 steel piles. 

It is recognized that cost comparisons are always subject to criticism from the 
standpoint of the unit prices assumed, la this particular case, however, the cost of 
piles represents 70 to 80 percent of the total cost of the foundation. For this reason, 
the unit prices used for excavation, concrete and reinforcing steel would have no signi­
ficant effect on the comparisons. Likewise, any variations in the cost per foot for 
piles would not materially change the comparisons. 

As a result of the test pile program, the relative driving effort and pile lengths 
required was determined and the bearing capacities of four types of bearing pile in 
friction were obtained. It was found that the comparative results obtained by using 
the four types of piles in friction could be quite different in types of soil different from 
those which were encountered at this location. As previously mentioned in this report, 
the top 10 or 15 f t consisted of fine sand, the next 25 f t consisted of silty sand and sandy 
silt, and the balance consisted of fine to coarse sand and gravel. 

Applying the unit prices which were tabulated previously, this test program shows 
^hat for the central portion of the Intercity Viaduct, consisting of 136 footings, the most 
economical plan was to use cast-in-place friction piles with a design load of 70 tons per 
pile. In second place with an increased cost of a little more than /z of 1 percent was a 
tooting designed for 4 steel pilings either 12 BP 53 or 14 BP 73 and using a maximum 
laearii^ value of 12,000 psi. 

Discussion 

. M. FULLER, Raymond Concrete Pile Company—In conjunction with the test program 

Ieported by the author the pile contractor at his own expense and under the supervision 
f an outside f i r m of consulting engineers drove and load tested additional Raymond 
tep Taper piles. 

Four of these were driven as friction piles approximately 56 f t in length using 
sminal point diameters ranging from 9 to 12 in. Two of these piles were driven at 
ich test site in close proximity to the contract test piles reported by the author. The 
ssults of these tests are summarized in Table 1 and it wi l l be noted that ultimate loads 

iged from 160 to 175 tons. 
In the supervising engineer's report based on the results of these tests it was con-

Juded that the allowable load on the Step Taper friction piles is not affected materially 
varying the tip diameter. Also i t was their conclusion that a minimum design load 
70 to 80 tons for a 56-ft long Step Taper pile is justified. 
As the author points out, the original purpose of this test program was to make 
economic comparison between friction and end-bearii^ piles. When it became evi-

|nt that end-bearing steel H piles would be used regardless of the test results and 
rthermore that only one type of pile would be tested in end-bearing, the contractor 

|oceeded with a 300-ton test on an end-bearing Step Taper pile at test site A (Pile No. A5A). 
This pile had a nominal 8-in. diameter and was driven approximately 72 f t to a final 
distance of 10 blows per inch. Under 300-ton test (maximum capacity of testing equip-
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TABLE 1 
INTERCITY VIADUCT-CENTRAL PORTION-KANSAS CITY TEST PILE PROGRAM 

Location Pile No. Pile Type Point Dia. Length Final Blows Ultimate Load Pile Type 
(in.) (ft) per in. (tons) 

A 2A Step taper 10f% 56 3 165 
2B Step taper 56 2 165 
5A Step taper 72 10 over 300 

B 5A Step taper 11% 56 4 160 
5B Step taper 12yB 56 5 175 

ment) the gross settlement was 0.83 in. and the net settlement after reboimd was 0.36 
in. Compared to this the 14 BP 73 steel H-pile driven to refusal had a gross settlement| 
of 0.97 in. and a net of 0.26 in. under 300-ton test. 

It was concluded by the supervising engineers that for the Step Taper end-bearing 
pile a minimum design load of 100 tons could certainly be used. 

The complete data on all additional Step Taper piles tested were immediately reporte 
to all parties concerned. 

Table 2 gives the estimated lengths for the different type piles under various design 
loads as prepared by the highway departments' consulting engineers. Also given in 
Table 2 is the table of average lengths at each of the two test sites which was included 
by the author. An examination of these tabulated data wi l l reveal the following: 

1. The Step Taper piles were the only piles considered by the engineers to have a 
design capacity of 70 tons. 

2. M all cases where other piles are in the same load group with Step Taper piles, 
the estimated length for the Step Taper piles is equal to or less than the average l e n g t l ^ 
established for that load group. 

With reference to (1) this means that the cost comparison between end-bearing and 
70-ton friction piles was actually based on steel H-piles versus Raymond Step Taper 
piles. The cost analysis for cast-in-place piles was based on a tmit pile price of $6. 
per lineal foot. This resulted in the 70-ton Step Taper piles costing about $18, 000 les 
than the steel H-piles. The actual unit cost for the Step Taper piles, as guaranteed to | 
the owners, was considerably less than the estimated vmit cost. This difference in 
unit prices could conservatively be set at $1.00 per lineal foot. Therefore, using 

T A B L E 2 

INTERCITY VIADUCT-CENTRAL PORTION-KANSAS CITY TEST P I L E PROGRAM 
(Data from Engineer's Report) 

Location Pile Pile Type 
No. 

Estimated Length (ft) for Design Loads of 
30 Tons 40 Tons 50 Tons 60 Tons 70 Tons | 

B 

A 
B 

1 14yg" Monotube 
lA 1274" Monotube 
2 14y8" Raymond step taper 
3 12y4" Armco pipe 
3A 14" Armco pipe 
4 12 BP 53 
5 leVs" Raymond step taper 
6 ley*" Monotube 
7 14" Armco pipe 
7A 16" Armco pipe 
8 14 BP 73 

Cast- in-place friction^ 
Cast-in-place friction^ 

32 39 46 55 -
33 42 49 - -
32 34 42 46 51 
32 34 - - -
32 33 34 - -
37 50 55 - -
28 29 37 54 56 
28 32 51 57 -
26 37 53 - -
26 27 28 54 -
46 54 55 - -
33 40 47 51 55 
28 30 43 55 55 

'For estimating purposes, average length of cast-in-place friction pile (H-piles excluded as frictio| 
piles) for the design loads. 
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$5.00 per lineal foot as the cost of the 70-ton cast-in-place piles the savings over the 
end-bearing H-piles would actually be about $54,000. 

With reference to (2) the estimated lengths for the Step Taper piles were, in some 
cases, 5 to 6 f t shorter than the average length for that load group. It should be noted 
that this difference would never show up in any comparison of pile cost based on the 
same average length for both tapered and constant section piles. 

Also i t should be noted that in every case, except the 70-ton group, the average 
length used was equal to or less than the longest pile in the group (excluding H-piles 
which were not considered as friction piles). In other words, in every case there 
would be some pile type driving considerably longer than the "average." This also 
would not show up in any comparison of pile costs based on "average lengths." 

In Table 3 are assembled data from the engineer's report to compare the estimated 
pile lengths based on the Danish formula; the length for each pile at which the various 
capacities were theoretically attained as determined by the modified Eytelwein formula; 
and the required pile length on a proportionate basis using the actual capacity at the 
56-ft length. Also shown are the final Eytelwein formula capacities based on the driving 
resistance for each pile together with the actual capacities based on the ultimate test 
loads after applying a factor of safety of 2. 

Obviously, there is little agreement between the Danish formula, the Eytelwein 
brmula, and the actual results. For example: 

» 1. Pile No. 2 (Step Taper) according to the Eytelwein formula developed a theoreti-
al capacity of only 27.8 tons which was the lowest formula capacity of al l friction 
iles (excluding the H-pile). Yet, the Step Taper piles actually developed the highest 
capacity as determined by load test. 

2. In spite of the final test results pile No. 2 (Step Taper) and No. 3 (12y4-in. pipe) 
ere given equal estimated lengths for both 30- and 40-ton loads. 

3. Pile No. 3A (14-in. pipe) and Pile No. 7A (16-in. pipe) were each given basical-
the same estimated lengths for 30-, 40- and 50-ton design capacities. For a friction 

.le of this type this is not reasonable. 
4. A l l piles (except steel H) in each test group (1 to 3A and 5 to 7A) were assigned 

.sically the same estimated lengths for a 30-ton design capacity. However, the test 
isults definitely indicate a difference in load-carrying ability between the various 
rpe piles of the same length. 

TABLE 3 
INTERCITY VIADUCT-CENTRAL PORTION-KANSAS CITY TEST PILE PROGRAM 

Comparison of Estimated Lengths by Danish Formula (D) vs Length by Eytelwein 
Formula (D)' vs Estimated Length by Proportionate Method (P)^ 

For Various Design Loads' 

Type 30 Tons 
D E P 

(ft) 

40 Tons 
D E P 

(ft) 

50 Tons 
D E P 

(ft) 

60 Tons 
D E P 

(ft) 

70 Tons 
D E P 

(ft) 

Final Eytel. 
Formula 
Capacity 

(tons) 

Actual 
Capacity by 
Test FS= 2 

(tons) 
Monotube 14 in. 32 41 29 39 47 39 46 _ 49 55 58 _ 68 48.5 57.5 
Monotube 12 in. 33 43 33 42 44 44 49 53 55 _ _ 65 _ _ 76 48.9 51.5 
Step taper 14 in. 32 - 23 34 - 31 42 - 39 46 _ 46 51 _ 54 26.0 72. 5 
Pipe 12 in. 32 34 40 34 - 53 - - 66 - - 79 - _ 92 33.6 42.5 
Pipe 14 in. 32 33 32 33 34 43 34 - 53 - - 64 _ 75 40.1 52.5 
H 12 in. 37 - 31 50 - 41 55 - 51 - - 61 _ 71 26.7 55.0 
Step taper 16 in. 28 54 20 29 - 27 37 - 34 54 _ 41 56 48 39.8 82.5 
Monotube 16 in. 28 32 27 32 48 36 51 54 45 57 55 54 _ 55 63 78.0 62.0 
Pipe 14 in. 26 36 31 27 53 41 53 55 51 - _ 61 _ _ 71 52.2 55.0 
Pipe 16 in. 26 27 27 27 27 36 28 53 46 54 55 55 _ 64 63.2 61.5 
H 14 in. 46 55 29 54 55 39 55 - 48 - - 58 - - 68 43.7 58.0 

Igth by Eytelwein formula based on driving log of test pile. 
Igth by Proportionate Method based on actual capacity for 56-ft pile. 
^ntry indicates capacity not attainable under method used to determine required length. 
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An examination of Table 3 and the author's explication of the Danish formula reveal 
that some very important factors which influence pile driving are disregarded and 
some very broad assumptions are made. Although the K factor in the Danish formula 
is related to elastic energy losses, its value in each case was determined by the actual 
ultimate capacity and final set of the pile. A comparison of final resistance versus 
actual capacity by load test indicates no correlation. Yet the determination of pile 
lengths by this formula is based on the results of the driving log for each test pile. 
Thus, the beneficial effect of the weight and rigidity of certain piles in efficiently 
transmitting the hammer energy (for example, piles 2 and 5) is entirely disregarded. 
The high energy losses due to elastic deformations in the light-weight piles is demon­
strated by the substantial increase in the driving resistance when the pile tip enters a 
denser soil. However, according to the Danish formula this would indicate greater 
capacity which is just the reverse of that proved by the test program. 

With reference to Tables 3 and 4 this is indicated for pile 7A which can be classifiedj 
as a light pile (34 lb per foot as compared to the weight of pile No. 5—180 lb per foot). 
When this pile encountered the dense stratum 27 f t below ground surface the blow count | 
jumped from 9 blows per foot to 30 blows per foot. Therefore, any capacity which re­
quired up to 30 blows per foot according to the Danish formula would be satisfied with 
this 27-ft pile. In comparison, for the heavy step tapered pile No. 5 the blow count 
went from 9 to 15 when the pile point encountered the same stratum. 

It should be evident, therefore, that predicting pile lengths by some formula where 
the effects of various pile characteristics are not considered can be very misleading. 

Table 4 summarized data from the engineer's report together with supplemental 
information. Here the safe load as determined by the modified Eytelwein formula (use| 
by the engineers) is compared to the safe load as determined by the Engineering News I 
formula. It wi l l be noted that for al l of the light piles (Nos. 1, 1-A, 3, 3-A, 4, 6, 7, 
and 7-A) the allowable load by the Eytelwein formula is higher than that by the Engine­
ering News formula. Conversely, for the heavy piles (Nos. 2, 5 and 8) the safe load 
by Eytelwein formula is less than that by Engineering News. In the modified Eytelwei 
formula the factor 0.1 is multiplied by the ratio of weight of pile to weight of hammer I 
ram. Obviously, this formula favors a light pile and penalizes a heavy pile. Also, i t l 
should be obvious from the test results that this formula is basically wrong. The re- ' 
suits of this formula are actually contrary to the experience on this test program in 
which the heavy Step Taper piles carried the highest ultimate load. It is evident ther^ 
fore, that the elastic energy loss in the light piles is much more serious than inertia 

TABLE 4 
INTERCITY VIADUCT-CENTRAL PORTION-KANSAS CITY TEST PILE PROGRAM 

(Data from Engineer's Report) 

Pile Pile Type' Diameter - Inches Pile Wgt. 
(Ib)̂  

Avg. Wgt. Final Res. Safe Load by Actual Yiel 
No. 

Pile Type' 
Butt Tip 

Pile Wgt. 
(Ib)̂  (per ft- (blows/ft) Formula" (-tons) Load Tip 

Ib) EYT EN by Test (-td 

1 Mbnotube 14% 
12y4 

8 1,487 27 33 48.5 42 115 1 
lA Monotube 

14% 
12y4 8 1,383 25 33 48.9 42 103 

2 Step taper 14% 8 8,564 153 20 26.0 27 145 
3 Pipe I2V4 12y4 1,510 27 22 33.6 30 85 
3A Pipe 14 14 1,660 30 27 40.1 36 105 1 4 Steel H 12 12 2,968 53 18 26.7 25 110 1 
5 Steel taper leVa 

16% 
10 10, 048 180 37 39.8 46 165 1 

6 Monotube 
leVa 
16% 8 1,670 30 58 78.0 63 124 1 7 Pipe 14 14 1,660 30 36 52.2 45 110 1 

7A Pipe 16 16 1,900 34 44 63.2 53 123 1 
8 Steel H 14 14 4,300 73 33 43.7 50 116 1 
'Monotube furnished by Union Metal Mfg. Co.; step taper furnished by Raymond Concrete Pile Co., pipe| 
furnished by Armco Drainage & Metal Products, Inc.; all pipes 56 ft long and driven with 19, 500 ft-lb 
hammer. 
Âdd 1, 000 lb for weight of driving cap. 

'EYT = Modified Eytelwein formula used by engineers. 
EN = Engineering News formula. 
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in heavy piles. The superior driving characteristics of a heavy rigid pile (using an 
adequate size hammer) has been clearly demonstrated on very many pile tests imder a 
variety of sub-soil conditions throughout the country. 

The sub-soil at the Intercity Viaduct test sites could generally be classified as 
granular or cohesionless. This soil type is very commonly found and therefore the 
results of these tests are not only applicable to the Viaduct site but could be applied 
elsewhere. Inasmuch as the soil profile Is quite common to a l l parts of the country 
these tests represent a valuable contribution with wide application. Comparable results 
could be expected elsewhere. 

It is interesting to note that the test load reaction was obtained by jacking against 
anchor piles. These were Raymond Step Taper piles approximately 70 f t in length. 
In some cases uplift loads of over 100 tons per pile were resisted. 

HEB:0R-1|12 



r i ^ H E NATIONAL A C A D E M Y OF S C I E N C E S — N A T I O N A L R E S E A R C H COUN-
C I L is a private, nonprofit organization of scientists, dedicated to the 
furtherance of science and to its use for the general welfare. The 

A C A D E M Y itself was established in 1863 under a congressional charter 
signed by President Lincoln. Empowered to provide for all activities ap­
propriate to academies of science, it was also required by its charter to 
act as an adviser to the federal government in scientific matters. This 
provision accounts for the close ties that have always existed between the 
ACADEMY and the government, although the A C A D E M Y is not a govern­
mental agency. 

The NATIONAL R E S E A R C H COUNCIL was established by the A C A D E M Y 
in 1916, at the request of President Wilson, to enable scientists generally 
to associate their efforts with those of the limited membership of the 
A C A D E M Y in service to the nation, to society, and to science at home and 
abroad. Members of the NATIONAL R E S E A R C H COUNCIL receive their 
appointments from the president of the ACADEMY. They include representa­
tives nominated by the major scientific and technical societies, repre­
sentatives of the federal government, and a number of members at large. 
In addition, several thousand scientists and engineers take part in the 
activities of the research council through membership on its various boards 
and committees. 

Receiving funds from both public and private sources, by contribution, 
grant, or contract, the A C A D E M Y and its R E S E A R C H COUNCIL thus work 
to stimulate research and its applications, to survey the broad possibilities 
of science, to promote effective utilization of the scientific and technical 
resources of the country, to serve the government, and to further the 
general interests of science. 

The HIGHWAY R E S E A R C H BOARD was organized November 11, 1920, 
as an agency of the Division of Engineering and Industrial Research, one 
of the eight functional divisions of the NATIONAL R E S E A R C H COUNCIL. 
The BOARD is a cooperative organization of the highway technologists of 
America operating under the auspices of the ACADEMY-CoUNCiL and with 
the support of the several highway departments, the Bureau of Public 
Roads, and many other organizations interested in the development of 
highway transportation. The purposes of the BOARD are to encourage 
research and to provide a national clearinghouse and correlation service 
for research activities and information on highway administration and 
technology. 
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