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Electrotape Use in Establishing Basic and
Supplemental Control for Aerial Surveys

ROBERT J. WARREN
Highway Engineer, Federal Highway Projects Office, Region 9,
U. S. Bureau of Public Roads, Denver, Colorado

oSINCE THE Federal Highway Projects Office of Region 9, U. S. Bureau of Public
Roads, first began to make aerial surveys in 1956, a continual effort has been made
to up date survey methods and equipment in order to reduce costs and to increase ac-
curacies. The methods and equipment employed in obtaining distance measurements
have varied. Conventional taping methods were initially employed in this phase. Due
to ruggedness of the mountainous terrain and lack of expert chainmen, however, this
method soon proved to be expensive and to be the source of many of the ground control
errors. It is not difficult to assume that errors in tape-measured distances had ex-
isted prior to aerial surveys; however, their detection was much more difficult than
with current photogrammetric methods of checking measurements.

To overcome taping mistakes and to speed up the field control surveying work, the
10-ft portable subtense bar was placed in operation in 1956, Later, in 1959, this bar
was redesigned and lengthened to 12 feet. Although sometimes clumsy to operate in
rugged terrain, the distances measured by use of the bar were usually much more
accurate than distances measured by taping. The hours required to measure a dis-
tance were in many cases reduced by four to six times. Because the theory of the
subtense bar is based on a set bar length and a horizontal angle measured between the
ends of the bar, the most obvious source of error comes from measuring the angle.
Herein lies the fault of the subtense bar. Adverse weather conditions, poor operation
of the angle- measuring instrument, and improper handling of the bar all contribute to
incorrectly measured angles and, thus to obtainment of distances which are in error.

To provide a check on the accuracy of the supplementary control, whether surveyed
by tape or subtense bar measuring, markers of basic control check points were set
at an interval of 2 to 3 miles. Their position was then measured by triangulation
methods, using the T-2 theodolite for measuring the angles. For some highway survey
projects, their remoteness or lack of geodetic monuments near them necessitated the
establishment of entire triangulation networks. This operation proved to be time con-
suming, expensive, and, in some cases, required considerable adjustment to obtain a
reasonable closure. The costs of surveying basic control in several cases exceeded
the costs of surveying the supplemental control.

These occurrences led to investigating other means of establishing basic control.

TELLUROMETER

In the fall of 1961, a Tellurometer (Model MRA-1) electronic distance-measuring
unit was used on a trial basis. To evaluate the equipment, accuracy, and the savings
in costs, a contract was negotiated with a commercial firm for surveying the position
of basic control points along 71. 5 miles of aerial surveys in Yellowstone National Park
and Hoback Canyon, Wyoming.

The probable cost of triangulating the basic control, using U. S. Bureau of Public
Roads' personnel, was estimated and compared to the actual costs encountered through
use of the Tellurometer. The savings accrued by use of the Tellurometer are given
in Table 1.

Paper sponsored by Committee on Photogrammetry and Aerial Surveys.
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TABLE 1

COSTS OF TRIANGULATION VERSUS COSTS OF
USING THE TELLUROMETER FOR
SURVEYING BASIC CONTROL

Tength Estimatefi Actual )
Project (mi) Triangulation Tellurometer Savings ($)
Costs ($) Costs ($)

East entrance 17.0 4,770, 00 784. 00 3,986. 00
Norris-Beryl

Springs 10.0 1,590. 00 882. 00 708. 00
Northeast

entrance 8.0 2,650. 00 196, 00 2,454. 00
South entrance 11.0 1,325.00 686, 00 639. 00
Red Lodge-

Cooke City 12.0 2,650.00 392. 00 2,258.00
Hoback Canyon _!3_5 4,033. 50 320.00 3,713. 50

Total 71.5 17,018. 50 3,260.00 13,758. 50

Later in 1961, a set of Tellurometer units, Model MRA-1, was leased on a monthly
basis. U. S. Bureau of Public Roads' personnel were trained as operators by the
leasing agency. These units were primarily used in surveying basic control for aerial
surveys in New Mexico and Utah. On one survey in New Mexico, however, an attempt
was made to survey both the basic and supplementary control by use of the Tellurom-
eters. The basic control survey points were spaced 3 miles apart, whereas the sup-
plementary points varied from 400 to 1,200 feet apart. Considerable trouble was en-
countered in obtaining reliable measurement of distances shorter than 1,000 feet. No
better than third-order accuracies were obtained for the supplementary control, where-
as the closures of all basic control surveying were second-order or better. On the
basis of this project, the Tellurometer, Model MRA-1, was considered inadequate for
measuring distances in accomplishing supplementary control surveys.

ELECTROTAPE

In 1961 the Cubic Corporation of San Diego, California introduced to the surveying
profession a fully transistorized electronic distance-measuring instrument—Electro-
tape. The Electrotape system consists of two identical interchangeable units, each
capable of transmitting or retransmitting microwave signals.

The transmitting unit is normally referred to as the interrogator and the receiving
unit as the responder. These units are designed to operate on 12- or 24-v wet cell
batteries. Total weight of each unit is 27 1b including a built-in radio-telephone sys-
tem for communication between units. The Electrotape unit is designed to measure
distances from 150 feet to 30 miles in length.

On basis of the performance record of the Electrotape with other Government
agencies and the realization that short distances ranging from 300 to 1, 000 feet could
be accurately measured, two units, Model DM-20, were purchased in June 1962.
Peripheral equipment also purchased included tripods, automatic psychometers, nick-
el-cadmium batteries, and a heavy-duty battery charger.

Since purchased, the Electrotape units have been used at altitudes varying from
5,000 to 12,000 feet and under various climatic conditions. Temperatures have ranged
from a minus 10 F upward to plus 95 F. Terrain has varied from low, rolling topog-
raphy to mountain canyons. Vegetational coverage has varied from sagebrush and
scrub pinion to aspen and pine forests.

Observed adverse effects resulting from such operating conditions are as follows:

1. When temperatures are so low as to be classed extremely cold, a set of batteries
provided power for only one hour of operation. To operate under this condition, ad-
ditional battery sets have been purchased.

2. Moving objects, such as tree leaves and branches, in the line of sight affect the
measurements, resulting in a difference of as much as 10 centimeters between forward
and return measurements of the distance.



Inasmuch as the Electrotape units TABLE 2
were in pgrt replacing the subtense bar, El\}leclrotaze Total  Correction |, Total D]iafference
a comparison was made of the two e Field per "‘u‘:if.::"" s
methods from the standpoint of the num- Distance  COTReSUO" - MEL Average  and 4
ber of distances measured per day. Dur- ) Factor (M) (M)
ing an average 8-hr day, a four-man 240.830 0,001 0.0000379  0.0136 0. 0045
; - ; 199.705  0.0084  0.0000421  0.0113 0. 0029
survey party using a T-2 theodolite and 293.475  0.0136  0.0000464  0.0166 0.0030
two subtense bars could measure 20 297.325  0.0150 0.0000504  0.0169 0.0019
: 212,595  0.0107 0.0000504  0.0120 0.0013
traverse distances. The same number 342.645  0.0197  0.0000576  0.0194 0.0003
of men using the Electrotape units would 178.590  0.0104 0.0000585  0.0101 0. 0007
: 226.060  0.0143 0.0000631  0.0128 0.0015
measure only 15 distances. Average 215.070  0.0135  0.0000630  0.0123 0.0012
time required for making both forward 216.280  0.0139 0.0000641  0.0123 0.0016
191.120  0.0143 0.0000748  0.0108 0.0035
and return measurements by use of the 245.190  0.0129 00000526  0.0139 0.0010
Electrotape has been 18 minutes per set- 207.305  0.0122 0.0000589  0.0118 0. 0004
: . 241,230 0.0139 0.0000576  0.0137 0. 0002
up. It should be pointed out that the hor S5 kb Doln S hoohe Lo & Bt
izontal angles are measured and re- 257,920 0.0172  0.0000665  0.0146 0.0026
corded concurrently when the subtense Average 0. 0000567
v . Corrected
bar is used, whereas measuring angles e 1. 000263 |

is an additional operation when using
electronic distance-measuring equip-
ment. Attempts to combine both opera-
tions have not proved fruitful.

An analysis of field procedures revealed considerable time was lost by the operators
of one Electrotape unit while the other unit was being moved from one control point
marker to the next.

To overcome these lost man-hours and to accomplish the same amount of work as
previously obtained when the subense bar was used, a third Electrotape unit, Model
DM-20, was purchased in June 1963. With three units a leap-frog type of procedure
was used.

Consider the three units as A, B, and C. While the distance between Units A and B
was being measured, Unit C was being set up over the marker of the next control point
beyond Unit B. When the measurements between Units A and B were completed, Unit
A was moved to the marker of a control point beyond Unit C. In the meantime, Units
B and C were being used. By this procedure 24 to 26 measurements can be completed
in an average 8-hr day. This field surveying method with the Electrotape has proved
to be very effective. Normally, two men are assigned to each unit—one as operator
and measurement reader and the other as recorder and computer. Personnel perma-
nently assigned to the units are responsible for their use and care. Due to the sim-
plicity of the units, a man can be adequately trained to operate the Electrotape instru-
ment in one day. Should one of the units fail electronically, no attempt is made to re-
pair the interior components. Such units are shipped by air freight directly to the
factory in San Diego, California for repair. During the period from the day they were
purchased and first used to September 1963, a total of three breakdowns has been ex-
perienced. In each case, only three to four days of use time were lost. The availa-
bility of the third unit greatly reduces operational time loses; as, in the event of one
unit failing, the other two units can still be used in measuring distances.

An index of refraction of 1. 000320 has been applied to the internal circuitry of each
Electrotape unit. Thus, each measurement is automatically modified by this factor to
give absolute measurement under ideal atmospheric conditions. Unfortunately, these
conditions never exist; therefore, the index must be adjusted for the various atmospheric
changes. Wet bulb temperature, dry bulb temperature, and atmospheric pressure are
used to determine the correction factor. These temperature and pressure measure-
ments are recorded before and after each series of distance readings. This has proved
to be quite time consuming and, as subsequently shown, unnecessary when surveying
supplementary control. A review of several highway survey projects in which the sup-
plementary control had been measured by use of the Electrotape revealed the amount
of correction applied to each distance was consistently the same for eachproject. Table 2
contains corrections compiled from the Electrotape measurement notes on a survey
project in Dinosaur National Monument.




Data in Table 2 reveal, for all practical purposes, that one factor can be used to
correct all of the supplementary control survey measured distances on a particular
survey. The Dinosaur survey project would have had a corrected index factor of
1.000263. When measuring distances of less than 1, 500 feet, it can be concluded
meteorological data need be recorded only four times during the average 8-hr day.
From these four, an average index of refraction can be computed and applied to all of
the measured distances.

Analysis of corrections applied to distances longer than 1, 500 feet reveals it is not
necessary to compute a new index for each distance measured. The same index can
be applied to two consecutive measurements, provided atmospheric conditions do not
change appreciably. The maximum error introduced by this procedure was 1 part in
50, 000.

As of September 1963, the longest distance measured with the units was approxi-
mately 8 miles and the shortest distance was 162 feet. The poorest closure obtained
in surveying supplementary control was 1 part in 7,000 for distances varying from
300 to 1,000 feet. The most consistent Electrotape measurements between interrogator
and responder units have been obtained on the longer distance measurements.

As of September 1963, 130 miles of basic and 26 miles of supplementary control
had been surveyed using the Electrotape units. Cost records are not complete enough
to establish an average cost per highway route mile for such control surveying.

CONCLUSIONS

Model DM-20 Electrotape distance-measuring units are an effective means for
measuring distances ranging in length from 150 feet to many miles, and only a mini-
mum number of third-order accuracies will occur. The instruments are versatile,
are constructed for rough usage and are operable when weather conditions are ex-
treme, are simple to operate, and are relatively free from maintenance. In establish-
ing supplementary control for highway surveys, three measuring units are much more
effective and greater savings per highway mile may be realized than when using only
two units. In measuring distances shorter than 1, 500 feet, the amount of meteorolog-
ical data obtained and used can be reduced without affecting the results.
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Evaluation of The Model 4 Geodimeter

D. RADMANOVICH
Photogrammetrist, California Division of Highways

®IN THE FALL of 1957 the Photogrammetry Section at the Headquarters office of the
California Division of Highways acquired a Model 3 Geodimeter for the purpose of
measuring distances in making basic control surveys. The range and accuracy of the
Model 3 made it possible to make survey ties directly to U. S. Coast and Geodetic
Survey triangulation stations by traverse surveying procedures. In this manner the
California State plane coordinate system could be established in the immediate vicinity
of a highway mapping project without encountering costly and time-consuming con-
ventional survey problems because of the remoteness of the triangulation stations or
the ruggedness of the topography.

The Geodimeter has demonstrated its reliability and value for complementing pre-
cise surveying equipment. The development of the Model 4 Geodimeter which combines
dependability, high accuracy at short ranges, and portability has made the instrument
an invaluable tool, not only for basic control surveying but also for accomplishing all
types of surveys.

DEVELOPMENT OF THE GEODIMETER

The initial model of the Geodimeter was developed to attain extreme accuracy in
measuring distances of from 5 to 40 miles. The Model 1 instrument was introduced
in early 1953, and was superseded by a refined version, the Model 2, in 1955. With
the Model 2 Geodimeter, measurements can be made as accurately as by the highest
precision in tape measuring of distances. Many users of the Model 2 requested de-
velopment of a more portable unit which would be useful in making surveys not requir-
ing utmost accuracy. Subsequent refinements of design, at the expense of range and
accuracy, resulted in production of the Model 3 Geodimeter. This model is designed
to measure distances in the 1- to 20-mi range, with a possible error of +0. 40 feet.

The Model 4 Geodimeter was designed primarily to meet requirements for an in-
strument of high accuracy in measuring distance of from 1, 000 feet to 4 miles. In
clear air, distances up to 12 miles have been measured. For distances of 400 to
1,000 feet the accuracy of measurement is 1 part in 10,000 or smaller difference,
and the proportional accuracy increases as the measured distance increases in length.
The maximum error for a single observation at any distance is +0. 04 feet, plus 5
millionths of the distance.

Operating Principles

The basic principle of all models of the Geodimeter system of distance measurement
is the indirect determination of time required for a pulsed light beam to travel between
two stations.

A modulated beam of light is emitted from the Geodimeter at one end to a passive
reflector placed at the other end of the line of sight. The reflector returns the light
pulses back to the instrument where a phase comparison is made between the projected
and reflected light pulses.

The precision of the Geodimeter relies on the fact that the velocity of light and the
frequencies of the crystal oscillators are very accurately known and that they remain
almost constant.

Paper sponsored by Committee on Photogrammetry and Aerial Surveys
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Changes in atmospheric temperature and barometric pressure produce a small
known variation in the velocity of light. Temperature and pressure data are recorded
for each observed line and resultant corrections are applied to the computed distance.

Variations in frequency constants are caused by ambient temperature. To maintain
fixed frequencies, the crystals are enclosed in an electronic oven where a nearly con-
stant temperature is maintained.

The reflector device is a 2-in. diameter solid glass prism mounted in a metal case.
To afford the greatest flexibility and economy in operation, each prism is mounted in
individual shockproof casings which can be placed in housings which will hold 1, 3, or
T prisms. The housings will mount on any Wild theodolite tripod and with a special
bracket a maximum of 21 prisms may be utilized. The prisms are easily portable and
can be left unattended. The Geodimeter light will be reflected back to the instrument
even though the axis of the prism is offset in its pointing by as much as 20°. Plastic
reflectors, similar to those used on highway guide posts, may be used instead of prisms
in measurement of distances up to 0.4 miles. It is possible, therefore, to select the
most suitable reflector combination for the distance being measured.

Effect of Atmospheric Conditions

The largest source of error in Geodimeter measurement is caused by errors made
in the determination of meteorological conditions. An error of 1 C in temperature or
3 mm of mercury in atmospheric pressure will cause a one part per million error in
the measured distance. The influence of humidity is negligible within the accuracy
limits and is not given consideration in the computations. For all practical purposes,
the mean of the temperature and pressure data recorded at the Geodimeter and reflector
stations is sufficient. In precise surveys requiring differences as small as one part in
one million or smaller, additional data regarding temperature, atmospheric pressure,
etc., must be obtained along the line of sight to minimize the effects due to variations
in temperature and air pressure.

The range of the Model 4 varies with the state of atmospheric conditions. The in-
strument will measure a distance correctly as long as a sufficient signal is returned
from the reflector. If the return signal is weak or not discernible, the instrument
will merely stop operating. It is impossible to give specific range limits in measure-
ment of distances under adverse weather conditions, such as in snow, rain, fog, mist,
or haze. The maximum range will be determined by the density of the adverse factor
and the number of reflecting prisms available. As an example, a distance of 11.2
miles was measured using nine prisms. On the following night a remeasurement was
done under apparently similar atmospheric conditions, but 28 prisms were necessary.
The following data are an indication of ranges in distance which can be measured under
varying visibility conditions: fog: 100 to 2, 000 feet; rain: 1,000 feet to 3 miles; heavy
haze: 1,000 to 5, 000 feet; medium haze: 1 to 3 miles; light haze: 3 to 7 miles; and
clear air: 7 to 12 miles.

Under most atmospheric conditions, the normal time required to make a measure-
ment is from 5 to 15 minutes. In extreme cases the time required to make a measure-
ment may be 15 to 30 minutes.

THE MODEL 4 GEODIMETER

Three Model 4 instruments have been produced by the manufacturer which are
essentially identical in basic design and operation. These units are designated as
Models 4A, 4B, and 4D. After introduction of Model 4A, the manufacturer requested
field evaluations of the instrument and many suggested changes and improvements
were incorporated into the later models. Most of the refinements found in the latest
models can be adapted to older Model 4's quite readily.

The important change between the 4A and 4B was the installation in the latter of an
improved heating unit for the crystal oven. To maintain the rated accuracy of the in-
strument for measuring long distances, it is necessary to control the temperature of
the crystals within a small range, which confines the modulating frequencies to their
specified values at all times.
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Figure 1.

Additional changes found in the 4B are subsequently mentioned. A tuning condenser
was added to the Kerr-cell circuit which permits this circuit to be maintained at opti-
mum level at all times and results in increased speed and stability of the null system.
A system of three different aperture stops was developed for the receiver optics which
allows either wide or narrow angle light acceptance from the area of the reflector.

This has been an invaluable aid when operating in daylight or in areas which are highly
illuminated at night.

The model 4A was designed with removable side and top panels which provide easy
access to the instrument for repair and adjustment in the field. The housing for the
model 4B is in one unit which attaches to the base of the instrument frame. If field
repairs are necessary, the whole electro-optical system is exposed to the elements.
One-piece construction of the housing, however, made the determination of plumbing
eccentricities simple. The Geodimeter head is attached to a Wild surveying instrument
tripod and allows the instrument to be pointed through a vertical range of +14° if the
tripod head is level. If the tripod head is not level, errors are introduced in the dis-
tance measurements, because the plumb-bob is suspended from the tripod and not the
horizontal axis of the instrument. A plumb correction device has been adapted to the
Geodimeter head to permit direct measuring of the plumbing error caused by tilt in the
tripod head (Fig. 1). Also, a small hole has been drilled on the sides of the instrument
housing at the horizontal axis of the Geodimeter. A pin is inserted into each hole and
a bar plummet is suspended from the pins which will indicate the plumbing plane of the
Geodimeter. This instrument "plumb-bob' is used when the tilt of the tripod head ex-
ceeds the range of the plumb correction device or when the Geodimeter is offset from
the survey station marker.

The Model 4D is known as the daylight Geodimeter and is basically the same as its
predecessors. The exciter lamp is a mercury gas lamp which is thirty times brighter
than the incandescent lamps used in Models 4A and 4B. A discussion of this instrument
is found in another portion of this article.

GEODIMETER FIELD EXPERIENCE

The maximum productivity and economy in Geodimeter surveying can be achieved
only through efficient planning and reconnaissance work in the field.

For maximum productivity, the most efficient use of the Geodimeter is achieved
utilizing two survey parties. One party operates the Geodimeter exclusively. The
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other party uses theodolites to measure required horizontal and vertical angles. Ex-
perience has shown that a combined angle-measuring and distance-measuring party is
not satisfactory. Combined operations are desirable only in those instances where
occupying a station is so hazardous or time consuming that a joint effort is advantageous
from the standpoint of economy and safety.

The Model 4 Geodimeter is best suited to surveying by measuring distances in a
traverse. To make the accuracy of angle measurements compatible with the accuracy
of distance measurements, it is advisable to measure the angles by use of a theodolite
with a measurement increment of one second of arc. Radiating several lines of meas-
urement from one station marker must be planned with utmost care, inasmuch as the
ultimate surveyed positioning of survey control points may depend more on angle meas-
urements between lines of sight than on the distance measurements between points.
Also, the measured position of radiated points is difficult to verify because a closure
is not made without further surveying.

The fundamental requirement for measuring a distance by use of a Geodimeter is a
clear line of sight between points of measurement, the same as is required for measur-
ing angles with a theodolite. It is especially important that a thorough reconnaissance
be made to verify feasibility of the office-made plan for the control survey and to modify
it as necessary, to select access routes to station markers chosen, and to mark the
stations adequately so a minimum of time will be utilized in finding the station markers
in the dark. The largest time-consuming factor in making control surveys by use of a
Geodimeter is the time required to move from one survey station marker to another.
The instrument moving time depends on the ease with which station markers can be
located and occupied. It is therefore evident that the production of a Geodimeter survey
party is directly proportional to the effort expended in the daytime planning and prep-
aration for accomplishing the control of the surveying.

Personnel requirements are extremely flexible, depending mainly on the type of
survey, its extent, and the nature of the topography. The basic party for Geodimeter
surveying may consist of two men, the instrument operator and a reflector attendant.
For making traverse-type surveys, the party usually required consists of the instrument
operator, an assistant, and two reflector attendants.

Methods of Measuring

Methods and procedures in using the Geodimeter to measure distances vary in re-
lation to the degree of precision desired on any given survey project. The basic proce-
dure consists in making a series of 24 measurements (Fig. 2). Four measurements
are made to the reflector (Ref.) and four are made on the internal base line of the
Geodimeter (Cal) in each frequency. The effect of the internal measurement is to
determine the zero point in each frequency and to eliminate any errors should electronic
drift occur in the instrument.

The switching through the four phases will eliminate errors due to asymmetry of
the Kerr-cell RF voltage and the phototube bias voltage. The connections to the switch
are arranged so a 180° RF phase change will occur when switching from phase 2 to
phase 3. The bias voltage changes between positions 1 and 2 and between positions 3
and 4. The manufacturer suggests a tolerance of 3 to 4 divisions between the sum of
the measurement values of phases 2 and 3 and phases 1 and 4. To maintain consistent
accuracies, however, it is recommended the measurement tolerance be limited to 1
division. If the stated tolerances are exceeded, the four measurements should be re-
peated. This procedure enables the instrument operator to establish the validity of
each set of measurements and eliminates all errors in measurement observations.

The speed, sensitivity and null action of different Geodimeters will vary. The
novice operator of a Geodimeter therefore should complete all 24 measurements for
each distance until he is thoroughly familiar with the characteristics of his particular
instrument. When the operation of the instrument is mastered and consistent measure-
ment results are obtained, the following procedures may be followed: For extreme
accuracy, measure all phases in each frequency and repeat the complete sequence of
measurements at least 3 times. For the normal accuracy, which far exceeds require-
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Figure 2. Geodimeter observations, California Division of Highways.

ments for highway surveys, measure all phases on the reflector and measure phases
2 and 3 only on the internal light path. Because there is no atmospheric disturbance
on the internal light path, the null action is highly stable. For surveys where nominal
accuracies are acceptable, measure only phases 2 and 3 throughout the distance-
measuring sequence. The latter procedure is recommended only for experienced in-
strument operators, because there is no check possible on the validity of measure-
ments to the reflector unless all data are used in the field to compute the distance be-
tween station markers.

The most difficult measurements to make with a Geodimeter are those made under
turbulent atmospheric conditions. These conditions are usually found when a cool
night has been preceded by a hot day and the line of sight is over irrigated agricultural
land or through successive temperature inversion layers. The null action becomes
erratic because of changes occurring in the atmosphere, and tolerance in the set of
measurements made to the reflector is difficult to achieve. Under these circumstances
the measuring procedure should be modified so phases 2 and 3 are measured first and
then phases 1 and 4.

Additional sensitivity and stability of the instrument may be achieved under marginal
atmospheric or range conditions by increasing the input voltage approximately 10
percent.

At the reflector station the only error which can be introduced is in plumbing the
tripod head. If the tripod head is leveled by eye or by the use of a bulls-eye level the
expected error in the distance from this source will be in the order of + 5 mm. This
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Expected error of a series of M-4 Geodimeter measurements.

Figure 3. Probability curve.

error can be eliminated by using an adaptor which allows the reflector to be attached
to the Wild traverse target optical leveling base.

Instrument Errors

Previously published data have indicated that the instrumental error of the Model 4
Geodimeter will closely approximate a probability curve as shown in Figure 3. The
validity of this curve has been substantiated by numerous experiments. Because this
error tends to be purely accidental, it is expected to cancel out through a series of
courses. Experiments were conducted on test courses which were traverse segments
approximately 4, 800 feet long, divided into increments of 800 feet to 1, 600 feet. After
the individual segments were measured by increment, the full segment was measured
in a single observation. The closing errors varied between 0. 01 and 0. 03 of a foot for
three segments, and 0. 06 of a foot error occurred in a fourth segment.

The type of error previously noted can result in closures of one part in one million
or smaller difference for surveys which close upon themselves. It is evident, how-
ever, the individual courses in the survey do not contain the same degree of precision.

Vertical Angles

Inasmuch as the Geodimeter measures slope distances, the accuracy of the resultant
horizontal distances will depend on the care with which the vertical angles are measured.
Over relatively flat topography, where the vertical angle does not exceed a few de-
grees, the theodolite is set up near the Geodimeter at the same instrument height. The
mean of one direct and one reverse vertical angle measurement will provide the neces-

sary accuracy. Where topography slopes are steep, extreme care must be taken in
measuring the vertical angle. The theodolite must be set up over the Geodimeter plumb
point and instrument height differences must be taken into consideration in the computa-
tions.

Computations for reducing a slope distance to a horizontal distance by exact methods
are a cumbersome time-consuming procedure. A method (Fig. 4) developed by the
California Division of Highways is a rapid and accurate solution. The equations used
are close approximations which will yield results exceeding first-order accuracies.
This is beyond the accuracy of the instruments involved in measuring the basic data.

Horizontal Angles

The Geodimeter is capable of measuring distances through any type of obstruction
allowing passage of even a fraction of the light beam to and from the reflector. Included
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among these obstructions would be trees, brush, foliage, and power poles. Accuracy
of the Geodimeter measurement will not be impaired by these terrain and ground cover
features but horizontal angles may be unduly influenced by horizontal refraction which
would result in loss of angular accuracy.

Calibration and Frequency Checks

Recalibration of the Geodimeter delay line is necessitated by changes which develop
in the electronic circuitry of the instrument. The process of calibration is used to
determine changes occurring inthe relationship between wave length fractions as seen
on the Geodimeter delay dial and the actual distance measurement these fractions
represent with respect to a precisely measured base line. A calibration shift will
cause a spread between the computed distances obtained for each frequency regardless
of the length of line measured.

There are two methods by which a delay line shift can be ascertained. In the field,
the instrument operator is able to make a rough check of the calibration by examining
both the low and high ends of the delay dial while on the internal light path. The dif-
ference of the calibrated values of the delay line measurements will give the wave
length of the frequency being checked, provided the calibration is still valid. In the
office, the presence of a delay line shift is identified by a spread in the computed dis-
tance in the three frequencies beyond the normal range of 0-3 cm in one measurement
out of ten or more.
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The effect of changes in the frequencies of the crystals is not noticeable in field
operations and may not be noticeable in computations. The effect of frequency drift is
manifested only in measurement of long distances where a 30-cycle change in the fre-
quency would cause approximately a 1 part per million error in the distance measure-
ment. The expected change in frequency is in the range of + 50 cycles within a 3-month
period. If a sufficient change occurs in one frequency only, the effect would be dis-
cernible in the computations. If more than one frequency was affected, however, it is
possible for the errors to either increase or cancel each other.

The time interval between calibrations and frequency checks is a variable dependent
on the stability of each instrument and the accuracies required in the distances meas-
ured. As an experiment, a Model 4A Geodimeter which was out of calibration was used
to measure some 30 distances. The instrument was then recalibrated and the distances
were measured again and recomputed. The average deviation between the results was
1.2 cm and a maximum deviation of 3 cm occurred in only two measurements. To
maintain reasonable accuracies, the Model 4 Geodimeter should have a recalibration
and a frequency check every six months. To provide for maximum instrument ac-
curacy, a calibration and frequency check should be made every two months.

Repairs and Maintenance

The major unknown factor at the time the first Model 4 Geodimeter was acquired
was the frequency and cost of repairs which would be necessary. The advantages
gained by using the instrument could have been nullified by excessive lost time due to
mechanical or electronic malfunctioning. The Geodimeter has proved to be a remark-
ably trouble-free device.

The repair histories of ten instruments used by the California Division of Highways
and two privately owned instruments have been maintained. Five of the instruments
have been in use for approximately 80 percent of each work year since their acquisition
and the remaining units are in use approximately 65 percent of the time. The heavy
usage of these Geodimeters and the limited repairs needed under these conditions sub-
stantiates the dependability of the instrument.

The cost of repairs has been a nominal item. Under the terms of purchase, the
major difficulties arising during the first year of operation are covered by the manu-
facturer's warranty. There has been no difficulty with the manufacturer or the West
Coast distributor concerning warranty adjustment. The total cost of major repairs
for 26 instrument years of operation has been approximately $1, 600 or an average of
$62 per year for each instrument. Additional costs will be incurred during routine
maintenance, which include replacement of the exciter lamp and inoperative tubes and
periodic calibration of the delay dial and frequency check of the crystals. Considera-
tion must also be given to the probable replacement of the Kerr-cell and switching de-
vices after two or three years of use.

If the cost of repair and maintenance is projected on the basis of 5 years of nearly
continuous operation, it is reasonable to assume these costs will total about $500
annually.

Daylight Operation

Replacement of the conventional 5W projection lamp in the Model 4B with a 100-w
mercury lamp has increased the night range of the instrument and given it added day-
light capabilities.

The mercury lamp housing has been adapted to fit existing lamp adjustment devices,
and the original condenser lens system has been modified. A lamp ignition system
and a blower fan, which protect electronic components from the heat generated by the
mercury lamp, is mounted on top of the Geodimeter. The additional power needed for
the lamp is provided by a special power unit which is incorporated into a single housing
with the standard power pack. Operation procedures in use of the converted instrument
are identical to the standard Model 4B.

The California Division of Highways has seven Geodimeters utilizing the mercury
lamp adaption. Preliminary data indicate maximum daylight range, using nine prisms,
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will vary from between 1 and 2. 5 miles TABLE 1
during summer months. Difficulties are DAYLIGHT(Afifill‘?OATﬁ?gSL)ITY TEST
encountered when the distances to be S
measured are along lines over pavement Station . Va]rv}z::? ;ir)om
or highly reflective ground, as found in
the California desert areas, when the air Test to No. | gigggg :gggi
temperature exceeds 80 F. Distances 618. 894 0,003
exceeding 2 miles over grassy range land 618.8972
have been measured with ease in temper- Tesl to No, 2 ggig;; :888?,
atures exceeding 100 F. Under winter 864, 667 -0.007
conditions, it is anticipated measure- 223 ggia 05001
ments during daylight hours will be made '
4 s Test to No. 3 548,143 -0.007

as readily as those at night. 548 156 40,006

The advantages of the Model 4D Geo- 548. 1502

dimeter are (a) use of the instrument day
or night to take advantage of weather or
topographic factors, (b) increased range
of measurement at night, and (c) simple convertibility back to 4B Geodimeter operation
if desired. The only disadvantage of the Model 4D Geodimeter is the slight decrease in
portability of the unit due to the added weight of the power pack.

Because daylight will tend to absorb a portion of the Geodimeter light beam, it is
necessary to use glass wedges on the prisms to provide adequate signal deflection
when measuring short distances so the light is reflected to the receiver optics. Under
varying atmospheric conditions the use of wedges has been advantageous for measuring
distances as long as approximately 4, 000 feet. Beyond this distance, the deviation
effect of the wedges becomes excessive and no useful light will be reflected. The choice
of wedges is a function of both distance and atmospheric conditions so the combination
of wedges needed may vary for measurement of distances of identical magnitude.

An interesting aspect of the model 4D Geodimeter is the fact the instrument can be
converted back to model 4B operation with ease. From an operational standpoint there
are two conditions which make this feature an important asset: first, if a mercury lamp
malfunction should occur and a replacement lamp were not available; and second, if
long packs were to be made into areas where the size and weight of the Geodimeter and
power supply were critical.

Depending on atmospheric conditions and the experience of the Geodimeter operator,
the time required for making a daylight distance measurement will vary between 5 and
30 minutes.

Repeatability of the Model 4 Geodimeter

The expected accuracy of repeated Geodimeter measurements of a distance will be
on the order of £12 mm. The repeatability of Instrument No. 164 is given in Table 1.
The distances were measured by two different operators at various times of the day.
The weather pattern was changing from clear skies to rain, and the temperature varied
between 11.5 C and 14 C.

Using the same instrument two separate
distances were measured day and night by
two different operators (Table 2). The TARLERS
distances given in Table 2 are conver- DAY'NIGH(TAS? E)AE[;?;I)“ITY e
sions of slope measurements to horizontal — ‘

distances. The spread in the measure- Station  Time Distance (m) Y iy from
ments from Wruble to Whalen No. 2 was ”
s i 4 i ruble to
attrlbuta}ble in part to a d1screpancy_1n Whalen No. 8 Day  1211.275 0,007
the vertical angles as measured during Night ~ 1211.250 +0.008
4 . ] 1 . -

the day and during the night. . WAl dRTicgRR

Numerous_ expgriments have been s:f,;pe ¢ Day  3890.336 -0, 001
made repeating with the Model 4D Geo- Night ~ 3890.338 +0.001

Mean 3890. 337 -

dimeter the measurements originally —
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made at night by use of Model 4A and Model 4B Geodimeters. Comparison of day and
distances measured during day-light hours by use of the Model 4D with the distances
originally measured during nighttime hours is similar to the results given in Tables 1
and 2.

Advantages of the Geodimeter

The primary advantage of the Model 4 Geodimeter lies in the fact that results
achieved are positive. The validity of raw measurement data is established by the
instrument operator in the field while the measurements are being made. The com-
putations are also self-checking and any incorrect solutions are, in almost every case,
caused by blunders made in reducing the field notes and transcribing measurement
data to computation forms. Experienced computers can resolve virtually every pos-
sible field or office error. As an illustration, only one distance has been remeasured
in more than 8,000 Geodimeter measurements made by two California Division of High-
ways' Geodimeter parties.

Another significant benefit from using the Model 4 Geodimeter is when making control
surveys in urban areas. With its great flexibility it is possible to measure from street
to street or through residential areas without having to enter private property, as is
necessary in ordinary measurement of distances by taping procedures. In short, elim-
ination of taping effects the greatest savings in time and money.

Reports submitted by the various California Highway Districts and private users in-
dicate use of the Model 4 Geodimeter results in a minimum monetary savings of 40
percent by comparison with conventional field methods of control surveying. The aver-
age amount of time saved, 60 percent, is not included in this figure, as some surveys
would never have been accomplished without use of the instrument because of the nature
of the topography, ground cover, and sparse distribution of U.S.C. and G. S. triangula-
tion stations.

CONCLUSIONS

The results obtained from 26 instrument years of Model 4 Geodimeter use have
proved the reliability and dependability of this instrument as a distance-measuring de-
vice. Accuracies greater than those required for highway survey purposes are achieved
by normal operational procedures in measuring either short or long distances. In ad-
dition, use of the instrument effects substantial savings in the cost and time of accom-
plishing control surveys.
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Evaluation of the Electrotape Distance-Measuring
Device by the Texas Highway Department

ROBERT C. RUTLAND
Supervising Designing Engineer, Highway Design Division
Texas Highway Department

*THE PHOTOGRAMMETRY Section within the Texas Highway Department is a subdi-
vision of the Highway Design Division and functions as a service organization to the 25
District offices located throughout the State. Requests for photogrammetrically com-
piled maps and for furnishing related products originate in the various Districts and
are forwarded to this section in the Austin office for accomplishment. At present, six |
stereoscopic photogrammetric instruments are utilized for compiling maps and making |
measurements in the highway surveying programs.

The duties and responsibilities involved in establishing sufficient and accurate field
control necessary for doing the mapping by photogrammetric methods rests with the
District making the request, while the Photogrammetry Section acts as consultant and
advisor for the field control surveying.

Depending on the intended utilization of the maps, the basic field control usually
consists of a second- or third-order horizontal traverse and a third-order vertical net-
work. For highway location and design programs inruralareas thethird-ordertraverse
is considered sufficient, but when it is intended as a control base for preparing deed
descriptions and for compiling other right-of-way data, and for designing facilities in
urban areas through use of dimensions scaled or calculated from plane coordinates of
details on the maps, second-order horizontal accuracy is required in the basic control.

The attainment of second-order accuracies using ordinary field survey methods is
extremely time consuming and expensive and proof of such attainment must be provided,
either by surveying closed traverse loops or by making closure ties to existing station
markers of known accuracy. Texas' land area, being as extensive as it is, prohibits
the inclusion of ties to existing station markers in the planning of every survey project.
Monuments at station markers are utilized at every point of existence, but in some
cases to make traverse ties to the beginning and from the end of a particular survey
project to the monuments of existing station markers would require as long, if not
longer, than the traverse of the survey project itself, and therefore would be econom-
ically unjustifiable.

A traverse loop resulting in closure back to the beginning point adequately serves
the proof postulation of accuracy; however, it does not present an efficient or econom-
ical solution to the problem. The inherent difficulties involved in a normal high-order
transit and tape survey would seem to discourage the use of such procedures in any,
but the most essential, control survey projects. The amount of time and money neces-
sary to conduct a second-order transit and tape survey always discourages the resident
engineer from undertaking the establishment of county or district-wide networks of
basic control. Given certain highways to construct and maintain and a specific amount
of money to defray the costs of accomplishing work, it is understandable why the resi-
dent engineer hesitates to undertake a program of surveying basic area control on an
area basis when such an undertaking offers no immediate tangible results for the sepa-
rate highway surveys which have to be made in scattered places and in successive
years. The cost of property and the intricacies of intercity expressways allow the
urban engineer to establish control survey networks throughout his area with the re-
sultant costs assignable on an easily recognized need basis. Property values in rural
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areas, however, do not require as great an accuracy. Consequently, control survey
networks in rural areas are not so easily justified.

Even in urban areas where justification is not a problem, actual execution of basic
control surveys can be difficult in the extreme. Traffic in the more congested sections
almost prohibits the use of second-order taping, except during short and inconvenient
periods of time. Triangulation is often used in these cases, but problems of position
location and building obstructions often present difficulties which involve elaborate and
therefore expensive solutions which do not readily lend themselves to highway survey
project requirements.

As a partial solution to the problems of making accurate basic control surveys in
urban and rural areas the Texas Highway Department decided to purchase an electronic
distance-measuring device. Investigations were conducted to determine the instrument
most suited for control surveying in Texas according to the intended use. The investi-
gations were made by discussions with and by study of published reports of photogram-
metric firms, consulting engineering firms, and governmental agencies.

The three major units on the market at the time were carefully studied. Particular
attention was given to the size and weight of the instruments and availability of main-
tenance services and the method of instrument operation. Based on these three con-
siderations, it was decided to purchase the Electrotape.

Because complete and detailed information concerning the Electrotape instrument
(insofar as its regular field performance is concerned) was not readily available, it
was decided to request participation of the U. S. Bureau of Public Roads in a research
project designed to determine the device's suitability for making basic control surveys
needed in the photogrammetric compilation of maps, and measurement of cadastral
data and profile and cross-sections, and also its utility as an adjunct to regular highway
surveying instruments.

Such assistance was granted under the stipulations of a research proposal outlining
the procedures to be employed and with the end product consisting of a complete report
of the methods used, problems encountered, and accuracies and limitations involved
in the utilization of the device under varying conditions.

OPERATION OF THE ELECTROTAPES

A Cubic Corporation representative delivered the instruments and remained several
days to instruct operators and to acquaint personnel with the ordinary procedures of
maintaining the equipment in operation. TField and classroom instructions (with an
emphasis on practical applications rather than operational theory) were given, inas-
much as it was planned to allow the factory to service the instruments during the extent
of the warranty period of one year. Two engineers were trained as operators who
were to conduct the initial portion of the evaluation program and who would also serve
as instructors when the instruments were subsequently used in a program of basic con-
trol surveying. The simplicity of operation of the units was such that the instruction
period was comparatively short.

The control panel of the Electrotape units has been specifically designed for ease of
operation and for the rapid and logical completion of the sequence of manipulations
necessary in obtaining the distance-measurement data. A method of instrument opera-
tion (in step-by-step form) may be obtained from the Texas Highway Department.

CREW PERSONNEL

Originally the makeup of the crew consisted of two operators from the Austin office
with the remainder of the personnel being furnished by the district offices. This prac-
tice was initiated in order to create an opportunity to train operators in the field and
thereby provide the research program with the data necessary to draw conclusions as
to the ease, or lack of it, with which the instruments could be properly operated by
inexperienced personnel. As the program developed, a third member was added to
the crew from the Austin office to provide an extra man who could be made available
for instruction and explanation as the work progressed uninterrupted.
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The overall electrotape surveying crew size will, of course, vary according to in-
dividual project needs. It has been concluded, however, that a four-man crew is suf-
ficient when the objective pertains to making linear measurements. If angles are to
be measured or elevations established concurrently while using the Electrotape, the
survey crew size must be increased accordingly. If elevations or angular data are-
necessary, a full five-man crew is recommended.

The capital investment in the Electrotapes and the need to attain as near constant
operation as possible make addition of the units to a regular survey crew, complete
with operators, necessary (whenever possible) so the instruments and operators can
be withdrawn for reassignment as the work demands without unduly disrupting the ac-
tivities of the remaining personnel.

ACCOMPANYING EQUIPMENT

The electronic distance- measuring devices are completely new and different types \
of surveying instruments which may, in time, alter most present methods of estab- ‘
lishing basic control in the field. It is not surprising, and it is only logical to assume,
the employment of such instruments will require changes in the usages and types of
accessorial equipment.

The horizontal distance accuracy now easily obtainable is almost completely wasted
unless the supporting instruments are capable of producing results of at least a com-
parable nature. The attainment of these resuits requires a theodolite which indicates
angular measurements directly to one second of arc and a precision level with equal
capabilities.

The two-way communication system built into the Electrotape units is completely
adequate and very practical. The communication facilities are usable, however, only
after the Electrotapes have been set up and turned toward one another. During the
remaining periods of time, it is beneficial to establish some sort of oral communica-
tion to facilitate orientation, lines of sight, point location, and the like. In addition,
the nonoperating party chief should have some method of advising survey crew members
about the possible future setups and the progress of the work in general. Small two-way
portable radios provide an excellent means of fulfilling this requirement, and three
such units are considered adequate for an average crew.

The small nickel-cadmium batteries supplied with the Electrotape have an average
life of approximately two hours per recharge. It has, therefore, been necessary to
supply an additional two batteries for use during recharging cycles and for work in
areas where the terrain demands walking to and from a site.

Binoculars have proved to be an invaluable adjunct to the equipment to check lines
of sight and to identify obstructions in the line between points for which the distance is
to be measured and in visually locating the companion Electrotape situated at a long
distance away. Thus, seven power, 50-mm binoculars were provided each Electrotape
operator.

In addition to the small nickel-cadmium batteries, two regular automotive 12-v
batteries are utilized for setups where vehicular transportation is possible. The bat-
teries normally installed in the automobiles assigned to the crew have been used as a
power source in the past, but experience has proved this practice to be inconvenient
and inefficient because it demands that the automobile remain at one of the instrument
sites as long as measurements are being made and prevents the use of the vehicle for
reconnaissance or for shuttling between the units. A fully charged automobile battery
will last approximately eight hours or through two normal working days before it re-
quires recharge.

Survey traverses on the order of those measured by use of these electronic instru-
ments should always be referenced to permanent monuments in the previously estab-
lished network of basic control surveys of known accuracy or to the position of celestial
bodies at some instant of time to preserve the effort and expense expended. Where
monuments are inaccessible or nonexistent, observations on Polaris, a satellite or
other foreign reference points are necessary and convenient. In such determinations,
the exact time must be known to an accuracy beyond the capabilities of ordinary
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mechanisms. The National Bureau of Standards operates powerful radio transmitters,
which indicate by electronic tones, time intervals based on an atomic clock and these
transmissions are discernible through a radio receiver on frequencies of 2.5, 5, 10
and 15 megacycles. The use of a portable receiver is recommended.

The accuracies obtained by the Electrotape present a problem in field calculations.
Multiplication and division of eight-digit figures become commonplace in checking the
work in the field and require furnishing the survey crew with a simple field calculator.
Slide rule or manual calculating is neither fast nor accurate enough to keep pace with
the progress of the crew.

In checking the calibration of the instruments and in performing short-distance
measuring, an invar or lovar tape, work tapes, chaining thermometers, tension
handles, and related equipment are required. Of course, the typical surveying ac-
cessories are provided, but they are common to any survey crew and cannot be con-
sidered out-of-the-ordinary equipment.

DESCRIPTION OF SEVERAL PROJECTS

It has been the primary intention of the Texas Highway Department in accomplishing
the objectives of this research project to test the instruments in as many diverse types
of conditions as possible. Thus far, experience has ranged from the use of the Elec-
trotapes in making an ordinary highway survey to the setting and measuring the position
of recoverable reference monuments to a high degree of accuracy. The following is a
partial listing of the projects conducted in this research:

US 59 in Fort Bend County

This is a combination of reconstruction on existing location and construction on new
location of a highway traversing approximately 45 miles of Fort Bend County in south-
east Texas.

Its value in the program lies in the different conditions encountered along the route.
1t offers flat open terrain, densely wooded areas, a major river crossing, and as
mentioned before, both existing and new locations.

The Highway Design Division in Austin of which the Photogrammetry Section is a
part was requested to furnish the Houston District Office with planimetric and topo-
graphic maps at a scale of forty feet to the inch. It was decided to utilize the Elec-
trotapes in the establishment of second-order control to be used as a basis for com-
piling the maps. Using U.S.C.and G.S. monuments as reference points, an Electrotape
traverse was measured along the proposed facility throughout the full length of the
project. Iron pins were set in such a manner as to locate the P.I.'s of the alignment
and P.O. T.'s were established at an interval of approximately 2, 000 feet where inter-
visibility would permit.

The Electrotapes were used to determine distances between the P.I.'s and P.O.T.'s
and precise angular measurements were made at all tangent intersections to form a
basic traverse with ties to existing U.S. C. and G.S. monuments as often along the
project as existence of the monuments would allow.

The entire 45 miles of traverse consisted of four segments each of which began and
ended on monuments of existing survey control points. Closure errors were calculated
for each segment as if they were independent of one another and for the entire traverse
as a single unit. A 10-sec theodolite was used for angular measurements at the P.1.'s
and no special effort was made to secure unusual accuracies. Differences in elevations
were obtained either by measurement of vertical angles or by differential leveling.
Total errors of closure were as follows: Segment 1—1/14,000; Segment 2—1/90, 000;
Segment 3—1/20, 000; Segment 4—1/16,000; Segment 1 through Segment 5—1/20, 000;
and total number of Electrotape measurements—108.

Subsequent investigations revealed angular errors which, when corrected, improved
the accuracies obtained.

1-45 in the City of Dallas

The project was located in a heavily congested urban area of one of the larger met-
ropolitan centers. The project was selected primarily to study the effect of moving
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traffic and the presence of large struc- TABLE 1

tures on the accuracy of Electrotape

measurements. Dist. Measured by (ft)
The traverse was measured along Line Diff. (ft)

sidewalks to avoid disrupting traffic and Tape Electrotape

along alleyways, wherever possible, and ‘

was completed as a closed loop for the ON 465.92 465.97 +0. 05

accuracy check. Occupied stations were OoP 464.76 464.78 +0. 02

preserved by chiseling survey marks in FG 371.33 371.26 -0. 07

concrete. Distances too short to be EW 4,308.28 4,308.27 -0.01

measured by the Electrotape were taped CB 536. 39 536. 38 -0.01

to complete the traverse. CB-1 781.70 781.76 +0. 06 ‘
Angles were measured with a direct AB 550. 66 550. 65 -0.01

reading 10-sec theodolite, and differ- AC 770. 82 770.75 -0.07

ences in elevation were determined by
spirit leveling.

The traverse closed on the beginning point with an accuracy of one part in twenty
thousand. Twenty-one measurements were made for the entire loop.

To complete the test, most of the project was subsequently taped along the identical
courses measured by the Electrotape to serve as a basis of comparison. Differences
in lengths are given in Table 1.

State Highway 206 in Eastland County

It is proposed to reconstruct and realign State Highway 206 for a distance of ap-
proximately 20 miles along its present location and along totally new location. Plani-
metric and topographic maps at a scale of forty feet to the inch together with cross-
sections were requested from the Photogrammetry Section by the District Engineer.

Part of the corridor of proposed location for the highway was densely wooded. Thus
it was decided to utilize the Electrotape in establishing horizontal control in an effort
to determine the instrument's capabilities under such conditions.

As in preceding projects, Electrotape stations were established at an interval of
approximately 2,000 feet throughout the project by setting iron pins which were % inch
in diameter and 3 feet long, at each measurement station. The meander traverse was
comprised of tangents as long as the location would allow and, where conditions re-
quired, measurement lines were cleared to a minimum degree.

Only two U.S.C. and G.S. monuments were recovered in the area and plans were
made to include them in the traverse as closure stations.

A total of 75 measurements were required and final closure was 1 part in 18, 000.
After this basic traverse was closed and adjusted, targets were placed on points which
were to serve as supplemental control and the position of these points was surveyed
by transit and tape, using the stations in the basic control, as surveyed by the Elec-
trotape, for closure and adjustment points.

TYPES OF SURVEYS

Use of Electrotape in Conjunction with Regular Surveying Instruments

The concept of acceptable use for instruments such as the Electrotape is based on
the premise that their primary function should be establishing or extending horizontal
control over great distances with high orders of accuracy in relatively short periods
of time. As important as this function is realized to be, it cannot contribute to a di-
versified control surveying program with the flexibility necessary to alleviate the
tedious, time-consuming tasks of surveying which have plagued highway organizations
for years. It is the goal of the Texas Highway Department to fit this electronic instru-
ment into normal highway surveying in such a manner as to permit new practices to
be formed which could result in lower preliminary engineering costs and more effective
use of available personnel through the revisions in theretofore normal procedures.

Efforts made thus far have been directed toward achieving such a goal. As a con-
sequence, a tentative program has evolved which enables the resident engineer to
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produce second-order surveys for all types of projects without the necessity of em-
ploying expensive techniques usually associated with transit andtape methods. Basically
the program consists of the following steps:

As it becomes necessary to establish ground control for compiling maps by photo-
grammetric methods, a preliminary study is made in office and field of the area to
determine the existence of referenced monuments, either Federal or State, and the
most economical route the control surveying should follow. When this determination
is made, a series of semi-permanent survey markers are set throughout the project
in areas outside the anticipated limits of future construction. A theodolite is used in
measuring position of the markers, and tangents are made as long as conditions per-
mit. These markers, whether at points of intersection or points on tangent are spaced
at an interval of approximately two thousand feet, and usually consist of reinforcing
rods three to four feet long driven below the natural surface of the ground. Monuments
marking existing control points which can be recovered in the area are included in the
traverse and efforts are made to begin and end the surveying on markers of control
points set by Federal agencies.

Electrotape measurements are made between the iron pins and to all existing monu-
ments which can be recovered. The field notes of the basic traverse thus measured
are reduced and the errors of closure are adjusted.

Assuming the topographic maps will be compiled at the normal scale of forty feet
to the inch for design purposes, placement location for the targeted control points is
established by typical chaining methods at an interval of three hundred feet. No effort
is made to employ precision methods in the taping processes, since adjustments are
subsequently made to the taped distances between each marker by use of the Electro-
tape measurements. In effect, the project traverse consists of numerous tapedtraverses
none of which are longer than 2,000 feet. In this manner, taping errors are not al-
lowed to accumulate and overall accuracies are always as great or greater than second-
order accuracy.

The time expended (and therefore the cost) of such an operation is no greater than
is normally required to make such surveys without the Electrotape, and yet the ac-
curacies are usually much more dependable.

When the mapping operations are completed, the designed highway alignment is ac-
curately plotted by coordinates on the map sheets, critical points of control along the
centerline are identified by coordinates and established in the field using the iron pin
markers as reference points, the position of each of which had been measured by use
of the Electrotape. In this manner, the field notes for the centerline can be completed
in the office permitting more attention to be given to particularly critical sections of
the highway location which will be classified as priority areas during construction.
Furthermore, construction staking is not dependent on long and involved transit-tape
surveys, but may be accomplished in short segments, beginning at any point throughout
the highway project during any phase of construction.

Use of Electrotape as a Separate Surveying Instrument

The Electrotape is well suited to function independently. Its primary independent
use is in checking taped distances and in transferring control surveying measurements
over long distances. Traverses measured by use of transit and tape in which closure
errors indicate blunders exist are normally checked by remeasuring until discrepancies
appear in comparative measurements. This can be a long and involved process re-
quiring the time of experienced personnel whose services can more productively be
utilized elsewhere. Using two Electrotape units and operators, the tangents of a survey
can be checked in much less time than is otherwise required and at much less expense.

Another method of utilizing the Electrotape instruments as a separate unit consists
in the making of a straight-line survey. For example, the control layout for a long
structure for a river crossing is usually measured by triangulation with actual meas-
urement along the centerline never having been made directly in the field. These
crossings are very often over rugged topography where accurate taping is virtually
impossible, and locations containing angles are usually measured and referenced
using angle-measuring instruments.
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The Electrotape is well suited to check the horizontal distances thus determined
and proof of the instrument's measurement accuracy is provided from closed loops
which are a part of these checks. One Electrotape unit is positioned on the centerline
where observations can be made to points along as much of the alignment as is pos-
sible. This primary position should, for maximum effectiveness, be as near one end
of the proposed structure as conditions will permit. The second Electrotape unit is
moved from point to point along the centerline, and measurements are made between
it and the first unit until the resultant series of measurements forms a distance be-
tween marked points which is equal to or exceeds the entire length of the structure.
Variations of this simple procedure produce several measured segments of the center-
line, the total of which can be compared to the overall length to form a straight-line
closed traverse. The points selected to comprise the end of each segment may be
those between which distances were already measured by other means or may be points
at which markers were set at random as the Electrotape survey progressed. In either
case, the distance measurements checked or initially measured can be used with full
confidence in their accuracy and, if necessary, the position of the markers established
thereby can form the basis for referenced control points to be used during construction.

Use of the Electrotape for Trilateration

The extension of horizontal control measurements over relatively long distances
with a minimum of delay and expense appears to be one of the main benefits to be de-
rived from use of an electronic distance-measuring device. As mentioned, it has been
the primary purpose of the Texas Highway Department to study methods of utilizing
the Electrotape in normal highway surveying. As this study continues, however, it
becomes more obvious that it will be necessary to examine all potentials of the Electro-
tape to accomplish a complete and thorough evaluation of its multiple uses.

To realize the full advantages of trilateration, a complete electronic computer pro-
gram is being developed which will accept the Electrotape-measured slope distances
in centimeters and the vertical angle or difference in elevation between points for which
the horizontal distance of each leg in a quadrilateral is required as input information
and as output furnishes each horizontal distance in feet, each angle involved and its
error of correction, and the X, Y, and Z coordinates of each point. This information
may be obtained based on any horizontal reference plane which might be used.

Trilateriation by the field measurement of distances and the calculation of angles,
accomplishes the same basic result as when triangulation is done by use of precision
theodolites. Triangulation by trilateration, however, would appear to be much more
economical and rapid in accomplishment than by other methods.

EVALUATION OF THE ELECTROTAPE

Training of Instrument Operators

The training of operators for the Electrotapes presents no serious problems. The
instruments, whether acting as interrogator or responder, are simply and easily
manipulated in a short time by the average surveyor. It is estimated acceptable meas-
urement data can be obtained with the instruments by personnel completely unfamiliar
with the procedures involved after one to two days of practice. Efficient and somewhat
rapid operation can be expected in approximately one week. Recording the measurement
readings on the data sheets in the proper location and the reduction of the initial data to
slope distances in meters is easily understood and accomplished.

No correlation has been observed between the efficiency of individuals serving as
Electrotape operators and the extent of their experience in surveying. It is obvious,
of course, the experienced surveyor will require less supervision, when acting as an
instrument operator on a field survey crew, than a person lacking such experience;
but, it also became obvious it was not necessary to be an experienced surveyor to be
an effective Electrotape operator. The same lack of correlation has been noted con-
cerning the good operator and his educational background insofar as degrees of scho-
lastic attainment beyond the high school level are concerned. Following the operating
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procedures recommended by the Electrotape manufacturer, an experienced instrument
operator can readily become aware of instrument malfunctions as they occur and may
also recognize discrepancies in recorded data which indicate poor measurements.

The training of inexperienced operators should not be concentrated toward under-
standing the functions of the Electrotape, as much as toward establishing a pattern of
operation to be followed consistently in making each successive measurement day after
day. Knowledge of the function of each dial is easily transferred to the new operator,
and no difficulty has been experienced in this regard. It has been noted, however, that
the main objective in a training program should be indoctrination of a system and the
sequence of actions which should be rigorously followed in making each measurement.
Speed in operation will naturally follow as proficiency is gained through repetition.

Transportation and Portability of the Instrument

Transportation of the Electrotape requires no greater precautions than those ex-
ercised in transporting an optical surveying instrument. The units withstand the normal
shocks involved in overland vehicle travel with no apparent effects. Vehicles used in
transportation have included stationwagons equipped for surveying, pick-up trucks,
regular passenger automobiles, carry-alls, and jeeps.

In no case has the Electrotape suffered internal damage as a result of handling even
though no special or out-of-the-ordinary efforts were made to insure their safety. It
can be concluded, damages to be expected as a result of transportation are so slight
as to exclude this consideration in the overall evaluation of the instruments.

The units are completely self-contained and therefore absolutely portable. The
weight involved (36 1b) is somewhat difficult for one man on long carries. This weight,
however, is not prohibitive. Because a small nickel-cadmium battery is included as
an internal part of the instruments, no external connections are required for operation
and accessory equipment can therefore be held to a minimum where necessary.

Accuracy of the Electrotape

The extreme limits of accuracy of the Electrotape have been fully and completely
investigated by other organizations and the results have been published. Therefore,
this presentation pertains to accuracies in the range of second-order and the proce-
dures necessary to attain this degree of accuracy consistently, and in a practical and
economical manner.

Under this stipulation, only two primary conditions have been found to affect the
instrument's ability to measure distances. These conditions are obstructions across
the measurement line between the survey control points and the magnitude of the dis-
tance measured.

The effect of obstructions intervening between two Electrotape units upon the wave
patterns emitted by any transmitter varies as the size, shape, density, and mass of
the obstruction, its proximity to the transmitter or receiver, whether on the line to
be measured or somewhat laterally removed therefrom (and if so removed the extent
of the offset), whether of a reflective or absorbative nature and the degree of either,
whether the obstruction is in motion or is stationary and, if in motion, the nature of
the motion, whether the obstruction is singular in its geometric formation or part of
a pattern that is repeated and, if repeated, the number of repeats, and so on, to what
seems to be an infinite series of variables. Therefore no attempt shall be made here
to define these effects. It can be said, however, rather limited experience dictates
there should not be any on-line obstructions between the instrument units if maximum
accuracies are to be obtained. When it is absolutely necessary to measure a distance
for which the measurement line is obstructed, a careful study and comparison of the
data which constitute the two measurements should be made to determine whether the
difference in lengths would be normal for the conditions being encountered if no ob-
structions were present. This difference in measured length is generally termed the
"spread" and an experienced operator can readily determine the spread which is and
which is not acceptable.



23

In a great majority of the cases reported in this paper, the traverse must be clear
insofar as optical line of sight is concerned for the measuring of angles and for the
taping of short distances; therefore the problem of obstructions is not a major concern.
For traverses through areas where the ground cover is comprised of woods, Electro-
tape measurements should not be attempted until an optical line of sight is effected be-
tween measurement points.

Measurements made in what may be termed "confined corridors' have been very
successful. Most of the traverses measured in congested urban areas have required
the making of tangent measurements parallel to buildings and approximately six to
eight feet therefrom. This close proximity of concrete and steel had no noticeable
effect on the traverse closures. Accuracies of more than second-order were obtained
without difficulty. Continuous and intermittent streams of traffic parallel to the traverse
being measured caused a slight fluctuation of the null meter indicator but again no ap-
preciable adverse effects were realized.

The Electrotape's ability to maintain its usual accuracies in "'closed corridor"
traverses met its supreme test in a project along State Highway 87 in Jefferson County.
A large oil refinery plant occupies the area immediately abutting the right-of-way on
both sides of the highway. The air above the roadway and ground below the pavement
are dense with high power transmission lines and pipe lines. To avoid the heavy
streams of traffic as much as possible, measurements were made along side a 6-ft
chain-link fence at the edge of the right-of-way. Ties to existing monuments at either
end of the project proved the measured distances closed within one part in twelve
thousand.

Measurements of relatively short distances are now being studied to determine the
practicable limit of the instrument's capabilities in this extreme. Experience, so far,
has indicated this limit is controlled by principles of economics rather than by accuracy.

An experienced taping crew has the capability of extending a traverse approximately
1,000 to 1, 500 feet in the same length of time required to set up the Electrotapes,
measure the distance twice, and move to the next point. Because the time involved
for a taping crew to measure a given distance varies directly as the length of the line
and the time involved for an Electrotape crew to measure a given distance is constant
regardless of the length of the line, it logically follows that as the distances become
shorter, use of the taping crew becomes more economical, comparatively, and the
Electrotape's usefulness diminishes. Furthermore, the Electrotape's possible error
(1 cm) begins to become an important consideration in shorter measurements. Be-
cause of these two factors, economics and accuracy, Electrotape measurement of dis-
tances less than 1,200 feet is not attempted unless absolutely necessary.

Economics

The cost of surveying operations should never be considered the deciding factor in
any project. Such cost, however, should be considered in relation to the expense in-
volved in alternate types of surveys. It has been proved that the basic control estab-
lished for a highway survey project is usually the most important, most underrated,
and least expensive portion of the survey.

The costs of an Electrotape crew are extremely economical when compared with the
benefits derived from accurately measuring the position of a series of identified monu-
ments set throughout an area where no geodetic control otherwise exists.

As is evidenced (Table 2) the average cost of operating the Electrotape in making
basic control surveys for photogrammetric compilation of maps is approximately $24
per man day. It should be pointed out that this cost is greater than can be ordinarily
expected because the instruments have, for the purposes of this research project, been
operated to a large extent by professional engineering personnel whose salaries are
well above the range usually offered for this type of work.

The cost per measurement is very economical when it is considered one set of
measurements could extend control for a distance of 20 to 30 miles over extremely
rough and wooded topography. Comparisons between this cost and those incurred by
a taping crew covering the same distance are given in the following two examples:
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TABLE 2
COSTS OF DISTANCE MEASURING WITH THE ELECTROTAPE

Project Man Days Total Cost ($) Cost/Man Day ($) Number Measurements

A, rural 107 2,547 23 108
B, urban 8 2117 27 21
C, rural 115 2,734 24 75
D, rural 105 2,462 23 100
E, urban 30 558 19 N.A.
F, urban 40 1,047 26 24
Average 24

I-10 in Kerr County. —A base line was measured by taping for a distance of approxi-
mately 26. 6 miles. Normal taping techniques were employed and the crew of five men
required 30 days to complete the measurements. The Electrotape was employed to
check the distances in lieu of other types of closures and for four men thus involved
required four days to complete the check. Such procedure resulted in a savings of ap-
proximately 100 man days.

Ranch to Market Road 2475 in Jack County. —A traverse measured by taping and
closure tied to existing monuments had an overall closure accuracy of 1 part in 11, 000.
Some doubt existed, however, as to the accuracy of individual courses, and the Elec-
trotape was utilized to check each taped distance. The survey was checked in one
working day, as opposed to a minimum of six working days which would have been re-
quired by a regular taping crew to do the same amount of checking. The resulting
savings were 24 man days with an increase in closure accuracy to 1 part in 50, 000.

Maintenance

The out-of-service or down-time record for these instruments is exceptionally
small, and the average over the past year and one-half is approximately 4.7 percent.
None of this lost time occurred as a result of rough field handling, although no unusual
precautions were taken during transportation and use of the Electrotape units.

Maintenance records indicate the instruments were returned to the factory seven
times for repair and adjustments. A majority of these cases involved simple problems
that could not be considered out of the oridinary for complicated electronic equipment.
The nature of the repairs ranged from loose electrical connections to a bent antenna.

Heretofore all repairs and adjustments have been accomplished at the San Diego
factory by Cubic Corporation personnel. A repair shop, however, is now being out-
fitted at the Austin office to effect all future maintenance. Factory service for the
Electrotape has been very excellent in regard to both time and effectiveness. On
several occasions, the Electrotape units were shipped, repaired, and returned in a
period of from three to four days. As this period was often arranged to include a
weekend, only one to two working days were lost.

Field maintenance of the Electrotape units is extremely nominal. Ordinary care
will preserve the appearance and proper mechanical functions of the instruments for
a long period of time.

Electronic maintenance should never be attempted in the field due to the very com-
plicated nature of the circuits and the critical frequency tolerances involved. It is
recommended no adjustments or changes be made in the electronic components except
by factory-trained personnel or by the factory itself.

The closure turnbuckles on the antenna cover are somewhat weak and breakage
should be expected occasionally. The rubber sealing gaskets on the antenna cover and
front panel cover are susceptible to displacement through usage and should be period-
ically checked for dust and waterproofness.

The tuning knobs are sturdily constructed and tightly secured to the spindles and
should present no serious difficulties.

The attachment of the tripod adapter to the fiberglass case is of doubtful strength
because of the inherent nonrigidity of the shell, and the connection should be checked
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frequently for signs of fatigue cracks or ruptures. The bolts forming connections
should be tightened occasionally to prevent the case from shifting on the adapter and
thereby dislocat#ng the electronic center.

For fullest utilization, the units should require no more care in field transporting
and handling than would be ordinarily given an optical surveying instrument. Conse-
quently no special precautions have been taken to protect the instruments from mis-
treatment other than precautions usually taken with a transit or theodolite.

The square shape and high center of gravity of the instruments create a problem
when operating in high to moderate wind velocities. This is not a correctable condition
insofar as mechanical modifications are concerned. Prudent care, however, should
be exercised in the height of setup, implantation of the tripod shoes, and constant close
proximity of the operator when such weather is experienced. Operation in a light rain
is possible. The antenna disk is sealed against the case, and water infiltration from
that direction is not likely. Excessive exposure of the dials and counter to rain will
undoubtedly cause some difficulty, and the employment of a large umbrella is neces-
sary when operation in the rain must continue. At present, insufficient data prevent
the drawing of a conclusion as to the accuracy obtained when measurements are made
during raining conditions.

The antenna is a rather delicate appendage and is easily bent or otherwise damaged.
When such damage occurs, transmitting efficiency may be seriously impaired; conse-
quently the antenna cover should always be attached except when measurements are
actually being made.

It has not been necessary to utilize the large wooden cases in ordinary transporting,
and their inclusion when the instruments are carried by a walking field crew adds
weight that is totally unjustified. They have been reserved for those instances when
it is necessary to ship the instruments to a distant destination.

CONCLUSIONS
In conclusion, the following points are offered in summary of the foregoing:

1. The Electrotape has a definite and valuable use in the work of a normal highway
survey crew in:

a. Establishing closure stations approximately 2,000 feet apart thereby insuring
ultimate closure of at least second-order for the traverse at the expense and
time usually required to make a third- or fourth-order survey by usual on-
the-ground surveying methods.

b. Extending control from the end and/or beginning of a transit and tape survey
for closure on a monument in the previously established network of basic con-
trol, or in forming the return loop of a closed circuit to prove second-order
accuracy.

c. Performing in an efficient and economical manner to allow accomplishment
of (a) and (b) preceding.

d. Finding taping errors in completed transit and tape surveys more efficiently
than could be accomplished by other ground surveying techniques.

e. Determining distances over topographic areas inaccessible to a taping crew.

2. As a surveying instrument, the Electrotape is capable of:

a. Being effectively operated by inexperienced personnel after a minimal in-

struction period.
Withstanding normal field handling.
Requiring very little maintenance.
Achieving accuracies of second-order or better without resorting to the usual
and expensive second-order surveying techniques.
e. Requiring few accessories for efficient operation.

aoo



The Geodimeter and Highway Surveying

JOHN F. NICKELL
Photogrammetric Engineer, Missouri State Highway Commission

*DURING THE EARLY 1950's, the Missouri State Highway Commission experimented
in the use of photogrammetry as a means of highway surveying by obtaining project
mapping from consultantfirms. After experimenting on several highway survey projects,
the advantages of this method of surveying were apparent and the Commission decided
in 1958 to establish a photogrammetric unit within the Department. For highway design
and preparation of detailed construction plans, the Photogrammetric Unit would con-
centrate on mapping at scales of 50 feet per inch in urban areas and 100 feet per inch
in rural areas.

The first method of obtaining horizontal control consisted of establishing a centerline
and targeting it at a predetermined spacing interval on the ground equal to one-half the
airbase of the photography. This assured three targets would appear on each stereo-
scopic model, and random errors of a greater magnitude than two feet would be ap-
parent when the stereoscopic models were oriented to the vertical and horizontal con-
trol. This method of obtaining horizontal control assured all measurements made by
use of each stereoscopic model were referenced to the surveyed centerline since it had
been staked on the ground and targeted before photography. The disadvantages of this
method are (a) the centerline must be surveyed and staked, and this sometimes delays
taking the photography; and (b) relocations for which centerline description and point
positions are computed in the office are difficult to stake on the ground because errors
may exist in the initial preliminary survey traverse.

For relocation surveys, the targets for mapping at the scales of 50 feet per inch
and 100 feet per inch consist of muslin crosses, the legs of which are one foot wide and
six feet long. Wherever targets are placed on pavements, however, they are painted
V-targets and circles reduced in size about 30 percent. Target size must be enlarged
proportionately whenever photography is to be taken for mapping at smaller scales.

This method of obtaining horizontal control has worked exceedingly well and con-
tinues to be used. In urban areas and in many instances in rural areas, however, it
is impossible to establish its position and stake the centerline on the ground in advance
of mapping for detailed design purposes, or the best detailed location for the centerline
is not evident when using the available reconnaissance survey material. Under either
of these circumstances, it is desirable to control the photography for mapping by sur-
veying random traverses and reference tying the identifiable finite image points on the
photography to these traverses and using such image points for orienting the stereo-
scopic models to scale. The preferred method is to survey a traverse between U. S.
Coast and Geodetic Triangulations Stations, keeping the traverse as close to the re-
connaissance established and recommended centerline as topography and other obstacles
and conditions will permit. Permanent monuments to serve as station markers are
set at each point of intersection in the traverse and the points for controlling the in-
dividual stereoscopic models are obtained using polar surveying from these markers.
Plane coordinates of the traverse station markers are computed in the State Plane
Coordinate System, as established by the U. S. Coast and Geodetic Survey for the
State of Missouri. This procedure allows much latitude over the first method for im-
proving the highway location and for detailed design. It requires, however, more
exact horizontal control, which must be computed and closer obtained to the desired
accuracy before mapping is started. If a large random error in control is discovered
during map compilation work, it is necessary to correct the traverse by resurvey

Paper sponsored by Committee on Photogrammetry and Aerial Surveys.

26



27

Figure 1. Establishing exact position of plane coordinate computed centerline in the
field.

procedures and to recompile the maps affected, because the error has been distributed
throughout the entire traverse when the closure adjustments were made. If the hori-
zontal control consists of a highway location centerline staked on the ground, which

has been targeted before photography, an equation can be inserted where the error oc-
curred so as to preserve the compilation. After the maps have been compiled, and

the description and plane coordinate position of the highway location centerline have
been computed and plotted on the map manuscripts, extra care is required to establish
the computed centerline in the field in the same respective position in which it was
plotted by plane coordinates on the maps. Angles and distances are computed from

the traverse marker monuments to instrument station points of the centerline and these
points are accurately surveyed and staked in the field. The centerline is then measured
and staked between these points; as this work is done corrections are applied as neces-
sary to keep all errors localized (Fig. 1).
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A few projects were attempted using conventional chaining and second-order sur-
veying procedures for measuring and staking random traverses. Second-order closures
were consistently obtained. Due to the lengths of the traverses, however, some ran-
dom, locally compensating, errors in chaining were large enough to cause gross errors
in the mapping, although the traverses closed within second-order accuracy. It be-
came apparent that, to locate the computed centerline in the same relative position on
the ground, traverse surveying without blunders or large random errors was neces-
sary. It was decided a maximum error of two feet in horizontal position would not
materially affect the accuracy of design and earthwork computations in most cases in
rural areas, and on long traverses it would be desirable to have an unadjusted closure
of two feet or less, instead of using the criteria of second-order accuracy which would
allow larger errors.

Achieving an accuracy in which the error does not exceed two feet is hardly econom-
ically feasible using conventional chaining methods. For this reason, a study was
made of electronic distance-measuring devices in 1960. The Model 4B Geodimeter
was chosen as the instrument best satisfying the needs for reasons of accuracy, porta-
bility, and initial cost. The Geodimeter requires a clear line of sight, must be operated
at night, and measurements can be prevented by ground fog. These disadvantages are
outweighed, however, by the reasons previously discussed.

A Geodimeter was obtained on a rental purchase agreement to gain experience with
its capabilities. After three months of use, it was subsequently purchased along with
allied equipment.

An intensive theoretical and operational course by a factory representative can train
two men in the operation of the Geodimeter in two days and two nights. Afterward,
some difficulty will no doubt occur but, with added experience, each operator will be-
come very proficient. Two skilled operators are assisted by regular survey personnel
from the district in which each survey project is located.

The Geodimeter transmits light of known wave lengths to a reflector which returns
the light to the receiving optics of the instrument. Three different wave lengths of
light are transmitted consecutively. These wave lengths are divided into four equal
light pulses or segments called "Unit Lengths." The operator reads on the delay dial
that portion of the last unit length transmitted from the instrument. The distance can
be obtained from these unit lengths and the sign of the reading because these unit
lengths and signs can be obtained for only one distance every 1,000 meters. True, the
distance must be known within 2, 000 meters, which can be measured roughly by use of
a scale on any reliable map. The important point to remember is the entire distance
is obtained by measuring within the span of one-fourth of a wave length (roughly 2.5
meters), and large random distance errors are not introduced into the traverse.

The time necessary for setup of the instruments and making two measurements at
an instrument station ranges from 20 to 30 minutes depending on the warm-up time
required by the instrument. An additional distance can be measured for each additional
five minutes the Geodimeter is at one station, if the reflectors are in place over the
additional points to which a distance measurement is required. Very short distances
between the points selected for use in orienting the stereoscopic models to scale are
measured, using a tape, by the angle-measurement party. The Geodimeter operator
can measure a distance of 200 feet quicker than the angle-measurement party can get
the tape, unwind it, and rewind it after use if the Geodimeter is already set up over a
station marker of the traverse station and is at operating temperature. Undesirable
chaining conditions and traffic can make it more advantageous to use the Geodimeter.
An experienced Geodimeter operator can measure distances of up to one-half mile in
length during daylight hours with the Model 4B. To do so, however, requires wedges
inserted into the prisms and sometimes requires a partial masking of the receiving
optics to keep out disturbing light. Newer models of the Geodimeter have a built-in
aperture to keep out this light. Primarily the Model 4B Geodimeter is an instrument
for nighttime use and should be used accordingly.

The Model 4b Geodimeter introduces an error not previously encountered in sur-
veying. The error is a maximum + 0. 04 of a foot in each distance measured regard-
less of the length. This limits the minimum distance which can be measured in a



TABLE 1

COMPARISON OF TWO CONSECUTIVE
GEODIMETER-MEASURED DISTANCES
FROM THE SAME INSTRUMENT
SETUP POSITION

Measurement (ft)

Setup
1st 2nd Difference

1 1,199.398 1,199.384 0.014
2 993. 292 993. 296 0.004
3 2,204.961 2,204.971 0.010
4 2,391.090 2,391.067 0.023
5 1,089.383 1,089. 406 0.023
6 3,749.683 3,749. 666 0.017
7 831. 417 831. 463 0.046
8 1,398.731 1,398.744 0.013
9 3,970.095 3,970.082 0.013
10 4,020.240 4,020.244 0.004

11 3,376.281 3,376.281
12 10, 463. 683 10, 463. 696
13 385.063 385. 080
14 7,929.018 7,929,041
15 2,995.543 2,995.516
16 6,770.804 6,770.768

17 1,691.495 1,601. 459 036
18 599. 852 599. 849 003
19 1,194.175 1,194,195 020
20 594. 652 594. 632 020
21 2,113.652 2,113.629 023
22 537.774 537. 801 027
23 1,037.563 1,037.593 030

24 1,389.279 1,389.322

25 1,726.293 1,726,319 026
26 387.979  387.960 019
27 1,215.190 1,215.177 013

28 2,496,207 2, 496. 230
29 9,613.469 9, 613. 463

30 1,044.399 1,044.392 007
31 4,614.226 4,614.213 013
32 2,684.848 2,684. 822 026
33 2,879.998 2,880,040 042

34 2,005.543  2,005.520
35 2,448.616 2, 448. 609
36 1,717.318 1,717.328
37 3,041.517  3,041.540

38 2,026.796 2,026.793 003
39 787.1798 787. 821 023
40 1,164.941 1,164.915 026
41 5,688.564 5,688.597 033
42 873. 631 873. 628 003
43 140. 815 140.779 036
44 1,730.432 1,730. 422 010
45 1,066.880 1,066.906 026
46 694. 842 694. 829 013

47 3,760.290 3,760.284

48 2,252.761 2,252.771 010
49 828. 207 828. 121 086
50 2,879.798 2,879.776 022
51 1,603.329 1,603.253 076
52 990. 474 990. 440 034
53 2,274.310 2,274.324 014

54 4,030.240 4,030.210
55 3,609.262 3,609.282
56 1,524.586 1,524. 609
57 22,297.846 22,297.852
58 1,408.616 1,408.617

O O 0 OO P 0O OO0 OO P00 0000000000000 00000000000009900
o
o
-
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traverse to obtain a specific order of
closure. Two slope distance measure-
ments have been made during setup of the
instrument over a traverse station marker
and the same vertical angle measurement
is used in computation of the horizontal
distance from the slope distance. It is
interesting to note the distances varied
more than the allowable 0. 08 of a foot

only once (Table 1). This maximum al-
lowable difference was exceeded by 0. 006
of a foot for this one distance. These
measurements were made just before the
Geodimeter was returned for repair and
recalibration, and the D-1, D-2 and D-3
difference in the computations exceeded
the allowable spread of 0. 10 of a meter.
This of course does not prove the correct
distance was actually obtained, but it does
prove agreement in the separate measure-
ments within the limits specified by the
instrument manufacturer. A few errors
of 1, 5, 10, 50, and 100 meters were
encountered in the computing of the Geo-
dimeter- measured distances. Occur-
rence of such errors has since been elimi-
nated by rewriting the electronic computer
program used to reduce Geodimeter meas-
urements to horizontal distances.

A wealth of material was not available
to check Geodimeter-measured distances
with distances measured accurately by
taping, however, occasionally base lines
precision measured by taping for triangu-
lation at bridge sites have been checked.
Table 2 gives a comparison between tape-,

TABLE 2

COMPARISON OF TAPE, TRIANGULATION, AND
GEODIMETER-MEASURED DISTANCES

Distances (ft) Measured by

Difference (ft)
Taping  Triangulation Geodimeter

1,891.09 1, 891, 062 0.028
1,023. 20 1,023, 242 0.042
902.19 902, 204 0.014
910.73 910. 765 0.035
1,200. 05 1,200,071 0.021
364. 897 364. 855 0. 042
680. 109 680. 107 0.002
442. 808 442,759 0.041
2,358.195  2,358.184 0,011

210. 100 210. 060 0.040

2,125.650 2,125,670 0.020

2,131.536 2,131,643 0. 107

3,018.286 3,018,290 0.004

2,393.962  2,393.992 0.030

2,360.990 2,361,010 0.020

2,265.087  2,265.213 0.126

2,335.750  2,335.726 0.024
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triangulation-, and Geodimeter-measured distances. The difference between the taping
and the Geodimeter measuring of distances was in all cases 0. 04 foot or less. Two of
the triangulation-measured distances differed from the Geodimeter-measured distances
slightly more than one-tenth of a foot. It is believed the angle measurements were con-
tributory to this occurrence.

Traverses varying in length from two to 17 miles have been measured with closures
varying from 0. 2 of a foot to 2. 4 feet (Table 3). It is interesting to note 70 percent of
these closures were one foot or smaller distance. These closures gave representative
fractions of error varying from one in 18, 000 to one in 194, 000, and the majority of
the closures were of the magnitude of one in 40,000. These closures were obtained
before any adjustment was applied to the traverse. Other organizations have reported
representative fractions expressing error of closure which were smaller than one in
100, 000 are the exception. However, errors in closures which are that small are not
consistently obtained. These Geodimeter-measured traverses were estimated to be
50 to 70 percent less in cost than were the cost of measuring traverses by conventional
taping methods and saved approximately the same percent in time.

The inherent error in Geodimeter-measured distances is not systematic but is of
such small magnitude it can, under normal circumstances, be disregarded in the
photogrammetric compilation of topographic maps for most of the highway design which
has to be done. The advent of electronic distance-measuring devices made measured
angles the weakest link in traverse surveying and the utmost care must be exercised
in measuring angles if traverse closures are to be maintained within the previously
mentioned 2-ft requirement. Care must be exercised in setting the traverse station
markers in the ground at positions where long backsights and foresights are provided
for the angle measuring and where the effects of heat waves on such sighting and meas-
uring will be held to a minimum. A slight angular error extended through the course
of a long traverse will result in an error of closure exceeding the previously mentioned
two feet. To check the accuracy of azimuths, and in some cases to help locate angle-
measurement errors, the electronic computer program has been written to compute

the traverse distances using measurements
made forward and in reverse. If the un-

TABLE 3 adjusted closures in plane coordinates
ACCURACY OF GEODIMETER-MEASURED TRAVERSES between the forward and reverse measure-
P T e ) Longth ments differ considerably, an angular
Traverse 6037  Representative of of error should be suspected near one end

Error

No. (sec)

Fraction of - Closure Traverse — of the traverse, either at the starting or
Closurer Error (ft) (mi) : i 3
- ' ending azimuth. Distance-measurement

: 1 e e i errors, angle-measurement errors in the
3 13 18, 000 2.3 7.5 center of the traverse and systematic

: B e a2 bl angular errors throughout the traverse

6 6 28,000 1.6 8.4 tend to be compensating and will result in
: = e 51 Sl approximately the same error of closure
9 1 50, 000 0.4 3.6 in both directions. These observations

i 9 o e = regarding errors are not made as state-
12 17 44,000 1.4 11.5 ments of fact, but are used as aids in

o X oo & b analyzing traverses for error. Much

15 22 42,000 0.4 3.4 depends on the bearing of the individual

. 4 o oo 9.4 >4 courses in the traverse, the azimuth be-
18 5 19, 000 0.5 3.6 tween the beginning and ending triangula-
1 i g e e tion stations, and faith that the Geodim-
21 9 92,000 0.1 1.9 eter-measured distances contain no large
2 . 135 000 S8 20 blunders. The time added in computing
24 2 94, 000 0.3 5.0 both the forward and reverse measure-

2 e o 5 - ments of each portion of a traverse is very
27 1 48, 000 0.3 3.2 small compared to the information gained
2 . e ped o toward obtaining more accurate results.
30 7 46, 000 0.7 6.1 The Geodimeter has been returned for
31 17 73, 000 1.1 18.7

repairs, recalibration, and tuning two
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times since it was purchased in April 1961. The first time was for repair of a micro-
switch which had failed. The cost of such repair, recalibration, and shipping was

$254. 65. The Geodimeter was shipped on July 11, 1962 and returned on August 8, 1962.
It was again necessary to return the Geodimeter to the factory in the summer of 1963
because it was intermittently dead when switched to frequency No. 2. The total cost of
a tube, resistor, power cable, calibration, and shipping was $114.19. The Geodimeter
was shipped on Thursday and returned the following Thursday--a considerable improve-
ment over the previous time duration for repair. Other difficulties encountered include
a broken power cord, faulty tubes, mirror out of adjustment and faulty Kerr-cell
heater. These items were repaired by unit personnel. Based on past experience, the
Geodimeter probably should be returned yearly to the factory for overhaul, and should
be recalibrated every six months according to the manufacturer's recommendations.
Due to a recent sudden change in calibration of the Geodimeter, it has become apparent
that calibration is very important and should be accomplished whenever a spread of
more than 0. 06 of a meter occurs regularly during computation of horizontal distances
using the field-made measurements. Instructions for calibration have been recently
published by the manufacturer.

Too little attention has been given the accuracy of horizontal control for mapping by
photogrammetric methods. This is especially true for large-scale mapping where a
designed centerline must be staked on the ground, where positioned and plane coordi-
nate computed on the map. The Missouri State Highway Commission has used only the
Geodimeter. There are other instruments available, however, which can probably do
as well. It is believed that horizontal control established by use of accurate electronic
distance-measuring devices will aid in bringing further acceptance of such methods for
highway surveying by photogrammetric methods.



Control Surveys by Geodimeter and
Tellurometer in Canada

GOTTFRIED KONECNY
Associate Professor of Civil Engineering, University of New Brunswick, Canada

*SEVERAL AUTHORS have reported on uses of electronic distance-measuring equip-
ment in making basic control surveys in Canada (1, 5, 6); consequently, the writer
will confine himself to his own experience. - T

Application of the Geodimeter and the Tellurometer to control surveying is discussed
for two distinct projects. The first is for establishing a survey control system of plane
coordinates in the Province of New Brunswick. The second is for accomplishing sup-
plemental control for mapping by photogrammetric methods in the Rocky Mountains.
An assessment of both cases will lead to a better evaluation of the capabilities of elec-
tronic distance-measuring procedures for control surveying. In conclusion, some
thoughts are expressed as to the applicability of electronic distance-measuring in-
struments to surveying for highway engineering purposes.

PLANE COORDINATE SURVEY CONTROL SYSTEM IN NEW BRUNSWICK

General Aspects

New Brunswick, one of the Atlantic Provinces in Canada, covers 28, 000 square
miles. Its 600,000 inhabitants are living in scattered, more densely populated areas
of the Province. Eighty-six percent of the land is forested. Timber and pulpwood
production is the prime industry. Inasmuch as more than 50 percent of the land is
administered by the government, timber leases constitute a major income, and an in-
disputable survey of property and lease boundaries is of major concern.

It is for this purpose that the Department of Lands and Mines of the Province has
devised a plane coordinate survey control system, based on a stereographic projection
onto which all government property records will be based. The private legal land
surveyor will eventually follow suit by referencing privately owned land surveys to the
same system. The engineer engaged in surveys, be it with the New Brunswick Electric
Power Commission or with the New Brunswick Department of Highways, has already
realized the importance and the convenience of such a control system for his surveying.
Before use of electronic distance-measuring instruments in making control surveys,
such survey constituted a luxury which only densely populated areas could afford. Geo-
detic control, too widely spaced for engineering use, usually could not fulfill a public
purpose; the situations are now different. Engineers can make use of geodetic control,
simrce economical densification of the existing trigonometric networks became possible.
Such densification of control is a multipurpose proposition. It serves the planner, the
engineer, the surveyor, and the mapper equally well, as it also serves the ordinary
citizen and taxpayer. There is the possibility of using established plane coordinate
positioned survey monuments, over which targets have been placed before photography
for use in precise mapping by photogrammetric methods. Much of the usual supple-
mental control surveying on the ground can thus be greatly eliminated. This is but one
of the advantages of such a system. The primary advantage, of course, is the complete
recoverability of a point regardless of whether its immediate neighborhood has been
affected by an outer force. We find many examples in new subdivisions, in areas of
heavy construction, and in areas where destruction or fires have taken place, where
position referencing by plane coordinates is the only origin from which certain points
can be reset exactly where originally positioned in the ground.

Paper sponsored by Committee on Photogrammetry and Aerial Surveys.
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In New Brunswick, eventually the TABLE 1
whole Province will be covered by a suf- sEfggfggg,&?ﬁg%%L&Téggﬁ&m
ficiently dense network of monuments = - = =
comprising points in a plane coordinate M Raeroe  Cobgs e
control system, which will serve as such Erection of Towers (%) (day)
reference. The establishment of refer- i
ence monuments over the entire area is a
project for a decade of work. It was
started in 1959 using the Tellurometer
and Geodimeter.

Secondary triangulation 2,160 16

Primary Tellurometer traverse 593 §

Survey Scheme

The primary geodetic network of 140 points, for which markers were set and position
surveyed, consists of four quadrilateral chains surrounding the Province. These basic
points comprise the starting points for further densification of markers in the network
of control. In the experimental stage, it was considered necessary to densify the existing
control, spaced at an interval of 30 miles or more, to a secondary triangulation net-
work with control point markers 15 miles apart. From these points, traverses meas-
ured by Geodimeter NASM-4B could start. Because secondary triangulation proved to
be expensive and slow, secondary control was provided more economically by Tellu-
rometer-measured traverses. These had sides of 10 to 15 miles length, beyond the
measurement reach of the Model NASM-4B Geodimeter. Table 1 gives a cost compar-
ison between secondary triangulation and Tellurometer traversing.

The interconnection of secondary control surveying was started by traverses which
directly provided the desired control points. These were measured, with control point
markers set at an interval of one-half mile to one mile in more densely populated
areas, and at an interval of from one to two miles in rural or desolate areas. In areas
of difficult intervisibility, the spacing interval for station markers was often smaller.
The placement points could always be selected along roads, mainly within their right-
of-way. During 1959, 137 monuments were set and position surveyed and in 1960, 350.

It was the aim to survey the monuments with a relative accuracy of 1:20, 000 or
better. This objective, when achieved, would insure a superior control accuracy com-
pared to accuracy obtainable by subsequent usual survey procedures, such as chaining
(1:5,000) or optical distance measurement by subtense bar or horizontal rod tacheom-
eters (1:10,000).

Monumentation and Survey

The control was established as follows:

A Tellurometer traverse-measuring crew selected sights for placement of secondary
control station markers, erected towers where necessary, measured distances by use
of the Tellurometer MRA-2 in daytime and angles by use of a T-3 theodolite to direc-
tional flash-lights at night. Whenever practical, nondirectional propane gas lights,
which did not need to be attended and well visible at distances as large as 15 miles,
were used at triangulation stations.

A reconnaissance crew determined the location for placement of control point markers
to be coordinate position surveyed by Geodimeter measurement of traverses.

A monumentation crew erected the concrete markers on the spot at the chosen
location.

A Geodimeter crew measured the distances between the traverse station markers at
night. An average of 20 distances from alternate setup points could be measured per
night.

Two theodolite-using crews measured horizontal and vertical angles in the traverse
during the daytime. Only points where targets were farther than four miles away were
position measured by observing on flash-lights at night.

A level crew measured the elevation of some of the station markers and connected
them with the first-order geodetic level network so vertical angle measurements could
be used to compute trigonometrically the elevation of each station marker.
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A field computer checked the measured data and transcribed it onto data input sheets,
which were then given to the University of New Brunswick for processing in an elec-
tronic computer. All survey crews resided in a centrally located camp.

Computation and Filing

A computer program, developed for the LGP-30 electronic computer at the Univer-
sity of New Brunswick, adjusted the traverse in the New Brunswick coordinate system,
using all surveying data. The adjustment provided stereographic and geographic co-
ordinates for each station marker. Also computed and tabulated were adjusted ref-
erence distances and azimuths, scale factors introduced by the adjustment and general,
lateral, and longitudinal precisions of each traverse as well as its closing error. This
information was transcribed onto record cards containing the station marker point
sketch, and filed.

In 1961, the survey hadprogressed from the experimental to the production stage anda
detailed analysis as to cost and accuracy could be made for the 500 station markers set and
surveyed during the year. This comparison was published in 1962 (3, 4). Results
showed operation of the Geodimeter NASM-4B was economical as well as more than
sufficiently accurate. Use of the Geodimeter particularly justified use of zigzag
traverses, which (under the classical concept) never wouldhave been acceptable. The
1961 survey, which was conducted in Western New Brunswick, proved the Geodimeter
to be a highly suitable instrument, although its use at night was inconvenient to the
survey crew. In the survey of 1962, which took place along the Bay of Fundy Coast, it
was realized local conditions of fog and haze were severely limiting the number of times
the Geodimeter could be used. Consequently, at the end of the season, only slightly
more than half as many distances were measured as during the previous year.

While the resultant backlog of unmeasured distances could be removed during winter
months, it was decided to use the Tellurometer MRA-3 for future surveys. The MRA-3,
with nearly the same resolution as the Geodimeter, operates on a 3-cm carrier wave.

It is therefore less affected by reflections causing swing than the Model MRA-2, and
it also incorporates the advantages of being able to measure distances under more
adverse conditions of visibility than the Geodimeter.

TABLE 2
COST ANALYSIS OF NEW BRUNSWICK CONTROL SURVEY*

N No. of Living Materials Amortization Amortization Cost per  Cost per
Cost oi- Maonths  Salary Expenses Mileage and of Equipment, of Vehicles, Total Monument Monument
Factor Men Puring $) B ($) ($) Supplies 10% 25¢ ($) 1963 1961
the Yeur (%) (%) (%) (%) ($)
Reconnaissance 2 4 2,800 400 2,000 50 - - 5,250 8.75 9.00
Monumentation 13 [ 8,500 2,600 1,200 5,000 - 400 17,700 29.50 26,20
Angle measuring T-2 5 4 5,000 1,000 1, 600 10 480 - 8,090 13. 48 14. 20
Distance measuring 4 4 4,200 800 1,200 20 1,100 250 7,570 12, 62 10. 00
MRA-3
Elevation measuring 3 4 3,200 600 320 600 900 250 5,870 9.78 8.50
by leveling, Tower
Bldg., M2
Measurement of
primary
traverses
MRA-2
Administration 5 4 5, 500 1,000 480 30 - 250 7,620 12,10 6.00
Computations using 4] 12 - - - 1,200 - - 1,200 2,00 1.90
LGP-30 electronic
computer
Filing and other 3 o 7,800 - - 150 - - 7,950 13.25 6. 50
office work
Total, 600 3 fulltime 37,000 6,400 6, 800 7,060 2, 480 1,150 60, 890 - -
monuments 30 parttime
Cost per 3 tech, 61, 66 10. 67 11,33 11,77 4,13 1.92 - 101, 48 82.30
monument officers

16 students
14 laborers
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During the 1963 survey, the Geodimeter NASM-4B was replaced by the MRA-3.
Measurements could, of course, now be made during daylight hours, which also would
have been possible by converting the Geodimeter to a Model NASM-4D. But Maritime
weather conditions in New Brunswick favored use of an electromagnetic-wave-using
rather than an optical-wave-using instrument.

Cost Analysis

An analysis of cost incurred in the 1963 operation in comparison with cost of the
1961 survey is given in Table 2, which shows both instruments are comparable.

The increase in cost per monument from 1961 to 1963 is mainly due to use of three
permanent employees in 1963 as compared to one in 1961. This is more desirable for
a responsible operation. Most of the temporary summer employees are surveying and
other engineering students at the University of New Brunswick.

Generally, the cost of a monument will also depend on the monument density within ‘
an area. Because of saving in time, distance, and expense, a monument in urban
areas can be set and position measured cheaper than in desolate regions. In cities,
survey markers set at an interval of about one-half mile will cost $50; set in agricul-
turally used areas at a 1-mi interval, $80; and set in desolate areas, $100 or more.

ACCURACY ANALYSIS

The survey operations from 1959 to 1963 allowed an accuracy comparison for the
following three electronic distance-measuring instruments: Geodimeter NASM-4B,
Tellurometer MRA-2, and Tellurometer MRA-3.

This accuracy analysis was obtained as a by-product of the survey and not as a
separate investigation, which could and should analyze the limitations of accuracy more
carefully. It should be stressed, however, that any large control surveying project
can be considered incomplete if a fairly reliable assessment of accuracy, such as the
one discussed now, has not been obtained.

Internal Observation Accuracy for Distance Measurement

Internal accuracy is obtained by making repeated measurements during one setup of
the distance-measuring instrument. Internal accuracy will reflect all accidental errors
of measurement and field note recording, and a small part of the systematic errors
(swing from the use of various carrier frequencies). For the Tellurometer MRA-2
the standard internal measurement error for the mean out of the 18 finely read meas-
urements distributed over the whole carrier frequency range becomes + 0. 034 m.

For the Geodimeter NASM-4B, the standard error of the mean distance measurement
determined from three frequencies is +0. 009 m. Both values are an average, deter-
mined from 20 measured distances each. The average Tellurometer-measured distance
was 10 miles, and the average Geodimeter-measured distance was 2 miles.

The Tellurometer MRA-3, when distance measurements are made 20 times at 10
regularly distributed carrier frequencies (cavities), has a standard error of +0.013 m
for the mean of the distances when measured from one or the other instrument.

Both sets of measurements, however, showed a constant delay difference of 0.038 m
+0.012 m. Because of this, each distance measurement was repeated from the other
station in the same manner, and the mean of both distance measurements was used.

Thus, the determination of a distance using an MRA-3 measurement consisted of 40
fine readings of the measurements. An identical procedure was used for the MRA-2,
on which a total of 36 fine readings for a measurement was made.

Internal Accuracy of Distances Under Different Meteorological Conditions

The MRA-2 measurements gave a standard error of + 0. 163 m determined from the
double measurement of 10 distances averaging 24 miles in length. This amounts to a
precision of 1:235,000. Because different meteorological conditions cause a variation
in the velocity of propagation of electromagnetic waves, this ratio is more indicative
than the absolute amount of the error.
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TABLE 3
DISTANCE MEASUREMENTS ON THE PRIMARY GEODETIC SIDE GREER-CARSON

Method of Difference from Difference Irom
; Distance Geodetic Measured - NASM-4B Measured _—
Distance : Precision . Precision
Measuarin (ft) Distance Distance
. (m) (m)
Geodetic 62,069. 26 +0.226 +1: 84,000
MRA-2 62,070. 51 -0, 381 -1:50, 000 +0, 091 +1:207, 000
NASM-4 62, 070. 00 -0, 226 -1:84, 000
MRA-3 62,070. 81 -0, 472 -1:40, 000 +0, 241 +1: 72,000
—: : —
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Figure 1. Triangulation sides measured by Tellurometer MRA-2 (Precisions).

A similar comparison was made for the Geodimeter NASM-4B and the MRA-3. The
results are NASM-4B: +0. 018 m for an average distance of two miles, 1:178, 000; and
MRA-3: +0. 035 m for an average distance of one mile, 1:45, 000.

The precisions, however, are not indicative in this case, because the distances are
too short. Both centering and internal observation errors will tend to overshadow the
effect of the meteorological conditions, which according to literature (5, 6) should be
less than 1:200,000. Reference to this is made later. -

Absolute Comparison

One line of the primary geodetic network, the line Greer-Carson, was measured
by all three instruments. Table 3 gives the comparison.

There is close agreement between the measurements made with the NASM-4B and
MRA-2 instruments. With respect to the geodetic measured distance, all electronic
instrument measurements are too long. There may be three main reasons. First,
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the instruments could have a wrong crystal calibration of the modulating frequencies.
Second, the meteorological data assumed along the path were incorrect. Third, the
geodetic network is systematically distorted.

That the latter may be valid is indicated by a systematic pattern which prevails in
the remeasurement of geodetic distances by use of the MRA-2 (Fig. 1).

Accuracy for Angles

Observing accuracy of the mean of eight sets of angle measurements for one direc-
tion was = 0. 6 second with the theodolite Wild T3, while an accuracy of +0.7 second
was attained in use of the Wild T2 theodolite. Effects on the closure error (+ m) in
traverse surveying by this high accuracy in measurement of angles will only be sensible
if provisions are taken for proper plumbing and centering of the theodolite and the
sighting targets used.

Due to improper centering of the instrument by + my and of the sighting target by
+m7, a standard error ma for the observed angle will result. Its value in seconds is

z
mr
me = £=/m? + (arc sin [")2 - mZ » ——E (1)

~n

dj

This will require that forced centering be applied for the observation of angles if the
distance between instrument and sighting target is less than one mile. In this procedure
the targets and the theodolite are interchanged, while the tripods remain fixed. Be-
cause the requirements are not as critical for distance measurement, distances are
more economically measured as a separate operation.

T-2 traversing equipment in conjunction with optical plumbing should be used for
making angle measurements when the distance between points ranges to three miles.
For distances longer than three miles, flag targetting becomes permissible for tra-
verses. Betterthanflags are steel poles with metal cross-wings attached to the top.
The poles are fastened to the ground by wires, which facilitate plumbing. Inasmuch
as angular errors do not accumulate in triangulation, centering specifications need
not be as rigid in a triangulation or trilateration network.

Traverse Adjustment and Traverse Closures

The discrepancies shown in Figure 1 represent systematic scale errors. If traverse
are to be applied they can be eliminated by choosing a traverse adjustment procedure
which will allow for a conformal change of coordinates between beginning and end points
(Band E). After distributing the angular closure, the coordinate differences (A x and
Ay) can be distributed. If the approximate coordinates are designated as:

X, Xg + E dj- sin e (2)
j=B

n

and

=
T=VB +2 dj-c05n‘,j (3)

the adjusted values become:

7+ DX (Re=Xg) + DY)

Xi = Xj+ — 5 = A, AX(YF-YB)—A)!(YF—XB) -
(Xe =Xp)* + (% - ¥p)

. (4)
(R'F_XB)Z + (YF_yB)z I yB)

(X;=Xg) +



. AX(Xp =Xg) + AY(F-Yg) o
yl - y| + ()—(F—Xg)z + (FF— yB)z (yi yB)

~ AX(T: = Yg) +AX(Ke-Xp) o
(X ~Xg) % + (Ve - ¥p)° (i %) e

dj resembles the distance, starting from point j and «j is the azimuth of this distance.

The closing error will be expressed as:

2 o =2 (6)
and it can be split up into its longitudinal and lateral components, A1l and Aq:

Al = AX(Xp—Xg) + AY (Y - Ya) o)

'\/(YF'XB)Z + (YF_yB)Z

Ad = AX(Ye-Yg) — AY(Xe=Xp) -

Terms also referred to are as follows:

e 3 o8
I/® B pmr—— ) as general precision,
9j
1=8

I/© = Al y as longitudinal precision, and

YXe=Xg)? + (=Y5)?
R = at > as lateral isi

precision of a traverse.
V(XE—XB)Z + (Ye—Yp)*

The general precision refers to the distance actually measured and its errors,
whereas longitudinal and lateral precisions refer to the geometrical relation of starting
and ending points and are thus more suitable for an assessment of the accuracy within
the traverse network. If systematic scale errors are present, then these will affect
the longitudinal precision only. The adjustment procedure, however, eliminates their
effect completely. More indicative for the overall accuracy of a traverse network is
thus the lateral precision, unless all measured distances, dj, can be referenced to the
scale of the primary triangulation network in the area. This can be done by applying
a systematic factor to the measurements, further to reducing a distance for slope,
elevation above sea level, and the projection system.

The magnitude of the closing error, its components, and its precisions will generally
depend on a number of factors, such as the length of the traverse, the bending of the
traverse, the number of measurement segments in the traverse, the order of a traverse
within the network (primary, secondary, etc.), and the shortest leg of the traverse, to
name but a few. The values for the various traverses of the network can accordingly
be analyzed to find indications of how to improve the procedure. Figures 2 to 6 show
such an analysis. The examples are only given for lateral precisions for traverses
measured by the various instruments.

The various traverse precisions obtained in the New Brunswick survey are given
in Table 4.
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TABLE 4

Instruments 1/P 1/L 1/Q

Tellurometer MRA-2
(from 11 traverses)

Geodimeter NASM-4B
(from 106 traverses) +1:37,700

Tellurometer MRA-3
(from 31 traverses)

£1:65,000 +1:88,000 +1:70,000
+1:34,000 +1:54,000

+1:42,000 +1:46,000 +1:42,000

These precisions are based on an average closing error, which is % of the standard

error, and represent discrepancies before the adjustment.

point will be considerably smaller.

The standard error of a

A more accurate assessment of accuracy can still be obtained from a least squares

adjustment of the traverse loops.
point accuracies.

The various-covariance matrix will then represent
At present, neither the adjustment involving the setup and solution

of hundreds of normal equations, nor an analysis of point accuracy was considered
necessary or feasible for the 1:20, 000 survey accuracy objective.

Beyond any doublt, use of Tellurometer or Geodimeter provides a more economical
and more accurate multipurpose system of survey control than any other previous
method of making the essential measurements.
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CONTROL FOR PHOTOGRAMMETRIC WORK IN THE ROCKY MOUNTAINS

Providing control for photogrammetric work in specific areas is distinctly different
from establishing a plane coordinate system of basic control. The aerial photography
coverage will determine the location and the density of points for which position must
be measured. The type and scale of the photography and character of the topography
will determine how the ground control is to be established. Various papers have been
written on the subject so it is possible for the author to restrict himself to the task of
providing control in the high mountains for mapping using photogrammetric methods.
The survey and mapping project was undertaken to determine glacial retreat and volume
loss. The work was done jointly by the University of New Brunswick and the Department
of Northern Affairs and National Resources, and was supported in part by the National
Research Council of Canada.

In the actual case, control was provided for making a terrestrial photogrammetric
research survey of the Saskatchewan Glacier in Alberta. The control surveying prob-
lems would not have been different basically for establishing ground control for aerial
photogrammetric work in the area.

The Saskatchewan Glacier is nearly 15 miles long. It is part of the Columbia Ice-
field, which covers an area of 100 square miles along the British Columbia-Alberta
boundary. The mountain tops are at elevations above 11, 000 feet and the valleys extend
down to an elevation of 6,000 feet. The only road of the area, the Banff-Jasper High-
way, passes three miles east of the toe of the glacier. The toe itself can be reached
by four-wheel-drive vehicle on a barely passable trail.

Over such inaccessible terrain, the making of control surveys using electronic
distance-measuring instruments has not been done before except when survey equip-
ment and personnel were transported by helicopter. The weight of the Geodimeter or
Tellurometer and their accessories are prohibitive for an economical application of
these instruments in the usual manner. Contrary to flat and hilly terrain, triangulation
is still highly competitive in the mountains.

Because a helicopter, particularly for operation in elevations above 8,000 feet, was
far too expensive, this eliminated the use of the Tellurometer.

The Geodimeter has an advantage over the Tellurometer. As compared to both
Tellurometer sets, only one Geodimeter unit has excessive weight. Reflector and
tripod can be carried easily by a mountaineer. Eight reflectors (4 housings with 7
prisms and 4 housings with 3 prisms) and ten tripods were available for the survey,
which was conducted in the following way by a crew of eight:

First, station markers were set at the selected control points. Inasmuch as glacial
behavior was to be studied these were not permitted to be on easily accessible moraines,
which partially moved with the glacier, but had to be placed on difficult rocky terrain,
which was stable. These points were selected where they would be visible from a point
accessible by a vehicle, or as close to such a point as possible. They were marked
by bronze plugs, drilled and cemented into rock, because they were to be reused.
Alongside of the plug an eccentric cairn of two to three feet in diameter and five feet
in height was erected out of rocks and painted orange in direction to the terrestrial
phototheodolite photography.

Tripod and reflector were then set on top of the plug. Due to high winds, centering
was difficult, and the tripod legs had to be fastened by heavy rock piles. After the
reflectors were turned in direction to the point from which measurements were to be
made by use of the Geodimeter, the station was left. Eight stations could thus be
erected in two days, encountering mountain hikes of up to 20 miles per day, with two
on the rope.

Second, the Geodimeter station was established in such a way that the equipment
had to be-carried only a minimum distance. In the case of the Saskatchewan Glacier,
this amounted to an elevation difference of 700 feet which was unusually difficult; but
with the help of eight people this was not insurmountable.

For check purposes, a second station 1,000 feet away was selected at about the
same elevation.
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Figure 7. Control survey for photogremmetric mapping of the Saskatchewan Glacier,

Alberta.

By use of the Geodimeter, distances could be measured from both of these stations
during one night, and the horizontal and vertical angles could be measured the following
morning. It is significant that the distance check could be provided without having to
reorient the reflectors.

Remeasurement of the eight distances during the following night, despite severe wind
conditions, common for this area, agreed within an average of 1:163,000, the longest
distance being seven miles.

The reflectors and the tripods were then collected. A layout of the survey is given
in Figure 7.

The Geodimeter survey was later extended to connect the survey network of the
Saskatchewan Glacier with that of the Athabaska Glacier, 10 miles to the north. A
trilateration study was included, and a total of 57 distances was measured. An internal
accuracy of 1:182,000 was attained for an average distance of 2, 800 meters. The ex-
ternal accuracy was 1:62,000, primarily resulting from centering errors as large as
+0. 040 meter, which were very difficult to reduce because of the wind conditions. In
all cases, the Geodimeter instrument stations were kept very close to the road, while
the reflectors were carried to the mountain tops, 2,000 to 3,000 feet higher than the
road. For this, a crew of two climbed the mountain in the afternoon, established the
point and set the reflector. The Geodimeter occupied three to four stations during the
night, and subsequent to radio communication the reflectors were reoriented. The
crew camped overnight on top of the mountain and measured angles in the morning.
Results of this research survey will be published at a later date. Measurement lines
on a vertical angle as large as 35° were included in the survey. These could, of
course, be measured only by deliberately tilting the tripod of the instrument, by plumb-
ing its center, and by recording height and eccentricity and making the necessary re-
ductions afterwards.

COMMENTS TO THE APPLICATION OF ELECTRONIC SURVEY PROCEDURES
TO HIGHWAY ENGINEERING

Survey procedures in highway engineering may include conditions such as those re-
ported in this paper. To identify highway engineering survey problems with those en-
countered in making a basic control survey would be incorrect.

In highway engineering there is first the work of surveying ground control for photo-
grammetrically mapping the possible routes at small scale. Second, there is the
work of comparing the route alternatives and selecting a route for the highway. And,
third, there is the work of surveying ground control for compiling large-scale maps
by photogrammetric methods for design of the highway location and preparation of
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detailed construction plans. In some areas, however, preliminary surveying for such
purposes is done by the usual methods on the ground.

There is no question, however, a multipurpose plane coordinate system of control will
make surveys of the first type much easier and less expensive to accomplish. Also
the second kind will be greatly facilitated by having a general control survey system
for originating and closing each highway survey. Whether it is beneficial to use elec-
tronic distance-measuring instruments for making the third type of survey may remain
questionable. The limitation is certainly not accuracy, instead it is cost and time.
Making a measurement by use of an electronic distance-measuring instrument takes
at least 20 minutes, while measuring a short distance by taping or by stadia may be
done in less time.

Reference is made to an interesting article published by Gotthardt (2). He compares
the applicability of the NASM-4 to problems of making a detailed survey where distances
to be measured are only a few hundred feet long. He concludes the strength of making
measurements by use of electronic distance-measuring instruments lies in providing
basic control, but not in accomplishing detail surveys.

If supplemental control is necessary for orientation and use of stereoscopic models
in photogrammetric instruments, the control can be established easily by use of elec-
tronic surveying instruments, as indicated in Figures 8 and 9, if the aerial photography
scale is not too large. The limiting scale for such photography is yet to be established.
For photography scales of 1:2, 400, optical distance measuring might be more com-
patible to both taping and electronic surveying techniques.

Regardless of this, electronic distance-measuring instruments should be used to
supercontrol these surveys, so the geodetic principle of working from large areas
down to the small areas should be fulfilled for the benefit of maintaining order and
reliability. Only then can a survey be termed as being truly professionally done and
of service to the general public.
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sHIGHWAY DESIGN is a complex and integrated activity, and highway surveying is

no exception. Different kinds of methods have to be employed simultaneously to
achieve the desired results and to keep pace with the other phases of national produc-
tion. These methods include surveys made in the usual manner on the ground, made
by using aerial photogrammetry, and made by using electronic distance-measuring
instruments; all of which are supplemented by use of high-speed electronic computers.
To fulfill the demand for mass production, such methods must be harmonically or-
ganized among each other. Therefore it is necessary to have full knowledge of the
nature of the methods as well as full knowledge of error propagation of the different
methods. This paper contains an analysis of the methods from the error propagation
point of view, providing mathematical and practical examples. All practical examples
mentioned were sponsored by the Ohio Department of Highways.

AERIAL TRIANGULATION IN PRELIMINARY SURVEYING

One of the most discussed methods is aerial triangulation, which was not able to
provide the required high accuracy for detailed preliminary location surveys. But
relatively low accuracy is required in the reconnaissance stages of route surveys.
Consequently a less accurate method, such as aerial triangulation, can be introduced
to this phase of activity. An aerial triangulation method using double projection pho-
togrammetric instruments (Kelsh type) has been investigated and published (12). This
publication contains information about strip aerial triangulation by use of a double
projection instrument. The photographs were taken at a scale of 500 feet per inch
using a K-12 aerial camera.

The photography strip contained six stereoscopic models and was controlled at the
beginning and at the end of the strip. The average standard residual error of a point
was found to be + 1.0 feet and the average vertical error was about £0. 6 feet. This
favorable error propagation makes it possible to compute the maximum bridging
distance by use of the following empirical equation.

mp = h N/I\Tmpo (D
in which
mp = standard residual position error (in meters);
h = flight height (in kilometers);
N = number of stereoscopic models;
mp, = standard residual position error in meters for N = 1, which can be

computed using the equation: mp, = m, My, in which My, is the scale of

the stereoscopic model, and my = standard error of observation.

Paper sponsored by Committee on Photogrammetry and Aerial Surveys.
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Using the preceding equation, an example can be computed. If the desired horizontal
accuracy is not greater than +2 feet and the mapping scale is 200 feet per inch, the
number of stereoscopic models usable for the aerial triangulation would be about six,
and the bridged distance would be about ten miles. Two conclusions can be drawn.
First, the employment of aerial triangulation would provide about 40 to 60 percent
savings in the ground control measurements required. Second, the derived mathe-
matical equations indicate 1:10, 000 relative accuracy would be suitable for ground
surveyed control, because the previously mentioned + 2 -ft residual error in a distance
of ten miles is representing about 1:26, 000 relative accuracy. But before the final
answer would be given to the question, how accurately should the ground surveyed
control be measured, it is necessary to analyze the surveying for right-of-way ac-
quisition and determine what maximum accuracy is needed.

MEASUREMENT BY PHOTOGRAMMETRY FOR RIGHT-OF-WAY ACQUISITION

Several attempts have been made in the United States, as well as in foreign coun-
tries, to employ photogrammetric methods to solve right-of-way problems. Most of
the methods can be classified as graphical, which have their limitations. A map com-
piled by photogrammetric means usually contains three categories of errors (including
photographic, plotting, and measurement) which get into the right-of-way data when
measurements are made from the map. If a computational method is employed, the
measurements required for right-of-way computation are not obtained from the photo-
grammetrically compiled map, but are measured on the stereoscopic model in a pre-
cision photogrammetric instrument. In this case, the measurements are free from
map plotting errors as well as from the errors in measurement, and the photographic
errors can be corrected for mathematically.

This possibility was investigated and the mathematical conception of the method has
been published (E). In this method the stereoscopic model coordinates have been ob-
served and corrected by use of the following equations:

'

xl xl-_x Xn X"—- V n_
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in which Xp and Yp are the correct stereoscopic model coordinates of a point, and

X'p X”P and Y'p Y’p are the coordinates measured on the normal and on the pseudo

stereoscopic model.

The correction of the coordinates in the stereoscopic model by use of the equations
leads to the result which indicated about 40 to 50 percent improvement in accuracy.

Eight different stereoscopic models were examined, and the results indicate the
increase in accuracy is about 45 percent in both X and Y coordinates as well as in Z.
These photographs were taken of the camera testing area of U.S.C. & G.S. in northern
Ohio with a Fairchild F-501 (6-in. focal length) camera at the scale of 1:12,000 (1, 000
ft per inch), and the stereoscopic model scale was 1:5,000. Targets were placed on
all of the examined points before the photographs were taken, and their ground position
coordinates were obtained from U.S.C. & G.S. in State Plane Coordinate System of
Ohio. The measurement of coordinates of the control points in the stereoscopic mod-
els was done with Wild Autograph Model A7, and orientation of the models was ac-
complished by use of optical-mechanical orientation methods in the usual manner.

The residual position error of a point was found to be +19 c¢cm or 0. 62 ft without
correction, and about 13 cm or 0. 43 ft with correction. The average residual error
in elevation was found to be 1:7,000 of the photography flight height without correction
and 1:13, 000 after using the correction equations.
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From these results a conclusion can be drawn. It is possible to achieve high ac-
curacy by use of computational photogrammetric methods. Also this accuracy is
suitable for solution of right-of-way problems, especially when it is realized the scale
of these experimental photographs was 1,000 feet to one inch and the desirable scale
for right-of-way measurement and description purposes would be 200 feet per inch.
One could expect the maximum error to be reduced to 0. 2 of a foot if the photography
scale is 200 feet to one inch.

Such a result must be further analyzed because the residual error introduced by
photogrammetry combines with the error in ground surveyed control.

Derivation of Error Propagation Equations

By having the correction equation, the error propagation in coordinates of the
stereoscopic model can be derived. According to the error propagation law of the
least-square theory, the standard error of a function is

P8R e + (8% ) + (B ) @

if the function is X = F (xyz), in which x, y, and z are the variables.
Substituting the partial derivatives obtained from the correction equation the final
equations in simplified form become

2 2 2
X'y 2 X! 2 Xp =X 2
P = )+ (G ) + G ) + (™ o) (5)
2 W2 B

Yp u I 7 (YP -Yp

Ayp (,MY';,)2 3 (ﬂ-,LLY.F.))2 () o ) (6)

and the standard position error of a point in a stereoscopic model is

P:W (1)

Using such examples the following result has been obtained: “Xp = 10 microns,

py = +12 microns, and py, = +16 microns.
P

Multiplying the standard position error by the 1:5,000 scale of the stereoscopic
model the average standard position error is pp = +8 cm or about 0. 26 ft.

Upon analyzing the average standard position error, it is evident such an error is
much smaller than the average standard residual position error computed by using the
actual errors. The difference is about £6 cm or 0. 2 ft approximately. This is a clear
indication a measurable error exists in the final result, which is due to causes other
than photogrammetry. Consequently the result had to be given further analysis.

For the numerically achieving absolute orientation of the measured stereoscopic
models, three control points have been used. The average distance between these
points is about 1, 300 meters. According to the U.S.C. & G.S. information, the co-
ordinates of ground surveyed control points have been determined from second-order
traverses attaining a relative accuracy of 1:25, 000, which represents 5.2 cm or about
0.16-ft error at the distance of 1, 300 meters between control points. This relative
error corresponds well to what was obtained by theoretical consideration.
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The conclusion can be drawn that the standard position error of a photogrammetri-
cally determined point includes the errors of photogrammetric procedures as well as
the errors of the ground survey. Therefore the ground control cannot be assumed as
practically errorless as is the custom in common practice today.

The error propagation equations, including both ground and photogrammetric sur-
veying, have been derived but do not represent high practical values because they are
too complicated. They can be replaced by more practical equations, and the following
is recommended for practical use:

fPE \/(7%- Mu) + (ORg) (8)

in which pp is the standard position error of a photogrammetrically measured point,

d is the diameter of the measuring mark of the instrument in space at the stereoscopic
model scale, My is the scale of the stereoscopic model, D is the average distance be-
tween points, and R is the relative accuracy of the control points.

This equation has been checked, and proved to be accurate within about +10 percent
for Wild Autograph Model A7, used by an experienced instrument operator. By using
the equation, if the standard position error is given by a specification, as in the case
of right-of-way surveying, the relative accuracy required in the control survey can be
precomputed for the desired photography scale.

ERROR PROPAGATION IN PHOTOGRAMMETRY AND ELECTRONIC SURVEYING

The error propagation in photogrammetry is homogeneous or uniform, which means
if a photogrammetric error is +0. 3 feet the error remains the same regardless of the
distance between points.

It is a well-known fact the magnitude of an error in conventional surveying increases
with the distance between points of measurement. Therefore the specifications usual-
ly given in relative accuracy, such as one in ten thousand, etc., are ideal to the nature
of conventional surveying.

But the two errors, namely the error of photogrammetry and the error of conven-
tional ground surveying, are completely different in nature and the final result is con-
sequently unfavorable. The most important part of this situation is that the combina-
tion of these two kinds of errors can result in systematic errors, which cannot be
avoided within a desired economy, because higher degrees of accuracy would unfa-
vorably influence the surveying cost, unless an entirely new method is used. This
new method is electronic surveying.

Electronic surveying is based on the fact the velocity of the electro-magnetic waves
and of light rays is known. Thus the elapsed time during which the rays travel from
one point to another and return is measured, and the distance computed from such
measurements. Consequently, the error of an electronically measured distance is
composed of the error of the velocity of the electro-magnetic waves or light rays and
the error in time measurement. The error of the velocity is dependent upon the me-
trological circumstances, which can be corrected by the measurement of temperature,
barometric pressure, and the humidity. After the correction, the residual error can
be assumed to be constant. The error in the time measurement depends on the in-
strument in use and for a particular instrument it is constant. Consequently, the
error in an electronically measured distance is constant regardless of its length. In
other words, the error propagation in electronic surveying is homogeneous, such as
in the photogrammetry. It is clear the combination of electronic surveying and photo-
grammetry is ideal.

ELECTRONIC SURVEYING TRAVERSE COMPUTATION WITH LEAST
SQUARE ADJUSTMENT

Preliminary surveying executed by photogrammetry indicates a relative accuracy
of 1:10, 000 is suitable for ground surveying. Right-of-way application indicates the
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relative accuracy of a ground survey should be about 1:25, 000 to 1:50,000. To reduce
the number of field measurements it is evident the different accuracy requirements
must be combined into one, so each field measurement can be used for different pur-
poses. This combination requires: first, the use of permanent station markers on
which appropriate targets are centered before photography, and second, a universal
measuring system which could be already available in the State Plane Coordinate Sys-
tem. The accuracy, or more specifically, the correct orientation of a4 measurement
can be increased by computation. Least square adjustment is suitable for this purpose.

A suggested method for traverse computation by the least square method is sub-
sequently given., It may be assumed that a traverse is measured between A and B
triangulation points (Fig. 1), and the plane coordinates of these triangulation points
were known previously. During the traverse surveying procedure accidental errors
are introduced in the separate measurements as well as in the angle measurements.
Due to these errors, the terminal B point is dislocated to B’. If the traverse has
previously been computed or an azimuth has been measured, the ¢: angle (which is the
azimuth of AB line) can be obtained by computation or measurement. Knowing the angle
©1, the other azimuth angles, such as @23, etc., can be computed.

One condition equation can be written such that the sum of the projected traverse
segments to the AB direction is equal to the D distance, computed from the plane co-
ordinates of triangulation points A and B; mathematically,

di cos @y + ds cos @2 + ds cos s + da cos s + ds cos s = D (9)

Actually this equality does not exist because of the introduced small accidental errors.
A small correction must, therefore, be added to the traverse segments and the angles
to fulfill the condition equation, as follows:
(dy + V1) cos (o1 + Bp) + (d2 + V2) cos (02 + o + Day) + (ds + V3) cos
(s + A+ Doy + Acz) +(da+ Va) cos (pa + Do+ Bag+ Doz + Dag) + (ds + Vs) (10
cos (ps + Bp + Aoy + Bz + Bas + Bay) =D = 4f (X, - Xg)* + (¥, - Y)*

in which
Ap = correction to the initial azimuth,
Aa = corrections to the measured angles, and
V = corrections in the traverse segments.

Realizing that

cos (o + Ap) = cos ¢ cos By - sine sin B¢ (11)
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and because Ao is very small, thereby making cos 8¢ =1 and sin b = beo:
cos (0 + Ap) = cos @ - Ay sin o (12)

Substituting these into the condition equation the coefficients of A¢p become zero.
To simplify the preceding equations, the following notation can be written:

d» sin @2 + dz sin @3 + da sin 4 + ds Sins = Ny
ds sin @3 + d4 Sin @4 + ds sin ©os = N2

d4 sin ¢4 + ds sin s = N3

ds sin s = Ng

cos Y1 = a1

COS 2 = a2

COS 3 = as

Using these new symbols, the equation becomes;

N,
ar Vi + ax Ve + a3 Va + a4 Va + a5 Vs + A0117+A0£2

N, N N (13)
—t+bas 2+ by 2+ W=0
p o )

in which

e
w

In this problem, angles and distances are adjusted at the same time. Thus it must
be assumed the measured angles and distances are weighted differently. Weights for
measured distances are

206264. 8, and
(dicose¢i+ dacos @z + ... +ds cos os) = D.

2 2
P =—f—, P L
1 u’d1+ 1 1

and the weights for measured angles are

2 2
P =.9_. P :.g_

o 2 ’ P) )
1 ual ¢33 o,

etc.

in which p*'s are the standard error of individual measurements, and C? is an arbi-
trarily chosen number depending on the computational convenience. Combining these
equations, the normal equation is

S ~lk+W=0 (14a)

From the normal equation

k sto——m———aee (14b)

(In these equations the brackets represent the sum of the products.)
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By knowing k, the corrections are computed in the following way:

N,
a1 P
V. =5—Kk Doy = k
Pd1 Pal
Na.
dz o
Vo = k Doy = 5— kK
sz Pa2
Nn.
V, =Pk o = p— K
d o
n i}

The corrected angles and traverse distances are computed algebraically by adding the
appropriate correction to the corresponding distances and angles. Because the cor-
rected angles and distances are known, the traverse can now be computed with no dis-
crepancy between points B and B’.

By employing such a computation procedure and the electronic surveying, a rela-
tive accuracy of 1:100, 000 can be achieved easily which fulfills any requirement.

CONCLUSIONS AND RECOMMENDATIONS

The following conclusions result from the experiments and mathematical considera-
tions.

1. Employment of electronic surveying in connection with the establishment of
control for photogrammetric purposes is ideal.

2. Permanent use of station markers and targeting them before photography is
taken are recominended for electronically measured traverses.

3. Use of State plane coordinate system is recommended.

4. A consequence of utilizing recommendations numbered 1, 2, and 3 will be, within
five to ten years, a large amount of field control established throughout a State con-
forming to the accuracy of second-order triangulation. The increase in control points
will occur as rapidly as precision surveying is done photogrammetrically without hav-
ing any more than the minimum number of field surveyed measurements. Consequent-
ly, the use of this procedure will be highly economical.

5. Further investigations are required in: (a) aerial triangulation for precise sur-
veying, (b) application of numerical photogrammetry for right-of-way land acquisition,
and (c) specifications for ground surveying in which the new advanced methods are to
be employed. Such research could be combined into one large research project and
could result in a manual for modern highway surveying and an evaluation of methods
and instruments.
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Use of Modern Measuring Devices for
Establishing Designed Alignment

H. L. BRANTLEY and J. E. NEWMAN
Illinois Division of Highways

eTHE Illinois Division of Highways purchased an MRA-1 Tellurometer in 1958. This
instrument was used to make second-order horizontal control surveys to determine
the position of control point monuments set at an interval of about 3 miles along 750
miles of the proposed Interstate Highways. This work was accomplished by a joint
agreement with the U. S. Coast and Geodetic Survey, U. S. Bureau of Public Roads,
and the Illinois Division of Highways. From the early part of 1959 until late in the
year of 1961, the U. S. C. & G. S. used the instrument almost constantly in this
second-order traverse surveying. There were short periods of time, however, when
the State requested the instrument be made available for surveying basic horizontal
control needed for topographic mapping by photogrammetric methods for highway
ocation and design. Since late 1961, the instrument has been uscd by the State for
ontrol surveys and for checking distances measured by triangulation at major stream
crossings. In highway work, it has been determined the MRA-1 Tellurometer has
certain limitations. The distance to be measured must be long enough to achieve
second-order accuracy. When such limitations are taken into account, unsatisfactory
results are usually caused by something other than the instrument.

This paper is limited to the discussion of two survey projects. The MRA-1 Tel-
lurometer was used on one project and the Tellurometer and Model 4B Geodimeter
were used on the other. These instruments were used primarily to determine the
accuracy in position of control points set along the staked centerline of the proposed
highway.

Since topographic maps compiled by photogrammetric methods were made available
for use by highway engineers, they desired maps of a corridor or band of topography
on which a detailed alignment could be designed, staked on the ground in such a way
the original map would be satisfactory for completion of design and preparation of
highway construction plans, and for computation of construction pay quantities. If
all control surveying and positioning on the ground of designed and plane coordinate
defined highway alignment were accomplished with second-order accuracy procedure,
this system would be entirely workable, but past experience indicates second-order
accuracy is not generally obtained. In fact, second-order surveying methods are not
employed. On the two highway survey projects to be discussed, a different approach
than customary was taken to solve the problems of using the designed location as
accurately delineated on the maps without sacrificing accuracy.

et

METHOD NO. 1

The first highway survey project to be discussed is a section of Federal-Aid Inter-
state 57, 10.04 miles in length. An engineering agreement was executed in February
1962, with a consultant to make the preliminary survey, accomplish the design, and
prepare detailed construction plans. The consultant desired to use aerial methods in
making the preliminary survey. As a result of a conference, in which certain pro-
cedures were agreed on, he was permitted to proceed. The alignment had been tenta-
tively fixed and delineated on an uncontrolled photographic mosaic. The Illinois
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Division of Highways specifications for highway design mapping require the centerline
be targeted at an interval of 400 feet and a profile to be measured on the ground for
indexing the cross-sections when they are measured from the contours of the photo-~
grammetrically compiled highway survey maps. In this instance it was apparent the
tentatively positioned centerline was subject to minor adjustments. Thus the con-
sultant was permitted to survey and target a traverse as much as 300 feet from that
centerline in order to avoid certain obstructions such as timbered areas. The trav-
erse was chosen and surveyed and targets were placed at stations marked with steel
pins which were referenced sufficiently for subsequent recovery. For the topographic
mapping to be done photogrammetrically, the control surveying was done later by the
mapping contractor using third-order methods, originating and closing on U.S.C. &
G.S. horizontal and vertical control. The surveying complied with third-order stand-
ards and a large-scale topographic map was compiled using field-measured elevations
at the targeted stations to strengthen the vertical accuracy near the proposed center-
line. After the map was completed, the highway alignment was adjusted to what was
considered to be the optimum position. The consultant then staked the designed align-
ment on the ground by measuring from certain targeted stations (the coordinates of
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which had been determined by field survey) to positions determined from their coor-
dinates for points on the centerline as designed on the map. It was originally agreed
the consultant would eventually measure a profile of the field-staked centerline and
adjust the cross-sections measured from the map to the field-measured profile (1).
Illinois Division of Highways Specifications for mapping require the consultant to
measure fifteen consecutive cross-sections by precise field surveying methods within
each five miles or portion thereof. Such cross-sections must comply with require-
ments set forth in Section 60 of the Reference Guide Outline. The possibility of slight
discrepancies in position staking of the centerline on the ground created doubt as to
the validity of testing the mapping in this manner. In consequence of this doubt, it
was decided to measure an independent Tellurometer traverse through the U.S.C. &
G.S. Control, some of the mapping contractor's control, and through the consultant's
field established P.1.'s and P.O. T.'s to reconcile the ground positioning of the center-
line with the designed and plane coordinate computed position of the centerline on the
maps. The two Tellurometer-measured traverses attained closures between second-
order U.S.C. & G.S. stations of 1:16,000 and 1:19, 000, respectively. As shown in
Figure 1, the plane coordinate position of points on centerline measured by Tellurom-
eter traverse agreed with the plane coordinate position determined from the map
within 0. 69 of a foot except for one P.I. which disagreed by 1.93 feet (Fig. 2). Ata
point only 1, 681 feet away the mapping company's surveyed control station differed by
1. 21 feet in a similar direction leaving a difference of only 0.7 feet, which indicated
the P.I. had been properly located with respect to the position designed on the map

and thig man nogitignine wags oood locallv. hnt nrnhah‘lv not m:m:w:a]lv as (rnnrl_ asg all

other po 1L1§n:ng was t!z‘.,roughgut the re...:;1 f*ﬂr of the maps. Althouvh the original
control surveying was accomplished to an accuracy of third order or better, it had
previously been determined this large error occurred in the area where the original
control was weakest.

On the basis of results achieved in checking the horizontal surveying, it was de-
cided to ask the consultant to check individual cross-sections in accordance with his
agreement. A total of 31 cross-sections were measured in the field and compared
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with cross-sections measured from the maps. The mean difference between the cross-
sections measured from the maps and the field-measured sections was (+) 0. 25 of a
foot, which was outside the limits set forth in Section 60 of the Reference Guide Out-
line for Aerial Surveys and Mapping by Photogrammetric Methods, 1958. At this

point it was decided the consultant should establish at least one centerline elevation in
each stereoscopic model before attempting adjustment of any cross-section data. Re-
sults of this check indicated a mean overall error of (+) 0,09 of a foot. On the basis

of these results, attempts to adjust cross-section data could not be justified.

METHOD NO. 2

The other project to be discussed presented a different and unique problem. In 1955
an aerial survey company was engaged to map 17.5 miles of US 20 in JoDaviess County.
Two types of topographic maps were compiled. One was a reconnaissance type map
at a scale of 200 feet to one inch containing contours at a 5-ft interval for route loca-
tion purposes. The other was a large-scale map at a scale 50 feet to one inch con-
taining contours at a 1-ft interval for design and preparation of detailed construction
plans. These maps were compiled photogrammetrically using photography taken in
1955, without the benefit of targets.

In 1962 additional control was surveyed by State forces for extending this mapping
to the east for location of an additional section of the proposed road. In so doing, the
traverse was tied to one of the control points used for the original mapping and a
10. 8~ft datum shift was discovered. At this time it was decided additional checking
of the mapping was necessary. A traverse was measured by use of the Tellurometer
through the entire 17.5-mi section and ties were made to several control points used
for the original mapping. This survey also verified a datum shift in control used for
the mapping.

In order to measure cross-sections from the large-scale maps and be assured there
was no appreciable shift in the alignment or the plane coordinate grid, positions from
the plane coordinates were established for centerline points by Geodimeter-measured
traverse. Positioning for these control points on the ground was determined from the
large-scale maps by scaling distances from various planimetric features on the maps.
The Geodimeter-measured traverse was tied to several of the Tellurometer-measured
traverse points through the 17.5-mi area and to additional original control points.

It was decided additional control points used for the original mapping should be in-
corporated into the Geodimeter-measured traverse so further checks could be made
on any datum shifts. Positions determined from the Geodimeter-measured traverse
permitted the accurate plotting of the designed highway alignment on the large-scale
maps and, at the same time, correct for known errors in datum by shifting the plane
coordinate grid on the maps. The primary objective of this procedure was to evaluate
the maps in terms of their suitability for measuring cross-sections from them. The
mapping company measured cross-sections by scaling offsets and interpolating eleva-
tions from the map for a 4.4-mi section of this route.

In the spring of 1963 photography was obtained at the negative scale of 250 feet per
inch using a Wild RC8 aerial camera, for the purpose of checking the maps by photo-
grammetric methods. This checking is patterned after the method reported by Katibah
(2) except new photography was obtained. This photography covered the 4.4-mi section
over which the mapping company had measured cross-sections from the maps. Before
this photography was taken, targets were placed at an interval of 400 feet on the field-
surveyed and staked centerline. The elevation of each target was measured by field
survey. Table 1 contains a comparison of the field-surveyed and staked centerline.
The elevation of each target was measured by field survey. Table 1 contains a com-
parison of the field-surveyed elevations with elevations interpolated, measured from
the contours of the maps. It will be noted the average error is 0.592 feet, and the
mean error is (-) 0,016 feet. In this test the mean error is significant in that it indi-
cates earthwork quantities derived from cross-sections measured from the maps
would probably be correct, because the plus and minus differences are nearly inbalance
for the fifty points tested.
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TABLE 1

COMPARISON OF ELEVATIONS MEASURED FROM MAP WITH ELEVATIONS
MEASURED BY FIELD SURVEY

Targeted Point

Elevation Feet

Elevation Feet by

Difference (ft)

No. from Map Field Survey 5 _
H3 854, 20 854,97 0.77
H4 852, 40 852.92 0.52
H5 860. 30 861, 21 0.91
H6 842, 60 842. 86 0.26
HT7 808. 60 809.09 0.49
HS8 823. 30 823. 88 0.58
H9 808. 00 807.84 0.16

H10 841. 00 841. 66 0.66
H11 820. 80 820. 81 0.01
H19 747,00 747,50 0.50
H20 774,70 775. 00 0.30
H21 763. 60 763. 38 0.22
H22 799. 30 799.16 0.14
H23 789. 40 790. 44 1.04
H24 794. 30 794,75 0.45
H25 78%.20 790,32 1,12
H26 791,20 791,54 0.34
H27 797.00 797. 42 0. 42
H28 774.90 774,07 0.83
H30 724.00 723.73 0.27
H31 665. 90 666.06 0.16
H32 637.50 637. 29 0.21
H33 624.00 624. 84 0.84
H34 621, 70 622. 32 0.62
H35 612. 50 611.84 0.66
H36 677.00 674. 30 2.70
H37 727.95 727.24 0.71
H38 737. 40 737.03 0.37
H39 673. 60 674.14 0.54
H 40 729. 10 727,54 i.56
H41 800.90 801. 36 0. 46
H42 778.00 778.51 0.51
H43 726. 30 725.76 0.54
H44 718.00 719. 62 1.62
H45 714,90 714. 60 0.30
H 46 676. 20 675. 40 0.80
H 47 630. 50 630,72 0.22
H48 602. 30 601. 84 0.46
H 49 601. 30 601. 16 0.14
H50 642, 20 642. 36 0.16
H51 639. 40 639. 52 0.12
H52 687, 60 687.32 0.28
H53 704. 80 704,74 0.06
H54 703.00 702. 23 0.77
H55 701. 20 701. 46 0.26
H56 738. 20 735. 86 2.34
H57 765. 45 766,53 1.08
H58 802. 90 802. 67 0.23
H59 864. 80 865.04 0.24
H 60 900. 45 899. 80 0.65

Total 14. 40 15, 20

Note: Average error 0.592 (ft). Mean error -0.016 (ft).
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Additional checks were made of the cross-sections measured by the mapping com-
pany. This was done by measuring eleven cross-sections from the map in referencing
to the field-surveyed and staked centerline. Figure 2 shows a comparison of four
cross-sections considered typical of the area. The eleven cross~sections remeasured
indicate the field surveyed centerline was properly correlated with the designed cen-
terline in the position intended for it, according to the planimetric and topographic
features of the maps. It further indicates the actual position plotting was correct
within reason. The second check consisted of using two stereoscopic models in the
Kelsh stereoscopic plotter and measuring 17 cross-sections. These cross-sections
were compared with sections measured from the maps by determining the end areas
of each of the two sets of cross-sections. Results of this test were a mean difference
of 0.10 of a foot and an average difference of 0. 64 of a foot, which is well within the
limits set forth in the Reference Guide Outline.

Nine additional cross-sections were measured using a third stereoscopic model;
the results of all 26 cross-sections tested are given in Table 2. This stereoscopic

TABLE 2

COMPARISON OF CROSS-SECTIONS MEASURED FROM TOPOGRAPHIC
MAP WITH CROSS-SECTIONS MEASURED PHOTOGRAMETRICALLY
USING RECENT PHOTOGRAPHY

Stati Area Length of Cross- Mean Error EpEir
- el T Section (ft) (+) (<)

(+) () Avg. Max
712497, 2 130.1 3, 3 370.0 0.27 0.44 1.2
713+98 82.:3 76.4 353.0 0.17 0. 45 1.6
714498 8.7 211.8 359.0 0.57 0.61 2.8
715497.3 53.8 198.4 374.0 0.39 0.67 2.5
716498.5 20.6 116.1 347.0 0. 28 0.39 1.8
717+98.5 78.9 508.4 414.0 1.04 1.42 5.6
718+99.5 252.4 136.2 362.0 0.32 1,07 3.0
719+98.5 331 1 17.6 387.0 0.81 0.90 3.0
720+98. 7 358. 7 33.9 328.0 0.99 1.20 4.8
773498.8 33.3 38.2 272.0 0.02 0.03 1.0
774+98.9 166. 4 64.1 276.0 0.37 0.84 1.5
775498 238.3 2.8 280.0 0.84 0.86 1.6
776+98. 4 244.5 10.0 282.0 0.84 0.90 1.9
T77+97.8 323.2 19. 7 319.0 0.95 1.07 2.7
778+98. 8 376.6 52.8 303.0 1..07 1.42 T D
779+98 172.7 105.7 294.0 0.23 0.95 4.0
780+98.5 232.7 111.6 291.0 0.42 1.18 3.0
781+98. 4 378.1 145.5 298.0 0.78 1.:27 14.7
791497 60.0 51.2 301.0 0.03 0.37 1.2
792496 180.3 74.9 299.9 0.35 0. 85 2.4
793+97 127.2 74.3 299.0 0.18 0.67 2:2
794497 36.8 52.3 256.0 0.05 0.30 1.0
795+97 15.9 63.2 294.0 0.16 0.27 1.2
796498 73.1 25.7 291.0 0.16 0.34 1.8
797+98.5 171.3 1.9 289.0 0.58 0.60 o2
798+98 115. 5 1.7 287.0 0.40 0. 41 0.9
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model contained difficult terrain and a comparison of the elevation field measured for
targeted points with the elevation measured from the map for similar stationed points
of the designed centerline indicated there might be trouble. This combined test does
not meet the requirements set forth in Section 60 of the Reference Guide Outline.

The mean difference for the separate cross-sections of any one centerline station-
ing point was determined by using the algebraic sum of the end areas of the two sets
of sections (the cross-sections measured photogrammetrically were assumed to be
correct) and dividing by the total length of the separate cross-sections. The maximum
difference is the discrepancy between the elevation of points cn cross-sections meas-
ured from the maps and measured directly from the stereoscopic models. When due
consideration is given to the comparison of elevations in Table 1, and the test of 17
cross~sections, there is a strong indication that, if more cross-sections were tested,
the results would meet requirements set forth in the Reference Guide Outline.

The field costs for surveying and staking the designed alignment on the ground were
as follows:

Method No. 1—8398.41 per mile. This work was done by the consultant and these
costs were obtained from him.

Method No. 2—$956. 88 per mile. This work was done by State forces except for
the Geodimeter work which was done by agreement with a consultant. He was paid
$2,998. 71 for this work, which is included in the cost per mile.

No attempt has been made to compare the cost of office computations for the two
methods. The necessary office work to accomplish the staking in Method No. 1
amounts to approximately $100 per mile. At this time we have spent almost this
much per mile in Method No. 2, but have only completed about 4 /> miles. We esti-
mate the cost will amount to well over $200 per mile. Part of this additional cost is
explained by the fact the plane coordinate grid will necessarily have to be shifted some
to make the map good locally throughout the last 12 miles. This will be accomplished
by comparing the original plane coordinate positions for the control with the corrected
positions, as determined by use of electronic and light source distance-measuring
devices.

None of the costs for testing either by field surveying methods or by photogram-
metric methods have been included. It was assumed that, if the designed alignment
were properly positioned, the cost of accuracy tests would be similar regardless of
how the staking was accomplished.

After all the foregoing tests were completed and fully evaluated, the tollowing con-
clusions were made:

1. A field-surveyed and staked centerline can be correlated with the designed and
plane coordinate computed position of the centerline on the maps by using precise
field surveying methods for measuring the plane coordinate position of actual center-
line points when the staking is done on the ground.

2. A topographic map compiled before the designed centerline was established on
the ground can be used for measuring cross-sections.

3. A datum shift can be accurately determined using modern electronic distance-
measuring equipment.

4, Advance targeting on the ground of stationing points on the centerline staked for
the proposed highway (sometimes referred to as a base line) yields more reliable
results at a lower cost than is generally realized where remote control is established
after photography is acquired.
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Idaho Highway Surveys Using the Tellurometer

CHARLES R. SHADE and J. R. CONNER
Idaho Department of Highways

*THE State of Idaho has the mixed blessing of a wide variety of climatic and topo-
graphic conditions, ranging from semi-arid plains and mountains in the south to tim-
bered mountains, fertile praries, and deep canyons of the central and northern por-
tions. The highways range in elevation from 740 feet at Lewiston to 8, 701 feet at
Galena Summit. Many of the highways follow rivers, whereas others cross plains or
climb canyons and traverse mountain ridges or prairies.

Through the years, the survey work for highway projects has been slow and labori-
ous in the rugged canyons and mountains. In past years, many traverses were loose-
ended, some were closed in bearing by solar observations, and some were closed by
costly circuit surveys. Arbitrary plane coordinate systems were used which started
and ended on themselves, with no assurance constant errors did not exist in loose-
ended surveys. As land values increased and surveying errors became more objection-
able, it was evident new methods, tools, and procedures were required.

In 1958 two far-reaching decisions were made in the Idaho Department of Highways,
both of which were made in an attempt to modernize preliminary engineering methods
and procedures. First, it was decided all future survey projects, wherever practical,
would be tied to markers of basic control surveys in the Idaho State Plane Coordinate
System. Second, the location and/or design of future highway projects, wherever eco-
nomically feasible, would be made by use of appropriate photogrammetrically compiled
topographic maps.

The first major step in implementing this program was an immediate agreement
with the U. S. Coast and Geodetic Survey to establish second-order horizontal and
vertical control along all proposed Interstate highway routes with survey stations mon-
umented at an interval of one to three miles. The establishment of this control on the
Interstate System reduced, but did not eliminate, problems encountered in placing
other highway survey projects on the State plane coordinate system.

After nearly a year of using laborious triangulation methods involving short bases
and measuring traverse distances by taping and anglesbyangle-measuring instruments,
it became apparent use of more modern surveying equipment and methods must be re-
sorted to for fulfilling satisfactorily the desire for placing highway survey projects on
the State plane coordinate system. It was decided some type of electronic distance-
measuring instrument would be a natural teammate for use with the 1-sec reading
theodolites already in use by the department. After considerable research, the follow-
ing features seemed desirable for the instrument which should be selected:

1. Portability—the inaccessibility of many survey station markers would result
in the instrument having to be backpacked.

2. Long range—many distances would have to be measured for tying and closing
highway surveys to markers of isolated control points.

3. Ability to operate in nearly all weather conditions—the northern portion of the
State is especially prone to extended periods of fog, rain, and snow.

4. Production—the general plan of future surveying operations was accomplish-
ment of basic control surveying by traversing which would require measurement of
numerous traverse segments per day.

The Tellurometer seemed best fitted for this program, except for its inability to
measure short distances. This handicap could be overcome by taping, by short base
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triangulation, and by employing the subtense bar, as appropriate and convenient.

In the fall of 1959, the department purchased one complete Tellurometer set, Model
MRA 1/CW, with headsets and transistorized power packs. The headsets have since
proved to be a wise investment, being instrumental in boosting the average daily
number of measurements to 14 traverse segments.

The Tellurometer units were checked out locally and, after familiarization, were
taken to an accessible U. S. C. and G. S. first-order base for making measurement
accuracy checks and for possible calibration. The base was accurately extended by
50-ft increments and the total distance measured along this base and extensions. After
reduction there appeared to be a constant error in the distance measurements of ap-
proximately 0.20 foot, always positive. Further checks were made between a series
of U. S. C. and G. S. triangulation stations. These tests confirmed the former findings.
Results of the latter tests confirmed reports which had been previously received from
other highway departments. Tellurometers seemed to have a constant error of ap-
proximately the same magnitude and same sign. It was decided a calibration factor of
-0. 20 foot should be applied to all measurements. Consequently, it appeared possible
to measure short distances and still retain an order of accuracy sufficient for most
highway purposes, one part in ten thousand.

On the first survey project, subsequent to establishing the probability of the error
constant, survey closures were computed using and not using the constant. Results
attained upheld the validity of using the constant of -0.20 foot, which should be sub-
tracted from the slope distance of each measured distance. A recent Tellurometer

Ficld Reduction Computer Program received from the Arizona Highway Department in-
corporates the same constant in its calculatiens. From the first, it was apparent

proper use of the Tellurometer would result in large savings in t1me and money.

Idaho, perhaps due to its rugged topography and sparse population, still has vast
areas containing little, if any, horizontal and vertical control. An example of this is
Owyhee County in the southwest corner of the State. In early 1960, a highway survey
project was initiated for realignment and/or relocation of Idaho 51, which is the only
major highway through this area. It was also desirable to place this entire survey proj-
ect on the Idaho State Plane Coordinate System. Without the Tellurometer or some
other electronic measuring device, this would have required a 40-mi triangulation arc
to make adequate survey ties between the existing Snake River triangulation network to
the Idaho-Nevada State line triangulation network. Due to the nature of the intervening
terrain, a minimum of six to eight quadrilaterals would have been required to complete
this control surveying project. A conservative estimate ot the time required to ac-
complish this type of survey would be two to three months. Instead, a 40-mi Tellu-
rometer and Wild T-2 traverse was measured from U.S. C and G.S. Triangulation
Station SLICK in the State Line Net to Triangulation Station WICKAHONEY in the Snake
River Net. This traverse consisted of making measurements between 19 main station
markers and 13 auxiliary station markers which were tied to points in the proposed
"L" line of the highway location. The Tellurometer work, 32 traverse segment meas-
urements, was completed in 3 days. The azimuths were determined at night by meas-
uring azimuth angles at 12 positions with a Wild T-2 theodolite and using a 5-sec re-
jection limit. All field surveying work on this project, including reconnaissance, was
completed in slightly over two weeks. The azimuth closure, before adjustment was
02 seconds per station and the apparent position closure was 1:80, 455 on U. S. C and
G. S. triangulation stations. In addition to the tremendous saving in time and money,
the Tellurometer-measured traverse had one other decided advantage over a triangu-
lation network survey. It was possible to place station markers of the traverse on or
very nearly on the proposed ''L'" line location for future control in photogrammetric
work, whereas the positions of the triangulation stations would have been dictated by
terrain, as it affected intervisibility and shape of the quadrilaterals.

On several other projects requiring extension of control from station markers in
the basic network established by the U. S. C and G. S., various expedient forms of
triangulation were combined with Tellurometer measurement of traverses. These
triangulation forms, such as trilateration and two-point intersection, also employed
the Tellurometer and Wild T-2. Trilateration by use of the Tellurometer has proved
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to be very successful where weather conditions make angular measurements difficult
or nearly impossible. As a check on the Tellurometer work, however, it is advisable
to measure one angle. Two-point intersections, where azimuths and distance from two
known stations are determined, have proved to be the most desirable method for posi-
tion surveying of isolated control points situated at strategic locations for future ex-
pansion of control for highway surveying, including topographic mapping by photogram-
metric methods for location, design, and preparation of detailed construction plans.

Although extension of basic control and establishment of basic control for highway
survey projects has been a fundamental use of the Tellurometer, by far its greatest
advantage has been in surveying supplemental control for mapping of highway survey
and design projects by photogrammetric methods.

Oneof the early examples of this type of project was the survey made of the Lookout
Pass highway route during the summer of 1960 for determining the best possible loca-
tion for I-90 between Mullan, Idaho and Saltese, Montana. This project, lying in the
heart of the beautiful Coeur d'Alene Mountains in the famous Coeur d'Alene mining
district, was to be a joint project with the Montana State Highway Commission. The
survey study was to include compilation and use of a 200 feet to 1 inch reconnaissance
type topographic map containing a basic contour interval of 10 feet. Montana was to
fly the route and take the photography and to compile the maps because, at the time,
Idaho did not own any precision photogrammetric instruments. Both States, however,
were to survey all necessary ground control in their respective areas of jurisdiction.

Idaho's segment of control for the route was approximately 8 miles long and 3 miles
wide at its widest point. A deep canyon traversed its entire length from east to west.
While being a tremendous tourist attraction, the area did not readily lend itself to any
of the conventional methods of control surveying on the ground. It was therefore decided
all control survey planning, both horizontal and vertical, should require fullest possible
utilization of the Tellurometer and the Wild T-2 theodolite.

A careful and thorough study of the aerial photographs resulted in a plan for supple-
mental control containing nearly 60 image points for horizontal and 100 image points
of vertical control. The points where images were selected for vertical control ranged
in elevation from 3,000 feet above sea level in the bottom to 6, 000 feet above sea level
on either side of the canyon, with all possible passes being at an elevation of approxi-
mately 5, 000 feet.

The extremely steep and rugged north side of the canyon, having been a portion of
the area burned by the Great Kellogg fire of 1910, contained considerable low brush
but very little timber. It was also nearly devoid of any roads or trails negotiable
by anything other than a four-wheel drive narrow-track jeep. On the other hand, the
south side of the canyon was heavily timbered and contained a fairly complete network
of roads and trails, including present US 10, the Northern Pacific Railroad, and
numerous Forest Service and logging roads. The south side of the canyon also contain-
ed all of the available vertical control and the bulk of horizontal control established
by the U. S. C. and G. S. under the 1958 agreement.

The first step in surveying supplemental control for this project was to extend the
horizontal control to the north side of the canyon. This was done almost entirely by
two-point intersections using the Tellurometer to measure the distance and the T-2
theodolite to measure the azimuth angles. After a basic network of control comprised
of strategically located points on the north side of the canyon had been surveyed, the
supplemental horizontal control was measured to the objects of which the photographic
image points were selected by making two-point intersections or by measuring short
traverses with the Tellurometer. On this project all attempted measurements with
the Tellurometer were accomplished successfully.

Simultaneously with this extension of horizontal control, two level parties were busy
measuring the elevation of bench marks along the bottom and along roads and trails on
the south side of the canyon. An elevation of additional bench marks along the top of
the ridge on the south side of the canyon was also measured. These latter bench marks
were later used to extend the measurement of elevations across the canyon by means
of Tellurometer-measured distances and vertical angles measured by use of the Wild
T-2 theodolite.
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By this method of vertical control extension, the Tellurometer was used to measure
distances from at least two points of known elevation on the south side of the canyon to
the object or point for which a photographic image had been selected to serve as a ver-
tical control point on the north side. Reciprocal vertical angles were then measured
with a T-2 theodolite. If possible, these reciprocal measurements were made simul-
taneously. On some occasions, however, several hours duration occurred between
making the separate vertical angle measurements. The ground points for which images
were selected to serve as control points ranged from 500 to 2, 000 feet higher in ele-
vation than the nearest bench mark in the canyon bottom and were from one to three
miles away (horizontally) from the points of known elevation on the south side. In all
instances, the two or three independent elevations thus established for each selected
image point agreed within one foot, thereby making them entirely acceptable as pass
point elevations for leveling and orienting to scale the stereoscopic models used to
photogrammetrically compile the maps. If conventional methods of differential leveling
had been used to measure the elevation of these supplemental control points, some of
them would have required 100 to 200 setups of the level for just one direction on the
circuit. A conservative estimate would be an average of from four to five hours of
survey party time were saved by use of the Tellurometer in measuring the elevation of
each of such vertical control points.

It is also doubtful if any more accurate results could have been consistently attained
by differential leveling. In all, the elevation of 37 vertical control points was meas-
ured in this manner, resulting in a possible net time savings of approximately 160
crew hours, or 20 crew days.

In surveying the supplemental horizontal and vertical control for this highway mappir
project, approximately 80 traverse segments were measured by use of the Tellurometer
without rejecting a single measurement. Ten men with two sets of level surveying
equipment, two Wild T-2 theodolites, and one Tellurometer set completed surveying
control for this highway mapping project in six weeks. This time included reconnais-
sance, selection and circle identification of selected image points, all field surveying
work, and completion of all field computations.

Upon request from the Surveys and Plans Engineer, a close estimate was made of
the apparent savings in time and money made possible with the aid of the electronic
distance-measuring equipment. A conservative estimate indicated an approximate
savings of 25 survey crew days at a minimum cost of $200 per day, comprising a total
savings of nearly $5,000. This savings on one project would make reimbursement for
one-halt the initial cost ot the T'elilurometer equipment.,

As previously mentioned, the reciprocal vertical angle measurements were not
always performed simultaneously on this project, yet no apparent loss of accuracy was
indicated. This can probably be attributed to the exceptionally stable atmospheric con-
ditions encountered while the measurements were made and to the dense tree coverage
over most of the area. Consequently, the vertical refraction was reduced to a mini-
mum. Such conditions did not occur on some subsequent highway survey projects, as,
for example, the Mountain Home to Bliss project surveyed in the fall of 1960.

The latter highway survey project was to consist of reconnaissance type mapping at
a scale of 400 feet to 1 inch with a basic contour interval of 10 feet. Its locale lay
almost entirely within the arid to semi-arid region bordering the north bank of the
Snake River in south central Idaho. The topography of this portion of the State con-
sists chiefly of large sage brush covered prairies which are cut by deeply eroded can-
yons. The canyons are generally topped by nearly insurmountable rim rock cliffs.
While the humidity over large portions of this area remains exceptionally stable, be-
tween 15 and 25 percent, the temperature range is extreme. The temperature may
vary from a high of 120 F at 2 PM, to a low of 60 F at 2 AM. Even the temperature
from sunny areas to shady areas, caused by intermittent cloud coverage, may change
as much as 20 to 30 degrees. Perhaps this extreme range in temperature causes suf-
ficiently large variations in the vertical refraction as to make it necessary to accom-
plish all reciprocal vertical angle measurements simultaneously. This limitation,
however, did not reduce the effectiveness of the Tellurometer and Wild T-2 theodolite
combinations in surveying accurate supplemental vertical control over a very wide
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area at minimum cost. This method was used to measure the elevation of 81 vertical
control points with sufficient accuracy. All vertical angles were measured by simul-
taneous reciprocal observations.

Also, on this project another variation of triangulation was developed for use of
electronic distance-measuring equipment. Three of the prime, most strategically
situated U.S. C. and G.S. Triangulation Stations, were either impossible or ex-
tremely difficult to occupy. One station was an airway beacon, another was located
on top of a mesa completely surrounded by a rim rock cliff 60 feet high, and the other
entailed a long rough jeep ride followed by a difficult hike on foot.

To fully utilize these strategically positioned stations without having to occupy them,
with either the T-2 theodolite or the Tellurometer, two men, traveling very light, were
sent to each station for the purpose of building a signal on it. This work was completed
in one day with a minimum of effort. For the next several weeks, these stations in the
basic network of control were utilized for surveying position and computing the State
plane coordinates of approximately 40 image points without having to return to any of
the three stations. In computing plane coordinates for each image selected to serve
as a supplemental horizontal control point, one of the nearly inaccessible stations was
used in conjunction with an easily accessible basic control point. The distance be-
tween the ground point imaged on the photographs and the accessible control point was
measured with the Tellurometer and the angles at these two points were also meas-
ured to the signal on the inaccessible point. This procedure resulted in two known
angles and two known distances (one computed and one measured) for each triangle.
These data were sufficient for solving the triangle as well as for checking the results
of the survey.

Since then this method has been used on other highway survey projects in proximity
to which water towers, smoke stacks, radio towers, and similar objects were markers
of basic control points established by the U.S. C. and G.S.

During the three and one-half years in which the Tellurometer has been in use by
the Idaho Department of Highways, it has also proved to be extremely valuable for
making survey ties between highway survey projects and land subdivisions, land sur-
vey section corners, and quarter corners, etc., for right-of-way purposes. In making
ties to basic control for highway route mapping for design and for other highway sur-
vey purposes, these ties to land survey corners more often than not occur in some of
the most rugged terrain where making such ties by conventional surveying methods
would be extremely laborious and time consuming.

Within the past two years surveys made by the department with the Tellurometer
have become more and more closely allied to the department's electronic computer
program and have reached the point where all Tellurometer-made measurements are
reduced to slope distances, all traverses are computed and adjusted, and all single
triangles are solved by use of applicable computer programs. These three programs
alone have reduced the office computing time by at least two-thirds of what former
computation procedures required.

Perhaps Tellurometer users in the Idaho Department of Highways have been ex-
tremely fortunate when their experiences are compared with experiences reported by
some other users of electronic distance-measuring devices, including Tellurometers.
In measuring over 1, 300 traverse distances during the past three and one-half years,
not more than a dozen distances have had to be discarded because accurate results
could not be attained. In some of these cases, it was felt local microwave units operat-
ing in the area could have caused the difficulties. In addition, 90 percent of all main-
tenance has been performed at the Department's own radio and radar repair facilities,
thus reducing maintenance cost to a nearly negligible amount.

Principal users of the Tellurometer within the Idaho Department of Highways feel
the versatility of any electronic distance-measuring equipment is limited only by the
imagination and flexibility of its users.




Application of Precise Photogrammetric Methods
To Right-of-Way Relinquishment Surveys

GEORGE P. KATIBAH
Photogrammetric Engineer, California Division of Highways

®* A METHOD which was developed in the San Francisco District Office of the California
Division of Highways for obtaining right-of-way survey data using aerial photographs
and simple scaling procedures has been described by Hovde (1). The measurement
data obtained were sufficiently accurate to use for metes and bounds descriptions of
right-of-way relinquished to local authority, such as frontage roads paralleling a com-
pleted freeway facility. This procedure offered savings over field survey methods and
was conventional with this office for many years. Precise photogrammetric methods
have now replaced the scaling procedures because of increased accuracies and signif-
icant reduction in man-hours of effort, which reflect further cost savings.

To provide a more complete introduction to the application of precise photogram-
metric methods, a brief review of the scaling procedure described by Hovde is subse-
quently given. The "as built'" location of a fence or other objects separating a freeway
from a frontage road defines a line of reference for relinquishing right-of-way outside
the freeway. The survey location of the fence is therefore important to make a real-
istic description of the property involved. Aerial photographs, taken at the proper
scale, of a newly constructed freeway clearly show fence lines. It was from photo-
graphs of this type that the survey data were obtained.

Preliminary to taking photographs, existing construction survey points along the
frontage roads were recovered and premarked with targets. Aerial photographs were
then taken at a scale of 120 feet per inch and photographically enlarged for measure-
ment purposes to the scale of 20 feet per inch. A line drawn between any two succes-
sive premarked survey points imaged on the photographic enlargement was used as the
baseline for measurement of fence positions. This length of line, however, had to be
compared with its known survey lengih to determine the correct scaling factor for ad-
justing all photographic measurements made within its terminal limits.

Offset measurements were made from the baseline along lines at right angle to it
to selected fence posts to mathematically locate the fence. All measurements were
adjusted by the scaling factor to arrive at X and Y survey coordinate values for the
horizontal position of each selected fence post. From the coordinates, inversed dis-
tances and bearings were calculated to prepare a metes and bounds description, and a
plot was made to document the relinquishment.

The precise photogrammetric method centers around use of the Zeiss Stereo-
planigraph, model C8, an optical train photogrammetric instrument which permits
determination of the X, Y, Z ground coordinates of points viewed in a stereoscopic
model. The instrument is also capable of making an accurate plot of any point at the
time its numerical coordinates are determined. This method requires less control,
but which is of better quality, than control required for scaling from aerial photographs.
The photogrammetric operation is done by the Photogrammetry Section in the Sacra-
mento office.

RESEARCH PROJECT

As an initial project to investigate operational approaches to use of precise photo-
grammetric methods, and to evaluate results, a test section was chosen along a portion
of State Sign Route 17 north of Santa Cruz, California. This section, about 0.9 mile
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e Relinquishmenl Line
A Geodimeler Survey Monument

o Construction Point

Figure 1. Layout of research project.

in length, had been previously surveyed and sufficient control existed, so further con-
trol surveying was not necessary. The layout of the project is shown in Figure 1.

Four main steps involved in conducting the investigation are described in the fol-
lowing sequence:

1. Selection and targeting of control points. The positions of existing survey monu-
ments had been surveyed by Geodimeter measurement of a traverse throughout the test
section within the freeway right-of-way. Supplementing monument-marked control
points were construction points along the frontage roads. The survey had been made
on a local coordinate system, and plane coordinate positions had been determined for
each monumented control point and each construction survey point. The distribution
of monumented and construction points is shown in Figure 1.

Because the monumented points position surveyed by Geodimeter were to be used to
fix horizontal scale of the stereoscopic models formed by the photographs in the Zeiss
C8 Stereoplanigraph, target design was considered very important to assure their ac-
curate recovery. Figure 2 shows the target pattern and dimensions for the premarking
monumented control points before photography was taken.

Each construction point was premarked with a white "arrow' target painted on the
black pavement of the frontage roads, with the point of the arrow depicting the survey
mark.

2. Aerial photography. A 6-in. focal length Zeiss RMK 15/23 aerial camera was
used to photograph the project strip after placement of a target on each measurement

point was completed. Aircraft flight-
height was about 1, 500 feet above the
‘$ ground, which resulted in a photography
s"—-l-—e" _5'_..'.._ 6" scale of approximately 250 feet per inch.
-.— _“ Cronar base aerial film was used.

Photographic enlargements of alternate
photographs were sent to the District Office
for identification of all targeted points,
and for instructions regarding relinquish-
ment line data to be obtained.

3. Use of the Zeiss C8 Stereoplanigraph.
Although a description of the Zeiss C8
Stereoplanigraph (Fig. 3) is not within
the scope of this paper, a few pertinent
remarks may clarify the matter of scales
and measurement accuracy. There are
three scales involved in numerical deter-
Figure 2. Target design for research mMinations, namely the photography scale,

project. the measurement (stereoscopic model)

=
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Figure 3. Zeiss Stereoplanigrasph, Model C8.

scale, and the viewing scale. A fourth scale, the plotting scale, is considered only if
a graphic plot is desired in conjunction with determination of numerical data regarding
specific points.

At a photographic scale of 250 feet per inch the measurement scale is 125 feet per
inch. The viewing scale is independent of the measurement scale and much larger.
Because the measurement counter records x, y, and z measurement coordinates in
increments of 0. 01 mm, the equivalent X, Y, and Z coordinates, when the instrument
measurement scale is 125 feet per inch, would represent 0. 05 feet on the ground. This
is the smallest possible measurement and, of course, is subject to random errors as-
sociated with any measurement technique.

The plotting scale can be varied mechanically by selecting gears of different ratios.
It is possible to enlarge the plotting scale as much as 5 times the measurement scale
(or 10 times the photography scale).

On the subject test section, six stereoscopic models covered the freeway strip. The
aerial triangulation was accomplished in conformance with standard practice. The
first stereoscopic model was leveled and scaled using out the best available control.
When this absolute orientation was completed the photogrammetrically measured co-
ordinates of all selected fence posts and targeted construction survey points were
measured and recorded. Their positions were also plotted on mylar-base material at
a scale 50 feet per inch, the same scale as the freeway construction plans.

On completion of measurements using the initial stereoscopic model, the second
model was adjoined to it. The coordinates were measured photogrammetrically for
all selected fence posts, construction survey points, and Geodimeter-measured control
survey monument markers imaged on the stereoscopic model; their plotted positions
on the map were determined in the same way as for the first stereoscopic model.
Likewise, the remaining four stereoscopic models were also measured.

All photogrammetrically measured x, y, and z coordinate data were adjusted to
fit only four of the seven monumented point positions which had been determined
by Geodimeter surveying. The remaining three monuments could not be seen defi-
nitely in the stereoscopic models, despite precautions taken in placing the targets.
It is noteworthy the the stereoscopic models were oriented to control and meas-
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TABLE 1 TABLE 2
DIFFERENCE IN PLANE DIFFERENCE IN PLANE
COORDINATES? COORDINATE2
Difference (ft) Difference (ft)
Post Post
X Y X Y
8a 0.4 0.3 E- 3 -0.2 0:5
9a 0.1 0.3 E- 4 -0.3 0.1
10a 0.4 0.1 E- 5 -0.3 0.4
11a 0.2 0.2 E- 7 0.1 0:1
12a 0.0 0.3 E- 9 -0.4 0.4
13a 0.1 0.4 E-10 -0.1 0.5
14a 0.2 0.1 Ww- 5 -0.1 0.2
15a 0.3 0.2 w- 7 -0.3 0.1
16a 0.0 0.1 Ww-10 -0.3 0.1
- w-11 -0.3 -0,3
“Posts measured by use of two stereoscopic
models, differences in photogrammetri- “Pargeted construction survey points, dif-
cally measured coordinates. ferences between field and photogrammet-
tically measured coordinates.

ured only once, and no further setups were made subsequent to the aerial triangula-
tion and adjustment of the resultant data.

For this type of work, in which horizontal position only is desired, the Z coordinate
measurement is not significant. Vertical control for orientation of the stereoscopic
models was obtained from the USGS topographic maps published on a quadrangle basis
of the area by assigning interpolated elevations from the contours of the maps to iden-
tifiable features on the photographs. This procedure provided elevations sufficiently
accurate for the intended purpose.

4. Testing and evaluating results. As previously noted only four of the seven tar-
geted basic control monument markers, which were position surveyed by use of the
Geodimeter, were definitely visible in the stereoscopic models. Consequently the
adjustment was held fixed at these four points: R66, R69, R70, R72. The photogram-
metrically measured positions of 36 fence posts and 10 targeted construction survey
points were accordingly determined from this adjustment in terms of X and Y coordi-
nates on the local plane coordinate system.

Nine of the fence posts were visible in two adjoining stereoscopic models, and
therefore two sets of plane coordinates were determined for each of the nine posts.
Table 1 gives differences in each of the two sets of plane coordinates.

Each of the 10 construction survey points also had two sets of coordinates—the field
measured and the photogrammetrically measured. Table 2 gives the differences in
each of the two sets of plane coordinates.

The photogrammetrically measured coordinates were tested in the field by two dif-
ferent methods. Both methods consisted in measuring with a tape between a target
point and some point on the fence line.

The first test involved measurements on a line perpendicular to the fence to a tar-
geted point. The field measurement of this distance was done directly with the tape,
whereas the photogrammetrically determined distance had to be inversed between the
photogrammetrically measured plane coordinates of the targeted survey point and the
coordinates of the normal point on the fence line. The latter had to be found by com-
putation between photogrammetrically measured plane coordinates of fence posts either
side of it. The results are given in Table 3.

The second test involved measurements along a line directly between a fence post
and a targeted survey point. Here again, the photogrammetrically determined distance
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TABLE 3 FARTE 4
DIFFERENCE IN DISTANCE? DIFFERENCE IN DISTANCER
Field Photo- o Field — T
Taprgientted Measured grammetrically In]g:‘f?n(efr:t)al Targeted Fence Measured grammetrically Incremental
(ft) Measured (it ) Point Post (it) Measured (it) Diff. (ft)
w2 18.6 18.5 -0.1 w2 26b 18.8 18.5 -0.3
was 19.5 19. 6 +0.1 w2 25b 20. 2 20.0 0.2
w5 18.1% 18.8 +0.1 w3 23b 20.1 20.2 40. 1
w1 18.4 18.5 +0.1 R72 22b 14.5 14.8 +0.3
w10 18.9 19.0 +0.1 W5 21b 19.0 19.1 40,1
wil 15.0 14.8 -0.2 E 1 1a 27.7 28.8 40, 4
R170 16.5 17.1 +0.6 ES5 8a 19.1 196 +0.5
R72 14.5 14,8 +0.3 E 7 14a 22.3 22,2 -0.1
E 1 23.5 23.7 +0.2 E 9 17a 48.1 48.3 10,2
§ i }g‘l’ igé +gg E 9 18a 19.4 19.8 +0. 4
= . . -0, EI0  C . : :
E 7 223 22 2 o1 orner 23.9 24.3 +0. 4
R69 106.3 106. 6 +0.3 Average difference = 40,16
E 9 19.3 19.8 40,5 —
E10 25.3 25,4 40,1 ficld measu 3 P ——
Corner 48. 6 49.0 +0, 4

Average difference = +0.12

TRicht ar frervences betwee
field weusur
ments.

had to be inversed between the photogram-
metrically measured coordinates of the
fence post and the targeted survey point for
comparison with the field measured dis-
tance. The results are given in Table 4.

Sources of error shouid be identified tu evaluaie properily these results. The arrow-
type design of the target for construction survey points presented an indefinite shape
in the stereoscopic model. The well-known halation phenomenon override of photo-
graphic images of white objects onto images of dark areas tended to make the targets
appear too large. This in turn introduced some error in recovery of the survey point.
On considering other sources of error, magnitude of such an error is probably not
significant.

The most important source of error was undoubtedly caused by the fence post, be-
cause it is an "object' and not a "point." Hence, the "pointing' in the stereoscopic
model cannot be exact, and the recorded measurement may not apply to the center of
the post. Furthermore, the '"lean" of the post, especially if brush obscures its base,
contributes to position error. Another factor is the sun angle and resulting shadows.
Posts of a chain link fence are particularly difficult to position in the stereoscopic
model if their shadows fall in line with the fence. The differences given in Table 1
are undoubtedly attributable mainly to these sources of error, although they are of
minor importance for this type of survey. (Subsequent projects photographed immedi-
ately on completion of construction have demonstrated a post newly set in concrete can
be seen very clearly on the stereoscopic model, thus eliminating some of these sources
of error.)

It has been reported test measurements made in the field may not be as reliable as
desired. This comment is based primarily on the fact it was difficult to accurately
locate the center of posts and normal points on fence lines. Although the results re-
corded in Tables 3 and 4 are considered entirely adequate for this type of survey, some
measurements containing the larger differences should probably be rechecked in the
field.

In any event, the fence line is not the line of relinquishment but only a reference to
it. The question therefore resolves into whether or not photogrammetrically measuring
the position of a fence is (a) of sufficient accuracy to serve as reference for mathe-
matically determining a metes and bounds description of relinquishment property, and
(b) cost savings attained thereby justify use of such measurement methods.

With respect to (a), accuracy of the precise photogrammetric method of measuring
is unquestionably superior to scaling procedures using an engineer's scale on semi-
controlled aerial photographs, and also probably superior to measuring by routine
field surveys. By holding only to Geodimeter-measured control for aerial triangulation
using the precision photogrammetric instrument, fence positioning is completely inde-
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pendent of ties to construction survey points. The differences given in Table 2 are
believed mainly caused by inconsistency in field values rather than in photogrammetric
values.

With respect to (b), costs savings were difficult to assess on the research project.
Costs, however, were analyzed on three subsequent projects and definite savings were
realized, ranging from 50 percent for a rural highway project to 70 percent for each
of two urban highway projects.

FURTHER INVESTIGATIONS

A particularly interesting operational project was recently completed which offered
an excellent opportunity to investigate further the accuracies of photogrammetric
methods of measuring by use of the Zeiss Stereoplanigraph, Model C8. This project
was located on the Pacific Coast Highway (State Sign Route 1) on the east boundary of
the newly established Point Reyes National Park. Survey records were not available
for this road, and it became necessary to provide "as-built" location and right-of-way
information in connection with establishing the Park boundary.

Figure U. Example of centerline ‘cat-

track” marks taken with a 35-mm camera

from a distance of 4 feet. MNote the 1-ft

scale divided into Y4oths for an estimate
of size.
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With respect to photogrammetric procedures, this project was handled in the same
way described for relinquishment surveys. A control traverse was measured with the
Geodimeter paralleling the highway for the length of the survey project, and ties were
made to station markers in the California State plane coordinate system. The monu-
ment markers of points in the traverse were located roughly 1,000 feet apart, and
were targeted before photography using targets similar in design to the target illus-
trated in Figure 2. No other control points were used, except for a few points position
measured with the Geodimeter which were situated at broad intervals transverse to the
main traverse to provide stereoscopic model scaling bases for accomplishing the aerial
triangulation.

Aerial photography on cronar base film was taken with a Zeiss RMK ‘%3 aerial
camera from a flight-height of 1,500 feet. Resultant scale of the photography was 250
feet per inch.

When the stereoscopic models were viewed in the Stereoplanigraph, it was noticed
centerline "cat-track' markings were actually visible on new sections of asphalt pave-
ment. These marks served as suitable targets for photogrammetrically measuring
coordinates where they were not obliterated by centerline strips. On older sections
of pavement where only centerline stripes existed, measurements were made on the
ends of stripes. Spacing of these coordinate measured points was approximately 50
feet, depending on the centerline markings.

Because of the finite size of the "cat-track' marks a field check was made of their
photogrammetrically measured positions. It seemed expedient simply to measure be-

tween thein for a comparison of photogrammetrically measured distances with field-
measured distances. Figure 4 shows how these marks actually appeared on the pave-

ment.

Because the marks were not centered on a survey point, an estimate was made as
to the probable point of measurement by the operator of the Stereoplanigraph according
to density or concentration of paint. This probable point was indicated with lumber
crayon for reference in making measurements with a tape. A total of 123 measure-
ments were then made between the crayon points for checking inversed lengths deter-
mined from photogrammetrically measured coordinates of the "cat-track' marks.
Resultant errors in the photogrammetrically measured distances were, as follows:
consecutive distances (123 measurements) (Fig. 5a); arithmetic mean, -0.009 feet
(or -0.01 feet); and root mean square error, = 0. 11 feet.

Because the distances were measured consecutively, apparently a natural balancing
effect was inherent in these results. Therefore, errors in ailternaie iengihs were
analyzed with the following results: alternate lengths, group A (62 measurements)
(Fig. 5b); arithmetic mean, +0.007 feet (or +0.01 feet); root mean square error,
+0.11 feet; alternate lengths, group B (61 measurements) (Fig. 5¢); arithmetic mean,
-0.027 feet (or -0.03 feet); and root mean square error, +0. 11 feet.

A rational analysis of errors indicates they are independent of distance measured.
Even though the distances involved were about 50 feet, the same range of results would
be expected if they were 900 feet (the airbase of a stereoscopic model formed by use
of photographs taken at a scale of 250 feet per inch). Expressed in conventional terms
of proportional accuracy, differences between exact measurements and these photo-
grammetrically made measurements should approach 1 part in 10, 000 or smaller dif-
ference as the magnitude of the distance measured increases with the limits of a stereo-
scopic model. Because measured plane coordinates are being dealt with, however,
perhaps errors should be expressed in terms of variation of coordinates, or "Absolute"
accuracy rather than proportional accuracy.

Notes About Targets

Aerial survey targets for placement before photography on control points or points
for which plane coordinates are to be measured must be carefully considered for ac-
curate work. The targets used for the projects reported in this paper have not been
completely satisfactory. Most of these targets were printed on 10-point waterproof
paper with printer's ink for attaining high contrast. Nevertheless they were not always
distinctive in the stereoscopic models.
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Figure 5. Distribution of errors.

Figure 6 shows two targets of similar design but of different size and material. The
right target is printed on waterproof paper, and the left target is printed on muslin
cloth. It is readily noted the paper causes considerable reflection of light, whereas
virtually no reflection occurs from the cloth. According to experience to date, the
cloth target is far superior.

The clothtarget size is 45 inches by 45 inches square. The crossarm widthis 4inches,
and the white center is 4inches square. The distance betweenthe edge of the center square
andthe beginning of a crossarmis 7inches. Atarget of this design provides ahighpropor-
tion of black area to white area, which helps to balance halation caused by the
white portions. The center square is easily visible on stereoscopic models in the
Stereoplanigraph which are formed by using photography of a scale of 250 feet per inch
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Figure 6. Aerial survey targets. Note the gray cast of target on right caused by light
reflection.

and, under good conditions it is visible when the photography scale is 500 feet per inch.
For any right-of-way or other type of cadastral surveying, it is necessary for the cen-
ter of a target to be seen for making accurate measurements. The crossarms merely

serve as reference identification for the center.

CONCLTUSIONS

Results of investigations reported in this paper suggest precise photogrammetric
methods can be adapted to making right-of-way and other cadastral surveys where high
accuracies are required. Proper attention must be given, as in use of any other meas-
urement technique, to particular phases of the entire operation if superior results are
to be expected.

It is important that horizontal control points be position surveyed by use of the Geo-
dimeter or other electronic distance-measuring equipment, and be targeted properly
for absolute location on the stereoscopic models. Aerial photography should be taken
using a scale stable base film with a cartographic camera of high resolution character-
istics. High-quality photogrammetric instrumentation and procedure should be care-
fully considered. An electronic computer program for adjustment of photogrammetri-
cally measured data is extremely helpful. And last, but not least, the photogram-
metrist responsible for photogrammetric instrumentation must be thoroughly trained
and skilled.
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Results of U.S. Forest Service Stereotriangulation
Bridging on Virginia Highway Photogrammetric
Test Project

CLAIR L. ARNESON
Civil Engineer, Forest Service, U. S. Department of Agriculture, Washington, D. C.

The Forest Service of the U. S. Department of Agriculture is constantly
striving to improve the quality of the surveys it makes by photogrammetric
methods. Thetests described in this report were conductedusing theusual
methods and procedures. The report pertains to four basic factors which
affect the quality of photogrammetrically made measurements: (a) identi-
fication of ground control (horizontal and vertical) points on the aerial
photography, (b) movement of the aerial camera during negative exposure,
(c) scale of the aerial photography, and (d) quantity of ground control.

Included are tabulations showing results of the bridges (extension of
basic ground control by photogrammetric methods) using vertical photog-
raphy taken withtwo different aerialcameras, two types of controlidenti-
fication, four scales of photography, and various spacings of ground con-
trol. These results are based on the photogrammetric measurement and
electronic computation of 50 bridges.

Also presented is an outline of procedures to be followed for the loca-
tion and design of highways based on surveys accomplished by photogram-
metric methods, as well as conclusions based on these tests.

°IT IS IMPERATIVE that the Forest Service seek new methods of control extension

by photogrammetry. Normal mountainous topography and short field survey season
make it mandatory that photographs be used for inventory purposes, mapping, and
engineering measurements. Aerial photographs to be used for making measurements
by photogrammetric methods require some kind of ground control. Ground control is
based on the U. S. Coast and Geodetic Survey (USC and GS) national network, with

1929 sea level datum for elevations and North American 1927 datum for horizontal con-
trol (with the geodetic positions converted to the State Plane Coordinates for each zone
of application) inasmuch as this control is the most accurate and economical in the long
run.

From 1947 to 1957, the Forest Service photogrammetrically extended vertical and
horizontal control by the use of two scales of photography; i. e., field control was estab-
lished for points on small-scale photography and, in turn, by photogrammetric use of
this photography elevations and horizontal positions were established for selected points
on larger scale photographs by use of common image points between the two scales of
photography. The horizontal control was extended by the use of a stereo-templet tri-
angulation plot. The stereo-templets were made by projection from the Kelsh stereo-
scopic plotter using the small-scale photographs. The Kelsh stereoscopic models
were than reset (using position and distances determined by the stereo-templet tri-
angulation plot) and vertical and horizontal control for the large-scale photographs was
established from the stereoscopic models formed from the small-scale photographs.

From 1957 to the present, the Forest Service has been extending the horizontal and
vertical control with the Zeiss Stereoplanigraph, Model C8. This method of control
extension is called "bridging." (Wherever the word "bridging' is used in this paper it

Paper sponsored by Committee on Photogrammetry and Aerial Surveys.
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Figure 1. Zeiss Stereoplanigraph, Model C8.

means measurement by photogrammetric methods (stereotriangulation) and electronic
computer adjustment of the measurements to establish both horizontal and vertical sup-
plemental control for selected image points on the aerial photography between points

on the ground and seen on the aerial photographs for which basic horizontal and vertical
control has been surveyed on the ground.) By use of the C8, the photographs (printed
as transparencies on glass) are cantilevered from the first model, with ground control
through seccessive models to the end of the strip of photographs. The C8 has a system
of optics and mirrors which allows one photograph to remain stationary while the next
photograph is added to the stationary photograph. The "end product' of the C8 bridge
is a stack of IBM cards with X, Y, and Z coordinates of identified points (control, pass
points, center of each photograph and any other point). In other words, the Stereo-
planigraph is an analogue computer that will take photographs of unknown scale, tip,
tilt, and swing, and put them into a continuous strip of photographs with constant scale
(horizontal and vertical) and on one datum. This statement is oversimplified, but it

is in general what is being accomplished. The set of instrument-measured coordinates
is computed with a digital computer to obtain the best least square fit on the ground
coordinates. This paper gives the results of a series of tests on bridging by photo-
grammetric methods using aerial photography taken by two different aerial cameras,
two types of control identification, four scales of photography, and various amounts of
ground control within one strip.

In early 1959, the Forest Service cooperated with the California Division of High-
ways in testing stereotriangulation bridging. The results of this test were inconclusive
due to the few models available, and it was evident that further tests were needed.

In September 1959, the Virginia Department of Highways, U. S. Bureau of Public
Roads, and the U. S. Forest Service agreed on a cooperative photogrammetric test
project. The Virginia Department of Highways agreed to obtain aerial photography,
establish horizontal and vertical control, set targets, identify "'image' ground control
points, and evaluate the bridging results. The Bureau agreed to plan the target place-
ment, help set the targets and make stereotemplet bridges, using its three-projector
Kelsh instrument. The Forest Service agreed to make stereotriangulation bridges with
its Zeiss Stereoplanigraph, Model C8 (Fig. 1).

The area selected for the test is a preliminary survey segment of I-66 in Fairfax
County, Virginia. Ground cover ranged from open farm land to wooded hills, and
from a few roads and buildings to urban developments.

THE PROBLEMS

The Forest Service's part of the tests was planned for study of four problems in
bridging to establish supplemental control for photogrammetric compilation of topo-
graphic maps and measurement of profile and cross-sections for highway design. The
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This target is 27 feet long (9 £t white, 9 ft
black, 9 ft white) and 23 in. wide.

The utility pole, with its shadow crossing the
road, is an example of an image point.

Figure 2. Stereograms of a target and an image point. These photographic enlargements
(8X) are at the same scale as viewed by the Stereoplanigraph operator.

tests must be considered a study of photogrammetric bridging methods and not basic
research. These problems include:

1. Are targets required on control points for bridging or will natural images(picture
points) suffice? (Fig. 2.)

2. Is the shutter speed on the aerial cameras a major source of error in bridging?

3. Can photogrammetric control be established from photography 2, 3, or 4 times
smaller in scale than the design mapping photography and still be usable to measure
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and delineate planimetry and contours, andto measure profile and cross-sections? (Fig. 3)
4. Is field surveyed control required every 2nd, 3rd, 4th or 6th stereoscopic model
used for bridging? (Fig. 4)

BRIDGING RESULTS USING THE 1959 PHOTOGRAPHY

The test area selected had been photographed by the Virginia Department of High-
ways (VDH) in the spring of 1959 with its Wild, 6-in. focal length aerial camera,
equipped with a shutter which could be operated at a speed as fast as Yo second To
start the tests, this photography was used to measure and compute bridges with varying
amount of image point control Tables 1 and 2 (with comments) give the results. At
the time these bridges were measured and computed, the electronic computer programs
were in two parts: (1) computation of the horizontal position of the bridge-measured
points, and (2) computation of the vertical (elevation) position of bridge- measured points,
using results from the electronic computer program for computing the horizontal bridge.

TABLE 1
HORIZONTAL BRIDGING RESULTS OF 1959 PHOTOGRAPHY'

Points Largest Error Least Error Avg, Error Standard Deviation Total Error
(No.) (it) (ft) (ft) (mean sq. error) (ft)

Test Points

48 2.244 0.102 0.927 1.056 44, 508
47 2.360 0.098 0.818 0.968 38. 467
47 2.887 0.022 1.027 1.199 48.264
46 2. 640 0.045 0.886 1.052 40.778
44 2.304 0. 106 0.828 0.955 36. 452
38 2.304 0.120 0.882 1.002 33.519
12 2.140 0.530 1.174 1.684 14.088
Control Points
3 0.104 0.041 0.083 0.088 0.248
4 0.311 0.041 0.144 0.177 0.576
4 0.120 0.030 0.071 0.079 0.282
5 0.368 0.061 0.192 0.230 0.959
7 0. 683 0,141 0.359 0.397 2.516
13 0.582 0.188 0.380 0.399 4,945
39 1,153 0.136 0. 585 0. 689 22.799

Y Horizontal results of the Forest Service Stereoplanigraph, Model C8, bridging of 12
stereoscopic models (stereotriangulation) using 1959, 6-inch focal length Wild camera
photography at a scale of 350 feet per inch (1:4,200) which was taken at a shutter speed
of Yapp second. The photogrammetrically messured bridge made using imege point control
was computed using the U.S.C. & G.S. horizontal bridging progrem in an IBM 650 electronic
computer.

TABLE 2
BRIDGING RESULTS USING IMAGE POINTS

Bridging Points Largest Error Least Error Avg. Error Standard Deviation Arithmetic Mean Total Neg.  Total Plus Total Error
No. (No, ) (it) ft) (1) (mean sq. error) (1t) Error (ft}  Error (it) (it)

Test Points

1 115 +4.85 0.00 1,109 1,479 0. 554 95, 61 31,95 127, 56
2 113 +6. 11 0.01 0. 681 0. 840 0.523 8.93 68,04 76.96
2A 113 +6.04 0,00 0. 666 0,832 0.057 34,41 40. 84 75,25
2B 113 +6.22 0.00 0.815 1.041 0.038 43.93 48,17 92, 10
3 111 +5. 58 0.00 1.104 1.455 0,535 31,60 90.94 122,54
4 107 +3.37 0.00 1.041 1.378 0,146 47,88 63,47 111,35
5 95 +2.72 0.06 1.010 1.357 0,385 29,170 86.29 95.99
6 82 +3, 57 0.00 1.011 1,345 0,122 36. 46 46, 45 82,901
Control Points
1 6 -0.07 -0.02 0.038 0.041 0,038 -0.23 0.00 0.23
2 8 +0. 62 +0.14 0.358 0. 401 0,010 1,47 1,39 2.86
2A 8 +0. 26 +0.03 0.133 0,153 0,035 -0.39 0. 67 1.06
2B 8 +0.20 +0,01 0.114 0.144 0.046 -0.27 0.64 0,91
3 10 +1,96 -0.20 0.914 1.123 0.035 -4.76 4.41 9,17
4 14 +2.12 -0.07 0.814 1.068 0.055 -6.08 5.31 11.39
5 26 -2.31 +0.03 0.963 1.164 0.048 -13,15 11.89 25.04
6 39 -2,97 -0,01 0.976 1.196 0.047 -19.96 18.12 38.08
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Table 2

Results of the Forest Service Stereoplanigraph (C8) bridging of vertical control on
12 stereoscopic models (stereotriangulation), using image point control on 1959, 6-inch
focal length, Wild camera photography taken at a scale of 350 feet per inch (1:4,200)
with a shutter speed of Va0 second, were computed using the U. S. C. and G. S. vertical
bridging program in.an IBM 650 electronic computer.

Control Points. --Bridging no. 1 gives computed results using six control points:
two at the west edge of the first stereoscopic model, two near the middle, and two at
the east edge ofthe last model. Bridging no. 2 gives computed results using eight control
points: two at the west edge of the first stereoscopic model, and two each near the
fourth, eighth, and twelfth models. Bridging no. 2A gives computed results using
eight control points, as in bridging no. 2, but three control points were changed; the
horizontal control is along the flight centerline. Bridging no. 2B gives computed re-
sults using the same eight control points as in bridging no. 2A but with the horizontal
control in the pass point area. Bridging no. 3 gives computed results using ten con-
trol points: two each on the first, third, sixth, ninth, and twelfth stereoscopic models.
Bridging no. 4 gives computed results using fourteen control points: two each on the
first, second, fourth, sixth, eighth, eleventh, and twelfth stereoscopic models. Bridging
no. 5 gives computed results using twenty-six control points: four on the first and
two for all other stereoscopic models. Bridging no. 6 gives computed results using
thirty-nine control points spaced throughout the strip.

BASIC MATERIAL

Four scales of photography were obtained in the spring of 1961 (before the deciduous
trees had leafed out): 350, 700, 1,050, and 1,400 feet to 1 inch. The photography
scales selected were for compilation of topographic maps by use of a Kelsh stereoscopic
plotter at a 7-diameter projection ratio (the ratio used by the Virginia Department of
Highways; Forest Service uses a 5-diameter projection ratio). By use of the 7-diameter
projection ratio, maps can be compiled at scales of 50, 100, 150 and 200 feet to 1 inch,
respectively, using photography of the scales at which taken.

All four scales of photography were obtained with two precision 6-in. focal length
cameras: the Virginia Department of Highways Wild camera with a shutter speed of
Vw0 second and a Zeiss camera with a shutter speed of %1,00 second. Besides using
photography taken at the four scales with the two cameras, the test project area was
also photographed on clear and vvercast days, wilh and without filters. In all some
43 flights of photography were obtained.

The U. S. Bureau of Public Roads and Virginia Department of Highways set the
targcts before any flights were made for taking the test project photography. The
spacing of the targets on the photographs as taken did not agree exactly with plans,
but was as good as could be expected on a production project. After the photographs
were obtained, the Forest Service selected and circle identified image points and re-
quested the Virginia Department of Highways to measure horizontal and vertical con-
trol positions for each of these images. As a whole, the results of this method were
satisfactory. In one case, however, an image point was circled on the 1,050 feet per
inch scale photography, described as a ''fence corner,' and the field party surveyed
the position of the fence corner. Actually, the circled image was on a ditch crossing
of the fence line, which was about 0.004 inch away (on the contract printed photograph)
from the fence corner. Such misidentification of images is one of the pitfalls in using
image points for horizontal control.

Photography image control points (common image points) were selected and circle
identified on all scales of photography from both cameras before the bridging work
was started. In other words, natural image points were selected for correlation of
position between the 350 feet per inch scale photography and the photography of 1, 400,
1,050, and 700 feet per inch scales. This procedure became a compromise in point
selection which was necessary in order to do bridging with the photography of 350 feet
per inch scale using image points for which control had been bridged using photography
of the three smaller scales.
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The Virginia Department of Highways furnished the horizontal and vertical control
required for bridging with the 1,400 feet per inch scale photography. Control for the
other scales was withheld by VDH until the Forest Service finished the bridges using
photography of the 1,400 feet per inch scale and forwarded results to the VDH. The
bridges were computed on the IBM 650 using basic formulas published by the U. S. C.
and G. S. (1, 2).*

TARGET OR IMAGE POINTS

The test area selected in Northern Virginia is better than average for the selection
of natural images. More image points are required for the same number of control
points when natural images are used than when targets are placed on station markers
because the identification of a triangulation station which is not targeted requires use
of at least two nearby image points. This means that two bearing and distance meas-
urements are needed for the identification of one station, where a target over the
actual station marker would not require additional field measurements.

The use of image points for vertical control is sound because a flat area can be
misidentified horizontally by several feet and still not impair the accuracy of the point.
The actual field survey measurement of the elevation on an image point has a good
chance of being accurate within 0.1 or 0. 2 foot.

The use of image points for horizontal control is not sound. Further study is re-
quired, however, to determine the best size, shape, and color for targets, and the
materials most suitable for their construction.

Most of the advantages of targets are lost if the photogrammetric instrument operator

is unable to measure accurately both horizontally and vertically on the point.

The field surveyed positions of image points are not finite and the position of good
image points may be in error by 0.5 foot. Control surveyed to second order accuracy
is recommended, plus or minus 0.1/foot, so results from bridging will not be degraded
by poor quality in the field surveyed control.

ATRCRAFT MOVEMENT DURING EXPOSURE

Two cameras were used on this test—a Wild with a shutter speed of Y0 second and
a Zeiss with a shutter speed of %i,000 second. At 120 mph, the aircraft with the
Wild camera traveled 0.59 foot and the Zeiss 0.18 foot while the shutter was
open. According to these figures, the Zeiss camera would be expected to enable
achievement of better results, but the test showed bridging results were the same,
regardless of which camera was used. The only way such an equality in results
could be rationalized was to study the resolving power of the two cameras be-

*The Forest Service has been bridging with the Stereoplanigraph since 1957 and is now
using the basic formulas of the U. S. Coast and Geodetic Survey. The horizontal and
vertical control electronic computer programs were combined and a "borrow'" feature
added. This feature allows the borrowing of photogrammetrically measured control points
from one strip and the use of them on an adjacent strip, which is a form of a modified
block adjustment. While not used on the test project, the production bridging program
has a horizontal and vertical rejection limit; i.e., the program is loaded to reject
horizontal points with X foot error. For example, if & rejection horizontal error of
two feet and vertical error of one foot are desired and if there are 18 horizontal con-
trol points and 28 vertical control points, the procedure would be as follows:

The horizontal portion of the formulas are computed first to get a printout (storage)
of the least square fit of the 18 horizontal control points. The point with the largest
error (if over 2 feet) is rejected and a printout (storage) with the least square fit of
the 17 remaining points is obtained. This process continues, rejecting the largest
error, one point at a time, until the remaining control points have less than two feet
of error. The same process 1is repeated with the vertical control, except this time
points with an error of over one foot are rejected, one point at a time; i.e., a fit
with 28 points, a fit with 27 points, etc. After the rejection limit has been satisfied,
the correction coefficients are applied to all points in the bridge. This program was
not used on the Virginia Highway test, because it was for testing all elements of
bridging, not just control. TFor this reason, it is believed better results can be ob-
tained on a production job than on this test.
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cause camera movement, the same as poor resolving power, would appear as fuzzy
images.

Because there is no international test for cameras, the manufacturer's report was
used to compute the number of lines per millimeter times the percent of the 9- x 9-in.
format. For example, from the center of the lens out five degrees, approximately 1
percent of the 9 X 9 in. is covered. This percentage multiplied by the lines per mil-
limeter, for both radial and tangetial resolution, gives the number used to compare
the cameras. The Wild camera had approximately 15 percent better resolving power.

ESTABLISHING CONTROL IN PHOTOGRAMMETRY

It is difficult to say that horizontal and vertical control can be established from con-
trol photography two, three, or four times smaller in scale than photography taken for
mapping purposes without some kind of a common denominator. The scale of some
strip topographic mapping for design purposes is 40 feet per inch, another may be
200 feet per inch, and the contour interval may range from one foot to five feet. To
establish a common denominator, the photography flight height divided by the average
error was used. For example, if the average error was 0. 6 foot and the flight height
was 4, 200 feet, the factor would be 1:7,000; in other words, an error of one foot in
vertical measurement can be expected for each flight height increment of 7,000 feet.

About fifty bridges were measured and adjustment computed using a combination of
the four scales of photography of 350, 700, 1,050 and 1, 400 feet per inch taken sepa-
rately with two aerial cameras (Wild and Zeiss); two types of control identification
(image points and target) and two different spacings of the control (one with control
every fourth stereoscopic model, and the other with control every fourth model plus
horizontal and vertical control about 1, 400 feet apart along the centerline of the high-

TABLE 3
BRIDGING RESULTS FOR CHECK POINTS'

Scale of Photography (ft/in. )

Control

S Horizontal Results Vertical Results
Identification

Camera

350 700 1,050 1,400 350 700 1,050 1, 400

Control Every Fourth Model

Zeiss Picture point 1:1926 1:3853  1:3000 1:4389  1:4487 1:4773  1:5385 1:5156
wild Picture point  1:1944 1:3307 1:2800 1:3676 1:4516 1:5676 1:4598 1:5519

Avg. Picture point 1:1935 1:3580 1:2900 1:4032 1:4502 1:5224  1:4992  1:5388
Zeiss Target 1:2143  1:3529 1:4809 1:3992  1:4200 1:4200 1:6774 1:3406
wild Target 1:2658 1:3784 1:3462 1:3676 1:5000 1:6462 1:5040 1:3987
Avg. Target 1:2400 1:3656 1:4135 1:3834 1:4600 1:5331 1:5905 1:3696
Avg.
Total 1:2168 1:3618 1:3518 1:3933 1:4551 1:5278 1:5449  1:4517

Control Every Fourth Model Plus Along the Centerline of the Highway

Zeiss Picture point 1:2354  1:4343  1:6087  1:4819 1:4667 1:5250 1:6709  1:8580
wild Picture point 1:2515 1:4316 1:4828 1:5237 1:5357 1:5357 1:5620 1:6931

Avg. Picture point 1:2434 1:4330 1:5428 1:5028 1:5012 1:5916 1:6164 1:7756
Zeiss Target 1:2300 1:4375 1:5727 1:5138  1:4286 1:5250 1:7167 1:7939
Wwild Target 1:2482  1:4730 1:4609 1:5166 1:5541 1:6491 1:5375 1:6195
Avg. Target 1:2391  1:4552 1:5168 1:5152  1:4914 1:5870 1:6271 1:7067
Avg.
Total 1:2413  1:4441 1:5313 1:5090 1:4963 1:5894 1:6218 1:7411

lResults of the aerotriangulation by the Stereoplanigraph (bridging), using horizontal ground
positions and elevations as check points. The control used to compute the bridges is not included
in the tabulation.
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bridging tests.
In Table 4, results are given for the same bridges as compared in Table 3, but in
Table 4 the flight height is related to the error on the ground control used to compute

the bridges.
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The following comments and Tables 3 through 5 summarize results of these

For example: On the 350 feet per inch scale Wild (photography) target

(control), control every fourth model shows 1:2, 658 (Table 3) while the control used

to compute the bridge shows 1:7, 500 (Table 4).

results are very erratic when control is used in every fourth model.

TABLE 4

BRIDGING RESULTS FOR CONTROL POINTS

It should be noted from Table 4 that
When as few as

Scale of Photography (ft/in. )

Camera Idegggzgtlion Horizontal Results Vertical Results
350 700 1,050 1,400 350 700 1,050 1,400
Control Every Fourth Model
Zeiss Picture point  1:6364 1:89362 1:78750 1:125373 1:5676 1:17500 1:71590 1:64615
Wwild Picture point  1:9130  1:127273 1:57273  1:254545 1:16154 1:56000 1:21000 1:30000
Zeiss Target 1:7500  1:52500 1:63000 1:105000 1:14000 1:13548  1:42000 1:27097
Wild Target 1:7500 1:62686 1:94029 1:105000 1:12353 1:42000 1:42000 1:20000
Control Every Fourth Model Plus Along the Centerline of the Highway
Zeiss Picture point  1:3281  1:6774 1:6560 1:80000 1:6364 1:10220 1:8720 1:10500
Wwild Picture point  1:3962  1:6462 1:5620 1:5833 1:7143  1:9550 1:10700  1:9130
Avg. Picture point 1:3621  1:6618 1:6090 1:6917 1:6754 1:9885 1:9710 1:9865
Zeiss Target 1:3621  1:6462 1:7780 1:7568 1:7692  1:9550 1:12350 1:8155
Wild Target 1:4545 1:8077 1:5430 1:6087 1:9091 1:10780  1:12350  1:8235
Avg. Target 1:4083  1:7269 1:6605 1:6827 1:8392  1:10215 1:12350  1:8195
Avg.
Total 1:3852  1:6944 1:6347 1:6872 1:7572  1:10025 1:11030 1:9005
TABLE 5
BRIDGING RESULTS FROM COMMON POINTS WITH THE
PHOTOGRAPHY, 350 FEET PER INCH SCALE,
AS A BASE
Scale of Photography (ft/in. )
Control Identification Horizontal Results Vertical Results
700 1,050 1,400 700 1,050 1,400
Bridging With Control Every Fourth Model
Picture point 1:3621  1:3728 1:2675 1:9333 1:5294 1:4398
Target 1:3889  1:4375 1:4541 1:8077 1:6300 1:6269
Average 1:3784 1:4091 1:3485 1:8700 1:5833 1:5316
Bridging With Control Every Fourth Model Plus
Along the Centerline of the Highway
Picture point 1:5316  1:4286 1:3443 1:8571 1:5833 1:6043
Target 1:6176  1:5294  1:6087 1:11053 1:7241  1:11507
Average 1:5833  1:4884 1:4565 1:10000 1:6632 1:8235
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three control points are used (as was done in using photography of 1, 400 feet per inch
scale for horizontal bridging) the bridge adjustment fits the control almost exactly
and the ratio, flight height to error, is unbelievable. To prove this, the horizontal
bridging done using Zeiss camera photography of the 1, 400 feet per inch scale was
recomputed using 5 control points (3 in the 1st stereoscopic model) instead of 3 (one
every 4th model). The ratio decreased from 1:105, 000 to 1:15, 556 (present thinking
is 1:8,000 to 1:12,000) which is still too accurate, but does show an average measure-
ment is not obtained when too few control points are used.

To evaluate the results of establishing horizontal and vertical control points photo-
grammetrically, the average value obtained by use of photography of 350 feet per inch
scale was used, with control every fourth stereoscopic model plus control along the
centerline of the highway as a base. In other words, the position and elevation of the
points established by using photography of 350 feet per inch scale were used to check
the elevation and horizontal position of the same points obtained by separately using
the other three scales of photography.

Table 5 gives the bridging results related to flight height, using natural image point
and target marked control in photography used from the two cameras (Wild and Zeiss)
combined.

All common points between the four scales of photography were used in the tabula-
tion. The photogrammetric instrument operator had to select "compromise image
points'' on photography of one scale to get image points which would be common to
photography of all four scales. It is believed that better results would be obtained if
only two scales of photography were involved.

By using all common points, with no rejects, the tabulations appear to be erratic.
One point on the photography of 1, 400 feet per inch scale, included in the tabulation,
had a 10-ft horizontal error. If this test project were an actual bridging and mapping
project (with just two scales of photography to be used) selection of the best images
for use as bridging points could be made.

Table 7 is a different approach to the question: ''Can supplemental horizontal and
vertical control be established photogrammetrically from small scale photography for
control of large scale photography to photogrammetrically compile topographic maps?"

For such bridging previous tests showed small differences occurred between using
photography from the Wild and Zeiss cameras, so for this test only photography from
the Wild camera was used. In order for this test to be considered as being accom-
plished on a "production methods' basis, the control established photogrammetrically

TABLE 6
GUIDE LINES FOR PHOTOGRAPHIC SCALES

Scale of Photography (ft/in. )

Control Identification Horizontal Control Vertical Control

700 1,050 1,400 700 1,050 1,400

Bridging With Control Every Fourth Model

Picture point 2.3 3.2 6.4 0.9 2.6 4.4
Target 2.0 2.7 3.3 1.1 2.0 2.6
Average 2.1 2.9 4.8 1.0 2.3 3.5
Bridging With Control Every Fourth Model Plus
Along the Centerline of the Highway
Picture point 1.7 3.2 5.7 0.9 2.3 2.9
Target 1.2 2.2 2.7 0.9 1.7 1.6
Average 1.4 2.7 4,2 0.9 2.0 2.2

'Tentative guidelines in planning photography for bridging control and
for topographic mapping. Accuracy (in feet) to be expected for 90 per-
cent of the points for which horizontal position and elevation are
established by bridging using the three scales of photography.
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TABLE 7

BRIDGING RESULTS USING IMAGE POINTS COMMON TO ALL PHOTOGRAPHY AND
THE GROUND SURVEYED CONTROL AS CHECKS'

Avg. Error  Algebraic Arithmctic Mean B Faclor

Standard Deviat c
Photo Scale Check or Control Error Error Total [ Total Berar Algebraic Sum andard Dewiation 9o percent within [ Flight Height
(ft/in.) Points (No.) (max.) (min,) Error Ld ) (1.65 < S.D.)

N

No. ol Points No. of Points Avg. Error

Horizontal

700 70°

l

1.75 4, 667
1.48 6,250

>

1,050 70* 2.24 5,207
2.64 4,500
2.94 5,316

3.96 4,444
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consisted of image points. Common points were selected between the four scales of
Wild camera photography, and horizontal positions and elevations were obtained from
the bridges using control in every fourth model. The 350 feet per inch scale Wild
camera photography bridges were computed using control established from bridging
done by use of Wild camera photography of the scales of 700, 1,050, and 1, 400 feet
per inch. To check results obtained from the bridging accomplished using these three
separate photography scales, all ground control appearing on the photography of 350
feet per inch scale was tabulated.

Results are erratic. Here again compromise image points were used in order to
get conjugation of images on all four scales of photography. Often rejection of one or
two points would improve results considerably. This is done on production jobs when
two scales of photography are used, rather than four scales as in this test.

On a whole, these results are better than those shown in Table 6. The main differ-
ences occur with respect to bridging done using photography of the 1, 400 feet per inch
scale.

SPACING OF CONTROL FOR BRIDGING

All of the previously described bridges which were measured photogrammetrically
were computed with surveyed control in every fourth stereoscopic model or every
fourth model plus centerline. The Wild camera photography of 350 feet per inch scale
used for this test contained 17 exposures for 16 stereoscopic models. Table 8 sum-
marizes results of varying the surveyed control from every stereoscopic model to
every sixth model.

It should be noted that surveyed control spacing has a very small influence on
bridging results. In other words, 75 percent of the ground surveyed control could
have been eliminated and results would have been the same.

Bridging results shown in Table 8 are better than those in Tables 1 and 2, which
were obtained using photographs taken in 1959. The only reason for this difference is
that the image points were selected by the Stereoplanigraph instrument operator and
the field survey crew established horizontal position or elevation for these office se-
lected image points.

An evaluation of Tables 7 and 8 shows that use of smaller scale photography for
bridging gives better results when compared with the flight height. This is caused by
"built-in"" errors such as camera movement during negative exposure and field surveying
errors in measuring control point positions (horizontal and vertical).

From these tests and other production projects, it is recommended that surveys for
highway location and design by photogrammetric methods should proceed along the
following lines:
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TABLE 8
BRIDGING RESULTS FROM DIFFERENT CONTROL SPACING'

Avg. Error Algebraic Artthmetic Mean

” B Factor
Standard Déviation
Conlirol Spaced Check or Control Error Error Total G 90 Percent Within .
Every: Points (No.) (max.) (min.) Error ,,Towl Krroﬁrr M’ J,‘:d’ (1.65x 8.D.) flluhl Helght
No. of Points No. of Points w Avyp, Ervor
Horizontal

Model 50% 2,2 0.1 39.2 0,78 - 0,91 1,52 2,692
19° 0.8 0,1 8.5 0,45 - 0.49 0. 81 4, 667

Second model 59° 2.0 0.0 44.0 0,75 - 0. 87 1.43 2, 800
10° 0.7 0,2 4.4 0,44 - 0.46 0.76 4,773

Third model 617 2.0 0.1 44.3 0.73 - 0.84 1.39 2,817
8* 0.7 0.1 3.6 0,45 - 0.48 0.79 4,667

Fourth model 627 2.1 0.1 48.1 0.78 - 0. 89 1.47 2,692
7 0.5 0,1 2.5 0,36 - 0.38 0.63 5,833

Sixth model 63° 2.0 0,1 48.1 0.76 - 0.86 1.42 2,763
6? 0.5 0.1 1.9 0.32 - 0.34 0,56 6,563

Vertical

Model 72* 1.4 0,0 31.5 0,44 0.04 0.58 0.96 4,773
48° 0.8 0.0 13.0 0,27 0,03 0,33 0, 54 7,718

Second model 103° 16 0.0 45.17 0,44 0,02 0. 58 0,96 4,713
17° 0.6 0.0 3.5 0,20 0.05 0.27 0.45 10, 500

Third model 107* 1.3 0,0 47.8 0,45 0.08 0.58 0.96 4,667
132 0.4 0.0 2.2 0,17 0.05 0.20 0.33 12,353

Fourth model 109* 1.5 0.0 45.8 0.42 0,01 0. 56 0.92 5,000
11° 0.3 0.0 L7 0.15 0.05 Q.19 0.31 14,000

Sixth model 111* 1.5 0.0 46.5 0,42 0.08 0. 55 0,91 5,000
9* 0.2 0,0 1.3 0.14 0.06 0,15 0.25 15, 000

! Fvaluation of ng the 41l camera photography at a scale of 350 feet/inch. The emount of ground con-

{'rom every model to every sixth model. Total number of horizontal control points availeble

1. Outline the area for location of highway route alternatives on topographic maps
which are published on a quadrangle basis.

2. Plan aerial photography flights to obtain photographic coverage of the outlined
area and existing horizontal control. For example, if photography at a scale of 1, 400
feet per inch is planned, photographs of the usual 9- by 9-in. format will cover a strip
area width in excess of two miles for the length of the flight. On some projects, there
will be a sufficient number of horizontal control stations to control the bridges; if not,
additional horizontal control will have to be surveyed.

3. Set targets on the ground before photography for each horizontal control point.
These targets should be in the shape of a cross (plus mark) each leg of which should
be 14 feet long on the ground (0. 01 inch long on the photography) and 3 feet wide (0. 002
inch on the photography). The center 7 feet of the plus mark should be made of dull
black material and the four tips (3.5 x 3 feet) of dull white material. The plus mark
should be oriented so the legs will be parallel and normal to the photography flight
line. Besides control identification, these targets will afford a check on camera mo-
tions during exposure and flight-line placement.

4. Obtain the planned 6-in. focal length "distortion free' photography at the scale
of 1,400 feet per inch.

5. Identify both existing and essential additional vertical control by selected natural
image points for controlling the bridge with two vertical control points in every fourth
stereoscopic model (approximately 4 mile spacing along the photography strip).

6. Measure and compute the bridges. Plot the bridging results at a scale of 200
feet per inch and photogrammetrically compile the topographic maps, with contours at
a 10-ft interval, of the route band outlined on the small scale quadrangle size topo-
graphic map.

7. Project proposed highway centerlines on these 200 feet per inch scale topographic
maps and decide on the best alinement location.

8. Stake on the ground and monument a control survey base line, which will be near
the proposed location of the highway centerline. This survey base line will be used to
control topographic mapping to be done photogrammetrically for highway design and
preparation of detailed highway construction plans.

9. Plan photography flight lines to obtain photographs of the proposed highway loca-
tion corridor. For example, plan for taking photography at a scale of 350 feet per
inch which will provide a width of photography coverage of more than 1, 400 feet on
either side of the flight line.
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10. Set targets on the control survey (step 8) at an interval of about 1,000 feet
along the base line. These targets would be in the form of a plus mark (like those for
the 1, 400 feet to one inch scale photography) 3.5 feet long (0.01 inch on the photog-
raphy) and 0.7 of a foot wide (0.002 inch on the photography) with the center black
and the tips white.

11. Obtain 6-in. focal length "distortion free' photography as planned in step 9.

12. Identify image points common between the photography of 1,400 feet per inch
scale and the photography of 350 feet per inch scale. Reset the 1,400 feet per inch
scale photography in the Stereoplanigraph and establish horizontal position and elevation
for each of the common points which will be near the edges of the 350 feet per inch
scale photographs.

13. Measure and compute the bridges using photography of 350 feet per inch scale
and control from the control survey and control established for the image points com-
mon to both scales of photography by use of the 1,400 feet to one inch scale photography.
Plot the bridged control points on a manuscript at the scale of 50 feet per inch and
compile the topographic maps with contours at a 2-ft interval, or measure profile and
cross-sections.

14. Design the highway based on the maps or stereoscopic model measured cross-
sections.

15. Using the control survey as positioning origin, compute a description of the
centerline of the designed highway and stake it on the ground for construction.

CONCLUSIONS

Stereotriangulation bridging for highway location and design is feasible and eco-
nomical. It will improve the quality of each photogrammetrically made survey because
the plotted position of bridged control points will result in a better individual solution
for each stereoscopic model.

Targets will improve the accuracy of horizontal control bridging but may not improve
the accuracy of vertical control bridging. Continued research on materials for, and
colors, shapes, and placement of targets is needed. Being able to see a target on a
contact printed photograph is a long way from making an accurate measurement when
it is magnified eight or ten times in the view provided by the Stereoplanigraph for the
instrument operator. Most of the usefulness of precise measurements for the hori-
zontal and vertical position of targets is lost whenever the targets do not provide clear
definite patterns of good contrast.

Use of photography taken with a camera having an efficient fast shutter should give
better bridging results than photography taken with a camera having an efficient slower
shutter. Camera movement during exposure causes a fuzzy appearance in the images,
and poor lens resolution will also produce fuzzy images; therefore, in order to take
advantage of a fast shutter, the resolving power of the lenses (with slow and fast
shutter) should be approximately equal. The test results were approximately equal
for the two speeds of shutters.

The use of multiple scales of photography for control extension is feasible and will
give "by-products' that will more than pay for the photography. Tables 6 and 7 show
results to be expected for three different scales of photography.

The spacing of field surveyed control required for stereotriangulation is somewhat
nebulous but, at this time, one horizontal and two vertical control points every fourth
stereoscopic model will produce results consistent with the photography quality,targets
used, and field surveyed control usually obtained.
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Use of Aerial Photography in the Kansas Courts

ORVILLE E. CARUTHERS, Jr.
Assistant Attorney, Kansas State Highway Commission

sAERIAL. PHOTOGRAPHY frequently plays an important part in preparation of a con-
demnation appeal case for jury trial and in presentation of facts to the jury in Kansas.
Generally, an aerial photograph is competent evidence in court on the same basis as
oral testimony.

The aerial photographs discussed herein were furnished by the Photronics Depart-
ment of the State Highway Commission of Kansas from photographs taken by the Pho-
tronics Department and printed in its laboratory. The Photronics Department owns
and operates a Cessna 182 Skylane aircraft equipped with a Wild RC-8 camera. Cronar
base film was used in taking the photographs at the usual image area size of 9 inches
by 9 inches for each exposure. The current practice of the Photronics Department is
to make two flights at a height of 6, 000 feet above the ground—one along each side of
the highway survey project The ground area coverage of the adjacent matching side
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largements are useful in several ways. Under Kansas law compensation to landowners
for real property taken or damaged by condemnation is determlned by jury trial after

an appeal is filed, by either the condemnor or the landowner, from the amount of com-
pensation to the landowner determined by three court-appointed appraisers. Until
January 1, 1964, expert appraisal witnesses appearing in condemnation appeal trials

in Kansas were required to appraise the entire acreage under one ownership operated

as one unit. The opinion testimony of these appraisal witnesses was the market value

of the entire unit before the market value of the land taken, and the market values of

the remaining land before and after the taking. After January 1, 1964, a new Kansas
statute stipulates the measure of compensation shall be the difference between the mar-
ket value of the entire property before and the market value of the remaining tract after
the taking. To arrive at these values the appraiser must be aware of all pertinent fea-
tures of the entire unit. If the taking is froma farm unit, this can involve hundreds of
acres and all the improvements on the unit. Frequently, a review of an enlargement of
an aerial photograph will reveal facts which were overlooked on actual inspection of the
unit. Such features as erosion scars, watercourses, ponds, trials, roads, terraces,
and trees are easily identified on an aerial photograph. Where improvements are altered
or removed after the date of taking, an aerial photograph can be useful as a review and
check of the inventory of improvements made by the appraiser (Fig. 1). Figure 1 is

an enlargement of a photograph taken from a flight height of 1, 500 feet during considera-
tion of proposed alternatives for a highway location. This photograph was used to pre-
pare a witness for anticipated cross-examination concerning the improvements on a farm
unit when it was discovered he was not completely familiar with the improvements and
had not inventoried them as of the date of taking. These buildings were more than a
half-mile away from the highway right-of-way taken by condemnation, but since they
were a part of the same unit, valuation witnesses were subject to cross-examination
concerning the value of these buildings. This photograph was kept handy during trial

as an aid in cross-examination of the landowner.

In highway condemnation appeal trials in Kansas, values are determined as of the
date the amount of the court-ordered appraisal is paid into court. This date then be-
comes the ""date of taking" of the property. The aerial photographs should be taken as
nearly on that date as practicable. Any appreciable lapse of time between the date of
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Figure 1j

taking and the date of photography increases the risk of material changes appearing in
the premises and increases the risk of the court sustaining objections to the introduc-
tion of the photographs into evidence. Some photographs taken four years previously
have been used by previous agreement with landowner's attorney.

An aerial photograph may become the very center of the trial. An enlargement of a
photograph was described by a local attorney representing the highway commission in
his final argument as the most important one item in the trial. An enlargement often
is used by both parties and by most witnesses during their testimony. In some counties
all exhibits, including the aerial photographs, are delivered to the jury room when the
jury retires to deliberate, and in other counties an exhibit is delivered to the jury dur-
ing deliberation only when that specific exhibit is requested. In the majority of the
cases the aerial photograph is requested. Aerial photographs have become familiar
enough to the average person serving as a juror to allow him to understand and utilize
the information available through visual examination of the aerial photographs.

In his book, "Trial Technique, " Irving Goldstein has this to say about the value of
exhibits: "A good exhibit will continue to argue the merits of the attorney's cause long
after his voice has been stilled. A jury may forget some of the oral testimony, but
members of the jury cannot very well overlook or forget the exhibit which serves as an
ever present reminder of the truth of testimony contentions."

Under Kansas law, the court exercises its discretion as to whether or not the jury
is shown the land in question.

In some counties a view is never permitted, and in some counties the general prac-
tice is to show the land to the jury. Where the jury does not view the land, photographs
are the only guide a jury has concerning actual conditions, apart from verbal descrip-
tions and opinions expressed by witnesses who are presented by one party or the other.
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Where the jury does view the land, the view is generally quite limited and does not de-
tract from the usefulness of the photograph.

At present, Kansas has an inverse condemnation case approaching the trial stage.
This case alleges that the highway commission took property and property rights with-
out compensation by highway construction in 1959. This action was filed against the
highway commission in 1961, and the hunt for convincing evidence of what occurred in
1959 followed. The Photronics Department was able to locate and obtain 1, 000 feet to
1 inch scale contact print of an aerial photograph taken in 1956 for the United States
Government. From this printa negative was made, and the portion pertaining to the area
in question was enlarged to a scale 100 feet per inch (Fig. 2a). To people who work with
photography this enlargement may be something less than a work of art, but to an attor-
ney this enlargement is a thing of beauty, as it is an eyewitness who will not forget, and
may even accompany the jury into the jury room during their deliberations. As a com-
parison, the Photronics Department made a photographic enlargement of the same ground
area from a portion of an aerial photograph in its own files, which had been taken in
1960 (Fig. 2b). These enlargements provide a photographic record of "before" and
"after" for comparison. The major point to be established is the location of the traveled
ways before and after the construction in 1959.

In a condemnation appeal tried before a jury, the court generally instructs the jury
that the burden of proof is on the landowner. Nevertheless, it is often thought the jury
subconsciously expects the condemnor to pay for an item of damage which is testified
to, or prove it does not exist. In other words, it may be the prevailing thought the

. O

landowner should not be forced to speculate or stand the risk of any loss. This idea is
often forceably argued by landowners' counsel in final argument, where it is emphasized
the landowner can never come back into court and sue again, if damage develops later
from the improvement beyond any then anticipated. An aerial photograph often will
place enough additional information before a jury to reduce speculation.

In what might be called a typical condemnation situation, the Highway Commission

of Kansas, as a condemning agency, has a very limited possibility of reducing the origi-
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nal award or even of maintaining it. It only takes an occasional substantial increase,
however, to forcefully remind the attorney how essential it is to present all the informa-
tion he possibly can to the jury

In a recent case, an aerial photograph was available but was not used because the
local highway resident engineer professed to regard any aerial photograph or enlarge-
ment as "distorted" and declined to verify any photograph or markings on any photo-
graph. The small amount of the original award did not appear to justify the expense or
inconvenience to another department to bring an engineer from some distance away to
testify. The landowner brought in testimony in excess of $14, 000 compared to a court
award of $1,600 appealed from. The jury awarded $4, 800 additional. It would be pure
speculation to claim the presence of a photograph in the court would have reduced the
verdict any definite amount. One portion of the land taken and adjacent damage to the
remainder, however, could have been shown much more effectively to have been a
swampy area. In another case, the sight of an aerial photograph (Fig. 3) on the attor-
ney's table prompted the landowner to revise his testimony concerning his "level farm
land" and to describe the terraces accurately. This occurrence is indicative of the
respect and weight given any photograph, but more especially, an aerial photograph.
In a third instance, a licensed real estate broker testified the land "sloped gently to the
south, ' in support of his valuation testimony. A few minutes later, oncross-examina-
tion, this witness was confronted with an enlargement of an aerial photograph (Fig. 4)
which clearly showed a drainageway across the tract and several large terraces. Mem-
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bers of the jury might have seen this topographic condition when they viewed the land,
but the jury would view the land at some convenient interval during the trial and pos-

sibly would not readily recall the discrepancy, whereas the photograph was instantly

available and the contradiction was immediate and apparent.

An aerial photograph or a photographic enlargement of it is not a diagram or map,
or a substitute for either one, but is a record of what all the property looked like on
the date of photography, and stands as continuing testimony of the appearance of the
property each time the jury's attention is directed toward the photograph, both during
trial and during the jury's deliberations at the conclusion of the trial. It shouid be noted
a properly taken aerial photograph speaks impartially. The fairest verdict should be
one based, however, on the least amount of speculation and guesswork,

The process of properly preparing a photographic enlargement of an aerial photograph
and marking it for use as an exhibit is a task requiring extreme care and double check-
ing. A most important consideration is accuracy of the work. It should be stressed
this does not mean precision. A photographic enlargement will not be to an exact scale,
so delineations on it should be done with great care, supplemented by as much checking
by measurements from landmarks to land survey description corners or property and
other lines as is feasible.
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