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Preface

During the past several decades, an impressive amount of research has been
conducted in the development of new materials and technology to design, con-
struct, and maintain vehicular bridges. Much has been learned about these
complex problems and should be conveyed to a user community that represents
such varied interests as state, federal, and local governments; private trans-
portation agencies; consulting engineering firms; industry; planners; scientists;
and engineers. Much remains to be learned, and this user community should
be involved in guiding future research programs.

A continuing trend toward heavier loads and increasing traffic volumes,
combined with adverse environmental conditions, has resulted in a reduction in
the life expectancy of bridges and more rapid deterioration of existing bridges.
A comprehensive review of the national bridge inventory by the U.S. Department
of Transportation concluded that approximately 40 000 bridges on the Interstate
highway system alone are structurally deficient and functionally obsolete. Sim-
ilar bridge problems are faced by railroad and transit agencies.

The problem is widely recognized; both federal and state appropriations and
operating agency appropriations are continually increasing for bridge construc-
tion and maintenance. An even larger effort must be made if the nation's sur-
face transportation system is to function efficiently. Because funds are limited
for bridge construction and for the repair, rehabilitation, and strengthening of
existing bridges, a careful evaluation should be made of all available technology
and needed research to ensure the optimum use of resources.

The Bridge Engineering Conference was organized to facilitate an interchange
of information on all aspects of design, construction, rehabilitation, and main-
tenance of vehicular bridges and to have specific emphasis on problems and so-
lutions of interest to highway, railroad, and transit bridge engineers, admin-
istrators, and managers. The papers in Transportation Research Records 664
and 665 constitute the proceedings of the conference held September 25-27,
1978, at the Chase-Park Plaza Hotel, St. Louis, Missouri. These two records
contain all of the papers prepared in advance of the conference as well as sev-
eral that were not included in the program due to limitations of time and space.

Organization and direction of the conference were the responsibilities of the
Conference Steering Committee, whose members are listed on the reverse side
of the title page of this Record.

The Bridge Engineering Conference was partially funded by the Federal High-
way Administration and Federal Railroad Administration. The following organ-
izations cooperated to make the conference possible:

COSPONSORS

Federal Highway Administration

Federal Railroad Administration

PARTICIPATING AGENCIES

American Association of State Highway and Transportation Officials

American Railway Engineering Association

American Road and Transportation Builders Association

American Society of Civil Engineers

International Association for Bridge and Structural Engineering

Missouri Pacific Railroad Company

Missouri State Highway Commission

National Association of County Engineers



The Eads Bridge, St. Louis, Missouri, 1874. Designer and builder, Capt. James Buchanan Eads. Designated National Civil Engineering
Landmark.
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THE DEVELOPMENT OF THE ONTARIO HIGHWAY BRIDGLE DESIGN CODE

P.F. Csagoly and R.A. Dorton, Ontario Ministry of Transportation and Communications

At the end of 1975, the Ontario Ministry of
Transportation and Communications decided to
develop a Code for designing Ontario's highway
bridges. Structural research in the Ministry,
which began in 1969, has been successful in
clarifying several aspects of structural
behavior and load-carrying capacity. The
activities concentrated on proof-testing exist-
ing bridges of questionable strength, inspecting
and recording a large number of structures for
various common faults; many the result of
inadequate design practices. The resulting
Ontario Highway Bridge Design Code is based on
the existing AASHTO Specificationms, but with
most provisions for working stress design
eliminated. For both serviceability and ultimate
limit states, an upper-bound representation of
all commercial vehicles observed in Ontario
through various load surveys is employed. The
use of deflection and stiffness criteria has
been re-evaluated for each structural material.
Impact and dynamic response is treated as a
function of resonance frequencies. While
introducing provisions for 0.3% deck reinforce-
ment, crack control is made mandatory. The

Code will discourage the use of single load path
structures., New provisions on hydrology,
drainage and various dimensional requirements
are intended to achieve low maintenance
structures. New sections are devoted to non-
traditional analysis, soil-steel structures

and the evaluation of existing bridges.

The objective of this paper is to highlight
the new provisions of the Code and to provide
information on the background research and study
which led to their inclusion.

Background Research and Testing

In 1966 the Ontario Trucking Association made
several presentations with the aim to increase
the permissible weight of commercial vehicles.
Although the legal Ontario weights were nearly
twice as large as those recommended by AASHTO (1),
the Ontario highway bridges had shown no distress
due to overloading. This created skepticism of the
validity of the AASHTO Code. The Ministry responded

to this skepticism and originated a bridge testing
program in 1969, in order to identify the magnitude
of extra load-carrying capacity hidden due to the
suspected conservatism of the Specifications and
the unrefined nature of "traditional" methods of
structural analysis.

The testing program, which at the time of
writing this paper included over 125 bridges,
revealed three significant facts:

1. The actual load-carrying capacity of highway
bridges can exceed by a substantial margin the
value established by "traditional" methods of
analysis.

2. The load-carrying capacity can be predicted
with certainty by refined methods of analysis,
verified in turn by prototype bridge testing.

3. The margin of unaccounted-for extra capacity
was observed to vary between 107 on steel trusses
to 3,000% on concrete rigid frames.

Rationale for a New Code

It was considered important to have available
a metric design code in 1978, as this is the target
date for metric conversion for the construction
industry in Canada. The most important factor in
the Ministry's final decision to write a new Code
was the availability of several significant research
and development findings from Ministry work carried
out by universities and the Ministry's Research and
Development Division. Documentation more substantial
than internal research reports was required as
bridge designers need the backing of an accepted
specification for their regular design activities,
and it was thus essential to codify the research
findings. The time necessary to incorporate these
into either the CSA (2) or AASHTO (1) codes was
considered prohibitive. In addition, the uncertainty
in these specifications over the use of load factor
or limit states design did not coincide with the
Ministry's objectives to have a rational limit
states format in operation as soon as possible to
the exclusion of all other methods.

Preparation of the Code

The task force comprising 95 engineers is
governed by an 11 member Code Control Committee,



which 1s responsible for the general concepts and
broad philosophy of the Code as well as the review
and acceptance of the technical sections written
by sub-committees. The Code Control Committee is
represented by MTC, the federal government of
Canada, universities, and consulting engineers.

A sub-committee was formed for each of the 17
anticipated Code Sections, with chairmen appointed
from MIC or the universities. The average committee
size is five, and the sub-committee membership is
from governments, universities, consulting engineers
and industry of Canada and the United States.

Writine of the Code was berun immediatelw
WIYITINng oI the LedEe wWag oegun immecliately

following a seminar in May 1976, attended by all
members. Following reviews of content and outline,
the first drafts were submitted in March 1977.
These were subjected to detailed review by the
Code Control Committee and revised drafts were
submitted for editing. These edited drafts were
issued for public comment in February 1978 with the
final content of the Code scheduled to be completed
late in 1978,

Each Section of the Code will comnsist of four
possible subdivisions:

1. The Code proper which will be prescriptive
and binding.

2. Charts or diagrams giving detailed data in
an Appendix which will be binding.

3. A commentary giving justification or
background information on each Code clause.

4., A supplement of background data or research
information considered essential for a full under-
standing of the Code.

General Concepts

The first proposal for a new design load based
on survey data on actual truck loadings in Ontario
was given in 1973 (3). In addition to the live
loading model it defined a load factor approach
and a new proposal for dynamics of bridges.

The most important concept established for the
Code was that it should be presented in the Limit
States format. This was to apply to all Sections
and all materials, and meant that the Working
Stress method of the present CSA-S6 and the
optional Working Stress or Load Factor approach
of AASHTO would not be permitted. The Limit States
approach requires that load factor and performance
factor values be given in the Code, based on
statistical data on load and strength variations,
and calibrated to a pre-selected value for the
Safety Index R.

A major objective of the Code was to transfer
the growing knowledge of the acfual hehavior of
existing bridges from the full-scale load test
program (4, 5, 6) into definable clauses for the
evaluation of the load-carrying capacity of existing
bridges. In addition to evaluation methods based
on testing experience, the Code defines rating
and posting loads that are directly related to the
design loads for new bridges and hence the existing
trucks on the highway. The increased concern for
minimizing maintenance is expressed through new
clauses covering bridge hydraulics, deck drainage
and durability.

The importance of advanced techniques is
evidenced by the addition of a Section on '"Methods
of Analysis" which gives guidance on analytical
methods that are accepted or recommended. The Code
is a design code, and hence construction items
have only been included if they were considered
essential to the designer.

Limit States Design

Background

Limit States Design was developed and adopted
for structural design during the 1950s, and has
since been widely accepted by many European
countries. General use of the method in North
America has been somewhat slower, although the
basis was established as early as 1963 in the ACI
Building Code (7), but under different terminology.

The advantages of the Limit States Design
approach towards achieving more uniform structural
safety and economy are well documented (9, 10, 11).
Safety and Limit States Design are comprehensively
defined by MacGregor (9) and were used extensively
in the development of the Code. He states: '"When
a structure or structural element becomes unfit
for its intended use it is said to have reached
a limit state.

Limit States Design is a design process that
involves:

1, Identification of all potential modes of
failure, i.e. limit states.

2. Determination of acceptable levels of safety
against occurrence of each limit state.

3. Consideration by the designer of the sig-
nificant Limit States."

The Code defines the Limit States in two
groups, Ultimate Limit States and Serviceability
Limit States (8).

Ultimate Limit States

The ultimate limit states correspond to the
maximum load~carrying capacity of the bridge or
a component, and are associated with the extreme
loading cases. These states may result from loss
of equilibrium, fracture of a section, formation
of a mechanism due to plastic hinge development,
and buckling.

Elastic methods of analysis are to be used in
determining the response of the structure at the
ultimate limit states, which is consistent with
current North American codes such as AASHTO (1),
NBC (7), and ACI (12), and most European codes.
While it is true that the structure is unlikely to
behave elastically throughout the load range, and
that plastic redistribution will occur normally
before an ultimate limit state is reached, it is
recognized that methods of analysis involving
inelastic behavior are not generally available to
the designer at present.

The ultimate strength calculation of sections
is based on the present well-established North
American procedures., For reinforced concrete in
flexure the calculation is based upon strain
compatibility and an equivalent rectangular concrete
stress distribution at the 0.85 f! level. For steel
sections in flexure, the plastic moment 1s assumed
to be attained for braced compact sections, but
the yield moment is used for non-compact and
unbraced sections.

For the ultimate limit state design calculations,
load factors are applied to all load and force
effects, and performance factors to the resistance
or strength.

Serviceability Limit States

The serviceability limit states concern the
disruption of the functional use of the structure



and are associated with the loadings for normal use.
A bridge may be considered to have reached the
serviceability limit state because of local damage
such as cracking and spalling of concrete, vibration,
excessive deflection, and fatigue. Elastic methods
of analysis should be used to determine the response,
as the structure is expected to behave elastically
at the stress level or deflection value specified
for these states.

There are two live load levels to be considered
for the serviceability limit states. For fatigue,
where the accumulation of many repeated events
is the criterion, the live load corresponds to one
heavy truck train. This service load is also
applied to vibration calculations for human response.
A multiple truck loading must be considered for
states such as local damage and permanent defor-
mation below the ultimate level.

Some serviceability limit states were covered
implicitly in the Working Stress Methods of
previous codes. They are now more clearly defined,
the loadings and checks are more explicit, and
many are new to bridge codes.

Human response to vibration, for bridges
designed for varying pedestrian use, is covered
by a frequency dependent limit on dynamic deflection.
For substructure design, settlement is the most
important serviceability condition, as any differ-
ential settlement causes superstructure and
roadway deformations.

The cracking level of deck slabs is a critical
criterion for deck durability. Cracking im all
reinforced concrete is controlled by a service level
limit on tensile reinforcement stresses, with the
value dependent upon exposure conditions.

For steel the live load deflection limitations
of previous codes have been removed, to be replaced
by new dynamic and vibration controls. Inelastic
deformation must not take place at the serviceability
limit state to prevent permanent set. For high
strength friction bolts in shear, the slip of the
connected parts is controlled. Fatigue limits are
set as a service condition for main members,
connections and secondary members in steel,

For bearings and expansion joints, performance
under the movements due to temperature, shrinkage,
creep, and live load is a service level condition.

The serviceability limit state conditions are
many and varied, and each designer will have to
ensure that all the states appropriate to the
particular structure being designed are properly
investigated.

Design Equation

For the ultimate limit state the required
design relationship is that the factored resistance
must exceed the sum of the factored load effects.
Thus:

¢R 2 LKL (1)
where:

¢ = Performance Factor

R = Resistance

K = Load Factor

L Load Effect

The performance factor ¢ is applied to the
resistance to account for the variabilities in
material properties, dimensions and workmanship,
the uncertainties in methods of computing resistance,
and the type of failure being avoided. The load
factors K are applied to the loads to account for

uncertainties in the analytical methods, the unpre-
dictable behavior of the structural system and to
account for the variability of the loads themselves.

As the variability in loads would be expected
to be non-uniform among dead load, live load and
earth pressure, for instance, different values of K
could be expected. Similarly the variability in
dimensional tolerances between steel beams, cast-in-
place concrete and asphalt, for instance, would
indicate the same. For simplicity, AASHTO has used
a value of K = 1.3 for all loads, and varied the
live load magnitude for different load combinations.

In the Ontario Code greater precision has been
sought by selecting the best value for the load
factor for live load and each of four different
dead load effects. The extra work involved in using
a number of load factors is justified by the
improved accuracy. This is particularly true as
spans increase and the variable dead load factors
produce a significant improvement in accuracy, and
hence in more uniform safety and economy.

The separation of ¢ and K factors has been
maintained throughout the Code. This should be
borne in mind if a comparison is made with AASHTO,
where separation has been maintained for reinforced
concrete, but only load factors are given for steel,
without performance factors. In actual fact, the
load factor given for steel is a combination of both
factors, or K/¢, but quoted as a load factor (13).

The values of K and ¢ used in the Code were
derived as part of the Code calibration process
described later.

Design Live Load

That the bridge design live load vehicle
should be directly related to the legal highway
vehicle appears self-evident. The fact that this
relationship is very difficult to discern in many
jurisdictions is, however, true. This is probably
due to the fact that authors of bridge codes are
not usually in a position to set or administer
legal truck weights.

The maximum legal weights in 1944 were similar
to the 320 kN (72 kip) AASHTO Standard HS 20 truck
which was first specified for bridge design in
that year. This loading is still commonly accepted
in North America, except for those who specify an
HS 25 truck. Since 1944 the legal weights have
increased substantially reaching a peak value of
623 kN (140 kips) in Ontario.

Maximum Truck Weights

Ontario's present maximum legal weights for
trucks were established in 1971 following extensive
study of the effects of the proposed increases upon
bridge response (14). The formula which determines
the allowable gross weight, axle weights, or
combinations of axles is known as the Ontario
Bridge Formula (OBF). It relates the allowable
weight W in kips to the equivalent base length By
in feet, in the following manner.

- - 2
W 20 + 2.O7BM 0.0071BM (2)

The equivalent base length is defined as the
length over which the total weight on a group of
axles should be uniformly distributed in order to
produce substantially the same response on a
bridge as the group of axles itself. By is calcu-
lated by an equation whose inputs are individual
axle weights and interaxle spacings. With this



transformation any vehicle or group of axles can be Figure 1. Ontario Bridge Formula (OBF) curve.
quickly evaluated for acceptability. The formula has

been plotted as the lower curve in Figure 1. The 160 N\

two limits are W = 89 kN (20 kips) when By = 0, Qg»’

which is the single axle case, and W = 623 kN

(140 kips) when By = 24.4 m (80 ft.), which is the 140

maximum By value that can be generated with a
legal vehicle length limit of 19.8 m (65 ft.). The
various axle groups for the HS 20 truck have been 120
plorred on this diagram, and it can be seen that
this live load model represents only the lower
part of the legal weight curve (OBF). 100
The legal weight curve can only act as the
basis for a design live load if actual weights
never exceed the legal weights, which implies
perfect enforcement with no tolerance. To ascertain
actual truck weights, major surveys have been
carried out at truck inspection stations in Ontario.
A survey of 7,292 vehicles was taken in 1971 and
results were plotted to compare with the legal
weight curve. The first effort to establish a bridge
design load based on this survey data was made in
1973 (3), using an upper-bound weight curve known
as the Maximum Observed Load (MOL) curve. This
upper bound was best represented by a curve with
a constant band width of 100 kN (22.5 kips) above " - 4
the legal weight curve (OBF), as shown in Figure 1. 0 20 40 60 80
To verify the actual weights surveyed in 1971, EQUIVALENT BASE LENGTH, By, IN FEET
another survey of 9,864 vehicles, preselected to be Note: 1 kN = 0.225 kip
representative of the heavy trucks, was carried out 1m =3.28 ft.
in 1975. It was found that the MOL was still a
satisfactory upper-bound curve, but the percentage
of trucks falling between the OBF and MOL curves Figure 2. Maximum Observed Load (MOL) curve.
had increased since 1971. In 1978, improved weight
enforcement procedures were introduced. The new
regulations are based on a modified Bridge Formula
in ST units shown in Figure 2. The corresponding
modified MOL level was adopted as the basis for a
design live load model.
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Live Load Design Models

A live load design system must model the
following two aspects:

1. One heavy vehicle. This should incorporate
the effect of axle loadings for the design of the
floor system and short span members. The single
vehicle itself will also govern the design of short
to intermediate span bridges.

2. The presence of several vehicles. There are
two components of multiple presence. First, the
presence of more than one vehicle in a lane, and
second, the presence of vehicles in more than one

TOTAL WEIGHT ON AXLE GROUP

Il i = 13 i

lane. The first component applies to bridges above o] 5 0 15 20 25 30 (m)
the short span range, and most continuous structures. EQUIVALENT BASE LENGTH, By

The second atfects all multi-lane structures. Note: 1kN = 0.225 kip

1m =3.28 ft.
The single heavy vehicle model should be an

upper-bound representation of all vehicle weights,
as it will be applied to a design for the ultimate
limit state. The MOL curve was used as the basis

Figure 3. Diagram of Ontario Code design truck.

for developing the truck model which has to produce 60 140140 200 160 AXLE LOAD
the maximum response for both moment and shear using IN kN
either the whole truck or individual axles or axle

combinations. No single actual truck from the surveys ; GROSS WT.
could produce this required response, and hence an =700 kN
idealized 5-axle vehicle was developed (Figure 3) 36 |12 60 12

which is referred to as the OHBD truck and rese bles

a real truck configuration., The plot of this

OHBD truck and four other axle groupings thereof, ¥ 18m

using the By transformation compared to the MOL

curve (Figure 2), shows its suitability for OHBD TRUCK
capturing maximum responses. Note: 1 kN = 0.225 kip

1m =3.28 ft.



Determining the suitability of this OHBD truck
for the wide variety of continuous structures in
use, and developing the multiple presence aspects
of a live load system required a large statistical
study (15). A statistical description of Ontario
truck traffic was developed which included the
following:

1. 6,825 trucks taken from the 1975 survey.

2, A probability distribution of gross weight
ratio, which is the ratio of gross truck weight
to the legal weight limit, based on the 1975 survey.

3. A probability distribution for headway
distance between trucks.

The Code's sub-committee responsible for the
live load system selected the 700 kN (157.5 kip)
OHBD truck as the idealization of one heavy
vehicle. This decision was based on the truck's
ability to best capture various responses based
on the MOL study and the University of Western
Ontario report (15), and the fact that it was the
simplest and most practical model.

The live load system selected to model the
presence of several vehicles uses one 490 kN
(110.2 kip) truck in each lane, which is 70% of
the OHBD truck, and is combined with a uniformly
distributed load (UDL) (Figure 4). Lane reduction
factors are applied according to the number of
lanes loaded, and the intensity of the UDL varies
with the highway classification.

For the serviceability limit states the effect
of the mean of the loaded frequently occurring
vehicles was required. The service load has been
selected as 807 of the OHBD truck, thus having
a gross weight of 560 kN (126 kips).

The loading to be used for the evaluation of
existing bridges and for posting purposes is the
OHBD truck and two subconfigurations of this
truck (16). Thus the one basic truck configuration
can be used for ultimate and serviceability limit
states, for evaluation and posting, with obvious
analytical and computer programming advantages.

Dynamic Load and Vibrations

The impact factor in North American bridge codes
has remained unchanged for 50 years. It is a very
simple formula which attempts to describe a very
complex dynamic interaction between the vehicle and
bridge structure. Objectionable structural vibration
has been addressed by means of a live load deflec-
tion limit, or by specifying span to depth ratio
limits, neither of which achieve the desired
objective with modern highway structures. The
new Code makes substantial changes in the area of
impact and dynamic response based primarily on the
results of full-scale bridge testing. The new Code
values may change in the future as further data
are gathered, but this is a first step in relating
the dynamic design process to a more significant
parameter, the first flexural frequency.

Existing Specifications

The present AASHTO Specifications give impact
values as a function of span length in percentage
of the live load to be applied, i.e. dynamic
response is treated as a quasi-static load.

The AASHTO impact formula was first used in
1927, and it appears to have served reasonably well
for simple spans and short spans of that period,
having been based on impact tests of highway
bridges carried out in the early 1920s. It does not,

however, contain important parameters found to affect
the dynamic behavior of continuous bridges more
recently built.

The current slenderness limit of span/depth
<25 for beams has had its evolution traced back
to the AREA railway specification of 1905. The
limitation on deflection was first introduced in
railway bridge specifications in 1871, and was
very similar to the current AASHTO value of 1/800
of the span for deflection due to live load and
impact. These limitations have only been applied
to steel bridges and the sole reason for their
retention appears to have been expectation that
user discomfort from vibrations would be controlled
thereby. There is no justification for keeping
these controls on deflection today as they are
inadequate for their intended use, and criteria
relating to user response to vibrations can now
be specified.

With the present concern about bridge deck
deterioration there has been some reluctance to
abandon the deflection limits for fear that
increased flexibility would hasten deck deteriora-
tion. There appears to be no correlation between
flexibility and deck deterioration from investiga-
tions reported (17), and the usual deflection
controls for steel and concrete bridges have been
deleted from the new Code.

Recent Research and Testing

MTC has been investigating bridge dynamics for
more than 20 years. The initial work was done at
Queen's University, and dealt with human sensitivity
to vibration (18) and bridge vibrations measured
in the field (19,20). The measurements were carried
out on 52 bridges known to vibrate, and recorded
mid-span deflections with a simple deflectograph.
The frequency of vibration of the loaded structures
was generally the first flexural frequency, or a
forced frequency usually in the 2 to 7 Hz range,
corresponding to the typical truck bounce frequencies.

A plot of the Queen's University 1956-57 results
of dynamic deflection ratio against observed bridge
frequency (Figure 5) shows a considerable number of
bridges with impact over the maximum AASHTO value
of 0.3. The dynamic deflection ratio, or impact, is
the ratio of live load dynamic deflection to static
deflection at mid-span.

Between 1969 and 1971 MIC carried out dynamic
response studies on a number of continuous struc-
tures, including the voided post-tensioned concrete
deck type. MIC's own load test vehicle was used for
these tests, being a 5-axle tractor semi-trailer
unit with load varied by concrete blocks. The
results of 11 tests have been reported (21) and
Figure 6 shows the plot of impact against observed
bridge frequency. Only one bridge, with a flexural
frequency of 5.8 Hz, gave an impact value below the
AASHTO figure, and the values ranged up to a maximum
of 87% for a 5-span, post~tensioned concrete deck
structure. The report suggested that bridges with
natural frequencies in the 2 to 5 Hz range should
be avoided if possible, due to the high dynamic
response observed when bridge and vehicle fre-
quencies match.

The findings of this dynamic testing were in-
corporated in the dimpact proposals put forward in
1973 (3) and were used for the design of the
Conestogo River Bridge (4,5). For this 3-span
continuous plate girder bridge it was economically
impossible to avoid the 2 to 5 Hz band for all of
the first three flexural frequencies. It was
decided to abandon the AASHTO deflection and depth
limitations and design a very flexible structure
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with a first frequency ot 1.6 Hz. As the second
and third mode frequencies were within the band,
an impact value of 0.45 was used.

New Code Provisions - Dynamic Allowance

Although the dynamic and static responses of a
bridge structure to load are not identical, codes
in the past have assumed that the response is
identical as a design convenience. This practice is
continued in the new Code by providing for an
equivalent static allowance for impact, called the
dynamic load allowance. A general clause does allow
the use of advanced theoretical or experimental
dynamic analysis of the vehicle-bridge system to
establish the values of the dynamic load allowance.
Such an analysis would require the knowledge of
representative vehicle loadings and vehicle suspen-~
sion systems, a representative bridge structure
including damping characteristics, and the variations
in axle loads caused by irregularities in the riding
surface. Because such an analytical method is not
generally available or practical to use on a
particular structure, a quasi-static representation
is proposed for design purposes.

The dynamic load allowances are given in terms
of one OHBD Truck or part thereof, or the lane
load for the ultimate limit state, and the service
loading or part thereof for the serviceability
limit states. As two or more trucks on a bridge are
unlikely to be dynamically identical and in-phase,
it is expected that the maximum dynamic effects due
to one truck are greater than the maximum effect
per truck when more than one truck is present. For
this reason modification factors (Table 1) are
applied to loading cases of more than one truck.

Table 1. Modification factors for dynamic load
allowance.

Loading Case Modification Factor

More than one OHBD Truck
More than two OHBD Trucks
Four or more OHBD Trucks
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The specified dynamic load allowance values
apply to all construction materials except wood.

The typical damping values for wooden structures are
about three times the values observed for steel or
concrete structures of similar frequency, and for
this reason the dynamic load allowance for wood has
been reduced to 0.7 of the specified values and is
only applied to certain structural types.

A dynamic load allowance of not less than 0.4 is
specified for deck slabs and deck systems, the
designs of which are controlled by wheel loads. This
value covers the impactive action of wheel loads
where the approach riding surface has been paved to
normal standards, and assumes that the dynamic
response effects are insignificant. For floor beams
and stringers spanning less than 12 m (39 ft.), the
specified value is > 0.35.

For main members the dynamic load allowance is
specified as a function of the first flexural fre-
quency of the members as shown in Figure 7. To avoid
undue refinement in the calculations, a variation of
+10% in the calculated frequency must be allowed in
selecting the dynamic load allowance, reflecting a
degree of uncertainty in the frequency calculation.



For flexible, long-spanh structures with a fre-
quency of less than 1 Hz, and short-span structures
with a frequency greater than 6 Hz, the maximum
AASHTO impact value of 0.3 is retained for the
dynamic load allowance. For structures where a
resonance condition is possible, values are reaching
a maximum value of 0.45 in the band of 2.5 Hz to
4.5 Hz. The pitch and bounce frequencies of most
heavy commercial vehicles in Ontario fall within
this band.

New Code Provisions - Vibration Control

A serviceability limit state has been specified
to control objectionable vibrations for pedestrian
users of various types of bridges. To achieve this
control, a restriction has been placed on deflection
in relation to the first flexural frequency of the
bridge.

Structures have been placed in four classes,
each class having its own deflection-frequency limit
curve. These curves have been based on a number of
studies of human response to vertical vibration
(18,22), with the acceleration parameter changed
to the equivalent deflection parameter for ease of
calculation.

Methods of Analysis

The present AASHTO Specifications give little
guidance on methods of static analysis for bridge
superstructures, except for the clauses on
distribution of loads. In the new Ontario Code, the
section on methods of analysis replaces the load
distribution clauses and expands the coverage to
indicate approved methods of design analysis.

Background

It has long been recognized that the distribu-
tion factors given in AASHTO are lower-bound values
to cover a wide variety of cases, and thus lead to
overdesign for some structures. There has always
been a general clause which allows a rational
analysis to replace an empirical formula, but there
has been little active encouragement to use advanced
methods of analysis.

The removal of the deflection limitation for
steel beams could lead to more flexible structures,
for which the load distribution is better than for
present structures. As an example, the Conestogo
River Bridge (4) had an equivalent distribution
factor of S/7.5 based on a grid analysis, compared
to the AASHTO empirical value of S§/5.5. While the
simple distribution factor approach has served well
in the past, and was necessary when more complex
analysis was very time-consuming, the availability
of computer programs for advanced methods of
analysis means the empirical approach is not appro-
priate for all structures today.

For these reasons the distribution factor
approach has been reconsidered, and where still
found acceptable, has been given in a more accurate
format, but much of the simplicity of the old method
has been retained. For the areas considered un-
acceptable, preferred methods of refined analysis
are given for different categories of structures.
In addition, guidance is given on conditions
affecting the selection of the method of analysis
and on the idealization of structures for analysis.
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Simplified Methods

Two simplified methods of analysis are allowed,
subject to prescribed conditions being fulfilled.
One is a distribution coefficient method and the
other is the beam analogy method.

The distribution coefficient method is comparable
to the AASHTO distribution factor method, the
application being similar by the use of a load
fraction S/D applied to the wheel loads. D is given
a value in AASHTO according to bridge type, but is
selected from charts for each bridge by the Ontario
Code in accordance with the number of lanes and the
stiffness properties of the particular structure,
thus providing improved accuracy. The method is
approved for use in calculating longitudinal moments
and shears in bridges with shallow superstructures,
subject to restrictions on continuity, skew, curva-
ture, beam spacing, and variations in section. The
shallow superstructures to which the method applies
include solid slabs, shallow voided slabs, slabs on
girders, grillages and shear connected beams.

The procedure for longitudinal moments is to
calculate the torsional parameter o, which is a
function of the longitudinal and transverse bending
stiffnesses and torsional stiffnesses, and the
flexural parameter O, which is a function of the
bending stiffnesses in the two directions, the
bridge width and span length. With these values of
o and O, a chart is selected based on span and
number of lanes which gives D as a function of o and
©. A typical chart for a 2-lane bridge is shown in
Figure 8. Separate charts are provided for moment
and shear. The Code gives methods and charts for
calculating the various stiffness parameters and
hence o and © for all the shallow superstructure
types listed. The charts were derived by the use of
a computer program based on orthotropic plate
theory (23).

The beam analogy method, whereby the whole or
part of a bridge superstructure is analyzed assuming
it to be a one-dimensional beam, is limited to the
evaluation of longitudinal moments and shears due
to dead loads. In addition, the cross section of
the bridge must be substantially uniform, the skew
smaller than a specified value depending upon the
bridge properties, and the supports either line
supports or uniformly spaced discrete supports.

Figure 8. Chart of distribution coefficient
D values.
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Refined Methods

The following methods are approved for general
use for the analyses of the appropriate bridge types:

1. Grillage analogy methods.

2, Orthotropic plate theory methods.
3. Finite element methods.

4, Finite strip methods.

5. Folded plate methods.

These refined methods are well reported in the
technical literature and the Code gives reference
to representative papers without further detailing
of the methods. The Code does, however, give
detailed guidance on the idealization of shallow
structures for analysis by both 2-dimensional and
3-dimensional analytical methods.

Selection of Methods of Analysis

A number of approved methods of analysis have
been identified, and the structural responses to be
considered for each type of structure are shown in
Table 2, and factors affecting structural response
in Table 3. The Code gives tables for each bridge
type A to L in Table 2, relating the responses and
factors affecting responses to the approved methods
of analysis. These tables show the analytical
methods which can satisfactorily model each response
and response factor. Approval is required for the
use of any method of analysis which does not comply
with the requirements of the appropriate table for
the bridge type under consideration.

Table 2. Types of bridges and structural responses.

Structural Aesponses
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A, Slabs x X X x

B, Slabs on Girders x x X "

C, Shallow Voided Stabs 4 = X x

D. Grillages Ed x x X

E. Shear Connected Beams X x * X X

F. Single Cell Box Girders x o X X X X X|x

G. Multi-Cell Box Girders X X X X X X XX

H. Multi-Spine Box Girders X x X x X X X | X

I. Rigid Frames X X X X X

J. Trusses X

K. Arches X x

L, Waod Beams, Decks X X X X X

Table 3. Factors affecting structural responses.

>

Continuity of spans

Plan geometry

Edage stiffening

Variation of transverse cross section

Variation of longitudinal cross section
Diaphragms and Cross Frames

Wind bracing

Yielding supports and supports for skew spans

Temperature effects

- TIe@IMUOw®

Creep and Shrinkage

=

Floor system interaction

This specific guidance on the selection of
methods of analysis is new to North American bridge
codes and has been provided to ensure the use of the
most suitable methods for each bridge design, and
encourage the use of refined methods rather than
simplified or empirical methods whenever appropriate.

It is expected that the new provisions for
refined methods of analysis will require more design
time than before. It has been shown (24) that, on
the average, the cost of the computational part of
design does not exceed one percent of the total cost
of a bridge. Considering that a refined method of
analysis may lead to reduction of structural compo-
nent sizes, elimination of certain secondary members,
simplification and uniformity in detailing, even a
one hundred percent increase in actual design time
would appear justified.

Miscellaneous Provisions

General Features of Design

Hydraulic aspects are a major cause of bridge
and culvert problems. A recent international survey
of major bridge failures (25) showed that 66 of
the 143 failures were due to scour. To emphasize the
requirements for proper hydraulic design, it was
decided to expand the coverage considerably and
include it in the Code.

The hydraulic design aspects are largely based
on the procedures established by the MTC Hydrology
Section, and include requirements for all sizes of
bridges and culverts and their appurtenant works,
including design flood criteria, scour calculations
and protection, and backwater design.

In general, the Code 1s aiming at self-protecting
bridge superstructures. Other than spalling of the
deck surface, most deterioration problems were found
to be related to inadequate drainage facilities.
Provisions will require:

1. Improved design for drain-pipes;

2. Improved location of drain-pipes such that
brine is not spilled on other structural components;

3. Continuous drip around the perimeter of the
superstructure;

4, Minimum slopes of all previously horizontal
surfaces to eliminate ponding;

5. Minimum 8 in. gap between the end of the
superstructure and the abutment to permit inspection
and to ensure proper ventilation.

6. Minimum number of deck joints.

Miscellaneous Loads and Movements

Equivalent static wind loads for bridges are
based on the geographically dependent reference
wind pressure for a 50-year return period, modified
by given factors for exposure and gust effect, and
by a horizontal force coefficient which varies with
the superstructure type.

Thermal gradient effects have received little
consideration in the past, but recent realization
of the magnitude of the possible stresses induced
has caused concern. Values for the temperature
differentials through the depth of different types
of structure are given, and the magnitude of the
resulting induced moments can be determined from
the nondimensional curvature-depth relationships
given.



Substructure and Retaining Walls

The limit states format produced the major
change in this section. The limit states calcula-
tions cover both the substructure and piles acting
as structural members and the geotechnical capacity
of the supporting soil. Because the Code is the
first one in North America to use the limit states
format for substructures and soil capacity, much
original work was required in selecting the soil
performance factors, and establishing the ultimate
and serviceability limit states.

Concrete Deck Slabs

For the design of concrete deck slabs supported
by beams or girders, the current AASHTO Specifica-
tions assume that wheel loads are distributed over
a given length of slab, and the transverse spanning
slab strips are then designed as reinforced concrete
beams by the usual flexural theory. Such slabs
usually develop compressive membrane, or arching
forces, which allow a substantial reduction in
reinforcing steel (26,27).

Provided the deck system supplies sufficient
horizontal rigidity for the development of arching
forces, the specified empirical design method may
be used. The required reinforcing steel ratio of
0.3%, for each direction top and bottom, is little
more than the minimum normally supplied for shrinkage
and temperature effects, and the method thus becomes
a prescription for the amount of steel, provided
the appropriate boundary conditions are satisfied.
These boundary conditions are met by most existing
composite slabs, and include the following:

1. A solid slab of constant thickness with a
minimum value of 200 mm (8 in.) with edge stiffening.

2. Span of the slab perpendicular to the
direction of traffic no greater than 3.66 m (12 ft.).

3. Span/Thickness ratio of the slab not over 15.

The prescribed reinforcing is adequate to carry
all local wheel loads on slabs spanning between
girders, and is normally adequate to cover the
transverse bending effects due to load distribution
between girders. However, torsionally stiff box
girder systems should be analyzed for transverse
moments and shears in the slab due to differential
deflection of the girders. Details of the background
research and testing for the empirical method are
given in other conference papers (28,29).

Reinforced Concrete

Apart from the limit states format, the major
changes in the Code concern shear and torsion.

The shear provisions given for beams and
compression members are based mainly on the shear
provisions of the ACI Building Code 318-71 (30) and
the recent report of ACI-ASCE Committee 426 (31).
The shear stress carried by the concrete is a
function of the concrete strength and longitudinal
steel ratio, and is constant for a particular beam
whether or not the beam has stirrups (31,32). It is
assumed that axial compression will increase the
shear resistance of members and that axial tension
will reduce the shear resistance. Shear friction is
included and conditions when the concept may be
applied are given.

For members loaded in torsion, the clauses are
based primarily on the provisions of CSA Standard
A23.3 (é;). The basic equations for determining
the amount of torsional steel required to provide

a certain torsional strength are based on the 45°
space truss analogy (34).

Prestressed Concrete

Among several changes to the prestressed concrete
provisions are the following:

1. The maximum permissible compressive stress in
members produced in certified plants has been
increased since the final concrete strength is
controlled by that required at transfer, and the
28-day strength is generally higher than the
specified strength.

2. A limit has been imposed on the maximum
effective prestress in voided slabs to prevent
longitudinal cracking due to stress concentrations
over the voids (35).

3. To fully utilize the economic advantages of
low relaxation steels, the stress limit at transfer
and the stress limit at jacking have been increased.
The latter increase is limited to post-tensioned
construction.

4. The method of calculating prestress losses
differs from other codes, and the losses at transfer
and the losses after transfer are computed separately.

5. The effect on shear capacity of the presence
of post-tensioned ducts in thin webs is covered by
an expression for equivalent web width (36).

6. New expressions for the development length
of prestressing strands are specified to provide
bond integrity for the load capacity of the member.

Structural Steel

Among the numerous changes in the structural
steel section are the following:

1. Unlike the AASHTO Specifications, the Code
specifies a separate performance factor ¢ value
for structural steel.

2. Steels specified for primary tension elements
are required to meet minimum specified CVN values
for notch toughness (37).

3. The AASHTO formula for the strength of
compression members was found to give inconsistent
safety levels for different slenderness ratios and
has been replaced by the CSA Standards S16.1
formulae (38,39).

4. The requirements for bottom lateral bracing
for beam and girder bridges have been made less
restrictive and such bracing is now required only
for spans of 45 m (150 ft.) or greater.

Structural Fatigue

The Code requires that members, subject to
cyclic tensile stress during passage of the live
load, be proportioned on the basis of an allowable
stress range, Fgp, corresponding to a specified
number of stress cycles, N.

The stress range concept means that only live
load and dynamic load allowance stresses need be
congsidered when designing a particular detail for
fatigue.

The number of cycles of maximum stress range
for the Code was determined from available studies
of Ontario's truck traffic. The load spectrum from
the 1975 survey was evaluated against the response
of a single OHBD Truck for several simple spans
between 6.1 m (20 ft.) and 61 m (200 ft.) for shear
and moment.

The number of constant stress range cycles to be
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considered tor the design of bridges on the three
Ontario road classifications are given in Table 4.

Table 4. Stress range cycles, N.

Type of Average Daily Single

Road Truck Traffic {ADTT) Service Loads
Class A 1000 or more over 2,000,000
Class B 250 - 1000 2,000,000
Class C-1 50 - 250 500,000
Class C-2 0-50 100,000

The stress range 1s calculated using a single
service load crossing the bridge, the service load
being 807% of a single OHBD Truck amplified by the
corresponding dynamic load allowance. To discourage
the design of single load path structures, the Code
requires that allowable stress range be reduced by
25% for this type of structure. The Code emphasizes
that a minimum number of secondary members be used
and their components be appropriately designed for
both ultimate and service limit states (40).

Soil-Steel Structures

The Code provides tables for the design thick-
nesses of corrugated conduit walls for spans up to
7.9 m (26 ft.). These tables are the same as
presently provided by the corrugated metal pipe
industry. However, by the application of the limit
states design method given in the Code, conduit wall
thicknesses smaller than those given in the tables
may be possible. The prescribed limit states
method must be used for spans over 7.9 m (26 ft.),
unless a finite element method or other approved
refined method is employed. Special patented
'techniques, such as longitudinal beams, relieving
slabs, steel ribs and squeeze blocks, may be used
provided all the Code requirements are met. The
buckling computation is a refinement of the
conventional ring compression method. The calcula-
tion of loads differs from AASHTO by allowing for
active earth pressure on the top of the conduit
combined with passive pressure below.

The deformations of the conduit walls during
the backfilling operation have to be controlled so
that the conduit wall stresses do not exceed 907
of the yield stress of the steel. A simple formula
is given for the maximum crown deflection at which
this stress is reached.

The change from working stress design to limit
states design has been more difficult for wood
than for steel and concrete. There is no North
American wood specification in the limit states
format, and little of the test data needed for the
transformation was immediately available. A large
program of in~grade testing is currently under way
at the University of British Columbia, and the
availability of the test results from this and
other projects will determine many of the values
and provisions appearing in the Code.

The most common form of wooden bridge in Ontario
is the longitudinally laminated deck type. The
Code covers load sharing between laminations for
asphalt covered decks and composite wood-concrete
deck superstructures.

Rating of Existing Bridges

There is today a growing concern about bridge
maintenance, and an increased emphasis on preserving
and strengthening existing bridges when possible,
rather than replacing them. Maintenance and bridge
rating have traditionally not had the same attention
as new construction methods, design and analysis,
and in comparison many of the existing techniques
appear outdated. The full-scale hridge testing
program started in 1969 in Ontario was aimed at a
better understanding of the actual behavior of
bridges so that any built-in conservatism could be
identified and accounted for in evaluating load-
carrying capacity (6). The results of this test
program have had a large influence on a number of
the Code sections for new bridges as well as con-
tributing to the provisions of this section.

The aim of the new Code is to apply the refined
methods of analysis to bridge evaluation as well as
new designs, particularly when a posting limit or
possible replacement 1s being considered. The limit
states approach is the only method accepted in keep-
ing with the rest of the Code, and the rating and
posting loads are directly related to the design
live loads established through the latest truck
surveys (16).

The given performance factors ¢, and load factors
K, have been derived for new bridge designs. They
may be subject to change for bridge evaluation where
the future life expectancy or possible use of the
bridge differs from new construction.

Bearings and Deck Joints

The design or selection of bearings and deck
joints, the calculation of structure movements,
and provisions for structure articulation are all
covered in a systematic and comprehensive manner
in one section of the Code. The ultimate and
serviceability limit states to be considered are
defined and performance requirements are given.

The performance requirements have been set to
minimize maintenance and improve the durability of
structures. Inadequate anchorage of deck joints has
caused many maintenance problems in the past, and
minimum anchorage requirements are now specified.

Accessories

The accessories section applies to the structural
design of supports for highway signs, luminaires
and traffic signals, and of bridge railings. The
design of supports has been covered by AASHTO in a
separate specification (41), but the required
provisions are incorporated into the bridge spec-—
ification for the Ontario Code.

Construction and Temporary Works

This section covers loading of the structure
during construction by specifying loads and factors
different from those prescribed for the completed
structure.

Temporary works include the design for those
structural works necessary for the building of a
bridge, but not formihg part of the finished bridge.
The design methods are covered by other sections
of the Code, and the temporary works section
primarily specifies the loads and forces to be
used.



Code Calibration

The calibration process is the selection of the
values of the following design equation parameters
to achieve the objectives of the selected code format:

Performance factors, ¢
Load factors, K

The principal objective in using the limit states
format was to achieve more uniform structural safety
than provided by the previously used working stress
format. The calibration was carried out in two
phases. The first phase was the initial selection of
values for the parameters based on available statis-
tical data using second moment reliability theory
and a target safety index B. The second phase con-
sisted of a comparison of a number of bridge designs
carried out to the working stress methods of the
AASHTO Specification with designs to the new Code
using the initial values of the design parameters.
The parameters were then adjusted in light of this
comparison and the final safety levels assessed.

Background

When ultimate strength design methods were first
introduced 1n North America with the 1956 ACIL
Building Code, the values for load factors were
selected based largely on engineering judgement (9).
As probabilistic theories developed and some
statistical data on strength and load variation
became available, the safety provisions and design
parameters were revised accordingly. Another method
used to effect a change from one format to another
is to calibrate the new format parameters so that
the resulting structures have much the same strength
as structures designed to the old format. This
method was used when load factor design in steel was
first introduced into the AASHTO Specifications (13),
and the single calibration point was for a simple
span of 12.2 m (40 ft.). For other span lengths,
the strengths or safety levels would be different
by the two formats.

The method used for the AASHTO Specification
was not considered satisfactory for calibration of
the Ontario Code, as it presupposes a satisfactory
safety level for a particular span length using old
designs and does not take advantage of the statis-
tical data which are increasingly available. When
full data are available on all materials, all loads
and load combinations for a full sample of bridge
types, then the application of probability theory
based on an acceptable risk of failure will be
possible. This situation still appears to be some
years away, and the application of a lower level of
calibration is the only practical option today,
taking advantage of what statistical data are
available from various sources.

The safety index B is the basic measurement of
structural safety in current probability methods,
and was used in both phases of the calibration of
the Ontario Code.

First Phase Calibration

A second moment reliability method (42) was used
for the first calculation of load factor and
performance factor values.

A starting value of B = 3.5 was selected, based
on current typical values considered acceptable for
building design. The committees for each material
then calculated starting ¢ values based on available
statistical data. Data was often lacking or
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inadequate for bridges, and typical values had to
be selected from general construction experience.

These initial values of design parameters were
used in the second phase for comparative designs
using the first draft of the new Code.

Second Phase Calibration

The second phase calibration method (43) required
data on a number of structures designed to the
current standards. MIC provided information on
bridges designed to the AASHTO loading by working
stress methods, from which 11 were selected (Table 5)
as being representative of the most common types
presently used in Ontario. The selected bridges
covered the usual span ranges in each group, and the
typical span for each group was identified for use
in the weighting process. For uniform comparison of
live load effects all the selected bridges have
two traffic lanes, and are located on Class A
highways.

Table 5. Comparison of safety indices B by new
Code and by AASHTO.
Category Limit Span Safoty Indices Q
State Length AASHTO New
m Code
Steel {-Girders Moment 18.3 5.19 4,00
Moment 27.5 214 4.20
Moment 37.8 2,59 3.80
Shear 18.3 6.51 6.00
Shear 275 4.27 4.80
Shear 37.8 4.82 4,15
Steel Box Girders Moment 42,7 269 3.85
Shear 42,7 6.05 3.95
Pretensioned Concrete Moment 18.3 4.72 3.50
AASHTO Beams Moment 27.5 4.05 3.70
Moment 29.9 3.60 3.55
Moment 335 3.66 3.40
Shear 18.3 2.88 4.00
Shear 21.5 3.97 3.80
Shear 29.9 291 3.75
Shear 335 3.58 3.66
Post-Tensioned Concrete Decks Moment 32,0 4.93 3.90
Moment 38.1 4.45 4,10
Moment 40.3 3.77 3.85
Shear 32.0 3.73 3.35
Shear 38.1 3.29 3.45
im = 3.28 ft. Shear 40.3 3.07 3.40

These bridges were analyzed to obtain values of
structural safety in terms of the safety index B (44):
oo ®/5)

2 4 y2
VR VS

(3)

where:

R and VR = mean and coefficient of variation of
resistance,

S and VS = mean and coefficilent of variation of
load.

The load and resistance data were used in
equation 3 to calculate the safety index B for
moment and shear for each bridge.

The B values in Table 5 for current AASHTO
bridges vary from a low of 2.14 to a high of 6.51.
This range of B values justified the selected start-
ing value of B = 3.5, and it was confirmed as the
target B value for the next phase of calibration.

The selected structures were then redesigned to
the new Code, using the starting performance factor ¢
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values given by the sub-committees, and the starting

load factor K values from the first phase calibration.

The objective of the subsequent calibration
process (43) was to reduce the scatter of B values
by adjustment of the starting values of the design
equation parameters. With the calibrated values of
these parameters, the B values were recalculated to
check the variation from the target value of 3.5.
The results are shown in Table 5, and the B value
scatter has heen reduced to between 3.35 and 4.2
(45), except for steel girders in shear.

These calibrated values of the design parameters
were used in the draft of the Code distributed for
public comment, and are shown in Tables 6 and 7. The
values may be changed as further calibration work is
performed, before the Code is published.

Table 6. Calibrated values of load factors K.

Load Factor Description Load Factor Values

Live Load K . 1.35

Dynamic Load Allowance K. 1.35

Dead Load KDl for factory produced 1.15
structural components.

Dead Load KD; far cast-in-field 1.25

structural components
and all non-structural
components.

Dead Load KD for asphalt wearing 1.7
surface.

Table 7. Calibrated values of performance factors ¢.
Category Is'::‘t': ¢ Value
Steel Girders Moment 0.90
Shear 0.90
Pretensioned Concrete Beams | Moment 0.85
Shear 0.65
Post-Tensioned Concrete Decks | Moment 0.85
Shear 0.65

Closing Remarks

The Ontario Highway Bridge Design Code will
be published in late 1978, and work will then
begin on a revised edition to be issued one year
later.

The primary objective of the change to Limit
States Format - the provision of more uniform
safety levels - appears to have been achieved.
Whether improved economy has also been attained
can only be assessed when an adequate sample of
bridges has been designed to the new Code. How-
ever, it is expected that the increased design
live load can be accommodated and still produce
a 10% saving in structural materials.
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FATIGUE TESTS OF PRESTRESSED GIRDERS WITH BLANKETED AND DRAPED STRANDS

B. G. Rabbat, P, H., Kaar, H. G. Russell, Portland Cement Association

R. N. Bruce, Jr., Tulane University

In pretensioned girders, draping of strands can
be avoided by using straight tendons having
unbonded "blanketed" lengths at the ends of
girders. An experimental investigation was
carried out to determine the effect of repeti-
tive loading on the behavior and strength of
girders with draped and blanketed strands. Six
full-size Type II AASHTO-PCI girders were
tested. Two girders contained draped strands.
The other girders had straight strands with
four tendons blanketed at each end. The
effects of load level, development length, and
confining ties were investigated. The test
program called for 5-million cycles of 1loading
followed by a static test to destruction., The
paper presents results of the investigation and
shows that blanketed strands can be used suc-
cessfully if adequate strand development length
is provided. Fatigue fracture of strands was
observed in pPre-cracked beams where load 1level
produced tensile stress in the precompressed
concrete.

Highlights

Use of draped strands in pretensioned girders
presents problems for designers, fabricators and
inspectors. The tensioning procedure is time con-
suming, costly, and may leave doubt as to the
actual prestress level obtained throughout the
length of the strand. Draping of strands can be
avoided by using straight tendons having unbonded
"blanketed"” lengths at the ends of girders,

Test Program

An experimental investigation was carried out
at the Portland Cement Association Laboratories to
determine the effect of repetitive 1loading on the
behavior and strength of girders with blanketed
strands,

Six full-size Type II AASHTO-PCI girders, each
15.24-m (50-ft) long, were tested. Two girders
contained draped strands. The other four had
straight strands with four tendons blanketed at
each end.

Controlled variables in the test program were
load level, development length, and use of ties to
confine the concrete in the stress transfer region
of the blanketed strands. All specimens were
cracked prior to fatigue loading.

The test program called for 5-million cycles of
loading between dead load and dead load plus live
load. Static tests to full dead load plus live
load were performed before cyclic loading and after
1, 2-1/2 and 5-million cycles. At the completion
of 5-million cycles, the girders were tested to
destruction under static load.

This paper summarizes the experimental investi-
gation (1) and presents the results of the tests,

Conclusions

The results of the fatigue tests of this inves-
tigation indicate the following:

1. In prestressed bridge girders, concrete
stresses may be controlled by either draping
strands or, alternatively, using straight strands
having unbonded "blanketed" lengths at the ends of
girders,

2, For similar loading conditions, the behav-
ior and strength were the same for girders having
either blanketed or draped strands.

3. The fatigue life of specimens designed for
a tensile stress of 0,5/, MPa (6 VEL psi) under
full service load was significantly less than that
of specimens designed for zero tension.

4. In specimens designed for zero tension in
the concrete under service load condition, and
having blanketed strands designed for one develop-
ment length, 24, as defined in ACI 318-71, Clause
12.11.1, the behavior and strength of the specimens
with blanketed strands were similar to those of
conventional girders with draped strands.

5. In the specimen designed for a tensile
stress of 0.5VEL MPa (6vE, psi) in the uncracked
concrete under full service load and having blan-
keted strands designed for twice the development
length, 2 24, only small slip of the strands
occurred, This indicated adequate bond of the
blanketed strands for about 3-million cycles of
repetitive loading.,

6. In the specimen designed for a tensile
stress of 0.5VEL MPa (6VE, psi) in the uncracked
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concrete under full service load and having blan-
keted strands designed for one development length,
24, the blanketed strands slipped indicating bond
fatigue.

7. In the three specimens where cyclic loading
produced a tension of 0.5Vf% MPa (6VE% psi) in the
concrete, fatigue fracture of the strands occurred
at about 3-million cycles of repetitive loading.
These specimens included a control girder with
draped strands. The calculated minimum and maximum
stresses in the strands were between 980 and 1040
MPa (142 and 151 ksi), respectively.

8., Use of ties to confine the concrete in the
stress transfer region of blanketed strands in one
specimen did not cause any substantial improvement
in the behavior of that specimen.

Recommendations

Based on the test results and the conclusions
outlined above, it is recommended that:

1. In bridge girders, blanketed strands may be
used as an alternative for draped strands.

2. In bridge girders designed for no allowable
tension in the concrete under service load condi-
tions, the blanketed length of strands should be
calculated allowing for at least one development
length, 249, as defined by ACI 318-71, Clause
12.11.1. In most girders, the development length
can be greater than 23 without exceeding the
allowable concrete stress at the end of the gir-
ders. A 1length greater than 3 will result in
less strand lengths to be blanketed and, therefore,
would be more economical to manufacture.

3. In bridge girders designed for an allowable
tensile stress of 0.5Vf% MPa (6VEL psi) in the
uncracked concrete under service 1load condition,
the blanketed length of strands should be calcu-
lated allowing for at least two development
lengths, 2 {q. In most girders, the development
length can be greater than 2 24 without exceeding
the allowable concrete stress at the end of the
girders. A length greater than 2 %3 will result
in less strand lengths to be blanketed and, there-
fore, would be more economical to manufacture.

4, Use of ties to confine the concrete in the
stress transfer region of blanketed strands is not
necessary.

5. When tension is allowed in the concrete
under service load conditions, design of the
girders to prevent strand fatigue should be a
consideration.

6. Further research is needed to determine the
fatigue properties of prestressing strands. The
results can then be incorporated into specifica-
ticne and codes. Currently the designer is not
provided with any guidance regarding design of
strands for fatigue.

7. Research is needed to determine the 1level
of tension in the concrete at which pretensioned
girders would be able to withstand traffic loading
without strand fatigue during their design service
life.

8. Research is needed to determine how far
strands should be extended beyond the point where
they are not needed. In reinforced concrete mem-
bers, the cut-off point of a reinforcing bar is
governed by either a development length measured
from the critical section, or a minimum distance
(e.g., 15 bar diameters) (2) measured from the
theoretical point where the bars are not needed.
Presently, specifications do not provide the
designer with a minimum distance criterion for
prestressing steel.

Introduction

Strands are draped at the ends of prestressed
girders to control concrete stresses. Draping of
strands can be avoided by using straight tendons as
long as the concrete stresses at the ends of the
beams remain within the allowable limits. This can
be achieved by using the "blanketing" concept. The
effect of prestressing 1is eliminated in a given
strand by preventing bond with the concrete. This
can be achieved by greasing the strand, coating it
with retarder, or covering it with plastic tubing.
Greasing or using a retarder is risky because of
the possibility of affecting other than the speci-
fied strands. Plastic tubing is preferred because
it also provides an easy means of inspection,

The blanketing technique has been tested previ-
ously (3,4). However, further tests were needed
since recent Codes (5) and Specifications (2) per-
mit tension in the precompressed fibers under
service loads.

Therefore, the aims of this investigation were
to:

1. Determine whether tension in the concrete
under service load condition affects the develop-
ment length.

2. Determine whether one or two development
lengths, 24, (as defined by ACI 318-71, Clause
12.11.1) are required.

3. Determine whether ties to confine the con-
crete in the stress transfer region of blanketed
strands are beneficial.

Design of Specimens

Six full-size Type II AASHTO-PCI specimens were
tested in this investigation. Table 1 summarizes
the test variables. Cross sections, reinforcing
details and the loading pattern are shown in Fig. 1.

Test specimens were designed according to the
1973 AASHO Specifications (2) and the 1974 and 1975
AASHTO Interim Specifications (6,7).

Concrete strength at transfer of prestress, was
assumed to be at least 27.6 MPa (4,000 psi). The
concrete design strength at 28 days was taken as
34.5 MPa (5,000 psi).

The strands used were 11.l1-mm (7/16-in.) diam-
eter with a nominal strength of 1724 MPa (250
ksi). Prestress losses at service condition were
assumed to be 20%.

A minimum number of strands were blanketed to
ensure that the top and bottom concrete stresses of
the end regions remained within the allowable val-
ues. At each end, four strands were blanketed in
all girders having straight tendons only.

The blanketing location was determined from the
concept of development length. The procedure is
similar to that for stopping rebars in reinforced
concrete members.

One development length was calculated (2) to be
1.68-m (5 ft -6 in.). Location of blanketing
tubing relative to the position of the applied
loads is shown in Fig, 2. Strands were blanketed
in pairs to maintain symmetry. Only strands in the
bottom layer were blanketed.

Development length was measured from the loca-
tions where the strands were required to exhibit
their full strength. To force the cracks to occur
at these critical locations, crack forming devices
were placed in the test girders at the locations
shown in Fig. 2. The crack formers consisted of
55x454-mm (2-3/16x17-7/8-in.) pieces of 1.6-mm
(1/16~in.) thick sheet metal.



Ties to confine the concrete in the end trans-
fer region of all girders conformed with the
Louisiana "typical details for prestressed concrete
girder construction". The same confining tie
details were used at the stress transfer regions of
the blanketed strands of Specimen G14.

The choice of the range of 1loads for the
fatigue testing of Specimens Gl1l, G13 and Gl0 was
governed by the following criteria:

1. Under full service load, tensile stress in
the precompressed concrete fiber was 0.5 V£, MPa
(6VEL psi). Therefore, the dead load moment, Mp,
plus the live load moment, M;, caused a tensile
stress of 0.5y MPa (6VEL psi) in the bottom con-
crete fibers at midspan.

2. Calculated flexural capacity, M,, of the
girder at midspan was:

My = 1.3 Mp + 2.167 My,

These two conditions yielded the fatigue loads
Ppin and Ppayx for Specimens Gll, G13 and G10.
Load Ppij, corresponds to dead load moment in
addition to the selfweight moment. Load Ppax
corresponds to total dead load plus live load
moments.

For Specimens Gl4, G12 and Gl0-A, the maximum
service load, Ppay, was chosen to correspond to a
midspan bottom concrete fiber stress of 2zero ten-
sion. The minimum load, Ppij,, was chosen to be a
nominal 2.7 kKN (600 1bs.) required to keep the
rams in contact with the top of the girders. Table
2 summar izes calculated values for range of fatigue
loads, the corresponding midspan moments, stresses
in the bottom layer of strands and stress range in
these strands. Note that the loads Ppi, and
Ppax are the inner point loads of Fig. 2. The
outer point loads are 2.5 times the magnitude of
the listed loads.

Present Codes (5) and Specifications (2) do not
provide the designer with any guidance concerning
allowable stress range to prevent fatigue failure
in prestressing strands. The calculated stress
levels listed in Table 2 are much smaller than the
allowable stresses recommended by ACI Committees
215 (8) and 443 (9).

Test Prggram

Two loading systems were used to test each
specimen, The first was basically £for dynamic
loading, and the second for static tests to
destruction. The second system is shown in Fig. 3.

Dynamic loading was applied through four rams,
Each ram was secured to a concrete frame pre-
stressed to the laboratory floor. In PFig. 3, the
stems of two rams are in the retracted position.

To accommodate the large deflections required
to test the specimens to destruction, the test set-
up was modified. The second 1loading system con-
sisted of cross heads and tie rods. Loads were
applied by hydraulic rams reacting against the
underside of the test floor (10).

Instrumentation was first installed during man-
ufacture of the girders in the plant. Quantities

measured included prestressing force, strand
strains, confining tie strains, and camber.
In the laboratory, measurements of applied

loads, deflections, strand strains, confining tie
strains and strand slip were recorded during the
static tests.
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During the dynamic tests, measurements recorded
were strand slip and number of cycles of repetitive
loading.

Ends of the specimens were supported on a
127-mm (5-in.) diameter roller located between two
steel plates. A jig was erected at each support to
prevent the girder from rolling longitudinally
during the dynamic testing.

Testing started with 3 cycles of static loading
between Ppijn and Ppay. These predetermined
loads are listed in Table 2. To ensure that Speci-
mens Gl4, G12 and Gl0-A would crack, they were
loaded up to Ppay = 65 kN (14.6 kips) during the
static tests only.

Repetitive loading was applied at the testing
machine rate of 265 cycles/min. The large mass of
the girder necessitated a dynamic correction. This
correction was accounted for by controlling the
loads such that the deflections produced due to
cyclic loading corresponded with the measured mini-
mum and maximum static deflections,

To determine the effect of the cyclic loading
on the girder's response, dynamic loading was
interrupted at 1-million and 2.5-million cycles and
a static test was conducted between Ppj, and
Ppax- After 5-million cycles, the repetitive
loading was stopped. The loading system was .then
modified and the specimen 1loaded statically in
increments to destruction.

The concrete compressive strength was deter-
mined from 152x305-mm (6x12-in.) concrete cylin-
ders. At test time, the concrete strength of the
girders ranged between 40.7 and 52.4 MPa (5900 and
7600 psi). Strength of the deck concrete was
between 34.5 and 41.4 MPa (5000 and 6000 psi).

All strands were stress-relieved. They were
manufactured in Japan. Coupons from the same
strands used in the girders were tested in the 1lab-
oratory. These coupons were instrumented with
strain gages similar to those used in instrumenting
strands in the girders. The modulus of elasticity
was found to be 230,600 MPa (33,440 ksi). It was
used to convert the measured strand strains into
strand stresses. The measured modulus was high
because the strain gages were placed along a wire,
i.e., along a spiral.

When unrolled from their coils, the strand had
a shiny surface., For about ten days the strands
were exposed to high humidity due to rain and cur-
ing steam from adjacent prestressing beds. This
resulted in brown surface rusting of the strands.

Behavior of Specimens

The following is a description of the behavior
of each specimen. Specimens are discussed in the
sequence of testing.

Specimen G111l

For Specimen Gl1, increasing slip of the blan-
keted strands was measured as the dynamic test pro-
gressed. After 3.78-million cycles, fatigue 1load-
ing was stopped because of the formation of a large
crack at the outer east crack former. The stiff-
ness of specimen had decreased considerably. The
specimen was then unloaded and the loading system
modified in preparation for the final static test
to destruction.

During the test to destruction, sudden fracture
of the specimen occurred at a load very close to
the specified service load 1level, All distress
occurred at the section where the 1large crack had
formed. No other cracks appeared. Only two of the
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22 strands did not fracture. These were blanketed
over a longer length and slipped inside the end
portion of the girder. A plot of the applied 1load
versus midspan deflection is shown in Fig. 4.

Specimen G13

After 3.2-million cycles of repetitive loading,
a large crack had extended high into the web at the
inner east crack former of Specimen Gl3. Slip of
the blanketed strands was negligible. The stiff-
ness of the girder had decreased.

Specimen G13 was cut open at the critical sec-
tion to inspect the strands. Six strands were
found to be fully fractured in fatigue, Six
strands had one to five of the seven wires frac-
tured in fatigue. Only 10 of the 22 strands had no
visible evidence of fatigue.

While removing the concrete cover at the criti-
cal section, the position of the crack former with
respect to the bottom layer of strands was care-
fully observed. The outside strands of the bottom
layer were bearing against the crack former while
the intermediate strands were clear. Of the two
strands, one was intact, and the other had fatigue
fracture about 38-mm (1.5-in.) away from the crack
former.

To determine whether the fatigue had affected
the properties of the intact strands that crossed
the critical section, coupons were extracted from
the girder. These were tested statically in ten-
sion. The breaking strength of these strands cor-
responded to the manufacturers strand strength.

To obtain further information from Specimen
Gl13, the strands at the inner west crack former
were exposed. A crack of limited height had formed
at this section. There were no external visible
signs of damage. After exposing the tendons, it
was found that one strand of the second layer and
one wire from a bottom layer strand were fractured
in fatigue.

Specimen G10

Behavior of Specimen Gl0 was very similar to
that of the two previous specimens. After 3.63-
million cycles, the dynamic loading was intention-
ally stopped after observing the formation of a
large crack at the inner west crack former. This
was the location of a hold-down device.

Specimen Gl0 was then 1loaded statically to
destruction., It fractured prematurely and suddenly
as illustrated by the applied 1load versus midspan
deflection curve of Fig. 4. The failure was con-
centrated at the critical section. No new cracks
appeared along the beam.

After separating the two segments of the gir-
der, the fractured surface of all strands was
inspected. It was possible to identify the strands
that failed due to fatigue and the ones that failed
due to tension. The two modes of fracture are very
distinct as illustrated by Fig. 5. Six strands
were found to be fully fractured in fatigue. Eight
strands had one to four of the seven wires frac-
tured in fatigue.

As observed earlier in Specimen G13, it was
noticed that the two outer strands of the bottom
layer were touching the crack former while all the
intermediate ones were clear. The outer strands
had fractured in tension. It 1is interesting to
note that the hold-down device did not seem to be
the cause of fatigue of strands. The distribution
of fatigued wires and strands was random.

Specimen G14

Specimen Gl4 survived 5-million cycles. Only
small cracks had formed at the four crack formers.
Strand strains and confining tie strains remained
stable during the test. Slip of the blanketed
strands did not exceed 0.1l-mm (0.0045-in.).

Specimen Gl4 was then loaded statically to
destruction, Figure 4 illustrates the applied load
versus midspan deflection curve. The specimen
exhibited ductile behavior, Uniformly spaced
cracks formed over the center 8.5-m (28-ft) of the
specimen. After reaching a midspan deflection of
0.7-m (28-in.), the specimen  fractured. The
measured strength exceeded that calculated by 4%.

During the initial and intermediate static
tests, the gages attached to the confining ties did
not record any significant strains. It was only
during the final static test, after closely spaced
cracks were opening that some gages recorded
strains.

Specimen G12

Specimen G12 was similar to Specimen Gl4 in
every respect except that it did not contain con-
fining ties in the stress transfer regions of the
blanketed strands. Specimen Gl12 was tested in a
similar manner and the response was similar, The
measured strand slips were a little larger.

During the static test to destruction, Specimen
G12 exhibited very ductile behavior as illustrated
by the applied load versus midspan deflection curve
of Fig. 4. The test was stopped after a midspan
deflection of 0.8-m (31-in.) was reached. Measured
strength exceeded that calculated by about 2%.

Specimen G10-A

Specimen Gl0-A had draped strands and was simi-
lar to Specimen G10. The only difference was the
stress level during cyclic loading. Under cyclic
loading, no tension was allowed in the bottom
fibers at midspan.

Applied load versus midspan deflection curve
during the final static test is shown in Fig. 4.
The strength of Specimen Gl10-A exceeded that calcu-
lated by about 4%.

Analysis of Test Results

Based on the data collected from each test,
comparisons of performance of the specimens is
given in this section. Significant test observa-
tions are also discussed.

Level of Fatigue Loading

In Specimens Gl1, G13 and G10, the higher 1limit
of repetitive loading corresponded to a tensile
stress of 0.5VEL MPa (6VE} psi) in the bottom con-
crete fibers at midspan. The specimens were
cracked prior to fatigue loading. In these three
specimens, strands fractured due to fatigue after
3.2 to 3.7-million cycles.

In Specimens Gl4, G12 and Gl10-A, the repetitive
loading did not cause tension in the concrete. All
three specimens survived 5-million-cycles of repet-
itive loading. In subsequent static tests to
destruction, all three specimens exhibited ductile
behavior as illustrated by Fig. 4. Strength of



Specimens Gl4, G12 and G10-A exceeded that calcu-
lated by 2% to 4s%.

Strand Stress Range

Stress range is defined as the difference
between maximum and minimum strand stresses corre-
sponding to the respective maximum and minimum
loads. Stress range was calculated through strain
compatibility, equilibrium of internal forces and a
knowledge of the actual material properties, The
stress range was also measured by means of strain
gages applied to the strands. To eliminate the
time-dependent effects of creep and shrinkage, and
any possible temperature effects, the stress range
of each static test is used for comparison purposes.

Table 3 lists the highest measured range of
strand strain corresponding to maximum and minimum
inner loads of 65 kN (14.6 kips) and 18.2 kN (4.1
kips), respectively. Measured strand strains were
converted to stresses using the exper imentally
determined modulus of elasticity. Specimen Gl0-A
was not instrumented for strand strains.

Calculations for internal stresses indicate
that stress range is a function of the effective
prestress. For example at a 21% loss of prestress,
the calculated stress range corresponding to maxi-
mum and minimum inner loads of 65 kN (14.6 kips)
and 18.2 kN (4.1 kips) is 58 MPa (8.4 ksi). At 27%
loss, the calculated stress range corresponding to
the same loads is 82.7 MPa (12 ksi). The stress
range as affected by prestress is shown in Fig. 6.

For all specimens, the measured stress range
increased with increase of the cycles of repetitive
loading as shown in Table 3. However, in Specimens
Gll, G13 and G10, the rate of increase in stress
range was much higher. These three specimens were
subjected to higher load 1levels. Strands of the
above three specimens fractured due to fatigue
between 3.2 and 3.7-million cycles of repetitive
loading.

Figure 7 is a plot of the calculated stress
range in the strands at 20% loss of prestress
versus the fatigue life of Specimens Gll, Gl13, and
G10. The S-N curve was adapted from Fig. 12 of a
report prepared by ACI Committee 215, Fatigue of
Concrete (8). Their curve was obtained through a
regression analysis of fatigue test results (11).
It can be seen that the fatigue strength of Speci-
mens Gll, G13, and Gl10 was lower than previous
fatigue test results.

Slip of Blanketed Strand

Strand slip measured with a dial gage provided
a good indication of the effectiveness of the
development length. Figure 8 illustrates the load
versus slip recorded during the static tests. For
each girder, the blanketed strand that had the
largest slip is plotted. As shown in Fig. 8a for
Specimen G11, slip increased with repeated load.
This denoted bond fatigue (12,13). When Specimen
Gl1l was loaded to destruction, two strands slipped
inside the end portion of the girder.

Figure 8b is for Specimen G13. Slip stabilized
after the initial elastic slip. Even after 3.2-
million cycles, the increase in slip was negligible
denoting good anchorage of the blanketed strands.
Specimen G13 had double the development length
specified in ACI 318-71, Clause 12.11.1.

Figures 8c and 84 are for Specimens Gl4 and
Gl2, respectively, Slip of Specimen Gl4 was
smaller than strand slip of Specimen Gl2. This
suggests some beneficial effect of the extra con-

17

fining ties. However the effect was not signifi-
cant enough to justify the use of the ties. Slip
in Specimen Gl4 also remained smaller during the
static test to destruction as shown in Fig. 9. The
maximum strand movements of Specimens G114 and G12
were small up to 5-million cycles. The small slip
did not affect the strength and behavior of the two
beams.

The effect of the number of cycles of repeti-~
tive loading on strand slip is illustrated in Fig.
10. For each specimen, the strand with the largest
slip is plotted. This plot denotes rapid bond
deterioration of Specimen Gl1.

It can be seen that for Specimens G12 and G14,
magnitudes of slip plotted in Fig. 8 are different
from those of Fig. 10, During the repetitive 1load-
ing of Specimens Gl4 and Gl2, the maximum applied
inner 1load, Ppay, was 48.5 kN (10.9 kips).
During the static tests, the maximum applied inner
load was 65 kN (14.6 kips). Thus the slip measured
during the static tests was larger.

Development Length

Specimen G13 was designed for two development
lengths, 2 2g. Specimen Gl1l was designed for one
development length. Both specimens were cycled at
the higher load level corresponding to a tensile
stress of O.SJT} MPa (6¢T} psi) in the concrete.
Both specimens had fatigue fracture of the
strands. The main difference in behavior was that,
in Specimen Gl1l, slip of the strands kept increas-
ing with cyclic loading as shown in Fig. 10.

A bond fatigue failure of the blanketed strands
of Specimen Gll was observed. On the other hand,
in Specimen G13, slip of strands remained virtually
unchanged after the initial elastic slip up to 3.2-
million cycles of repetitive loading as shown in
Fig. 8b. Therefore, twice the development length,
2 %3, used in Specimen G113 provided good anchor-
age of the blanketed strands.

Specimens G14 and Gl2 were designed for one
development length, They were tested at a load
level corresponding to zero tension in the con-
crete. Both specimens survived 5-million cycles of
repetitive loading. In the subsequent static test
to destruction, both specimens reached their calcu-
lated strength. WNo bond fatigue of the strands was
observed. Therefore, when the cyclic load corre-
sponded to zero tension in the concrete, one devel-
opment length was adequate.

Surface Condition of Strands

In the present investigation, strands wused in
the test specimens had brown surface rust. It is
well known that the surface condition affects the
required development length. However, the surface
condition of the strands was not one of the control
variables of this investigation, It 1is possible
that the surface condition of the strands may have
affected both development 1length and fatigue
properties.

Confining Ties

Strains measured on the confining ties at ser-
vice load 1levels were negligible. Significant
strains were measured only at very high loads fol-
lowing the formation of large cracks, during the
static test to destruction.

Smaller slip of the blanketed strands was mea-
sured in Specimen Gl14, with confining ties than in
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Specimen Gl2. However, the behavior
of Specimen Gl14 do not indicate any
beneficial effect of the confining ties.

and strength
significant

Concluding Remarks

The tests of this investigation have confirmed
that blanketing of strands is a feasible technique
that could lead to safer and more economic manufac-
turing of pretensioned bridge girders.

The tests have also indicated that fatique of
strands may be an important consideration in pre-
stressed girders designed according to recent Codes
where a concrete tensile stress of 0.5VE}L MPa (6V £}

psi) is permitted under service loads. Present
Codes do not provide the designer with guidance
regarding fatigue of strands.

Conclusions and Recommendations based on this
investigation are listed in the section entitled

HIGHLIGHTS at the beginning of the paper.
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Table 1. Test specimens,
s i Stress Development | Confinement
pecimen Level Length Reinforcement

Gll Tension in a No

G13 Bottom Fiber 2 g No

G10 O.SJEL MPa Draped No

G14 No Tension a Yes

G12 under Service ] No

G10-a Load Draped No

= ' i
0.5*/£_é MPa 6\/{0 psi

Table 2.

Fatigue loads and stress levels.

Specimen No,
Remar ke
G11,G13,G10 G14,G12,G10A
Applied Load, kN, Pmin 18.2 2.7
A 65,0 48.5
Moment (Constant Moment Zone),
kN.m, Min, 549 303
Max. 1275 1024
Strand Stress (Bottom Layer),
MPa, Min. 983 968
Max. 1041 1010
Strand Stress Range, MPa 58 42
Midspan Bottom Fiber Concrete Stress
()
at P 0.5VE: Mpa 0
Note: Strand Stresses are calculated assuming 20% losa of

prestress
1 kN = 0.225 kip

1 kN.m = 0.738 ft kip

1 MPa = 0.14% ksi

Table 3.

Measured strains and

corresponding stress ranges.

P = 18.2 kN P
min

= 65.0 kN

max

Strain, millionths
Number of Cycles
Gll G133 | G10 | G14 | G12
1 318 | 369 | 255 | 352 | 379
2 314 | 380 | 223 - -
3 320 | 383 | 237 - -
1.0 x 106 424 | 412 | 583 | 386 | 426
2.5 x 10° 544 | 602 | 569 | 382 | 462
5.0 x 106 - - - 400 | 464
Corresponding stress range
based on E = 230,603 MPa
Stress, MPa
Number of Cycles
Gll | G13 | G10 |G14 | G12
1 73 85 59 81 87
2 72 88 51 - -
3 74 88 55 - -
1.0 x 10° 98 | 95|134 | 89 | 98
2.5 x 106 125 | 139 | 131 88 | 107
5.0 x 10° - =] = | 92107

1 kN = 0.225 kip
1 MPa = 0.145 ksi
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Figure 1. Cross section and reinforecing
details of test specimens.
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Figure 2., Location of blanketing tubing and crack
formers relative to position of loading points.

Figure 4. Load versus midspan deflection envelopes

for static tests to destruction.
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Figure 5. Fatigue and tension fracture
surfaces of strands.
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Figure 6. Calculated stress range versus
percentage loss of prestress.
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Figure 9. Load versus slip during static
test to destruction.
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Figure 8. Measured load versus slip
at different cycles.
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PRACTICAL BRIDGE RETROFIT CONCEPTS TO REDUCE DAMAGE PRODUCED BY SEISMIC MOTIONS

orE

This paper presents design criteria and design
details on eight bridge retrofit concepts which
were developed for implementation on existing
highway bridges so as to minimize damage and
hazard to life in the event of an earthquake.
Retrofit categories were selected on the basis

of observed damage experienced by highway bridges
in previous earthquakes. The eight retrofit con-
cepts are:

1. Concrete box girder hinge longitudinal re-
strainer.

2. Girder longitudinal displacement stopper

at abutment.

3. Steel girder vertical displacement restrainer.
4. Steel girder hinge expansion joint longitu-
dinal restrainer.

5. Pier footing strengthening.

6. Reinforced concrete bent column strength-
ening.

7. Girder bearing area widening.

8. Steel girder pin bearing vertical and lat-
eral displacement restrainer.

This narrative describes the bridge retrofit pro-
cess and illustrates the individual concepts in
terms of intended function and structural de-
tails. The design method employed is 1llus-—
trated by including the step by step design of
one of the eight retrofit concepts.

The work described herein is at least in part
motivated by the damage that was sustained by high-
way bridges during the February 9, 1971 San Fernando
earthquake. This earthquake clearly pointed out a
number of deficiencies in bridge design specifica-
tions. It also focused on the fact that numerous
existing bridges may be expected to fail in some
major way during their remaining life if subjected
to strong motion seismic loads. Bridge failures are
clearly undesirable since a bridge may be a vital
link in a road network. When a portion of the road
network has been disrupted by the collapse of a
bridge, vital services to the surrounding communities
are disrupted for the time required to find an alter-
nate route or for the bridge to be repaired or re-
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placed. Depending on the extent of other physical
damage and casualties produced by the earthquake,
the loss of vital bridges, i.e., those that provide
access to hospitals for example, can magnify the ef-
fects of the disaster.

Following the February 9, 1971 San Fernando
earthquake, Federal Highway Administration (FHWA)
launched a study (1) whose objective was to identify
and define practical techniques and criteria for
retrofitting existing highway bridges so as to in-
crease their resistance to seismic forces. This was
followed by another effort which produced a design
reference manual (2). The objective was to illus-—
trate retrofit concepts that can be applied to exis-
ting bridges, which will enhance the probability of
survival of the structure when it is subjected to
postulated seismic motions. This narrative is based
on the results of this effort.

Bridge Retrofit Decision Process

In determining whether a given bridge warrants
retrofitting these three steps (as a minimum) should
be considered:

1. Will the bridge suffer a critical failure
(i.e., so extensive that the bridge could not re-
main in even emergency use) if subjected to the
probable earthquake ground motions for the bridge
site? If the structural analysis produces a nega-
tive answer to this question one need go no further.
If the answer is affirmative the second step is:

2. Determine the level of importance of the
bridge to the given locality by considering the type
of highway, traffic volume, accessibility of other
crossings, ete. A recommended procedure for decid-
ing on the importance of the bridge is given in (3).
If it is determined that the bridge 1s unimportant
to the locality, it may be decided that retrofitting
is not feasible even though the answer to step 1 was
affirmative., If however, it is decided that the
bridge is important to the area, the third step is:

3. Determine the type or types of retrofit mea-
sure(s) to employ. This decision is based on the
following considerations: (a) probable mode of fail-
ure; (b) how will the chosen retrofit measure(s) in-
fluence the performance of other parts of the bridge
under seismic as well as normal service loading;



(¢) a comparison of expected interference with traf-
fic flow on and under the bridge for different retro-
fit measures; (d) a comparison of expected costs of
fabrication and installation of different retrofit
measures. This comparison is based on, but not nec-—
essarily limited to: accessibility of the area to be
retrofitted (e.g., it would be more costly to enlarge
a footing if the existing footing were under water as
opposed to normal backfill on dry land); the type and
quantity of comstruction materials (e.g., type of
steel, concrete); type and quantity needed for instal-
lation; length of time needed for installation; the
number and qualifications of men needed to do the
work; number of bridges; if a large number of bridges
in a given area are identified for retrofitting,
there are practical considerations in contracting and
inspection. A greater degree of efficiency is
achieved if a number of bridges in one area can be
included under a single contract. It is more effi-
cient to prepare plans and let contracts for several
large jobs than a large number of single bridge con-
tracts. A large contract can also be inspected more
efficiently by a single inspector. Bridges in a
single contract should be reasonably close together
4).

~  Two of the key items in the bridge retrofit deci-
sion process that need emphasizing are (a) the deter-
mination of probable ground motions and (b) selec—
tion of appropriate structural analysis method and a
sufficiently accurate structural model of the bridge.

The probable "earthquake" at a given bridge site
can be determined on a statistical basis by the use
of historic earthquake data previously compiled for
the given geographic area. The earthquake at the
site can be expressed in terms of maximum ground ac-
celeration, an "effective'" acceleration, a response
spectrum or a motion history. A number of sources
for such information are currently available and
several levels of "accuracy' are possible (5,6). An
approximate procedure for selecting a probable ground
acceleration at a bridge site is included in (7).

The unique aspect of earthquakes is the fact that
motions generally persist for a "long time' relative
to the natural periods of bridge components. A com-
ponent can therefore experience many load cycles of
varying magnitude during the passage of the prin-
cipal portion of an earthquake. Many cycles of "low"
magnitude can be more effective in producing damage
than a single cycle of "high" magnitude and short
duration. Analysis methods capable of considering
such random motions and predicting the corresponding
behavior of a structure in whatever phase (elastic,
nonelastic) it chooses to raspond, are still very
much in the research phase. Presently the problem
is in part hampered by lack of reliable data on the
cyclic behavior of reinforced concrete past the
linear range. However, the major problem is still
the quantity of computer time required to solve a
reasonably sized model of the structure. To over-
come some of these difficulties, a simplified anal-
ysis method was developed and verified as part of the
effort (7) described. The method is a practical en-
gineering approach which considers only the dominant
modes of response. It is an iterative procedure in
the sense that several models of varying complexity
may be required to zero-in on the answer. This meth-
od has the advantage of providing reliable answers in
a relatively short period of time without reliance on
anv specific computer program. However, it places a
great deal of reliance on the basic engineering in-
tuition and practical experience of the user.

Bridge Retrofit Measures

Bridge retrofit measures considered were selected
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on the basis of the type of failure modes and damage
experienced by highway bridges in previous earth-
quakes. Observed failure modes can be grouped into
two categories, i.e., substructure (pier or abutment)
failures and hence loss of superstructure capacity,
and superstructure collapse due to excessive rela-
tive motion of the support bearings. Both of these
types of failure occurred during the San Fernando
earthquake (8).

Structural failures and damage to bridges are
also caused by inadequate foundation strength or
load-bearing degradation during the course of seis-
mic loading. Soil liquefaction is an example of
this failure mode.

Severe motion of the soil supporting the foun-
dation can cause large horizontal and vertical de-
formations of the support point. These transient
motions create relative movement between the support
points which can lead to the failures described.

Based on highway bridge damage observed in pre-
vious earthquakes, eight retrofit measures were
identified:

1. Concrete box girder hinge longitudinal re-
strainer.

2. Girder longitudinal displacement stopper at
abutment.

3. Steel girder vertical displacement re-
strainer.

4, Steel girder hinge expansion joint longitu-
dinal restrainer.

5. Pier footing strengthening.

6. Reinforced concrete bent column strength-
ening.

7. Girder bearing area widening.

8. Steel girder pin bearing vertical and lat-
eral displacement restrainer.

Each of these retrofits is addressed to increasing
either the rigid body stability of the superstruc-—
ture or the strength of the substructure. Thus the
retrofit measures, if appropriately designed, will
enhance bridge resistance to the dominant failure
modes that have been observed from severe seismic
Jloading.

Since the emphasis of the study described (2)
was on retrofit concepts rather than on bridge anal-
ysis, seismic forces that the various retrofit mea-
sures were designed to resist were not determined by
analyzing each given bridge when subjected to a prob-
able earthquake. Rather, these forces were deter-
mined as follows.

Horizontal motion restrainers were designed for
a force of 0.25 times the contributing dead load.

For a simply supported span fixed at one end and free
to translate at the other, the contributing dead load
is the total superstructure weight at the fixed end
for longitudinal seismic loading and one-half of the
superstructure weight at each end for transverse
loading. Other examples of contributing dead load
are given in (9).

Vertical motion restrainers connected between
the superstructure and the substructure across the
bearings were designed to withstand a separation
force equal to 0.10 times the bearing dead load re-
action (10).

In actual bridge retrofit efforts such forces
would be determined from the bridge response analysis
if a detailed analysis method is used, or from cri-
teria given in (7) if the IITRI simplified analysis
method is used.

To keep the illustrations simple, only one com-
ponent of earthquake motion was considered with each
retrofit concept. Obviously in the actual case of
bridge retrofit analysis, all three components (lat-
eral, longitudinal and vertical) would need to be
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considered.

In general, the retrofit design concepts are
based on earthquake loading considerations consis-
tent with AASHTO Load Factor Design — Group VII load-
ing (11). Therefore the earthquake load is multi-
plied by 1.3 and yield stresses are generally per-
mitted for the materials. If a working stress de-
sign is used for a particular retrofit, the basic
unit allowable stress can be increased by 33 percent
as indicated in the 1975 lnterim (11).

The new materials that are employed in the retro-
fit measures are listed in Table 1. It is noted
that conventional materials and moderately high
strength concrete have been employed for the retro-
fit measures.

It is not considered practical to design bridges
that will economically serve normal transportation
needs and also will not be damaged tc some extent
when subjected to severe seismic motions. Thus the
basis of retrofitting a given bridge should not be
intended to allow no damage whatsoever, but should be
such as to limit the damage to the extent that the
bridge does not collapse and that traffic may be
maintained at least in the immediate period after an
earthquake, with minimum emergency repairs to the
bridge.

Seven of the eight retrofit measures are de-
scribed in general term in the following paragraphs.
Retrofit 8, Steel Girder Pin Bearing Vertical and
Lateral Displacement Restrainer is described in the
last section along with its step by step design.

Concrete Box Girder Hinge Longitudinal Restrainer

A four-span grade separation bridge (Figure 1) of
multiple concrete box girder construction is cited to
illustrate this retrofit concept. The original de-
sign employs a single transverse expansion joint
hinge such that no longitudinal force can be trans-
mitted across the joint.

The purpose of the hinge longitudinal restrainer
is to restrict relative longitudinal motion across
the hinge during an earthquake. The device consists

of 12 restrainer rods (Figures 1 and 2) used to tie
the bridge together. ILxcess openings (see Figurc 2)
are provided in the lower part of the box girder for
implementing the device. With this device, the por-
tion of the superstructure supported at the hinge
will not fall off the hinge seat due to excessive
relative motion. In the design, a certain amount of
free thermal expansion travel is permitted to take
place before the motion restrainers exert resistance.

Girder Longitudinal Displacement Stopper at Abutment

The objective of the longitudinal girder stop-
per is to restrict the relative longitudinal motion
between the superstructure and the abutment at the
expansion bearings during an earthquake. Using this
retrofit measure will limit the bearing motion and
eliminate bearing instability from toppling or fal-
ling off the abutment due to excessive motion. A
certain amount of free travel from thermal expansion
effects and allowable earthquake motion is permitted
to take place before the stopper exerts resistance
to the motion. To illustrate the stopper retrofit
concept, a 27.43 m (90 ft) simple span I-beam bridge,
adapted from (1) was chosen with the stopper applied
at the expansion bearing (Figure 3). Stopper de-
tails which resulted from the design effort are
shown in Fieure 4.

The objective of the vertical displacement re-
strainer is to restrict the relative vertical motion
between the superstructure and the pier or abutment
seat during an earthquake with a strong vertical
component. The use of this retrofit will limit the
vertical separation that can occur at the support
bearings and eliminate bearing instability and hence
loss of superstructure support.

To illustrate the design of this concept, a
bridge was considered with longitudinal girders sup-
ported by bearings which do not provide a positive

Table 1. New Materials for retrofit design.
AASHTO (ASTM) F F
Material . ¥ = Comments

P ksi ksi
1. Structural steel M183 (A36) 36 58-80
2, Low-carbon steel (A307) 60~-100 Machine bolts, grade B
3. High strength bolts ML64 (A325) 92 120 1/2 inch to 1 inch diameter

81 105 1-1/8 inch to 1-1/2 inch diameter

4, Reinforcing steel M31 (A615%) 60 90 Billet steel, grade 60

5. Sponge rubber M153 (D1752)
6. Fabric pads

7. Carbon steel bars M227 (A306) 30
8. Concrete

9. Grout

60-72

Type I density > 30 pecf

AASHTO 1973 Std. Specification, Art. 2.10.3 (L)

Anchor bars, grade 60

AASHTO 1973 Std. Specification, Art. 2.4, fé =5 ksi

PCI 1971, Part B, Guide Specifications for Posttensioning Materials,
Art. 4.3 (page B-27), fé = 6 ksi

Note: 1 in. = 2.54 cm.

1 ksi = 6.89 MPa. 1 pcf = 16.02 Kg/mB.



restraint to uplift forces. The plers are reinforced
concrete frames with sufficient open space under the
cap beam to accommodate the restrainer details. Fig-
ure 5 1llustrates the resulting concept.

Figure 1. Box girder hinge longitudinal restrainer
retrofit concept.
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Figure 3. Girder longitudinal displacement stopper
at abutment retrofit concept.
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Figure 5.
concept.

Steel girder vertical restrainer retrofit
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Steel Girder Hinge Expansion Joint Longitudinal
Restrainer

As with the box girder discussed previously, the
purpose of the expansion joint longitudinal re-
strainer 1s to restrict the relative longitudinal
motion across the expansion jolnt during an earth-
quake. Using this retrofit concept, excessive sepa-
ration displacements across the hinge are reduced and
hinge failures created by this effect are thus eli-
minated. A certain amount of free thermal expansion
1s permitted at the hinge before resistance is en-
countered.

A typical four-span grade separation of canti-
lever and suspended span construction illustrates the
use of this retrofit concept. The original design of
the expansion jolnt is such that no longitudinal
force can be transmitted across the joint.

The retrofit concept makes use of existing head-
ers (see Figure 6) located at either side of the ex-
pansion joints. Restrainer rods located close to the
bridge girders are used to tie the bridge together.
Since in this particular case the headers are not by
themselves sufficiently strong, steel channels (see
Figure 7) provide a diagonal brace to transfer the
design load from the restrailner rods to the girder
web.

Pier Footing Strengthening

The objective of this retrofit 1is to increase the
longitudinal load resistance of a pier footing so
that substructure failure will not occur during a
high intensity seismic disturbance. The technique
employed involves the addition of new pilles around
the perimeter of the footing and widening and deep-
ening the footing so as to tie-in the new piles.

Figure 6. Steel girder hinge expansion joint longi-
tudinal restrainer retrofit concept.
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The added strength is such that the footing will be
capable of resisting the bending moment and shear
forces induced by the earthquake loading.

To illustrate the retrofit concept, a 3.66 m x
4,57 mx 0.91 m (12 ft x 15 ft x 3 ft) footing with
20 reinforced concrete piles is modified to withstand
the longitudinal seismic shear and moment forces that
significantly exceed the existing pile capacity. The
footing supports a single 1.83 m (6-ft) diam rein-
forced concrete column. Modifications determined as
the result of the analysis performed are shown in
Figures 8 and 9.

Figure 8.
elevation.
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Reinforced Concrete Bent Column Strengthening

The objective of this retrofit is to increase the
flexural capacity of a bent column so that bent fail-
ure will not occur during a strong motion earthquake.
The method used provided additional longitudinal re-
inforcement to the exterior of the column which is
connected to the bent cap and footing by grouting
the new bars in drilled holes. Lateral dowels are
also introduced to enhance the monolithic behavior
of the new addition to the parent column.

A representative two-span reinforced concrete box
girder bridge is used to demonstrate the retrofit
measure. The original design employed a single col-
umn pier with the cap monolithic with the superstruc-
ture and a pile spread footing. The structural
characteristics of the retrofit are shown in Figure
10.

Girder Bearing Area Widening

The purpose of widening a bearing area is to pro-
vide additional width at the girder support points
in the event that strong motion seismic loading pulls
the superstructure off the bearings. Using this
retrofit the displaced girders are expected to im-
pact on the widened bearing area thus averting
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Figiire 9. Pier footing strengthening retrofit - pile
and bottom reinforcement details.
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collapse of the superstructure.

To illustrate this retrofita0.99 m (3 ft-3 inch)
wide reinforced concrete pier cap is postulated and a
0.30 m (12 inch) width addition, on one side of the
cap, is designed to withstand the loading associated
with the impact of the girders on the widened area
(Figure 11). The superstructure girders are spaced
at 1.83 m (6 ft) centers and the load on the widened
area is assumed to be centered at 0.15 m (6 inches)
from the existing pier cap face. The addition to the
pier cap is designed using the shear friction design
method (12).

Figure 11. Girder bearing area widening retrofit
details.
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Design of Bridge Retrofit Concepts

This section contains the step-by-step design of
the Steel Girder Pin Bearing Vertical and Lateral
Displacement Restrainer bridge retrofit concept.

The purpose is to demonstrate the procedure employed

in design.

Steel Girder Pin Bearing Vertical and Lateral Dis-
placement Restrainer

The objective of the pin bearing displacement re-
strainer is to inhibit essentlally all of the rela-
tive vertical and lateral motion across the bearing
that could take place during an earthquake. With
this retrofit, potential vertical and lateral motions
during an earthquake are arrested by the addition of
a bracket and stopper bar arrangement welded to the
webs of the girders. The joint is also effectively
restrained against relative longitudinal motion dur-
ing an earthquake by the new vertical restraint which
prevents the suspended span from rolling over the
pin.

The retrofit method i1s applicable to any bridge
with longitudinal girders supported by hinged bear-

ings which do not provide positive restraint against
uplift or lateral motion. A 200 kip (889.64 kN)
dead load vertical reaction at the pin bearing was
assumed to illustrate the concept. The brackets are
fabricated from stiffened W6 x 25 beams that are po-
sitioned horizontally across the bearing joint open-
ing with one of the bracket flanges welded to the
suspended girder web only. A 2 inch (50.8 mm)
square, 0.5 inch (12.7 mm) thick stop bar is welded
to the girder web on the other side of.the bearing
joint above the bracket (Figures 12 and 13).

Figure 12. Steel girder pin-type bearing vertical
and lateral displacement restrainer.
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Earthquake Loading. Suspended span girder reac-
tion = 200 kips/girder (889.64 kN/girder)

Lateral earthquake load

EQ = 0.25 x contributing dead load = 50 kips
(222.41 kN)

Vertical earthquake load

0.1 x 200 = 20 kips (88.96 kN)
AASHTO 1975
Art. 1.2.20(D)

Lateral Restrainer Design

Pin bearings may have a rim projection which pro-
vides resistance to lateral loads; however, no lat-
eral force will be assumed as transferred through the
bearing. Cantilever brackets (W6 x 25) welded to
each side of the suspended span web plate above and
below the bearing pin will provide adequate lateral
load transfer. Each palr of brackets will be assumed
to transfer one-half of the vertical load. The top
pair of brackets will also function as a vertical up-—
1lift restrainer.

Use load factor design

Design load per unit = 1,3 x 50/2 = 32.5 kips
(144.57 kN)
AASHTO 1975
Art, 142,22

This lateral force must be resisted in either direc-
tion.

Size of Cantilever Brackets. Opening between
girders assumed to be 1.5 in. (38.10 mm).

Cantiler arm = 3.0 + X = 7.67 in. (194.82 mm) ,
where X = 4.67 in. (118.62 mm)

(see bracket comnection calculation)

Moment = 32.5 x 7.67 = 249.3 inch-kips
(28.2 kN:m)
Use W6 x 25 brackets
S._ = 16.7 inches® (273664.6 mn>)

XX
f = 249.3/16.7 = 14.9 ksi <36 ksi
(102.7 MPa < 248.2 MPa) o.k.

Attachment of Lateral Restrainers to Girders.
Field weld cantilever brackets to suspended span web
with 7/16 inch (11.11 mm) fillet weld. Provide pro-
per corner returns (1 inch, 25.4 mm) so that welds
are capable of withstanding loads normal to the web.

Properties of Bracket Weld
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A x Ax T sz
—— — .00 —
8 x 2 16 4 64 85.3 256
6 x 1 6 8 48 = 384
1x2 2 0 0 - 0
24 112 85.3 640.0
85.3
x = 112/24 = 4.67 in. —dt = 5207
(118.62 mm)
g Tfe = 48.401n.)" I= 202.6(in.)"

(84328400,6 mm*)

AASHTO 1973
Art, 1..1.28(B)

(711200.1 mm3)

Allowable Weld Stress

0.45 x 58 = 26.1 ksi (178. MPa)

26.1 (7/16) 0.707

8.1 kips/inch

(1418.5 kN/m)
AASHTO 1973
Art. 1.7.135(A)

7/16 in. weld strength

Bracket Weld Stress from Lateral Load

329 249.3 _ _ :
i + i p i 1.35 + 5.74 = 7.1 kips/in.<8.1

kips/in. (1243.4 kN/m) < 1418.5 kN/m) o.k.

Girder Web Stiffness. The webs are assumed to be
at least 2 inches (50.8 mm) thick and this thickness
is adequate to withstand the lateral loads from the
brackets without additional stiffeners.

Vertical Restrainer Design

Use a pair of restrainer units at each girder.
Each unit to consist of two stop bars and cantilever
brackets field welded to the girder webs.

Use load factor design

Design load per unit = 20 x 1.3/2 = 13 kips

(57.83 kN)
AASHTO 1975
Axt, 1.2.22
Size of Stop Bars
A = 13/36 = 0.36 sq in. (232.26 m) .

Use 2 x 1/2 bar (A =1 sq in., 645.16 mm")

Size of Cantilever Brackets

Cantilever arm = 7.67 in. (194.82 mm)
M =13 x 7.67 = 99.7 inch-kips (11.26 kN-m)

Use the pair of upper W6 x 25 brackets that were pro-
vided for the lateral restrainer. These cantllever
brackets will be employed to resist both the vertical
and lateral restraint loads. Assume vertical load is
resisted only by the connected flange.

g = 0.456 (6)%16 = 2.74 inches® (4480065 wo)
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Comnection of Uplift Restraimer to Girder

Stop Bar. Field weld to cantilever span web with
5/16 inch (7.94 mm) fillet weld.

Allowable weld stress = 0.45 x 58 = 26.1 ksi
(179.95 MPa)

5/16 inch weld strength

26.1 (5/16) 0.707
5.77 kips/inch
(1010.48 kN/m)
AASHTO 1973
Art, 1.7.135(A)

Required length = 26.1/5.77 = 4.5 inches
(114.3 mm)

Weld around three sides = 6 inches (152.4 mm)

No weld along bottom to permit full bearing of
bracket flange.

Cantilever bracket. Check 7/16 inch (11.11 mm)
weld stress (see lateral restrainer calculations for
weld properties) 7/16"

ips/inch (1418.54 kN/m)
7

kip
Loads P = 13 kips (57.83 kN); M = 99,

(11.26 kN*m);
Min. Sec. Modulus = 43.4 inch3 (711200.1 mm3)

inch-kips

Bracket weld stress from vertical load

13 . '99.7 : ;
%t = 0.54 + 2.30 = 2.8 kips/inch

(490.36 kN/m) <8.1 kips/inch (1418.54 kN/m) o.k.

Conclusion

Bridges that are located on high risk seismic
zones that were designed for earthquake loading ac-
cording to the pre-1975 AASHTO Design Criteria may
suffer substantial structural damage, and in some
cases, collapse can be anticipated. This conclusion
is based on analyses performed for several bridges
and reported in (1). Each bridge was subjected to a
postulated seismic load of the highest severity that
will occur during the life of the structure at the
bridge site.

This set of bridge retrofit concepts and the sim-
plified analysis method given in (7) are intended to
provide the practicing bridge engineer with basic
guidelines, information and examples that may be used
in planning and executing a bridge retrofit program.

It is believed that most bridges can be modified,
if required, to dramatically increase their seismic
strength. A number of the retrofit concepts can be
relatively economically implemented especially when
compared with the cost of structural failure.

The philosophy to be employed for determining the
type and need for a retrofit measure is one of a bal-
anced risk concept. Retrofitting should not be based
on a need for eliminating all damage, but to limit
the damage such that collapse does not occur and
traffic can be maintained or restored after minimal
repairs. A good deal of yielding and damage can be
absorbed by the piers and other ductile components
before collapse of the structure.
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Prior to the 1971 San Fernando Earthquake,
bridges in California experienced only minor
seismic related damage., The San Fernando event
demonstrated that structures designed by AASHTO
Specifications in use at that time are vulnerable
to seismic shaking. Failure of these bridges
during an earthquake could be hazardous to high-
way users and block vital transportation life-
lines. The State of California initlated a
bridge retrofitting program in 1971 in order to
increase the seismic resistance of bridges
built before that time, The most prevalent
deficiency of pre-1971 bridges is a lack of
longitudinal restraint of girders at hinges

and end supports. California has developed
devices which will have been used to retrofit
more than 649 bridges at a cost of $22 million
by 1980. An evaluation of all state owned
bridges is currently being made in order to
complete the program, Many of the bridge
columns which were designed according to speci-
fications prior to 1971 were proven to be
seismically deficient because they had too few
ties to adequately confine the concrete, This
paper and presentation will cover a brief back-
ground, philosophy, magnitude of the problem,
design criteria, details and costs,

Introduction

Prior to 1971, very little earthquake damage
was experienced by bridges in the mainland 48 states,
The little damage that did occur was generally
limited to minor cracking and spalling of concrete,
damaged bearings and grout pads, and slight dis-
placements of spans, The bridges involved were
generally quite low with rather short spans,

The 1971 San Fernando earthquake provided a
test of modern bridges which had spans as long as
191 feet and heights of 150 feet, Much of the
damage to these bridges was caused by vibration
induced by ground motion.

The San Fernando earthquake occurred at
6:00 a.m,, before peak morning traffic, and before
the completion of two major highway interchanges
which were under comstruction in the area. As a
consequence, there was relatively little incon-

venience to the travelling public and only two
fatal injuries, If the same quake had occurred
a few months later and a few hours later in the
day, the inconvenience to the public and number
of fatalities could have been dramatically
different,

Deficiencies In Existing Bridges

The 1971 earthquake pointed out a number of
deficiencies in bridge design specifications and
detailing practices. Although the level of seismic
design forces and methods of applying those forces
proved to be inadequate, the most serious de-
ficiencles were attributed to details, Segments of
superstructures were not properly tied together.
Some concrete columns were selsmically inadequate
because they had an insufficient amount of spiral
and tie reinforcement, the ties and spirals were
inadequately detailed, and main column reinforce-
ment frequently had insufficient splice length and
end anchorage. The column deficiencies are espe-
cially critical in bridges with single column bents,

Retrofitting Philosophy

It is not practical or economical to design new
bridges or retrofit existing bridges that will
serve normal transportation needs but not be damaged
to some extent 1f subjected to severe seismic
shaking. The aim 1s to make structures seismically
resistant to the extent that they may sustain damage
but not collapse completely. It is also desirable
that they be capable of carrying at least a limited
amount of emergency traffic even though they may
be damaged, Although retrofitting existing struc-
tures will iIncrease their seismlc resistance
considerably, a designer is limited by the capa-
bilities and features of the existing facilities
and economics. Portions of some existing structures
have to be strengthened to accommodate the anchorage
forces which restrainers require, In some cases re-
strainers which would develop the forces required
to hold the segments of a bridge together would pull
the ends out of the spans or pull over the columns,
When hinges are not restralned, segments of a bridge
can act independently and forces in the columns can
be significantly greater than if hinge movements are
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limited. Thus, retrofitting hinges with restrainers
can significantly reduce the probability of column
failures.

Prioritizing Retrofitting Work

It was realized immediately after the 1971 earth-
quake that existing bridges should be retrofitted
in order to increase their seismic resistance. A
prioritizing system was devised which assigned
weighted values to:

1. Type of bearings

2. Width of hinge or bearing seat

3. Restraint of supports

4, Height of structure

5. Type of supports

6. Flexibility of supports

7. Curvature in alignment

8. Probable earthquake intensity

9. Hazard to public on and under structure
10, Disruption to traffic and utilities

11. Danger to buildings or facilities under

the structure,

This system worked well for identifying candidate
structures for immediate retrofitting. However, the
prioritizing numbers obtained did not always reflect
the true relative importance of some structures.

The input is largely a matter of judgment, but under
certain circumstances a single factor might be
important enough to justify a high priority re-
gardless of all other factors, A less important
structure could rate lower in a number of less
important categories but get a higher overall rating.
The results from any prioritizing system should be
subject to adjustment by good judgment.

There are also practical considerations which can,
to some extent, override the strict adherence to a
prioritizing system. If a large number of bridges
spread over a very large area are identified for
retrofitting, there are considerations in contract-
ing and inspection which should not be overlooked.
Although there are not any definitive rules which
can be followed, there are general guidelines which
should be considered., A greater degree of efficiency
can be achieved if a number of bridges in one area
can be included in a single contract. It is more
efficient to prepare plans and let contracts for a
few large jobs than a great number of single bridge
contracts. A contractor's mobilization costs can
be spread out and personnel can be trained and used
more efficiently on a contract with a number of
bridges. A large contract can be inspected effi-
ciently, but a single inspector on too small a job
will have time to waste unless he can be given other
work to do. For efficiency, it is obvious that
bridges in a contract should be located reasonably
close together. It is generally true that groups of
bridges in different contracts should not ordinarily
overlap. If individual structures are prioritized
by an inflexible system, it is highly unlikely that
structures with nearly equal priorities will be
geographically located to form logical contracts.

Hinge And Bearing Restrainers

Restrainers should be capable
minimum force equal to 25% of the
lighter segment of superstructure
on working strength design. This rule of thumb is
satisfactory for relatively short structures where
the influence of the abutment backfill on the super-
structure is uncertain. However, dynamic analysis

of developing a
weight of the
connected, based
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should be made for larger and more complex struc-
tures and provisions made for larger forces, if
required. All of California's seismic dynamic
analyses are based on load factor methods and a
ductility factor of one is used for restrainers,

California has used 3/4-inch pre-formed 6x19
galvanized cables (ASTM Designation A-603) with a
minimum breaking strength of 23 tons (205 kN) as the
basic unit for its restraining devices. Swaged end
fittings are used which are required to develop the
minimum breaking strength of the cable. This type
of cable and end anchorages have been used in high-
way barrier systems for many years. They are being
tested on a regular basis and have an excellent per-
formance record., 1%-inch diameter galvanized ASTM
A-722 (with supplementary requirements) steel bars
which have a specified minimum elongation of 7%
measured in 10-bar diameters are also being used.

The ideal restrainer should absorb and dissipate
energy. Although a number of such devices have been
considered, they have not been regarded as being
economically practical for routine retrofitting
work. The steel cables and rods can store energy,
but transfer it back into the structure as they
pull the segments of superstructure back together.
Much of the energy 1is probably dissipated by the
pounding of the superstructure elements when they
come together, The damage caused by this action is
repairable and should not cause the bridge to
collapse.

When the hinge and bearing retrofitting program
was started, most of the designs were done by work-
ing strength methods. A working load of 50% of the
ultimate strength for galvanized cables plus an
overstress of 33% permitted for seismic conditions
gives a total allowable load of 30.6 kips (136 kN)
per cable, For load factor design methods, a yield
strength of 85% of ultimate load, or 39.1 kips
(174 kN) per 3/4-inch cable is assumed. The design
yleld stress for 1l%-inch high strength bars is
120 k.s.i. (827 k Pa) or 150 kips (667 kN) per bar.
These bars are particularly useful in cases where
it 1s impractical or undesirable to use the number
of 3/4-inch cables required to obtain the necessary
resisting force. Many older bridges which are
being retrofitted have shear keys which are inad-
equate for keeping the two sides of the hinge
aligned longitudinally if the structure is subjected
to seismic shaking. Since a transverse shearing
action at the hinge could cause the rods to fail
and become ineffective in tension, supplemental
solid mild steel rods are installed through the
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hinges in order to provide additional shear
resistance,
California has conducted a number of tests of

3/4" cables and 1%" ¢ bars to compare their qualities

as restrainers. Figure 1 shows the stress-strain
relationship of specimens tensioned from near zero
stress to specified minimum yield stress (assumed
to be 0.85 Fy for cables) for 14 cycles and then
to failure,
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Figure 2 shows stress=-strain relationships for
cables and bars tensioned to failure but releasing
the load to nearly zero at approximately one inch
increments of stretching.

Cycling 3/4" cables within the elastic range
required more than twice the amount of energy than
cycling an equivalent number of 1% ¢ bars of the
same length for the same number of cycles. This is
due to the fact that bars have a greater modulus
of elasticity and the elongation within the elastic
limit is less than for cables. Within this range
the cables and bars store energy but do not dissi-
pate any significant amount,

The bars stretched and cycled beyond the elastic

limit dissipated approximately 3 times as much energy

as the equivalent number of the same length cables,

If restrainers are permitted to yleld, greater
joint openings and column deflections will be
realized, Once either type of restrainer is
stretched beyond its elastic limit it obviously will
not assist in closing the joint to its normal
position. Although bars will dissipate more energy
than cables when failure occurs, the elongation will
also be much greater, This could be an extra factor
of safety in some structures but could be disas-
trous in structures with relatively short, stiff
columns, When a restrainer is stretched to its
ultimate limit, the structure is vulnerable to any
additional shocks.

Considering the impreciseness of predicting a
bridge's response to a possible future earthquake,
it is generally not prudent to depend on restrainers
acting beyond their elastic limit.

Resgtrainer Details

Figure 3 shows the most commonly used detail
for retrofitting hinges of existing concrete box
girder bridges. The concrete bolsters are generally
required to spread out the concentrated forces of
the restrainers so that they don't destroy the hinge
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diaphragms. A minimum of one 7-cable (428 kip,

1,900 kN) unit placed in each exterior cell at each
hinge is generally considered to be a minimum re-
quirement in order to provide maximum resistance to
transverse bending of the entire superstructure.
Access to the cells is made through the soffit
whenever possible in order to avoid interfering with
traffic on the bridge. If access through the soffit
is not possible or desirable due to conflicts with
traffic under the structure, or other reasons, work
is done through deck openings. In this case, traffic
handling may become critical and work limited to
off-peak hours. Steel plates set flush with the
roadway surface are used to carry traffic across

the access holes between working periods. Deck
access holes must be permanently closed when

work is completed, Holes in the soffit are covered
with galvanized steel plates which can be readily
removed for future inspections.

Figure 4 is a modification of the concept shown
in Figure 3, It is generally restricted to hinges
and end supports of shorter span T-beam bridges
where the restraining force requirements are con=-
siderably lower.

g o=@ Q‘AP Chip 4"¢ hale to
I 4" min. rodius
'

l

=
imﬁ

“Core 4" hole

]
S 1

PLAN

SECTION A-A

_ 96" hole for V2" ¢ galv bolts-Tot. 2
/‘ anchored inlo concrete with concrete
onchors

. ]h A — v

o "’?3"—— Brg PL IV2
— +——R=1Ve"

3

| 6" |
END VIEW
Figure 4




34

\<L—¢.HWme
N\

A

YN\ N\

{: ————— S ¢ Girde<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>