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Preface 

During the past several decades, an impressive amount of research has been 
conducted in the development of new materials and technology to design, con­
struct, and maintain vehicular bridges. Much has been learned about these 
complex problems and should be conveyed to a user community that represents 
such varied interests as state, federal, and local governments; private trans­
portation agencies; consulting engineering firms; industry; planners; scientists; 
and engineers. Much remains to be learned, and this user community should 
be involved in guiding future research programs. 

A continuing trend toward heavier loads and increasing traffic volumes, 
combined with adverse environmental conditions, has resulted in a reduction in 
the life expectancy of bridges and more rapid deterioration of existing bridges . 
A comprehensive review of the national bridge inventory by the U.S. Department 
of Transportation concluded that approximately 40 000 bridges on the Interstate 
highway system alone are structurally deficient and functionally obsolete. Sim­
ilar bridge problems are faced by railroad and transit agencies. 

The problem is widely recognized; both federal and state appropriations and 
operating agency appropriations are continually increasing for bridge construc­
tion and maintenance. An even larger effort must be made if the nation's sur­
face transportation system is to function efficiently. Because funds are limited 
for bridge construction and for the repair, rehabilitation, and strengthening of 
existing bridges, a careful evaluation should be made of all available technology 
and needed research to ensure the optimum use of resources . 

The Bridge Engineering Conference was organized to facilitate an interchange 
of information on all aspects of design, construction, rehabilitation, and main­
tenance of vehicular bridges and to have specific emphasis on problems and so­
lutions of interest to highway, railroad, and transit bridge engineers, admin­
istrators, and managers. The papers in Transportation Research Records 664 
and 665 constitute the proceedings of the conference held September 25-27, 
1978, at the Chase-Park Plaza Hotel, st. Louis, Missouri. These two records 
contain all of the papers prepared in advance of the conference as well as sev­
eral that were not included in the program due to limitations of time and space. 

Organization and direction of the conference were the responsibilities of the 
Conference Steering Committee, whose members are listed on the reverse side 
of the title page of this Record. 

The Bridge Engineering Conference was partially funded by the Federal High­
way Administration and Federal Railroad Administration. The following organ­
izations cooperated to make the conference possible: 

COSPONSORS 
Federal Highway Administration 
Federal Railroad Administration 
PARTICIPATING AGENCIES 
American Association of state Highway and Transportation Officials 
American Railway Engineering Association 
American Road and Transportation Builders Association 
American Society of Civil Engineers 
International Association for Bridge and structural Engineering 
Missouri Pacific Railroad Company 
Missouri state Highway Commission 
National Association of County Engineers 

v 



The Eads Bridge, St. Louis, Missouri, 1874. Designer and builder, Capt. James Buchanan Eads. Designated National Civil Engineering 
Landmark. 

vi 



THE DEVELOPMENT OF THE ONTARIO HIGHWAY BRIDGE DESIGN CODE 

P.F. Csagoly and R.A. Dorton, Ontario Ministry of Transportation and Conununications 

At the end of 1975, the Ontario Ministry of 
Transportation and Conununications decided to 
develop a Code for designing Ontario's highway 
bridges. Structural research in the Ministry, 
which began in 1969, has been successful in 
clarifying several aspects of structural 
behavior and load-carrying capacity. The 
activities concentrated on proof-testing exist­
ing bridges of questionable strength, inspecting 
and recording a large number of structures for 
various conunon faults; many the result of 
inadequate design practices. The resulting 
Ontario Highway Bridge Design Code is based on 
the existing AASHTO Specifications, but with 
most provisions for working stress design 
eliminated. For both serviceability and ultimate 
limit states, an upper-bound representation of 
all commercial vehicles observed in Ontario 
through various load surveys is employed. The 
use of deflection and stiffness criteria has 
been re-evaluated for each structural material. 
Impact and dynamic response is treated as a 
function of resonance frequencies. While 
introducing provisions for 0.3% deck reinforce­
ment, crack control is made mandatory. The 
Code will discourage the use of single load path 
structures. New provisions on hydrology, 
drainage and various dimensional requirements 
are intended to achieve low maintenance 
structures. New sections are devoted to non­
traditional analysis, soil-steel structures 
and the evaluation of existing bridges. 

The objective of this paper is to highlight 
the new provisions of the Code and to provide 
information on the background research and study 
which led to their inclusion. 

Background Research and Testing 

In 1966 the Ontario Trucking Association made 
several presentations with the aim to increase 
the permissible weight of commercial vehicles. 
Although the legal Ontario weights were nearly 
twice as large as those recommended by AASHTO CJ), 
the Ontario highway bridges had shown no distress 
due to overloading. This created skepticism of the 
validity of the AASHTO Code. The Ministry responded 

to this skepticism and originated a bridge testing 
program in 1969, in order to identify the magnitude 
of extra load-carrying capacity hidden due to the 
suspected conservatism of the Specifications and 
the unrefined nature of "traditional" methods of 
structural analysis. 

The testing program, which at the time of 
writing this paper included over 125 bridges, 
revealed three significant facts: 

1. The actual load-carrying capacity of highway 
bridges can exceed by a substantial margin the 
value established by "traditional" methods of 
analysis. 

2. The load-carrying capacity can be predicted 
with certainty by refined methods of analysis, 
verified in turn by prototype bridge testing. 

3. The margin of unaccounted-for extra capacity 
was observed to vary between 10% on steel trusses 
to 3,000% on concrete rigid frames. 

Rationale for a New Code 

It was considered important to have available 
a metric design code in 1978, as this is the target 
date for metric conversion for the construction 
industry in Canada. The most important factor in 
the Ministry's final decision to write a new Code 
was the availability of several significant research 
and development findings from Ministry work carried 
out by universities and the Ministry's Research and 
Development Division. Documentation more substantial 
than internal research reports was required as 
bridge designers need the backing of an accepted 
specification for their regular design activities, 
and it was thus essential to codify the research 
findings. The time necessary to incorporate these 
into either the CSA (~) or AASHTO (l) codes was 
considered prohibitive. In addition, the uncertainty 
in these specifications over the use of load factor 
or limit states design did not coincide with the 
Ministry's objectives to have a rational limit 
states format in operation as soon as possible to 
the exclusion of all other methods. 

Preparation of the Code 

The task force comprising 95 engineers is 
governed by an 11 member Code Control Conunittee, 

l 
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which is responsible for the general concepts and 
broad philosophy of the Code as well as the review 
and acceptance of the technical sections written 
by sub-committees. The Code Control Committee is 
represented by MTC, the federal government of 
Canada, universities, and consulting engineers. 

A sub-committee was formed for each of the 17 
anticipated Code Sections, with chairmen appointed 
from MTC or the universities. The average committee 
size is five, and the sub-committee membership is 
from governments, universities, consulting engineers 
and industry of Canada and the United States. 

Writing of the Code was begun immediately 
following a seminar in May 1976, attended by all 
members. Following reviews of content and outline, 
the first drafts were submitted in March 1977. 
These were subjected to detailed review by the 
Code Control Committee and revised drafts were 
submitted for editing. These edited drafts were 
issued for public comment in February 1978 with the 
final content of the Code scheduled to be completed 
late in 1978. 

Each Section of the Code will consist of four 
possible subdivisions: 

1. The Code proper which will be prescriptive 
and binding. 

2. Charts or diagrams giving detailed data in 
an Appendix which will be binding. 

3. A commentary giving justification or 
background information on each Code clause. 

4. A supplement of background data or research 
information considered essential for a full under­
standing of the Code. 

General Concepts 

The first proposal for a new design load based 
on survey data on actual truck loadings in Ontario 
was given in 1973 (1). In addition to the live 
loading model it defined a load factor approach 
and a new proposal for dynamics of bridges. 

The most important concept established for the 
Code was that it should be presented in the Limit 
States format. This was to apply to all Sections 
and all materials, and meant that the Working 
Stress method of the present CSA-S6 and the 
optional Working Stress or Load Factor approach 
of AASHTO would not be permitted. The Limit States 
approach requires that load factor and performance 
factor values be given in the Code, based on 
statistical data on load and strength variations, 
and calibrated to a pre-selected value for the 
Safety Index 13. 

A major objective of the Code was to transfer 
the growing knowledeP of thP. Hf'_t:uBl behavior of 
existing bridges from the full-scale load test 
program (4, 5, 6) into definable clauses for the 
evaluatio~ of the load-carrying capacity of existing 
bridges. In addition to evaluation methods based 
on testing experience, the Code defines rating 
and posting loads that are directly related to the 
design loads for new bridges and hence the existing 
trucks on the highway. The increased concern for 
minimizing maintenance is expressed through new 
clauses covering bridge hydraulics, deck drainage 
and durability. 

The importance of advanced techniques is 
evidenced by the addition of a Section on "Methods 
of Analysis" which gives guidance on analytical 
methods that are accepted or recommended. The Code 
is a design code, and hence construction items 
have only been included if they were considered 
essential to the designer. 

Limit States Design 

Background 

Limit States Design was developed and adopted 
for structural design during the 1950s, and has 
since been widely accepted by many European 
countries. General use of the method in North 
America has been somewhat slower, although the 
basis was established as early as 1963 in the ACI 
Building Code (]_),but under different terminology. 

The advantages of the Limit States Design 
approach towards achieving more uniform structural 
safety and economy are well documented (9, 10, 11). 
Safety and Limit States Design are compr-;hensively 
defined by MacGregor (9) and were used extensively 
in the development of the Code. He states: "When 
a structure or structural element becomes unfit 
for its intended use it is said to have reached 
a limit state. 

Limit States Design is a design process that 
involves: 

1. Identification of all potential modes of 
failure, i.e. limit states. 

2. Determination of acceptable levels of safety 
against occurrence of each limit state. 

3. Consideration by the designer of the sig­
nificant Limit States." 

The Code defines the Limit States in two 
groups, Ultimate Limit States and Serviceability 
Limit States (~). 

Ultimate Limit States 

The ultimate limit states correspond to the 
maximum load-carrying capacity of the bridge or 
a component, and are associated with the extreme 
loading cases. These states may result from loss 
of equilibrium, fracture of a section, formation 
of a mechanism due to plastic hinge development, 
and buckling. 

Elastic methods of analysis are to be used in 
determining the response of the structure at the 
ultimate limit states, which is consistent with 
current North American codes such as AASHTO (1), 
NBC (7), and ACI (12), and most European code-;;-, 
While-it is true that the structure is unlikely to 
behave elastically throughout the load range, and 
that plastic redistribution will occur normally 
before an ultimate limit state is reached, it is 
recognized that methods of analysis involving 
inelastic behavior are not generally available to 
the designer at present. 

The ultimate strength calculation of sections 
is based on the present well-established North 
American procedures. For reinforced concrete in 
flexure the calculation is based upon strain 
compatibility and an equivalent rectangular concrete 
stress distribution at the 0.85 f~ level. For steel 
sections in flexure, the plastic moment is assumed 
to be attained for braced compact sections, but 
the yield moment is used for non-compact and 
unbraced sections. 

For the ultimate limit state design calculations, 
load factors are applied to all load and force 
effects, and performance factors to the resistance 
or strength. 

Serviceability Limit States 

The serviceability limit states concern the 
disruption of the functional use of the structure 



and are associated with the loadings for normal use. 
A bridge may be considered to have reached the 
serviceability limit state because of local damage 
such as cracking and spalling of concrete, vibration, 
excessive deflection, and fatigue. Elastic methods 
of analysis should be used to determine the response, 
as the structure is expected to behave elastically 
at the stress level or deflection value specified 
for these states. 

There are two live load levels to be considered 
for the serviceability limit states. For fatigue, 
where the accumulation of many repeated events 
is the criterion, the live load corresponds to one 
heavy truck train. This service load is also 
applied to vibration calculations for human response. 
A multiple truck loading must be considered for 
states such as local damage and permanent defor­
mation below the ultimate level. 

Some serviceability limit states were covered 
implicitly in the Working Stress Methods of 
previous codes. They are now more clearly defined, 
the loadings and checks are more explicit, and 
many are new to bridge codes. 

Human response to vibration, for bridges 
designed for varying pedestrian use, is covered 
by a frequency dependent limit on dynamic deflection. 
For substructure design, settlement is the most 
important serviceability condition, as any differ­
ential settlement causes superstructure and 
roadway deformations. 

The cracking level of deck slabs is a critical 
criterion for deck durability. Cracking in all 
reinforced concrete is controlled by a service level 
limit on tensile reinforcement stresses, with the 
value dependent upon exposure conditions. 

For steel the live load deflection limitations 
of previous codes have been removed, to be replaced 
by new dynamic and vibration controls. Inelastic 
deformation must not take place at the serviceability 
limit state to prevent permanent set. For high 
strength friction bolts in shear, the slip of the 
connected parts is controlled. Fatigue limits are 
set as a service condition for main members, 
connections and secondary members in steel. 

For bearings and expansion joints, performance 
under the movements due to temperature, shrinkage, 
creep, and live load is a service level condition. 

The serviceability limit state conditions are 
many and varied, and each designer will have to 
ensure that all the states appropriate to the 
particular structure being designed are properly 
investigated. 

Design Equation 

For the ultimate limit state the required 
design relationship is that the factored resistance 
must exceed the sum of the factored load effects. 
Thus: 

cj>R ;;., l: KL 

where: 

cp = Performance Factor 
R 
K 
L 

Resistance 
Load Factor 
Load Effect 

The performance factor cJ> is applied to the 
resistance to account for the variabilities in 
material properties, dimensions and workmanship, 

(1) 

the uncertainties in methods of computing resistance, 
and the type of failure being avoided. The load 
factors K are applied to the loads to account for 
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uncertainties in the analytical methods, the unpre­
dictable behavior of the structural system and to 
account for the variability of the loads themselves. 

As the variability in loads would be expected 
to be non-uniform among dead load, live load and 
earth pressure, for instance, different values of K 
could be expected. Similarly the variability in 
dimensional tolerances between steel beams, cast-in­
place concrete and asphalt, for instance, would 
indicate the same. For simplicity, AASHTO has used 
a value of K = 1.3 for all loads, and varied the 
live load magnitude for different load combinations. 

In the Ontario Code greater precision has been 
sought by selecting the best value for the load 
factor for live load and each of four different 
dead load effects. The extra work involved in using 
a number of lo.ad factors is justified by the 
improved accuracy. This is particularly true as 
spans increase and the variable dead load factors 
produce a significant improvement in accuracy, and 
hence in more uniform safety and economy. 

Th~ separation of cp and K factors has been 
maintained throughout the Code. This should be 
borne in mind if a comparison is made with AASHTO, 
where separation has been maintained for reinforced 
concrete, but only load factors are given for steel, 
without performance factors. In actual fact, the 
load factor given for steel is a combination of both 
factors, or K/cj>, but quoted as a load factor (13). 

The values of K and cJ> used in the Code we~ 
derived as part of the Code calibration process 
described later. 

Design Live Load 

That the bridge design live load vehicle 
should be directly related to the legal highway 
vehicle appears self-evident. The fact that this 
relationship is very difficult to discern in many 
jurisdictions is, however, true. This is probably 
due to the fact that authors of bridge codes are 
not usually in a position to set or administer 
legal truck weights. 

The maximum legal weights in 1944 were similar 
to the 320 kN (72 kip) AASHTO Standard HS 20 truck 
which was first specified for bridge design in 
that year. This loading is still conunonly accepted 
in North America, except for those who specify an 
HS 25 truck. Since 1944 the legal weights have 
increased substantially reaching a peak value of 
623 kN (140 kips) in Ontario. 

Maximum Truck Weights 

Ontario's present maximum legal weights for 
trucks were established in 1971 following extensive 
study of the effects of the proposed increases upon 
bridge response (!~_). The formula which determines 
the allowable gross weight, axle weights, or 
combinations of axles is known as the Ontario 
Bridge Formula (OBF). It relates the allowable 
weight W in kips to the equivalent base length BM 
in feet, in the following manner. 

w 20 + 2.07BM - 0.0071B~ 

The equivalent base length is defined as the 
length over which the total weight on a group of 
axles should be uniformly distributed in order to 
produce substantially the same response on a 
bridge as the group of axles itself. BM is calcu­
lated by an equation whose inputs are individual 
axle weights and interaxle spacings. With this 

(2) 
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transformation any vehicle or group of axles can be 
quickly evaluated for acceptability. The formula has 
been plotted as the lower curve in Figure 1. The 
two limits are W = 89 kN (20 kips) when BM = 0, 
which is the single axle case, and W = 623 kN 
(140 kips) when BM= 24.4 m (80 ft.), which is the 
maximum BM value that can be generated with a 
legal vehicle length limit of 19.8 m (65 ft.). The 
various axle groups for the HS 20 truck have been 
plottPn on this diagram, and it can be seen that 
this live load model represents only the lower 
part of the legal weight curve (OBF). 

The legal weight curve can only act as the 
basis for a design live load if actual weights 
never exceed the legal weights, which implies 
perfect enforcement with no tolerance. To ascertain 
actual truck weights, major surveys have been 
carried out at truck inspection stations in Ontario. 
A survey of 7,292 vehicles was taken in 1971 and 
results were plotted to compare with the legal 
weight curve. The first effort to establish a bridge 
design load based on this survey data was made in 
1973 (3), using an upper-bound weight curve known 
as the-Maximum Observed Load (MOL) curve. This 
upper bound was best represented by a curve with 
a constant band width of 100 kN (22.5 kips) above 
the legal weight curve (OBF), as shown in Figure 1. 

To verify the actual weights surveyed in 1971, 
another survey of 9,864 vehicles, preselected to be 
representative of the heavy trucks, was carried out 
in 1975. It was found that the MOL was still a 
satisfactory upper-bound curve, but the percentage 
of trucks falling between the OBF and MOL curves 
had increased since 1971. In 1978, improved weight 
enforcement procedures were introduced. The new 
regulations are based on a modified Bridge Formula 
in SI units shown in Figure 2. The corresponding 
modified MOL level was adopted as the basis for a 
design live load model. 

Live Load Design Models 

A live load design system must model the 
following two aspects: 

1. One heavy vehicle. This should incorporate 
the effect of axle loadings for the design of the 
floor system and short span members. The single 
vehicle itself will also govern the design of short 
to intermediate span bridges. 

2. The presence of several vehicles. There are 
two components of multiple presence. First, the 
presence of more than one vehicle in a lane, and 
second, the presence of vehicles in more than one 
lane. The first component applies to bridges above 
the short span range, and most continuous structures. 
The second affects all multi-lane structures. 

The single heavy vehicle model should be an 
upper-bound representation of all vehicle weights, 
as it will be applied to a design for the ultimate 
limit state. The MOL curve was used as the basis 
for developing the truck model which has to produce 
the maximum response for both moment and shear using 
either the whole truck or individual axles or axle 
combinations. No single actual truck from the surveys 
could produce this required response, and hence an 
idealized 5-axle vehicle was developed (Figure 3) 
which is ref erred to as the OHBD truck and rese bles 
a real truck configuration. The plot of this 
OHBD truck and four other axle groupings thereof, 
using the BM transformation compared to the MOL 
curve (Figure 2), shows its suitability for 
capturing maximum responses. 

Figure 1. Ontario Bridge Formula (OBF) curve . 

160 

140 

120 

JOO 

80 

en 
~ 60 
:.'. 

~ HS20 TRU CK 
;;: 40 B 32 32 KIPS 

...: r 1 * ;;: ' _1_2 __ 
3 

I 

en 20 I~ 
en ' 4 I 
0 
a:: 
(!) 

0 20 40 60 00 
EQUIVALENT BASE LENGTH, BM IN FEET 

Note: 1 kN = 0.225 kip 
1 m = 3.28 ft . 

Figure 2. Maximum Observed Load (MOL) curve. 

600 

700 

600 

Q. ~ 

5 
~ 

"' 400 OHBO TRUCK 
...J x 60 140l40 200 .. 

j 11 l i!i 
.... 

~ .....!..... i3 
w ~ 
;i 4 
...J 
~ 5 
g 6 

7 

0 10 16 20 25 

EQUIVALENT BASE LENGTH, Bm 

Note : 1 kN = 0.225 kip 
1 m = 3.28 ft. 

160 kN 

I 

30 (111 ) 

Figure 3. Diagram of Ontario Code design truck. 

60 140140 200 160 
AXLE LOAD 

l l~ l ~ 
IN kN 

GROSS WT. 

I: ... ~. .I. j 
=700 kN 

G.O 7.2 

18m 

OHBD TRUCK 
Note: 1 kN = 0.225 kip 

1 m = 3.28 ft. 



Determining the suitability of this OHBD truck 
for the wide variety of continuous structures in 
use, and developing the multiple presence aspects 
of a live load system required a large statistical 
study (_!2). A statistical description of Ontario 
truck traffic was developed which included the 
following: 

1. 6,825 trucks taken from the 1975 survey. 
2. A probability distribution of gross weight 

ratio, which is the ratio of gross truck weight 
to the legal weight li~it, based on the 1975 survey. 

3. A probability distribution for headway 
distance between trucks. 

The Code's sub-committee responsible for the 
live load system selected the 700 kN (157.5 kip) 
OHBD truck as the idealization of one heavy 
vehicle. This decision was based on the truck's 
ability to best capture various responses based 
on the MOL study and the University of Western 
Ontario report (_!2), and the fact that it was the 
simplest and most practical model. 

The live load system selected to model the 
presence of several vehicles uses one 490 kN 
(110.2 kip) truck in each lane, which is 70% of 
the OHBD truck, and is combined with a uniformly 
distributed load (UDL) (Figure 4). Lane reduction 
factors are applied according to the number of 
lanes loaded, and the intensity of the UDL varies 
with the highway classification. 

For the serviceability limit states the effect 
of the mean of the loaded frequently occurring 
vehicles was required. The service load has been 
selected as 80% of the OHBD truck, thus having 
a gross weight of 560 kN (126 kips). 

The loading to be used for the evaluation of 
existing bridges and for posting purposes is the 
OHBD truck and two subconfigurations of this 
truck (.1§). Thus the one basic truck configuration 
can be used for ultimate and serviceability limit 
states, for evaluation and posting, with obvious 
analytical and computer programming advantages. 

Dynamic Load and Vibrations 

The impact factor in North American bridge codes 
has remained unchanged for 50 years. It is a very 
simple formula which attempts to describe a very 
complex dynamic interaction between the vehicle and 
bridge structure. Objectionable structural vibration 
has been addressed by means of a live load deflec­
tion limit, or by specifying span to depth ratio 
limits, neither of which achieve the desired 
objective with modern highway structures. The 
new Code makes substantial changes in the area of 
impact and dynamic response based primarily on the 
results of full-scale bridge testing. The new Code 
values may change in the future as further data 
are gathered, but this is a first step in relating 
the dynamic design process to a more significant 
parameter, the first flexural frequency. 

Existing Specifications 

The present AASHTO Specifications give impact 
values as a function of span length in percentage 
of the live load to be applied, i.e. dynamic 
response is treated as a quasi-static load. 

The AASHTO impact formula was first used in 
1927, and it appears to have served reasonably well 
for simple spans and short spans of that period, 
having been based on impact tests of highway 
bridges carried out in the early 1920s. It does not, 
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however, contain important parameters found to affect 
the dynamic behavior of continuous bridges more 
recently built. 

The current slenderness limit of span/depth 
<25 for beams has had its evolution traced back 
to the AREA railway specification of 1905. The 
limitation on deflection was first introduced in 
railway bridge specifications in 1871, and was 
very similar to the current AASHTO value of 1/800 
of the span for deflection due to live load and 
impact. These limitations have only been applied 
to steel bridges and the sole reason for their 
retention appears to have been expectation that 
user discomfort from vibrations would be controlled 
thereby. There is no justification for keeping 
these controls on deflection today as they are 
inadequate for their intended use, and criteria 
relating to user response to vibrations can now 
be specified. 

With the present concern about bridge deck 
deterioration there has been some reluctance to 
abandon the deflection limits for fear that 
increased flexibility would hasten deck deteriora­
tion. There appears to be no correlation between 
flexibility and deck deterioration from investiga­
tions reported (.lZ) , and the usual deflection 
controls for steel and concrete bridges have been 
deleted from the new Code. 

Recent Research and Testing 

MTC has been investigating bridge dynamics for 
more than 20 years. The initial work was done at 
Queen's University, and dealt with human sensitivity 
to vibration (ll) and bridge vibrations measured 
in the field (!2_,_.?.Q). The measurements were carried 
out on 52 bridges known to vibrate, and recorded 
mid-span deflections with a simple deflectograph. 
The frequency of vibration of the loaded structures 
was generally the first flexural frequency, or a 
forced frequency usually in the 2 to 7 Hz range, 
corresponding to the typical truck bounce frequencies. 

A plot of the Queen's University 1956-57 results 
of dynamic deflection ratio against observed bridge 
frequency (Figure 5) shows a considerable number of 
bridges with impact over the maximum AASHTO value 
of 0.3. The dynamic deflection ratio, or impact, is 
the ratio of live load dynamic deflection to static 
deflection at mid-span. 

Between 1969 and 1971 MTC carried out dynamic 
response studies on a number of continuous struc­
tures, including the voided post-tensioned concrete 
deck type. MTC's own load test vehicle was used for 
these tests, being a 5-axle tractor semi-trailer 
unit with load varied by concrete blocks. The 
results of 11 tests have been reported (21) and 
Figure 6 shows the plot of impact agains--;:-observed 
bridge frequency. Only one bridge, with a flexural 
frequency of 5.8 Hz, gave an impact value below the 
AASHTO figure, and the values ranged up to a maximum 
of 87% for a 5-span, post-tensioned concrete deck 
structure. The report suggested that bridges with 
natural frequencies in the 2 to 5 Hz range should 
be avoided if possible, due to the high dynamic 
response observed when bridge and vehicle f re­
quencies match. 

The findings of this dynamic testing were in­
corporated in the impact proposals put forward in 
1973 (]) and were used for the design of the 
Conestoga River Bridge (4,5). For this 3-span 
continuous plate girder bridge it was economically 
impossible to avoid the 2 to 5 Hz band t'or all of 
the first three flexural frequencies. It was 
decided to abandon the AASHTO deflection and depth 
limitations and design a very flexible structure 
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Figure 4. Truck -I UDL, laue luatl ui=slgu systt:m. 
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Figure 5. Plot of dynamic deflection ratio 
against frequency, simple spans 1956. 
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Figure 7. Code diagram of dynamic load allowance . 
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wich a first f r e quency of i.b Hz. As the second 
and third mode fr e quencies were within the band, 
an impact value of 0.45 was us e d. 

New Code Provisions - Dynamic Allowance 

Although the dynamic and static responses of a 
bridge structure to load are not identical, codes 
in the past have assumed that the response is 
identical as a design conveni ence . This practice is 
continued in the new Code by providing for an 
e quivalent static allowance for impact, called the 
dynamic loa<l allowance. A general clause does allow 
the use of advanced theoretical or experimental 
dynamic analysis of the vehicle-bridge system to 
establish the val ues of the dynamic load allowance. 
Such an analysi s would require the knowledge of 
representative vehicle loadings and vehicle suspen­
sion systems, a representative bridge structure 
including damping characteristics, and the variations 
in axle loads caused by irregularities in the riding 
surface. Because such an analytical method is not 
generally available or practical to use on a 
particular structure, a quasi-static representation 
is proposed for design purposes. 

The dynamic load allowances are given in terms 
of one OHBD Truck or part there of, or the lane 
load for the ultimate limit state, and the service 
loading or part thereof for the serviceability 
limit states. As two or more trucks on a bridge are 
unlikely to be dynamically identical and in-phase, 
it is expected that the maximum dynamic effects due 
to one truck are greater than the maximum effect 
per truck when more than one truck is present. For 
this reason modification factors (Tab l e 1) are 
applied to loading cases of more than one truck . 

Table 1. Modification f ac t ors for dynamic l oad 
al l owance . 

Loading Case 

More than one OHBD Tru ck 
More than t wo OHBD Truck s 
Four or more OHBD Tru cks 

Modification Factor 

0.7 
0 . 6 
0 . 5 

The specifie d dynamic load allowance value s 
apply to all construction materials except wood. 
The typical damping VQ.lues for wooden structures are 
about three times the values observed for steel or 
concrete structures of similar frequency, and for 
this reason the dynamic load allowance for wood has 
been reduced to 0.7 of the specified values and is 
only applied to certain structural types. 

A dynamic load allowance of not less than 0.4 is 
specified for deck slabs and deck systems, the 
designs of which are controlled by wheel loads. This 
value covers the impactive action of wheel loads 
where the approach riding surface has been paved to 
normal standards, and assumes that the dynamic 
response effects are insignificant. For floor beams 
and stringers spanning less than 12 m (39 ft.), the 
specif ied value is~ 0 . 35. 

For main memb ers the dynami c load allowance is 
specified as a function of the first flexural fre­
quency of the members as shown in Figure 7 . To avoid 
undue refinement in the calculations, a variation of 
±10% in the calculated frequency must be allowed in 
s e le cting the dynamic load allowance, reflect i ng a 
degree of uncer t ainty in the frequency calculation . 



For flexible, long-span structures with a fre­
quency of less than 1 Hz, and short-span structures 
with a frequency greater than 6 Hz, the maximum 
AASHTO impact value of 0.3 is retained for the 
dynamic load allowance. For structures where a 
resonance condition is possible, values are reaching 
a maximum value of 0.45 in the band of 2.5 Hz to 
4.5 Hz. The pitch and bounce frequencies of most 
heavy commercial vehicles in Ontario fall within 
this band. 

New Code Provisions - Vibration Control 

A serviceability limit state has been specified 
to control objectionable vibrations for pedestrian 
users of various types of bridges. To achieve this 
control, a restriction has been placed on deflection 
in relation to the first flexural frequency of the 
bridge. 

Structures have been placed in four classes, 
each class having its own deflection-frequency limit 
curve. These curves have been based on a number of 
studies of human response to vertical vibration 
(~,11_), with the acceleration parameter changed 
to the equivalent deflection parameter for ease of 
calculation. 

Methods of Analysis 

The present AASHTO Specifications give little 
guidance on methods of static analysis for bridge 
superstructures, except for the clauses on 
distribution of loads. In the new Ontario Code, the 
section on methods of analysis replaces the load 
distribution clauses and expands the coverage to 
indicate approved methods of design analysis. 

Background 

It has long been recognized that the distribu­
tion factors given in AASHTO are lower-bound values 
to cover a wide variety of cases, and thus lead to 
overdesign for some structures. There has always 
been a general clause which allows a rational 
analysis to replace an empirical formula, but there 
has been little active encouragement to use advanced 
methods of analysis. 

The removal of the deflection limitation for 
steel beams could lead to more flexible structures, 
for which the load distribution is better than for 
present structures. As an example, the Conestoga 
River Bridge (4) had an equivalent distribution 
factor of S/7.S based on a grid analysis, compared 
to the AASHTO empirical value of S/5.5. While the 
simple distribution factor approach has served well 
in the past, and was necessary when more complex 
analysis was very time-consuming, the availability 
of computer programs for advanced methods of 
analysis means the empirical approach is not appro­
priate for all structures today. 

For these reasons the distribution factor 
approach has been reconsidered, and where still 
found acceptable, has been given in a more accurate 
format, but much of the simplicity of the old method 
has been retained. For the areas considered un­
acceptable, preferred methods of refined analysis 
are given for different categories of structures. 
In addition, guidanc2 is given on conditions 
affecting the selection of the method of analysis 
and on the idealization of structures for analysis. 

Simplified Methods 

Two simplified methods of analysis are allowed, 
subject to prescribed conditions being fulfilled. 
One is a distribution coefficient method and the 
other is the beam analogy method. 
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The distribution coefficient method is comparable 
to the AASHTO distribution factor method, the 
application being similar by the use of a load 
fraction S/D applied to the wheel loads. D is given 
a value in AASHTO according to bridge type, but is 
selected from charts for each bridge by the Ontario 
Code in accordance with the number of lanes and the 
stiffness properties of the particular structure, 
thus providing improved accuracy. The method is 
approved for use in calculating longitudinal moments 
and shears in bridges with shallow superstructures, 
subject to restrictions on continuity, skew, curva­
ture, beam spacing, and variations in section. The 
shallow superstructures to which the method applies 
include solid slabs, shallow voided slabs, slabs on 
girders, grillages and shear connected beams. 

The procedure for longitudinal moments is to 
calculate the torsional parameter a, which is a 
function of the longitudinal and transverse bending 
stiffnesses and torsional stiffnesses, and the 
flexural parameter 8, which is a function of the 
bending stiffnesses in the two directions, the 
bridge width and span length. With these values of 
a and 8, a chart is selected based on span and 
number of lanes which gives D as a function of a and 
8. A typical chart for a 2-lane bridge is shown in 
Figure 8. Separate charts are provided for moment 
and shear. The Code gives methods and charts for 
calculating the various stiffness parameters and 
hence a and 8 for all the shallow superstructure 
types listed. The charts were derived by the use of 
a computer program based on orthotropic plate 
theory (23). 

The beam analogy method, whereby the whole or 
part of a bridge superstructure is analyzed assuming 
it to be a one-dimensional beam, is limited to the 
evaluation of longitudinal moments and shears due 
to dead loads. In addition, the cross section of 
the bridge must be substantially uniform, the skew 
smaller than a specified value depending upon the 
bridge properties, and the supports either line 
supports or uniformly spaced discrete supports. 

Figure 8. Chart of distribution coefficient 
D values . 
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Refined Methods 

The following methods are approved for general 
use for the analyses of the appropriate bridge types : 

1. Grillage analogy methods. 
2. Orthotropic plate theory methods. 
3. Finite element methods. 
4. Finite strip methods. 
5. Folded plate methods. 

These refined methods are well reported in the 
technical literature and the Code gives referenc e 
to representative pape rs without further detailing 
of the methods. The Code doe s, however, give 
detailed guidance on the idealization of shallow 
structures for analysis by both 2-dimensional and 
3-dimensional anal ytical methods. 

Selection of Methods of Analysis 

A number of approved methods of analysis have 
been identified, and the structural responses to be 
c onsidered for each type of structure are shown in 
Table 2, and factors affe c ting structural response 
i n Table 3. The Code gives tables for each bridge 
type A to Lin Table 2, r e lating the responses and 
factors affecting response s to the approved methods 
of analysis. These tables show the analytical 
methods which can satisfactorily model each response 
and response factor. Approval is required for the 
use of any method of analysis which does not comply 
with the requirements of the appropriate table for 
the bridge type under c onsideration. 

Table 2 . Types of bridges and structural responses. 

Structural Responses 

BridQ8 Types ·~ ~ i j 
iij &£ 

A, Slabs 

B, Slabs on Girders 

C. Shallow Voided Slabs 

O.Grillages 

E. Shear Connected Beams 

F, Single Cell Box Girders 

G. Multi Cell Box Girders 

H. Multi·Spine Box Girders 

I Rigid Frames 

J, Trusses 

K. Arches 

L, Wood Beams, Decks 
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x 
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Table 3. Factors affe c ting structural responses. 

A. Continuity of spans 

B. Plan geometry 

C. Edge stiffening 

D. Variation of transverse cross section 

E. Variation of longitudinal cross section 

F. Diaphragms and Cross Frames 

G. Wind bracing 

H. Yielding supports and supports for skew spans 

I. 

J . 

Temperature effects 

Creep and Shrinkage 

K. Fl9or system interaction 

'" :o 
t~ r ~ 

x 

This specific guidance on the selection of 
methods of analysis is new to North American bridge 
codes and has been provided to e.nsure the use of the 
most suitable methods for each bridge design, and 
encourage the use of refined methods rather than 
simplified or empirical methods whenever appropriate. 

It is expected that the new provisions for 
refined methods of analysis will require more design 
time than before. It has been shown (24). that, on 
the average, the cost of the computational part of 
design does not exceed one percent of the total cost 
of a bridge. Considering that a refined method of 
analysis may lead to reduction of structural comp o­
nent sizes, elimina t i on of certain secondary members, 
simplification and uniformity in detailing, even a 
one hundred percent increas e in actual design time 
would appear justifie d. 

Miscellaneous Provisions 

General Features of Design 

Hydraulic aspects are a major cause of bridge 
and culvert problems. A recent international survey 
of major bridge failures (25) showed that 66 of 
the 143 failures were duet;;' scour. To emphasize the 
requirements for proper hydraulic design, it was 
decided to expand the cove rage considerably and 
include it in the Code. 

The hydrauli c design aspects are largely based 
nn the proc-eduries est abli s hed by thie MTC Hydro logy 
Section, and include requirements for all sizes of 
bridges and culverts and their appurtenant works, 
including design flood crite ria, scour calculations 
and protection, and backwater design. 

In general, the Code is aiming at self-protecting 
bridge superstructure s. Other than spalling of the 
deck surface, most d e terioration problems were found 
to be related to inadequate drainage facilities. 
Provisions will requi re: 

1. Improved design for drain-pipes; 
2. Improved location of drain-pipes such that 

brine is not spilled on other s~ructural components; 
3. Continuous drip around the perimeter of the 

superstructure; 
4. Minimum slopes of all previously horizontal 

surfaces to eliminate ponding; 
5. Minimum 8 in. gap between the end of the 

superstructure and the abutment to permit inspe c tion 
and to ensure proper ventilation. 

6. Minimum number of deck joints. 

Miscellaneous Loads and Movements 

Equivalent static wind loads for bridges are 
based on the geographi c ally dependent reference 
wind pressure for a 50-year return period, modified 
by given factors for exposure and gust effect, and 
by a horizontal force coefficient which varies with 
the superstructure type. 

Thermal gradient effects have received little 
consideration in the past, but recent realization 
of the magnitude of the possible stresses induced 
has caused concern. Values for the temperature 
differentials through the depth of different types 
of structure are given, and the magnitude of the 
resulting induced moments can be determined from 
the nondimensional c urvature-depth relationships 
given. 



Substructure and Retaining Walls 

The limit states format produced the major 
change in this section. The limit states calcula­
tions cover both the substructure and piles acting 
as structural members and the geotechnical capacity 
of the supporting soil. Because the Code is the 
first one in North America to use the limit states 
format for substructures and soil capacity, much 
original work was required in selecting the soil 
performance factors, and establishing the ultimate 
and serviceability limit states. 

Concrete Deck Slabs 

For the design of concrete deck slabs supported 
by beams or girders, the current AASHTO Specifica­
tions assume that wheel loads are distributed over 
a given length of slab, and the transverse spanning 
slab strips are then designed as reinforced concrete 
beams by the usual flexural theory. Such slabs 
usually develop compressive membrane, or arching 
forces, which allow a substantial reduction in 
reinforcing steel (±2_,1]_). 

Provided the deck system supplies sufficient 
horizontal rigidity for the development of arching 
forces, the specified empirical design method may 
be used. The required reinforcing steel ratio of 
0.3%, for each direction top and bottom, is little 
more than the minimum normally supplied for shrinkage 
and temperature effects, and the method thus becomes 
a prescription for the amount of steel, provided 
the appropriate boundary conditions are satisfied. 
These boundary conditions are met by most existing 
composite slabs, and include the following: 

1. A solid slab of constant thickness with a 
minimum value of 200 mm (8 in.) with edge stiffening . 

2. Span of the slab perpendicular to the 
directio.n of traffic no greater than 3.66 m (12 ft.) . 

3. Span/Thickness ratio of the slab not over 15. 

The prescribed reinforcing is adequate to carry 
all local wheel loads on slabs spanning between 
girders, and is normally adequate to cover the 
transverse bending effects due to load distribution 
between girders. However, torsionally stiff box 
girder systems should be analyzed for transverse 
moments and shears in the slab due to differential 
deflection of the girders. Details of the background 
research and testing for the empirical method are 
given in other conference papers (~,12_). 

Reinforced Concrete 

Apart from the limit states format, the major 
changes in the Code concern shear and torsion. 

The shear provisions given for beams and 
compression members are based mainly on the shear 
provisions of the ACI Building Code 318-71 (30) and 
the recent report of ACI-ASCE Committee 426 (31). 
The shear stress carried by the concrete is a 
function of the concrete strength and longitudinal 
steel ratio, and is constant for a particular beam 
whether or not the beam has stirrups (11.,21_). It is 
assumed that axial compression will increase the 
shear resistance of members and that axial tension 
will reduce the shear resistance. Shear friction is 
included and conditions when the concept may be 
applied are given. 

For members loaded in torsion, the clauses are 
based primarily on the provisions of CSA Standard 
A23.3 (33). The basic equations for determining 
the amo~t of torsional steel required to provide 

a certain torsional strength are based on the 45° 
space truss analogy (~). 

Prestressed Concrete 

9 

Among several changes to the prestressed concrete 
provisions are the following: 

1. The maximum permissible compressive stress in 
members produced in certified plants has been 
increased since the final concrete strength is 
controlled by that required at transfer, and the 
28-day strength is generally higher than the 
specified strength. 

2. A limit has been imposed on the maximum 
effective prestress in voided slabs to prevent 
longitudinal cracking due to stress concentrations 
over the voids (35). 

3. To fully utilize the economic advantages of 
low relaxation steels, the stress limit at transfer 
and the stress limit at jacking have been increased. 
The latter increase is limited to post-tensioned 
construction. 

4. The method of calculating prestress losses 
differs from other codes, and the losses at transfer 
and the losses after transfer are computed separately. 

5. The effect on shear capacity of the presence 
of post-tensioned ducts in thin webs is covered by 
an expression for equivalent web width (36) . 

6. New expressions for the development length 
of prestressing strands are specified to provide 
bond integrity for the load capacity of the member. 

Structural Steel 

Among the numerous changes in the structural 
steel section are the following: 

1. Unlike the AASHTO Specifications, the Code 
specifies a separate performance factor ~ value 
for structural steel. 

2. Steels specified for primary tension elements 
are required to meet minimum specified CVN values 
for notch toughness (37). 

3. The AASHTO form;:;-la for the strength of 
compression members was found to give inconsistent 
safety levels for different slenderness ratios and 
has been replaced by the CSA Standards Sl6.l 
formulae (38,39). 

4. The----;=-equirements for bottom lateral bracing 
for beam and girder bridges have been made less 
restrictive and such bracing is now required only 
for spans of 45 m (150 ft.) or greater. 

Structural Fatigue 

The Code requires that members, subject to 
cyclic tensile stress during passage of the live 
load, be proportioned on the basis of an allowable 
stress range, FSR• corresponding to a specified 
number of stress cycles, N. 

The stress range concept means that only live 
load and dynamic load allowance stresses need be 
considered when designing a particular detail for 
fatigue. 

The number of cycles of maximum stress range 
for the Code was determined from available studies 
of Ontario's truck traffic. The load spectrum from 
the 1975 survey was evaluated against the response 
of a single OHBD Truck for several simple spans 
between 6.1 m (20 ft.) and 61 m (200 ft.) for shear 
and moment. 

The number of constant stress range cycles to be 
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considered tor the design ot bridges on the three 
Ontario road classifications are given in Table 4. 

Table 4. Stress range cycles, N. 

Type of Average Daily Single 
Road Truck Traffic (ADTT) Service Loads 

Class A 1000 or more over 2,000,000 

Class 8 250 - 1000 2,000,000 

Class C-1 50 - 250 500,000 

Class C-2 0- 50 100,000 

The stress range is calculated using a single 
service load crossing the bridge, the service load 
being 80% of a single OHBD Truck amplified by the 
corresponding dynamic load allowance. To discourage 
the design of single load path structures, the Code 
requires that allowable stress range be reduced by 
25% for this type of structure. The Code emphasizes 
that a minimum number of secondary members be used 
and their components be appropriately designed for 
both ultimate and service limit states ~). 

Soil-Steel Structures 

The Code provides tables for the design thick­
nesses of corrugated conduit walls for spans up to 
7.9 m (26 ft.). These tables are the same as 
presently provided by the corrugated metal pipe 
industry. However, by the application of the limit 
states design method given in the Code, conduit wall 
thicknesses smaller than those given in the tables 
may be possible. The prescribed limit states 
method must be used for spans over 7.9 m (26 ft.), 
unless a finite element method or other approved 
refined method is employed. Special patented 

' techniques, such as longitudinal beams, relieving 
slabs, steel ribs and squeeze blocks, may be used 
provided all the Code requirements are met. The 
buckling computation is a ref i~ment of the 
conventional ring compression method. The calcula­
tion of loads differs from AASHTO by allowing for 
active earth pressure on the top of the conduit 
combined with passive pressure below. 

The deformations of the conduit walls during 
the backfilling operation have to be controlled so 
that the conduit wall stresses do not exceed 90% 
of the yield stress of the steel. A simple formula 
is given for the maximum crown deflection at which 
this stress is reached. 

,-y __ ..J {"' ..... _____ .._ _____ _ 
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The change from working stress design to limit 
states design has been more difficult for wood 
than for steel and concrete. There is no North 
American wood specification in the limit states 
format, and little of the test data needed for the 
transformation was immediately available. A large 
program of in-grade testing is currently under way 
at the University of British Columbia, and the 
availability of the test results from this and 
other projects will determine many of the values 
and provisions appearing in the Code. 

The most common form of wooden bridge in Ontario 
is the longitudinally laminated deck type. The 
Code covers load sharing between laminations for 
asphalt covered decks and composite wood-concrete 
deck superstructures. 

Rating of Existing Bridges 

There is today a growing concern about bridge 
maintenance, and an increased emphasis on preserving 
and strengthening existing bridges when possible, 
rather than replacing them. Maintenance and bridge 
rating have traditionally not had the same attention 
as new construction methods, design and analysis, 
and in comparison many of the existing techniques 
appear outdated. The full-scale hridge testine 
program started in 1969 in Ontario was aimed at a 
better understanding of the actual behavior of 
bridges so that any built-in conservatism could be 
identified and accounted for in evaluating load­
carrying capacity (6). The results of this test 
program have had a l arge influence on a number of 
the Code sections for new bridges as well as con­
tributing to the provisions of this section. 

The aim of the new Code is to apply the refined 
methods of analysis to bridge evaluation as well as 
new designs, particularly when a posting limit or 
possible replacement is being considered. The limit 
states approach is the only method accepted in keep­
ing with the rest of the Code, and the rating and 
posting loads are directly related to the design 
live loads established through the latest truck 
surveys (16). 

The given performance factors ~. and load factors 
K, have been derived for new bridge designs. They 
may be subject to change for bridge evaluation where 
the future life expectancy or possible use of the 
bridge differs from new construction. 

Bearings and Deck Joints 

The design or selection of bearings and deck 
joints, the calculation of structure movements, 
and provisions for structure articulation are all 
covered in a systematic and comprehensive manner 
in one section of the Code. The ultimate and 
serviceability limit states to be considered are 
defined and performance requirements are given. 

The performance requirements have been set to 
minimize maintenance and improve the durability of 
structures. Inadequate anchorage of deck joints has 
caused many maintenance problems in the past, and 
minimum anchorage requirements are now specified. 

Accessories 

The accessories section applies to the structural 
design of supports for highway signs, luminaires 
and traffic signals, and of bridge railings. The 
design of supports has been covered by AASHTO in a 
separate specification(~, but the required 
provisions are incorporaced inco che bridge spec­
ification for the Ontario Code. 

Construction and Temporary Works 

This section covers loading of the structure 
during construction by specifying loads and factors 
different from those prescribed for the completed 
structure. 

Temporary works include the design for those 
structural works necessary for the building of a 
bridge, but not forming part of the finished bridge. 
The design methods are covered by other sections 
of the Code, and the temporary works section 
primarily specifies the loads and forces to be 
used. 



Code Calibration 

The calibration process is the selection of the 
values of the following design equation parameters 
to achieve the objectives of the selected code format: 

Performance factors, 4 
Load factors, K 

The principal objective in using the limit states 
format was to achieve more uniform struc tural safety 
than provided by the previously used working stress 
format. The calibration was carried out in two 
phases. The first phase was the initial selection of 
values for the parameters based on available statis­
tical data using second moment reliability theory 
and a target safety index 8. The second phase con­
sisted of a comparison of a number of bridge designs 
carried out to the working stress methods of the 
AASHTO Specification with designs to the new Code 
using the initial values of the design parameters. 
The parameters were then adjusted in light of this 
comparison and the final safety levels assessed. 

Background 

When ultimate strength design methods were first 
introduced in North America with the 1956 ACI 
Building Code, the values for load factors were 
selected based largely on engineering judgement (_2). 
As probabilistic theories developed and some 
statistical data on strength and load variation 
became available, the safety provisions and design 
parameters were revised accordingly. Another method 
used to effect a change from one format to another 
is to calibrate the new format parameters so that 
the resulting structures have much the same strength 
as structures designed to the old format. This 
method was used when load factor design in steel was 
first introduced into the AASHTO Specifications (13), 
and the single calibration point was for a simple~ 
span of 12.2 m (40 ft,). For other span lengths, 
the strengths or safety levels would be different 
by the two formats. 

The method used for the AASHTO Specification 
was not considered satisfactory for calibration of 
the Ontario Code, as it presupposes a satisfactory 
safety level for a particular span length using old 
designs and does not take advantage of the statis­
tical data which are increasingly available. When 
full data are available on all materials, all loads 
and load combinations for a full sample of bridge 
types, then the application of probability theory 
based on an acceptable risk of failure will be 
possible. This situation still appears to be some 
years away, and the application of a lower level of 
calibration is the only practical option today, 
taking advantage of what statistical data are 
available from various sources. 

The safety index 8 is the basic measurement of 
structural safety in current probability methods, 
and was used in both phases of the calibration of 
the Ontario Code. 

First Phase Calibration 

A second moment reliability method (42) was used 
for the first calculation of load f actor--and 
performance factor values. 

A starting value of 8 = 3.5 was selected, based 
on current typical values considered acceptable for 
building design. The committees for each material 
then calculated starting 4 values based on available 
statistical data: Data was often lacking or 

inadequate for bridges, and typical values had to 
be selected from general construction experience. 

These initial values of design parameters were 
used in the second phase for comparative designs 
using the first draft of the new Code. 

Second Phase Calibration 
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The second phase calibration method (43) required 
data on a number of structures designed t~the 
current standards. MTG provided information on 
bridges designed to the AASHTO loading by working 
stress methods, from which 11 were selected (Table 5) 
as being representative of the most common typ es 
presently used in Ontario. The selected bridges 
covered the usual span ranges in each group, and the 
typical span for each group was identified for use 
in the weighting process. For uniform comparison of 
live load effects all the selected bridges have 
two traffic lanes, and are located on Class A 
highways. 

Table 5. Comparison of safety indices 8 by new 
Code and by AASHTO. 

Category Limit Sp en Safety Indices ll 
State Length AASHTO New 

m Code 

Steel I-Girders Moment 18.3 5.19 4.00 
Moment 27.5 2.14 4.20 
Moment 37.8 2.59 3.80 
Shear 18.3 6.51 5.00 
Shear 27.5 4.27 4.80 
Shear 37.8 4.82 4.15 

Steel Box Girders Moment 42 .7 2.69 3.85 
Shear 42.7 6.05 3.95 

Pretensioned Concrete Moment 18.3 4.72 3.50 
AASHTO Beams Moment 27.5 4.05 3.70 

Moment 29.9 3.60 3.55 
Moment 33.5 3.66 3.40 
Shear 18.3 2.88 4.00 
Shear 27 .5 3.97 3.80 
Shear 29.9 2.91 3.75 
Shear 33.5 3.58 3.65 

Post-Tensioned Concrete Decks Moment 32.0 4.93 3.90 
Moment 38.1 4.45 4.10 
Moment 40.3 3.77 3.85 
Shear 32.0 3.73 3.35 
Shear 38.1 3.29 3.45 

1 m = 3.28 ft . Shear 40.3 3.07 3.40 

These bridges were analyzed to obtain values of 
structural safety in terms of the safety index 8 (44): 

where: 

lo (i/s) 

yv~ + v~ 
(3) 

mean and coefficient of variation of 
resistance, 

mean and coefficient of variation of 
load. 

The load and resistance data were used in 
equation 3 to calculate the safety index 8 for 
moment and shear for each bridge. 

The 8 values in Table 5 for current AASHTO 
bridges vary from a low of 2.14 to a high of 6.51. 
This range of 8 values justified the selected start­
ing value of 8 = 3.5, and it was confirmed as the 
target 8 value for the next phase of calibration. 

The selected structures were then redesigned to 
the new Code, using the starting performance factor 4 
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values given by the sub-committees, and the starting 
load factor K values from the firs t phase calibration. 

The objective of the subsequent calibration 
process (.'.!2_) was to reduce the .scatter of B values 
by adjustment of the starting values of the design 
equation parameters. With the calibrated values of 
these parameters, the B values were recalculated to 
check the variation from the target value of 3 .5. 
The results ar e shown in Table 5, and the B value 
s~AttAr has been reduced to between 3 .35 and ~.2 
(45), except for steel girders in shear . 

These calibrated values of the design parameters 
were us ed i n the draft of the Code distributed for 
public comment, and are shown in Tables 6 and 7. The 
values may be changed as further calibration work is 
performed , before the Code is published. 

Table 6. Calibrated values of load fac tor s K. 

Load Factor Description 

Live Load KL . 

Dynamic Load Allowance K1. 

Dead Load K
01 

for fectory produced 
structural componC! nts. 

Dead Load K0 2 far C<>st-in·IT•ld 
structural components 
and all non-s tructural 
components. 

Dead Load K
03 

for ssphalt wearing 
surfeco . 

Load Factor Values 

1.35 

1.35 

1.15 

1.25 

1.7 

Table 7. Calibrated values of performance factors ~. 

Category Limit </> Value 
State 

Steel Girders Moment 0.90 
Shear 0.90 

Pretensioned Concrete Beams Moment 0.85 
Shear 0.65 

Post-Tensioned Concrete Decks Moment 0.85 
Shear 0.65 

Closing Remarks 

The Ontario Highway Bridge Design Code will 
be published in late 1978, and work wil l then 
begin on a revised edition to be issued one year 
later. 

The primary objective of the change to Limit 
States Format - the provision of more uniform 
safety levels - appears to have been achieved. 
Whether improved economy has also been attained 
can only be ass essed when an adequate sample of 
bridges has been designed to the new Code . How­
ever, it is expected that the increased design 
live load can be accommodated and s till produce 
a 10% saving in structural materials. 
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FATIGUE TESTS OF PRESTRESSED GIRDERS WITH BLANKETED AND DRAPED STRANDS 

B. G. Rabbat, P. H. Kaar, H. G. Russell, Portland Cement Association 
R. N. Bruce, Jr., Tulane University 

In pretensioned girders, draping of strands can 
be avoided by using straight tendons having 
unbonded "blanketed" lengths at the ends of 
girders. An experimental investigation was 
carried out to determine the effect of repeti­
tive loading on the behavior and strength of 
girders with draped and blanketed strands. Six 
full-size Type II AASHTO-l'CI girders were 
tested. Two girders contained draped strands. 
The other girders had straight strands with 
four tendons blanketed at each end. The 
effects of load level, development length, and 
confining ties were investigated. The test 
program called for 5-million cycles of loading 
followed by a static test to destruction. The 
paper presents results of the investigation and 
shows that blanketed strands can be used suc­
cessfully if adequate strand development length 
is provided. Fatigue fracture of strands was 
observed in pre-cracked beams where load level 
produced tensile stress in the precompressed 
concrete. 

Highlights 

Use of draped strands in pretensioned girders 
presents problems for designers, fabricators and 
inspectors. The tensioning procedure is time con­
suming, costly, and may leave doubt as to the 
actual prestress level obtained throughout the 
length of the strand. Draping of strands can be 
avoided by using straight tendons having unbonded 
"blanketed" lengths at the ends of girders. 

Test Program 

An experimental investigation 
at the Portland Cement Association 
determine the effect of repetitive 
behavior and strength of girders 
strands. 

was carried out 
Laboratories to 
loading on the 
with blanketed 

Six full-size Type II AASHTO-l'CI girders, each 
15.24-m (SO-ft) long, were tested. Two girders 
contained draped strands. The other four had 
straight strands with four tendons blanketed at 
each end. 

Controlled variables in the test program were 
load level, development length, and use of ties to 
confine the concrete in the stress transfer region 
of the blanketed strands. All specimens were 
cracked prior to fatigue loading. 

The test program called for s-million 
loading between dead load and dead load 
load. Static tests to full dead load 
load were performed before cyclic loading 

cycles of 
plus live 
plus live 
and after 

1, 2-1/2 and 5-million cycles. At the completion 
of 5-million cycles, the girders were tested to 
destruction under static load. 

This paper summarizes the experimental investi­
gation C.!l and presents the results of the tests. 

Conclusions 

The results of the fatigue tests of this inves­
tigation indicate the following: 

1. In prestressed bridge girders, 
stresses may be controlled by either 
strands or, alternatively, using straight 
having unbonded "blanketed" lengths at the 
girders. 

concrete 
draping 
strands 

ends of 

2. For similar loading conditions, the behav­
ior and strength were the same for girders having 
either blanketed or draped strands. 

3. The fatigue life of specimens designed for 
a tensile stress of 0.5~ MPa (6 ../f0 psi) under 
full service load was significantly less than that 
of specimens designed for zero tension. 

4. In specimens designed for zero tension in 
the concrete under service load condition, and 
having blanketed strands designed for one develop­
ment length, Qd• as defined in ACI 318-71, Clause 
12.11.1, the behavior and strength of the specimens 
with blanketed strands were similar to those of 
conventional girders with draped strands. 

5. In the specimen designed for a tensile 
stress of 0.5,/f0 MPa (6Vf0 psi) in the uncracked 
concrete under full service load and having blan­
keted strands designed for twice the development 
length, 2 Qd, only small slip of the strands 
occurred. This indicated adequate bond of the 
blanketed strands for about 3-million cycles of 
repetitive loading. 

6. In the specimen designed for a tensile 
stress of 0.5vf0 MPa (6../f0 psi) in the uncracked 
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concrete under full service 
keted strands designed for 
Qd, the blanketed strands 
fatigue. 

load and having blan­
one development length, 
slipped indicating bond 

7. In the three specimens where cyclic loading 
produced a tension of 0.5./£"c MPa (6,/fc psi) in the 
concrete, fatigue fracture of the strands occurred 
at about 3-million cycles of repetitive loading. 
These specimens included a control girder with 
draped strands. The calculated minimum and maximum 
stresses in the strands were between 980 and 1040 
MPa (142 and 151 ksi), respectively. 

8. Use of ties to confine the concrete in the 
stress transfer region of blanketed strands in one 
specimen did not cause any substantial improvement 
in the behavior of that specimen. 

Recommendations 

Based on the test results and the conclusions 
outlined above, it is recommended that: 

1. In bridge girders, blanketed strands may be 
used as an alternative for draped strands. 

2. In bridge girders designed for no allowable 
tension in the concrete under service load condi­
tions, the blanketed length of strands should be 
calculated allowing for at least one development 
length, Qd, as defined by ACI 318-71, Clause 
12.11.1. In most girders, the development length 
can be greater than lla without exceeding the 
allowable yonorete stress at the end of the gir­
ders. A l ength greater than Q d will. result in 
less strand lengths to be blanketed and, therefore, 
would be more economical to manufacture. 

3. In bridge girders designed for an allowable 
tensile stress of o.svrc MPa (6./fb psi) in the 
uncracked concre t e under service load condition, 
the blanketed leng.th of strands should be calcu­
lated allowi ng for at least t wo development 
lengths, 2 Ra. In most girders, the development 
length can be greater than 2 lid without exceeding 
the allowabl e concrete stress at the end of the 
girders. A length greater than 2 Qd will result 
in less strand lengths to be blanketed and, there­
fore, would be more economical to manufacture. 

4. Use of ties to confine the concrete in the 
stress transfer region of blanketed strands is not 
necessary. 

5. When tension 
under service load 
girders to prevent 
consideration. 

is allowed in the concrete 
conditions, design of the 
strand fatigue should be a 

6. Further research is needed to determine the 
fatigue properties of prestressing strands. The 
results can then be incorporated into specifica­
ticne and codes. Currently the designer is not 
provided with any guidance regarding design of 
strands for fatigue. 

7. Research is needed to determine the level 
of tension in the concrete at which pretensioned 
girders would be able to withstand traffic loading 
without strand fatigue during their design service 
life. 

8. Research is needed to determine how far 
strands should be extended beyond the point where 
they are not needed. In reinforced concrete mem­
bers, the cut-off point of a reinforcing bar is 
governed by either a development length measured 
from the critical section, or a minimum distance 
(e.g., 15 bar diameters) (2) measured from the 
theoretical point where the bars are not needed. 
Presently, specifications do not provide the 
designer with a minimum distance criterion for 
prestressing steel. 

Introduction 

Strands are draped at the ends of prestressed 
girders to control concrete stresses. Draping of 
strands can be avoided by using straight tendons as 
long as the concrete stresses at the ends of the 
beams remain within the allowable limits. This can 
be achieved by using the "blanketing" concept. The 
effect of prestressing is eliminated in a given 
strand by preventing bond with the concrete. This 
can be achieved by greasing the strand, coating it 
with retarder, or covering it with plastic tubing. 
Greasing or using a retarder is risky because of 
the possibility of affecting other than the speci­
fied strands. Plastic tubing is preferred because 
it also provides an easy means of inspection. 

The blanketing technique has been tested previ­
ously (3,4). However, further tests were needed 
since recent Codes (5) and Specifications (2) per­
mit tension in the precompressed fibers- under 
service loads. 

Therefore, the aims of this investigation were 
to: 

1. Determine whether tension in the concrete 
under service load condition affects the develop­
ment length. 

2. Determine whether one or two development 
lengths, lid, (as defined by ACI 318-71, Clause 
12.11.1) are required. 

3. Determine whether ties to confine the con­
crete in the stress transfer region of blanketed 
strands are beneficial. 

Design of Specimens 

Six full-size Type II AASHTO-pCI specimens were 
tested in this investigation. Table 1 summarizes 
the test variables. Cross sections, reinforcing 
details and the loading pattern are shown in Fig. 1. 

Test specimens were designed according to the 
1973 AASHO Specifications (2) and the 1974 and 1975 
AASHTO Interim Specifications (6,7). 

Concrete strength at transfer-of prestress, was 
assumed to be at least 27.6 MPa (4,000 psi). The 
concrete design strength at 28 days was taken as 
34.5 MPa (5,000 psi). 

The strands used were 11.1-mm (7/16-in.) diam­
eter with a nominal strength of 1724 MPa (250 
ksi). Prestress losses at service condition were 
assumed to be 20%. 

A minimum number of strands were blanketed to 
ensure that the top and bottom concrete stresses of 
the end regions remained within the allowable val­
ues. At each end, four strands were blanketed in 
all girders having straight tendons only. 

The blanketing location was determined from the 
concept of development length. The procedure is 
similar to that for stopping rebars in reinforced 
concrete members. 

One devel opment length was calculated (2) to be 
1.68-m (5 ft - 6 in.). Location of blanketing 
tubi ng relative to the pos ition of the applied 
loads is shown i n Fig. 2. Strands were bl anketed 
in pairs to maintain symmetry. Only strands in the 
bottom layer were blanketed. 

Development length was measured from the loca­
tions where the strands were. required to exhibit 
their full strength. To force the cracks to occur 
at these critical locations, crack forming devices 
were placed in the test girders at the locations 
shown in Fig. 2. The crack formers consisted of 
55x454-mm (2-3/16xl7-7/8-in.) pieces of 1.6-mm 
(1/16-in.) thick sheet metal. 



Ties to confine the concrete in the end trans­
fer region of all girders conformed with the 
Louisiana "typical details for prestressed concrete 
girder construction". The same confining tie 
details were used at the stress transfer regions of 
the blanketed strands of Specimen Gl4. 

The choice of the range of loads for the 
fatigue testing of Specimens Gll, Gl3 and GlO was 
governed by the following criteria: 

1. Under full service load, tensile stress in 
the precompressed concrete fiber was 0.5 Vfb MPa 
(6./fc psi). Therefore, the dead load moment, Mor 
plus the live load moment, ML, caused a tensile 
stress of 0.5-./f1: MPa (6~ psi) in the bottom con­
crete fibers at midspan. 

2. Calculated flexural capacity, Mu, of the 
girder at midspan was: 

MtJ 1.3 Mo + 2.167 ML 

These two conditions yielded the fatigue loads 
Pmin and Pmax for Specimens Gll, Gl3 and GlO. 
Load Pmin corresponds to dead load moment in 
addition to the selfweight moment. Load Pmax 
corresponds to total dead load plus live load 
moments. 

For Specimens Gl4, Gl2 and GlO-A, the maximum 
service load, Pmax• was chosen to correspond to a 
midspan bottom concrete fiber stress of zero ten­
sion. The minimum load, Pmin• was chosen to be a 
nominal 2.7 kN (600 lbs.) required to keep the 
rams in contact with the top of the girders. Table 
2 summarizes calculated values for range of fatigue 
loads, the corresponding midspan moments, stresses 
in the bottom layer of strands and stress range in 
these strands. Note that the loads Pmin and 
Pmax are the inner point loads of Fig. 2. The 
outer point loads are 2.5 times the magnitude of 
the listed loads. 

Present Codes (5) and Specifications (2) do not 
provide the designer with any guidance concerning 
allowable stress range to prevent fatigue failure 
in prestressing strands. The calculated stress 
levels listed in Table 2 are much smaller than the 
allowable stresses recommended by ACI Committees 
215 (_!!) and 443 (.2_). 

Test Program 

Two loading systems were used to test each 
specimen. The first was basically for dynamic 
loading, and the second for static tests to 
destruction. The second system is shown in Fig. 3. 

Dynamic loading was applied through four rams. 
Each ram was secured to a concrete frame pre­
stressed to the laboratory floor. In Fig. 3, the 
stems of two rams are in the retracted position. 

To accommodate the large deflections required 
to test the specimens to destruction, the test set­
up was modified. The second loading system con­
sisted of cross heads and tie rods. Loads were 
applied by hydraulic rams reacting against the 
underside of the test floor (10). 

Instrumentation was first--rnstalled during man­
ufacture of the girders in the plant. Quantities 
measured included prestressing force, strand 
strains, confining tie strains, and camber. 

In the laboratory, measurements of applied 
loads, deflections, strand strains, confining tie 
strains and strand slip were recorded during the 
static tests. 
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During the dynamic tests, measurements recorded 
were strand slip and number of cycles of repetitive 
loading. 

Ends of the specimens were supported on a 
127-mm (5-in.) diameter roller located between two 
steel plates. A jig was erected at each support to 
prevent the girder from rolling longitudinally 
during the dynamic testing. 

Testing started with 3 cycles of static loading 
between Pmin and Pmax· These predetermined 
loads are listed in Table 2. To ensure that Speci­
mens Gl4, Gl2 and GlO-A would crack, they were 
loaded up to Pmax = 65 kN (14.6 kips) during the 
static tests only. 

Repetitive loading was applied at the testing 
machine rate .of 265 cycles/min. The large mass of 
the girder necessitated a dynamic correction. This 
correction was accounted for by controll i ng the 
loads such that the deflections produced due to 
cyclic loading corresponded with the measured mini­
mum and maximum static deflections. 

To determine the effect of the cyclic loading 
on the girder's response, dynamic loading was 
interrupted at 1-million and 2.5-million cycles and 
a static test was conducted between Pmin and 
Pmax· After 5-million cycles, the repetitive 
loading was stopped. The loading system was .then 
modified and the specimen loaded statically in 
increments to destruction. 

The concrete compressive strength was deter­
mined from 152x305-mm (6xl2-in.) concrete cylin­
ders. At test time, the concrete strength of the 
girders ranged between 40.7 and 52.4 MPa (5900 and 
7600 psi). Strength of the deck concrete was 
between 34.5 and 41.4 MPa (5000 and 6000 psi). 

All strands were stress-relieved. They were 
manufactured in Japan. Coupons from the same 
strands used in the girders were tested in the lab­
oratory. These coupons were instrumented with 
strain gages similar to those used in instrumenting 
strands in the girders. The modulus of elasticity 
was found to be 230,600 MPa (33,440 ksi). It was 
used to convert the measured strand strains into 
strand stresses. The measured modulus was high 
because the strain gages were placed along a wire, 
i.e., along a spiral. 

When unrolled from their coils, the strand had 
a shiny surface. For about ten days the strands 
were exposed to high humidity due to rain and cur­
ing steam from adjacent prestressing beds. This 
resulted in brown surface rusting of the strands. 

Behavior of Specimens 

The following is a description of the 
of each specimen. Specimens are discussed 
sequence of testing. 

Specimen Gll 

behavior 
in the 

For Specimen Gll, increasing slip of the blan­
keted strands was measured as the dynamic test pro­
gressed. After 3.78-million cycles, fatigue load­
ing was stopped because of the formation of a large 
crack at the outer east crack former. The stiff­
ness of specimen had decreased considerably. The 
specimen was then unloaded and the loading system 
modified in preparation for the final static test 
to destruction. 

During the test to destruction, sudden fracture 
of the specimen occurred at a load very close to 
the specified service load level . All distress 
occurred at the section where the large crack had 
formed. No other cracks appeared. Only two of the 
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22 strands did not fracture. These were blanketed 
over a longer length and slipped inside the end 
portion of the girder. A plot of the applied load 
versus midspan deflection is shown in Fig. 4. 

Specimen G13 

After 3.2-million cycles of repetitive loading, 
a large crack had extended high into the web at the 
inner east crack former of Specimen Gl3. Slip of 
the blanketed strands was negligible. The stiff­
ness of the girder had decreased. 

Specimen Gl3 was cut open at the critical sec­
tion to inspect the strands. Six strands were 
found to be fully fractured in fatigue. Six 
strands had one to five of the seven wires frac­
tured in fatigue. Only 10 of the 22 strands had no 
visible evidence of fatigue. 

While removing the concrete cover at the criti­
cal section, the position of the crack former with 
respect to the bottom layer of strands was care­
fully observed. The outside strands of the bottom 
layer were bearing against the crack former while 
the intermediate strands were clear. Of the two 
strands, one was intact, and the other had fatigue 
fracture about 38-mm (1.5-in.) away from the crack 
former. 

To determine whether the fatigue had affected 
the properties of the intact strands that crossed 
the critical section, coupons were extracted from 
the girder. These were tested statically in ten­
sion. The breaking strength of these strands cor­
responded to the manufacturers strand strength. 

To obtain further information from Specimen 
Gl3, the strands at the inner west crack former 
were exposed. A crack of limited height had formed 
at this section. There were no external visible 
signs of damage. After exposing the tendons, it 
was found that one strand of the second layer and 
one wire from a bottom layer strand were fractured 
in fatigue. 

Specimen GlO 

Behavior of Specimen GlO was very similar to 
that of the two previous specimens. After 3.63-
million cycles, the dynamic loading was intention­
ally stopped after observing the formation of a 
large crack at the inner west crack former. This 
was the location of a hold-down device. 

Specimen GlO was then loaded statically to 
destruction. It fractured prematurely and suddenly 
as illustrated by the applied load versus midspan 
deflection curve of Fig. 4. The failure was con­
centrated at the critical section. No new cracks 
appeared along the beam. 

After separating the two segments of the gir­
der, the fractured surface of all strands was 
inspected. It was possible to identify the strands 
that failed due to fatigue and the ones that failed 
due to tension. The two modes of fracture are very 
distinct as illustrated by Fig. 5. Six strands 
were found to be fully fractured in fatigue. Eight 
strands had one to four of the seven wires frac­
tured in fatigue. 

As observed earlier in Specimen Gl3, it was 
noticed that the two outer strands of the bottom 
layer were touching the crack former while all the 
intermediate ones were clear. The outer strands 
had fractured in tension. It is interesting to 
note that the hold-down device did not seem to be 
the cause of fatigue of strands. The distribution 
of fatigued wires and strands was random. 

Specimen Gl4 

Specimen Gl4 survived 5-million cycles. Only 
small cracks had formed at the four crack formers. 
Strand strains and confining tie strains remained 
stable during the test. Slip of the blanketed 
strands did not exceed 0.11-mm (0.0045-in.). 

Specimen Gl4 was then loaded statically to 
destruction. Figure 4 illustrates the applied load 
versus midspan deflection curve. The specimen 
exhibited ductile behavior. Uniformly spaced 
cracks formed over the center 8.5-m (28-ft) of the 
specimen. After reaching a midspan deflection of 
0.7-m (28-in.), the specimen fractured. The 
measured strength exceeded that calculated by 4%. 

During the initial and intermediate static 
tests, the gages attached to the confining ties did 
not record any significant strains. It was only 
during the final static test, after closely spaced 
cracks were opening that some gages recorded 
strains. 

Specimen Gl2 

Specimen Gl2 was similar to Specimen Gl4 in 
every respect except that it did not contain con­
fining ties in the stress transfer regions of the 
blanketed strands. Specimen Gl2 was tested in a 
similar manner and the response was similar. The 
measured strand slips were a little larger. 

During the static test to destr uc tion, Specimen 
Gl2 exhibited very ductile behavior as illustrated 
by the applied load versus midspan deflection cur·ve 
of Fig. 4. The test was stopped after a midspan 
deflection of 0.8-m (31-in.) was reached. Measured 
strength exceeded that calculated by about 2%. 

Specimen GlO-A 

Specimen GlO-A had draped strands and was simi­
lar to Specimen GlO. The only difference was the 
stress level during cyclic loading. Under cyclic 
loading, no tension was allowed in the bottom 
fibers at midspan. 

Applied load versus midspan deflection curve 
during the final static test is shown in Fig. 4. 
The strength of Specimen GlO-A exceeded that calcu­
lated by about 4%. 

Analysis of Test Results 

each test, 
specimens is 

test observa-

Based on the data collected from 
comparisons of performance of the 
given in this section . Significant 
tions are also discussed. 

Level of Fatigue Loading 

In Specimens Gll, Gl3 and GlO, the higher limit 
of repetitive loading corresponded to a tensile 
stress of 0.5v'fc MPa (6'1fc psi) in the bottom con­
crete fibers at midspan. The specimens were 
cracked prior to fatigue loading. In these three 
specimens, strands fractured due to fatigue after 
3.2 to 3.7-million cycles. 

In Specimens Gl4, Gl2 and GlO-A, the repetitive 
loading did not cause tension in the concrete. All 
three specimens survived 5-million-cycles of repet­
itive loading. In subsequent static tests to 
destruction, all three specimens exhibited ductile 
behavior as illustrated by Fig. 4. Strength of 



Specimens Gl4, Gl2 and GlO-A exceeded that calcu­
lated by 2% to 4%. 

Strand Stress Range 

Stress range is defined as the difference 
between maximum and minimum strand stresses corre­
sponding to the respective maximum and minimum 
loads. Stress range was calculated through strain 
compatibility, equilibrium of internal forces and a 
knowledge of the actual material properties. The 
stress range was also measured by means of strain 
gages applied to the strands. To eliminate the 
time-dependent effects of creep and shrinkage, and 
any possible temperature effects, the stress range 
of each static test is used for comparison purposes. 

Table 3 lists the highest measured range of 
strand strain corresponding to maximum and minimum 
inner loads of 65 kN (14.6 kips) and 18.2 kN (4.1 
kips), respectively. Measured strand strains were 
converted to stresses using the experimentally 
determined modulus of elasticity. Specimen GlO-A 
was not instrumented for strand strains. 

Calculations for internal stresses indicate 
that stress range is a function of the effective 
prestress. For example at a 21% loss of prestress, 
the calculated stress range corresponding to maxi­
mum and minimum inner loads of 65 kN (14.6 kips) 
and 18.2 kN (4.1 kips) is 58 MPa (B.4 ksi). At 27% 
loss, the calculated stress range corresponding to 
the same loads is 82.7 MPa (12 ksi). The stress 
range as affected by prestress is shown in Fig. 6. 

For all specimens, the measured stress range 
increased with increase of the cycles of repetitive 
loading as shown in Table 3. However, in Specimens 
Gll, Gl3 and GlO, the rate of increase in stress 
range was much higher. These three specimens were 
subjected to higher load levels. Strands of the 
above three specimens fractured due to fatigue 
between 3.2 and 3.7-million cycles of repetitive 
loading. 

Figure 7 is a plot of the calculated stress 
range in the strands at 20% loss of prestress 
versus the fatigue life of Specimens Gll, Gl3, and 
GlO. The S-N curve was adapted from Fig. 12 of a 
report prepared by ACI Conunittee 215, Fatigue of 
Concrete (8). Their curve was obtained through a 
regression-analysis of fatigue test results (11). 
It can be seen that the fatigue strength of Speci­
mens Gll, Gl3, and GlO was lower than previous 
fatigue test results. 

Slip of Blanketed Strand 

Strand slip measured with a dial gage provided 
a good indication of the effectiveness of the 
development length. Figure B illustrates the load 
versus slip recorded during the static tests. For 
each girder, the blanketed strand that had the 
largest slip is plotted. As shown in Fig. Ba for 
Specimen Gll, slip increased with repeated load. 
This denoted bond fatigue (12,13). When Specimen 
Gll was loaded to destructioll:- two strands slipped 
inside the end portion of the girder. 

Figure Bb is for Specimen Gl3. Slip stabilized 
after the initial elastic slip. Even after 3.2-
million cycles, the increase in slip was negligible 
denoting good anchorage of the blanketed strands. 
Specimen Gl3 had double the development length 
specified in ACI 318-71, Clause 12.11.1. 

Gl4 
Gl4 

Gl2. 

Figures Be and 8d are for Specimens 
Gl2, respectively. Slip of Specimen 
smaller than strand slip of Specimen 

and 
was 

This 
suggests some beneficial effect of the extra con-
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fining ties. However the effect was not signifi­
cant enough to justify the use of the ties. Slip 
in Specimen Gl4 also remained smaller during the 
static test to destruction as shown in Fig. 9. The 
maximum strand movements of Specimens Gl4 and Gl2 
were small up to 5-million cycles. The small slip 
did not affect the strength and behavior of the two 
beams. 

The effect of the number of cycles of repeti­
tive loading on strand slip is illustrated in Fig. 
10. For each specimen, the strand with the largest 
slip is plotted. This plot denotes rapid bond 
deterioration of Specimen Gll. 

It can be seen that for Specimens Gl2 and Gl4, 
magnitudes of slip plotted in Fig. B are different 
from those of Fig. 10. During the repetitive load­
ing of Specimens Gl4 and Gl2, the maximum applied 
inner load, Pmax• was 48.5 kN (10.9 kips). 
During the static tests, the maximum applied inner 
load was 65 kN (14.6 kips). Thus the slip measured 
during the static tests was larger. 

Development Length 

Specimen Gl3 was designed for two development 
lengths, 2 Qd· Specimen Gll was designed for one 
development length. Both specimens were cycled at 
the higher load level corresponding to a tensile 
stress of 0.5.Jrc MPa (6.Jrc psi) in the concrete. 
Both specimens had fatigue fracture of the 
strands. The main difference in behavior was that, 
in Specimen Gll, slip of the strands kept increas­
ing with cyclic loading as shown in Fig. 10. 

A bond fatigue failure of the blanketed strands 
of Specimen Gll was observed. On the other hand, 
in Specimen Gl3, slip of strands remained virtually 
unchanged after the initial elastic slip up to 3. 2-
million cycles of repetitive loading as shown in 
Fig. Sb. Therefore, twice the development length, 
2 ~. used in Specimen Gl3 provided good anchor­
age of the blanketed strands. 

Specimens Gl4 and Gl2 were designed for one 
development length. They were tested at a load 
level corresponding to zero tension in the con­
crete. Both specimens survived 5-million cycles of 
repetitive loading. In the subsequent static test 
to destruction, both specimens reached their calcu­
lated strength. No bond fatigue of the strands was 
observed. Therefore, when the cyclic load corre­
sponded to zero tension in the concrete, one devel­
opment length was adequate. 

Surface Condition of Strands 

In the present investigation, strands used in 
the test specimens had brown surface rust. It is 
well known that the surface condition affects the 
required development length. However, the surface 
condition of the strands was not one of the control 
variables of this investigation. It is possible 
that the surface condition of the strands may have 
affected both development length and fatigue 
properties. 

Confining Ties 

Strains measured on the confining ties at ser­
vice load levels were negligible. Significant 
strains were measured only at very high loads fol­
lowing the formation of large cracks, during the 
static test to destruction. 

Smaller slip of the blanketed strands was mea­
sured in Specimen Gl4, with confining ties than in 
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Specimen Gl2. However, the behavior and strength 
of Specimen Gl4 do not indicate any significant 
beneficial effect of the confining ties. 

Concludi ng Remar ks 

The tests of this investigation have confirmed 
that blanketing of strands is a feasible technique 
that could lead to safer and more economic manufac­
turing of pretensioned bridge girders. 

The tests have also indicated that fatigue of 
strands may be an important consideration in pre­
stressed girders designed according to recent Codes 
where a concrete tensile stress of 0.5Jfb MPa (6v'fc 
psi) is permitted under service loads. Present 
Codes do not provide the designer with guidance 
regarding fatigue of strands. 

Conclusions and Recommendations based on this 
investigation are listed in the section entitled 
HIGHLIGHTS at the beginning of the paper. 
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Table 1. Test specimens. 

Specimen 
Stress Development Confinement 
Level Length Reinforcement 

Gll Tension in d No 

Gl3 Bottom Fiber 2 d No 

GlO o.s~ MPa Draped No 

Gl4 No Tension d Yes 

Gl2 under Service d No 

GlO-A Load Draped No 

0. 5.,/f~ MP a 3 6.Jf~ psi 

Table 2. Fatigue loads and stress levels. 

Specimen No. 
Remarks 

Gll ,Gl3 ,GlO Gl4 ,Gl2 ,GlOA 

Applied Load, kN, :min 16.2 2. 7 
65 . 0 48,5 

max 

Moment (Constant Moment zone) , 
kN.m, Min. 549 303 

Max. 1275 1024 

Str and Stress (Bot tom Layer) , 
MPa, Min. 963 968 

Max. 1041 1010 

Strand Stress Range, MPa 58 42 

Mi dspan Bot tom Fiber Concrete Stress 
at P o.s../f• MPa 0 

max c 

Notez Strand Stresses are calculated assuming 20t lose of 
preetreee 

1 kN • 0.225 kip 1 kN.m • O. 738 ft kip l MPa • 0.14! ksi 

Table 3. Measured strains and 
corresponding stfess ranges. 

p = 18.2 kN p = 65.0 kN 
min max 

Strain, millionths 
Number of Cycles 

Gll Gl3 

1 318 369 

2 314 380 

3 320 383 

1.0 x 106 424 412 

2.5 x 106 544 602 

5.0 x 106 - -

Corresponding stress range 
based on E = 230,603 MPa 

GlO 

255 

223 

237 

583 

569 

-

Stress, 
Number of Cycles 

Gll 

1 73 

2 72 

3 74 

1.0 x 106 98 

2.5 x 106 125 

5.0 x 106 -

1 kN 0.225 kip 
1 MPa = 0.145 ksi 

Gl3 GlO 

85 59 

88 51 

88 55 

95 134 

139 131 

- -

Gl4 Gl2 

352 379 

- -
- -

386 426 

382 462 

400 464 

MP a 

Gl4 Gl2 

81 87 

- -
- -

89 98 

88 107 

92 107 

19 
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Figure 1. Cross section and reinforcing 
details of test specimens. 
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Figure 2. Location of blanketing tubing and crack 
formers relative to position of loading points. 
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Figure 4. Load versus midspan deflection envelopes 
for static tests to destruction. 
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Figure 5. Fatigue and tension fracture 
surfaces of strands. 

a. Fatigue fracture . 

Load 
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Im= 39.4in . 

Figure 3. Test setup. 

b. Combined fatigue and 
tension fracture. 

c. Cup and cone 
tension fracture. 



Figure 6. Calculated stress range versus 
percentage loss of prestress. 
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Figure 9. Load versus slip during static 
test to destruction. 
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Figure 8. Measured load versus slip 
at different cycles. 
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PRACTICAL BRIDGE RETROFIT CONCEPTS TO REDUCE DAMAGE PRODUCED BY SEISMIC MOTIONS 

A. Longinow and R. R. Robinson, IIT Research Institute, Chicago, Illinois 
W. Podolny, Federal Highway Administration, Washington, D.C. 
K. H. Chu, Illinois Institute of Technology, Chicago, Illinois 
D. S. Albert, Hazalet & Erdal, Consulting Engineers, Chicago, Illinois 

This paper presents design criteria and design 
details on eight bridge retrofit concepts which 
were developed for implementation on existing 
highway bridges so as to minimize damage and 
hazard to life in the event of an earthquake. 
Retrofit categories were selected on the basis 
of observed damage experienced by highway bridges 
in previous earthquakes. The eight retrofit con­
cepts are: 

1 . Concrete box girder hinge longitudinal re­
strainer. 
2. Girder longitudinal displacement stopper 
at abutment. 
3. Steel girder vertical displacement restrainer. 
4. Steel girder hinge expansion joint longitu­
dinal restrainer. 
5. Pier footing strengthening. 
6. Reinforced concrete bent column strength­
ening. 
7. Girder bearing area widening. 
8. Steel girder pin bearing vertical and lat­
eral displacement restrainer. 

This narrative describes the bridge retrofit pro­
cess and illustrates the individual concepts in 
terms of intended function and structural de­
tails. The design method employed is illus­
trated by including the step by step design of 
one of the eight retrofit concepts. 

The work described herein is at least in part 
motivated by the damage that was sustained by high­
way bridges during the February 9, 1971 San Fernando 
earthquake. This earthquake clearly pointed out a 
number of deficiencies in bridge design specifica­
tions. It also focused on the fact that numerous 
existing bridges may be expected to fail in some 
major way during their remaining life if subjected 
to strong motion seismic loads. Bridge failures are 
clearly undesirable since a bridge may be a vital 
link in a road network. When a portion of the road 
network has been disrupted by the collapse of a 
bridge, vital services to the surrounding communities 
are disrupted for the time required to find an alter­
nate route or for the bridge to be repaired or re-
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placed. Depending on the extent of other physical 
damage and casualties produced by the earthquake, 
the loss of vital bridges, i.e., those that provide 
access to hospitals for example, can magnify the ef­
fects of the disaster. 

Following the February 9, 1971 San Fernando 
earthquake, Federal Highway Administration (FHWA) 
launched a study (1) whose objective was to identify 
and define practic"il techniques and criteria for 
retrofitting existing highway bridges so as to in­
crease their resistance to seismic forces. This was 
followed by another effort which produced a design 
reference manual (2). The objective was to illus­
trate retrofit con~epts that can be applied to exis­
ting bridges, which will enhance the probability of 
survival of the structure when it is subjected to 
postulated seismic motions. This narrative is based 
on the results of this effort. 

Bridge Retrofit Decision Process 

In determining whether a given bridge warrants 
retrofitting these three steps (as a minimum) should 
be considered: 

1. Will the bridge suffer a critical failure 
(i.e., so extensive that the bridge could not re­
main in even emergency use) if subjected to the 
probable earthquake ground motions for the bridge 
site? If the structural analysis produces a nega­
tive answer to this question one need go no further. 
If the answer is affirmative the second step is: 

2. Determine the level of importance of the 
bridge to the given locality by considering the type 
of highway, traffic volume, accessibility of other 
crossings, etc. A recommended procedure for decid­
ing on the importance of the bridge is given in (3). 
If it is determined that the bridge is unimportant 
to the locality, it may be decided that retrofitting 
is not feasible even though the answer to step 1 was 
affirmative. If however, it is decided that the 
bridge is important to the area, the third step is: 

3. Determine the type or types of retrofit mea­
sure(s) to employ. This decision is based on the 
following considerations: (a) probable mode of fail­
ure; (b) how will the chosen retrofit measure(s) in­
fluence the performance of other parts of the bridge 
under seismic as well as normal service loading; 



(~) a comparison of expected interference with traf­
fic flow on and under the bridge for different retro­
fit measures; (d) a comparison of expected costs of 
fabrication and installation of different retrofit 
measures. This comparison is based on, but not nec­
essarily limited to: accessibility of the area to be 
retrofitted (e.g., it would be more costly to enlarge 
a footing if the existing footing were under water as 
opposed to normal backfill on dry land); the type and 
quantity of construction materials (e.g., type of 
steel, concrete); type and quantity needed for instal­
lation; length of time needed for installation; the 
number and qualifications of men needed to do the 
work; number of bridges; if a large number of bridges 
in a given area are identified for retrofitting, 
there are practical considerations in contracting and 
inspection. A greater degree of efficiency is 
achieved if a number of bridges in one area can be 
included under a single contract. It is more effi­
cient to prepare plans and let contracts for several 
large jobs than a large number of single bridge con­
tracts. A large contract can also be inspected more 
efficiently by a single inspector. Bridges in a 
single contract should be reasonably close together 
(4). 
- Two of the key items in the bridge retrofit deci­

sion process that need emphasizing are (a) the deter­
mination of probable ground motions and (b) selec­
tion of appropriate structural analysis method and a 
sufficiently accurate structural model of the bridge. 

The probable "earthquake" at a given bridge site 
can be determined on a statistical basis by the use 
of historic earthquake data previously compiled for 
the given geographic area. The earthquake at the 
site can be expressed in terms of maximum ground ac­
celeration, an "effective" acceleration, a response 
spectrum or a motion history. A number of sources 
for such information are currently available and 
several levels of "accuracy" are possible (5,6). An 
approximate procedure for selecting a probabl-; ground 
acceleration at a bridge site is included in (7). 

The unique aspect of earthquakes is the fac t that 
motions generally persist for a "long time" relative 
to the na tur·a1 periods of bridge components. A com­
ponent can therefore experience many load cycles of 
varying magnitude during the passage of the prin­
cipal portion of an earthquake. Many cycles of "low" 
magnitude can be more effective in producing damage 
than a single cycle of "high" magnitude and short 
duration. Analysis methods capable of considering 
such random motions and predicting the corresponding 
behavior of a structure in whatever phase (elastic, 
nonelastic) it chooses to respond, are still very 
much in the research phase. Presently the problem 
is in part hampered by lack of reliable data on the 
cyclic behavior of reinforced concrete past the 
linear range. However, the major problem is still 
the quantity of computer time required to solve a 
reasonably sized model of the structure. To over­
come some of these difficulties, a simplified anal­
ysis method was developed and verified as part of the 
effort (J_) described. The method is a practical en­
gineering approach which considers only the dominant 
modes of response. It is an iterative procedure in 
the sense that several models of varying complexity 
may be required to zero-in on the answer. This meth­
od has the advantage of providing reliable answers in 
a relatively short period of time without reliance on 
anv soecific comouter orogram. However, it places a 
great deal of reliance on the basic engineering in­
tuition and practical experience of the user. 

Bridge Retrofit Measures 

Bridge retrofit measures considered were selected 
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on the basis of the type of failure modes and damage 
experienced by highway bridges in previous earth­
quakes. Observed failure modes can be grouped into 
two categories, i.e., substructure (pier or abutment) 
failures and hence loss of superstructure capacity, 
and superstructure collapse due to excessive rela­
tive motion of the support bearings. Both of these 
types of failure occurred during the San Fernando 
earthquake (8). 

Structural failures and damage to bridges are 
also caused by inadequate foundation strength or 
load-bearing degradation during the course of seis­
mic loading. Soil liquefaction is an example of 
this failure mode. 

Severe motion of the soil supporting the foun­
dation can cause large horizontal and vertical de­
formations of the support point. These transient 
motions create relative movement between the supoort 
ooints which can lead to the failures described. 

Based on highway bridge damage observed in pre­
vious earthquakes, eight retrofit measures were 
identified: 

1. Concrete box girder hinge longitudinal re­
strainer. 

2. Girder longitudinal displacement stopper at 
abutment. 

3. Steel girder vertical displacement re­
strainer. 

4. Steel girder hinge expansion joint longitu­
dinal restrainer. 

5. Pier footing strengthening. 
6. Reinforced concrete bent column strength­

ening. 
7. Girder bearing area widening. 
8. Steel girder pin bearing vertical and lat­

eral displa cement restrainer. 

Each of these retrofits is addressed to increasing 
either the rigid body stability of the superstruc­
ture or the strength of the substructure. Thus the 
retrofit measures, if appropriately designed, will 
enhance bridge resistance to the dominant failure 
modes that have been observed from severe seismic 
loading. 

Since the emphasis of the study described (~) 

was on retrofit concepts rather than on bridge anal­
ysis, seismic forces that the various retrofit mea­
sures were designed to resist were not determined by 
analyzing each given bridge when subjected to a prob­
able earthquake. Rather, these forces were deter­
mined as follows. 

Horizontal motion restrainers were designed for 
a force of 0.25 times the contributing dead load. 
For a simply supported span fixed at one end and free 
to translate at the other, the contributing dead load 
is the total superstructure weight at the fixed end 
for longitudinal seismic loading and one-half of the 
superstructure weight at each end for transverse 
loading. Other examples of contributing dead load 
are given in (9). 

Vertical ;otion restrainers connected between 
the superstructure and the substructure across the 
bearings were designed to withstand a separation 
force equal to 0.10 times the bearing dead load re­
action (10). 

In actual bridge retrofit efforts such forces 
would be determined from the bridge response analysis 
if a detailed analysis method is used, or from cri­
teria given in (]_) if the IITRI simplified analysis 
method is used. 

To keep the illustrations simple, only one com­
ponent of earthquake motion was considered with each 
retrofit concept. Obviously in the actual case of 
bridge retrofit analysis, all three components (lat­
eral, longitudinal and vertical) would need to be 
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considered. 
In general, the retrofit design concepts are 

based on earthquake loading considerations consis­
tent with AASHTO Load Factor Design - Group VII load­
ing (11). Therefore the earthquake load is multi­
plied"\;"y 1.3 and yield stresses are generally per­
mitted for the materials. If a working stress de­
sign is used for a particular retrofit, the basic 
unit allowable stress can be increased by 33 percent 
as indicated in the 1975 interim (11). 

The new materials that are employed in the retro­
fit measures are listed in Table 1. It is noted 
that conventional materials and moderately high 
strength concrete have been employed for the retro­
fit measures . 

It is not considered practical to design bridges 
that will economically serve normal transportation 
needs and also will not be damaged to some extent 
when subjected to severe seismic motions . Thus the 
basis of retrofitting a given bridge should not be 
intended to allow no damage whatsoever, but should be 
such as to limit the damage to the extent that the 
bridge does not collapse and that traffic may be 
maintained at least in the immediate period after an 
earthquake, with minimum emergency repairs to the 
bridge. 

Seven of the eight retrofit measures are de­
scribed in general term in the following paragraphs . 
Retrofit 8, Steel Girder Pin Bearing Vertical and 
Lateral Displacement Restrainer is described in the 
last section along with its step by step design . 

Concrete Box Girder Hinge Longitudinal Restrainer 

A four- span grade separation bridge (Figure 1) of 
multiple concrete box girder construction is cited to 
illustrate this retrofit concept. The original de­
sign employs a single transverse expansion joint 
hinge such that no longitudinal force can be trans­
mitted across the joint . 

The purpose of the hinge longitudinal restrainer 
is to restrict relative longitudinal motion across 
the hinge during an earthquake . The device consists 

Table 1. New Materials for retrofit design . 

Material 

1. Structural steel 

2. Low-carbon steel 

3. High strength bolts 

4. Reinforcing steel 

5. Sponge rubber 

AASHTO (ASTM) 

Spc. 

Ml83 (A36) 

(A307) 

Ml64 (A325) 

M31 (A615*) 

Ml53 (Dl752) 

F 
y 

ksi 

36 

92 

81 

60 

of 12 restrainer rods (Figures 1 and 2) used to tie 
the bridge together . Excess openings (see Figure 2) 
are provided in the lower part of the box girder for 
implementing the device. With this device, the por­
tion of the superstructure supported at the hinge 
will not fall off the hinge seat due to excessive 
relative motion. In the design, a certain amount of 
free ther mal expansion travel is per mitted to take 
place before the motion restrainers exert resistance. 

Girder Longitudinal Displacement Stopper at Abutment 

The objective of the longitudinal girder stop­
per is t o restrict the relative longitudinal motion 
between the superstructure and the abutment at the 
expansion bearings during an earthquake . Using this 
retrofit measure will limit the bearing motion and 
eliminate bearing instability from toppling or fal­
ling off the abutment due to excessive motion. A 
certain amount of free travel from thermal expansion 
effects and allowable earthquake mo t ion is permi t ted 
to take place before t he stopper exerts resistance 
to the motion . To illustrate the stopper retrofit 
concept, a 27.43 m (90 ft) simple span I-beam bridge, 
adapted from (1) was chosen with the stopper applied 
at the expansion bearing (Figure 3). Stopper de­
tails which resulted from the design effort are 
shown in Fi~ure 4 . 

Sr:eel Girder Vertical Displacement Restrainer 

The objective of the vertical displacement re­
strainer is to restrict the relative vertical motion 
between the superstructure and the pier or abutment 
seat during an earthquake with a strong vertical 
component. The use of this retrofit will limit the 
vertical separation that can occur at the support 
bearings and eliminate bearing instability and hence 
loss of superstructure support. 

To i llustrate the design of thi s concept, a 
bridge was considered with longitudinal girders sup­
ported by bearings which do not provide a positive 

F 
u 

ksi 

58-80 

60-100 

120 

105 

90 

Comments 

Machine bolts, grade B 

1/2 inch to 1 inch diameter 

1-1/8 inch to 1-1/2 inch diameter 

Billet steel, grade 60 

Type I density > 30 pcf 

6. Fabric pads AASHTO 1973 Std. Specification, Art. 2.10.3 (L) 

7. Carbon steel 

8. Concrete 

9. Grout 

Note: 1 in . 

bars M227 (A306) 30 60-72 Anchor bars, grade 60 

AASHTO 1973 Std. Specification, Art. 2.4, f~ = 5 ksi 

PCI 1971, Part B, Guide Specifications for Posttensioning Materi als, 
Art. 4.3 (page B-27), f~ 6 ksi 

2.54 cm . 1 ksi = 6.89 MPa. 1 pcf 16 . 02 Kg/m3. 



restraint to uplift forces. The piers are reinforced 
concrete frames with sufficient open space under the 
cap beam to acconunodate the restrainer details. Fig­
ure 5 illustrates the resulting concept. 

Figure 1. Box girder hinge longitudinal restrainer 
retrofit concept. 
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Figure 3. Girder longitudinal displacement stopper 
at abutment retrofit concept. 
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Figure 5. Steel girder vertical restrainer retrofit 
concept. 

: ~• •I • ~' '~ :,di ... , 
, . DECK SLAB .• 

4 . • . . . • . ~ · 

. .. ' -~ . : :,4~~· ~: 
. ! : ~'~ - --.~~.f ~9~ f:1.~~-·~ - - - - -.-.~ 

' . "' ,b . EXISTING 

CLEAA'-'iCC 
FOR EXMNSION 
AND SEISMIC 
MOVEMENT 

. .. . . . :· 
EXISTING CONCRETE 
PIER CAP 

WB X 51 NEEDLE BEAM 
BETWEEN COLUMNS 

END HEADER 

DETAIL A 
(SEE FIG. 6) 

RESTRAINT 

DETAIL B 
(SEE FIG. 61 

Note: 1 ft 0.305 m. 1 in. = 2.54 cm. 

Steel Girder Hinge Expansion Joint Longitudinal 
Restrainer 

As with the box girder discussed previously, the 
purpose of the expansion joint longitudinal re­
strainer is to restrict the relative longitudinal 
motion across the expansion jolnt during an earth­
quake. Using this retrofit concept, excessive sepa­
ration displacements across the hinge are reduced and 
hinge failures created by this effect are thus eli­
minated. A certain amount of free thermal expansion 
is permitted at the hinge before resistance is en­
countered. 

A typical four-span grade separation of canti­
lever and suspended span construction illustrates the 
use of this retrofit concept. The original design of 
the expansion joint is such that no longitudinal 
force can be transmitted across the joint. 

The retrofit concept makes use of existing head­
ers (see Figure 6) located at either side of the ex­
pansion joints. Restrainer rods located close to the 
bridge girders are used to tie the bridge together. 
Since in this particular case the headers are not by 
themselves sufficiently strong, steel channels (see 
Figure 7) provide a diagonal brace to transfer the 
design load from the restrainer rods to the girder 
web. 

Pier Footing Strengthening 

The objective of this retrofit is to increase the 
longitudinal load resistance of a pier footing so 
that substructure failure will not occur during a 
high intensity seismic disturbance. The technique 
employed involves the addition of new piles around 
the perimeter of the footing and widening and deep­
ening the footing so as to tie-in the new piles. 

Figure 6. Steel girder hinge expansion joint longi­
tudinal restrainer retrofit concept. 
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The added strength is such that the footing will be 
capable of resisting the bending moment and shear 
forces induced by the earthquake loading . 

To illustrate the retrofit concept, a 3.66 m x 
4.57 m x 0.91 m (12 ft x 15 ft x 3 ft) footing with 
20 reinforced concrete piles is modified to withstand 
the longitudinal seismic shear and moment forces that 
significantly exceed the existing pile capacity. The 
footing supports a single 1.83 m (6-ft) diam rein­
forced concrete column. Modifications determined as 
the result of the analysis performed are shown in 
Figures 8 and 9 . 

Figure 8. Pier footing strengthening retrofit -
elevation. 
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Reinforced Concrete Bent Column Strengthening 

The objective of this retrofit is to increase the 
flexural capacity of a bent column so that bent fail­
ure will not occur during a strong motion earthquake. 
The method used provided additional longitudinal re­
inforcement to the exterior of the column which is 
connected to the bent cap and footing by grouting 
the new bars in drilled holes. Lateral dowels are 
also introduced to enhance the monolithic behavior 
of the new addition to the parent column. 

A representative two-span reinforced concrete box 
girder bridge is used to demonstrate the retrofit 
measure. The original design employed a single col­
umn pier with the cap monolithic with the superstruc­
ture and a pile spread footing. The structural 
characteristics of the retrofit are shown in Figure 
10. 

Girder Bea r i ng Area Widening 

The purpose of widening a bearing area is to pro­
vide additional width at the girder support points 
in the event that strong motion seismic loading pulls 
the superstructure off the bearings. Using this 
retrofit the displaced girders are expected to im­
pact on the widened bearing area thus averting 
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.Figure 9. Pier footing strengthening retrofit - pile 
and bottom reinforcement details. r- i PIER 
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Figure 10. Reinforced concrete bent column strength­
ening retrofit concept. 
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collapse of the superstructure. 
To illustrate this retrofit a 0. 99 m (3 ft-3 inch) 

wide reinforced concrete pier cap is postulated and a 
0.30 m (12 inch) width addition, on one side of the 
cap, is designed to withstand the loading associated 
with the impact of the girders on the widened area 
(Figure 11). The superstructure girders are spaced 
at 1.83 m (6 ft) centers and the load on the widened 
area is assumed to be centered at 0.15 m (6 inches) 
from the existing pier cap face. The addition to the 
pier cap is designed using the shear friction design 
method (12). 

Figure 11. Girder bearing area widening retrofit 
details. 
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This section contains the step-by-step design of 
the Steel Girder Pin Bearing Vertical and Lateral 
Displacement Restrainer bridge retrofit concept. 
The purpose is to demonstrate the procedure employed 
in design. 

Steel Girder Pin Bearing Vertical and Lateral Dis­
placement Rest~ainer 

The objective of the pin bearing displacement re­
strainer is to inhibit essentially all of the rela­
tive vertical and lateral motion across the bearing 
that could take place during an earthquake. With 
this retrofit, potential vertical and lateral motions 
during an earthquake are arrested by the addition of 
a bracket and stopper bar arrangement welded to the 
webs of the girders. The joint is also effectively 
restrained against relative longitudinal motion dur­
ing an earthquake by the new vertical restraint which 
prevents the suspended span from rolling over the 
pin. 

The retrofit method is applicable to any bridge 
with longitudinal girders supported by hinged bear-

ings which do not provide positive restraint against 
uplift or lateral motion. A 200 kip (889.64 kN) 
dead load vertical reaction at the pin bearing was 
assumed to illustr;te the concept. The brackets are 
fabricated from stiffened W6 x 25 beams that are po­
sitioned horizontally across the bearing joint open­
ing with one of the bracket flanges welded to the 
suspended girder web only. A 2 inch (50.8 nun) 
square, 0.5 inch (12.7 mm) thick stop bar is welded 
to the girder web on the other side of-the bearing 
joint above the bracket (Figures 12 and 13). 

Figure 12. Steel girder pin-type bearing vertical 
and lateral displacement restrainer. 
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Earthquake Loading. Suspended span girder reac­
tion = 200 kips/girder (889.64 kN/girder) 

Lateral earthquake load 

EQ = 0,25 x contributing dead load 
(222.41 kN) 

50 kips 

Vertical earthquake load 

0,1 x 200 = 20 kips (88.96 kN) 
AASHTO 1975 
Art. l.2.20(D) 

Lateral Restrainer Design 

Pin bearings may have a rim projection which pro­
vides resistance to lateral loads; however, no lat­
eral force will be assumed as transferred through the 
bearing. Cantilever brackets (W6 x 25) welded to 
each side of the suspended span web plate above and 
below the bearing pin will provide adequate lateral 
load transfer. Each pair of brackets will be assumed 
to transfer one-half of the vertical load. The top 
pair of brackets will also function as a vertical up­
lift restrainer. 

Use load factor design 

Design load per unit 1.3 x 50/2 = 32 .5 kips 
(144.57 kN) 

AASHTO 1975 
Art. 1.2.22 

This lateral force must be resisted in either direc­
tion. 

Size of Cantilever Brackets. Opening between 
girders assumed to be 1.5 in. (38.10 mm). 

Cantiler arm= 3.0 + X = 7.67 in. (194.82 mm), 
where X = 4.67 in. (118.62 mm) 
(see bracket connection calculation) 

Moment= 32.5 x 7.67 = 249.3 inch-kips 
(28.2 kN:m) 

Use W6 x 25 brackets 

S 16.7 inches 3 (273664.6 mm3) xx 
f 249.3/16.7 14.9 ksi <36 ksi 

(102.7 MPa < 248.2 MPa) o.k. 

Attachment of Lateral Restrainers to Girders. 
Field weld cantilever brackets to suspended span web 
with 7/16 inch (11.11 mm) fillet weld. Provide pro­
per corner returns (1 inch, 25.4 mm) so that welds 
are capable of withstanding loads normal to the web . 

Properties of Bracket Weld 
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s r/X. = 43.4(in.) 3 

(711200.1 mm3) 

Allowable Weld Stress 

I = 202.6(in.) 4 

(84328400.6 mm4) 

AASHTO 1973 
Art. 1. 7. 28 (B) 

0.45 x 58 = 26.1 ksi (178. MPa) 

7/16 in. weld strength 26.1 (7/16) 0.707 
8.1 kips/inch 
(1418.5 kN/m) 

AASHTO 1973 
Art. 1. 7 .135 (A) 

Bracket Weld Stress from Lateral Load 

3~4 5 .± 2:; : ~ = 1.35 .± 5.74 = 7.1 kips/in. <8.1 

kips/in. (1243.4 kN/m) < 1418.S kN/m) o.k. 

Girder Web Stiffness. The webs are assumed to be 
at least 2 inches (50.8 mm) thick and this thickness 
is adequate to withstand the lateral loads from the 
brackets without additional s tiffeners. 

Vertical Restrainer Design 

Use a pair of restrainer units at each girder. 
Each unit to consist of two stop bars and cantilever 
brackets field welded to the girder webs. 

Use load factor design 

Design load per unit 
(57.83 kN) 

Size of Stop Bars 

20 x 1.3/2 13 kips 

AASHTO 1975 
Art. 1.2.22 

A= 13/36 = 0.36 sq in. (232.26 mm2) 
2 Use 2 x 1/2 bar (A= 1 sq in., 645.16 mm) 

Size of Cantilever Brackets 

Cantilever arm= 7.67 in. (194.82 mm) 
M = 13 x 7.67 = 99.7 inch-kips (11.26 kN·m) 

Use the pair of upper W6 x 25 brackets that were pro­
vided for the lateral restrainer. These cantilever 
brackets will be employed to resist both the vertical 
and lateral restraint loads. Assume vertical load is 
resisted only by the connected flange. 

S = 0.456 (6) 2/6 = 2.74 inches 3 (44900.65 mm3) 
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9 9 . 7 I 2 • 7 4 = 3 6 . 4 ks i ( 2 5 0 . 9 7 MP a) (a 11 ow . 
36 ksi, 248.21 MPa o.k.) 

Connection of Uplift Restrainer to Girder 

Stop Bar. Field weld to cantilever span web with 
5/16 inch (7.94 mm) fillet weld. 

Allowable weld stress = 0.45 x 58 = 26.1 ksi 
(179.95 MPa) 

5/16 inch weld strength 26.1 (5/16) 0.707 
5. 77 kips/inch 
(1010.48 kN/m) 

AASHTO 1973 
Art. 1. 7. 135 (A) 

Required length= 26.1/5.77 
(114. 3 mm) 

4.5 inches 

Weld around three sides = 6 inches (152.4 mm) 

No weld along bottom to permit full bearing of 
bracket flange. 

Cantilever bracket. Check 7/16 inch (11.11 mm) 
weld stress (see lateral restrainer calculations for 
weld properties') 7 /16" 

Weld strength = 8.1 kips/inch (1418.54 kN/m) 

Loads P = 13 kips (57.83 kN); M = 99.7 inch-kips 
(11. 26 kN•m); 

Min. Sec. Modulus 43.4 inch3 (711200.1 rnm3) 

Bracket weld stress from vertical load 

~z ± ~~ : ~ = o.54 ± 2.30 = 2.8 kips/inch 

(490.36 kN/m) <8.1 kips/inch (1418.54 kN/m) o.k. 

Conclusion 

Bridges that are located on high risk seismic 
zones that were designed for earthquake loading ac­
cording to the pre-1975 AASHTO Design Criteria may 
suffer substantial structural damage, and in some 
cases, collapse can be anticipated. This conclusion 
is based on analyses performed for several bridges 
and reported in (1). Each bridge was subjected to a 
postulated seismic load of the highest severity that 
will occur during the life of the structure at the 
bridge site. 

This set of bridge retrofit concepts and the sim­
plified analysis method given in (7) are intended to 
provide the practicing bridge engineer with basic 
guidelines, information and examples that may be used 
in planning and executing a bridge retrofit program. 

It is believed that most bridges can be modified, 
if required, to dramatically increase their seismic 
strength. A number of the retrofit concepts can be 
relatively economically implemented especially when 
compared with the cost of structural failure. 

The philosophy to be employed for determining the 
type and need for a retrofit measure is one of a bal­
anced risk concept. Retrofitting should not be based 
on a need for eliminating all damage, but to limit 
the damage such that collapse does not occur and 
traffic can be maintained or restored after minimal 
repairs. A good deal of yielding and damage can be 
absorbed by the piers and other ductile components 
before collapse of the structure. 
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INCREASING THE SEISMIC RESISTANCE OF EXISTING HIGHWAY BRIDGES 

Oris H. Degenkolb, California Department of Transportation 
Presented by: Guy D. Mancarti, California Department 

of Transportation. 

Prior to the 1971 San Fernando Earthquake, 
bridges in California experienced only minor 
seismic related damage. The San Fernando event 
demonstrated that structures designed by AASHTO 
Specifications in use at that time are vulnerable 
to seismic shaking. Failure of these bridges 
during an earthquake could be hazardous to high­
way users and block vital transportation life­
lines. The State of California initiated a 
bridge retrofitting program in 1971 in order to 
increase the seismic resistance of bridges 
built before that time. The most prevalent 
deficiency of pre-1971 bridges is a lack of 
longitudinal restraint of girders at hinges 
and end supports. California has developed 
devices which will have been used to retrofit 
more than 649 bridges at a cost of $22 million 
by 1980. An evaluation of all state owned 
bridges is currently being made in order to 
complete the program. Many of the bridge 
columns which were designed according to speci­
fications prior to 1971 were proven to be 
seismically deficient because they had too few 
ties to adequately confine the concrete. This 
paper and presentation will cover a brief back­
ground, philosophy, magnitude of the problem, 
design criteria, details and costs. 

Introduction 

Prior to 1971, very little earthquake damage 
was experienced by bridges in the mainland 48 states. 
The little damage that did occur was generally 
limited to minor cracking and spalling of concrete, 
damaged bearings and grout pads, and slight dis­
placements of spans. The bridges involved were 
generally quite low with rather short spans. 

The 1971 San Fernando earthquake provided a 
test of modern bridges which had spans as long as 
191 feet and heights of 150 feet. Much of the 
damage to these bridges was caused by vibration 
induced by ground motion. 

The San Fernando earthquake occurred at 
6:00 a.m., before peak morning traffic, and before 
the completion of two major highway interchanges 
which were under construction in the area. As a 
consequence, there was relatively little incon-

venience to the travelling public and only two 
fatal injuries. If the same quake had occurred 
a few months later and a few hours later in the 
day, the inconvenience to the public and number 
of fatalities could have been dramatically 
different, 

Deficienc ies In Existing Bridges 

The 1971 earthquake pointed out a number of 
deficiencies in bridge design specifications and 
detailing practices. Although the level of seismic 
design forces and methods of applying those forces 
proved to be inadequate, the most serious de­
ficiencies were attributed to details. Segments of 
superstructures were not properly tied together, 
Some concrete columns were seismically inadequate 
because they had an insufficient amount of spiral 
and tie reinforcement, the ties and spirals were 
inadequately detailed, and main column reinforce­
ment frequently had insufficient splice length and 
end anchorage. The column deficiencies are espe­
cially critical in bridges with single column bents. 

Retrofitting Philosophy 

It is not practical or economical to design new 
bridges or retrofit existing bridges that will 
serve normal transportation needs but not be damaged 
to some extent if subjected to severe seismic 
shaking. The aim is to make structures seismically 
resistant to the extent that they may sustain damage 
but not collapse completely. It is also desirable 
that they be capable of carrying at least a limited 
amount of emergency traffic even though they may 
be damaged. Although retrofitting existing struc­
tures will increase their seismic resistance 
considerably, a designer is limited by the capa­
bilities and features of the existing facilities 
and economics. Portions of some existing structures 
have to be strengthened to accommodate the anchorage 
forces which restrainers require, In some cases re­
strainers which would develop the forces required 
to hold the segments of a bridge together would pull 
the ends out of the spans or pull over the columns. 
When hinges are not restrained, segments of a bridge 
can act independently and forces in the columns can 
be significantly greater than if hinge movements are 
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limited. Thus, retrofitting hinges with restrainers 
can significantly reduce the probability of column 
failures. 

.Prioritizing Retrofitting Work 

It was realized immediately after the 1971 earth­
quake that existing bridges should be retrofitted 
in order to increase their seismic resistance. A 
prioritizing system was devised which assigned 
weighted values to: 

1. Type of bearings 
2. Width of hinge or bearing seat 
3. Restraint of supports 
4. Height of structure 
5. Type of supports 
6. Flexibility of supports 
7. Curvature in alignment 
8 . Probable earthquake intensity 
9. Hazard to public on and under structure 

10. Disruption to traffic and utilities 
11. Danger to buildings or facilities under 

the structure. 

This system worked well for identifying candidate 
structures for immediate retrofitting. However, the 
prioritizing numbers obtained did not always reflect 
the true relative importance of some structures. 
The input is largely a matter of judgment, but under 
certain circumstances a single factor might be 
important enough to justify a high priority re-
gard less of all other factors. A less important 
structure could rate lower in a number of less 
important categories but get a higher overall rating. 
The results from any prioritizing system should be 
subject to adjustment by good judgment. 

There are also practical considerations which can , 
to some extent, override the strict adherence to a 
prioritizing system. If a large number of bridges 
spread over a very large area are identified for 
retrofitting, there are considerations in contract­
ing and inspection which should not be overlooked. 
Although there are not any definitive rules which 
can be followed, there are general guidelines which 
should be considered. A greater degree of efficiency 
can be achieved if a number of bridges in one area 
can be included in a single contract. It is more 
efficient to prepare plans and let contracts for a 
few large jobs than a great number of single bridge 
contracts. A contractor's mobilization costs can 
be spread out and personnel can be trained and used 
more efficiently on a contract with a number of 
bridges. A large contract can be inspected effi­
ciently, but a single inspector on too small a job 
will h~v~ time to waste unless he can be g iven other 
work to do. For efficiency, it is obvious that 
bridges in a contract should be located reasonably 
close together. It is generally true that groups of 
bridges in different contracts should not ordinarily 
overlap. If individual structures are prioritized 
by an inflexible system, it is highly unlikely that 
structures with nearly equal priorities will be 
geographically located to form logical contracts. 

Hinge And Dearing Restrainers 

Restrainers should be capable of developing a 
minimum force equal to 25% of the weight of the 
lighter segment of superstructure connected, based 
on working strength design. This rule of thumb is 
satisfactory for relatively short structures where 
the influence of the abutment backfill on the super­
structure is uncertain. However, dynamic analysis 
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should be made for larger and more complex struc­
tures and provisions made for larger forces, if 
required. All of California's seismic dynamic 
analyses are based on load factor methods and a 
ductility factor of one is used for restrainers. 

California has used 3/4-inch pre-formed 6xl9 
galvanized cables (ASTM Designation A-603) with a 
minimum breaking strength of 23 tons (205 kN) as the 
basic unit for its restraining devices. Swaged end 
fittings are used which are required to develop the 
minimum breaking strength of the cable. This type 
of cable and end anchorages have been used in high­
way barrier systems for many years. They are being 
tested on a regular basis and have an excellent per­
formance record, 1\-inch diameter galvanized ASTM 
A-722 (with supplementary requirements) steel bars 
which have a specified minimum elongation of 7% 
measure~ in 10-bar diameters are also being used. 

The ideal restrainer should absorb and dissipate 
energy. Although a number of such devices have been 
considered, they have not been regarded as being 
economically practical for routine retrofitting 
work. The steel cables and rods can store energy, 
but transfer it back into the structure as they 
pull the segments of superstructure back together. 
Much of the energy is probably dissipated by the 
pounding of the superstructure elements when they 
come together. The damage caused by this action is 
repairable and should not cause the bridge to 
collapse. 

When the hinge and bearing retrofitting program 
was started, most of the designs were done by work­
ing strength methods. A working load of 50% of the 
ultimate strength for galvanized cables plus an 
overstress of 33% permitted for seismic conditions 
gives a total allowable load of 30.6 kips (136 kN) 
per cable. For load factor design methods, a yield 
strength of 85% of ultimate load, or 39.1 kips 
(174 kN) per 3/4-inch cable is assumed. The design 
yield stress for 1\-inch high strength bars is 
120 k.s.i. (827 k Pa) or 150 kips (667 kN) per bar. 
These bars are particularly useful in cases where 
it is impractical or undesirable to use the number 
of 3/4-inch cables required to obtain the necessary 
resisting force. Many older bridges which are 
being retrofitted have shear keys which are inad­
equate for keeping the two sides of the hinge 
aligned longitudinally if the structure is subjected 
to seismic shaking. Since a transverse shearing 
action at the hinge could cause the rods to fail 
and become ineffective in tension, supplemental 
solid mild steel rods are installed through the 
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hinges in order to provide additional shear 
resistance, 

California has conducted a number of tests of 
3/4" cables and l\" ,P bars to compare their qualities 
as restrainers. Figure 1 shows the stress-strain 
relationship of specimens tensioned from near zero 
stress to specified minimum yield stress (assumed 
to be 0,85 Fy for cables) for 14 cycles and then 
to failure, 
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Figure 2 shows stress-strain relationships for 
cables and bars tensioned to failure but releasing 
the load to nearly zero at approximately one inch 
increments of stretching, 

...J 

Cycling 3/4" cables within the elastic range 
required more than twice the amount of energy than 
cycling an equivalent number of 1\ ,P bars of the 
same length for the same number of cycles. This is 
due to the fact that bars have a greater modulus 
of elasticity and the elongation within the elastic 
limit is less than for cables. Within this range 
the cables and bars store energy but do not dissi­
pate any significant amount, 

The bars stretched and cycled beyond the elastic 
limit dissipated approximately 3 times as much energy 
as the equivalent number of the same length cables, 

If restrainers are permitted to yield, greater 
joint openings and column deflections will be 
realized, Once either type of restrainer is 
stretched beyond its elastic limit it obviously will 
not assist in closing the joint to its normal 
position. Although bars will dissipate more energy 
than cables when failure occurs, the elongation will 
also be much greater, This could be an extra factor 
of safety in some structures but could be disas­
trous in structures with relatively short, stiff 
columns, When a restrainer is stretched to its 
ultimate limit, the structure is vulnerable to any 
additional shocks. 

Considering the impreciseness of predicting a 
bridge's response to a possible future earthquake, 
it is generally not prudent to depend on restrainers 
acting beyond their elastic limit. 

Restrainer Details 

Figure 3 shows the most commonly used detail 
for retrofitting hinges of existing concrete box 
girder bridges. The concrete bolsters are generally 
required to spread out the concentrated forces of 
the restrainers so that they don't destroy the hinge 
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Figure 3 

diaphragms. A minimum of one 7-cable (428 kip, 
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1,900 kN) unit placed in each exterior cell at each 
hinge is generally considered to be a minimum re­
quirement in order to provide maximum resistance to 
transverse bending of the entire superstructure, 
Access to the cells is made throu~h the soffit 
whenever possible in order to avoid interfering with 
traffic on the bridge. If access through the soffit 
is not possible or desirable due to conflicts with 
traffic under the structure, or other reasons, work 
is done through deck openings, In this case, traffic 
handling may become critical and work limited to 
off-peak hours. Steel plates set flush with the 
roadway surface are used to carry traffic across 
the access holes between working periods. Deck 
access holes must be permanently closed when 
work is completed, Holes in the soffit are covered 
with galvanized steel plates which can be readily 
removed for future inspections. 

Figure 4 is a modification of the concept shown 
in Figure 3, It is generally restricted to hinges 
and end supports of shorter span T-beam bridges 
where the restraining force requirements are con­
siderably lower. 
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~-d.. Hinge 

__ -=_-_-~:J-.c- t. Girder 

7-3/4" cables 
Figure '.> 

Figure 5 is another modification of Figure 3 
and has been used in a few situations where the 
existing diaphragms are capable of resisting the 
greater force provided by the seven cables which 
pass through the joint three times. 

~ ReSlralners 
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~ 
SECTION A-A 

SECTION 8-8 

Figure 6 

The detail shown in Figure 6 has been used on 
a limited basis where the diaphragms are not capable 
of being adequately strengthened and it would have 
been less desirable to attach restrainers directly 
to the girder stems. In this particular case it 
was necessary to place the cable anchorages far 
enough from the ends of the deck slab so that they 
would not pull the ends out of the spans, 
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11 + Restrainer Cables 

Figure 7 

Variations of Figure 7 have been used in a 
number of instances where drop-in spans could be 
expected to fall if the structure were shaken in an 
earthquake. If the hinge seats are very narrow and 
the cables very long, additional cables might be 
required in order to limit the amount of stretching 
under seismic loading. This method is uneconomical 
in very long span. 

An installation using high strength rods is 
illustrated in Figure 8. Cables could also be used 
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Figure 8 

in this scheme. 
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Figure 9 shows a commonly used detail for re­
straining steel girders which are in line with each 
other. When girders in adjacent spans are offset, 
transverse beams are attached to the bottom girder 
flanges which are used for anchoring the restrainer 
cables, as shown in Figure 10, 
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Figure 11 illustrates a method of attaching the 
ends of steel girders directly to the supporting 
concrete bents. 

The restrainers illustrated above are only a 
few of the many types we have used to date. Each 
bridge has its own peculiarities and requires 
special attention and details. 
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The following contract unit prices are taken 
from a large number of recent contracts which were 
bid competitively: 

Deck access openings $200, 
Soffit 11 11 200, 
Miscellaneous metal 

(cables, fittings, 
brackets, etc,) 

Core 611 holes 
Core 411 holes 
Core 211 holes 
Diaphragm bolsters 
Close deck access 

openings. 

1.50 
38. 
26. 
18. 

200. 
200. 

Installation of Restrainers 

~· 

$230. 
228. 

1. 75 
42. 
33. 
23. 

253. 
251. 

$300. 
300. 

5.00 
62. 
55. 
30. 

300. 
350. 

/each 
/each 

/pound 
/lin.ft. 
/lin.ft. 
/lin.ft, 
/each 
/each 

One of the main problems in connection with 
retrofitting existing bridges is minimizing inter­
ference with existing traffic. It is frequently 
necessary to limit work to off-peak hours. When 
retrofitting box girder bridges, the designer is 
g iven the option of specifying access to the 
girders through either the deck or soffit, Deck 
and soffit openings are generally made quite close 
to the hinges where tensile stresses in the girder 
reinforcement and compressive stresses in the con­
crete are relatively low, but far enough away so 
that the openings are not an inconvenience to the 
workmen. 

Steel cover plates are generally required over 
the deck openings to provide for traffic during 
non-working hours. The 5/8-inch thick cover plates 
were placed on top of the deck in earlier contracts 
but were found to be hazardous to certain vehicles. 
Plates are now required to be recessed into the 
deck so they provide a flush riding surface. After 
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work inside the girde r cells is completed, exten­
sions are welded to the ends of the cut reinforcing 
steel in the deck, to provide lap splices, and the 
opening is filled with concrete. 

It is not considered necessary to replace rein­
forcement and concrete in soffit openings. Exposed 
ends of the reinforcing steel are painted with zinc­
rich paint and a galvanized steel plate bolted over 
the opening. 

Some contractors have expre ssed a preference 
for do i ng all of their work through the soffits 
whenever possible, in order to avoid conflicts 
wi th traffic on the bridge deck. Present equipment 
allows them to work as much as 100 feet from ground 
underneath a structure, A preference has also been 
expressed for gaining access to a temporary plat­
form suspended underneath narrower structures from 
the bridge deck. 

Retrofitting Columns 

The second greatest weakness of Pre-1971 
structures pointed out by the San Fernando earth­
quake was that the reinforcing steel ties in columns 
did not provide adequate conf i nement of the concrete. 
Bridges with single column bents are particularly 
vulnerable, Since the restra i ning of the super­
structure at hinges and bearings was judged to be a 
more serious problem, and providing that restraint 
alleviated the seriousness of t he column deficiency, 
more can be obtained for the money by retrofit.ting 
the hinges and bearings first, Methods of retro­
fitting columns to make them more earthquake 
resistant are being investigated and a developmental 
contract will be let in the near future for trying 
out some of the schemes. 

All bridges which might require column retro­
fitting are currently being identified. When the 
developmental contract is completed a program to 
retrofit the columns of some of the state's more 
critical structures will be considered, 
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Figure 12 illustrates reinforcing steel hoops 
that are prestressed on the outer face of the column 
which is then covered with shotcrete. The device 
shown in Figure 13 was especially designed for this 
purpose, It is basically a turnbuckle which de­
velops the strength of the reinforcing steel and 
places an initial pre-stress in the hoop. 

ELEVATION 

Wold 

SE CTION 

Top of footing 

Grout space between 
t:olumn ond steel HI 

W8/d 

COLUMN RETROFITTING 

Figure 14 

The column retrofitting method shown in 
Figure 14 consists of wrapping a column with 
tensioned prestressing wire and applying a pro­
tective coat of shotcrete. 
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Figure 15 

Figure 15 illustrates a method which consists of 
welding a steel shell around an existing column and 
filling the space between the shell and column with 
grout. "Weathered" steel can be used for achieving 
an architectural effect, if desired, or ordinary 
steel can be used and painted. 

Conclusions 

Many bridges which were designed by pre-1971 
specifications and standards have serious seismic 
deficiencies. California has a program for retro­
fitting many of those bridges to make them more 
seismically resistant. 

During an earthquake, each bridge abutment and 
pier can rotate in any direction independently, in 
phase or out of phase with any other pier or abut­
ment. Ground between piers can distort elastically 
and in some cases may rupture or liquify. The 
seismic analysis of bridges and criteria for retro­
fitting bridges to increase their seismic resistance 
is, at the present time, a developing state-of-the­
art process. Engineering judgment is an important 
factor in retrofitting bridges tu make them more 
seismically resistant. 



DEVELOPMENT OF A SIMPLIFIED METHOD OF LATERAL 
LOAD DISTRIBUTION FOR BRIDGE SUPERSTRUCTURES 

Tarek S. Aziz, Acres Consulting Services Limited 
M.S. Cheung, Public Works Canada 
Baidar Bakht, Ontario Ministry of Transportation 

and Communications 

A new simplified method for establishing the 
live load design momenta in most common types 
of bridges is presented. The proposed method 
was developed by using orthotropic plate theory 
and was checked by the grillage analogy method. 
The basis of the method together with the 
details of development methodology are discus­
sed. Different variables which may affect 
load distribution in bridges were examined, 
and the main variables governing the distribu­
tion factors were selected for the present 
study. The study deals mainly with single 
span right bridges which can be analysed using 
the orthotropic plate theory or grillage anal­
ogy. However the limits of applicability 
of the distribution factors to continuous 
and skew bridges and bridges with diaphragms 
and edge beams are also discussed. 

Vehicle loading on a highway bridge is distri­
buted transversely to the main longitudinal girders 
by the floor system, which consists of deck slab 
and supporting members. The interaction between 
the different components of a highway bridge is 
difficult to determine, thus the complete structural 
analysis of a bridge is a complex undertaking. 
For the purpose of designing new bridges or evalu­
ating existing ones, most codes (including American 
(1) and Canadian (2) bridge codes) provide empirical 
rules for transverse load distribution. Currently, 
both AASHTO a~d CSA-S6 permit each longitudinal 
girder in the bridge to be designed for some portion 
of the wheel loads of the standard truck. In 
1973, the AASHTO code introduced more realistic 
empirical rules for load distribution in box girder 
bridges. The formulae were based on work carried 
out by Motarjemi and Van Horn (3). Further research 
on three categories of bridges, mainly beam and 
slab bridges, box girder bridges and multibeam 
bridges, was carried out by Sanders and Elleby 
(4). Based on the results of this research, dis­
tribution formulae for multibeam bridges have 
been incorporated in AASHTO Interim Bridge Speci­
fications 1974 (5). 

A new simplified method for establishing the 
live load design moments in most types of single 
and multi-span bridges (see Figure 1) is proposed 
in this paper. 

The method is intended to be used in the design 
of new bridges as well as the evaluation of load­
carrying capacity of existing ones. The method 
allows a bridge engineer to determine the maximum 
bending moment in any girder due to the worst 
loading condition without having to carry out 
a computer analysis (grids, orthotropic plate 
or finite element analysis). Because the load 
distribution phenomenon is treated more realist­
ically in this method, some of the unnecessary 
built-in conservatism of the old standards can 
be eliminated. At the same time, the simplicity 
of the current AASHTO approach is maintained in 
the format of presentation. 

The method may be used to derive load distri­
bution factors for any other type of truck con­
figurations. Recently, similar distribution factors 
have been developed by the authors for the Ontario 
loading and are now incorporated in a new bridge 
code for Ontario (6). 

At present, distribution factors are used 
in four sections of the AASHTO code. The number 
of variables considered in each section is differ­
ent, and, in each case, distribution factors are 
based on studies done on a particular type of 
bridge. It is appropriate at this stage to make 
several comments on the current AASHTO specifica­
tions. 

1. In the current AASHTO Code, bridge type 
and girder spacing are considered to be the two 
most important parameters affecting the distri­
bution of lateral loads. However, for some bridge 
types (box girders, composite box girders, and 
multibeam) distribution formulae also include 
other parameters. 

2. Apart from the Interim Specifications 
(5) for multibeam bridges, AASHTO formulae do 
not account for variation of the member stiffness 
and its effect on structural behaviour. The for­
mulae, in general, appear to consider only the 
geometrical variables of the bridge. 
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3. Reduction factors for multi-lane bridges 
are either included implicitly in the distribution 
formulae or neglected intentionally. Thus the 
stochastic nature of the live loading phenomenon 
may not be accounted for properly. 

Variables that Govern Lateral Load Distribution 

In general, the following variables may affect 
load distribution in bridges. Each of them have 
been studied and their effects on lateral load 
distribution are accounted for in the development 
of the simplified load distribution charts proposed 
in this paper. 

The Stiffness Characteristics of the Bridge 

These variables affect the behaviour in many 
ways. For example, if an equivalent orthotropic 
plate is used to model the bridge, its stiffness 
parameters (7) Dx, Dy, Dxy• Dyx, D1, Dz appear 
directly in the governing equation of the ortho­
tropic plate, and their effect is self-evident. 

Through a mapping process (7) the above stiff­
ness variables can be reduced into two character­
istic nondimensional variables a and e where: 

D + Dxx + D1 + o2 
a = Xl 

2 (D D )0.5 
x y 

and 

e w (~;l 25 = 2L 

In which Dx, Dy, DxY., Dyx• D1 and !il)2 are stiff­
ness parameters, W is the width of the bridge 
and L is the length of the bridge. 

Figure (1) shows the variation of a and e 
for different types of bridges. The practical 
range of a is between O and 2 while the practical 
range of e is between 0. 125 and 2-. 50. The values 

( 1) 

(2) 

of a and e for some 80 existing bridges are plotted 
on the a-8 space. It can be seen from the figure 
that different types of bridges fall into different 
locations of the a-8 space (for example, floor 
systems incorporating timber beams have an a, between 
0.0001 and 0.01 with a great variation of e, while 
concrete slab bridges have a constant a of 1.0). 

The Width of the Bridge (W) 

This variablG affects the behaviour of the 
bridge by determining its maximum number of lanes 
(design lanes) and also by defining the aspect 
ratio, W/L. The larger the aspect ratio, the 
higher the flexural parameter, 8 Of the bridge. 
Bridges with small aspect ratios usually tend 
to have better load distribution characteristics. 

The Number of Lanes (NL) 

In general, as the number of loaded lanes 
on a given bridge is increased, the girders tend 
to share the load more equally and thus the moment 
distribution in the transverse direction becomes 
more uniform. 

The Number of Girders (NG) 

The load per girder decreases as the number 
of girders increases. In addition, the number 
of girders affects the values of both a and e. 

Truck Locations on the Deck 

The transverse location of the truck may affect 
the load distribution factors significantly. 
The edge distance, defined as the distance between 
the edge of the bridge and the outer most line 
of wheel loads, and the distance between trucks 
could result in very different load distribution 
factors. Various combinations of truck locations 
and edge distances have been studied. Critical 
positions are used to determine the load distri­
bution factors. 

Axle Width of the Truck 

Axle width of the truck affects the load distri­
bution factors significantly. Different axle 
widths may result in entirely different load distri­
bution factors, even if all the other variables 
are kept the same. Therefore, strictly speaking, 
the load distribution factors are applicable only 
to the type of trucks that have the same axle 
width as those used in the development of the 
distribution factors. Fortunately, for the majority 
of trucks, the axle width is a standard 1.83 m 
(6 feet). Thus this variable has been eliminated 
from the study. 

Longitudinal Axle Spacing 

Longitudinal axle spacing has very little 
effect on the transverse load distributions. 
Load distribution factors developed for a particular 
axle spacing may be used for any other types of 
truck configuration without sacrificing accuracy 
within practical limits, provided the axle width 
is standard (1.83 m). 

Size of Patch Loads 

For the types of bridges considered in this 
study, this variable is known to have little effect 
on the lateral load distribution. The sizes of 
the equivalent patch load for different wheel 
loads shown in Figure 2 have been used in this 
study. 

Methods of Analysis 

Two well-established methods of analysis were 
used in the current investigation; the orthotropic 
plate analysis and the grillage analogy. 

In the orthotropic plate analysis, the structure 
is idealized as a plate of constant thickness 
having different flexural and torsional properties 
in two mutually perpendicular directions. The 
series solution presented by Cusens and Pama (7) 
was used. It covers the torsionally stiff and 
torsionally soft decks, as well as the isotropic 
decks. This solution was applied through a well­
established computer program, ORTHOP (8). The 
area of loading for the different wheels is taken 
into account (Figure 2) and edge beams, if present, 
are accounted for. 

In the grillage analogy method, a structure 



is idealized as an assembly of beams. This method 
was applied through a well-established computer 
program, GRIDS (9). The grillage analogy method 
was used to provide independent checks on the 
ORTHOP results as well as to study the effect 
of diaphragms reported elsewhere (10). 

Development of Distribution Schemes 

Development of distribution schemes for a 
code is a complicated task made difficult by the 
number of variables involved and the need to account 
for all of them while maintaining simplicity. 
In this study the task was accomplished in two 
phases. 

1. Preliminary and pilot studies of the differ­
ent variables and their effect on the load distrib­
ution were made in an attempt to determine the 
importance of each variable and the minimum number 
of variables to be maintained. 

2. Analyses were made for different groups 
of bridges that cover the practical ranges of 
variables defined in the first phase. A total 
of 1,344 hypothetical cases of bridges were analyzed 
in this phase and the results formed the data 
base for the suggested schemes. 

Figure 3 shows a flow chart of the general 
methodology used for the development of the distri­
bution schemes. 

Observations from the Pilot Studies 

To determine effects of different variables 
on the governing values of moments, pilot studies 
were conducted on a series of bridges. For each 
analysis conducted the following three items were 
extracted: 

1. The maximum moments, 
2. Intensity factors (defined as the ratio 

of maximum moment to the average moment in the 
bridge) , and 

3. The theoretical equivalent width D (as 
used in AASHTO to obtain the distribution factor 
SID). 

Some observations made on the effects of the 
variables involved in the pilot studies appear 
below. 

Bridge Width 

The width of the bridge has an effect on the 
governing values of the moments in addition to 
its contribution to the values of e. Figure 4 
shows a typical behavior for the effect of width 
on the D values for two-lane bridges. 

Girder Spacing 

The theoretical D values are dependent on 
the girder spacings. However, it was found that 
for girder spacing of more than 1.52 m (5 feet), 
the change in the theoretical D value with girder 
spacing is small (less than five percent) for 
all the practical ranges of a and e. 

Bridge Span 
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A series of analyses for two families of bridges 
was conducted. The first family had a constant 
span of 18.29 m (60 feet) while the other family 
had a constant span of 36.58 m (120 feet). All 
the possible variations of the properties were 
considered (for example, a was varied from 0.0 
to 2.0 while e was varied from O. 125 to 2.50). 
Figure 5 shows a typical me.mber of each family. 
It was observed that bridges which had the same 
a and e resulted in the same theoretical D value 
independent of the absolute value of the span. 
Thus, while the critical D value is dependent 
on a and 8; it is independent of the absolute 
value of the span. (Note that e itself is depen­
dent on the span). This approach was repeated 
for different bridge widths and different numbers 
of lanes. The conclusion was that two bridges 
of different lengths but identical a and e have 
the same distribution coefficients or D values. 
As part of these analyses the theoretical D values 
were calculated for different places within the 
span. The results showed conclusively that the 
theoretical D values are constant for most of 
the span. 

Number of Loaded Lanes 

The number of loaded lanes affect the values 
of D substantially, in particular for bridges 
with low values of e. Figure 6 shows a typical 
behavior for a two lane bridge. The behaviour 
shown in this figure suggests that the governing 
loading case in a design may not necessarily be 
the fully loaded case since reduction factors 
for multi-lane bridges have to be introduced first 
to arrive at the governing design moments. 

Edge Distance 

Edge distance, defined as the distance between 
the edge of the bridge and the outermost line 
of wheel loads, has a major effect on the govern­
ing values of the moments, especially when the 
governing moments are in the vicinity of the free 
edge. For example, Figure 7 shows a typical be­
havior of the effect of the edge distance on the 
theoretically derived D values for a two-lane, 
8.84 m (29 feet) bridge with a equal to 0.16. 

Other Effects on the Load Distribution 

Additional factors that affect the load distribution 
have been studied and the results have been reported 
recently by Aziz and Alizadeh (10). Some of the 
observations that have a bearing on this study 
are summarized below. 

Continuity 

While continuity of the bridge may affect 
the absolute values of the moments, it does not 
change the moment distribution pattern of the 
bridge. The zones of negative moments in a con­
tinuous bridge behave in a similar manner as the 
zones of positive moments. The proposed method, 
although developed from analyses for single span 
bridges, was found applicable with good accuracy 
to both positive and negative moments. The only 
adjustment required for continuous bridges is 
to utilize the effective span (the distance between 
contraflexure points) in calculating e. 
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Skew 

Skew bridges with skew angle less than 15 
degrees can be analysed by the proposed method 
treating them as right bridges. From actual anal­
yses, it was confirmed the error arising from 
this simplification was small and can be neglected. 

Diaphragms 

Although the proposed method was developed 
for bridges without diaphragms, studies on the 
effects of diaphragms on the transverse distribution 
of live loads using gri~lage analogy methods (10,11) 
concluded that the method is also adequate for 
bridges with diaphragms. In this case, the proposed 
method would generally result in a slightly conser­
vative estimate of the distribution factors. 

Distribution Charts for AASHTO Loading 

Following the pilot studies, a total of 1,344 
hypothetical cases of bridges were analyzed by 
ORTHOP to develop the distribution charts given 
in Figures 8, 9, 10 and 11 for the AASHTO HS truck. 
All bridges were assumed to have a minimum curb 
width of 45.72 cm (1 foot 6 inches) on each side. 
Thus, the edge distance in these analyses was 
maintained at a practical limit of 1.07 m (3 feet 
6 inches). The values of e and a were varied 
in the range of 0.125 to 2.50 and 0.0 to 2.00 
respectively. This should be sufficient to cover 
all practical bridges. 

All the possible loading combinations were 
considered, from the worst concentric case of 
loading to the worst eccentric case of loading. 
In accordance with the AASHTO specifications, 
when there were three or four lanes loaded, reduc­
tion factors of 0.9 or 0.75 respectively were 
used. All the partial loading possibilities were 
considered as well. The bridges were loaded to 
produce the maximum bending moment. The governing 
theoretical D values were calculated from the 
moments integrated over a 1.52 m (5 feet) width. 
The differences observed between an outside girder 
and an inside girder were not significant enough 
to justify a special treatment or presentation 
for each. Finally, contours were drawn to represent 
the D values for each category of bridge (two 
lane, three lane and four lane). Because the 
width of a bridge has an effect on the load dis­
tribution in addition to its contribution in e, 
a correction factor chart was devised to deal 
with bridges having lane widths larger or smaller 
than 3.35 m (11 feet) (for which the basic contours 
were drawn). While this corrP.~tton; Cf; waB 
found to be less than 15 per cent in most cases, 
it was decided that by developing such a chart 
the proposed method would be made even more accu­
rate. Finally, a total of 100 bridges were analyzed 
by the developed charts as well as by ORTHOP and 
GRIDS. The maximum error observed was very small. 

Steps in Applying the Method 

After discussing the foregoing distribution 
charts and the derivation procedures, it is appro­
priate to summarize here the steps to apply the 
proposed method, in a format similar to that used 
in the AASHTO code. 

For shallow superstructures (shown in Figure 
1) having either right spans or skew angles smaller 
than 15 degrees, the longitudinal moment due to 

H::l loading is computed as follows. 

1. The values of a, e and µ are calculated 
from: 

<X Dxy + D + D, + D2 = yx ( 1) 
2 ,li)D x y 

w rD~J 0. 25 
e = 2L lDY 

(2) 

Lane width - 3-35 m (for SI units) 
µ = 0.61 

(Maximum of 1.0) (3) 

Lane width - 11 feet (for Imperial units) 
IJ = 2 

where: 

W = Width of the bridge. 
L = Span of the bridge or equivalent simple 

span for a continuous bridge (span between contra­
flexure points for positive or negative moment 
regions). 

2. Corresponding to the values of a and e 
determined previously, D design is found by reading 
a D value from the applicable chart (Figures 8, 
9, and 10), and a correction factor "Ct" from 
a variation chart (Figure 11), and substituting 
in the following expression. 

Ddesign 

3. The governing design bending moment is 

(4) 

the fraction SID design of the moment resulting 
from one line of wheel loads, applied to a girder, 
or a web of a voided slab, or a unit width of 
a solid slab, 

where: 

S the actual spacing of longitudinal girders; 
or, 

S spacing of webs, in the case of voided 
slabs; or, 

S = a unit width, in the case of solid slabs 
or laminated timber bridges. 

Examples of the use of these analysis charts 
appears below. 

Examples 

1. The proposed method is applied to a three­
lane beam and slab bridge with a span of 18.29 
m (60 feet) and a width of 13.72 m (45 feet). 
The cross section of the bridge is shown in Figure 
12. The steps in arriving at D design , are: 

Dx = EI/ (beam spacing) 

= E (5629033.8 cm4)1236.22 cm 

23829.62 E 



= E (slab thickness) 3 /12 

= E (19.05 cm) 3 /12 

= 576.11 E 

neglecting the contribution of the steel I beam 
to the torsional inertia; since the torsional 
inertia of an I beam is very small. 

D : D xy yx G(slab thickness) 3 /6 

E (19.05 cm) 3 
= 2 (1 + 0.15) 

= 500.96 E 

= 0.15 x 576.11 E 

= 86.42 E 

a = 0.5 (500.96 + 500.96 + 86.42 + 86.42) 
I (23829.62 x 576.11) 0 " 5 

= 0. 16 

e = 0.5 x 1311.53 (23829.621576.11) 0 · 25 

I (1828.71) 

= 0.95 

The lane width is 4.27 m (14 feet), therefore 

µ = 0.5 (4.27-3.35) 
0.61 

= 1.5 > 1.0 

Table 1. Comparison of distribution factors ob­
tained by AASHTO, proposed method and reference 12 

Methods Distribution Ddesign 
Factors 
(Wheel Load) Meters 

AASHTO Code 1. 58 1.67 
Proposed Method 1.44 1.83 

1. 31 2.01 
Testing ( 12 ) 1. 04 2.43 

~Ifµ is limited to Maximum Value of 1.0 
If actual µ is used (µ = 3.0) 

Conclusions 

Feet 
5.5a 
6.0b 
6.6 
8.0 
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A simplified lateral load distribution procedure 
has been presented. The method is believed to 
provide a more accurate load distribution than 
the AASHTO and CSA-S6 codes while maintaining 
the simplicity of an AASHTO-type approach. Analysis 
charts have been developed and presented for AASHTO 
HS vehicles. It was confirmed that the longitu­
dinal axle spacing of the truck has little effect 
on the lateral load distribution factors. There­
fore, the analysis charts developed for AASHTO 
loading may be used with reasonable accuracy for 
other truck configurations, provided that the 
reduction factors for multi-lane loading are the 
same as those in the AASHTO specifications. This 
has in fact been done for the Ontario Highway 
Bridge Design Load proposed for the new Ontario 
Bridge Code (10, 13). 

The methodology for developing a simplified 
method as presented, can be utilized for developing 
distribution factors for other types of trucks 
and reduction factors. 

Useµ= 1.0 Acknowledgements 

from Figure 9, the value of D for a= 0.16 and 
0 = 0.95 is 1.74 m (5.70 feet) and from Figure 
11 the value of Cf is 5.8. Therefore, 

Ddesign 1.70 m (1 + 1.0 x 5.8/100) 

1.84 m (6.10 ft). 

(The corresponding value of Ddesign according 
to the current AASHTO method is 1.67 m (5.5 feet.)) 

2. In this example, the proposed method is 
used to calculate the load distribution factors 
for the Conestogo River Bridge, a 2 lane, 3 span 
continuous plate girder bridge (Figure 13) with 
a central span of 44.20 m (145 feet) and side 
spans of 34.75 m (114 feet). The distribution 
factor for the central span of the bridge was 
calculated and the results are compared with AASHTO 
load distribution factors and field test values 
in Table 1. 

While the above examples indicate that use 
of the AASHTO load distribution formulae generally 
result in over con$ervative load distributions, 
it has also been found (13) that for certain cases, 
these AASHTO load distribution factors can be 
unconservative. On the other hand, consistently 
safe but economical load distribution factors 
were obtained from the proposed load distribution 
charts for all cases. 

The original concept and objective to develop 
a rational and simplified method of analysis for 
lateral load distribution for highway bridge decks 
was initiated by the Transportation group, Public 
Works Canada. The project was sponsored and funded 
by Public Works Canada and the Department of Supply 
and Services. 
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Figure 1. Bridges of common use for which the 
proposed method applies. 
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Figure 3. Analysis flow chart. 
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for beam and slab bridges. 

2.20 

., 
0: 

"' ... 
"' .. 
"' 

7.0 

2.00 

... 
~ 6.0 

1.70 "' 
1.00 ao 

1.22 •JJ 
0 

\ 
\ 
\ 

' \ ',, 
\ \ . ' 

EDGE DISTANCE• I 83m(6.0lt) 

a =0,16 

EDGE DISTANCE• I 22m (4.011.) 

\ ~EDGEDISTANCE•0.6lm(201t) 

' --'~~ 
0.0 1.0 10 2.0 2.0 

Figure 8. D values for 2 lane bridges - AASHTO 
loading. 

" 

v 
iJ :7 II 

20 

~~ "' IJ V>..~ v IJ 
j ./ 

~ ..... ,) 

~v Jt' ~ 

---~ I/ JJ!.f& ... ~ 

" 

10 

I "rl-l.:re-'--

I I I i-J.... 
U3ml &OOtl 

o.• 

0.2 • v 
001 oos 0.1 ID LS 2.0 

43 



44 

Figure 9. D values for 3 lane bridges - AASHTO 
loading. 
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WEB STRESSES IN PRESTRESSED CONCRETE BRIDGE BEAMS HAVING DISCONTINUOUS TENDONS 

James R. Libby, President, James R. Libby & Associates, San Diego, California 
G. Krishnamoorthy, Professor of Civil Engineering, San Diego State University, 

San Diego, California 
John Revels, Construction Inspector, City of San Diego, San Diego, California 

Prestressed concrete bridge girders are sometimes 
designed with prestressing tendons that terminate 
within the span rather than at the ends of the 
girders or at their supports. Tendons of this 
type are normally significantly inclined at their 
anchorages due to the clearances required for 
construction because of the inclination of the 
tendons at their anchorages. Significant 
vertical components of prestressing are imposed 
on the girder. The AASHTO Specifications for 
Highway Bridges and the Building Code 
Requirements for Reinforced Concrete (ACI 318-71) 
do not specify specific methods of analysis for 
this condition. A finite element analysis of an 
actual bridge girder was made to determine the 
conditions of stress in the vicinity of inter­
mediate anchorages. The results of this analysis 
were compared to those obtained with a principal 
tensile stress analysis using methods normally 
employed by bridge designers. It was found both 
methods of analysis predicted principal tensile 
stresses of similar magnitude and orientation. 
The predicted locations of the greatest principal 
tensile stresses were different for the two 
methods of analysis, The fact that the greatest 
principal tensile stresses occur on planes 
approximately parallel to the paths of some of 
the post-tensioning ducts is demonstrated. 

Description of the Problem 

For reasons of economy of prestressing steel, and 
in some instances in order to confine flexural 
stresses to acceptable levels, post-tensioning 
tendons are sometimes terminated within a span rather 
than at the ends of a girder or at the supports. 
Bridges containing overhanging girders and a sus­
pended span, as shown in Figure 1, are structures 
where details of this type of arrangement of tendons 
are frequently found. The post-tensioning tendons 
in the overhanging girders may be a combination of 
tendons that extend from one end of the girder to the 
other together with tendons that do not, This con­
dition is i.llus trated in Figure 2, where three groups 
of tendons are shown. In this case, tendon Groups 1 
and 2 can be stressed before the suspended girders 

are in place but the stressing of tendon Group 3 must 
be deferred until the suspended girders are in place, 
This sequence must be followed in order to avoid 
flexural overstressing of the concrete in the vicini­
ty of the pier. The area of the girder under con­
sideration in this paper is shown in Figure 2 and in 
detail in Figure 3, showing the individual tendons 
of tendon Groups 1, 2, and 3 respectively. 

A characteristic of the overhanging girders used 
in bridges of this type is that the conditions of 
moment in the girders vary as the construction pro­
gresses. At the time tendon Groups 1 and 2 are 
stressed, the suspended span is not in place. 
Therefore the maximum positive dead load moment 
between the supports is larger than it is after the 
suspended span is in place, In the completed 
structure, the moments of various sections along the 
span are very similar to those found in a continuous 
bridge. In the portion of the girders shown in 
Figure 3, the moments are relatively low in the 
con~leted structure while the prestressing is rela­
tively high. 

Tendons which terminate within a span normally 
have to be inclined rather steeply in order to pro­
vide the clearances required to stress the tendon. 
These tendons may be inclined as much as 30 degrees 
or more as shown in Figure 3. The relatively great 
inclinations of the tendons result in vertical com­
ponents of the prestressing force that are quite 
significant, The various combinations of the ef­
fects of prestressing, dead load and live load that 
occur during the life of a girder of this type result 
in interesting and variable conditions of stress 
states in the vicinity of the intermediate anchor­
ages. The analysis of these stresses is normally 
referred to as shear design. 

The prestressed concrete design provisions of the 
AASHTO Standard Specifications for Highway Bridges 
(P.eference 1) are based upon the assumption that con­
crete can withstand a shear force causing a unit 
stress of 1.242 ~Wa (180 psi) for concrete strengths 
of 20.7 MPa (3000 psi) or more without web rein­
forcement. If the shear force is greater than that 
which the concrete can carry by itself, web rein­
forcement must be provided to carry the excess 
force, These provisions originally appeared in 
"Tentative Recommendations for Pres tressed Concrete" 
of the ACI-ASCE Joint Committee 323 in 1958 
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Figure 3. Non-composite cross section. 
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(Reference 2) which were based upon a limited number 
of tests on beams conducted at the University of 
Illinois, These requirements were intended to be 
ccnservati.,le as the test data available at that time 
were limited, 

Subsequently additional tests were performed at 
the University of Illinois on beams with moving 
loads to simulate bridge beams, The results of the 
later test result in the shear provisions which 
appeared in the 1963 edition of the Building Code 
Requirements for Reinforced Concrete (ACI 318-63) 
(Reference 3), They are also included in ACI 318-77 
(Reference 4) in a slightly simplified version, Com­
parison of the results obtained with the current ACI 
& AASHTO relationships will reveal the AASHTO Spe­
cifications are conservative in areas where flexural 
cracking is precluded and unconservative i~ areas 
where flexural cracking can occur, 

Two type of shear-related cracking are now 
recognized, The first of these is termed flexural­
shear cracking and the second is referred to as web 
cracking. The analysis of the former involves an 

13 + 0 14 + 0 

3.048m 

TENDON GROUP 3 
4 (FIVE TENDONS) ----=:::13 
2 
1 

investigation of the flexural cracking that can occur 
under the design loads, Web cracking is predicted by 
the determination of the conditions of loading that 
result in a principal tensile stress equal to the 
tensile strength of the concrete, 

In the area of the beam under consideration, the 
conditions of prestressing and moments due to the 
dead and live loads preclude flexural cracking and 
hence, the analysis of the safety of the member can 
be made by determining the principal tensile stresses 
that exist in the member under various conditions of 
loading and comparing these to the tensile strength 
of the concrete. The tensile strength of the con­
crete is normally taken as 0.33~ MPA (4~ psi). 

Stress analysis in the vicinity of curved 
tendons, which terminate at various locations such as 
shown in Figure 3, is very complex due to the effects 
of the anchorage zone stresses, the vertical com­
ponent of the prestressing resulting from the curva­
ture of the tendon and the reduced width of the web 
resulting from the presence of the post-tensioning 
duct. These factors have to be taken into account 



for a realistic analysis . 

Principal 'l'ensile Suess Analysis 

For beams prestressed longitudinally, not pro­
vided with prestressed stirrups and subject to trans­
verse loads, stress analysis is generally confined to 
the investigation of the principal tensile stresses 
at the centroidal axis of the member, Vertical pre­
stressinr. of the web resulting from the vertical 
curvature of the tendons is normally neglected 
because it cannot be easily evaluated, and the ef­
fect of neglecting this is generally small. This is 
a conservative procedure, Because the moment due to 
transverse loads do not cause flexural stresses at 
the centroidal axis, the principal tensile stresses 
are computed from the shear stresses resulting from 
the transverse loads and the axial stresses due to 
prestressing, It should be recognized the stress at 
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the centroidal axis due to the longitudinal component 
of the prestressing is the quotient of this force and 
the area of the beam cross-section, The shear stress 
can be computed using the classical flexural-shear 
stress relationship: 

v = .YS.. 
lb 

in which: 

(1) 

b = horizontal width of the beam at the centroi­
dal axis. 

I =moment of inertia of the beam cross section 
with respect to the horizontal plane passing through 
the centroidal axis. 

Q = the first moment of the beam area lying above 
or below the horizontal plane passing through the 
centroidal axis, with respect to the plane, 

V = the shear force at the section under con­
sideration 

v = unit shear stress 

Figure 4. Non-composite cross section, 

VARIES 851 -889mm 

I· ·I 
I 216mm 

- ---- VARIES 191-229mm 

VARIES 
2286-3557mm 

I 203mm 

Table 1. Principal tensile stresses at centroidal axis-gross web thickness MPa (psi). 

All of tendon group 1 plus 
tendons 1-4 of group 3 

Without shear stress from 
Station 5 of group 3 

12 + 4 1.566 (227) 

12 + 5 7.015 (292) 

12 + 6 0.794 (115) 

12 + 7 

12 + 8 

All of tendon group 1 plus 
tendons 1-4 of group 3 

Including shear stress from 
tendon 5 of group 3 

1. 69 (245) 

1. 518 (220) 

1. 359 (19 7) 

All of tendon groups 1-3 

Including shear stress from 
tendon 5 of group 3 

1. 532 (222) 

1.373 (199) 

1.228 (178) 
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Table 2. Principal tensile stresses at centroidal axis--net net thickness MPa (psi). 

All of tendon group 1 plus 
tendons 1-4 of group 3 

All of tendon group 1 plus 
tendons 1-4 of group 3 All of tendon groups 1-3 

Without shear 
Station 5 of group 3 

stress from Including shear stress from 
tendon 5 of group 3 

Including shear stress from 
tendon 5 of group 3 

12 + 4 2,167 (314) 

12 + 5 2.015 (292) 

12 + 6 1. 097 (159) 2. 339 (339) 

12 + 7 2.104 (305) 

12 + 8 1.884 (273) 

The cross sectional dimensions of the beam 
studied in this paper vary as shown in Figure 4. 
Principal tensile stresses, computed by usual 
methods, for several stations along the beam shown in 
Tables 1 and 2. The stresses listed in Table 1 are 
based upon the gross web thickness of 228. 6 mm (9 
in.) while those in Table 2 are based upon the net 
web thickness of 165.1 mm (6.5 in.). Based upon this 
analysis, which ignores the effect of vertical pre­
stressing resulting from the curvature of the group 
3 tendons, the greatest principal tensile stress 
occurs at (station 12 + 6). This is the case if the 
shear stress resulting from the vertical component of 
group 3 tendon 5 is or is not considered to be ef­
fective at this station, 

Finite Element Analysis 

The structural model consisted of a simply sup­
ported span of 9.15 m (30 feet) with cantilevers of 
3,05 m (10 feet) on each end as shown in Figure 5. 
This configuration was selected as a means of simu­
lating the moments and shears acting upon the beam 
between stations 11 + 0 and 14 + 0 where the princi­
pal tensile stresses were under study. This model 
permitted moments to be applied through forces of 
variable intensity at the ends of the cantilevers 
while the shears were applied through the reactions 
at stations 11 + 0 and 14 + 0, The effects of pre­
stressing were modeled with forces as illustrated in 
Figure 6. The post-tensioning ducts were not in­
cluded in the finite element model used in this 
study. 

The analysis of the structure was conducted by 
using SAP IV computer program (Structural Analysis 
Program for Static and Dynamic Response of Linear 
Systems) developed at University of California 
Berkeley, (Reference 5). The beam was modeled using 
three dimensional finite elements with three trans­
lational degrees of freedom. In the flanges, three 
dimensional variable node isoparametric elements 
(i.e., more than eight nodes) were used. In the web, 
eight node "brick" elements which employ incompatible 
modes were used, Isotropic properties were assumed. 
The elastic modulus and Poissons ratio employed were 
27,600 MPa (4000 ksi) and 0,20, respectively. 
Additional dead and live loads within the span were 
simulated by surface pressure loads. The two typical 
cross sections assumed for the analyses are shown in 
Figures 4 and 7. 

2.125 (308) 

1. 904 (276) 

·i. 69 7 (246) 

The structure was modeled with 1498 nodes and 639 
three dimensional finite elements for the non­
composi te case. Additional 368 nodes and 275 ele­
ments were added for analyzing the composite case. 

In the first set of analysis, the finite element 
model was restrained along the lateral direction of 
the girder, In order to ascertain the effect of 
Poisson's ratio, the model with all the degrees of 
freedom was also analyzed. It was found that for 
planar loadings of the type considered here, the ef­
fect of Poisson's ratio was not significant. 

The analysis resulted in six global stresses at 
the centroid of each finite element. From these 
stresses, the magnitude and direction of principal 
tensile stresses at various locations of the girder 
were computed and plotted. 

The following load conditions were analyzed and 
the maximum principal tensile stresses wer'e plotted 
in order to obtain the critical load case. 

1. Dead Load + Diaphragm and drop in girder + 
Slab + 90% initial load due to tendon group 1 and 
tendon group 2 + 100% initial load due to tendon 
group 3. 

2. Dead Load* + 80% initial load due to tendon 
groups 1, 2, and 3 + Maximum moment (Mmax) + shear 
(V) • 

3. Dead load + 80% initial load due to tendon 
groups 1, 2, and 3, + Mmin and V concomitant. 

4. Dead load + 80% initial load due to tendon 
groups 1, 2, and 3 + Vmin and M concomitant. 

5. Dead load + 80% initial load due to tendon 
groups 1, 2, and 3, + Vmax and M concomitant. 

*Girder + Diaphragm + Drop in Girder + Slab + Curb 
+ Railing+ Future D.L. 

Condition 1 was analyzed with the non-composite 
section; the remaining with the composite section. 
The principal tensile stresses for the above beam 
sections and loading conditions are plotted in 
Figures 8 - 12. 
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Figure 5, Structural model, 
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Figure 7. Composite cross section (see Figure 4 . for dimensions not shown). 
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Conclusions 

Comparing the principal stresses obtained by 
conventional methods of computation, as shown in 
Table 1, to those obtained by the use of the finite 
element method, as illustrated in Figures 8 - 12, 
leads one to conclude the former method is conserva­
tive for the conditions studied, The former method 
predicts maximum values of maximum principal tensile 
stress at locations different from those predicted 
by a finite element analysis. The difference in 
magnitude and location of principal tensile stresses 
predicted by the two methods is at least partially 
explained by the effects of vertical prestressing of 
the web being neglected in the conventional computa­
tions but not in the more sophisticated method. 

I 203mm 

The orientation of the principal tensile stresses 
as shown in Figure 9 shows the direction of these 
stresses approximately follow the paths of the group 
3 tendons. Comparison of the values of the principal 
tensile stresses shown in Table 1 and 2 clearly 
illustrates the importance of basing principal 
tensile stress computations on net rather than gross 
web thicknesses in conditions such as these. 

Conventional methods of computing principal 
tensile stresses are adequate for usual cases en­
countered in bridge design. The cost of three 
dimensional finite element analysis can only be 
justified under unusual circumstances. 
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Figure 8. Principal _tensile stress plot MPa (psi) for load condition 1. 
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Figure 10. Principal tensile stress plot MPa (psi) for load condition 3, 
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Figure 12, Principal tensile stress plot M;Pa (psil for load condition 5, 

8@ 152.4mm = 1219.2mm 
(8@ 6" = 4'-0•') 
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MODEL STUDIES OF DOUBLE-CELL BOX GIRDER BRIDGE WITH INTERMEDIATE DIAPHRAGMS 
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An experimental study on the influence of 
intermediate cross-bracing diaphragms on the 
behavior of a simply supported double-cell box 
girder bridge has been carried out. A perspex 
model was tested under various loading condi­
tions and the test results, namely the displace­
ments, cross-sectional distortion, longitudinal 
and transverse normal forces were compared with 
theoretical values suggested by Nimityongskul, 
Pama and Lee [l]. In this analysis, the ele­
ments in the box section are treated as rectan­
gular plates subjected to lateral and in-plane 
boundary forces. The end diaphragms are assumed 
to be infinitely rigid in and flexible normal to 
their planes. The intermediate diaphragm is 
assumed to act in such a way that it exerts only 
concentrated vertical and horizontal reactions 
on the joints of the box section without intro­
ducing resisting moments against joint rotations. 
Test results indicated that the distortion of 
the cross-section of a box girder without inter­
mediate diaphragm is more prominent when loaded 
along the side-joints. With one intermediate 
diaphragm the distortion at the loaded section 
remains practically the same when the diaphragm 
is sufficiently away from the applied loads, but 
is considerably reduced when the diaphragm is 
near the load. The use of intermediate dia­
phragm decreases effectively the cross-sectional 
distortion, increases the overall stiffness of 
the bridge and redistributes the longitudinal 
normal forces. In general, the experimental 
values confirm the theoretical predictions on 
the influence of intermediate diaphragms on the 
load distribution in a double-cell box girder 
bridge. Careful considerations must be taken 
in designing these intermediate cross-bracing 
diaphragms to satisfy the assumptions made in 
the theory. 

Introduction 

Box girders which may be either straight or 
curved in plan are currently used for highway 
bridges. The cross-section may be single-cell or 
multi-cell depending on the width of the bridge. 

A lot of analytical and experimental studies have 
been reported lately as evidence of the increasing 
use of box girder bridges in the last few years. 
Quite a few dealt with the influence of transverse 
stiffeners or diaphragms which are used to prevent 
cross-sectional distortion of the box elements. 
The experimental work reported so far has been 
limited to single-cell box girders with solid dia­
phragms. 

An extensive review of the methods for analysing 
box girder can be found in the progress report of 
the Subcommittee on Box Girders of the ASCE-AASHO 
Task Committee on Flexural Members [l]. ARENDTS and 
SANDERS [2] used the concept of replacing the actual 
cellular structure of a concrete box girder highway 
bridge with a uniform plate whose structural proper­
ties are equivalent to those of the actual bridge. 
An analysis of box girders of deformable cross­
section based on an analogy of beams on elastic 
foundation was separately studied by WRIGHT, ABDEL­
SAMAD and ROBINSON [3] and CAMPBELL-ALLEN and 
WEDGWOOD [4]. The effects of rigid or deformable 
interior diaphragms are also treated by determining 
the stiffness for the beam on elastic foundation. 
SAWKO and COPE [5] used modified finite element 
technique for the analysis of multi-cell bridges 
without transverse diaphragm. ABDUL-SAMAD, WRIGHT 
and ROBINSON [6] applied thin-walled beam theory to 
box girders of deformable cross-section. Thin­
walled beam theory is extended to cover stiffened 
plate elements and the effects of deformable in­
terior diaphragms. A further simplified formula­
tion was studied by DALTON and RICHMOND [7] to ob­
tain the solution for girders of trapezoidal cross­
section by assuming that only the diaphragms or 
cross-frames resist the cross-sectional distortion. 
SCORDELIS [8] applied folded plate theory to obtain 
the solution for a simply supported box girder 
bridge. The analysis is limited to straight pris­
matic box girder composed of isotropic plate ele­
ments without intermediate diaphragms. An analysis 
of box girder by finite strip method was presented 
by CHEUNG [9], in which harmonic functions which 
fitted the boundary conditions in the longitudinal 
directions are used in conjunction with single poly­
nomials as displacement function in the transverse 
direction. 
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Recently NIMITYONGSKUL, PAMA and LEE [10] 
presented an accurate and efficient method of analy­
sis for box girder bridges and takes into account 
the influence of intermediate diaphragms. The ele­
ments in the box section are treated as rectangular 
plates subjected to lateral and in-plane boundary 
forces. The solutions due to unit vertical and 
horizontal loads applied at the joints for the case 
without intermediate diaphragm are obtained and used 
as influence coefficinets to derive the solutions 
for any combination of concentrated live loads ap­
plied at the joints as well as the effect of inter­
mediate diaphragms. 

MYERS and COOPER [11] experimentally studied the 
effects of interior diaphragms in a simply supported 
single-cell box girder bridge and compared the re­
sults with those obtained based on the beam on elas­
tic foundation analogy. HEINS, BONAKDARPOUR and 
BELL [12] presented the results of an experimental 
study on the behavior of a plexiglass three-cell 
curved beam model subjected to static loads and com­
pared the deflections and strains with those pre­
dicted by the slope deflection theory. GODDEN and 
ASLAM [13] presented the results of an experimental 
study on the static response of skew box girder 
bridges and theoretical result based on a finite 
element analysis was used for comparison. An ex­
perimental investigation to study the behavior of 
composite simply supported box girder bridge with 
end diaphragms was carried out by MATTOCK and 
JOHNSTON [14] and the result agreed well with those 
obtained by the folded plate theory. ANEJA and ROLL 
[15] carried out an experimental investigation on a 
horizontally curved box beam highway bridge model 
subjected to various loading conditions. A model 
analysis of a curved prestressed concrete cellular 
bridge was presented by CHUNG and GARDNER [16]. A 
1/24 scale perspex model was used to predict the 
elastic properties and a 1/6 scale prestressed con­
crete model to determine the load factor. DAVIS, 
SHEFFEY, CASTLETON and EVANS [17] presented a model 
and prototype studies of box girder bridge and cor­
related the results with the prototype behavior and 
that predicted by the folded plate analysis. 

This paper describes an experimental investiga­
tion which was conducted to determine the influence 
of intermediate diaphragms on the behavior of a 
simply supported straight double-cell box girder 
bridge. The intermediate diaphragms are in the form 
of rigid cross-bracing as shown in Fig. 1. The ex­
perimental results are compared with theoretical 
values suggested by NIMITYONGSKUL, PAMA and LEE [10]. 

General Theoretical Consideration 

A douoie-ceii scraignc box girder bridge wicn 
or without intermediate diaphragms, simply supported 
at the ends by means of supporting diaphragms, and 
subjected to a concentrated load acting at a joint 
is shown in Fig. 1. A vertical concentrated load 
acting on a joint of the top deck can be resolved 
into symmetrical and antisymmetrical components as 
shown in Fig. 2. The solution for the antisymmetri­
cal component is treated in detail by NIMITYONGSKUL, 
PAMA and LEE [10]. The effect of symmetrical compo­
nent is localized and can be obtained by suitable 
approximation for design purposes. The elements in 
the box section are treated as rectangular plates 
subjected to lateral and in-plane boundary forces. 
It is assumed that the influence of in-plane forces 
on the bending of the plate may be disregarded. 
This leads to two fourth order partial differential 
equations, which govern the bending of the plate 
under the action of the normal load components and 
the membrane action of the plate under in-plane load 

components (Fig. 3). 

Treatment of Intermediate Diaphragm 

The end diaphragms are assumed to be infinitely 
rigid in and flexible normal to their planes. The 
intermediate diaphragm is assumed to act in such a 
way that it exerts concentrated vertical and hori­
zontal reactions only at the joints of the box sec­
tion without introducing resisting moments against 
joint rotations. It is assumed to be infinitely 
rigid in its own plane and, under general loading, 
it undergoes rigid body displacement, i.e., vertical 
and horizontal deflections as well as rotation about 
the axis of the bridge. The values of the reactive 
forces are determined from the conditions that the 
rigid body displacements of the intermediate dia­
phragm are compatible with the joint displacements, 
under the simultaneous effect of the applied loads 
and the reactive forces, and that reactive forces 
on the diaphragm are in self equilibrium. Numeri­
cal results for a simply supported double-cell box 
girder bridge subjected to unit loads applied sepa­
rately at the middle and side joints are initially 
obtained for the case without intermediate dia­
phragms. These results are then used as influence 
coefficients in developing the solutions for cases 
with one intermediate diaphragm at midspan and three 
intermediate diaphragms at quarter points. 

Experimental Program 

Model Design and Fabrication 

Tests were conducted on a model of a double-cell 
straight box girder bridge. The simply supported 
span of the model is 1520 mm and the cross-section 
is ·shown in Fig. 1. All components of the box gir­
der were made of perspex. The parameters suggested 
by NIMITYONGSKUL, PAMA and LEE [10] were used ex­
cept that the thickness of the top and bottom decks 
and the webs were made the same because of the un­
availability of perspex plates of different thick­
nesses. The model was designed such that there is 
substantial deformation of the cross-section under 
load. In constructing the model, the side and mid­
dle webs were glued into positions on the bottom 
deck and then all the necessary electrical strain 
gages were attached to their proper locations as 
shown in Fig. 4. The intermediate diaphragms were 
positioned properly at midspan and quarter-span of 
the bridge girder. Finally, the top deck was glued 
to the webs and interior diaphragms. Detachable 
end diaphragms were fixed to the box element by 
using screws. Circular holes were drilled on the 
end diaphragms to allow the wires of the electrical 
strain gages inside the girder to pass through. 

Instrumentation 

Electrical resistance rectangular strain 
rosettes were attached to the model as shown in 
Fig. 4. At quarter-span and midspan, six rectangu­
lar strain rosettes were fixed at each section, At 
three-eighth-span section, twenty-four rectangular 
strain rosettes were provided. Mechanical dial 
gages were used for measuring deflections. Tempera­
ture effect on strain gages attached to the model 
which has poor heat diffusion properties was com­
pensated by using dummy gages. 



Determination of Material Properties 

Prior to testing the model, the mechanical 
properties of the model materials were determined. 
Representative samples of each of the box girder 
components were subjected to axial tension test. 
Longitudinal and transverse strains were measured by 
means of electrical strain gages attached to one 
side of the specimens, The test results gave an 
average value for the modulus of elasticity E of 
2.90 x 106 KN/m2 and Poissons ratio v of 0.365. 
Tensile creep test was conducted on the control 
specimens and it was observed that the rate of creep 
diminished appreciably after approximately three 
minutes of loading. 

Test Set-Up and Measurements 

The box girder was supported on steel bearing 
plates (SO mm x 350 mm) with a 15 mm diameter steel 
rollers. Ball bearings were also provided to pre­
vent the uplift due to eccentric loading but this 
proved unnecessary during the test. Static point 
loads were applied monotonically in increments to 
the box girder by means of a hydraulic jack as shown 
in Fig. S. Since it was established that the effect 
of creep became negligible three minutes after ini­
tial loading, strain measurements were only taken 
after this time interval has elapsed. The strains 
were automatically recorded by a data logger. 

Test Programs 

The test program was divided into three major 
parts corresponding to the number of intermediate 
diaphragms present. Each test series consists of 
six minor test programs depending on the variation 
of the point of application of the load spanwise 
and transversewise on the top deck. Incremental 
point loads of 220 N, starting from 880 N to 1540 N 
were applied at quarter-span, three-eighth-span and 
midspan on the top left edge and on the middle joint 
of the cross-section. The application of an initial 
load was necessary to remove the slack in the load­
ing system. The test series started with three in­
termediate diaphragms present. After this test the 
two diaphragms at quarter-span were sawed off by a 
jacksaw and a similar set of tests repeated. Fi­
nally the diaphragm at midspan was removed and 
another set of tests was conducted on the model. 
The test results are compared with theoretical va­
lues obtained by the use of a digital computer. 

Test Results and Discussions 

Deflections 

Deflections were recorded at mid-joint and 
side-joints of the cross-section at quarter-span, 
three-eighth-span, midspan, and three-quarter-span. 
Figures 6 to 8 show the average experimental de­
flections and the corresponding theoretical values 
of the simply-supported box girder for the case 
without diaphragm, with one diaphragm, and with three 
diaphragms due to unit loads acting at quarter-span, 
midspan, and three-eighth-span respectively. The 
horizontal displacements observed from the experi­
ment were small and were not included. The experi­
mental values are generally in good agreement with 
the corresponding theoretical values. It is ob­
served that for the case with one diaphragm (Figs. 
6b, 7a and Sc) the deflected shape of the model at 
the diaphragm section especially for the case of unit 
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loads acting at the left edge is slightly different 
from that obtained theoretically. This difference 
is due to the fact that the box section did not dis­
tort as a rigid body as predicted in the theory. 
In other words, there was still a certain degree of 
local distortion even at the intermediate diaphragm 
section. It is to be noted that the intermediate 
diaphragm is assumed in the analysis to be infinite­
ly rigid in its own plane and, under general loading 
undergoes rigid body displacement only. The type of 
intermediate diaphragms used in this test is in the 
form of cross-bracings and therefore they are not as 
rigid as those assumed theoretically. This effect 
is less evident for the case with three diaphragms. 
On the whole, the correlation between the experi­
mental and theoretical deflections is good. 

Cross-Sectional Distortion 

The influence of intermediate diaphragms can be 
observed clearly for loads acting at quarter-span. 
The distortion of the cross-section remains practi­
cally unchanged (Fig, 6) when an intermediate dia­
phragm is introduced at midspan, whereas, this dis­
tortion vanished when three intermediate diaphragms 
were provided. For loads acting at midspan and 
three-eighth-span respectively as shown in Figs. 7 
and 8, the distortion is considerably reduced by 
adding one diaphragm only at midspan. The cross­
sectional distortion was further reduced when three 
intermediate diaphragms were present. As expected, 
the twisting of the box section for cases with one 
and three intermediate diaphragms is less than for 
the case without diaphragm when the loads act at 
the side-joint. 

Longitudinal Normal Forces 

Figures 9 to 11 show the experimental and 
theoretical results for the longitudinal normal 
forces Ny at various locations indicated in Fig, 4. 
In general the strain readings varied linearly with 
the applied load. The experimental values are 
generally in good agreement with the theoretical 
values. The influence of intermediate diaphragm can 
be seen clearly for points at the loaded section in 
which values of longitudinal normal forces for loads 
at mid-joints and side-joints are getting closer to 
each other or almost the same for the case with one 
and with three intermediate diaphragms. Without 
intermediate diaphragm, the values of Ny are signi­
ficantly higher at the locations near the loaded 
joint. For loads applied at the side-joints, the 
values of Ny at the point near the loaded joint are 
slightly decreased by the addition of a diaphragm at 
the loaded section and the transverse distribution 
of load is evident from the distribution of Ny to 
the other point of the loaded section, For sections 
sufficiently away from the diaphragm, the values of 
Ny are hardly influenced by the presence of inter­
mediate diaphragm as can be seen in Fig. 12. 

Transverse Normal Forces 

The experimental and theoretical results for 
transverse normal forces Ny are summarized in Tables 
1, 2 and 3. The agreement between the experimental 
and theoretical values are in general not very good, 
The experimental results give smaller values but it 
can be clearly seen that the transverse normal force 
is insignificant for the model without intermediate 
diaphragm except in the vicinity of the loaded joint. 
With intermediate diaphragms, the concentrated dia-
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phragm reactions introduce significant values of Nv 
locally in the neighborhood of the joints, For va= 
lues at three-eighth-span, the influence of the in­
termediate diaphragms on Nx are hardly evident. The 
difference between experimental and theoretical va­
lues may be due to the convergence of the series so­
lution in the theory. Also, at the loaded section, 
the theory does not take into account the effect of 
symmetrical loading on the transverse normal force 
in the web. Moreover, the cross-bracing diaphragm 
attached to the plate element may be giving addi­
tional transverse stiffn~ss to the plate element 
which may also contribute to this discrepancy be­
tween the theoretical and experimental results for 
Nx. 

Conclusions and Practical Applications 

1. The distortion of the cross-section of a box 
girder without intermediate diaphragm is more pro­
minent when loaded along the side-joints. With one 
intermediate diaphragm the distortion at the loaded 
section remains practically the same when the dia­
phragm is sufficiently away from the applied loads, 
but is considerably reduced when the diaphragm is 
near the load. 

2. The use of intermediate diaphragm decreases 
effectively the cross-sectional distortion, in­
creases the overall stiffness of the bridge and re­
distributes the longitudinal normal forces. 

3 . For side-joint loading, the deflection along 
the left profile passing through the loaded joints 
for the case without intermediate diaphragm is 
larger than that for the case with intermediate dia­
phragms while the situation is reversed at the other 
side-joint. 

4. In general, the experimental values confirm 
the theoretical predictions on the influence of in­
termediate diaphragms on the load distribution in 
a double-cell box girder bridge. Careful considera­
tion must be taken in designing these intermediate 
cross-bracing diaphragms to satisfy the assumptions 
made in the theory. For model studies, it is re­
commended to use a different material for the inter­
mediate diaphragms especially one which is consi­
derably stiffer compared with the other components 
of the model and to make it slender enough to eli­
minate the occurrence of resisting moments at the 
joint as much as possible. 

5. Since transverse stresses are relatively 
small, transverse stiffness is therefore more s igni­
ficant than transverse strength in the design of 
intermediate diaphragms. 

The reversible nature of the transverse normal 
stresses necessitates that r~RtriC'.t nm;; shcn1ld be 
imposed in the design such that low strength limits 
are prescribed in order to avoid fatique failures. 

List of Symbols 

b 
D 
E 

M ,M 
x y 

Mxy'Myx 
N ,N x y 

p 

t 

span length of the bridge 
flexural rigidities of decks and webs 
modulus of elasticity 
transverse and longitudinal bending mo­
ment per unit length respectively 
torsional moment per unit length 

transverse and longitudinal normal forces 

vertical concentrated load 
thickness of decks and webs 

w vertical displacement 
y longitudinal position of cross-section 
V Poisson's ratio 
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Summary 

An experimental study on the influence of inter­
mediate cross-bracing diaphragms on the behavior of 
a simply supported double-cell box girder bridge has 
been carried out. A model made of perspex was 
tested under various loading conditions and the test 
results are compared with theoretical values sug­
gested by NIMITYONGSKUL, PAMA and LEE [10]. The 
experimental results for deflection and longitudi­
nal normal forces are shown to be in good agreement 
with the theoretical results. This study showed 
that the use of intermediate diaphragm decreases 
effectively the cross-sectional distortion through­
out the span, increases the overall stiffness of the 
bridge and redistributes the longitudinal normal 
forces. 

Table 1. Transverse normal forces Nxb due to unit load at quarter-span. 

(a) Unit load at left edge 

Theoretical Results Experimental Results 

Point Without One Three Without One 
Diaphragm Diaphragm Diaphragms Diaphragm Diaphragm 

Ml -0.560 1.470 2.475 0.400 1.000 

M2 0.150 1.170 0.235 0.100 1.250 

M3 0.300 17.370 11.800 0.600 3.200 

Ql 4.310 3.940 3.990 4.230 4.100 

Q2 24.840 24.670 20.600 -10.800 -13.400 

Q3 4.435 4.045 16.910 4.350 5. 700 

(b) Unit load at center 

Theoretical Results Experimental Results 

Point Without One Three Without One 
Diaphragm Diaphragm Diaphragms Diaphragm Diaphragm 

Ml 0.100 3.370 3.335 0.215 1. 720 

M2 0.350 2.000 0.180 0.650 1.400 

M3 0.150 10.350 10.420 0.220 0.800 

Ql 0.100 0.150 12.135 0.170 0.450 

Q2 6.020 8.035 9.360 5.000 2.900 

Q3 -12.040 -12.150 6.260 19.500 -3.350 
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Three 
Diaphragms 

1.400 

0.100 

3.100 

-8.850 

-16.550 

10.800 

Three 
Diaphgrams 

1. 700 

0.430 

0.820 

14.650 

8.630 

2.820 
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Table 2. Transverse normal forces N b due to unit load at three-eighth-span. 
x 

(a) Unit load at left edge 

Theoretical Results Experimental Results 

Point Without One Three Without One Three 
Diaphragm Diaphragm Diaphragms Diaphragm Diaphragm Diaphragms 

Ml -0. 210 0.570 -4.030 0.105 0.300 -3.100 

M2 0.225 -1. 795 -1. 250 0.150 -1.500 -1. 000 

M3 0.510 19.615 24.300 0.200 1. 750 4.250 

TE
1 

2.830 2.340 3. 740 2.400 2.250 3.050 

TE
4 

46.170 46.150 46.680 26.200 24.500 23.000 

TE
5 

4.065 4.640 3.815 3.950 4.600 4.000 

Ql -0.640 -0.120 5 .140 -0.420 3. 750 -7.500 

Q2 -0.330 -0.980 -1. 880 -0.050 -1. 700 -2.000 

Q3 0.435 0.320 10.800 -0.050 -7.050 2.000 

(b) Unit load at center 

Theoretical Results Experimental Results 

Point Without One Three Without One Three 
Diaphragm Diaphragm Diaphragms Diaphragm Diaphragm Diaphragms 

Ml 0.185 4.535 6.055 0.395 5.050 7.400 

M2 0.205 10.465 3.875 0.550 6.200 3. 700 

M3 0.365 13.665 14.000 0.160 5.250 5.500 

TE
1 

0.570 0.570 0.270 0.850 0.900 0. 700 

TE~ 3.470 9.650 6.460 3.000 8.300 5.500 

TE
5 

-1. 960 -1. 290 -1.460 -1.400 -1.000 -1.100 

Ql 0.285 0.375 10.420 0.120 0. 700 9.000 

Q2 0.140 0.470 4.290 0.050 0.200 3.100 

Q3 -0.010 0.105 4.970 -0.100 0.060 6.500 

Table 3. Transverse normal forces N b due to unit load at mid-span. 
x 

(a) Unit load at left edge 

Theoretical Results Experimental Results 

Point Without One Three Without One Three 
Diaphragm Diaphragm Diaphragms Diaphragm Diaphragm Diaphragms 

M l 2.310 -6.020 -7. 310 3.100 -3.200 -3.100 

M 2 0.220 3.500 -2.920 -0.250 3.300 0.250 

M3 0. 710 28.040 30.670 1.050 5.050 6.055 

Ql -0.590 -0.090 8.125 -0.205 -0.200 5.850 

Q2 -0.190 -0.035 0.690 0.150 -0.600 0.950 

Q3 -0.255 -0.015 4.765 0.550 -0.550 4.640 



(b) Unit load at center 

Theoretical Results Experimental Results 

Point Without One Three Without One 
Diaphragm Diaphragm Diaphragms Diaphragm Diaphragm 

Ml -1.880 6.075 6.815 -1. 650 4.850 

M 4.040 6.550 7.420 3.300 6.055 
2 

Ms 0.575 16.780 17.800 0.650 6.400 

QI 0.315 -0.025 8.995 0.300 -0.240 

Q2 0.070 -0.005 0.795 -0.150 0.550 

Q3 0.500 -0.080 3.800 -0.640 -1. 050 

Figure 1. Simply supported double-cell box girder bridge. 
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(a) Sifl1>IY supported box gl rder bridge 

(b) Cross -section of the box girder 

Figure 2. Components of loading. 
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Figure 3. Positive directions of bending and membrane 
stress resultant. 
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~· igur e 4. Lo ca ti on of strain gag es . 

(a) At quarter - span 

( b) At mid-span ( c) At three - eighth- span 

Figure 5. Test set-up. 

Figure 6. Deflections (w)(D/b 2
) x 10 4 due to unit load at quarter-span. 
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Figure 7. Deflections (w)(D/b2 ) x 104 due to unit load at midspan. 
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Figure 8. Deflections (w)(D/b 2 ) x 104 due to load at three-eighth-span . 
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Figure 9. Longitudinal nonnal forces (N /t) x 10-
2 

at M and M • 
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Figure 10. Longitudinal normal forces (N /t) x 10-
2 

at M and Q . 
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-2 
Figure 11. Longitudinal normal forces (Ny/t) x 10 at Q
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Figure 12. Longitudinal normal forces N b at y/b = 3/8 due to unit load at three-eighth-span. 
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DYNAMIC RESPONSE OF BRIDGES 

GP Tilly, Transport and Road Research Laboratory 

Bridges can be excited by the action of wind, 
vehicles, or pedestrians. Whereas there are 
well developed methods to calculate dynamic 
behaviour, there have been comparatively few 
correlations with full scale measurements. The 
Transport and Road Research Laboratory has there­
fore undertaken a programme of research to 
measure the response of selected bridges to such 
loading. The work has also included tests in 
which the bridges were excited by an energy 
input device and damping values were measured 
from free decays. 

Response to wind has been measured for two 
steel box girder bridges having orthotropic 
decks. Automatic self-switching equipment was 
used to record bridge acceleration, wind speed 
and direction, when wind speeds exceed a thres­
hold level. Response to traffic has been 
measured for a multi-span steel box girder 
viaduct having a concrete deck. Response to 
pedestrians has been measured for a variety of 
types of footbridge. 

Measured values of bridge response are 
compared with calculated values using procedures 
recommended in the new British Design Standard. 

The dynamic response of bridges is an important 
aspect of design which has attracted a very consider­
able volume of research. Most examples of vibration 
leading to collapse have been due to excitation by 
wind, for example the Brighton Chain Pier in 1833 and 
other cases up to the more recent and well publicised 
Tacoma Narrows Bridge. There have also been cases of 
serious damage due to pedestrian induced vibration 
dating as far back as the Broughton case iron chain 
bridge which collapsed in 1831 and several foot­
bridges have been 'bounced' off their bearings in 
recent years. There are no known cases of damage to 
main components due to traffic induced vibrations 
but there have been examples of fatigue failure of 
components, such as cross-bracing, that can 
resonate. 

Despite the depth of the literature on dynamic 
behaviour, it has been found that there are inade­
quate data in several important areas. For example 
there have been surprisingly few well documented 
studies of the damping behaviour of modern steel 
structures and prior to the work described in this 
paper no damping data were available for welded steel 

box girder bridges. Similarly, there have been few 
comprehensive measurements of response to wind and 
it has not been possible to check the accuracy of 
design analyses beyond confirming that behaviour is 
stable. The situation with regard to traffic 
induced vibration is more satisfactory and there 
have been a number of measurements of movements and 
stresses. Nevertheless, these have been mostly con­
cerned with relatively short span bridges and less 
attention has been given to the longer spans which 
are often very lively. Vibration of footbridges is 
not generally considered to be a major problem 
because unduly lively behaviour can usually be recti­
field relatively cheaply. There is however the 
question of human tolerance. Although active people 
can tolerate high levels of vibration, elderly and 
infirm people have a much lower tolerance. In addi­
tion it is unwise to build bridges that can deliber­
ately be excited to high amplitudes of vibrations by 
vandals. Recent work by TRRL on footbridges has 
been to determine what constitutes lively behaviour 
and to compare measured response with calculations 
using formulae given in the new British Standard. 

1. Damping 

Damping is the term used to describe the dissipa­
tion of energy in a vibrating structure. There are 
a variety of mathematical expressions used to repre­
sent damping, the most common ones being logarithmic 
decrement and fraction of critical. Logarithmic 
decrement, o, is most conveniently measured from a 
free decay and is given by 

a 
m 

a 
m+n 

where a is amplitude of vibration, mis the number of 
cycles along the decay at which measurement is 
started, and n is the number over which the measure­
ment is made. Fraction of critical damping,s, often 

expressed as a percentage, is given by ~ where C is 

damping and Cc is critical damping. 

0 
between s and o is s = 2-:;;" for low 

c 
The relationship 

values of damping 

typical of those in the range of superstructure 
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behaviour. In this paper logarithmic decrement is 
used exclusively. 

Values of damping are required for calculation 
of structural response to transient or cyclic forces. 
In a recent review of the literature (1) attention 
was drawn to the distinction between different types 
of damping. Material damping is related to the steel 
or concrete and is a function of the energy dissipa­
tion by internal mechanisms. Numerous tests have 
been conducted on a laboratory scale and relatively 
wide ranges of values have been reported. After 
elimination of some extreme values and one or two 
questiono_ble results, consensus ranges of damping 
are as given in Table 1. (Component damping refers 
to individual beams). 

Table 1. Typical values of damping 

Material Component Bridge 

Steel 

0.002 to 0.008 0.004 to 0.03 0.02 to 0.06 

Concrete 

0.01 to 0.06 0.02 to 0.06 0.02 to 0.1 

Values of component damping are higher than for the 
constituent materials because there are additional 
losses of energy associated with the fabricated 
product. This is less apparent for concrete whose 
main mechanism of damping is associated with relative 
movements at cracks and internal flaws which are 
present in both the basic material and in cast beams. 
The belief that prestressed concrete exhibits lower 
damping than reinforced concrete is not supported by 
such data as are available; laboratory tests on 
beams with and without prestress have not shown any 
significant differences in damping (2) (3). Steel 
has damping values which are approxi;;;-at-;ly one tenth 
of those for concrete. Damping is influenced by the 
type of steel but values are unlikely to differ 
significantly for different constructional steels. 
Steel beams have differing damping according to the 
method of fabrication, see Table 2. (derived from 
references 4 - 8) 

In making comparisons between the different forms 
of fabrication it should be noted that values are 
influenced not only by testing techniques but are 
also dependent on amplitude of vibration. Hence com­
parisons may not be like with like because some 
investigations involve lower amplitudes than others. 
Nevertheless the general trends given in Tables 1 

Table 2. Damping values for different types of steel beam 

Rolled 
I-Beams Bolted 

Loose 

Riveted Welded 

and 2 are intuitively correct and are confirmed where 
different investigations have overlapped. The depend­
ence of damping on amplitude of vibration occurs for 
both concrete and steel. In all cases the trend is 
for logarithmic damping to increase with amplitude 
by up to 500 per cent. 

Damping values of bridges are higher than for 
either the constituent materials or the components, 
as shown in Table 1. The increases are due to extra 
forms of energy dissipation such as relative movement 
at joints and interaction with substructure. 
Although concrete bridges tend to have slightly 
higher values of damping than steel bridges; struc­
tural form is the dominant feature in determining 
performance. Few comparisons can be made between 
steel and concrete because design philosphies differ 
and it is difficult to find comparable bridges hav­
ing main features that are similar. 

Testing steel bridges presents problems because 
the most important structures have long spans which 
require special techniques. Furthermore long-span 
bridges are usually situated on major roads which 
cannot be closed to traffic even for brief times 
during off-peak periods. A variety of methods of 
excitation have been adopted by different investiga­
tors such as the use of a test vehicle driven across 
a plank, sudden release of deflection, single-pulse 
loading (rockets) and resonant loading •• The latter 
method has been used almost exclusively in the TRRL 
work. The excitation equipment, called an energy 
input device, has a set of weights which are 

Figure 1. Energy input device and towing vehicle 

reciprocated in a vertical plane by hydraulic actua­
tors (_!2), Figure 1. In one exceptional case the 

Attached to 
Concrete 
Slab 

0.003 to 0.007 0.01 to 0.07 0.006 to 0.02 0.004 to 0.008 0.04 to 0.11 

0.005 to 0.03 



main 213m span of the Cleddau Bridge at Milford 
Haven was excited-by the sudden release of deflec­
tion produced by suspending a 32.7Mg weight (11), 
Figure 2. Because of the difficulties in testing 

Figure 2. Excitation of the Cleddau Bridge 

Figure 3. Influence of amplitude on damping 
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long-span bridges a programme of tests was conducted 
on steel footbridges having relevant configurations. 
The resulting values of damping for six footbridges, 
had extremes of 0.015 to 0.10 and typical values of 
0.02 to 0.06. The measurements of the long-span 
Cleddau bridge gave damping of 0.043 to 0.059 which 
is within this range and gives some support to the 
belief that behaviour of footbridges is relevant to 
the general study. Typical curves of damping against 
amplitude of vibration are given in Figure 3. The 
relationship, shown schematically in Figure 4, 
involves values of damping which increase from a low 
value close to the constituent material damping to 
an upper-level at higher amplitudes. The former 

Figure 4. Schematic representation of damping 
behaviour . 

Damping values typii:::al of 
multi-span steel or composite 
bridges 

Lower· level damping, 0.006 - 0.01 

(Material damping is 0.002 to 0.008 for steel and 0.01 to 0.06 for concrete) 

Amplitude of vibration 

occurs at amplitudes which are too low to have 
structural significance and it is the upper-level 
damping that is usually relevant to calculation of 
bridge response. Values quoted in this paper as 
being typical are representative of upper-level 
damping. 

When composite bridges were introduced, having 
concrete decks structurally attached to steel beams, 
there was concern that the response to traffic in­
duced vibration could be livelier than for earlier 
types of bridges. As a result several research 
projects were set up and measurements were made of 
dynamic characteristics of different types of com­
posite bridge. The damping values from these 
investigations are in the range 0.05 to 0.10 which 
is higher than values for wholly steel bridges but 
similar to slender concrete bridges (1). In the 
programme of tests by TRRL on sixteen-composite 
bridges (9) , damping ranged between extremes of 0.02 
to 0.13 b;t typical values were between 0.05 and 
0.07. One of the main points to emerge from the 
tests on steel and composite bridges was that single-span 
structures exhibit higher damping values, 0.05 to 
0.13, than multi-spans which have values of 0.01 to 
0.08, Figure 5. In cases where measurements were 
made on different parts of the substructure, it was 
found that significant vibrations occurred so that 
a substantial contribution to damping may be made at 
interfaces such as between the ground and an abut­
ment. The higher damping exhibited by single-span 
steel bridges is a general trend that emerged from 
the testing of typical examples of modern bridges 
but it does not follow that single-span bridges 
need necessarily have high damping. Clearly it is 
possible to have weak links to the superstructure 
so that significant movements are not transmitted to 
the substructure. In cases where damping is assoc­
iated with the superstructure alone the situation 
is akin to vibration of a beam and damping values 
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Figure 5 . Damping values for single and multi-span 
bridges 
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can be very low. Welded box girders, whether 
having steel or concrete decks, can have very low 
damping. Of eighteen steel box girder bridges 
tested, four had upper-level damping values of less 
than 0.03. These low values are partly due to the 
low damping of welded plates as distinct from older 
types of construction such as trusses and partly due 
to simple supports which permit little interaction 
with the superstructure. 

In order to be able to study damping of steel 
box girders under more closely controlled conditions, 
a 30m rectangular steel beam has been erected at 
TRRL. The beam is 2.44m wide and 0.92m deep, and 
is supported on concrete piers, Figure 6. The 

Figure 6. 30m experimental steel box girder 

testing programme involves measurements of damping 
for several types of bearing and with the addition 
of different types of surfacing, eg concrete or 
mastic asphalt. It is intended to assess the cont­
ributions to overall damping of these different 
features, using full scale components in a manner 
not previously possible. In the work to date, it 
has been found that with the beam supported on 
simple rubber pads at each end, the damping is0,008. 

This is in the range for intrinsic material damping 
of steel and it is clear that there is little if any 
contribution from other mechanisms. With a system 
composed of rocker bearings at one end and sliding 
bearings at the other, considerable movement was 
transmitted to the piers and the damping was 0.012. 
The extra component was due to dissipation of energy 
at the sliding bearings and between the piers and 
the ground. 

Most reported work on concrete bridg12s has Lee11 
on relatively short spans and there have been very 
few tests on modern longer span concrete structures . 
Measured values of damping, excluding some extreme 
values, are in the range 0.02 to 0.10. There is no 
clear evidence to support the generally held view 
that damping of prestressed bridges is any lower 
than that of reinforced bridg.es. Two similar conc­
rete footbridges were tested by TRRL, one reinforced 
the other post-tensioned. The respective span 
lengths were 10.7m - 36.Bm - 10.7m and 15.3m - 33.6m 
- 15.2m, both had suspended centre spans. The rein­
forced footbridge had a damping value of 0.044 
whereas the post-tensioned footbridge had a value of 
0.065. There are several reported cases of pre­
stressed structures having very low damping but this 
may be due to slim superstructures which can vibrate 
without interaction with abutments or piers, rather 
than the fact that the concrete is prestressed . 

2. Measured Bridge Response 

2.1 Wind Induced Vibration 

Measurements of wind induced vibrations by TRRL 
have been made on two long-span steel box girder 
bridges (12). The first was the Cleddau Bridge at 
Milford Haven mentioned in Section 2. Earlier wind 
tunnel tests had predicted that large wind induced 
vibrations could develop and consequently a damping 
device was fitted inside the box (13). Measurements 
were made of wind induced vibratio-;:;-; during a 5~ 
month period to check behaviour with the damper 
inoperative. Accelerometers were positioned at the 
centre of the span and at quarter points. Wind speed 
and direction were measured using an anemometer and 
wind vane at the top of a 6m high mast positioned 
at the leading edge of the structure for winds 
blowing onshore. The indicated wind speed was cor­
rected to free stream wind speed using a factor of 
20 per cent which was obtained from.wind tunnel 
tests. During the time the measurements were 
taken, the predicted critical windspeeds of 21 and 
23m/s were experienced on several occasions. The 
maximum amplitude of movement never exceeded ±28mm 
in any of the occurrences and was substantially 
lower than predicted by the wind tunnel tests for 
either laminar or turbulent flow, Figure 7. However 
the response could be under-estimated from these 
measurements because there are insufficient data for 
the higher wind speeds and it is possible that the 
maximum respones could develop at speeds above the 
predicted values. Furthermore, the wind speeds may 
not have been sustained for long enough to cause the 
bridge to develop maximum response. 

The second bridge whose wind response has been 
monitored is the Wye Bridge which has a 235m cable­
stayed main span. During the first two years in 
service, between 1966 and 1968, there were several 
reported instances of relatively severe vibration 
but since that time the response has apparently been 
considerably less. Wind tunnel tests have predicted 
that a response of ±64mm can develop for damping of 
0.03 and a wind blowing at 7.8 to 9.2m/s normal to 
the superstructure. The measurements on Wye Bridge 
were after the work on Cleddau Bridge and used 



Figure 7. Comparison of measured and predicted 
deflection for Cleddau Bridge 
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specially constructed equipment for automatic data 
acquisition, ADA, not previously available (~3). 

This equipment constantly monitors three anemom­
eters and an accelerometer. The anemometers are 
mounted orthogonally at the end of a 7m long hori­
zontal boom positioned outwards from the leading 
edge at the centre of the span. The accelerometer 
is fixed inside the box also at the centre of the 
span. By suitable combinations of the signals from 
the anemometers the ADA is constantly informed of 
the direction and magnitude of the wind vector

0 
When it is in the horizontal plane, within ±40 
of the normal to the bridge, and its magnitude 
exceeds a predetermined level, outputs of the four 
sensors are recorded on analogue tape for a period 
of 8 minutes. The equipment was first installed on 
the bridge in March 1976 and will remain in use for 
several years. It has not been continually opera­
tional because it was necessary to move it when 
maintenance operations were carried out on the box. 
Up to 1978 there have been a number of occasions 
when sustained oscillations developed in the struc­
ture. The maximum measured response is ± 18mm at 
0.46Hz. 

2.2 Traffic Induced Vibration 

Measurements of traffic induced vibrations have 
been made on the Tinsley Viaduct. This structure 
had been found to require extra strengthening when 
reassessed using updated design criteria. It was 
decided to measure traffic induced vibrations 
before the strengthening in order to assess the 
dynamic performance. The bridge is two-level with 
twenty spans and a total length of 1032m. The 
superstructure is composed of steel box girders 
with concrete decks (12). Measurements were made 
of the deflections of°""the upper motorway level of 
the eighteenth span under normal traffic, using a 
cantilever deflection gauge. The data were record­
ed on analogue tape during four one-hour periods. 
The superstructure deflected as a continuous beam 
so that uplift as well as downward deflections 
were recorded. Vehicles were assessed by observa­
tion and those which appeared to be less than 15kN 
were excluded. During the four hours recording 
there were 914 north-bound vehicles and 744 south-
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bound vehicles exceeding 15kN. It was found that the 
maximum uplift was 5mm and the maximum downward 
deflection was 14.4rnm. Most occurrences were in the 
range ±2mm, see histograms in Figure 8. These move-

Figure 8. Histograms of traffic induced deflections 
measured on Tinsley Viaduct 
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ments are very small in relation to the size of the 
structure; the maximum vibration component of ±2.6mm 
is less than half the recommended tolerance limit to 
pedestrian comfort. 

Measurements of traffic induced vibrations on 
other bridges have given similar data. 

2.3 Response to Pedestrians 

Modern long-span bridges, although designed to 
be stable under the action of wind, tend to be lively 
under traffic. The vibration is often very notice­
able to pedestrians and may be uncomfortable to 
motorists in stationary vehicles because movements 
can be amplified by the suspension system. This is 
not usually considered to be a serious problem 
because the vibrations generate negligible stresses 
in the superstructure. The consideration of human 
tolerance in such cases has not been a serious 
issue either. This is partly because the vibrations 
are not high enough to cause serious concern and 
partly because pedestrians who walk along heavily 
trafficked long-span bridges tend to have a higher 
tolerance. Footbridges excited by the pedestrians 
themselves present a different situation because 
they serve a large proportion of elderly and 
infirm people. In several cases it has been necces­
ary to amend designs at a late state in construction 
or after completion. The question of pedestrian 
tolerances is very subjective and limits are depend­
ent on features such as frequency and amplitude of 
vibration, duration of exposure, whether walking or 
standing, and the psychological attitude of the 
pedestrian. After consideration of earlier work, 
the tolerance limit proposed for the British Standard 

is an acceleration of ±~,/"f0 where f
0 

is the funda­

mental natural bending frequency in Hz. Frequencies 
above 5Hz are not considered to present any problem. 
The background to the recommendations is given in 
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Reference 14. Simplified and generalised formulae 
are given for calculation of bridge response. For 
bridges of up to three spans the simplified method 
gives acceleration by the expression 

4 11 2 f 2 Y K iJi 
0 s 

m/s2 

h · static deflection due to a vertical were ys is 

load of 700 Newtons at mid point of the longest span. 

K is a configuration factor 

1jl is a dynamic response factor depending on 
damping. Values recommended for damping 
are 0.03 for steel, 0.04 for composite 
(steel beams with concrete deck) and 0.05 
for concrete bridges. 

For frequencies greater than 4Hz the calculated 
acceleration may be reduced by an amount varying 
linearly from zero reduction at 4Hz to 70 per cent 
reduction at 5Hz. Alternatively response can be 
calculated by a general method where the load 
applied by a pedestrian is given by 180 Sin 211f

0 
t 

Newtons, moving at a speed of 0.9 f
0 

m/s, t being 

time in seconds. 
In the tests on footbridges by TRRL characteris­

tics that are measured include static stiffness 
under concentrated loading, bending frequencies, 
mode shapes, damping, and response to pedestrians. 
Measured data of this type can be used to check the 
accuracy of calculated frequencies and response. 
Although considerable attention has been given to 
the development of accurate methods to calculate 
dynamic behaviour, few comparisons have been made 
with field measurements. In practice, the accuracy 
of calculations is influenced by features such as 
the support conditions which are difficult to 
express numerically. The methods and assumptions 
used to calculate dynamic behaviour of superstruc­
tures in the TRRL work have been described by 
Wills (15). Briefly, the calculations of frequency 
were made" for free undamped vibration. Effects of 
rotary inertia and shear deformation are neglected. 
Bridge superstructures of variable depths have been 
considered. In calculating flexural rigidities, the 
whole cross-section including parapet upstands for 
continuous superstructures, is assumed to contribute 
fully to stiffness without reduction for shear lag. 
Hand rails and surfacings are ignored. Reinforce­
ment is neglected and the dynamic modulus of con­
crete is used. This varies with concrete strength 
but gives a modular ratio of 5 to 6. Using these 
assumptions, the fundamental frequency can usually 
be calculated to within ±10 per cent of the 
measured value. Four of the lively footbridges, two 
steel and two concrete, are examined in relation to 
calculated response to pedestrians, Table 3. The 
resulting figures confirm that the two formulae 
give similar results. Furthermore the calculated 
accelerations correlate reasonably well with the 
measured ranges which are themselves very dependent 
on the pedestrians in question. The calculated 
response for the Wetherby footbridge exceeds the 
tolerance limit but measured responses for a single 
pedestrian on all the bridges were below the toler­
ance limit. Where responses were measured for two 
pedestrians walking in step, the values were 
approximately twice as high as for single pedest­
rians. Responses for wa lking and running across 
the two concrete footbridges are shown in Figure 9. 

Figure 9. Responses of concrete footbridges to 
one pei:-son walki1-1g a1-.c1 ruuniuy, 111eet.8ure<l at mid-span 
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In cases where bridges are found to be unduly 
lively remedial action can usually be taken relative­
ly easily. This is illustrated by a slender steel 
box girder footbridge at Clapton-in-Gordano which 
could not be adequately assessed before construction 
due to doubts about what damping value should be 
assumed. When built, the bridge was found to have 
damping of 0.005 for amplitudes of vibration of up 
to ±6mm. This damping is unusually low and permitted 
unacceptably lively behaviour because the tolerance 
limit converted into deflection, is ±6mm, which 
could easily be exce eded by a pedestrian. The lively 
behaviour was cured by fitting friction dampers 
against the abutment at the free end of the bridge 
and in the sleeve joints between the hand rails. 
The addition of the handrail damper increased the 
overall damping to 0.012 at ± 4mm rising to 0.035 at 
±24mm. The damper at the bearing raised the values 
to 0.055 at ±3mm, Figure 10. The small reduction in 
damping at higher amplitudes is typical of friction 
damping. In cases of continuous multi-span bridges 
it may not be convenient to add friction devices and 
use of tuned dynamic absorbers is a more attractive 
solution. Vibratio1-1 absorbers 11a..ve Leeu ut>eU ::>ucc.:es­
sfully for bridges found to be susceptible to wind 
induced vibration (13) (16). Their performance has 
been demonstrated r-;;ently on the 30m steel box 
girder at TRRL. The dynamic characteristics were 
investigated by exciting the beam using a small 
version of the energy input device ie a vibrating 
mass reciprocated in a vertical plane by a hydraulic 
actuator. The excitation was carried out at differ­
ent frequencies so that response/time curves could be 
plotted for the beam with and without addition of the 
dynamic absorber, Figure 11. The reduction in 
response can be seen to be very significant. 



Table 3. Calculated and measured values of dynamic 
response of footbridges 

Freque ncy, 
f , 
H~ 

Calculated 
response 
m/s 2 

Bridge 
Calcu­
lated Measured 

Simpli­
fied 
method 

General 
method 

Steel 

Craigie Park, 
Ayr 3.30 3. 11 0.58 0.57 
River Wharfe , 
Wetherby 2.62 2.62 0.97 0.88 

Concrete 

Brackendale 
Road, Cam-
berley 3.04 2.82 
1 pedestrian 0.24 0.20 
2 pedestrian 0.48 0.40 
Cottesmore, 
Oxford 1.69 1.89 
1 pedestrian 0.28 0.22 
2 pedestrian 0.56 0.44 

*Pedestrians walking in step with a metronome 

Figure 10. Influence of extra dampers on first 
mode behaviour of Clapton-in-Gordano footbridge 
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Figure 11. Effect of tuned absorber on vibration 
of 30m steel box girder 
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3. Conclusions 

1. Damping values of bridges and their component 
materials increase with amplitude of vibration. 
Typical upper-level values are 0.02 to 0.06 for 
steel, 0.05 to 0.10 for composite (steel beams with 
concrete decks) and 0.02 to 0.10 for concrete 
bridges. 

2. Measurements made lo dale, uf the response 
of two long span steel bridges to wind, indicate 
that amplitudes of vibrations are less than values 
predicted from wind tunnel tests. 

3. Traffic induced vibrations are not a serious 
problem for modern bridges. Amplitudes of movement 
are relatively low and involve low stresses and 
accelerations below the levels for human tolerance. 

4. Pedestrian induced vibration of footbridges 
can sometimes present problems. However calculated 
responses correlate with measured behaviour and 
show that proposed design procedures give adequate 
guidance. 

5. Lively bridges can be deadened by the 
addition of extra damping or vibration absorbers. 
Such methods are considered preferable to structural 
modifications such as stiffening the superstructure 
or reducing span lengths. 
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DYNAMIC RESPONSE OF A SINGLE TR.ACK RAILWAY TRUSS BRIDGE 

C. L . Dhar and K. H. Chu, Illinois Institute of Technology. 
V. K. Garg, Association of American Railroads 

A lumped mass model of a railway truss bridge is 
developed. The model considers only the vertical 
degree of freedom of each truss joint. The 
vehicle system is idealized as a three degree of 
freedom model consisting of the carbody and 
wheel-axle sets. Dynamic interaction equations 
for the bridge-vehicle system are derived and 
solved using the numerical integration method. 
Impact factors for member forces and nodal 
deflections are generated under the action of a 
single or a series of three moving vehicles. 
Finally, a limited parametric study is perform­
ed to determine the influence of vehicle speed, 
vehicle suspension characteristics and sprung 
mass on impact factors. 

The subject of bridge impact* has been of great 
interest to many investigators and researchers since 
the middle of nineteenth century. A detailed review 
on this subject has been given in [l]. During the 
past two decades, a considerable amount of analytic­
al and experimental research work has been conducted 
for highway bridges. A general scheme for analysing 
the vibration problem of highway bridges due to 
moving vehicles has been given in [2]. This method 
includes a realistic model of the vehicle to study 
the interaction between the bridge and the vehicle. 
To date, only a very limited amount of theoretical 
work has been done to study such interaction for 
railway bridges. 

The first analytical approach to the railway 
bridge vibration problem was suggested by Willis [3] 
in 1849. Subsequently, Robinson [4] in 1884 conduct­
ed bridge impact tests and compared them to a 
simplified analysis. In the early 20th century, 
significant contributions to the development of a 
general theory of bridge vibration were made by 
Timoshenko [5] and Inglis [6]. Schallenkamp [7] in 
1937, presented a rigorous closed form solution for 
the case of a smoothly rolling load in which he 
included both the mass of the load and the mass of 
the bridge. Looney [8] in 1944, using a numerical 
procedure, obtained solutions of the problem with 
multiple masses. 

In the U.S.A. the most complete series of tests 
on railroad bridges were conducted by the sub-

committee of American Railway Engineering 
Association (AREA) under the direction of Turneaure 
[9] in 1911. The results of these tests were impact 
formula that were used in the design of railroad 
bridges until 1935. 

In 1935, Hunley [10] collected data for static 
and dynamic deflection of 39 different railroad 
bridges under approximately 300 different 
locomotives. He also secured additional data on 
damping coefficients for bridges. The AREA 
(American Railway Engineering Association) design 
specifications for railroad bridges were revised in 
accordance with Hunley's recommendation for impact 
effects and were used until 1948. Subsequently, 
extensive field and laboratory tests were conducted 
by the Association of American Railroads for steel, 
concrete and timber railroad bridges. These tests 
are described by Ruble (11]. More recent tests are 
published in AREA proceedings. Based on these tests 

the present AREA design specifications for impact 
on railroad bridges were developed. 

The objective of this study is to examine the 
vertical dynamic response of a truss railway bridge 
to the passage of one or a series of railway 
vehicles. Only vehicle in its normal operating 
condition has been considered. The effects of 
vehicle hunting or vehicle breaking resulting in 
lateral or longitudinal motion of the bridge are 
neglected. The bridge is analyzed as a multi-degree 
of freedom system; and the vehicle is represented 
realistically as a four-axle sprung load unit with 
three degrees of freedom. In the analysis, input 
due to track irregularities is neglected and only 
the elastic interaction between the bridge and 
vehicle is considered. The equations of motion for 
the vehicle-bridge system, including the vehicle­
bridge interaction, are developed and solved to 
generate dynamic impact factors for member forces 
and nodal deflections. A limited parametric study 
has been performed to determine the influence of 
vehicle speed, vehicle suspension characteristics 
and sprung mass on impact factors. 
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Vehicle-Bridge System Model 
A lumped mass model of the truss briage in which 

the masses are assumed to be concentrated at each 
truss joint, is considered. The truss joints are 
assumed to be pin-connected. Half of the mass of 
each member is contributed to the joints it connects . 
The floor system of floor-beams, stringers and the 
track system is lumped to the bottom chord joints. 
The cross-beams are assumed to be pin-connected to 
the truss joints and secondary effects are neglected . 
The wheels of the vehicle are assumed to remain in 
contact with the track at all times. All displace­
ments are assumed to be small. Only the vertical 
degree of freedom is assigned to each truss joint. 
The truss flexibility coefficients are obtained by 
the deflections caused by a unit load applied at 
each joint one at a time. The effect of rotary 
inertia and non-linearity of material or deformation 
are neglected in the analysis. 

The vehicle system is idealized as a three 
degree of freedom model of a railway vehicle 
consisting of a rigid car body and four axle sets, 
Fig.l. The two, 2-axle trucks are assumed to form 
a part of the car body as in the actual vehicle. 
The three degrees of freedom assigned to the vehicle 
correspond to bounce, pitch and roll motion. In the 
model, the primary and secondary suspension system 
are considered as linear springs in series and 
replaced by an equivalent spring. Damping in the 
suspension systems is small and consequently 
neglected. This simplified model has been chosen, 
after it was found that its bounce, pitch and roll 
frequencies are quite close to the.test values and 
to a more complex ten degree of freedom model of 
the vehicle. 

Equations of Motion 
D 1Alembert's principle of dynamic equilibrium is 

used to write the equations of motion. By equating 
the external and internal forces we get: 

rMJ (DJ + [CJ [DJ + [KJ [DJ = [F(x,t)] (1) 
where 

~MJ Mass matrix of the truss 
[KJ Stiffness matrix of the truss 
[CJ Damping matrix of the truss 

or [CJ aw1 1'MJ+b[KJ, where a and bare scalar 
constant and w1 is the fundamental circular 
frequency. In the analysis 

[CJ = aw1~MJ (2) 
is used. 
[F(x,t)J vector of applied nodal loads, due to 

interaction between the moving vehicle 
and the bridge. 

[DJ = [v1 , v 2 , ----vn]T = joint displacement 
vector. 

Here v is the vertical displacement and subscript 
denotes the joint number. 

[DJ, (DJ = joint velocities anc;J accelerations. 
Equations of motion for vehicle: v£ is the vertical 
displacement of the bridge associated with the ith 
wheel of the vehicle at any time t, Fig.2b. The 
equation of motion of vehicle are expressed as: 

8 
Mbyb + i~l ky(Yb±.li¢b±_b8b-v~} = 0 

8 
I. 

i=l 
8 

2 
i=l 

(3) 

(4) 

(5) 

Where Mb, lb and Jb are the mass, pitch moment 
of inertia and roll moment of inertia of the 
vehicle; yb, ¢b, and eh refer to vertical, plLch 

and roll displacement of the vehicle; kyis the 

equivalent spring stiffness of each vertical 
suspension element; 11 18 th~ distance of ~he 
centroid of the vehicle to the ith wheel, and b is 
the half distance of wheel contact points. A dot 
superscript denotes differentiation with respect to 
time. 

The interacting force pi between the rail and 
the ith wheel of the vehicle is expressed as 

Unsprung mass 

Mb B = sprung mass 

If the ith wheel is on track segment lving 
between kth and (k+l) j9int,Fig.2a, then v~ is 
expressed in terms of vf and Vf+l by linear 
interpolation 

v~ 
i . (1-~i)vf = o:iv~+1+Siv~ X_ Vf+l + 

where lp lp 

xi distance of ith wheel from joint k 
lp panel length of truss 

o:i xi/1 p 
si (1-ai) 

Similarly, 

·;,~ = o:iv~+l + Sivt 

(6) 

(7) 

(8) 

The load transmitted f-rom the ith wheel tu the kth 
and (k+l)th joints are 

where 

pi = Si(C-d) pi 
k c 

· i c-d · Pf+l= a: (~c~) P1 
(9) 

c center to center distance of trusses 
d· = distance between truss and rail 
Substituting v£, "v{; and pi from equations (6), 

(7) and (8) into equation (9) gives 

_ai i)-M ( i··i +Qi·· i) J 
~ vk u a: vk+l ~ vk (lOa) 

Substituting equations (3), (4), (5) and (10) 
into equation ()) the following dynamic equation is 

obtained. 

[MJ r-----~-----1 0 _ •• h •.·h ·.·h.'T' .. l LY- ,cp- ,tJ- J] 

where 
[DJ 

[MJR= 

(C]R= 
[KJR= 

[FJR (11) 

the vector consisting of vertical displac­
ements of truss joints 
Mass matrix of bridge-vehicle system 
including interaction effect 
Damping matrix of bridge system 
Stiffness matrix of bridge-vehicle system 

including interaction effect. The 
stiffness matrix of the bridge is obtained 
by inverting the flexibility matrix. 
Time dependent force vector resulting from 
bridge-vehicle interaction. 



The resulting equations of motion for the bridge 
vehicle system, (11), are solved using the following 
step-by-step procedure: 
1) Establish a distance vector based on the config­
uration of axles and the distance between the 
vehicles. This vector stores the distances between 
wheel loads. 
2) Calculate the position of the wheels and deter­
mine the wheel loads on the span. 
3) For every load on the span determine its position 
with regard to the truss panel it occupies. 
4) Compute ai and Si 
5) Form [M]R, [K]R and [F]R 
6) Compute static displacements at truss joints and 
stresses in truss members. 
7) Calculate dynamic deflections using step-by-step 
numerical integration technique. 
8) Compute dynamic load vector by [K] [D] where [K] 
is the stiffness matrix of the bridge. 

Dynamic Response of a Single Track Truss Bridge 
Using the formulation discussed previously, a 

computer program was developed to determine the 
dynamic response of a single track truss bridge 
subjected to a single or three moving vehicles 
system. The bridge analyzed is taken from 
reference [12] and the main geometry of the bridge 
is shown in Fig.3. Other relevant data, such as 
member properties of the bridge etc., and vehicle 
data is given in Appendix A. 

The dynamic response for the single moving 
vehicle at 60 mph is obtained for two conditions, 
undamped and damped, using two percent structural 
damping. The dynamic response for the three 
moving vehicle system corresponds to the undamped 
condition at 60 mph. The vehicles are assumed to 
have no initial vertical motion at the time of entry 
into the bridge. 

Time histories of the static and dynamic 
amplification factors for mid-span deflection and 
"worst case" member stresses are shown in Figs. 4 
through 8. The amplification factor Ad and As for 
dynamic era) and static crs) response are defined as 

rd 

rsm 
where f sm is the maximum static response. The 
impact factor I is defined as I=maxlAdl-1. Table 1 
lists the impact factors for the bridge under 
damped and undamped condition for both single and 
three vehicle loading. It may be seen that the 
maximum impact factor for mid-span displacement is 
about 5% for a single vehicle without damping and 
4% with damping. For the three vehicle system the 
impact factor is about 23%. This indicates that 
impact under multiple vehicle loading is 
significantly larger than the sum of the impact 
factors resulted from the individual vehicles. 
Similar observation can be made for member force 
impact factor, where a single vehicle under 
undamped condition generates a maximum impact 
factor of about 6.3% whereas the three vehicles 
case yields a maximum impact factor of about 26%. 
It should be noted that the member force impact 
factors are reduced by including structural 
damping into the system. 

A limited parametric study has been performed 
for the dynamic response of the bridge under a 
single moving vehicle without structural damping. 
The study has been performed to establish the 
influence of vehicle suspension parameters, vehicle 
speed and sprung mass on impact factors. Fig.9, 
10 and 11 show the results of this study. The 
impact factor for mid-span deflection is increased 
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from about 3.5% to about 8% when the vehicle speed 
is increased from 40 mph to 80 mph. It may be 
noted from Fig.9 that as speed is increased from 60 
to 80 mph the member force impact factor shows an 
increase of about 3%. 

Fig.10 shows that a stiffer suspension system 
will result in larger impact factors as expected. 
Fig.11 indicates that impact factors are somewhat 
linearly proportional to the sprung mass of the 
vehicle. 

Conclusions 

Equations of motion for the bridge-vehicle 
system have been developed to analyse dynamic 
response of a single-lane truss bridge under a 
single vehicle or a three moving vehicle system. It 
has been found that the impact factors under the 
multiple vehicles are significantly larger than the 
sum of the impact factors due to individual vehicles . 
Incorporation of structural damping into the bridge 
system resulted in a reduction of the deflection 
and force impact factors. A limited parametric 
study shows that largest impact factors result at 
high speed with a stiff suspension system. Impact 
factor appears to increase linearly with respect 
to sprung mass of the vehicle. 
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APPENDIX A 

Member Properties and Pertinent Data 
For Single-Track Truss Bridge 

Member 

Top Chord 

UoU1,U1U2 

U2U3,U3U4 

Bottom Chord 
LoLl, L1L2 
L4L5, 15L6 

Intermediate Posts 
L1Uo, L2U1 

L3U2, L4U3 

L5U4 

Diagonals 

UOL2' 14U4 

12U2, U2L4 

Section 

cov.24" x 9" 
16 

2-L3lv," x 3lv," x 5/8" 
2-L3~" x 3lv,'' x 5/8 11 

2-web 20" x 11/16" 
Double Lat.2~" x ~" 

4-L3~" x 3lv," x i.," 

2-web 21" x 2.'..'.. 
16 

4-L3i.," x 3~ 11 x 5/8 11 

4-web 21" x 9" 
16 

4-L6" x 4" x 3/8" 

Web 13 11 x 3/8" 

4-L6" x 4" x 11/16" 
Web 13" x 5/8" 
2[15x50 
Double Lat.2i., 11 x ~" 

cov.24" x 5/8" 

Area (Gross) 

58.5 in2 

36.63 in2 

63.51 in2 

19.34 in2 

34.25 in2 

30.53 in2 

End Posts 
L0Uo,U4L5 

2-L2i.," x 3i.," x 5/8" 62. 5 in2 
2-L3i.," x 3i., 11 x 5/8" 
2-Web 20" x 3/4" 
Double 'La L . 2'1" x i, " 

Wt . of each stringer = 
Wt. of each cross beam 

6611 lbs . Wt.of track system coming at each 
= 4160 lbs. bottom chord joints - 65000 lbs. 

Basic Data For a 4-Axle Railway Vehicle 

Dimensional Data: 

b 
b 

L 

Half length of wheel base 
Half distance between wheel 
contac t points 
Half distance between truck 
centers 

Mass & Inertia Data: 

l
Carbody Mass 

Mb 
Truck frame mass 

Mu Wheel set mass 
Ib Carbody roll moment of inertia 

Jb Carbody pitch moment of inertia 

Spring Rates Data: 
ky Vertical spring stiffness/wheel 

(Includes Primary & Secondary stiffness) 
Distance from last wheel of front vehicle 
to the first wheel of rear vehicle 

54 in (137 ems) 
29.5 in (75 ems) 

204 in (518 ems) 

546 lbs-sec2/in (247 kg) 

19.4 lbs-sec~/in (8. 7 kg) 
22.1 lbs-sec /in (10 kg) 
l.2xl06 lbs-in-sec2 

(l.36xlol0 kg-cm2) 
l.8x107 lbs-in-sec2 

(2.04x1oll ke-rm2) 

7,000 lbs/in (12,250 N/cm) 

81. 5 in (217 cm) 



77 

Table 1 - Maximum Axial Forces in Members of a Truss 
Bridge and ImEact Factor in Percentages Note: All Forces are in KIPS 

SINGLE VEHICLE CASE 3 VEHICLE CASE 

Member Member Forces Max.Live Load Undamped Bridge 2% Bridge Damping Undamped Bridge 
Number Under dead Static Force 

load 
Max.L.L. Impact Max.L.L. Impact Max.L.L. Max.L.L. Impact 
Dynamic Factor Dynamic Factor Static Dynamic Factor 
Force Force Force Force 

2 oi: 3 76. 35 82 . 06 84 . 38 2 .83 83 . 19 1.4 158 . 2 186 . 7 18 . 02 
4 or 5 139.6 139. 6 145.9 4.51 141.3 1.22 274.5 342.3 24 .7 
6 or 7 76.35 81.62 86.37 5,82 84 . 63 3.69 159 . 1 190.1 19.48 

8 19.79 54.3 54.88 1.07 54.82 0.96 90.46 108.0 19.39 
9 69.66 92. 42 94.44 2.19 94.36 2.1 154 . 5 ) 181. 4) 17.41) 

-11. 95 -16.4 
11 -23.74 34.15) 35.65) 4.39) 35.04) 2 . 6) 34.98) 35.82) 2.0 ) 

-63.62 -66.18 4.02 -66.03 3 . 8 -77.86 -87 . 48 12.36 
12 22.68 54.99 58.48 6.3 56.61 2 . 95 90.46 102.0 12.76 
13 -23.74 34.7) 29.79) 32.87) 34 . 93) 36. 77) 5.0 ) 

-65. 96 -69.24 4.9 -67.79 2 . 77 -79.01 -85 . 7 8.48 
15 69.66 91. 77 ) 94.94 ) 3.45 95.2 3 . 73 154.4 ) 188.5) 22.09 ) 

-11. 73 -7.814 -8.99 -16.4 
16 19.79 55.26 56. 77 2. 73 55.89 1.14 90 . 46 114.0 26.0 

18 or 19 -123.5 -128.9 -131. 9 2 . 33 -130.1 0 . 93 -252 . 0 -308.9 22.58 
20 or 21 -123.5 -128.7 -130.4 1. 32 -129.8 0 . 77 -252.0 -312.8 24.13 



78 

Figure 1. Idealized vehicle model. 
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Figure 3. Geometry of the bridge and masses concentrated at each joint. 
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Figure 6. History curves of stress in member UzL3 
w/one vehicle. 
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ANALYSIS AND TESTING OF A TRAPEZOIDAL BOX GIRDER BRIDGE 

Michael Holowka, Ontario Ministry of Transportation and Communications 

Bridge construction using open steel box girders 
and a concrete deck slab acting composite is aes­
thetically pleasing and ideally suited for grade 
separations and river crossings for spans varying 
between 21 m and 110 m (70 ft. and 360 ft.). Cur­
rent design specifications for this construction, 
however, are considered to be incomplete and do 
not provide sufficient guidance during construc­
tion. In a number of cases, due to lack of bracings 
and/or diaphragms, excessive displacements have 
occurred during construction. To clarify this 
problem, a typical, single span, 2-lane bridge 
was extensively instrumented and tested. The 
purpose of the testing program was to investigate 
the behaviour of a torsionally stiff bridge during 
and after construction and to compare the experi­
mental data with analytical results. The concrete 
deck,which was constructed with 0.3% isotropic 
reinforcement rather than 1.0% orthotropic 
reinforcement to comply with the AASHTO Specifi­
cations, was also monitored. Test data consisted 
of structural and reinforcing steel strains, 
deflections, reactions for construction, and live 
load and temperature effects. The experimental 
deck was constructed in two stages. A preliminary 
review of the data indicated that, for this bridge 
geometry, construction effects were within the 
predicted values as no excessive deflections or 
strains were observed. The concrete deck with the 
dramatically reduced reinforcement was adequate 
for modern highway traffic provided sufficient 
diaphragms were present. The overall structural 
behaviour can be accurately predicted by analysis 
and, with diaphragms present, can be analyzed by 
beam theory and proper load distribution factors. 

Ontario's recent use of steel box girders with 
a concrete deck acting composite has produced several 
unique problems during and after bridge construction. 
It was decided that monitoring the structural response 
of a typical, 2-lane bridge would allow the engineer 
an opportunity to compare the actual bridge behaviour 
with the design specifications. The bridge chosen for 
study was the first deck having 0.3% isotropic rein­
forcing steel in both directions for the entire bridge 
length. The deck was constructed in two lifts; the 
second being a concrete overlay. 

The testing of the bridge was multi-fold and 
included the following: 

1. Measurement of reaction forces and structural 
steel strains due to dead load, temperature and live 
load. 

2. Measurement of reinforcing steel strains due 
to live load. 

3. Measurement of strains in the cross-bracing 
and intermediate diaphragms due to live load and 
temperature. 

4. Determination of the existence of bond 
between the two concrete lifts. 

5. Measurement of concrete deck displacements 
due to concentrated wheel loads. 

6. Comparison of test data with analytic results 
whenever feasible. 

Temperature and construction cross-bracing 
effects on overall slab behaviour are not discussed 
in this report, 

Description of Bridge 

The West Arm Lake Nipissing (North Branch) Bridge 
is located in Ontario approximately 50 km (30 mi.) 
southwest of Sturgeon Falls on Highway 64. The 2-lane 
bridge, spanning a navigable waterway, is a simply 
supported structure 42.7 m (140 ft.) long and 10.4 m 
(34 ft.) wide. The roadway width is 8.5 m (28 ft.) 
and the two curbs and barrier walls are 0.9 m (3 ft.) 
wide. The bridge has zero skew and no superelevation 
except for a 2% standard crossfall. (Refer to Figurel.) 

The bridge superstructure consists of two trape­
zoidal steel box girders composite with the concrete 
deck. The steel girders consist of atmospheric corro­
sion resistant structural steel with a specified yield 
point of 345 MPa (50 ksi). The top flanges of the 
girders are at 2.54 m (8 ft. 4 in.) centers with a 
bottom flange width of 1.83 m (1 ft. 0 in.). The webs 
are inclined at a 12° angle and have a vertical depth 
of 1.63 m (S ft. 4 in.). Plate diaphragms at each 
abutment and five intermediate cross-bracings at 
7.1 m (23 ft.) centers are also present. 

The overall thickness of the deck is 200 mm 
(8 in.) and consists of a 150 mm (6 in.) first lift 
and a 50 mm (2 in.) concrete overlay. The two layers 
were bonded together with a cement/sand slurry. All 
reinforcing steel is contained in the first layer. 
The second layer, consisting of a high quality 
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concrete, is expected to provide protection for the 
reinforcing steel against corrosion. This deck is 
part of the Ministry's experimental project on 
developing self-protecting, durable bridge decks. 
Corrugated stay-in-place formwork was used inside 
the steel boxes except for a 6.1 m (20 ft.) section 
at mid-span of the east box girder. At this section 
between the two boxes and for the cantilever, normal 
plywood forms were used. AASHTO (_!) and CSA Cl) design 
specifications were used for the entire bridge design 
except for the concrete deck. (Refer to Figure 2.) 

The reinforcing steel requirements for the deck 
were based on the proposed specification of the 
Ontario Highway Bridge Design Code. The reinforcing 
consists of lS mm (114) bars at 2S4 mm (10 in.) centers 
in both longitudinal and transverse directions. This 
is equivalent to four layers of 0.3% isotropic steel. 
This percentage is based on an effective depth of 
165 mm (6.S in.). The reinforcing steel requirement 
for the 1.37 m (4 ft. 6 in.) cantilever part of the 
deck follows the current AASHTO Specifications. 

Instrumentation 

The bridge was thoroughly instrumented to monitor 
reactions, strains, detlections and temperatures 
during various stages of the testing program. Def lec­
tion meters, optical levelling equipment, electrical 
and mechanic strain gauges, load cells and thermo­
couples were employed. 

Load Cells 

Load cells were used to temporarily replace the 
normal bearings for the duration of the test program. 
These load cells in the form of a barbell were 
available prior to the start of the project. Appro­
priate fixing hardware was fabricated to permit their 
proper installation. The load cells, as shown in 
Figure 3, provided a positive connection between the 
superstructure and the bearing plates. Consequently, 
the uplift forces as well as the normal reaction 
forces could be monitored, The individual cells had 
a vertical load capacity c9f 1780 kN (400 kips) in 
compression and 1110 kN (2SO kips) in tension. The 
load cells could record both vertical and horizontal 
forces; however, only vertical forces were measured, 
The south bearings were fixed while the north bear­
ings were free to move in the longitudinal direction 
to accommodate ambient temperature changes. 

Reinforcing Steel Strain Gauges 

The reinforcing steel strains were monitored by 
two 90° T-rosettes mounted on a ground section of 
the rebar and wired to form a 4-arm wheatstone bridge. 
The gauge centerlines were located around the circum­
ference of the bar 180° apart. By this arrangement, 
only axial forces in the bars were measured. 

Grinding to prepare the bars for strain gauging 
application resulted in a non-uniform reduced cross 
section. Consequently, each bar had to be individually 
calibrated. A plot ot load versus strain output was 
obtained for each bar from which a strain reduction 
factor was determined to account for the variability 
of the cross section. This calibration assunted the 
normal initial sectional area as specified for that 
particular bar size. The reinforcing steel was 
strain gauged in the Ministry's laboratory and then 
properly positioned in the deck. A total of 14 
locations were monitored. Four traverse bars, two top 
bars and two bottom bars were monitored at four 
locations. The two longitudinal loc..:itions ";.Jere ot 

the centerline of the span and 3.8 m (12 ft. 6 in.) 
south of the centerline of the bridge, respectively. 
The transverse positions were at the longitudinal 
centerline of the bridge over both top flanges of 
the east girder and at the center of the east girder. 
Four longitudinal bars, two top bars and two bottom 
bars were also monitored at the mid-span and 3.8 m 
(12 ft. 6 in.) south of the centerline. The bars were 
located at the longitudinal centerline of the deck 
and at the centerline of the east girder. Four canti­
leyer bars were also monitored. 

Bond Indicators 

With the two-stage construction technique, there 
was a need to determine if the bond between the two 
lifts of concrete was stable when subjected to a heavy 
concentrated wheel load. Precast concrete cylinders 
SO mm (2 in.) in diameter were strain gauged and the 
gauged section was subsequently located at the inter­
face between the base course and the overlay. The 
SO mm strain g>rnge was oriented along the vertical 
axis of the core. 

After construction of the deck, 50 mm (2 in.) 
diameter holes were drilled at predetermined 
locations in the deck. The bond indicator was 
inserted and then bonded with epoxy to the existing 
concrete. This indicator shows only if a bond is 
present or absent between the two concrete layers. 
Provided the strain gauge is working, the bond exists. 
If the two layers separate, the cylinder breaks and 
the strain gauge stops functioning, 

The 10 bond indicators placed in the concrete 
deck were located 4.S7 m (lS ft.) to 21.34 m 
(70 ft.) from the south abutment and in both the 
positive and negative transverse moment zones. 

Deflections 

An Ni-1 Carl Zeiss level was employed to 
monitor deflections. Special level rods were 
suspended from the underside of the bridge at the 
quarter span, three-eighths span and mid-span. The 
rods were located across the width of the bridge to 
provide a transverse deflection profile at these 
locations. 

Structural Steel Strain Gauges 

A total of 68 uniaxial strain gauges were instal­
led to monitor strains in the structural steel. The 
gauge configuration was chosen so that only strains 
in selected directions were measured. A single active 
arm of an SR4 gauge, type FAE-S0-12S6 (G.F. = 

2.06 ± 1%, 120.0 ± 0.2 ohm), was used with a 3-arm 
bridge completion tab. All gauges were applied at the 
structural steel fabricators shop prior to erection. 
Figure 4 shows the location of the gauges. 

The trapezoidal box girders were instrumented at 
mid-span only. The east girder (site lE) was heavily 
gauged at 12 locations with 34 strain gauges. The 
inside and outside of each girder were instrumented 
so that bending and axial forces could be monitored, 
Longitudinal strains were monitored with 18 gauges, 
transverse strains with 16 gauges. The west girder 
site lW was instrumented with 10 gauges on the inside 
of the girder to check the symmetrical behaviour of 
the girders. 

Cross-bracing strains were monitored at seven 
locations with 24 strain gauges. Cross-bracings were 
instrumented inside the girders and between each 
girder at mid-span and at 7.11 m (23 ft. 4 in.) from 
the south bearing, as sl1uwu lu F lgure 4. The 
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Figure 1. General layout of the West 
Arm Lake Nipissing Bridge. 
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diaphragm at the south abutment between the two 
girders was also monitored with 6 strain gauges . This 
diaphragm consisted of a wide flange steel b eam plus 
3 steel angles. Each angle, both flanges and the web 
of the beam were instrumented. 

Thermocouples 

Twenty-three thermocouples were installed to 
monitor the temperature gradient through the whole 
cross section of the bridge at the mid-span. 
Additional thermocouples were employed to measure 
the ambient air temperature. The thermocouples 
were located inside the steel box girder and on both 
the top and bottom faces of th e concrete deck. 

Data Acquisition System 

The data acquisition equipment used to monitor 
strain gauges and load cells was a 100-channel 
system which sequentially scans, measures and 
stores data in a memory buffer. The system was 
specially designed for the Ministry by Vidar Autodata 
Inc. and is Type Autodata 5600. The system is 
µe rmanent ly housed in a mobile testing van. 

During the testing, the information stored in 
the memory buffer was processed. A hard copy of the 
data was available for data analysis and reference 
during testing. Simultaneously, a punched paper tape 
with the data in binary format was produced which 
could subsequently be used for computerized data 
reduction . The PDP-8 mini computer of the system 
conver ted all strain data to engineering units of 
stress, load etc., via separate calibration factors 
for each input channel. 

Test Loading 

The two test vehicles used were 5-axle tractor 
semi-trailer combinations (Figure 5). The magnitude 
of the axle loads could be varied by placing on the 
trailer concrete ballast blocks each weighing 9.5 kN 
(2.125 kips). The number and position of blocks 
controlled the axle weights with a maximum gross 
vehicle weight of approximately 890 kN (200 kips). 

Four load leve ls ranging in gross test vehicle 
weight from 490 kN (110 kips) to 890 kN (200 kips) 
were used to monitor the linearity of structural 
responses to incremental loading. With this setup, 
test data could be immediately examined at the lower 
loads to determine if any overloading would occur and 
to provide a warning signal against unexpected 
failures. Axle weights are given in Table 1. 

Numerous static load tests were carried out with 
the test vehicle in different longitudinal and trans­
verse positions to cover significant and governing 
design cases. Figure 6 shows the eight longitudinal 
line configurations and Figure 7 the six load 
locations along the length of th e bridge. These were 
designed to provide concentric and eccentric loads 
and checks on symmetry by employing one and/or two 
trucks per lane. Generally, load location 4 gave the 
maximum overall tlexural ettect. Detlections, strains 
and reactions were monitored for 48 load positions for 
each load level. 

The concrete deck was tested to measure the 
response of the concrete slab to a concentrated point 
load. A concentrated point load of 445 kN (100 kips) 
was applied to the deck at 14 different locations. 
The point load was applied by an hydraulic ram through 
two neoprene pads 250 mm by 250 mm (10 in. by 10 in.) 
in size, which model the effective footprint of a dual 
tire ~heel. The load was positioned along a top 

flange, the centerline of the bridge and the center­
line of the east girder. The r einforcing steel 
strains, the localized concrete deck deflections and 
the applied load were simultaneously monitored. 

Test Results and Comparison 

Static Load and Reactions 

The individual reactions at both north and south 
abutments were monitored for all load locations and 
load levels. Table 2 gives the total reaction for both 
the south and north ends for load level 3. This value 
is the algebraic sum of the four load cells at each 
end. Table 2 also shows the total reaction at each 
support by assuming the bridge to be a simply­
supported beam. The maximum deviation between theo­
retical and experimental values was 53.4 kN (12 kips) 
except for line 5, load location 4. In most cases, 
the experimental values were less than the theoretical 
results. On the average, test data were approximately 
5% lower than expected. Ther e are a number of possibl e 
sources of error to explain this variation such as 
calibration error, vehicle weight and location error, 
lead wire attenuation error and the transfer of load 
to abutment through barrier wall, guardrail or deck 
expansion joint. 

The naximum observed reaction at load level 3 due 
t o one vehicle loading or one vehicle per lane load­
ing was 445 kN (100 kips), and was caused by one lane 
loaded with the vehicle adjacent to the east curb. 
This represents 73% of the total end reactions 
produced by the loading. The current design practice 
in Ontario is to distribute the load in equal pro­
portions to each bearing; in this case 50%. This 
practice may seriously underestimate the actual 
reactions by approximately 50% and consequently 
ca use overloading in the bearing. By using 75%, the 

revised design dead load plus the live load of 868 kN 
(195 kips) wo uld just overload the bearings origi­
nally proposed which had a capacity of 846 kN 
(190 kips). The Quest program (d_) adequately 
predicts withLn 10% the maximum reaction for a 
bearing. 

Figure 8 illustrates the distribution of 
reactions at a girder end for the eccentric load 
case of line 2 and the concentric load case of line 
5 for load level 4. It can be seen that reactions 
are not uniformly distributed and in fact are 
governed by one v e hicle positioned adjacent to the 
curb. This maximum reaction is approximately 20% 
greater than that due to a uniform distribution of 
r eactions caused by a single vehicle per lane load­
ing. Figure 8 also shows the analytical reactions 
from the Quest program (]) for load location 4. 

Deflections 

Typical deflection data at the centerline of 
the span are shown in Figure 9 . Due to time and 
weather limitations, only load levels 1, 2 and 3 at 
various selected locations were monitored for 
deflection. A total of 11 readings at each test 
section were taken. For symmetric loading the def­
lection was constant across the section; an example 
is test 3-4-4. For eccentric loading, the deflections 
were linear; an example is test 1-6-4. This linearity 
of deflection is believed to be the consequence of the 
high torsional rigidity of the closed se~tions. 

The comparison between experimental and theo­
retical results indicate a good correlation. In all 
cases, the analytical deflections were numerically 
greater than the experimental ones; however, the 
pattern of deflections WH8 iJe1LLl~al. Tl1is di8crep-
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Figure 7. Load location along the length of the 
bridge. 
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ancy could be eliminated by assuming a modulus of 
elasticity for the concrete greater than that based 
on 27 600 kPa (4000 psi) compressive strength or by 
normalizing the deflections. 

Twenty-eight day cylinder results indicated an 
average compressive strength of approximately 
34 450 kPa (5000 psi), thereby confirming the above 
assumption. 

Cross-Bracing Strains 

The instrumented cross-bracings were monitored 
during construction and load testing. The maximum 
strain observed during construction of the 6-inch 
base course of the deck was 150 microstrain. This 
represents a maximum stress of 29 000 kPa (4350 psi). 
Only the horizontal members showed any strains; 
strains for the diagonal members were essentially 
zero. Immediately after placing the concrete, the 
strains varied between 35 and 150 microstrain. At the 
end of the monitoring period, 24 h after the finish 
of the pour, the strains ranged between 0 and 60 
microstrain. The bracing at the south abutment 
showed the largest variation in strain (+150 to -100 
microstrain). It can be concluded that only minimal 
bracing is required for this typical 2-lane bridge. 

During the live load testing and with the con­
struction bracing in place, the maximum observed 
strain was 218 microstrain or a stress of 43 600 kPa 
(6300 psi) in tension. Maximum compressive stress 
was 39 600 kPa (5700 psi). With the construction 
bracing removed, the maximum observed cross-bracing 
stresses showed no significant change from the 
observations with the construction bracing in place. 
This was expected since the construction bracing was 
required only during the deck placing to compensate 
for possible eccentric construction loading since the 
individual boxes would be torsionally weak at this 
stage. 

Structural Steel Strains 

The trapezoidal box girders were monitored at 
mid-span for steel strains in both the longitudinal 
and transverse directions for all the load positions 
outlined in Figures 6 and 7. The observed strains 
were then compared with theoretical results obtained 
from the Quest program (3). In all cases the cor­
relation between the exp-;rimental and theoretical 
longitudinal strains was very good. For brevity, only 
a limited number of results and comparisons are 
presented in this paper. 

The Quest program was developed in England by the 
Ministry of Environment for the linear elastic 
analysis of box girder bridges using the finite ele­
ment method. The box girder bridge was modelled by 
quadrilateral thin shell finite elements which are 
capable of simulating membrane and flexural behaviour. 
The program considers six degrees of freedom at each 
node of the element mesh. The input consists of the 
overall geometry of the bridge, the material proper­
ties, and the loading and boundary conditions. The 
output includes nodal displacements, boundary 
reactions, and element nodal stress resultants and 
extreme fibre stresses. 

A total of 263 nodes and 293 elements were used 
to model the bridge. The effect of the barrier wall 
and curbs was also included by approximation of the 
cross section. The analysis was performed for girders 
with and without constructing bracing and indicated 
that there was no significant difference in the strain 
levels of the trapezoidal girders under live load. 

Figure 10 shows typical longitudinal strain 
results for various load positions. A comparison of 
results at the centerline of the span with the test 
vehicles at load location number 4 is available. 
Only the final load level number 4 results, cor­
responding to total truck loads of approximately 
900 kN (202.5 kips), are shown. Results from load 
levels 1 to 3 were used to indicate linearity with 
load. Linearity was excellent and consequently the 
lower level loading showed the same distribution 
and comparison of strain except for smaller mag­
nitudes. Strain data is shown in: lOa for one truck 
concentric; lOb for one truck eccentric; lOc and d 
for two trucks side by side with one truck per lane; 
and lOe for two trucks per lane eccentric. In 
Figures b, c, and e, the truck is adjacent to the 
curb. 

The strain data for both exterior and interior 
surfaces of the steel box is given. The analytical 
results are indicated by a solid line. The maximum 
observed strain due to live load was 385 microstrain 
or 76.9 MPa (11,200 psi) and occurred when both lanes 
were 1 mided with one truck each. This represents a 
symmetric loading and consequently the load is uni­
for1nly <listribute<l across Lhe width o[ Lhe bridge. 
With only one truck on the bridge, the maximum 
observed strain was 237 microstrain or 47.4 MPa 
(6,900 psi) and corresponded to 62% of the maximum 
observed strain caused by two trucks. 

In most cases the longitudinal strains measured 
in the web showed good agreement with theoretical 
predictions. The largest strain discrepancies occur­
red at the top flange. This was perhaps due to the 
fact that the corresponding nodal point was at mid­
depth of the concrete deck in the idealization pro­
cedure. This change in location for theoretical and 
experimental points probably caused the strain 
differences. 

Based on the experimental strains, the load 
distribution factor for this bridge may be con­
sidered to be one lane per girder. The corresponding 
AASHTO distribution factor for the bridge is spe­
cified as 2.225 times a wheel load. This is 
equivalent to 1.113 times a truck or lane loading 
and consequently overestimates the actual distribu­
tion by about 11%. 

Further investigation was made to determine the 
effect of the barrier wall on the longitudinal steel 
strains. Figure 11 shows the effect of the barrier 
wall for two load cases. Figure lla shows the barrier 
wall effect when the bridge is loaded by the critical 
governing load case, while Figure llb shows the 
barrier wall effect when the bridge is subjected to 
an eccentric load. For the critical load cases and 
with no barrier wall, the strains increased by an 
average of 11.75% for both box girders. For the 
eccentric load, the strains increased by 10% for the 
west girder and by 16% for the east girder. It should 
be noted that the barrier walls had no significant 
effect on the pattern of load distribution for the 
governing load location. 

Using the standard Ministry design program and 
design approach, the maximum stress due to one test 
vehicle per lane was 95.4 MPa (13.85 ksi). The 
maximum observed strain and hence stress was 
76.9 MPa (11.2 ksi). If the observed values are 
increased by 10% to account for the barrier wall 
effect, the maximum observed stress is 11% lower 
than the stress based on design assumptions. This 
is acceptable and indicates that simple beam theory, 
with the correct section idealization plus the 
correct distribution factor, can be used to accu­
rately design this type of bridge. 



Figure 10. Structural steel box girder longitudinal 
strains. 
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Figure 11. Effect of barrier walls on longitudinal 
strains. 
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Concrete Deck 

The deck was tested to evaluate the bond between 
the two concrete lifts and to monitor the behaviour 
under a concentrated load. 

Ten locations were tested with the 445 kN (100 
kips) concentrated load. The load was applied 
adjacent to the bond indicator gauges which were 
continuously monitored during testing. No failure of 
any gauge occurred thereby indicating the absence of 
any bond failure. After the completion of the overall 
load tests, these gauges were again checked and found 
functioning; thereby, indicating no loss of bond 
between the two concrete lifts. 

Typical load versus deflection plots are given 
in Figure 12. The load is plotted on the vertical 
axis with the vertical displacement on the horizontal 
axis. The vertical displacement at the centerline of 
the two pads was continuously measured as the load 
was applied. This vertical displacement was measured 
with respect to the displacement rig supports which 
were remote from the concentrated load and generally 
located directly over the top flanges of the hox 
girders. The load was cycled between 0 and 445 kN 
(100 kips) until the load deflection curve was 
repeatable. As Figure 12 shows, the number of load 
cycles required was 3 to 4. The initial loading cycle 
was offset minimally due to initial microcracking of 
the concrete deck so that internal arching action 
could be developed. 

The load/deflection plot of Panel 1-3 was 
typical of the concrete deck, with stay-in-place 
formwork between the top flanges of a box. Panel 1-4 
was typical of the concrete deck, without stay-in­
place formwork, between the top flanges of a box. 
The load/deflection curve of the concrete deck 
between the two boxes was between the two plots given 
in Figure 12. Table 3 lists the vertical deflection 
under the concentrated load for six positions along 
the span for the concrete deck spanning between the 
boxes and spanning from top flange to top flange of 
the east box. The deflections ranged from 0.737 mm 
to 1.88 mm (0.029 in. to 0.074 in_,). This corresponds 
to a span/deflection ratio of 1350 to 3450. The two 
panels corresponding to the design assumptions indi­
cated restraint factors, based on deflections, of 
between 0.75 and 1.0. The design process assumes a 
minimum restraint factor of 0.50. 

The only difference in the bridge between the 
November 1976 and May 1977 tests was the removal of 
the construction cross-bracing between the two box 
girders. The average difference in the vertical 
deflection under the concentrated load between'the 
two series of tests was 1.6% (Table 3). Therefore, 
no significant difference existed between the two 
tests. Consequently, the construction cross-bracing 
did not affect the behaviour of the slab with respect 
to isolated wheel loads. 

Approximately 3 months after the load testing 
of May 1977, a hairline crack appeared in the concrete 
overlay adjacent to the interior top flange of the 
west girder. The crack extended 20 m (65 ft.) and 
from approximately quarter span to quarter span. 
This crack had not been visible at the time of load 
testing. 

Subsequent analysis of the bridge, with and 
without the construction cross-bracing, indicated 
that maximum concrete stresses in the order of 
3240 kPa (325 psi) could be developed at the above 
location once the cross-bracing had been removed 
(Figure 13). These stresses were caused by a test 
vehicle at load level 4 adjacent to the east curb 
and barrier wall. For the same load but with the 
construction cross-bracing in place, maximum 
concrete strains of only 1100 kPa (160 psi) could 
be expecred above rhe inr:erior r:op flange of the 

west girder. Stresses at the crack location increased 
by approximately 100% when the construction cross­
bracing was removed. 

Consequently, the cross-bracing between twin box 
girders should have been left in place to achieve 
a crack free concrete deck. 

Reinforcing Steel Stresses 

Reinforcing steel stresses in both the longi­
tudinal and transverse direction were monitored at 
17.56 m (56.5 ft.) and 21.34 m (70 ft.) from the 
centerline of the south bearings. For the concentrat­
ed wheel load testing, significant reinforcing steel 
stresses occurred only when the load was at the same 
location as the gauges. Maximum observed transverse 
reinforcing steel stresses were 128 MPa (18.64 ksi) 
and longitudinal stresses were 100 MPa (14.5 ksi). 
Maximum reinforcing steel stress in the top steel 
over the top flanges was found to be negligible. 
The above stresses were caused by a 445 kN (100 kips) 
simulated wheel load~ These reinforcing steel stress 
levels were less than that permitted by the AASHTO 
Specl(lcaLlon8 for working stress design even though 
the load was 4.8 times greater and the reinforcing 
steel quantity approximately 3 times less. This is 
another indication that deck slabs do not behave as 
assumed in design but rather by internal arching 
action (!:_). 

The deck exhibited similar responses to a 
concentrated wheel load similar to the test panels 
of the Conestoga River Bridge (5). 

Reinforcing steel stresses ;ere also monitored 
during the load testing portion of the overall 
program. With the bridge loaded with two 890 kN 
(200 kips) trucks, the maximum reinforcing steel 
stresses observed were 68.9 MPa (10 ksi) in tension 
and 20.7 MPa (3 ksi) in compression. For this bridge, 
the testing of the slab with the concentrated wheel 
load was a more severe case than with the overall 
heavy truck loads. 

Conclusions 

1. For this type of cross section, no eccentric 
construction loading was present and consequently no 
substantial construction cross-bracing strains were 
observed, indicating that only minimal construction 
bracing is required. 

2. With the two-stage concrete deck construction 
technique, only a good natural bond between the two 
layers is required to prevent slip at their interface. 

3. The concrete deck with 0.3% isotropic 
reinforcement is adequate for modern highway loading. 
However, to prevent longitudinal deck cracking over 
the top flange, the construction bracing of the type 
used for this bridge should be left in place. 

4. Deflections, reactions and stresses can be 
adequately predicted by proper analysis (l_). It 
appears that beam theory and correct distribution 
factors are adequate for the design of bridges 
similar to the bridge geometry tested. 
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Figure 12. Typical load-deflection plots 
of concrete deck. 
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Figure 13. Effect of construction 
cross-bracing on transverse 
concrete negative stresses. 
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Table 3. Slab deflections due to concentrated 
wheel load. 

Maximum Slab Maximum Slab 
Deflection (mm) Deflection (mm) 

Panel Location November 1976 May 1977 

Centerline of east box girder - 4 .57 m 
from centerline of south bearings -
&tay-in-place forms present. 0.838 0.838 
Center I ine of east box girder - 9.14 m 
from centerline of south bearings -
stay-in-place forms present, 0,838 0.838 
Centerline of east box girder- 13.72 m 
from centerline of south bearings -
stay-in-place forms present. 0.737 0.787 
Centerline of east box girder- 17.56 m 
from centerline of south bearings. 1.854 1.880 
Centerline of east box girder- 21 .34 m 
from centerline of south bearings. 1.422 1.676 
Centerline of east box girder- 25,91 m 
from centerline of south bearings -
stay-in-place forms present. 0.864 0.914 

Centerline of bridge - 4.57 m 
from centerline of south bearings. 0.991 
Centerline of bridge - 9.14 m 
from centerline of south bearings. 1.067 1.041 
Centerline of bridge - 13.72 m 
from centerline of south bearings. 1.143 1.270 
Centerline of bridge - 17 .56 m 
from centerline of south beiarings. 1.219 1.041 
Centerline of bridge - 21 .34 m 
from centerline of south bearings. 1.041 1.143 
Centerline of bridge - 25.91 m 
from centerline of south bearings. 0.914 0.94Q 



TEST RESULTS FROM THE CONESTOGO RIVER BRIDGE 

J. P. C. King, The University of Western Ontario 
M. Holowka, R. A. Dorton, A. C. Agarwal, Ontario Ministry of Transportation and Communications 

The Conestoga River Bridge is a three span continuous 
steel plate girder structure with a concrete deck longitu­
dinally pres tressed for full composite action. The design 
live loading was an upper-bound representation of all ob­
served truck loadings in Ontario, and a grid analysis was 
used instead of the usual live load distribution factors. 
A new load factor method was employed, and deflection 
and impact values provided by the AASHTO Specifications 
were abandoned in favour of a dynamic analysis, resulting 
in a very flexible structure with low natural frequencies. 
Other features include the use of high strength bolts as 
shear connectors, and slab test panels designed for mem­
brane action with greatly reduced reinforcing steel percent­
ages. On the basis of full scale load tests, the advisability 
of the regular use of these features on future bridges is 
determined. The testing program was conducted using two 
test vehicles, each of which could be loaded to 890 kN 
(200 kips). Static tests indicate good correlation between 
analytical and experimental strains, with load distribution 
significantly better than predicted by AASHTO Specifica­
tions. Dynamic tests indicate that this very flexible bridge, 
with a first mode frequency below the usual range of com­
mercial vehick frequencies, behaves as anticipated. The 
valuable information obtained from this project is incorp­
orated in the new Ontario Highway Bridge Design Code. 

The Ontario Ministry of Transportation and Communica­
tions has a research program comprised of in-house research 
and that performed by associated university and consulting 
engineering groups. The findings of these various research pro­
jects have culminated in the design and subsequent testing of 
a prototype bridge, under actual highway and environmental 
conditions. Proposals on such items as live loading, bridge 
dynamics, distribution factors, load factor design, shear con­
nectors and slab membrane action could be assessed prior to 
the possible inclusion in the new Ontario Highway Bridge De­
sign Code. 

The crossing of the Conestoga River near Waterloo Ontario 
on Highway 85 was selected as the location of the prototype 
bridge. The structure was designed by the Structural Group of 
the Research and Development Division of the Ministry in 1973 
with construction completed in the summer of 1975. Testing 
of the bridge began during construction, with much of the in­
itial load testing conducted in 197 5. Further static and dynamic 
tests have taken place since this first series and future tests are 
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anticipated with the structure in use. 
The resulting bridge is a three-span continuous,steel plate 

girder structure with an overall length of 113.7 m (373 ft) and 
a central span of 44.2 m (145 ft) as shown in Figures 1 and 2. 
The welded girders are haunched to a depth of 2.13 m (7 ft) 
over the piers, and 1.07 m (3 ft 6 in) at midspan. The deck 
between barrier walls is 10.36 m (34 ft) with two 3.66 m (12 ft) 
travelled lanes and two 1.52 m (5 ft) shoulders. Four girders 
are spaced at 2.64 m (8 ft 8 in) with cross frames at a maximum 
of 7.4 7 m (24 ft 6 in) centres, and bottom laterals connecting 
the outer pairs of girders (Figures 3 and 4). Composite action 
in the negative moment region is achieved by the longitudinal 
prestressing of the nominal 190 mm (7Yz in) thick slab. The 
structure thus acts in a fully composite manner for the full 
length of the bridge under both superimposed dead load (con­
sisting of sidewalk, curb and future waterproofing) and live 
load. 

Design and Construction 

The recommendations as outlined in the Proposed Ontario 
Bridge Design Load (POBDL) report (I) were used for most of 
the Conestoga River Bridge design. Items not covered in this 
report (web stiffening, fatigue, flange buckling, splices and con­
nections) were designed using the applicable sections of the 1973 
AASHTO Specifications (I) for Load Factor Design. 

The POBDL live load - Case 3 (Figure 5) representing a 
design vehicle of 722.8 kN (162.5 kips), generally governed for 
the moment design. A maximum number of four vehicles (two 
per lane) was used since the structure is on a expressway class 
highway. Where critical moments arose by the loading of a 
shorter length influence line, a reduced UDL was used as in 
POBDL Case 2. 

AASHTO specifies a distribution factor of S/ 1.68 (where 
S is the girder spacing in metres) for two or more traffic lanes 
on a concrete slab on steel girder type of bridge. It is generally 
accepted that this value tends to be overly conservative for cer­
tain types of bridges. A grid analysis program was used with 
the POBDL load to obtain the appropriate distribution factors 
for flexural effects at 0.4 end span, pier and 0.5 centre span. 
The computed distribution factors were found to vary with 
vehicle location. A value of S/2.29 was selected for use in the 
flexural design. Although somewhat unconservative for the ex­
terior girder at the piers, it was felt that since the maximum 
negative moment did not occur with the vehicles directly over 



Figure 1. The Conestogo River Bridge Under Static Test 
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the pier, the values selected would be adequate for design pur­
poses. This compares quite favourably with that observed in 
both field tests (:3) and other theoretical investigations (1). 

Figure 5. POBDL Live Loading 
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A live load variability factor of 1.10 (to account for the 
possibility of an illegal overload) was used in addition to the 
live load factor inherent in the 722.8 kN (162.5 kip) POBDL 
vehicle. This results in an overall live load factor of 1.276 on 
the maximum legally permitted load of 622.7 kN (140 kips). 
Dead load factors reflecting the variability of in-situ material 
weight vary with construction and fabrication methods (I. I 0 
for structural steel and concrete deck slabs, 1.15 for concrete 
barrier wall, 1.33 for asphalt). In addition to these load factors, 
a capacity reduction factor of 0.85 was applied to the yield 
stress limit state for steel. 

The impact factor is of the same configuration as the 
standard AASHTO provision, however its magnitude was chosen 
after a careful appraisal of the expected bridge-vehicle interact­
ion. It was felt that if the first mode frequency could be suf­
ficiently removed from the 2 to 5 Hz band of vehicle frequenc­
ies, the dynamic effects would be significantly lower than the 
almost 90 percent impact value measured in several field tests 
where such a frequency match was evident (,2_). A one-dimen­
sional lumped mass analytical model was used to predict the 
natural frequencies. The resulting first mode frequency was 
1.53 Hz with the second and third modes falling in the 2 to 5 
Hz band. To control the likelihood of resonance and obtain a 
reliable design impact factor, a model of the bridge was con­
structed and tested with a vehicle of variable natural frequency 
and mass. The tests confirmed that resonance was unlikely in 
all but the second and third modes, and then only when the 
veb.icie ii.ad been pre-exciieci by a bump prior w emry on w 
the bridge. A constant impact value of 45 percent of the maxi­
mum mid-span moment was used for design. 

Girder bending stiffness was lowered considerably in order 
to remove the first mode frequency from the 2 to 5 Hz band. 
This increased deflections so that the live load deflection at 
mid-span was 100 mm (3.9 in) or 1/450 of the central span 
length. The current specification of I /800 of the span length 
is based upon the theory that by limiting deflection, the causes 
of '"objectionable" vibrations as perceived by pedestrians, would 

be alleviated. Since the Conestoga structure is on a limited ac­
cess highway, pedestrians would not normally be on the struc­
ture and thus this deflection constraint could logically be waived. 

Since the UDL type of live load as used in the bending de­
sign is not as severe for shear considerations as several concent­
rated loads, design shears were obtained using a number of axle 
configurations and vehicle weights. A load factor of 1.276 was 
used with a distribution factor of S/2.16 for computation of 
girder shear, while a simple span type of distribution was used 
for girder reactions at abutment and pier. 

In order to prevent the concrete deck from cracking in 
the negative moment region and thus losing the fully compos­
ite action, it became necessary to longitudinally prestress the 
deck. The bolt configuration (Figure 6) consisting of a 22.2 
mm (7 /8 in) A325 Type 3 bolt with extra threaded length and 
two nuts in bearing on the top flange. A two nut system was 
required to pre-set the location of the bolt in the hole. The 
bolts were to be placed to one end of oversized holes in the 
top flange to allow shrinkage and elastic shortening from the 
slab stressing to take place freely without stressing the steel-
work. These high strength bolt shear connectors were design-
ed initially in accordance with the AASHTO Specifications for 
welded stud connectors and load factor design, using POBDL 
loading and substituting bolts for studs. They were thus de­
signed for ultimate strength, then checked for fatigue. 

Figure 6. Shear Connector Details 
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Although the use of high strength bolts as shear connect­
ors has been studied (§.), this particular assembly has not been 
tested before. Consequently a testing program was established 
to check if such a bolt would form as a shear connector at 
least as well as an equivalent diameter standard welded stud 
connector, if the load-slip relationship would be affected by 
the 4.8 mm (3/16 in) oversize hole and if the presence of 
threads in the shear plane would affect the fatigue life of the 
connector. 

The results of the static slip tests are shown in Figure 7. 
Rapid slip takes place at 78 kN (17.5 kips) to 89 kN (20 kips) 
until the bolts come into bearing. This slip load is in excellent 
agreement with the proposed Ontario Highway Bridge Design 
Code value for slip resistance at the serviceability limit state 
for grit hlastecl studs of 79 kN (17.8 kips). 

One specimen was taken to ultimate load, when the bolts 
sheared at an average load of 206 kN (46.2 kips) each. With 
the concrete strength of the slabs at 29 .6 MPa ( 4300 psi), the 
calculated ultimate strength of an equivalent diameter stud 
shear connector is 167 kN (37.6 kips). Excluding the perform­
ance factor for the bolt of 0.67, the shear resistance of the 
bolt, according to the Ontario Highway Bridge Design Code is 
185 kN ( 41.5 kips). 

A second specimen was fatigue tested at a load range of 



44.5 kN (10 kips) per bolt for 500,000 cycles with no slip. The 
load was incrementally increased, reaching 111 kN (25 kips) at 
1,000,000 cycles with no slip. The test was terminated at 
1,83 5 ,000 cycles because of fatigue failure of the steel testing 
beam. As also observed in Reference (?J, fatigue is not a de­
sign factor for high strength bolt shear connectors. 

Figure 7. High Strength Bolt Static Slip Test 
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From this testing, it is confirmed that an A325 bolt, tor­
qued to the specified tension, can be used as a shear connector. 
It can be designed as a bolt in shear, since its ultimate strength 
is not defined by the crushing of the concrete around the base 
of the shear connector as is the case of welded studs. 

A portion of the deck was divided into test panels with 
varying slab thickness, transverse steel percentage and concrete 
cover. The slab design was based upon extensive theoretical 
and modelling research (§) . This research indicated that deck 
slabs fail in punching shear, not in the assumed flexural mode, 
and have exhibited a very large factor of safety when compared 
with the AASHTO Specifications. The design and testing of 
these deck panels (in which the minimum transverse steel per­
centl!ge is 0.2 percent) are covered in detail in reference (§). 
Except for these test panels, the deck slab was designed for 
transverse bending by the AASHTO working stress method and 
the distribution of wheel loads was in accordance with Article 
1.3 .2 (~. Consequently 19 mm (3/4 in) reinforcing bars were 
used at 190 mm (7Y2 in) centers (almost I .0 percent), top and 
bottom with extra top steel for the cantilever slab portion. 
Due to longitudinal prestressing, the distribution steel was re­
duced to 13 mm (Y2 in) bars at 305 mm (12 in) centers top 
and bottom throughout. 

A check on the capacity of the bridge was carried out us­
ing both the AASHTO working stress and load factor methods. 
Compariative results are plotted in Figure 8. AASHTO work­
ing stress shows an overstress condition of a maximum of 12 
percent at the piers with the load factor method showing a 
similar capacity to the POBDL method. Since the differences 
between the capacities predicted by the three methods were 
sufficiently small, there was no concern over the adequacy of 
the Conestoga Bridge as designed with the new POBDL criteria. 

Fabrication and erection of the structural steel followed 
conventional methods, with special emphasis placed on camber 
control. A vertical tolerance of± 3.2 mm (±_ ! /8 in) was 
placed upon the setting of the formwork, reinforcing steel and 
prestressing ducts. This was necessary to allow a direct com­
parison between the slab design and the punching shear test 
results. 
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Figure 8. Design Moment Capacity Comparisons 
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The original construction method called for the high 
strength bolt shear connectors to be offset in oversize flange 
holes and remain in position during the placing of the deck 
slab. It was thought that a low torque could initially be placed 
on the bolts and consequently no movement would take place 
throughout the deck forming, re-bar placing and deck pour 
operations, yet allow relatively free movement of the slab dur­
ing the post-tensioning procedure . However, a number of shear 
connectors were found to be out of place when a spot check 
was made after the deck was poured. More than I 0 percent 
of the bolts would be incapable of the required movement, 
thus it was decided to abandon the concept of free slab move­
ment and to fully torque the shear connectors prior to the 
stressing operation. From a design point of view, the addition­
al prestress transfer load could be taken by the shear connect­
ors without fear of slippage, and the compressive prestress in 
the steel girders would not be severe. It was felt that the some 
15 percent loss of prestress at the pier would be offset in part 
by the increase in concrete strength that is normally found in 
the field, over that specified. The presence of the prestressing 
force is not considered to effect the ultimate load carrying 
capacity of the bridge. 

Instrumentation and Testing 

The test program and corresponding instrumentation were 
designed to answer the questions that arose with the formula­
tion of the design and construction methods. It was hoped 
that information relative to the following subjects could be 
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obtained from the prototype tests . 
I. Girder erection stresses and deflected shape. 
2. Nature and degree of prestress. 
3. Theory of slab membrane action. 
4. Effect of the barrier wall, sway frames and slab on dis­

tribution of load between girders. 
5. Dynamic performance. 
Reference (2) contains complete information concerning the 

variety of instrumentation used to monitor load, strain and de­
flection for the static and dynamic testing of the structure. 

Prior to the construction of the barrier wa1ls, a dynamic pull­
down test was carried out. Top and bottom flange strains were 
recorded while jacking against a bulldozer on the shallow river bed 
at midspan . The results were compared to a similar test after the 
construction of the barrier walls. 

Twelve static load locations were selected to produce maxi­
mum effects in the positive and negative moment regions. An in­
cremental loading procedure was followed, using six load lifts with 
a maximum load of two 890 kN (200 kip) test vehicles. To ex­
plore the effect of the sway frames on the distribution of load to 
the girders, a set of static tests was repeated with a single test ve­
hicle in a critical location for positive moments in the north end 
span. Strains were recorded with three instrumented sway frames 
in various combinations of unbolted and fully bolted conditions. 
Jn order to produce influence surfaces for bending moment, a 
single vehicle was successively positioned along the structure in 
3.0 m (I 0.0 ft) increments in each of five test lanes. Top and bot­
tom flange strains in the centrespan, pier and endspan were re­
corded. 

The test vehicle, loaded to a weight of 368 kN (82.7 kips) 
made runs at 48, 64 and 80 km/h (30, 40 and 50 mph) in both 
directions in three Janes. The strain gauge output was recorded 
while the vehicle was on the bridge, and for 30 - 60 seconds of 
free vibration after the vehicle had left the bridge. 

Analysis and Test Results 

Construction and Dead Load 

Good agreement was obtained between a continuous beam 
model and the measured cross sectional average values of bending 
moment and deflection. However, there was up to a 22% variation 
between girders in the mid-span deflections. This variation is due 
to slight differences in camber and a rotation of the pier sections 
allowed by the nominal clearance in the bolted girder splices. 
Significant erection stresses (172.3 MPa or 25 ksi) were observed 
in the bracing members since the sway frames were used to realign 
the girders. Apparent axial forces are present, even prior to stress­
ing of the deck, and can be considered using the top and bottom 
flange strains as outlined in Reference (2). Average axial compres­
sive strains of 110 micro-strain in the centre span were computed 
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from the recorded top and bottom flange strains, which is of the 
correct order of magnitude for typical shrinkage strains. Very 
small axial strains were computed at the pier section. 

Since the stressing of the deck was applied to the composite 
section and not the slab done as originally hoped, recording the 
resulting strains in the girders enabled slab prestress to be deter­
mined. Based upon top and bottom flange strains, the computed 
average sectional slab prestress compares very favourably with the 
design prestress, and in all cases is greater than the required service 
level prestress (Figure 9). The maximum steel prestress at the pier 
was of the order of 24.1 MPa (3 .5 ksi) compression in the top 
flange (which is opposed by tensile live load stresses), with negli­
gible stress in the bottom flange. Maximum top and bottom 
flange stresses were about 29 .0 and 18.6 MPa (4.2 and 2.7 ksi) 
respectively in the centre span. It is felt that these stresses will 
pose no problems as in all cases where high compressive stress 
exists, the live load stress is either very small or tensile in nature. 
The axial forces are fairly uniform between girders indicating the 
prestressing effects were evenly distributed and there was an even 
shear transfer between the slab and girder. 

Thermally induced stresses, were generally rather small over 
the period of observation. The largest stresses were found in the 
bottom chord member of the central sway frame (27.6 MPa or 
4 ksi) for a cyclic ambient temperature variation of 9.4 c0 ( 17 F0 ) , 

which corresponds very closely to the stress one would expect if 
the member were fully restrained . Top chord and diagonal member 
stresses were very small as were the stresses in the bottom laterals. 
Since the stresses in the bottom chords of the exterior sway frames 
were also quite small, temperature stresses appear to be most signi­
ficant in the interior panels where the largest degree of restraint 
against free movement is provided by girders. 

Static Tests 

Grid analysis techniques have been used by several research­
ers (2) to model beam and slab bridges. Good results can be ob­
tained with a careful choice of grid configuration and stiffness 
parameters. The choice of these parameters becomes more dif­
ficult with increasing girder depth and idealizations of the three­
dimensional structure must be made. 

A gridwork of elements was used conforming as closely as 
possible to the configuration of the structural steel. Longitudinal 
members were located at each main girder, with transverse mem­
bers at each diaphragm or sway frame position. Bending and tor­
sional moments of inertia, cross sectional area, bending and shear 
moduli of elasticity were required for each member. Since the 
varying haunch thicknesses at any given section resulted in less 
than a two percent difference in section properties, girder inertias 
were assumed to vary in the longitudinal direction only. 

The barrier wall, cast in 6.1 m (20 ft) lengths with 3 expan­
sion joints, could increase the stiffness of the exterior element 
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by almost 70 percent if fully active. However, the static pull down 
tests performed at the centerline of the bridge showed that there 
was no appreciable difference in either the mid-span deflection or 
girder stress for this symmetric loading. Good agreement was ob­
tained between the test results assuming no contribution from the 
barrier wall to the section properties of the exterior element. 

Several models of longitudinal element torsional stiffness 
were examined before suitable transverse stiffness was evident. It 
was found that by simply taking the torsional stiffness of the slab 
element by itself, the deflections and moments under non sym­
metric loading were overestimated by as much as 30 percent. The 
best model found assumed that the bottom lateral and sway frame 
systems provided lateral support to the exterior and interior girders. 
This in effect is similar to a closed section with the lateral system 
representing the bottom flange of the torsionally stiff box section. 
Each approach considered was examined statistically, comparing 
experimental and predicted response, with the above representation 
providing the necessary torsional stiffness to model the response 
satisfactorily. 

Figure 10 shows two of the static test comparisons for the 
final load lift of 890 kN (200 kip) test vehicles. Linear behaviour 
was observed in all respects for the preceding load lifts. 

A distribution factor was calculated at each of the three 
critical sections for every vehicle position in the static tests. A 

Figure 10. Static Bending Moments And Deflections 
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separate factor was obtained for interior and exterior girders 
shown in Figure 11 for positive and negative moment. In most 
cases the distribution factor computed from test data was con­
siderably lower than that used for design purposes. The factors 
that exceeded the design value were accompanied by low section­
al moments and were not critical. The only case that might be 
considered to be significant is when two vehicles are outside the 
design traffic lane, almost directly over the exterior girder, re­
sulting in a large negative bending moment at the pier in the ex­
terior girder. However, as in all of the tests with a truck on the 
shoulder, this respresents a more severe situation than normally 
contemplated in design. Similar trends in the variation of the 
distribution factor with load position were seen in the single 
vehicle crawl runs. 

Axial forces in the instrumented sway frames were obtain­
ed for all static tests from the strain gauge data. In general, 
the largest forces were found in the bottom chord member of 
the sway frame closest to the loaded area. Maximum live load 
stresses were 86.6 MPa tensile (12. 4 ksi) and 61.5 MPa compres­
sive (8.8 ksi). These stresses by themselves are not severe, how­
ever when coupled with observed erection stresses of up to 
209.5 MPa (30 ksi), a severe stress condition could result in the 
connections. These observed live load stresses in the sway frame 
members agree quite favourably with those computed from 
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Figure 11. Distribution Factors From Static Tests 
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transverse moments and shears as determined from the grid 
analysis. 

Similarly, forces were obtained for the instrumented bot­
tom lateral members. In symmetrically loaded spans the stress­
es were tensile in the order of 14.0 MPa (2 ksi). Eccentric load­
ing, producing longitudinal shear between an exterior pair of 
girders, engages the bottom laterals in a truss-like action. Al­
ternate tensile and compressive forces were seen in adjacent 
members with a maximum observed stress of 64.3 MPa tension 
(9.2 ksi) and 55.9 MPa compression (8.0 ksi). 

Transverse reinforcing bar stresses were obtained near the 
position of maximum positive longitudinal bending moment in 
the endspan. The maximum tensile stress found was 82.4 MPa 
(11.8 ksi) in the positive moment reinforcement of the central 
panel. 

Stresses in the longitudinal reinforcing bars over the pier 
substantiated the design claim of full composite action through­
out the length of the bridge superstructure. Applicable stress­
es are shown in Figure 12 showing definite composite action 
over the pier for several loading conditions. Maximum record­
ed live load tensile stresses in the longitudinal reinforcement at 
the pier was I 0.5 MPa ( 1.5 ksi) corresponding to a concrete 
stress of 1.75 MPa (250 psi) which is well below the design 
tensile stress of 2.65 MPa. (380 psi) shown in Figure 9. 

Due to the high degree of preload in the sway frame mem­
bers, they were not able to be completely removed as original­
ly planned in the distribution tests. However, even in a semi­
connected state there was enough restraint provided to the 
bottom flange of the girders to prevent a slgnlflcant change in 
load distribution. l'he resulting changes in sway trame stresses 
were as much as ±_ 5 0% of their fixed state stresses. It is hoped 
that future tests may clarify the role that the bracing members 
play in the distribution of load. 

From these results it is evident that the standard AASHTO 
distribution factor is extremely conservative while the figure of 
S/2.29 used in the design and substantiated by field tests is closer 
to reality. Researchers have recognized this problem and several 
methods have been proposed to account for the added lateral 
stiffness present in modern composite structures. Figure 13 
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shows the results of one such method (ill that involves the 
determination of actual stiffness parameters before a distribu­
tion factor can be obtained. The resulting distribution factors 
using the stiffness parameters from the Conestoga structure are 
not greatly different from that observed during the prototype 
tests or that used in the design. 

Dynamic Tests 

A natural frequency of 1.61 Hz was observed during the 
pull down tests with no discernable difference in frequency 
between the tests conducted before and after the barrier wall 
was constructed. The power spectrum shown in Figure 14 
clearly identifies vibration modes at 1.68, 2.32, 2.66, 3.12, 
3.44, 3.62, 6.08, 6.42 Hz. If the natural frequencies reported 
in Reference Uill for the bending modes are increased by a 
factor which gives a first mode frequency of 1.68 Hz, then 
frequencies of 1.68, 2.71, 3.63, 6.42 Hz are obtained which 
are in very close agreement with certain of the values from the 
field tests. The character of the damping is a mixture of Coulomb 
and viscous, with the Coulomb component dominant. The damp­
ing is between 0.3 and 0.5 percent of critical for both the second 
and third bending modes, if a viscous model is assumed and the 
values obtained using their logarithmic decrement, This value 
of damping is quite low when compared with that of non pre­
stressed structures. 

The dynamic amplification of bridge motion due to a 
vehicle passage was obtained by examination of the time his­
tories ot bridge response in the penod while the vehicle was on 
the bridge and is considered to be representative of the impact 
factor used for bridge design . The distribution of dynamic am­
plification, although quite scattered, gave a mean dynamic am­
plification of 0.2 with a standard deviation of 0.09, giving a 
coefficient of variation of 0.45. If a normal distribution is 
assumed, these statistics give a probability of exceedance of the 
design impact factor of 0.45 of 2.75 x 10-3 . 

Additional dynamic testing including the simultaneous 
presence of vehicles need still to be analysed to provide a com­
plete view of the dynamic response of the bridge. 



Figure 12. Stress Distributions At North Pier 
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Figure 13. Variable Distribution Factor (After Sanders) 
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Figure 14. Typical Frequency Analysis Of Bridge Vibrations 
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Conclusions 

1. Full composite action has been achieved for the en­
tire length of the bridge using the method of longitudinal pre­
stressing. 

2. For this structure, the design criteria and methods us­
ed enable increased vehicle weights to be safely accommodated 
at no increase in materal compared to designs by AASHTO. 

3. High strength bolts provide a satisfactory shear con­
nection between the girder and slab. 

4. The observed load distribution was significantly bet­
ter than that suggested in present AASHTO specifications. The 
distribution factor used in the design is substantiated by the 
test results and current research. 

5. The bracing system provides lateral restraint to the 
girder bottom flanges, increasing the torsional stiffness of the 
structure and considerably improving the distribution of load. 

6. This very flexible structure with a first natural fre­
quency below the usual range of vehicle frequencies appears to 
have satisfactory dynamic properties. 

7. The Conestogo River Bridge responds in a manner 
which is consistent with the design assumptions. 
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LABORATORY AND FIELD STUDIES OF A PEDESTRIAN BRIDGE COMPOSED OF GLASS REINFORCED PLASTIC 

Fred C. McCormick, Consultant, Virginia Highway and Transportation Research Council 

The design, fabrication, and load-testing pro­
cedures are described for girders composed en­
tirely of glass-reinforced polyester (GRP) 
resin. The girders are 4.9 m (16 ft.) long and 
have geometric features which include trussed 
webs, a solid flange plate, and a triangular­
shaped cross section. Three of the girders 
were attached laterally by a GRP cover plate in 
the laboratory to provide a complete superstruc­
ture for a pedestrian bridge 4.9 x 2.1 m (16 x 
7 ft.). The lightweight, high strength, and 
formability of the GRP materials permitted 
fabrication and handling of both the components 
and the completely assembled structure without 
the use of heavy equipment. The weight of the 
GRP superstructure was approximately 360 kg 
(800 lb.). Laboratory tests were conducted to 
ascertain the load transfer characteristics at 
the GRP plate and concrete deck interface. 
Live load tests were performed to measure 
strains, deflections, and the creep behavior of 
a full-scale girder exposed to prevailing cli­
mactic conditions. Comparisons of theoretical 
and experimental results ranged from nearly zero 
up to 20% in which the experimental results were 
usually lower than the predicted values for de­
flections and strains. The bridge is scheduled 
for field erection in 1978 and observations will 
be made for five years to monitor its structural 
behavior, the effects of weathering, and user 
abuse. 

The structural use of glass fiber-reinforced 
plastics (GRP) has been evident in the automotive, 
aircraft, and boat industries for a number of years. 
Civil engineers in general, and bridge engineers in 
particular, have been slow in exploring the applica­
tion of structural plastics. Three principal fac­
tors which discouraged a consideration and earlier 
use of synthetic composite materials were (1) a de­
ficiency of basic data on the properties of the 
materials and field experience necessary for design, 
(2) a ready source of available materials in famil­
iar geometric configurations, and (3) a continuing 
source of the relatively cheaper conventional con­
struction materials. In recent years, these factors 
have changed to the extent that a consideration of 
synthetic composites as an alternate construction 
material has become feasible. This is not to say 

that all former inhibitions and obstacles to the se­
lection of a composite material for a given structure 
or bridge have been eliminated. There is still a 
great deal to learn about both the short- and long­
term properties of these materials, but each passing 
year catalogues additional valuable data gained from 
in-service structures upon which confidence and de­
sign procedures can be established. A number of 
professional groups from the camps of both the pro­
ducers and users have issued guidelines and specifi­
cations which are useful to designers. Chief among 
these efforts is the forthcoming ASCE Manual for the 
Design of Structural Plastics prepared under the di­
rection of the Structural Plastics Council of the 
American Society of Civil Engineers. 

The introduction over a decade ago of GRP shapes 
similar in geometry to structural steel shapes pro­
vided some motivation for designers to consider syn­
thetic composites for structural applications where 
appropriate. However, the low elastic modulus (ap­
proximately 10% that of steel) and flamability char­
acteristics of these products have limited structural 
applications to services demanding high corrosion 
resistance and electrical insulation. 

Cost considerations for GRP materials were im­
proving rapidly until 1974, when the price of petro­
chemical products increased drastically. Currently, 
the rates of rise in costs are approximately equal 
for both synthetic resins and the conventional mate­
rials of construction. The raw material components 
in popular GRP systems now cost approximately $1.32 
per kg ($0.60 per pound) and fabricated structural 
shapes in the range of $3.30 per kg ($1.50 per 
pound). Even though these unit costs are higher 
than those for steel and concrete materials, 
strength-to-weight ratios, fabrication procedures, 
lifetime maintenance costs, and other considerations 
provide a cost-benefit advantage for GRP composites 
in a growing number of structural applications. 

An experimental study of a GRP light-duty bridge 
is described in this paper. A reduction in cost 
from that incurred in the use of conventional mate­
rials and construction procedures was anticipated 
from (1) the use of industrialized fabrication tech­
niques, (2) a short erection time, (3) reduced dead 
weights, and (4) a maintenance-free life of many 
years. The development of a trussed girder as the 
principal structural member of the bridge evolved 
over the period from September 1971 to June 1976 and 
is described in several publications.(_l,£,}_,~_) Rec­
ommendations have been made to pursue a study of a 
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full-scale, in-service bridge in order to investi­
gate variables of force, temperature, moisture, sun­
light, and abuser use.(~) Approval for the project 
has been obtained under the classification of an 
"Experimental Feature" in the construction of a rec­
reational rest area located along Interstate 66 ap­
proximately 5 km (3 miles) northwest of Front Royal, 
Virginia. 

Functional and esthetic considerations of the 
site dictate a pedestrian bridge 4.9 m long by 2.1 m 
wide (16 feet x 7 feet), which will span a small 
creek and blend with the natural appearance of a 
wooded area . The esthetic requirements are to be 
satisfied by using exposed aggregate concrete as the 
bridge deck to match adjacent gravel paths, timber 
handrails, and green glass -reinforced plastic (GRP) 
plates over the trusses to blend with the trees 
and summer flora. 

The research project was planned to be carried 
out in two phases. Phase I, which has been com­
pleted, was devoted to the fabrication and load 
testing of a single, full-scaled girder . Phase II 
deals with the fabr ication, erection, load testing, 
and related matters of the prototype bridge struc­
ture. The entire bridge has been fabricated and 
completely assembled i n the Composite Materials Lab­
oratory at the University of Virginia. Precast con­
crete seats for the bridge have been cast to ensure 
an accurate fit and to minimize the time needed to 
erect the superstructure at the site. 

Objectives 

Specific objectives of Phase I were: 

1. To perfect design and fabrication procedures 
for a girder dimensionally scaled up from pr evious 
specimens. 

2 . To compare analytically predicted deflec­
tions with deflections which occurred when the con­
crete slab was cast on the top plate of the girder. 

3. To observe the behavior of the composite 
girder during a live load test of 4,060 Pa (85 psf). 

4. To observe the behavior of the composite 
girder under static load for an extended period of 
time. 

Specific objectives of Phase II are: 

1. To design, fabricate, assemble, and instru­
ment the complete bridge structure. 

2. To establish procedures for :expeditious 
field erection of the superstructure, placement of 
concrete deck, and installation of handrails. 

3. To observe the behavior of the bridge under 
a live load test equivalent to the design load of 
4,060 Pa (85 psf). 

4. To monitor the bridge for a period of five 
years to determine the effects of materials creep, 
weathering, and user abuse. 

Phase 1 1-'reliminary 'l'est Girder 

Design 

The preliminary test girder was designated TTG-
13 (triangular-trussed girder specimen number 13) 
and was basically a scaled-up version of TTG-12, 
which is described in reference 1. Figure 1 is a 
view of TTG-12 with the principal features of the 
girder identified. The overall length of TTG-13 
was 4.9 m (16 ft.), the width of the top cover 
plate was Tl cm ( 28 in,); Ann thP. clP.pt.h from the 

top plate to the lower chord was 40 cm (16 in.). 
The depth was considered to be relatively shallow 
compared to the width, but was adopted to satisfy 
anticipated site conditions. 

A criterion of 13-mm (0.5-in.) deflection at 
midspan under a uniformly distributed live load of 
4,060 Pa (85 psf) was used for designing the fibe r­
glass elements. The concrete deck slab was assumed 
to act as a portion of the top flange of the girder 
in meeting the criterion for live load. Because of 
the shallow depth of the girder and the·deflection 
limitation, the predicted design stresses in the 
tension elements were low relative to a potential 
working stre ss of 172 M Pa (25,000 psi). The maxi­
mum computed stress was 36 M Pa (5,300 psi) and oc­
curred in a lower chord element. The final sizes of 
the bottom chord and web diagonals were determined 
by means of a computer program based on the finite 
e l ement analysis described in reference 2. The 
total numbers of strands of glass roving used in the 
elements are shown in Figure 2. 

Figure 1. Typical test specimen of a triangular 
trussed girder showing the principal features. 

Fabr.ication 
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Specimen TTG-13 was ~abricated in essentially 
the same way as previous girders had been fabri­
cated; namely, by cutting and fitting the pultruded 
rods, tubes, and lower chord connectors; bonding 
the top plate and stiffeners; mounting the top 
plate on a mandrel and attaching vertical stiff­
eners and lower chord connectors; and winding and 
curing the tension elements. (The pultruding proc­
ess is used to form structural shapes by simultane­
ously pulling a number of continuous strands of 
resin-impregnated glass roving through a heated die 
which cures Llle rt!sl11 wiLhin several minutes.) 
Figure 3 shows the specimen mounted on the mandrel 
JusL JJrlur Lu wlrnliHg and Figure 4 shows the com-
!J~cl.cU ~_;_i. ~c:.L _;_u :..~ic L w-:i_1-1.5 v-,,-.:L"i. ~ct~ .. -... -ic·.;:::; :::;:t.c";; 
the girder in an inverted position. A description 
of the glass, resin, and other materials used is 
given at the end of the paper. 

No metallic fasteners were used in any of the 
connections. Resin-impregnated wooden bolts were 
used along with an epoxy adhesive to attach the top 
plate to the transverse stiffeners. Pultruded 
fiberglass rods 0.9 mm (3/8 in.) in diameter were 
used to fasten the ends of the vertical stiffeners 
to the transverse stiffeners, and o.6 mm (1/4 in.) 



Figure 2. Comparison of winding paths and number of strands for TTG-13 and TTG-WC. 
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Figure 3 . Stiffener and flange plate mounted on 
mandrel prior to winding the tension elements. 

Figure 4. A completed girder in an oven for post­
curing resin at 54.4°c (1300F). 
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diameter rods were used to fasten the stiffeners and 
lower chord connectors. 

Two strands (3,120 fibers per strand) of glass 
roving were simultaneously impregnated with resin 
and used to build up the tension elements by contin­
uously winding the strands manually around anchor 
points formed by the transverse s t iffeners and t he 
lower chord connectors. The winding paths and the 
number of strands used in the development of the 
tension elements are included in Figure 2. Cross 
diagonals were included in all of the panels i n 
TTG-13 to satisfy anticipated shear forc e require­
ments generated by partial live loading on the top 
plate. However, with the subsequent application of 
the concrete deck, it was determined that the de­
sign live load did not impose a tensile stress upon 
the cross diagonals, so they were not included in 
the prototype structure. A cover plate 0.6 mm (1/4 
in.) thick was bonded to the top plate of the girder 
prior to placing the concrete deck. 

The manpower requirement for the fabrication of 
the 4.9 m (16 f t.) long specimens was limited to one 
person fo r all cutting and assembly operations, ex­
cept on occasion when the cumbersome mandrel or top 
plate had to be moved. Winding the tension elements 
was more efficiently accomplished by the use of 
three persons, one of whom r otated the mandrel and 
kept count of the number of strands as they were 
placed. Approximately six man-hours were required 
to wind TTG-13. 

Instrumentation 

Six electrical resistance strain gages were 
bonded with an adhesive to selected elements in the 
specimen. The gages were Type EA-06-250-BF-350, 
supplied by the Micro-Measurements Company, and were 
bonded with M-bond 200 (Methyl-2-cyanocrylate adhe­
sive). Deflections at several panel points during 
load tests were measured by mechanical dial indica­
tors with least readings of 0.025 mm (0.001 in.). 
Data from these instruments will be presented and 
discussed later . 

Concrete Deck Placement 

The test specimen was supported at both ends by 
wooden frames built to fit the V shape formed by the 
inclined stiffeners. No support was applied direct­
ly to the lower chord stiffener connector. A wooden 
side form for the 76 mm (3 in.) thick concrete slab 
was placed adjacent to the outside edges of the top 
plate and supported along its length so that the 
member could deflect independently from the form as 
the concrete was applied to the girder. Consequent­
ly, the finished depth of the concrete varied from 
98 lll!ll (3-7/8 in.) at the center of the girder to 
83 mm (3-1/4 in.) at the ends . Just prior to plac­
ing the concrete, the fiberglass plate was sanded, 
clP.RnP.d with an acetate solvent, and coated with an 
epoxy adhesive especially formulated to bond fresh 
r.onr.rP.tP. to solid materials. With a unit weight of 
? _ ??4 Ka /m3 ( 119 ncf) . the concrete slab weighed ap­
p~oximately 680 kg (1,500 lb.). Cylinder tests of 
the concrete indicated a compressive strength of 36 
M Pa (5,300 psi) and a compressive modulus of elas­
ticity of approximately 24,800 M Pa (3,600,000 psi) 
after moist curing for 32 days. Using the rule of 
mixtures for the concrete and plate , an equivalent 
modulus for the top flange of the girder was com­
puted as 23,400 M Pa (3,400,000 psi). This value 
was used in the analytical determination of live 
load deflections and stresses. 

Live Load Tests 

A uniformly distributed live load of 3,680 Pa 
(77 psf) was applied to the girder by placing steel 
barrels on the concrete slab and filling them with 
water. Figure 5 shows this test in progress. The 
load was removed from the girder as soon as strain 
and deflection measurements were recorded. No 
signs of distress in the girder were noted during or 
after the test . Figure 6 shows a comparison of the 
measured and computed deflect i ons at va r ious loca­
tions on the girder. The experimental data indicate 
nearly linear relationships between the load and de­
flection. These curves also indicate that the de­
fl ect ions were approximately 70% of the computed 
values. 

Subsequently, the barrels were filled with sand 
to apply an equivalent uniform live load of 4,300 Pa 
(90 psf) to the slab. The barrels were filled pro­
gressively from one end of the girder to observe the 
behavior of the cross diagonals throughout the mem­
ber. Computat ions had_ predicted that the cross di­
agonals would go into tension under a live load of 
4,060 Pa (85 psf) applied to one-half of the girder 
length. However, the partial l oad caused no shear 
reversal in the unloaded panels so that the cross 
diagonals remained in compression during the test. 
It was planned to leave this load on the girder for 
an indefinite period of time t o observe possible 
creep deflections and weathering effects. Four days 
after loading, the joint at the lower chord connec­
tors and the stiffeners at both ends of the member 
failed due to t he l ateral force exerted on the 
stiffeners by the V supports. Figure 7 shows the 
displacement of the stiffener and distortion of the 
joint after failure occurred. While this was con­
sidered t o be a serious failure of the girder, the 
member apparently lost no strength nor stability. 
Therefore, the l oad was not remove d. Periodic 
creep deflection measurements and inspections for 
weathering were continued for several months. Fig­
ure 

0

8 shows the net deflection of the top surface of 
the girder at midspan and at the supports over a 
period of time. These data were obtained with a 
surveyor's level and rod. The settlement at the 
supports was due to deformation of an asphalt pave­
ment beneath the supports. The fluctuations ob­
served at the centerline of the girder were attri­
buted to thermal effects or measurement errors. 

Figure 5, Live load test of TTG-13 with water­
filled barrels for a distributed load of 3,680 Pa 
(77 psf). 
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Figure 6. Comparison of theoretical and experimental deflections for 
live load test of TTG-13. 25.4 mm= 1 in.; 47.8 N/m~ = 1 psf, 

Figure 7. End view of girder 
TTG-13 showing the failure of a 
,joint at a lower chord connector 
due to the seat bearing load. 
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Figure 8. Creep of TTG-13 at center span and sett'lement of the 
supports with a constant live load of 4,300 N/m2 (90 psf), 

~ 
; 
0 12 .... 
+-' 
0 f 
" .-< 16 .... ' I 
" "' '- - - - - - - - - --- --
" 20 

" "' 
Center Span 

3 

~ 24 0 

"' 
28 

40 80 120 160 200 

Time in Days 

There appeared to be little, if any, creep deflec­
tion at the center of the girder for the first 
three months of the test. Over the next three 
months, however, a fairly constant rate of approxi­
mately 0.23 mm (0.009 in.) per day was observed. 
Subse~uently, the rate decreased to approximately 
0.04 mm (0.002 in.) per day. During this time it 
was noticed that the wooden supports were deforming 
at the joints and altering the bearing conditions of 
the girder appreciably. Therefore, it is not known 
whether the observed flexural creep of the girder 
was due to (uncompensated) movement of the supports 
or the yielding of the GRP materials within the 
girder. Figure 9 shows the terminal deflection of 
76 mm (3 in.) of the center of the girder just 
prior to removal of the live load. 

Quantitative weathering measurements (such as 
weight loss of coupons) were not made. However, it 
was noted that bleaching of the original greenish 
tint of the resin occurred gradually with time. 
Some "blooming" of the fibers (exposure of glass 
fibers due to erosion of the resin from the surface) 
was also noted after about six months on exposed 
surfaces of the pultruded shapes. Fiber blooming 

240 280 

increased progressively over the test period but 
did not appear to influence the serviceability nor 
the performance of the girder in any way. 

Figure 9, Deflection of TTG-13 at midspan relative 
to the ends of the girder just prior to removing 
the live load. 
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Creep Test of TTG-12 

Experience with the fabrication and testing of 
TTG-13 indicated the need to study further the con­
sequences of casting the concrete deck slab on a 
girder with temporary intermediate supports. There­
fore, an experiment was conducted with specimen 
TTG-12 to investigate stress transfer from the fi­
berglass girder to a concrete slab cast on the top 
plate. An effort was made also to evaluate the 
integrity of the epoxy joint between the girder 
plate and the concrete slab as a load was applied 
to the composite girder. It was recognized that the 
deflection of the girder would be excessive under 
the weight of the fresh concrete because composite 
action of the fiberglass girder and the bonded con­
crete slab would not become effective until after 
the concrete developed compressive strength. It was 
reasoned that the deflection of the girder should be 
reduced by supporting it with falsework along its 
length until the concrete hardened, but it was not 
known how the top plate of the girder and the con­
crete slab would interact when the falsework shor­
ing was removed. The experiment with TTG-12 was 
therefore planned to observe the behavior of the 
girder (a) as the concrete slab was cast, (b) when 
the interior supports were removed, and (c) follow­
ing the load transfer to the slab. 

Procedure. The test specimen was instrumented 
with electrical resistance strain gages and dial 
indicators and was supported temporarily at the two 
panel points adjacent to the center stiffeners. 
Placement of a concrete slab 76 mm (3 in.) thick 
followed the application of a coating of epoxy ad­
hesive to the top plate of the girder. The slab was 
moist cured for 8 days during which time the com­
pressive strength reached 21 MPa (3,000 psi). At 
that time, the interior supports were removed and 
strain and deflection measurements were initiated. 
Deflections were measured for 145 days and strain 
measurements were made for 16 days. 

Experimental Results . As was expected, place­
ment of the concrete slab caused downward deflec­
tions of the top plate of the girder between sup­
ports. The deflections increased equally 0.3 mm 
(0.012 in.) at each dial indicator during the first 
48 hours after placement. Additional deflections 
of approximately 0.25 mm (0.010 in.) were measured 
at each gage over the next 6 days. Removal of the 
interior supports caused a fairly uniform downward 
displacement of the girder of approximately 1.5 mm 
(0.060 in.). Displacements occurring after the in­
terior supports were removed are shown in Figure 10 . 

Discussion of Results. Overall, the test data 
indicated that considerable time was required for 
the test specimen to be transformed from a three­
span continuous member with an inactive (concrete 
slab) r.omprP.ssivm fl angP. to a si ngl P.-span member 
with t.he ~onr.ret.~ Rlah Rr.t.ing RR t.hP. r.om!1rPRRirm 

flange. The strain data from the top plate clearly 
showed that the neutral surface of the girder imme­
diately moved into the concrete slab when the inte..., 
rior supports were removed. These data also indi­
cated that the adhesive bond between the concrete 
and the girder plate initially was adequate to 
transfer whatever shear stresses developed at the 
interface. However, the long-term deflection data 
shown in Figure 10 are subject to speculative in­
terpretation. One interpretation would suggest 

that the concrete slab continued to cure and shrink. 
with consequent increased deflection of the 1?1irder. 
It might also be argued that the concrete deformed 
due to compressive stresses and that the reinforced 
plastic tension elements also underwent creep defor­
mation, but the relatively low stress levels in­
volved do not support this contention. Relaxation 
or progressive failure of the adhesive at the con­
crete-GRP plate interface also could have caused the 
deflections observed. 

The data of Figure 10 are believed to be reason­
ably accurate but they do present several dispari­
ties. First, it would be expected that the midspan 
deflection would be greater than that at the points 
closer to the end supports. The data indicate that 
all three points deflected approximately equally for 
the first month of observation. Secondly, there ap­
pears to be a significant change in the rate of the 
deflection at two of the gages approximately 30 days 
from the time the interior supports were removed. 
This behavior could occur if the adhesive bond at 
the concrete slab-plate interface failed suddenly, 
but if the bond did fail, it seems unlikely that 
only two of the gages would have been affected. 

In summary, the data from this experiment did 
not clearly identify principal mechanisms control­
ling the behavior of the girder, but the test pro­
cedure and results did provide insight for the an­
ticipated behavior and construction procedures for 
the prototype structure. Modifications in the de­
sign and erection procedures for the prototype re­
sulting from these observations will be described 
later. 

Phase II ~ Prototype Bridge 

The prototype bridge (TTG-WC) was 4.9 m (16 ft.) 
long and 2.1 m (7 ft.) wide. It consisted of three 
identical girders, similar to TTG-13, connected by 
bonding a cover plate to each of the top flange 
plates and by tieing the lower chords together with 
strands of resin-impregnated glass roving. Each 
girder was 71 cm (28 in.) wide and 46 cm (18 in.) 
deep. Elimination of the cross diagonal elements 
included in TTG-13 required some changes in the lay­
up pattern of the roving in the chord and diagonal 
elements. The final configuration used is shown in 
Figure 2 in comparison with that used for TTG-13. 
Approximately the same amounts of glass were used 
in the elements for both patterns. An increase in 
depth to 46 cm (18 in.) from the 40 cm (16 in.) 
used for TTG-13 reduced the predicted deflections 
and stresses from those determined for TTG-13. The 
design dead load was 2,250 Pa (47 psf) and the de­
sign live load was 4,062 Pa (85 psf). 

Several modifications in the design were made to 
TTG-WC as a result of the tests conducted with TTG-
12 and TTG-13. 

1. 'rnP. ernRR ai agonal elemP.nts were omitted in 
all of the panels. These were considered unneces­
RAry fnr t.hP Rt.Rhil i t.y 0f t.nP. mPmhPr. 

?_ Rn~ ~lR+P~ n~ l? mm (1/? in ) +hirk mR+~~iRl 

salvaged from scraps of the top flange plate were 
fitted and bonded in the triangular space between 
the stiffeners at the ends of the girders to pre­
clude the type of failure experienced with TTG-13. 

3. Narrow strips of 12 mm (1/2 in.) thick plate 
were bonded to the top of the cover plate in a di­
rection perpendicular to the length of the bridge. 
These strips served as mechanical shear connectors 
between the cover plate and the concrete slab. They 
also were used as clamps during the bonding of the 
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Figure 10. Deflections observed in TTG-12 during stress transfer from flange plates 
to the concrete slab. 
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cover plate by bolting them securely to the flange 
plate of each girder. 

4. The dimensions of the lower chord connector 
were altered slightly to provide better end bearing 
support for the mating stiffeners. 

Fabrication of Girders 

The fabrication of TTG-WC closely paralleled 
that of TTG-13 with some modifications. These modi­
fications included the replacement of wooden bolts 
with brass bolts in the flange-to-stiffener connec­
tion, the elimination of positioning pins in the 
joint between the stiffeners and the lower chord 
connectors, and sandblasting of all bonded surfaces. 
A corrosion resistant metallic bolt was used to pro­
vide more strength than that available from the 
wooden bolts. The 6 mm (1/4 in.) diameter pins were 
omitted from the lower chord connector because they 
were determined to be structurally ineffective and 
were not required for the assembly procedure. All 
mating surfaces which were to be bonded with an 
epoxy adhesive were sandblasted to assure removal of 
the release agent used in the manufacture of the 
pultruded products. A No. 1 silica sand was used in 
a sandblaster at an air pressure of 275 Pa (40 psi) 
to clean the surfaces of plates and stiffeners. 
This operation was time-consuming but provided a 
better bond surface than previously obtained by 
belt sanding. The manpower requirement for the 
winding operation of each of the three girders was 
approximately the same (six man-hours) as that for 
TTG-13. 

Time in Days 

Assembly of Bridge 

The three identical girders were assembled to 
form the prototype structure by bonding a common 
cover plate (6 mm [1/4 in.J thick) to the top flange 
plate and by connecting the lower chords with strands 
of glass-impregnated roving. It was essential that 
the adhesive joint between the girder flange and 
cover plate should be as free from voids as possible 
to develop the shear strength required for the in­
tegrity of the compression element for the bridge. 
Experience in bonding large surface areas during the 
assembly of TTG-8 (see reference 2) had provided an 
indication of the difficulty in achieving a void­
free joint. The two primary contributing factors in 
the assembly problem was the inherent warpage of the 
pultruded plates and the bending, or distortion, of 
the top plate resulting from the attachment of stiff­
eners and tension strands during the fabrication of 
the girder. While both of these factors were indi­
vidually small, there was some concern that the dis­
tortion could be eliminated in order to provide con­
tact over most of the plate area within the 0.075mm 
(0.003 in.) thickness required by the glue line. It 
was obvious that a normal clamping force would be re­
quired to hold the surfaces together while the adhe­
sive cured. Because of the large areas involved and 
the time required to complete the joint, an epoxy 
that cured at room temperature was selected as the 
adhesive. 

In view of the above considerations, steel beams 
were placed transversely beneath all three girders 
and supported at the ends so that the top plate of 
each girder rested directly upon the steel beam. 
Careful leveling of the beams and alignment of the 
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girders longitudinally achieved a reasonably rectan­
gular and planar configuration for the overall sur­
face for the bridge. The cover plates, 1. 2 m ( 4 ft. ) 
wide, were cut to l engths of 2.1 m (7 ft.) to elim­
inate all longitudinal joints and to simplify the 
bonding procedure. Four cover plates were therefore 
used to cover the entire bridge area. Prior to ap­
plying adhesive to both plates, the surfaces were 
cleaned thoroughly with an acetate solvent. Con­
tact between mating plate surfaces was achieved by 
applying C-clamps along the edges, bolting three 
clamping strips per cover plate, and applying pres­
sure through an air bag over the center portion of 
the plate. Figure 11 shows a typical arrangement 
for bonding one of the cover plates. The supporting 
steel beams may be seen in the lower right of the 
figure. The air bag was in contact over the full 
width of the bridge along a strip slightly l ess than 
1 m (3 ft .) wide. The adhesive was permitted t o 
cure under pressure for at least 5 days at a room 
temperature of approximately 23oc (70°F). Inspec­
tion of the bonded joint after curing was made by 
visual observation around the edges of the plates 
and by scanning portions of the plates with an ul­
trasonic detector. The visual inspection revealed 
that most, but not all, of the peripheral joints 
were free of open cracks . 

Several regions which were either considered to 
be well-bonded or had a likelihood of improper bonds 
were selected for ultrasonic scanning. The well­
bonded regions included the central portions of the 
contact surfaces over which the air bag had been 
pressurized. The regions of questionable bonds were 
along the interior edges of the cover pl at es, t he 
interior edges of the flange plates, and particular­
ly the "corner" areas formed at the intersections of 
the joints in the flange and cover plates. As de­
scribed previously, the inherent curvature in the 
r espective plate s and the inabil ity to provide posi­
tive clamping along the interior edges of the cover 
plates during assembly raised some doubts as to the 
nature of the bonded joint in these areas. The ul­
trasonic inspection was made with a V-Scope, Model 
C-4960, manufactured by James Electronics of Chica­
go, as shown in Figure 12. The V-Scope measured the 
time required for a high frequency audio wave to 
pass through the two plates and epoxy joint. Cali­
bration of the instrument with a "good" joint and 
one with an extensive void established a well-de­
fined measurement of the time delay due to the void. 
Afiproximately 50points along the joined edges of the 
plates were surveyed. Nearly one-half indicated the 
presence of voids. However, the voids did not ap­
pear to extend beyond 75 mm (3 in.) from the edge of 
the plate. One point (at one of the corner inter­
sections) strongly indicated a crack or a separation 
of the plates extending approximately 75 mm (3 in.) 
from the edge. None of the points checked with the 
V-Scope in the central regions of the plates (pre­
sumably well-bonded areas) showed any indication of 
voids or cracks. From the visual inspections and 
ultrasonic surveys of the bonded plates, the plate 
assembly procedure appeared to be successful even 
though it was tedious and required intermittent 
steps. 

After the cover plate was bonded to the top 
plate of the girders , the entire structure was in­
verted and the lower chord connectors of parallel 
girders wer e t i ed t ogethe r with strands of roving as 
described previously. This operation was quite sim­
ple and was completed within several hours. Figure 
13 shows this operation. However, inverting the 
structure without exerting undesirable forces or 
distortion on the plates or cho.rds required special 
efforts and fixtures. Wooden braces were attached 

Figure 11. Bonding of cover plates on TTG-WC with 
pressure applied by C-clamps and by means of an air 
bag. 

Figure 12. Inspection of bonded plate j oints by 
means of an ultrasonic scanner. 

Figure 13. Connecting the lower chords of TTG-WC 
with continuous strands of resin- impregnated fiber­
glass. 



throughout the bridge and movable wooden towers were 
built to support the structure as it was rotated. 

Instrumentation 

The bridge was instrumented with electrical re­
sistance strain gages to monitor the deformation of 
various diagonals, chords, and plates. A total of 
20 electrical strain gages (Micro Measurements CEA-
06-250-UW-350) were bonded (epoxy, M-Bond AE 15) to 
the surfaces at selected locations to measure 
strains in various stranded elements and plates. 

Prefabricated Concrete Seats 

Concrete seats were designed and prefabricated 
in the laboratory to match exactly the sawtooth pro­
file of the ends of the assembled bridge. The seats 
were designed to provide bearing over approximately 
the middle one-third length of each end stiffener 
with sufficient clearance around the lower chord 
connector to preclude any bearing on the stiffener 
after settlement in the supports. A 6 mm (1/4 in.) 
thick layer of elastomeric material was cast into 
the concrete surfaces along the bearing length to 
assure uniform pressure on the stiffener surfaces. 
The width of the seat was 10 cm (4 in.) to accommo­
date the full width of the double stiffener assembly 
at the ends of the girders. Attachment to an abut­
ment in the field was provided by dowels extended 
from the back face of the seat which were anchored 
when the backwall was cast. No anchorage provision 
was made to hold the bridge in the seat as the dead 
weight of the completed structure should compensate 
for any uplift which might be anticipated. 

Schedule for Field Studies 

Originally, the erection of the pedestrian 
bridge was scheduled for the spring of 1977. How­
ever, certain environmental c8nsiderations at the 
highway rest area postponed the advertisement of 
bids for construction. At the time of this writing, 
it is anticipated that the bridge will be erected 
during the summer of 1978. Therefore, data from 
load tests and evaluations of erection procedures of 
the prototype structure will appear in the final re­
port of the project to be issued upon completion of 
all proposed work. 

Materials Used in Fabrication 

The following materials were used for the fabri­
cation of the girders. 

1. Pultruded SQUare tubes and plates were ob­
tained from Morrison Molded Fiberglass Company, 
Bristol, Virginia. All materials were grade Extren 
500. 

2. Fiberglass reinforcement was obtained from 
Owens Corning Fiberglass Company, Toledo, Ohio. 
Type 30, E glass roving was used for winding all 
tensile elements. 

3. Polyester resin, Type E 447, used to impreg­
nate the glass roving, was also obtained from Owens 
Corning Fiberglass Company. Small Quantities of 
MEKP were used as the catalyst to provide a gel 
time of approximately 50 minutes. 

4. Joints between pUltruded sections and plates 
were bonded with epoxy adhesives furnished by Morri-

son Molded Fiberglass Company (Kit 502) and H. B. 
Fuller Company, St. Paul, Minnesota, (Resiweld 
FE7004). 
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5. The bonded joint between the cover plates and 
the concrete slab was made with an epoxy, Sikadur Hi­
Mod, obtained from Sika Chemical Corporation, Lynd­
hurst, New Jersey. This epoxy was a two-component 
material consisting of 1-1/2 parts epichlorohydrin 
bisphenol A to l part of the reaction product of an 
aliphatic polyamine and monofunctional epoxide modi­
fied with 2.46 tri (dimethylaminomethyl) phenol. The 
initial viscosity for the blended adhesive was speci­
fied as 2,000 cps and a tensile strength of 24.l MPa 
(3,500 psi) was to be developed after curing for 14 
days. 
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METHODS OF CALCULATION OF THE WIND-INDUCED 
RESPONSES OF SUSPENDED-SPAN BRIDGES 

Robert H. Scanlan 
Department of Civil Engineering 
Princeton University 
Princeton, New Jersey 

Abstract 

An outline is given of the manner in which 
expressions for the buffeting forces of the wind, 
together with those for the self-excited aero­
dynamic forces due to resulting bridge motion, may 
be used to predict the random response of a long­
span bridge to the action of the natural wind. The 
problem is examined in terms of the individual 
responses of the several modes of the structure as 
they are randomly excited, both in space and in 
time, by wind gusts. The bridge deck modes in ques­
tion are each considered to have vertical, torsional 
and lateral sway components. Recent formulations 
for wind horizontal and vertical gust spectra are 
employed. More complete literature references are 
cited for the details of the methodology used. 
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Introduction 

The wind-induced responses of suspended-span 
bridges include vortex-induced activity, flutter, 
galloping, and buffeting. Basically, the intrinsic 
character of each of these phenomena is determined 
in the first instance by the geometry of the deck 
cross-section, It has become the practice in the 
last ten years to abstract the measured unsteady 
aerodynamics characteristics of the deck- once 
its geometry is set- from its particular struct­
ural characteristics. The two may then be reunited 
later in whatever way is dictated as appropriate 
by the structural dynamics of the full bridge. 

The aerodynamic forces consist of a) the steady 
forces, b) the gust, or buffeting forces, and 
c) the self-excited forces (related to motions of 
the bridge). Any analysis must provide for all of 
these. 

In modern bridges the vertical, torsional, and 
sway components of any given natural structural 
mode must all be considered; modes are not correctly 
characterized uniquely as being uncoupled in each 
of these motions. The motion in one component 
sense will engender structural and aerodynamic 
forces in one of the others, and these interact, 
Hence analytic provision must be made for all 
possible forces as a study progresses. 

While section models of bridges remain the 
investigatory method of choice, they should now 
be conceived of only as purely geometric sources 
of aerodynamic data, never as proper analogs of 
the full prototype. This is true because conditions 
under which a section model can be conceived of 
as truly representative of a prototype are indeed 
very restrictive: the bridge deck must be 
straight; bending and torsion modes must be strictly 
Ulll'.UU]Jleu, auu Ll1ey must possess ldentll'.al modal 
r ~ • • 
J.U.1.Ul U...l..OLJ......l..UUL...L.Vll VVt'-.L Lllt'- t'-UL.1..lt'- ::;pau, VLlH:!l.WJ..t:i~, 

a section model can be a misleading object of study. 
Further, section models should not be tested 
exclusively in laminar flow, but the effects of 
turbulence included (or considered) in order to 
verify its local effect up deck-section aerodynamic 
properties. 



Structural Modes 

It will be assumed here that a single, linear 
spanwise coordinate x suffices to define any point 
along the bridge span (even if the latter is 
curved in plan or elevation). Since the full 
bridge is three-dimensional, with displacement 
components h(x), a(x), p(x) in vertical, torsional, 
and sway directions, respectively, the total deck 
section displacement may be represented as a super­
position of the components in modes i: 

h(x, t) l: hi (x) B ~i (t) (la) 
i 

a (x, t) l: ai (x) ~i(t) (lb) 
i 

p (x, t) l: pi(x) B ~i (t) (le) 
i 

where B, the deck width, is a reference length. 

Steady Aerodynamic Forces 

These are simply given for unit span by 

Lift: L = ..!. pU2 (B) CL (a) (2a) s 2 

Drag: D = ..!. pU2 A CD (a) (2b) s 2 

Moment: M = ..!. pU2 B2 
CM (a) (2c) s 2 

where A is projected area (normal to the 
horizontal wind) per unit span, p is air density, 
U is mean wind velocity (assumed normal to the 
span). 

Self-Excited Forces 

These are given [l] in linearized form (per 
unit span) by 

Lift: 1 2 * h 
= 2 pU (2B) [K H

1 
U +, L s.e. 

(3a) 

Drag: 1 2 * ;, 
= 2 pU (2B) [K Pl U] (3b) D 

s.e. 

Moment: M s.e. 
1 2 2 * h 

= z pU (2B ) [K A1 U +, 

K A* B~ + K2 A* ] 
2 U 3 a (3c) 

where K = Bw/U is reduced frequency parameter, 
and H~, A1, (i = 1,2,3) functions of K, are self­
excited aerodynamic coefficients. 

In the case of vortex-induced oscillations, 
particularly, the above model may require up­
grading by inclusion of nonlinear terms. Typical 
third-degree additional terms appropriate to lift 
and moment are 

Lift: 

Moment: 

(Ls.e.)n.f. = i pU
2

(2B) [K H:(%)
3

] (4a) 

(M ) = ..!.2 pU2 (2B 2) [K Ao* <Bu~) 3 ] (4b) s.e. · n.l. 

109 

These forces must be determined by recourse to 
model experiment, as described in Refs. [l], [2]. 

Buffeting Forces 

These are given [3] (per unit span) by the 
forms 

Lift: Lb(x,t) 

Drag: Db (x, t) 

Moment: ~(x,t) 

~] 
u 

a=a 
0 

(Sa) 

(Sb) 

(Sc) 

where a 0 is the steady net twist under the mean 
wind velocity U; CL, CD, CM (functions of bridge 
deck angle of attack a) are steady lift-, drag-, 
and moment-coefficients, respectively, and 
u(x,t), v(x,t) are respectively the horizontal 
and vertical gust components of the wind. 

Net Equations of Motion 

These take the form 

w. 
1 

where Mv, ML, I are the generalized inertias of 
mass m(x) and mass moment of inertia Ic.g.(x) 
about the deck e.g. calculated for the modal 
components h(x), p(x), a(x): 

(~)i f m(x) h~(x) dx 
1 

span 

(~)i f m(x) 
2 dx pi(x) 

span 

(I\ f I (x) a~ (x) dx 
e.g. 1 

span 

(6) 

(7a) 

(7b) 

(7c) 

and ~i is the mechanical (structural) damping in 
mode i, which has the natural circular frequency wi. 

The generalized force Qi is calculated by 
noting that 
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ow 

where 

oh hB 81;, 
l 

(9a) 

op pB oi;i (9b) 

oa aol;i (9c) 

The details of Qi involve intermodal coupling 
which may be ascribable to the aerodynamics. It 
is not fruitful here to reproduce full details on 
the form of Qi when several modes enter the 
response. Suffice it to give the flavor of Qi for 
the case when one mode alone is assumed to respond 
tentatively assuming negligible aerodynamic 
influences from other modes: 

Qi(t) Q(t) pU2B2 { [K H~ (K) Ghh +, 

* * K H2 (K) Gha + K A1 (K) Gha 

* * + K A
2

(K) G + K Gpp) 
Bl; P

1
(K) u Cl.Cl. 

+ [K
2 

H;(K) Gha 

+ f { [-cuh(x) 

span 

with the definitions 

G = J a
2 

(x) dx 
Cl.Cl. 

span 

c 
p 

=!c 
B D 

+ K2 * A
3

(Kl G )€; 
Cl.Cl. 

+ cM
1
a(x) + Cpp(x)] 

_u(x,t) 
u 

(10) 

Gha J a(x) h(x) dx 
span 

G pp 

C = 1.(dCL I + ! CD(ao)) 
v 2 da a=a B 

c __ _ =---
NL L Ult 

0 

I 
la=a 

0 

Comments on Aerodynamic Response 

In principle, with proper section model back­
ground experiments, the entire gamut of responses 
to aerodynamic input can now be calculated, based 
on the above theory. This is being routinely done 
on several modern bridges. However, it is often 
possible, through initial model experiments, to 
establish bridge deck geometric shapes that are 
such as to minimize vortex shedding, incipient 
galloping and flutter [4]. When this type of 
modern attention to aerodynamic contour treatment 
is properly paid in the design stage, it typically 
results in deck sections having H~ < O, A~ < 0, 
*- *- *- *-Hz = O, H3 = 0, A

1 
= 0, A

3 
= 0 for wide ranges of 

the parameter K. This can considerably simplify 
the treatment. 

For example, the criterion for flutter in the 
single mode I; becomes 

eB4 * * ~ [" u + GhaH2 +, 
2[(~+M1) B

2
+I) 

LUhh "1 

* * * GhaAl + G ac/z + G pl} (11) 
pp 

* * w2en, by varying K, values of Hi' Ai (i=l,2) and 
P1 are determined such that the above is satisfied, 
flutter is present; however, note that if the 
criteria listed above are already achieved, flutter 
becomes an impossibility since the righthand side 
of (11) is intrinsically negative. 

There remains only the buffeting problem to 
examine. This problem remains pres·ent even for 
stable geometric configurations. Many modern 
bridges that are not flutter-prone have nonetheless 
not been examined analytically for buffeting. 
Theory given in [2], [3] and the present paper 
point out how this calculation can be carried out. 

Buffeting Responses 

Only the basic outline of this calculation 
will be reproduced here, the details lying 
beyond the scope of the present paper. We consider 
here only the case of buffeting wherein intermodal 
coupling is negligible. 

"Overall" damping~. including aerodynamic 
and structural, can be expressed in the form: 

and the (slightly) modified natural circular 
freauencv can be ~iven by 

-2 2 {l 
p84 * w w 

B2+I)i 
H3 Gha +, 

[ (1'\,H~) 

* Gaa]} A3 

(12) 

(13) 



Under these conventions, the power spectral density 
of response ~i is given by 

SI'; (w) 
i 

1 pU B 

[ 

2 2 ] 

(14) 

where 

J f [Du(xl) Du(x2) Su(xl,x2,w) 

span span 

+ 

In (15) the definitions are used: 

S (~) e 
u 

v 

16 n L c =--u-

-C(x1-x2)/L 

where L =span, w 211 n, and Su' Sv define 
"standard" wind spectra, 

(16) 

(_17} 

From (14) formulas can be derived (as in [3]) 
which enable the calculation of the variance of 
the displacement components h, a, or p. As an 
example the formula for the single-mode variance 
crfi(x) of the vertical displacement of a bridge 
curved in plan but with negligible sway is given 
as 

2 
oh (x) 

where 

GDu =.! 
L 

1 
GDv L 

11h 2 
(x) 
- 3-4 (211n) i; 

[c 2 
u Ghh ~ 2 CuCMl Gha 

2 
+ CMl 

(CV 2 ~h - 2 CvCM2 Gha + 
2 

CM2 

G ] 
aa (19a) 

G 
aa 

] (19b) 

Typical results for high excursions 3crh at the 
center of the hypothetical bridge are listed below 
for various mean wind velocities at bridge height: 

U(mph) 40 50 60 70 80 90 100 110 

3crh(ft) 0.43 0.64 0.89 1.27 1.56 l,86 2.26 2,68 

Full details on the example bridge being 
omitted, the above results are merely illustrative 
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as to trends. A very complete expose' of the 
methods described here, with additional commentary 
on stability under buffeting, is given in Ref. S. 

Summary 

The present paper has sketched, though 
extremely briefly, the methods and approaches 
available to the calculation of aerodynamic 
responses of suspended-span bridges. It has been 
pointed out how the necessary bases for analytical 
insights into the problem can be obtained and used. 
Intrinsic to the method is the postulated use of 
aerodynamic data developed from bridge deck 
section models. 

The point of the study is that if basic section 
model data of the proper sort are first made 
available, extensive prototype response calculations 
can be made reliably on a theoretical basis. 

The methods alluded to briefly herein permit 
of considerable extensions and generalizations 
beyond those mentioned. A notable one of these is 
to demonstrate the fact that flutter of a full 
bridge under turbulent flow may be delayed to a 
higher velocity when many modes participate, due 
to buffeting; and the general buffeting response 
will exhibit an evergrowing mean square amplitude 
with increasing mean velocity U. 
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AERODYNAMIC STABILITY OF 'IWJ CABLE-STAYED BRIIX;ES 

Harold R. Bosch and Lloyd R. Cayes, Federal Highway 
Adminis tr at ion 

The trend in long-span bridge developnent has 
been toward increased spans and flexibility 
and decreased dead weight and damping through 
use of higher strength materials, refinements 
in design procedures, and modern fabrication 
techniques. In some cases, this makes the 
structure, especially cable-stayed and susperr­
sion bridges, sensitive to wind-induced oscil­
lations. Three types of vibrations, namely 
flexural, torsional (or coupling of the two), 
and flutter, should be investigated in the 
design. There is presently no purely analyti­
cal or theoretical procedure for the investi­
gation of any of these types of oscillations. 
Aerodynamic stability information must be 
obtained from field observations or wind tunnel 
testing of models. Cable-stayed bridge concepts 
are receiving popularity in this country. Cur­
rent cable-stayed designs are subject to the 
same fundamental wind excitation as the clas­
sical suspension bridge; however, the inherent 
increase in stiffness of the cable-stay box­
girder does place it in a different realm of 
response. With this in mind, several wind 
tunnel aerodynamic studies have been conducted 
and recently completed. This paper discusses 
the results of two such studies. Information 
is presented regarding vortex shedding response 
amplitude and acceleration, critical flutter 
velocity, flutter derivatives, and static force 
coefficients. 

This paper describes the procedures and 
presents the results of wind tunnel aerodynamic 
investigations of two cable-stayed bridges presently 
under construction in the United States. The first 
bridge investigated is a four-lane structure com­
prised of double trapezoidal steel box girders with 
all orci1oi:ropic deck and will cross tne Miss1ss1pp1 
River at Luling, Louisiana. The second is a two­
lane structure with a single steel box and will 
cross the Ohio River at Huntington, West Virginia. 
Elevation and cross-sectional views are presented 
in Figures 1 and 2. Both studies were conducted in 
the George s. Vincent Wind Tunnel by the Federal 
Highway Administration (FHWA) for the Louisiana 
Department of Transportation and Developnent and 
West Virginia Department of Highways, respectively. 
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The objective of each investigation was to determine 
bridge dynamic deflection and acceleration under 
vortex shedding excitation and the critical wind 
velocity for flutter instability. 

It has been well known for many years that 
serious vibration problems can arise with suspended 
bridge structures as a result of wind action. Per­
haps one of the earliest well documented examples 
is the failure of the Brighton Chain Pier Bridge in 
England in 1836 which was witnessed and reported on 
by Lt. Col. William Reid of the British Army. In 
fact, as noted by Farquharson (1), 10 suspension 
br idges suffered major damage or total collapse dur­
ing the period 1818 to 1889. Most of these failures 
were of bridges of relatively short spans. 

The half century following the 1889 failure of 
the 384.1-m (1,260-ft) span Niagara-Clifton Bridge 
marked a period of rapid advances in design and corr­
struction techniques as well as materials production 
and led to the appearance of lighter structures with 
significantly increased span lengths. The original 
Tacoma Narrows Bridge was the product of such prog­
ress, and its dramatic failure in 1940 is, perhaps, 
the best known example of an aeroelastic bridge 
deck instability. Investigations into the causes 
of the Tacoma Narrows disaster were immediately 
undertaken at the University of Washington (1), 
where wind tunnel tests on a scale model reproduced 
quite faithfully the observed behavior of the bridge 
during its brief life. The stability of the pro­
posed design for the new bridge was then established 
by wind tunnel testing. Further research revealed 
that a section model representing a limited length 
of the bridge and mounted on springs to reproduce 
to scale the frequency of a significant mode of 
motion could be used to determine the response of 
the bridge in a normal wind at various vertical 
angles of attack. 

During the past decade there has been 
considerable interest in employing wind tunnel tech­
H.i.yue~ :for t:ne Oet:erminatiOn Ot tne aerodynamlC Sta­
bili ty derivatives of suspended bridge models (2). 
These derivatives represent purely aerodynamic data, 
as opposed to overall dynamic response observations, 
which are the consequence, uniquely, of bridge cross 
section geometry. 

In earlier wind tunnel tests, bridge deck 
section models were elastically suspended, with 
properly scaled vertical and torsional natural 
frequencies, and observed primarily for their 



tendencies to flutter at some air speed. The 
present practice is to extract the purely aero­
dynamic characteristics of the model first and then 
employ these in the dynamic response calculations 
for the full bridge. This practice has the inherent 
advantage of divorcing test results from all model 
structural properties, such as inertia, damping, 
and frequency, except for geometry. 

There are two basic types of wind effects on 
structures, static and dynamic. The static effect 
is the pressure that the moving air mass exerts 
against the structure, and it varies in direct 
proportion to the square of the mean velocity. The 
dynamic effects are the forces generated by flow 
separation and turbulence of the moving air as it 
passes around the structure or by changes in wind 
speed such as gusting. 

In consideration of the static stability of 
bridge structures under steady wind, the critical 
wind direction is normally taken to be perpendicu­
lar to the longitudinal axis of the bridge. Lift, 
drag, and moment coefficients are estimated or meas­
ured in the wind tunnel for use in calculating the 
respective uplift, side thrust, or twist forces on 
the structure. When lift or drag forces become 
excessive, an unstable bridge may undergo lateral 
buckling or torsional divergence. 

One form of wind-induced vibrations of bridges 
is that of vortex shedding response. When wind 
blows across a slender, bluff object, such as a 
bridge superstructure, the large wake that is 
formed consists of an array of vortices which are 
spaced in a characteristic pattern. The vortices 
form alternately on either side of the body in a 
periodic fashion, with the shedding frequency pro­
portional to wind speed. The fluctuating nature 
of the wake causes an oscillatory force on the 
bridge, and as shedding frequency approaches the 
natural- frequency of the structure, it is possi­
ble for vibrations to result. This response occurs 
over a range of wind velocities in the vicinity of 
the resonant value, with maximum amplitude obtained 
when the "lock-in" condition is achieved. Both the 
velocity range and maximum amplitude are functions 
of structural damping and degree of streamlining. 
Since vortex shedding response is amplitude limited, 
structural problems arising from this mechanism are 
seldom catastrophic, although local fatigue damage 
and human discomfort are possible and warrant 
consideration. 

Another form of instability, and perhaps the 
most important, is commonly referred to as flutter, 
following terminology developed in early work on 
aeroelastic instabilities of aircraft. In this 
case, wind forces interact with bridge deck motions 
to create a self-excited oscillation of growing 
amplitude, possibly leading to destruction. Unlike 
the vortex shedding problem, the flutter phenomenon 
is not limited to a velocity range beyond which 
structural stability returns. Increasing velocity 
beyond the threshold value causes oscillations to 
buildup more rapidly and leads to more violent 
action. 

Basic Theory and Mathematical Modeling 

The susceptibility of the prototype structure 
to aerodynamic instability is determined by wind 
tunnel tests. These tests are conducted on a 
section model of the bridge which is subjected to 
laminar flow. 

To extract detailed aerodynamic derivative 
data from the wind tunnel section model studies, it 
is necessary to provide an analytical model of the 
physical situation. For this purpose, a symmetrical 

two-degree-of-freedom system is assumed. As 
discussed by Scanlan (3), the equations of motion 
for the sectional structure may be written in the 
form: 
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(1) 

(2) 

where I and m are mass moment of inertia and mass 
per unit span of model; h and a are vertical and 
torsional deflections of the given deck section 
(assumed uniform); ~ is the damping ratio-to­
critical; w is the circular frequency; and L and M 
are the dynamic lift and moment per unit span. For 
the self-excited flutter problem, L and M are taken 
as linear functions and may be written in the form: 

(3) 

(4) 

where H. and A· (i = 1, 2, 3) are dimensional 
aerodynfunic detivatives determined by experiment, 
with inertial factors introduced for convenience. 
By noting the fact that L and M are essentially 
functions of the "reduced frequency" or dimension­
less parameter K = Bw/ U, nondimensional derivatives 
or coefficients may be obtained as: 

(5) 

(6) 

* * where H. and A. (i = 1, 2, 3) are nondimensional 
aerodynfunic co@fficients; B is deck width; u is 
oncoming wind velocity; and p is air density. These 
equations have been reduced to experimental form to 
enable direct use, and the details of this reduc­
tion are included in reference 3. Essentially, test 
observations produce time histories of h and a; then 
with all quantities on the left-hand sides of equa­
tions 1 and 2 known, the coefficients are matched 
by system identification techniques to the test 
observations as functions of K. 

The coefficients are important i n evaluating * 
the stability characteristics of a section. The A2 coefficient measures aerodynanic damping in the tor­
s ion mode and thus is an indicator of s i ngl e-degree 
flu tter i n that mode . The A1 _coefficient i s usually 
small and is sometimes assumed zero in analysis. In 
general , i t i s a measure of the a~rodynamic stiffen­
ing effec t upon freq uency. 'lhe H1 coefficient 
measures the aerodynamic damping rn the vertical 
mode. 

When vortex shedding response is exhibited 
either indirectly in the aerodynamic coefficients 
or directly in observations of the model test, the 
aforementioned mathematical model must be augmented 
to be applicable to the region of response (4). 
This can be done for the case of purely vertical 
motion by providing equation 5 with a special 
forcing function: 

The resulting combined equation takes on the 
form: 

(7) 
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(8) 

* . where H
0 

is an aerodynamic damping coefficient for 
decay to a resonant response amplitude; c is an 
oscillating lift coefficient; and w is tll~ Strouhal 
circular frequency. It should be n5ted here that a 
completely analogous model could be developed for 
the torsional case. The parameters above are deter­
mined experimentally from records of oscillations 
at the vortex "lock-in" condition and enable the 
ultimate prediction of prototype response amplitude. 

~he ''.strip" equation for the prototype deck 
section is expressed as: 

M (~ + 2y w ~ + w
2 11) = p s s s (9) 

and the maximum mid-span amplitude is computed as: 

(10) 

where 

P PU2scLoS 'I' (x)dx =generalized 
span force amplitude, 

M = mS '1'
2(x)dx =generalized mass, span 

'l'{x) = normalized span deflection. 

'l'{x) is approximated by assuming that the main span 
deflected shape is represented by a half wave sine 
curve. 

Design and Construction of Models 

A section model of a suspended bridge 
superstructure is a geometrically similar copy of 
a typical length of the suspended structure only. 
Any cables or hangers are not modeled because their 
aerodynamic effects are considered negligible. The 
section model is rigidly constructed to ensure that 
al~ el~st~c behavior takes place in the springs from 
which it is suspended. The vertical and rotational 
movement of the section model supported by its 
spring suspension simulate the vertical bending 
and torsional twist of the prototype structure. 

Four basic section models with 15 potential 
configurations were designed and constructed for 
the Luling test program. All models were designed 
to a geometric length scale of 1: 60 to ensure 
adequate reproduction of significant structural 
details. Model length was set at 1.524 m (60 in) 
~~s~de to ins~de of ei:xf pl~tes, representing a 
~l.4o-m \JUU-tt) section or prototype span. MOdel 
widths vary from .4281 m (16.85 in) to .5070 m 
(19.95 in), resulting in aspect ratios between 
3.56 and 3.00. Details are given in Table 1 and 
illustrated in Figure 3. 

For the Huntington test program, one basic 
section model with five potential configurations 
was designed and constructed to a scale of 1:45, 
with the 1.524-m (60-in) length representing 68.58 m 
(225 ft) of prototype. The width of the model is 

.2446 m (9.6 in), resulting in an aspect ratio of 
6.25. Details are given in Table 1 and illustrated 
in Figure 3. 

End plates were employed so that two-dimensional 
flow could be maintained near the model ends. The 
models were scaled according to Frolile number cri­
terion for wind speed and vertical natural frequen­
cy. J?Ue to ~r actical limitations of simulating the 
relatively high prototype torsional characteristics 
torsional natural frequency does not, however ' 
achieve Froude scaling. ' 

'Ib maintain proper weight and weight 
distribution, develop sharp edges, and provide 
necessary model strength and rigidity, a variety 
of light;weight materials were incorporated into 
the model designs. Girder webs, floor beams, and 
asphalt decks are constructed of aircraft birch 
plyv.uod. Girder and beam flanges, edge strips 
and railing lips are aluminum. Balsa wod was' 
used for diaphrams, ribs, traffic barriers, stif­
feners, and concrete decks. The end plates are 
of "sandwich" construction, with balsa wod between 
aluminum sheets. Edges were tapered to reduce drag 
effects, and an elliptical shape was chosen to mini­
mize weight and polar mass moment of inertia. Trus­
ses with tubular aluminum members were extended from 
the end plates to provide crossbars 2.286 m (90 in) 
apart for attachment of the supporting springs. 
Traffic barriers are attached with machine screws 
to facilitate removal for modification of the cross 
section. Details of the experimental arrangement 
can be seen in Figure 4. 

Test Procedure and Instrumentation 

The tests were conducted in the FHWA open 
circ~it, low velocity wind tunnel which was designed 
particularly for testing bridge section models. A 
blower forces air through a diffusing section with a 
series of stainless steel wire screens into a cylin­
drical pressure chamber and through the nozzle from 
"which the air is discharged onto the model. The 
velocity over the cross section of the wind stream 
is very uniform to a point 1.8 m (6 ft) beyond the 
end of the nozzle. 

A steady wind velocity, with a range of O to 
9.1 rrv'sec (0 to 30 ft/sec), is maintained with a 
micro-control rheostat in the blower circuit. The 
wind velocity is computed from the dynamic pressure 
head of the wind stream obtained by direct measure­
ment with a pitot-static tube and an inclined manan­
eter. Corrections are made for changes in air or 
fluid temperature and barometric pressure. 

The nozzle can be rotated about the horizontal 
axis of the pressure chamber, allowing tests at 
various wind angles of attack. The angle of attack 
is the vertical angle between the wind velocity 
vector and a horizontal plane; a positive angle of 
attack indicates an upward wind. 

The section models were suspended in front of 
t~e wind tunnel nozzle by means of four supports 
with upper and lower coil springs at each support, 
as illustrated in Figure 4. The vertical length of 
t_~e Sl'.)!'i.!'!0'~ 1.1:aC! ~-l11C!f-orl +-n eo.o.+- +-ho. T\rl""\~V uo.r+-;ro:al 

frequ~ncy" of .. ;~cill~ti~~- --n;;-~~;i~~J:-fr~~;~~Y 
was set by adjusting the spacing between the springs 
a~ each end of the model. Al though -it was not pos­
sible to attain the relatively high torsional fre­
quency desired, attempts were made to obtain as high 
a frequency as possible. The total mass of the sec­
tion model, end plates, support trusses, end bracket 
crossbars, and "moving" springs was tuned to the 
desired scaled quantity by the addition of small 
weights to the end plates at the model center of 
gravity. 



Horizontal restraining wires were attached to 
the end bracket crossbars at the center of gravity 
of the model to prohibit longitudinal or lateral 
movement during the tests. 'lhe restraining wires, 
which were tensioned with 0.9-kg (2-lb) weights, 
were of sufficient length that their vertical 
components would have no significant effect upon 
the vertical or torsional motion of the model. 

Electrical resistance strain gages were 
attached to beryllium copper flexure plates above 
the coil springs. 'lhe strain gages at one end 
of the model were wired to indicate the vertical 
component of oscillation, and those at the other 
end were wired to indicate the torsional compo­
nent. Strain gage outputs were amplified and the 
two canponents were recorded side-by-side on an 
oscillograph. 

'lhe models were tested only under laminar flow 
conditions. 'lhe tests were conducted at wind angles 
of attack varying from +6° to -4°. While maintain­
ing a steady wind velocity at each of a series of 
increasing values, the models were displaced in 
the respective vertical and torsional degrees-of­
freedan, released, and the oscillatory dynanic 
response recorded. For the vertical mode, the 
initial displacement was accomplished manually. 
For torsion, however, it was necessary to "hold" 
the model at a 4° displacement and release it using 
solenoids. The velocity and response data were 
processed on the FHWA computer system to obtain 
the aerodynamic derivatives and vortex response 
information discussed earlier. 

'lhe damping values of the model setup were 
determined by displacing and then releasing the 
model in a no-wind condition and recording the 
rate of decay. For the Luling study, tests were 
conducted at the values of model damping exhibited, 
and results were extrapolated for other values of 
damping as necessary. In the Huntington tests, 
however, various amounts of artificial damping 
were added during testing to yield results for 
a range of damping values. 

Discussion of Results 

Test results for each of the seven Luling 
configurations and the one Huntington configura­
tion (Model 3-2.4-.01) are summarized in Figures 5 
through 10. 

No vertical flutter (self-excited, divergent, 
vertical oscillations) was exhibited by any of the 
model configurations during laboratory testing. 
This observation is verified by the coqiputer plots 
of the aerodynanic derivatives. 'Rle H1 derivative, 
the function for aerodynamic damping or vertical 
oscillations, shows positive damping over the full 
test range. A typical plot of this derivative is 
presented in Figure 5. Torsional critical flutter 
velocities at zero damping and 1 percent damping are 
illustrated for prototype wind speed and wind angle 
(angle of attack) in Figures 6 and 7. Torsional 
flutter (self-excited, divergent, torsional oscil­
lations) was exhibited at horizontal wind speeds 
greater than equivalent prototype design require­
ments of 240 km/h (150 mph) for Luling and 200 km/h 
(125 mph) for Huntington. 'Ihe greatest flutter 
stability was demonstrated by the most "streamlined" 
models, C-6-C-A, C-6-C-B, and C-2C-A, with critical 
velocities in excess of 400 km/h ( 250 mph) • As 
angle of attack increases in the positive direction, 
flutter stability generally decreases for the Luling 
configurations. Flutter stability of the Huntington 
model, however, is insensitive to angle of attack. 

Since high wind velocities at high angles of 
attack are not considered likely in view of data 
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obtained at the Severn and Newport Bridges (5), 
critical flutter velocities of less than desTgn wind 
speed at high angles of attack are not considered 
;:; point of concern. Pqain, these ot;iservat.ions are 
verified by canputer plots of the A2 derivative, 
iQ<]icative of torsional aerodynanic damping. When 
A., becomes positive, self-excitation tendencies 
ate restrained only by the structural danping. A 
typical plot of this derivative is presented in 
Figure 8. 

An excitation of the bridge deck in vertical 
and torsional modes by the resonant action of the 
periodic shedding of vortices in the wake of the 
structure was exhibited by all models. 'Illis 
amplitude-limited oscillation can be an unaccept­
able characteristic of the design when it occurs 
at moderate wind speeds, and resulting accelera­
tions could be disturbing to the user. Generally, 
vertical vortex shedding response was exhibited at 
various velocities or ranges of velocities between 
24 and 48 km/h (15 and 30 mph), while torsional 
vortex shedding response was exhibited between 96 
and 160 km/h (60 and 100 mph). Since torsional 
response occurs at relatively high velocities, its 
effect on the user may be disregarded. For the 
vertical response which occurs at moderate wind 
speeds, deck accelerations of 2 percent of "G" 
are considered acceptable. Estimates of proto­
type accelerations are illustrated in Figure 9 for 
vertical response in a horizontal wind. M::>dels 
C-2C-C and C-2C-A demonstrated the least overall 
vertical response, while the Huntington model, 
3-2.4-.01, exhibited the most. These estimates 
are considered conservative since it is probable 
the real wind over the bridge span will be gusty 
enough to cause poor spanwise correlation and 
decrease the likelihood of "lock-in" to occur. 

Drag coefficients were obtained for the 
preferred Luling cross section, C-2C-A, and its 
three erection stages as illustrated in Figure 10. 
For stage Al, the median barrier was removed; A2, 
median barrier and fairings removed; A3, median 
barrier, fairings, and railings removed. Horizon­
tal pressures were computed from the coefficients 
for a moderate wind angle of +2° and were found to 
be somewhat less than recommerrled AASH'IO values for 
configuration C-2C-A and about equal to the AASHTO 
values for stage A2. 

Conclusions 

This paper summarizes the results of 
canprehensive wind tunnel studies of tl'.C major 
bridge structures. The two bridges studied are 
examples of the cable-stayed, box-girder type 
which, until recently, has not often been con­
structed in the United States. In general, all 
the cross sections tested in a horizontal wind 
have critical velocities for flutter in excess of 
the appropriate design wind speeds. At other wind 
inclinations, the critical velocities remain high 
enough to exceed expected winds. Varying degrees 
of vertical motion are caused by vortex shedding 
at speeds between 24 and 48 km/h ( 15 and 30 mph) • 
For the Luling, Louisiana, Bridge, vertical vortex 
shedding response amplitudes and accelerations 
are minimal and considered neither damaging to 
the structure nor discomforting to the user. In 
the case of the Huntington, west Virginia, Bridge, 
vortex-induced oscillations also are not a threat 
to bridge safety; however, due to the larger accel­
erations, pedestrians or passengers in stationary 
vehicles may feel some vertical motion. Drag for­
ces measured in the wind tunnel appear reasonable 
relative to reccmmended design values. Further 
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details regarding this research may be found in 
the two recent study reports: "Aerodynamic Inves­
tigations of the Luling, Louisiana, Cable-Stayed 
Bridge," FHWA-RD-77-161 and "Aerodynamic Stability 
of Proposed Ohio River Cable-Stayed Bridge," 
FHWA-RD-77-157. 
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Table 1. Cross--sectional data. 

Prototype 

Section section 

model depth, Roadway 

d esignation in feet surface 

(1) (2) (3) 

c-2-c-1 14 Concrete 

C-2-C-2 14 Concrete 

c-2c-c 14 Concrete 

C-2C-A 14 Asphalt 

C-2A-C-l 12 Concrete 

C-6-C-B 14 Concrete 

C-6-C-A 14 

I 
Concrete 

3-2.4-.01 9.6 Asphalt 
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Vertical Torsional 

natural natural 

frequency, frequency, 

Railing in cycles in cycles 

type per second per second 

(4) (5) (6) 

Basic 2.62 5.29 

Alternate 2.56 5.20 

Alternate 2.56 5.35 

Alternate 2.80 5.25 

Basic 2.53 5.24 

Basic 2.49 5.33 

Alternate 2.48 5.24 

Basic 2.51 6.80 

1 ft • 0.3048m 



Figure 1. Bridge elevation and cross sections - Luling, La. Bridge. 
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Figure 2. General elevation of prototype - Huntington, W. Va. Bridge. 
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Figure 3. Model configurations and di.Irensions (1 inch = 25. 4 rrm) • 
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Figure 4. Model in wind turmel. 



Figure 5. Flutter derivative for vertical -
angle of attack = o•. 
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Figure 9 . Estimate of prototype accelerations 
resulting from vertical vortex excitation -
angle of attack = 0°. 
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Figure 10 . Drag coefficients. 
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CONCRETE CABLE-STAYED BRIDGES 

Walter Podolny, Jr., Federal Highway Administration 

This paper presents a comprehensive review on a 
case-study basis of concrete cable-stay bridges 
either completed, under construction or in de­
sign, with the intent of encouraging designers 
to consider the feasibility of this type of 
structure. Evolution of concrete cable-stay 
bridges is traced from Torroja's Tempul Aqueduct 
in Spain, completed in 1925, to present day 
design concepts. Particular attention is given 
to s true ture concept, geometric configuration, 
design considerations, structural details, and 
method of construction. As late as 1970, the 
practical span limit of steel cable-stay bridges 
was considered to be 300 m (1,000 ft). Recently, 
concrete cable-stayed bridges are considered 
technically feasible with spans approaching500 m 
(1,600 ft). It has been projected that with an 
aerodynamically shaped composite concrete and 
steel deck a span of 700 m (2,300 ft) can be 
achieved. With today's technology of prefabri­
cation, prestressing, and segmental cantilever 
construction, it is obvious that cable-stay 
bridges are extending the competitive span range 
of concrete construction to dimensions that had 
previously been considered impossible. The 
technological means exist, they only require 
implementation. 

The concept of supporting a beam or bridge by 
inclined cable stays is not new and the historical 
evolution of this type of structure has been dis­
cussed in the literature (1-3). The modern renais­
sance of cable-stay bridge; is said to have begun in 
1955 with the construction of the Str~msund Bridge 
in Sweden. This steel structure was built by a Ger­
man contractor in collaboration with a German engi­
neer, Professor F. Dischinger, who is reported to 
have rediscovered the stayed bridge in 1938 ('.±_) • 
Since 1955 approximately 80 cable-stay bridges have 
been built, are under construction, in design, or 
have been abandonded for one reason or another. 

Although most cable-stay structures have been of 
steel construction a few have been of concrete. It 
is generally recognized that the first modern con­
crete cable-stay bridge was Morandi's Lake Maracaibo 
Bridge constructed in 1962. Since 1962, approximate­
ly 15 concrete cable-stayed bridges have been built 
and others are under construction or in design. Per­
haps what is least known is that the first concrete 

structure to utilize cable stays was the Tempul Aque­
duct crossing the Guadalete River in Spain (5). This 
structure, designed by the Spanish engineer Torroja, 
was built in 1926 and thus preceeds Dischinger's re­
discovery in 1938. 

This paper presents a comprehensive review of 
concrete cable-stay bridges on a case study basis 
with the i ntent of encouraging designers to consider 
the feasibility of this type structure which in some 
instances might be a more appropriate choice. A tab­
ulation of proportions and ratios of the cable-stay 
bridges discussed in this paper is given in Table 1 
for comparative purposes. 

Lake Maracaibo Bridge, Venezuela 

The first modern prestressed concrete cable-stay 
bridge was built over Lake Maracaibo in Venezuela in 
1962 and was designed by Professor Riccardo Morandi 
of Rome University. It ranks as one of the longest 
cable-stayed bridges in the world, having a super­
structure of reinforced and prestressed concrete con­
struction, Figure 1. 

Figure 1. Lake Maracaibo Bridge. 

This structure has a total length of 8.7 km (5.4 
miles). Navigation requirements , dicated a horizontal 
clearance of 200 m (656.2 ft) and a vertical clear­
ance of 45 m (147.6 ft). The five main navigation 
openings consist of prestressed concrete cantilever­
ed cable-stayed structures with suspended spans hav-
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Table 1. Concrete cable-sta brid e >ro Ol:tions and confi uration 
No . o 'Ota aja r Rat o o Span to 
Cable- Length of Span Total Length Girder Girder Girder 
Stayed Cable-Stayed Length to Major Depth Depth Construction 

Bridge Spans Spans (m) (m) Span 

Lake Maracaibo 5 1175 235 
Polcevera Viaduct 3 550 210 
Wadi Kuf 3 475 280 
Magliana Viaduct 2 198.6 145 
Chaco/Corrientes 3 572 .4 245 
Danish Great Belta 345 
Danish Great Beltb 351 
Dnieper Harbor 3 276 144 
Ti el 3 457 267 
River Foyle 3 350 210 
Mainbrlicke 4 259 148.23 
Barranquilla 3 279 140 
Kwang Fu 4 402 134 
Danube Canal 3 230.4 119 
Pont de Bro tonne 3 607 320 
Pasco-Kennewick 3 547 299 
Dame Point 3 792.48 396 .24 

Note: 1 m 3.28. ft. 
White, Young aDesign by 

bDesign by Finsterwalder 
and Partners 

ccIP = cast-in-place, PC = precast 

ing a total span of 235 m (771 ft). To preclude any 
possible damage as a result of unequal foundation 
settlement or earthquake forces the central spans 
had to be statically determinate. Thus, a main span 
is divided into cantilever sections with a simply 
supported suspended center portion. The suspended 
spans are c.omposed of four pres tressed T-sections. 

With a 200 m (656.2 ft) clear span requirement 
and a 46 m (150.9 ft) suspended span, the cantilever 
arm extends 77 m (252.6 ft) beyond the pier founda­
tion. To avoid the large depth associated with a can­
tilever of this dimension cable stays were used as a 
supporting system from the 92.5 m (303.5 ft) high 
towers. Any other system of support would have re­
quired deeper girders and thus changed the roadway 
elevation or infringed upon the required navigation­
al clearance. 

The cantilever span is supported on X-frames 
while the cable stays are supported on two A-frames 
with a portal member at the top. There is no connec­
tion anywhere between the X and A-frames, the contin­
uous cantilever girder is a three cell box girder 
5 m deep by 14.22 m wide (16.4 ft by 46.7 ft). An 
axial prestress force is induced into the girder as 
a result of the horizontal component of cable force, 
thus, for the most part, only conventional reinforce­
ment is required. Additional prestress tendons were 
required for negative moment above the X-frame sup­
port and transverse cable stay anchorage beams (6). 

The pier cap consists of the three cell box -
girder with the X-frames continued up into the girder 
to act as transverse diaphrRgmR, Figure 2. After com­
pletion of the pier, service girders are raised into 
position to be used in thf'> r.nnRtruction of the canti-
1~., .... ~!:' :Or!!!. . A__r:. ~ r~c;;i.111 t nf thP :::ultii ti nn;:1l moment pro-
duced, during this construction stage, by the service 
girder and weight of the cantilever arm, additional 
concentric prestress was required in the pier cap. 
To avoid overstressing of the X-frames during this 
operation temporary horizontal ties were installed 
and tensioned. 

The anchorages for the cable stays are located in 
a 22.5 m (73.8 ft) long prestressed inclined trans­
verse girder. The reinforcing cages for these members 
were fabricated on shore in a position corresponding 
to the inclination of the cables, and contained 

(m) Ratio Typec 

5 5 47 CIP with PC drop-in span 
2.6 4.6 45.7 CIP with PC drop-in span 
1. 7 4 to 7 70 CIP with PC drop-in span 
1. 37 CIP with PC drop-in span 
2.3 3.5 70 PC with CIP drop-in span 

7.2 48 PC segments 
0.9 390 CIP segments 

1. 9 1.4 7 98 PC 
1. 7 3.5 76 combination PC and CIP 
1. 67 3.48 60 PC 
1. 75 2.6 57 CIP 
2 3 47 CIP segments 
3 PC 
1.94 2.8 42.5 combination PC and CIP 
1. 9 3.8 84.2 combination PC and CIP 
1.83 2 150 PC segments 
2 1.85 214 combination PC and CIP 

seventy prestressing tendons. The cable stays are 
housed in thick walled steel pipes which were welded 
to steel plates at their extremity. A special steel 
spreader beam was used to erect the fabricated cage 
in its proper orientation. 

Figure 2. Pier cap of a main span . 

Service girder for 
cantilever arm 

~olcevera Viaduct, Italy 

The Polcevera Viaduct in Gen0a, Italy was also 
designed by Professor Morandi and is very similar in 
design and appearance to the Maracaibo Bridge, Figure 
3. It is a high level viaduct 1100 m (3,600 ft) long 
with· the roadway at an elevation of 55 m (181 ft) 
above the terrain. The three main cable-stayed spans 
have lengths of 200, 210 and 140 m (664, 689 and 460 



Figure 3. Polcevera Viaduct. 

ft) <J). It carries the Genoa-Savona Motorway over 
an area composed of railway yards, roads, industrial 
plants and the "Polcevera" Creek. The top of the 
cable-stayed supporting A-frame is 42.5 m (139.5 ft) 
above the roadway elevation, as in the Maracaibo 
structure the A-frame has a longitudinal girder at 
the roadway level and a transverse girder at the top. 
The deck girder in this structure is a five cell box 
girder. Center suspended girders have a length of 36 
m (118 ft). The transverse cable stay anchorage gird­
ers in this structure are box girders requiring that 
the cable stays divide above the roadway and anchor 
through the webs of the anchorage girder. The cable 
stays are composed of pretensioned high tensile steel 
strands encased in a protective concrete shell(]_). 

Wadi Kuf Bridge, Libiya 

The Wadi Kuf Bridge in Libiya, another Morandi 
design, is a three span structure with a center span 
of 280 m (925 ft) and end spans of 98 m (320 ft) with 
a total length of 475 m (1,565 ft). Figure 4. The 
familiar A-frame towers are 140 and 122 m (459 and 
400 ft) high with the deck clearing the valley at i~ 
lowest point by 182 m (597 ft). The superstructure is 
a single cell box girder of variable depth with can­
tilever flanges forming a 13 m (42.7 ft) deck(~). 

Figure 4. Wadi Kuf Bridge . 

Because of the height and difficult terrain the 
contractor utilized traveling forms to construct the 
box girder and deck in a balanced cantilever con­
struction. Temporary cable stays were used to support 
the cantilever arms during construction as they pro-
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gressed in both directions from the tower until the 
permanent stays were installed. The simply supported 
"drop-in" center portion of the span consisted of 
three 55 m (180 ft) long double-T beams (]_). 

Magliana Viaduct , Italy 

The Magliana Viaduct in Italy is still another of 
Morandi's structures. It carries the roadway of the 
Rome-Fiumicino Airport over a swamp formed by a bend 
of the Tiber River. This structure as shown in Fig­
ure 5 has a single portal type tower and a total 
length of 198.6 m (652 ft) with spans of 145 and 53, 
6 m (476 and 176 ft). The 145 m (476 ft) span is co!ll­
posed of a 63 m (206 ft) suspended span and a 82 m 
(269 ft) canti'lever span which is supported by a 
forestay at 69 m (226 ft) from the tower. The struc­
ture is further complicated in that the roadway has 
a horizontal curve of 475 m (1,558 ft) radius. The 
seven cell box girder cantilever deck is 21.5 m (70. 
5 ft) wide plus the variable overhang on each side to 
make11up a 24.2 m (79 ft) roadway width. The suspended 
span is composed of eight pres tressed T-beams (_2). 

Figure 5. 
(a) plan 

Magliana Viaduct 
(b) section (c) elevation 

3"1 .0 m 

(b) 

"~S f :e:::::: : I 

. I,• !. 119.0m ,J • 53.Sm _J 
13.0m 

.h--- 63.0m 

(c) 

Morandi, in this structure, abandoned the fixity 
achieved by the X-shaped piers and A-frame towers in 
his previous structures and resorted to a fully ar­
ticulated structure. The tower is hinged at its base. 
Also, the cantilever span contains hinges at the 
tower and the anchor span. The hinges are large radi­
us steel lined concrete surfaces that extend the full 
width of the deck. The transverse stay anchorage beam 
is a box section that is 8 m (26 ft) deep and 2.7 m 
(8.8 ft) wide and similar to the Polcevera Viaduct, 
the forestay divides to acconunodate anchorage into 
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each web, Figure 6. Prestressing for the anchorage 
beam consists of 76 cables of 16 - 5 mm (0.2 in) di­
ameter wires. 

Figure 6. Magliana Viaduct. 

Chaco/Corrientes Bridge, Argentina 

This structure, designed by the firm of Amman 
and Whitney, crosses the Parana River between the 
provinces of Chaco and Corrientes in the North-East 
of Argentina and represents an important link in one 
of the highways between Brazil and Argentina Figure 
7. It has a navigation span of 245 m (804 ft), side 
spans of 163.7 m (537 ft) and a number of 82.6 m 
(271 ft) approach spans on both sides of the river 
(10,11). 

Figure 7. Chaco/Corrientes Bridge. 

In appearance, the structure very much resembles 
the Lake Maracaibo Bridge. Although the structure has 
the same dominating portal A-frame pylon it does not 
have the X-frame supporting the deck s true ture in the 
vicinity of the pylon, instead inclined struts are 
used from the pylon base of the pylon legs to the _un­
derside of the deck. Although the pier cap section of 
the deck, between the inclined struts, is cast-in­
place, the cantilever girder is precast segmentally 
and post-tensioned, in contrast to the Maracaibo 
Bridge which was cast-in-place. The drop-in spans are 
cast-in-place as opposed to precast sections in the 
Maracaibo Bridge. Further, in elevation, this struc­
ture has two stays in each plane radiating from each 
side of the pylon as opposed to one. 

Danish Great Belt Bridge Competition 

A third prize winner in the 1967 Danish Great 
Belt Bridge competition was the Morandi style design 
proposed by the English consulting firm of White, 
Young and Partners, Figure 8. Design requirements 
were for three lanes of road traffic in each direc­
tion and a single rail traffic in each direction. 
Rail traffic was based upon speeds of up to 161 km;hr 
(100 m/hr) (12). Navigation requirements dictated a 
bridge deck height of 67 m (220 ft) above water level 
and a clear width of 345 m (1,130 ft). 

Figure 8. Danish Great Belt. 

This structure is noteable in that the cable-stay 
configuration in a transverse direction consists of 
three vertical planes. The deck is envisioned as two 
parallel single cell box girders, where the rail 
traffic would be carried inside the box on the bottom 
flange and the road traffic would be carried on the 
surface of the top flange. The box girder contem­
plated a.depth of 7.2 m (23.5 ft) and width of 8.45m 
(27.75 ft) with the top flange cantilevered out 3.7m 
(12 ft) on each side. 

Up to this point all of the concrete cable-stay 
bridges discussed have been designed by Morandi or 
have been strongly influenced by his style. They have 
been typified, for the most part, by the transverse 
A-frame pylon with auxiliary X-frame support for the 
girder. However, another entry in the Danish Great 
Belt competition by Ulrich Finsterwalder of the Ger­
man firm of Dyckerhof f & Widmann deviated from this 
style and was awarded a second prize. 

Finsterwalder proposed a multiple span, multi­
stay system using Dywidag bars for the stays, Figure 
9. This proposal contemplated a spacing between py­
lons of 350 m (1,148 ft) and a spacing of the stays 
at deck level of 10 m (32.8 ft). Pylon height above 
water level is 158.5 m (520 ft). In a transverse 
cross section the deck is 44.5 m (146 ft) wide with 

Figure 9. Danish Great Belt . 



two centrally located vertical stay planes 12 m (39. 
4 ft) apart to accommodate the two rail traffic lane 
and three automobile traffic lanes in each direction 
outboard of the stay planes, Figure 10. The solid 
concrete deck has a thickness of 0.9 m (2.95 ft) in 
the transverse center portion, under the rail traf­
fic, and tapers to 0.4 m (1.3 ft) thickness at the 
edges. The deck is constructed by the cast-in-place 
balanced cantilever segmental method with each seg­
ment being supported by a set of stays. 

Figure 10. Danish Great Belt . 
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Dnieper Harbor Bridge, U.S.S.R. 
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The Dnieper Harbor Bridge in Kiev was completed 
in 1963, Figure 11. The superstructure of this 
bridge consists of precast reinforced units with a 
144 m (472 ft) center span and side spans of 66 m 
(216.5 ft). Height of the reinforced concrete portal 
type pylon is 42 m (138 ft). The cable stays are in 
two vertical planes with three stays emanating from 
each side of the pylon. 

Figure 11. Dnieper Harbor Bridge . 

Tiel Bridge, Netherlands 

The Tiel Bridge, Figure 12, crosses the Waal 
River providing a needed traffic link between the 
town of Tiel and the South of the country and is part 
of a major North-South route. The required navigaticn 
clearance is 260 m (853 ft) in width and 9.1 m (30 
ft) in height. 

The structure has an overall length of 1,419 m 
(4,656 ft) and consists of a 807 m (2,648 ft) curv­
ed viaduct on a 6,000 m (19,685 ft) radius, which 
includes 10 continuous 78.5 m (258 ft) long spans 
and a 612 m (2,008 ft) straight main structure com­
prising three stayed spans of 95-267-95 m (311.7-S76-
311.7 ft) and two 77.5 m (254.3 ft) side spans (]]). 
The cross section consists of two precast concrete 
boxes each supporting two vehicular and one bicycle 
lane. The total width of the superstructure, which 
is 27.2 m (89.2 ft) in the access viaduct, is enlarg­
ed to 31.5 m (103.3 ft) over the main structure be­
cause of the space necessary for the towers support-
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Figure 12. Tiel Bridge 

ing the stays. 
The main structure is symmetrical about its cen­

terline and consists of an unstayed 77.5 m (254.3 
ft) span, a stayed side span of 95 m (311. 7 ft) and 
a center stayed cantilever span of 101 m (331.4 ft) 
The center gap between the two cantilever ends is 
connected by a 65 m (213.2 ft) suspended span. The 
double box superstructure has a constant depth of 
3.5 m (11.5 ft). The suspended span consists of four 
lightweight cone re te girders. The par tal tower is 
fixed to the pier and passes freely through the 
supers true ture. 

As far as the stays are concerned, two alternates 
were possible: a multiple stay system supporting the 
deck almost continuously and a system consisting of 
a few large stays. As prestressed concrete stays had 
been selected, the second solution became obvious. 
Construction of prestressed concrete stays is a cost­
ly operation requiring extensive high scaffolding. 
Thus, it is advantageous to reduce the number of 
stays. However, there is another school of thought 
that maintains a multi-stay system is more struc­
turally efficient and economical. 

River Foyle Bridge, Ireland 

This proposed structure was planned to cross the 
River Foyle at Madam's Bank near Londonderry, North­
ern Ireland, Figure 13. It would have consisted of 
dual three lane roadways with a centrally located 
walkway. The cable system is a single plane arrange­
ment located along the center-line of the superstruc­
ture which uses an inverted Y-pylon and a main cen­
tral spine deck girder for the cable stay anchorage. 
The main span has a vertical clearance of 32 m (105 
ft) to satisfy navigational requirements. The cable­
stay design was not selected for construction be­
cause of civil unrest and concern regarding suscep­
tibility to sabotage, a self-anchored suspension 
bridge was the final choice. However, the cable-stay 
design does suggest a unique concept for the site. 

The approach spans from the west abutment to the 
tower were to be one at 50 m (164 ft) and two at 70m 
(229.7 ft). The center span on the east side of the 
tower is 210 m (689 ft) followed by six approach 
spans of 70 m (229.7 ft) and one at 50 m (164 ft). 
The superstructure was designed as a single trape­
zoidal prestressed box girder with side cantilevers 
of constant depth and continuous over the total 
length of the bridge. The box girders were to be pre­
cast units, bonded together in place at the tower. 
The two back stays were to be anchored to the piers, 
thus increasing the rigidity of the entire bridge 
structure (14). 
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Figure 13. River Foyle Bridge 

Mainbrllcke, Germany 

The ~'fainbrllckc Bridge near Hoechst, a suburb of 
Frankfurt, constructed in 1971 is a prestressed 
cable-stay structure that connects the Fabwerke 
Hoechst's chemical industrial complex on both sides 
of the River Main in West Ge r many , Figur e 14. This 
structure is a successor of Finsterwald's Danish 
Great Belt Bridge proposal and rep~esents the first 
practical application of the Dywidag bar stay. 

Figure 14. Nainbrlicke. 

Total length of the s true ture is 300 m (984. 3 ft) 
with a river span of 148 m (485.6 ft). It carries two 
three lane roads separated by a railway track and 
pipelines. The railway and pipelines are in the 
median between the two vertical planes of stays and 
cantilever towers and is supported by a 2.6 m (8.5 
ft) deep, torsionally stift box girder. The center­
line of the longitudinal webs of the box girder ce­
incide with the centerline ot the individual canti­
.Lever py.Lons ana are l:l m ~Lb . L ) t t J a part . Tr ansverse 
cross beams at 3 m (9.8 ft) centers form diaphragms 
for the box and cantilevers, which extend 11.95 m 
( 39 f t ) on one s ide and 11 m ( 36 ft) on t he o t her 
side of the central box to support the two roadways. 
The ends of the transverse cross beams are connected 
by secondary longitudinal beams, which improve the 
load distribution of concentrated loads. 

Figure 15 shows the partially completed structure 
and the falsework necessary to install the stays. The 
(" (")Qf-lu f::ilat=>T,11'11'"1r n i:>f"OQQ.Q 'Y H f- n ;ncf-o;:i1 l f- }-,-{C! t--.Tno r.-F 
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stay is a serious disadvantage to this type of con-

Figure 15. Mainbrllcke. 

struction. In this structure, each stay is composed 
of 25 - 16 mm (5/8 in) diameter Dywidag bars encased 
in a metal sheath, which is grouted for corrosion 
protection similar to post-tensioned concrete con­
strue tion. 

Barranquilla Bridge, Columbia 

This bridge, the longest bridge in Columbia, is 
a 3.86 km (2.4 m) crossing that spans the Magdalena 
River at Barranquilla on the north coast of Columbia, 
Figure 16. It includes a three-span stayed concrete 
box girder main structure and 26 simply supported 
approach spans with prestressed concrete beams. It is 
the fourth of the general type designed by Morandi. 
It has a main span of 140 m (459 ft) flanked by 69.5 
M (228 ft) back- spans. Morandi's other stayed con­
crete structures have drop-in sections in the center 
of their main spans, while this one is continuously 
prestressed, making the superstructure and towers 
more slender. 

Travelers cantilevered the box spans simultane-
ously from both main piers. The box has a cons t ant 
depth of 3 m (10 ft) and is rectangular with canti­
levered sidewalk wings that bring the total deck 

Figure 16. Barranquilla Bridge, 
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width to 11.3 m (37 ft). The stays anchored on the 
sides of the deck are grouted into post-tensioned 
concrete casings, so they act compositely, which con­
siderably decreases deflection of the deck under live 
load. The system is the reverse of that used on the 
bridge over the Main River in Germany where stressed 
rods were grouted into steel casings (15). 

Kwang Fu Bridge, Taiwan 

The Kwang Fu Bridge in Taiwan is shown in Figure 
17 under construction in 1976. Each panel of this 
cable-stayed bridge is made up of several precast 
linear segments of beams, which are supported on 
falsework at each panel point. A cross girder is 
then poured in place across the · panel point and the 
stayed cables are installed and post-tensioned to 
carry the entire vertical load at that panel. In 
other words, each set of cables will eventually take 
the place of the falsework bent, which will then be 
removed. This bridge has two main spans of 134 m 
(439.6 ft) and end spans of 67 m (219.8 ft). The con­
tractor elected to place the cables along half steel 
pipes, which are then covered with the other half and 
welded together. Inside the pipe, the cables are 
grouted to offer protection as well as additional 
stiffening (~_). 

Figure 17. Kwang Fu Bridge . 

Danube Canal Bridge, Austria 

This structure is located on the West Motorway 
(Vienna Airport Motorway) and 1:rosses the Danube Ca­
nal at an angle of 45°, it has a 119 m (390 ft) cen­
ter span with 55.7 m (182. 7 ft) side span, Figure 18. 
The structure is unique because of its construction 
technique. Because construction was not allowed to 
interfere with navigation on the canal the structure 
was built in two 110 m (360.8 ft) halves on each bank 
and parallel to the canal. Upon completion the two 
halves were swung into final position and a cast-in­
place closure joint was made, Figure 19. In other 
words, each half was constructed as a one time swing 
span. 

The bridge superstructure is a 15.8 m (51,8 ft) 
wide trapezoidal three-cell box girder, Figure 20. 
The central box is cast in 7.6 m (30 ft) long seg­
ments on falsework, after the precast inclined webs 
are placed the top slab is cast. Each half structure 
has two cantilever towers fixed in a heavily pre­
stressed trapezoidal crosshead protruding under the 
deck with a two point bearing on the pier, Figure 21. 
At the deck level the stays attach to steel brackets 
connected to prestressed cross beams. 

Each stay consists of 8 cables, two horizontal 
by four vertical. At the top of the pylon each cable 
is seated in a cast iron saddle. The cable saddles 
are stacked four high and are fixed to each other as 
well as those in the adjacent plane. The cables are 
first layed out on the deck, fixed to a saddle, and 
then lifted by a crane for placement at the top of 
the pylon. The cables are then pulled at each end by 
a winch rope to their attachment point at the deck 
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Figure 18. Danube Canal Bridge - Elevation. 

Figure 19. Danube Canal Bridge - Plan . 

Figure 20. Danube Canal Bridge - Section. 

Figure 21. Danube Canal Bridge. 

level. 
After rotation the superstructure is lowered to 

permanent bearings. The two halves of the structure 
are then connected by a cast-in-place closure joint 
and continuity tendons are placed and stressed (11) 

Pont de Brotonne, France 

The Pont de Brotonne Bridge, designed and built 
by Campenon Bernard of Paris, crosses the Seine River 
downstream from Rouen in France. An artist's render­
ing, Figure 22, shows the general configuration of 
the bridge. The box girder will carry four lanes and 
replace ferry service between two major highways that 
run north and south of the Seine. Because large ship; 
use this portion of the river to approach the inland 
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Figure 22. Pont de Brotonne . 

port of Rauen 35 km (22 m) to the east, vertical 
navigation clearance was 50 m (164 ft) above water 
level, which results in a 6.5% grade for its longer 
approach (18). 

Total length of structure is 1,278.4 m (4,194 
ft), divided into three continuous sections: the left 
bank approach viaduct, the main bridge crossing the 
Seine, and the right bank approach viaduct. The three 
sections are separated by expansion joints located at 
points of contraflexure in the viaduct spans on ei­
ther side of the cable-stay portion of the structure. 
The central river crossing includes a 320 m (1,050 
ft) center span and 143.5 m (471 ft) side spans. At 
present, this structure holds the record length for 
a cable stayed bridge of prestressed concrete. 

The deck structure is balanced cantilever out 
from the pylon pier. Dimensions of the deck segments 
are, top flange 19.2 m (63 ft) wide, bottom flange 
8 m (26 ft) wide, constant depth of 3.8 m (12.5 ft). 
Web and top flange are 0. 2 m ( 7. 8 in) thick, bot tom 
flange is 0.18 m (7 in) thick. Each segment is 3 m 
(9.8 ft) long, Figure 23. The only part of the trap­
ezoidal box girder that is precast is its sloping 
webs. The 3 m (9.8 ft) long, 4 m (13 ft) wideprecast 
web elements are precast at the site and are from 
0.2 m (7.8 in) to 0.4 m (15.6 in) thick. The balance 
of the cross section, including top and bottom 
flanges and its interior stiffening struts and cable­
stay anchorages are cast-in-place. 

Preceding placement of the precast web units, the 
bridge's 14 octagonal piers are slipformed, nine on 
the left bank and three on the right bank. Span 
length in the approaches are, for the left bank, 
38.9 m (127.6 ft) and eight at 58.5 m (192 ft); for 
the right bank, from the abutment, 39 m (128 ft), 
55.5 m (182 ft), and 70 m (230 ft). Approach piers 
vary in height from 10 to 50 m (33 to 164 ft). The 
two central pylons rise 120 m (394 ft) above the 
water level of the Seine. When the slipforming of 
the piers reached the deck level, the piers were pre-

Figure 23 . Pont de Brotonne - Section . 
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stressed to their foundations so as to stabilize the 
piers for erection of the deck segments. As the pre­
cast deck units were erected, the pylon was construc­
ted using conventional forming methods. 

In constructing the girder the first operati on 
was to extend the bottom flange form from a traveling 
form at the completed segment, place the precast web 
units which form the basic shape and act as a guide 
for the remaining traveling form used to cast the up­
per flange and interior struts. Tower cranes at the 
pylon placed, as far as they could reach in both di­
rections, the precast webs in a symmetrical manner 
to balance the loads. Beyond the range of the tower 
cranes, gantry cranes running on rails on the top 
flange and extending 3 m (9 .8 ft) beyond the end of a 
completed section were used to place new pieces. 
After placement of the precast webs the interior 
steel form is jacked forward to cast the bottom 
flange, struts, and top flange. 

Final support for the deck units is provided by 
21 stays continuous through the pylon and varying 
from 84 to 340 m (275 to 1,115 ft) in length and lie 
in a vertical plane along the longitudinal axis of 
the structure. Spacing of the stays at deck level is 
6 m (19.6 ft), thus, every other segment has a stay 
anchor, Figure 24 shows an isometric of a segment 
and the orientation of prestressing and stay. 

Figure 24 . Pont de Brotonne - Isometric 

Pasco- Kennewick Bridge , U.S .A. 

The first cable-stayed bridge with a concrete 
superstructure to be built in the United States is 
the Pasco-Kennewi ck Intercity Bridge crossing the 
Columbia River in the State of Washington. The over­
all length of this structure is 763 m (2,503 ft). 
The center cable-stay span is 299 m (981 ft) and the 
stayed flanking spans are 124 m (406.5 ft). The deck 
is continuous without expansion joints from abutment 
to abutment, being fixed at the Pasco end and having 
an expansion joint at the Kennewick abutment. The 
three main spans are assembled from precast, pre­
stressed concrete segments. Figure 25, while the ap­
proach spans are cast-in-place. 

The concrete bridge girder is of a uniform cross 
section, of constant 2 m (7 ft) depth along its en­
tire length and 24.3 m (79 ft 10 in) wide. The shal­
low girder, and the long main span are necessary to 
reduce the roadway grades to a minimum, to provide 
the greatest possible navigation clearances below, 
and to reduce the number of piers in the 21.3 m (70 
ft) deep river. 

Segments are precast about 1.6 km (1 m) down 
stream from the bridge site, each segment weighs 
about 272 mt (300 t). The sections are barged direct:­
ly beneath their place in the bridge and hoisted into 
position. It takes approximately six hours to lift 
eaLh t;egmeu L la Lu !JUt:il tiOll, Figure 26. Fifty-eight 
precast, transversely prestressed concrete bridge 



Figure 25. Pasco-Kennewick Bridge . 

Figure 26. Pasco-Kennewick Bridge. 
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girder segments are required. The segments are match 
cast, prestressed, cured and then transfered to the 
bridge, and erected symmetrically about the two main 
bridge towers, epoxy joined, longitudinally pre­
stressed against the previously erected ones, and 
suspended from the bridge stays. Each segment is 8.2 
m (27 ft) long and consists of three transverse gird­
ers and a roadway slab joined along the segment edges 
with a hollow trangular box, Figure 26. A large part 
of the longitudinal prestressing force in the bridge 
girder is provided by the compression resulting from 
the horizontal component of cable force. 

The stays are arranged in two parallel planes 
with 72 stays in each, that is, 18 stays on each side 
of each pylon. They are held at each tower top, 54.9 
m (180 ft) above the bridge roadway in a steel weld­
men t. The stays are made up of 6.35 mm (0.25 in) dia­
meter parallel high strength steel wires. Stay an­
chors in the bridge deck are spaced at 8.2 m (27 ft). 
The prefabricated stays arrive on the job site on 
reels, and contain from 87 to 283_wires each, are 
covered with a polyethylene pipe, and after instal­
lation and final adjustment are protected against 
corrosion by pressure injected cement grout. Stay 
outside diameters range from 0.11 to 0.16 m (4.3 to 
6.3 in). Design stress level for the stays is 751.5 
MPa (109 ksi). This structure was deisgned by Arvid 
Grant and Assoc., Inc. in professional collaboration 
with Leonhardt and Andra of Stuttgart. 

Dame Point Bridge, U.S.A . 

The proposed Dame Point Bridge over the St. Johns 
River in Jacksonville, Florida is presently being de-
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signed by the firm of Howard Needles Tammen & Bergen­
doff, Figure 2 7. Navigation requirements die ta te a 
381 m (1,250 ft) minimum horizontal opening and a 
vertical clearance of 46.3 m (152 ft) above meanhigh 
water at the centerline of the clear opening. The 
proposed concrete cable-stay structure will have a 
396.24 m (1,300 ft) central span with 198.12 m (650 
ft) side spans. 

Figure 27. Dame Point Bridge. 

The bridge deck, which will carry three lanes of 
traffic in each direction, will span between longi­
tudinal edge girders on each side. The longitudinal 
edge girder is in turn supported by a vertical plane 
of stays arranged in a harp configuration. The con­
crete deck and edge girders take local and overall 
bending from dead and live load in addition to the 
horizontal thrust from the stays (19). 

The bridge deck consists of single-T precast 
floor beams spaning between longitudinal girders and 
a cast-in-place topping. The precast T's are pre­
stressed for erection loads. After erection the 
entire deck is post-tensioned to provide positive 
precompression between edge girders under all con­
ditions of loading. Erection of the deck will be by 
the balanced cantilever method. 

This s true ture, which extends Fins terwalder 's con­
cept in the Danish Great Belt and the Mainbrlicke, is 
still in the design stage and a number of alternates 
will be available to the contractor at his option. 
If this structure is consumated in concrete, it will 
certainly take the record for the longest cable-stay 
bridge in con ere te. 

Closing Remarks 

As late as 1970, the practical span limit of 
steel cable-stay bridges was considered to be 305 m 
(1,000 ft). As seen in the examples of the Danish 
Great Belt Bridge, the Pont de Brotonne, and the 
Pasco-Kennewick Bridge, spans of about 305 m (1,000 
ft) have been accomplished with concrete cable-stay 
bridges. The practical span length has been extended 
to 400 m (l,300 ft) in the Dame Point Bridge, and 
spans approaching 500 m (1,600 ft) are considered 
technically feasible. It has been projected that with 
an aerodynamically shaped composite concrete and 
steel deck a span of 1,500 m (2,300 ft) can be 
achieved (20). 

In evaluating a concrete cable-stay bridge the 
designer should be aware of the following advantages: 
by use of proper aerodynamic streamlining and multi­
stays the deck structure can be slim and not portray 
a massive visual impression, concrete is inherently 
a material with favorable damping caharacteristics 
which is important in aerodynamic considerations, 
the horizontal component of stay force is advanta-
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geous in that it produces a prestress force in the 
concrete and concrete is at its best in compression. 
With today's technology of prefabrication, pres tress­
ing, and segmental cantilever construction, it is 
obvious that cable-stay bridges are extending the 
competitive span range of concrete construction to 
dimensions that had previously been considered im­
possible. The technological means exist, they only 
require implementation. 
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STRUCTURAL PROBLEMS FOR THE MESSINA NARROWS BRIDGE 

Leo Finzi, F.A.S.C.E., vCh. I.A.B.S.E., Professor at 
the Technical University of Milan, Italy 

In the past few years a lot of work has been 
done in Italy on where and how to build the 
Messina Narrows Bridge. The main problems were 
the nature and strength of the soil, dangerous 
currents, winds, faults and relevant earthquakes. 
At the same time many solutions for a double "one 
mile" span stayed or suspension bridge and a 
simple "two mile" span suspension bridge were 
suggested. 
This paper gives a survey of the present state 
of knowledge with special reference to the 
technical problems connected with the single span 
solutions, where aeroelastic stability governs 
the design of the deck and the cables. On the 
other hand the 380 m towers are themselves a 
problem in a heavily seismic area. 

1. History. 

Italy is a long boot-shaped country. Two miles 
from the tip of the toe is the island of Sicily 
(fig. 1). 

Two cities face each over the Narrows: Reggio 
Calabria on the mainland and Messina on the island. 
A ferry-boat shuttle service has so far been the only 
transportation service across the Narrows both for 
trains and cars. 

The first idea for a permanent connection across 
the straits is, as far as we know, in a doctoral 
thesis of 1870 and at that time the cost of the 
suggested railway tunnel was estimated as less than 
40,000 dollars! 

However, systematic studies were startled only 
after World War I, but the decisive step was the 
foundation in 1955 of the GPM Gruppo Ponte Messina 
(Messina Bridge Group). In fact the Gruppo Ponte 
Messina began to analyze, through the collection of 
the available data and specific experiments, the 
situation in the area involved in terms of the sea, 
the air, the soil and the traffic (1). 

In 1969 ANAS, the Italian Highway State Agency, 
together with the State Railways Administration asked 
on a worlwide basis for ideas to be submitted on 
possible solutions for the Messina Narrows crossing, 
both with a highway and a railway. 

Figure 1. The Boot of Italy. 

There were 144 participants. Fig. 2 shows the 
suggestions that were judged the best. Five main 
possibilities can be distinguished (2) (3). 

1. A multispan bridge with intermediate 
supports; 

2. A single 2 mile span bridge; 
3. A midwater tunnel; 
4. A tunnel buried in the body of a submarine 

dike; 
5. An underground tunnel. 

But were all of them really feasbile and, for 
those that were, which of them were economically 
competitive? 
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Figure 2. The 1969 designs . 
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The Gruppo Ponte di Messina has devoted the last 
eight years to finding a realistic answer to these 
questions. In doing so better ideas and solutions 
were discovered in the field of the double and 
single span bridges. 

2. The Environement . 

2.1. The Sea. 

Most of the problems in the Messina Narrows 
derive from the fact that here two different seas, 
the Tirrenian and the Ionic, meet through a submarine 
saddle (fig. 3) more than 100 m deep. 

The difference of tidal regimes (fig. 4), of 
temperatures, of density and of depth give rise to a 
turbulent current going North to South and vice versa 
four times a day with a speed of more than 3 m sec-1 

In winter waves 4 m high must be considered as 
possible although in summer the situation is much 
better. 

All through the year many ships of up to 500.000 
tons pass through the Narrows and numerous collisions 
occur, as this Scylla and Charibdis effects is 
notoriously difficult for navigation. 

Figure 3. The sea-bed saddle. 
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Figure 4. Tidal level in the Narrows . 
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2.2. The Air. 

The wind velocity at ground level is well known 
through the records of the Air Force and Naval 
stations, but not so at the level of a possible 
suspension bridge. For this reason since 1977 many 

133 

anemometers were placed and are at work at different 
levels (between the sea level and up to 390 m above) 
on the existing ENEL transmission towers (fig. 5). 

For the moment this seems to indicate a design 
wind speed of 50 m sec-1. 

No tornadoes were registered or are expected in 
the Messina area. 

2.3. The Soil. 

It was still very difficult for the geologists 
and soil mechanics people to get a clear idea of the 
situation in the straits as it varies widely in the 
different zones. 

Nevertheless, looking at the situation of 
possible foundations near the coasts and in the 
middle," it appears like this: 

1. Coast: sand and sand with gravel not 
affected by possible liquefaction phenomena; 
allowable pressure·5o N cm-2; 

2. Central saddle: almost 60 m of organogenous 
limestone on the top, then 25 m of sandstone and 
finally sand and clay. 

In general the bedrock is very deep, more than 
300 m under the upper layers. 

This is in a highly seismic zone and a possible 
earthquake of Magnitude 7.5 in the vicinity of the 
crossing has to be allowed for. 

This means an horizontal maximum acceleration at 
bedrock of 0.5 g with a return period of 1.000 years. 

At the same time we have faults that are known, 
and therefore can be avoided, on the coasts, but 
that could not and probably cannot be discovered in 
between. 

Figure 5. The 223 m high ENEL transmission towers. 
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Figure 6. The requested traffic lanes and railway tracks. 

Figure 7. A suggested multispan stayed bridge. 
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Figure 8. A gradually sinking pier. 



Thus a possible pier, island or dike must risk a 
fault and a consequent possible disloca~ion of about 
3 m. 

As we are between two famous volcanoes, Etna and 
Stromboli, one might think that the Messina Narrows 
area would suffer from volcanic activity. 

This is not the case, as Etna and Stromboli are 
of very different natures, and no connection between 
the two has been shown by the volcanologists. 

2.4. The Traffic. 

A bridge or tunnel accross the Messina Narrows 
must allow for the following traffic (fig. 6): 

3 + 3 highway lanes 
2 railway tracks . 

Due to the great length of the crossing a mean 
value of 80,000 N m-l of total service load should be 
adequate. 50% of that is due to the railway, which 
also placed severe limits on the maximum slope. A 
limit of 1.3 - 1.4% must not be exceeded. 

2.5. The Temperature. 

The temperature of exposed structures will go 
below - 10° C and over 70° C. 

The sea temperature varies between 13° and 24° C 
during the year. 

3. The Intermediate Supports. 

If one discards the ideas of a tunnel under the 
sea due to the length (more than 35 km) and to the 
problems connected with three faults (one of them 
across the Narrows) the main choice is between a 
multiple span bridge or single span bridge. 

A multiple span bridge is possible if one can 
build one or more intermediate supports in a crowded 
sea lane with a depth of almost 120 m and with 
variable currents up to 3 m sec-1 and more. 

There are mainly two possibilities: piers or 
artificial islands. 

First, let us underline that a solution like that 
shown in fig. 7 (4) with many intermediate piers is 
ruled out by navigation needs: in fact two channels 
almost 1600 m wide are required. 

That is, only one intermediate support is 
allowed, and thus the choice is only between a two 
span or single span bridge. 

Many interesting suggestions were given for a 
possible pier, such as a gradually sinking one (fig. 
8) but, besides the enormous difficulties of building 
it, such monolithic structures are not able to resist 
earthquakes due to the inertial effects of the 
surrounding sea water. But a lattice pier like that 
suggested by G.P.M. (fig. 11) could be earthquake 
resistant. However, a very sophisticated step by step 
technique would be needed to erect such a pier in 
such a sea. 

Not such heavy technological problems arise if 
one thinks of an artificial island in the middle of 
the crossing (fig.9). 

It is clear that in this case one would need an 
impressive quantity of rock (approximately 20 Mm3), 
but this can be easily obtained from the slopes of 
the nearby volcano Etna. 

Lava, in fact, is an excellent material for 
building and artificial island, and would have the 
further advantage of not disrupting the wonderful 
landscape of the zone. 

As a conclusion, one can say that only one 
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intermediate support in the Narrows is permissible 
and that both a lattice pier or an artificial island 
are possible. 

4. The Double-Span Bridge. 

If one decides to have a double-span bridge the 
length of each span would be approximately 1750 m 
(fig. 12). This is far beyond the largest span built 
until now (the Humber bridge in Great Britain with a 

Figure 9. The G.P.M. artificial island . 
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Figure 11. The lattice G.P.M. pier. 
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Figure 13. The Musmeci pretensioned hanging bridge . 

Figure 14. The Musmeci bridge cross-section. 

Figure 15. The Danieli hanging structure. 
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Figure 16. The G.P.M. single span bridge cross-section . 
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Figure 18. General view of the G.P.M. single span bridge . 



central span of 1410 m). Moreover it may be pointed 
out that it is unusual, at least in Europe, to see 
heavy trains passing over suspension bridges. 

Nevertheless the studies sponsored by G.P.M. have 
shown that with a ratio of about 12 between span and 
sag and a moderately expanded cross section (fig. 10) 
only two 1 m size cables are sufficient and flutter 
problems can be properly overcome for a design wind 
speed of SO m sec-1 . 

Towers 230 m are required and the central one 
must be capital delta shaped. 

Great help to G.P.M. came both from British 
experience in this field and from advanced studies 
done in Italy both through a numerical simulation 
and experiments in the FIAT wind tunnel. 

S. The Single-Span Bridge . 

A single-span bridge offers the enormous 
advantage of not needing a support in the middle of 
the Narrows, but on the other hand the required span 
is 3300 m. 

The man in the street might think that going 
from 1410 m of the Humber bridge to the 17SO m of the 
double span bridge discussed above asks for a 
reasonable amount of progress in knowledge and 
technology, but a 3300 m bridge would be far too 
long. 

In our opinion this is not so, but it would be 
necessary to change the philosophy of design, rather 
than simply extrapolate present techniques. 

A decisive step in this direction was taken by 
Musmeci. He thought of the simple span bridge more 
in terms of a hanging structure than as a traditional 
suspension bridge (fig. 13). That is, he postulated 
not only carrying cables but also tension cables. A 
notable advantage in stiffness and a light super 
structure were the result (fig. 14). 

A similar idea was developed by Danieli (S) but 
he divided the tension cables into two spans,-which 
therefore demanded midspan anchorage (fig. lS). 

The above mentioned two proposals had their 
Achilles heel however, in the aeroelastic stability 
and in the horizontal stiffness. 

In fact avoiding flutter is the main problem for 
the simple span bridge. 

The G.P.M. people saw this clearly and devoted 
most of their energy to finding an answer to the 
aeroelastic problem. 

A sophisticated numerical simulation was made 
first and then a series of 1:10 scale experiments on 
sections of the bridge were performed in the FIAT 
wind tunnel. 

As varying parameters, the ratio between full 
and empty surfaces of the deck (fig. 16) and the 
influence of transversally crossed hangers were 
considered. 

Another main advantage of the G.P.M. design was 
an exceptionally high span/sag ratio (about 12). 
Such a choice asks for a large amount of steel in 
the cables(4 cables 0 1 m) and the percentage 
influence of the traffic loads is less than 20%. This 
allows for slopes much less than the maximum required 
by the Railway Administration. 

The result is a bridge like the one shown in 
fig. 17 where the cross section is spread through a 
width of SO m. 

An optimal percentage of empty strips and a 
well calibrated distribution of parallel and 
transversally crossed hangers allows for flutter 
wind speed above the fixed limit of SO m sec-1. 

To prevent excessive horizontal deflection the 
lateral towers had to be split into two independent 
ones (fig. 18). 
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As a final result the estimated cost of the 
single span bridge is less than for the two span 
bridge or a possible tunnel. That is, it seems the 
best solution for the Messina Narrows crossing. 
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THE DESIGN AND CONSTRUCTION OF THE NEW RIVER GORGE BRIDGE 

C. V. Knudsen, ASCE-F, Chief Engineer - Structures, Michael Bake r, Jr., Inc . 
J . F. Cain, Engineer, American Bridge Division, U.S. Steel Corporation 

The wor l d's longest steel arch bridge, spanning 
the New River Gorge in West Virginia , was 
opened to traffic on October 22, 1977. The 
overall length of the structure is 923.6 m 
(3,030 feet), with the main arch spanning a 
distance of 518.2 m (l,700 feet). During the 
preliminary design stages, various bridge 
types were considered. The final decision to 
build a steel arch was based on a combination 
of cost and aesthetic considerations. By 
using a high-strength, corrosion-resistant 
steel, the weight of the structure was kept 
to a minimum with the added benefit of 
maintenance-free steelwork blending with the 
surrounding rugged terrain. Surface con­
ditions in the coal mining region presented 
problems during foundation design. Special 
methods were employed to provide for subsur­
face stabilization where support bents were 
located in the proximity of mined-out areas. 
The computer was a major tool in both the 
design and erection of the bridge. The com­
puter made it possible to determine the most 
economical configuration for the main arch, 
and it was used to study many complicated 
loading and erecting conditions. Erection 
of the steelwork presented a tremendous 
challenge. The height of the structure, 

Figure 1. El evation Vi ew of New River Gorge Bridge. 

267 m (876 feet) above the river, and the 
heavy member weights dictated the use of a 
twin 1 ,067-m (3,500-foot)-cableway system. 
Construction of the arch across the gorge 
proceeded from both sides simultaneously 
utilizing the unique tieback system to 
support the cantilevered arch truss halves . 
The 34-million-dollar structure will be a 
major link in West Virginia's Appalachian 
Corridor "L" Expressway System. 

The wo rl d ' s longest stee l arch br idge spanni ng 
the New River Gorge in sout h centra l West Virginia 
l<JaS opened to t raff ic on Octobe r 22, 1977. The 
bri dge was des igned by Michae l Baker, Jr. , Inc. 
for the West Vi rg ini a Depa r tment of Highways and 
constructed by the Ameri can Br idge Divi s ion of 
Uni ted States St ee l Corporati on . (See Figu re 1.) 

The to tal length of the br idge Is 923. 6 m 
(3,030 f eet ). The ma in 518.2-m (1 ,700-foot) -a rch 
span is f lanked by five 38 . 6-m (126 . 5-foot ) ­
contlnuous deck t russ spans on the sout h and fo ur 
43. 7-m (143 . 5- foot ) -conti nuous deck t russ s pans on 
t he nor th . Four teen cont inuous deck truss spans 
at 39. 5 m ( 129 . 75 feet ) support t he deck ove r 
the arch span. The deck of the bridge is 267 m 
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(876 feet) above the waters of the New River, a 
height exceeded only in the United States by the 
Royal Gorge Bridge in Colorado. By way of com­
parison, the Bayonne, New Jersey arch, built in 
1932, has a span of 503.5 m (1,652 feet). The 
Sidney, Australia harbor arch, also built in 1932, 
has a span of 502.9 m (1,650 feet}. 

The overall width of the deck is 22.4 m (73.4 
feet) providing space for four traffic lanes, ade­
quate shoulders, and a safety type median barrier. 
The deck is reinforced concrete with a laytex 
modified mortar overlay. 

The bridge is a part of the Appalachian 
Development Highway System and will open up a 
long-needed north-south route across the State of 
West Virginia. Route U.S. 19 will cross the 
bridge and will be the connecting 1 ink between 
Interstate 79 and Interstate 77, West Virginia 
Turnpike. 

The cost is shared by the West Virginia Depart­
ment of Highways and the Federal Department of 
Transportation. The bid for the construction of 
the bridge was $34,000,000. The lump sum bid for 
the superstructure was $25, 180,000 for 19,410 M 
tons (21,400 tons) of steel. 

Location Studies 

In April, 1967, the West Virginia Department of 
Highways contracted with Michael Baker, Jr., Inc. 
for professional services to study a section of 
Corridor "L" from the north end of the existing 
Oak Hill Expressway to the vicinity of United 
States Route 60 near Hico, a distance of approxi­
mately 18 km (11 miles). The preliminary report 
indicated a road to be built within a corridor 
having a width of from 3 to 5 km (2 to 3 miles). 
After nearly two years of comprehensive alignment 
and cost studies, the recommended line was accepted 
by the State and Federal Departments of Transpor­
tation. 

New River Gorge was the major obstacle between 
the two terminals. Due to the steep profile, the 
cost would have been prohibitive to construct a 
highway at ground level along the sides of the 
gorge and crossing the river at low elevation. 
Thus, studies were directed toward the location of 
the best alignment for the bridge. Aerial and 
USGS maps were used to locate the shortest span on 
an alignment that could be projected to tie in 
with the approach roads. 

Foundation Exploration 

A 1 imited number of deep-core borings were 
drilled on the recommended line to determine sub­
surface conditions. The area in the vicinity of 
the proposed crossing had been mined. Preliminary 
core borings verified open mine shafts and remain­
ing coal support columns. The borings confirmed 
that the proposed alignment was satisfactory as 
far as subsurface conditions were concerned. 
After structure type approval, additional core 
holes were drilled at the exact locations of each 
of the substructure units. 

The overburden above the coal seam is largely 
sandstone and of good qua] ity. The abutments for 
the main arch span are founded on rock below the 
coal bed seam. Except for the first bent adjacent 
to both ends of the arch, the distance between the 
coal bed and the bottom of the footings was well 
over 30 m (100 feet). The overburden of sandstone 
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was considered adequate to support the superimposed 
loads from the approach spans. 

The proposed bottom of footing for the two 
bents adjacent to the arch was approximately 18 m 
(60 feet) above the roof of the coal mine shaft. 
The mined-out areas were located by drilling a 
number of 150-mm (6-inch)-diameter holes from the 
bottom of the footings to the cavities. These 
holes were used to make a photographic survey of 
the existing subsurface conditions. 

The remaining coal columns appeared stable; 
however, to assure against possible future subsi­
dence, the mined-out areas below the footings of 
two bents were filled with a sand-gravel grout 
mixture. The sand-gravel mixture was dropped 
through the drilled holes to form a cone with a 
1.8-m (6-foot)-diameter against the mine roof. 
The sand-gravel cones were stabilized by injecting 
cement flyash into the axis of the cone. The con­
dition of the cones were verified by photographs 
taken with a camera suspended in unfilled holes. 

Span Studies 

The recommended alignment required a bridge 
with an overall length of approximately 915 m 
(3,000 feet). Various lengths of suspension spans 
were considered. Due to the height of towers 
above the gorge and/or difficult tower construction 
on the sides of the gorge, a suspension-type bridge 
was not favored. 

Continuous deck girder and cantilever truss­
type spans were also studied. Mumerous piers would 
have been required that would have been costly and 
difficult to construct. 

By a process of elimination of other types, 
studies were directed toward a steel arch. Due to 
the heavy thrust and reaction, it was determined 
that the abutments for the arch should be founded 
below the level of the existing coal beds. Exist­
ing Route 82 crossed the proposed center] ine of the 
bridge at an elevation near the bottom of the coal 
bed. Both of these features entered into the 
selection of the positions for the abutments. 
Matural features controlled the deck elevation and 
the elevations and locations of the arch abutments. 
These features also influenced the geometry of the 
arch. 

Design of the Arch 

The existing features were instrumental in 
arriving at a span of 518.2 m (1 ,700 feet) with a 
rise of 112.8 m (370 feet) or a span-depth ratio 
of 4.6. A two-hinged, truss-type arch was selected. 
The shape of the arch was adjusted to conform to 
the dead load reaction thrust curve. Live loads 
and thermal conditions also influence the truss 
depth and geometrics. Numerous trial runs were 
made on the computer with variations in shape and 
depth of truss. The aim was to balance thrusts 
so that top and bottom chords were practically of 
equal size, and so that their areas were not signif­
icantly affected by secondary stresses due to 
thermal stresses or wind loads. The depth of the 
arch truss was varied from 10.3 m (34 feet} at the 
center span of span to 16.2 m (53 feet) at the 
first panel from the pin. The top and bottom 
chords merged to join at the hinge. Geometrically, 
the arch is a five-centered curve constructed on 
chords between panel points. At panel points, the 
ends of the top and bottom chords intersect on 
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radial 1 ines with vertical truss members being on 
radial 1 ines. This greatly simplified fabrication 
details for the truss members, lateral bracing, and 
vertical bracing as compared to similar details if 
the vertical members had been made truly vertical. 

The arch rests on four cast steel bearing 
shoes. The normal thrust on the abutment is 
almost at a 45° angle. The shoes and the embedded 
grillages were positioned to transmit a maximum 
thrust of 9,070 M tons (10,000 tons) into the 
massive abutments. The pins connecting the arch to 
the shoes are 690 mm (27 inches) in diameter and 
free to rotate on the bearing shoes. The ends 
of the bearing pins were fabricated to include a 
connection for a strut between the pins. The wind 
bracing from the upper and lower chords was brought 
down to intersect and be connected to the strut 
between the pins. This detail turned out to be 
simple and effective compared to the usual method 
of either connecting the lateral bracing to the 
truss or to a shear key in the abutment. A con­
nection of the lateral bracing to the truss was 
discouraged by the fact that bolts in the area 
already extended through metal 360 mm (14 inches) 
thick. 

The top and bottom chords are box members. 
Webs are 1.47 m (58 inches) deep and covers are 
1.0 m (39 inches) wide. Members were kept as 
small as possible, satisfying L/R and thickness 
of plate requirements. Full depth cross struts 
were connected to the top and bottom flanges of 
the chord members but reduced in depth between 
connections. Thus, wind areas were reduced which 
in turn reduced lateral bracing requirements. The 
slenderness of the members actually enhances the 
beauty of the structure. 

The plans and specifications required all truss 
members to be fabricated to lengths corrected for 
dead load deformations and to a temperature of 
l 6°c (60°F). Contact surfaces at the ends of the 
chord members were to be milled and shop assembled 
for check. At least 75 percent of the contact area 
was to be in full bearing. Fq-r the remainder, a 
separation not to exceed 0.25 fnm (.01 inches) would 
be permitted. This condition was attained during 
construction. 

The close tolerance may have added to the cost 
of fabrication; however, the added costs was more 
than offset by a reduction in size and thickness 
of gusset plates, splice plates, and number of 
bolts in the connections. Joints were designed on 
the basis that 50 percent of the load in the member 
was carried through by end bearing and the other 
50 percent by the bolts. (The 50 percent bolting 
was adequate for the cantilever during construc-
t ion.) 

Except for minor items, all structural steel in 
the bridge is ASTM-ASBB. This Is a high-strength, 
weathering-type steel. High-strength steels are 
economical for long span bridges. This was espe­
cially true for the New River Gorge Bridge. 
Difficult erection conditions made it imperative 
that the weight of each individual piece be kept 
to a minimum. The combined weights of ~ll members, 
beinq less by using high-strPn~th stPPl. tPnn~n !0 

further reduce the weights of individual members. 
The New River Bridge is in an ideal area for 

the use of weathering-type steel. The atmosphere 
is clear of fumes or acids that could contribute 
to corrosion. Due to the extreme height, the 
structure would have been costly to paint. The 
steel has not been painted and has weathered to a 
dark rustic brown that blends well with the moun­
tainous surroundings. Many dollars were saved 

during construction and will contribute to addi­
tional savings in future maintenance costs. 

Approach Spans 

The approach spans at both ends of the arch 
span and the spans over the arch are a series of 
continuous deck trusses. These spans rest on 
rectangular box columns. The columns are 1.2 x 
1.2 m (4 x 4 feet) at the top, varying to a maxi­
mum of 1.2 x 3.5 m (!f x 11.5 feet) at the bottom. 
All columns in the approach spans were anchored to 
the concrete foundation by anchor bolts, ten­
sioned to introduce a positive reaction on the 
base plate. There are thirty-four 83 mm (3-1/4 
inch) anchor bolts in the highest column, and each 
bolt was pretensioned with a force of 103 M tons 
(235,000 pounds). The tensioning served to anchor 
the bents prior to erection of the superstructure 
and to resist lateral wind loads after the bridge 
was constructed. Due to the terrain, steel bents 
were more economical to construct than the more 
conventional concrete piers. The bents and deck 
trusses are constructed of A588 steel and are not 
painted. 

Fabrication of Steelwork 

The deck system was fabricated using numer­
ically-control led drilling equipment. Because of 
the recognized accuracy of these mechanisms, the 
specification's required only 10% of the main 
truss chord field splices, which were non-bearing, 
to be shop assembled for fit verification. The 
field splices for the remainder of the deck system 
were not assembled until they were finally placed 
in the field. 

Specification's called for progressive 
assembly of the bent columns in the shop. Seg­
ments were completely welded and milled to length. 
Following this, successive segments were assembled, 
with the mil led ends in bearing, and the field 
splice holes were drilled using the pre-drilled 
splice material as a template. 

Numerically-controlled drilling equipment was 
also used to fabricate the arch members. After 
the box chord members had been welded, drilled and 
milled to length, the progressive chord method 
of assembly was followed to verify fit, bearing at 
the milled joints, and geometry. 

All main bridge members were fabricated using 
shop welded connections. Exposed welds were made 
using class EBO electrodes to provide a fi Iler 
metal compatible with the strength and atmospheric 
corrosion properties of ASTM AS88 material. Field 
connections were bolted using ASTM A325 Type 3 
(weathering type) high strength bolts. 

Erection Scheme 

The rugged, mountainous terrain presented a 
tremendous challenge in the erection of the arch. 
In the early planning stages of construction, 
engineering studies considered many erection 
schemes. Because of the gorge's great depth, the 
use of falsework was ruled out. Finally, the 
decision was made to cantilever the arch trusses 
out from both sides of the gorge, using a tieback 
system for temporary support. 

An economical method was needed to move the 
heavy arch truss members into position over the 



Figure 2. Cableway and Arch Tieback System. 
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gorge. The use of travel] ing derricks that would 
move along the top chord of the arch was considered, 
but this would have imposed prohibitive loads on 
the steelwork and the tieback system; also, it 
presented problems in delivering steel to the 
derricks. The cableway system finally adopted 
provided the most economical method for both 
fabrication and erection, minimizing requirements 
for reinforcement of the main truss members for 
erection stresses (See Figure 2). 

All structural steel was erected using the 
cableway system. The land bents and approach deck 
trusses were completed first. Then, the arch 
trusses were cantilevered out from both sides of 
the gorge supported by the temporary tieback system. 
The arch trusses were joined at mid-span, and the 
tiebacks were removed. Finally, the arch bents 
and arch deck trusses were erected, completing the 
steelwork. 

Cableway System 

Cableways have been used in the past to erect 
structures over deep canyons, but the twin system 
developed for the New River Gorge Bridge is in a 
class by itself. The 1067 m (3,500 foot) 
span and 90 M ton (100 ton) 1 ifting capacity made 
it the largest yet constructed. 

Each cableway carried a 45 M ton (50-ton) 
trolley and hoist on two 76 mm (3 inch) diameter 
track cables that were supported by a 101 m (330 
foot) tower on each side of the gorge. The tower 

Figure 3. 
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bases were set 2.4 m (8 feet) on either side of 
the bridge center 1 ine, and were pinned to permit 
lateral tilting, or luffing, of each tower. By 
luffing the towers, the track cables could be 
positioned over any portion of the 22 m (72 foot) 
bridge width (See Figure 3). 
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The cableways were operated independently for 
lifts up to 45 M tons (50 tons); for heavier 1 ifts, 
the two cableways were operated in unison, provid­
ing a lifting capacity of 90 M tons (100 tons). 

Arch Tieback System 

The tieback system was primarily designed to 
support the massive arch structure; however, it 
also included a jacking system that played an 
important role in the arch closing procedure. Each 
of the cantilevered arch trusses was independently 
supported by a concrete anchorage located approxi­
mately 70 m (200 feet) behind the abutment at each 
corner of the bridge (See Figure 4). 

Figure 4. Plan of Arch Tieback Anchorage. 
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2 Hydraulic Jacks 

Four strings of pipe casing passed through the 
anchorage and connected to a moveable steel 
jacking girder. Behind the anchorage were four 
1134 M ton (1250-ton) hydraulic jacks that were 
used to adjust the position of the moveable 
jacking girder. Shim blocks placed over the 
casing between the girder and anchorage trans­
ferred the tieback load from the girder to the 
anchorage. 

The four strings of tieback casin~ extended 
out on the approach steelwork, where they connected 
to a rocker and 1 inkage device located at the end 
approach bent (See Figure 5). 
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Fi~ure 5 . 

Figure 6 . 

Figure 7, 

/ 
Anchorage 

Plan and El eva ti on of Rocker a nd 
Linkage Device. 

Grillage 

Elevation of Adjusting Device for Arch 
Tieback Strands. 

The rocker device had four strand plates with 
pin holes for connecting wire rope bridge strands 
that extended down to various support points on 
the arch truss. The strands were connected to 
the arch steelwork using a special tieback adjust­
ing device (See Figure 6). 

By means of center hole jacks mounted in the 
device, the strands were adjusted to equal lengths 
and equal loads. The tieback strands progressively 
supported the truss at panel points 2, 4 and 8. 
While supported at panel point 8, the s teelwork 
was cantilevered out to panel point 14, where 
anothe r set of tieback strands were connected. 
Because of the weight of the structure at this 
stage of erection, tiebacks at both panel points 
8 and 14 were used to support the steelwork as it 
was cantilevered out to mid-span at panel point 20 
(See Figure 7). 

Arch Closing Procedure 

Previously, major arch bridges had been 
closed by inserting jacks in the gap between the 
two arch halves to attain the design stress, then 
filling the gap with a custom-made steel insert 
piece. The New River Gorge Bridge was the first 
major arch bridge to be closed without an adjus­
table closing member. 

Deflection calculations showed that the top 
chord splice points would come into contact first 
during the closing operation. Therefore, during 
fabrication, the design details for the top chord 
splice points were modified, adding pins in each 
web plate to control alignment (See Figure 8). 

Figure 8. Top Chord Web Alignment Pin. 
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The erection procedure called for the truss 
halves to be erected high. Then, to close the 
arch, the tieback system was gradually released 
using the anchorage jacking system. This caused 
the truss halves to rotate about their hinges 
and seated the web pins at the top chord splice 
points (See Figure 9). 

Figure 9. Top Chord Web Alignment Pin in Contact, 
With Bottom Chord on Alignment Shoe . 
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With the web pins in contact, further relaxa­
tion of the tie-backs induced compression forces 
in the top chords, causing the crown of the arch 
to rise and the top chords to rotate about the web 
pins, thereby closing the gap at the bottom chord 
points. When the bottom chords came into bearing, 
the top and bottom chord splices were pinned and 
bolted. The tieback system was then released 
completely, thereby "swinging" the arch span. 

Construction Time 

Shortly after the contract was awarded in 
June 1973, construction work began on the bridge 
abutments and approach bent foundations. Also, 
foundations were installed for the cableway 
system; then the cableway was erected and made 
operational. 

Erection of the approach steelwork began in 
May 1974 and, following the installation of the 
arch tieback system, the arch erection was 
started in July 1975. In May 1976 the arch was 
closed, and the final deck truss steelwork over 
the arch was placed in November 1976. The deck 
slab over the arch, along with the parapets and 
median were poured in the Spring of 1977; in 
October 1977 the structure was opened to traffic . 
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TRAFFIC LOADING OF LONG SP AN BRIDGES 

Peter G. Buckland and John P. McBryde, Buckland and Taylor Ltd. 
Francis P.D. Navin and James V. Zidek, University of British Columbia 

To estimate the traffic loading on long span bridges two 
independent statistical techniques were developed. One was 
purely analytical, the other used a computer to generate 
random "traffic" and calculate the maximum load on the 
bridge. The two methods gave remarkably similar results. 
Further research produced not only maximum loads, but also 
maximum moments and shears. From this work the following 
results emerge : 

a) With a knowledge of the average mix of traffic, a 
design loading can be estimated with a good degree of con­
fidence usrng the techniques developed. 

·b) The loading can be accurately represented by a 
uniform load and a concentrated load in the traditional 
manner. 

c) Unlike the AASHO loading, one set of uniform and 
concentrated loads can be used to represent both maximum 
moment and maximum shear. 

d) As expected, the uniform load per foot reduces as 
the loaded length is increased. 

e) Unlike AASHO and previous assumptions, it is 
found that the concentrated load increases as the loaded 
length increases. 

f) When several lanes are loaded simultaneously they 
do not, as suggested by AASHTO, all carry the same load. A 
simple distribution formula has been found. 
These results have significant implications for the designers of 
long span bridges ; and typical results have been produced for 
various types of traffic. 

It has been recognized by several authorities (e.g. references 
2, 4, 6, 7) that the traffic loading per unit length on a bridge 
diminishes as the loaded length increases. When faced with the need 
to accurately estimate the load on a bridge (8), however, the 
authors could find no satisfactory theory available and were obliged 
to develop their own methods. Having developed the techniques, 
they have now been applied to the general bridge as reported 
herein. 

Two completely different methods were derived. One was an 
............. 1. , t: ,... ... 1 ....... 1 .. +: ........ ..... r __ ,,.i.. .. i..~•~+ . . ,.. ... . .... +: ... - ~ ... _..l i.. __ ._ _ ___ ..J __ 
.,.. .... . J .. ,.._,...._. .,..., ... ,,... .... ...., •• '-'& p.l ...... V U.V.Ll.l.\.J "''-i'·U,.l .. J.VJlJ U.11U. 11.U.l V \JVll U(;o')-

cribed in reference 9 . The other uses the random scatter capability 
of the computer to simulate traffic coming onto the bridge and has 
been described in reference 5. These two methods served as an 
excellent check on each other. 

From this work, summarized in reference 5, four· main con­
clusions emerged: 

I. The maximum loading occurs with traffic stationary. 
Video-samplings of traffic from the tower of a suspension bridge 
confirmed this finding by Asplund (2). When traffic starts to move 
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the vehicles separate such that the loading intensity is reduced, 
even if an allowance is added for impact. (Fig. 0) 

Fig. 0. Dense traffic travelling on a long span bridge. Moving traffic 
clearly spaces out to produce a less severe loading case than that 
caused by stationary "bumper-to-bumper" vehicles. 



2. The loading can be represented as a uniform load and a 
concentrated load in the traditional manner, as shown in Fig. 1. 
This will predict maximu.m shears and moments on a span with 
reasonable accuracy, irrespective of the end conditions of the span. 
Multiple span loadings have not been studied in depth. 

3. Unlike AASHTO loading a single pair of loads, the con-
centrated load, P, and uniform load, U, will produce both maxi­
mum shears and maximum moments. Reference to Fig. 1 will show 
that the maximum moment, M, shear, S, and total weight, W, can 
be produced by the expressions 

M 

s 

PL UL2 
4+g 

p + UL 
T 

w = p + UL 

2 

3 

Equations 1, 2 cannot be solved simultaneously, but it is found 
empirically (see ref. 5) that P, U derived from the solution of 
equations 2, 3 provide good approximations to the solution of 
equation 1. 

4. Unlike traditional loading, the concentrated load (P in 
figure 1) increases as the loaded length increases. The uniform load 
decreases as expected. 

This paper offers loading for four widely differing types of 
traffic, comments on their accuracy, compares them with estab­
lished loading codes and discusses cross-lane distribution. 

FIGURE -1 
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CONFIGURATION FOR MAXIMUM SHEAR 

SIMULATION PROGRAM 

The computer program which is used to calculate weights, 
shears and moments for spans up to about 2000 m (6400 ft.) 
operates by simulating random traffic crossing over the bridge. 

It allows random stoppages of traffic in ohe or more lanes, on 
or off the bridge. It then scans the stopped traffic, searching for the 
maximum load, moment or shear on any length of 15, 30, 61, 122, 
244, 488, 975 and 1951 m (50, 100, 200, 400, 800, 1600, 3200 
and 6400 ft.). These are referred to as the loaded lengths. The 
maximum values for each length found during a simulated 3 month 
period are retained in the memory. 
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Having found the maxima in one lane, it then searches for the 
maxima in the other lanes. The traffic in these lanes may be 
stopped or moving. 

The maximum values for each time period of 3 months are 
printed out, and the mean and standard deviation of these maxima 
are calculated. A Gumbel extreme value distribution is then used 
to predict the maximum loading, shear or moment for any required 
return period, using the formula: 

wh.:re YR i the maximum va lue expected with a return period R, 
R is expressed in un.its of 3 montlt time periods, Y is the mean of 
maximum values observed over T time periods, o-T is the standard 
deviation of maximum values in T time period , and K is a constant 
depending on Rand T. 

Although the loading can thus be predicted for any return 
period, certain rare loading conditions can produce a large standard 
deviation which will produce unrealistically conservative results 
if a long return period is used (i.e. K is large). A return period of 
5 years has therefore been taken by the authors. 

Input to the program falls into four main categories: 

Fixed or Arbitrary Data 

This includes the length of bridge and approaches on which a 
stoppage may affect traffic on the bridge, the number of lanes, and 
the number of 3 month time periods for which the bridge is run. 

Bridge Dependent Data 

The number and type of stoppages (accidents or breakdowns) 
and the number of affected lanes for each stoppage can be varied. 
Stoppages occur randomly in time and position, but a bias can be 
built in to have more stoppages in some places than others, or at 
certain times. The length of time to clear a stoppage is random, 
but the limits are controllable and are different for accidents and 
breakdowns. The volume of traffic and its average speed are variable 
by hour of day, as are the number of cars, buses and trucks. The 
overall percentage of each type of vehicle in each lane is variable. 

Driver Dependent Data 

For stationary traffic the distance between vehicles is taken as 
constant, for moving traffic this distance is increased linearly 
depending on the speed. The speed of "trickle" past an accident is 
taken as a fraction of the average speed and can be different in 
each direction. 

Vehicle Dependent Data 

Cars and buses are each assumed to be of constant length and 
weight. Trucks are allowed to vary independently in both weight 
and length. Although the program will handle many mixtures of 
truck types, insufficient data are available about the traffic, mainly 
because most authorities study only heavy trucks, not empty or 
lightly laden ones. 

CALCULATED LOADS 

Although there is no doubt that more data are needed to 
ensure accuracy of the results, the authors have nevertheless studied 
four loading cases which can be considered as a guide. 

Case 1 - is based on a two-day observation of traffic on the Second 
Narrows Bridge in Vancouver, B.C., and is considered fairly typical 
highway loading. The daily volume on 6 lanes has been taken as 
85,900 cars, 351 buses and 6,510 trucks for a total of 92,761 
vehicles, of which 7.4% are "heavy vehicles", i.e. buses and trucks 
over 53 kN (12,000 lb.). The maximum truck weight has been 
taken as 534 kN (120,000 lb.). The return period is 5 years, with 
2000 stoppages per year. 
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Case 2 - is as for Case 1, but with the proportion of heavy vehicles 
increased by a factor of four to 29.6%. 

Case 3 - again has the same data except that the proportion of 
heavy vehicles has gone up to 100%. This hypothetical condition 
represents an "upper limit" of bridge loading for this mix of heavy 
vehicles. 

Case 4 - has very light traffic taken from a seven-day count on 
Lions' Gate Bridge in Vancouver where a weight restriction is in 
force. The proportion of heavy vehicles is 2.4% and the heaviest 
vehicle is 178 kN (40,000 lb.). 

PARAMETERS P, U 

When the concentrated load, P and the uniform load, U, are 
calculated for the 4 load cases, the smoothed curves of Figure 2 
can be derived. The interesting point, mentioned earlier, is that the 
concentrated load, P, increases as the loaded length increases. 
Values of P, U are tabulated in Table I. 

The degree of accuracy obtaini;.d by using P, U for simply 
supported weights, shears and moments for the case with 7.4% 
heavy vehicles can be seen in Fig. 3, which shows that the average 
weight is least accurate although, presumably, least important. 
The shear is within 2% from 61 m (200 ft.) to 975 m (3200 ft.) 
and the moment is over-estimated by 6% or less, except at 61 m 
(200 ft.) where the error is safe by 9%. 

FIGURE-2 
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TABLE I. Proposed uniform and concentrated loads for design of long span bridges 

Loaded Concentrated Uniform Concentrated Uniform 
Length Load (P) Load (U) Load (P) with Load (U) 

with 7.4% kN/m (lbs./ft.) 2.4% H.V. 2.4% H.V. 
29.6% 100% 7.4% H.V. 29.6% H.V. 100% H.V. 
H.v.a 

m. (ft.) kN. (lbs.) kN (lbs.) kN/m (lbs/ft.) 
(I) (2) (3) (4) (5) (6) (7) 

15.25 50) 0 38 (2600) 38 (2600) 38 (2600) 0 16.8 (1150) 

30.5 100) 107 ( 24,000) 20.4 (1400) 21.9 (1500) 25.5 (1750) 35.6 ( 8,000) 10 ( 690) 

61 ( 200) 214 ( 48,000) 13.7 ( 940) 16 (1100) 20.8 (1425) 71.2 (16,000) 7.6 ( 520) 

122 ( 400) 320 ( 72,000) 10.4 ( 710) 13 .9 ( 950) 17.1 (1170) 107 (24,000) 6 ( 410) 

244 ( 800) 427 ( 96,000) 8.3 ( 570) 12.1 ( 830) 14 ( 960) 142 (32,000) 4.8 ( 330) 

488 (1600) 534 (120,000) 7.1 ( 485) 10.8 ( 740) 12.3 ( 840) 178 (40,000) 3.9 ( 270) 

975 (3200) 640 (144,000) 6.4 ( 440) 10.2 ( 700) 11.2 ( 770) 213.5 (48,000) 3.4 ( 235) 

1950 (6400) 747 (168,000) 5.8 ( 400) 9.9 ( 680) 10.5 ( 720) 249 (56,000) 3 ( 210) 

Note: a3 H.V. denotes percentage of heavy vehicles over 53 kN (12,000 lbs.) in the traffic. 
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Thus the parameters P, U given in Fig. 2 produce simply 
supported shears and moments with good accuracy. Justification 
for their use on non-simple spans can be found in reference 5. 

COMPARISON WITH AASHTO AND BS153 

A comparison is made in Fig. 4 between the simply supported 
moments found in the authors' example, and those which would be 
derived from AASHTO ( 1) HS-20 loading, which is a common 
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North American loading for bridges up to 122 m ( 400 ft.) span 
(and sometimes extrapolated beyond that limit), and British Stan­
dard B.S. 153 (3) which gives loadings for spans up to 900 m 
(2952 ft.) . Shears follow a pattern very similar to moments and are 
therefore not shown separately. It can be seen that between 244 
and 488 m (800 and 1600 ft.) all three methods give approximately 
the same answer, whereas for lower loaded lengths AASHTO 
underestimates and B.S. 153 overestimates, and above 488 m (1600 
ft.) the opposite is true, the errors sometimes exceeding 30%. 
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FIGURE-4 

COMPARISON OF MOMENTS (7.4% H.V.) 
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COMPARISON OF TRUCK INTENSITIES 

Second Narrows Bridge traffic was chosen for this study as it 
was thought to be fa irly typical. The other theoretical truck intensi­
ties were studied , however, in order to determine some upper and 
lower bounds, should Second Narrows Bridge not be typical. 

Fig. 5 compares maximum shears for traffic with 2.4%, 29.6% 
and 100% heavy vehicles (H.Y.) with those for traffic with 7.4% 
heavy vehicles. It can be seen that at short loaded lengths the three 
greater loadings tend to converge . This is because they all have the 
same maximum vehicle weight of 534 kN (120,000 lb.), and at 
short lengths a single vehicle can govern. The lower curve (2.4% 
H.Y.) has a lesser value at short lengths as its maximum vehicle is 
only 178 kN (40,000 lb.). At first sight it may appear that the 
loading at short lengths for ?..4% H.Y. should thus be a third of 
that for the other curves. Such is not exactly the case because the 
178 kN (40,000 lb.) truck is shortP.r than thP. 534 kN (120,000 lb .) 
truck. thus resulting in a loan inf P.nsity somP.whot en•ofpr fhon ~ 

third. 
At longer loaded lengths there is more divergence, but it is 

interesting that within the range considered even traffic with 100% 
heavy vehicles produces loading not more than 70% greater than 
the 7.4% case. When it is considered that at these large lengths the 
total live load is small relative to the dead load, it can be argued 
that taking 7.4% H.Y. or 29.6% H.V. or somewhere in between will 
not cause undue errors in stress. 

A few cases were considered with a small number of very 
heavy trucks in the traffic stream, which might represent overloaded 
logging trucks al 890 kN (200,000 ib.) each. The effect was very 
small, except at short loaded lengths. 

CROSS LANE DISTRIBUTION 

A common question to arise in bridge loading is: ifthe loading 
on one lane is known, what is the loading on the other lanes? There 
are several ways in which this can be tackled. One method is to 
assume that the total loading on two lanes of length L is the same 
as the loading on one lane of length 2L. In this case the known 
single lane curves can be used, although the two obvious defi­
ciencies in this line of attack are (a) knowing the loads on two lanes 
does not indicate how it is distributed between the lanes, and (b) 
it assumes that all lanes carry identical traffic, which they certainly 
do not. 

AASHTO directs that when several lanes are loaded, the load 
on every lane shall be reduced to 90% of single lane loading when 
3 lanes are loaded, and to 75% of single lane loading when 4 or 
more lanes are loaded. It can be argued, however, that this is both 
illogical and erroneous. If a single lane can have a certain load on it, 

in the curb lane as trucks gravitate towards it. Loads in the second 
and third lanes may well be reduced, however. 

B.S. 153 takes some recognition of this phenomenon by 
requiring the first two lanes of the bridge to be fully loaded and the 
remaining lanes to be loaded with one third of the single lane 
loading. 

The fact is that neither standard method is correct because 
the cross-lane distribution depends on the loaded length. A single 
ratio independent of loaded length will never be better than approxi­
mate. This can be seen by reference to Fig. 6. Making the assump­
tion that all lanes carry identical traffic, two lanes at 30 m (I 00 ft.) 
long might carry the same as one lane at 61 m (200 ft.) which is 
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FIGURE-S 
COMPARISON OF MAXIMUM SHEARS FOR DIFFERENT 

PERCENTAGES OF HEAVY VEHICLES 
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17 kN/m (1180 lb/ft.) of lane, or 34 kN/m (2360 lb/ft.) of bridge. 
Since one lane could be carrying the maximum load for 30 m 
( 100 ft.) which is 24 kN/m (1640 lb/ft.) , the second lane would 
be carrying 34 - 24 = 10 kN/m (720 lb/ft.) and the ratio of second 
lane to first lane would be 10 + 24 = 0.42. At a longer loaded length, 
however, say 488 m (1600 ft.), two lanes would carry the same as 
975 m (3200 ft .) of single lane, which is 7.1 kN/m (485 lb/ft.) per 
lane, or 14.2 kN/m (970 lb/ft .) of bridge. A single lane of 488 m 
(1600 ft.) could carry 8.2 kN/m (560 lb /ft) leaving the second lane 
to carry 14.2 - 8.2 = 6.0 kN/m ( 410 lb/ft.) for a ratio of 6.0 + 8.2 = 
.73. 

Thus the ratio of second lane to first lane can vary depending 
on the length of bridge considered. The authors' method does not 
make the simplified assumptions of the previous paragraph, but 
actually calculates the maximum loads for every length on 1, 2, 3 
and 6 lanes, and gives, for each, the amount of load on each lane. 

Fig. 7 gives the ratios of second lane to first lane, third lane to 
first lane and the average of lanes 4, 5 and 6 to the first lane, for 
total weights in the case of 7.4% heavy vehicles. As expected, the 
ratios vary considerably, but in the interests of simplicity one could 
approximate the situation by using lane loading ratios of 0.7 for 
the second lane, and 0.4 for the remainder. These ratios are com-

122 244 488 975 1951 

(m) 

pared with those of the other codes in Fig. 8. 
When selecting a "general" cross-lane distribution it is impor­

tant to bear in mind the purpose for which it will be used. Fig. 9 
shows four bridge cross sections. Section (a) shows a typical through 
truss arrangement. The important consideration here is the maxi­
mum load which can occur on one truss. A similar case to this 
would be a suspension bridge where the load on one cable is govern­
ing. Section (b) shows two plate girders. Again, the important 
effect is the maximum load on one girder. Section (c) shows all the 
lanes carried on a single box girder and section (d) shows a single 
central support (perhaps cable-stays) and a torsion box. In the last 
two cases the bending in the box (or the load on the central 
support) is governed by the total weight on all the lanes, and the 
torsion in the .box is governed by only the lanes on one side of 
centre-line being loaded . 

Thus the main considerations are the total load, the maximum 
torque, and the maximum load on one support of a double support 
system. This last depends on the spacing of the supports. 

Table 2 compares these three effects using the AASHTO and 
B.S. 153 distributions with the distribution suggested by the 
authors. The maximum load on one side is calculated assuming the 
supports at the outside edges of the outside lanes and no median. 
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FIGURE - 6 
AVERAGE LOAD PER UNIT LENGTH 
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FIGURE-7 
RATIO OF LANE LOADS 
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FIGURE-8 

CROSS LANE DISTRIBUTIONS 
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This is a compromise rather than a typical situation, but serves as 
an illustration. The load in the heaviest laden lane is taken as unity . 

It can be seen that there is in practice very little difference in 
the three methods except that AASHTO tends to overestimate the 
total load on the bridge by 20 to 36%. This would have been of 
little concern before the introduction of large box girders and single 
plane cable stays. Indeed this overestimate has probably discour­
aged the use of single supports in North America, since there has 
been no economy to be gained by using them. Whereas in Europe, 
where the cross-lane distribution is more realistic, they have 
flourished. 

MISCELLANEOUS 

Three further opinions can be expressed: 

Position in Lane 

Most codes state that traffic must be placed in the worst 
place within a lane. This makes good sense for a short bridge 
governed by a small number of vehicles, but the authors query its 
validity for a large bridge carrying many vehicles randomly spaced. 
They have therefore assumed all traffic at the centre of the lane. 

Impact 

Impact need not be added to stationary traffic loading. For 
the moving lanes the authors have also ignored impact on the 
grounds that (a) impact is random and as some traffic bounces up 
and some down, the mean effect must be near zero, and (b) moving 
traffic is the least important anyway, both because of its light 
weight and its small effect on the major bridge components (see 
figs. 8 and 9). 
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FIGURE - 9 

TYPICAL BRIDGE CROSS-SECTIONS 
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Suspension Bridges 

Much of this loading will apply to suspension bridges (for 
which it was originally derived). Because the concentrated load, P, 
increases with loaded length, it would appear that it can dominate 
unreasonably. For example, with the entire bridge loaded, P can 
produce massive shears at the ends of spans, which would seem 
excessive. It is prol;iable that the best way to handle this is to take 
the loaded length which produces the worst condition for uniform 
load only, and then add in the concentrated load, i.e. do not allow 
U to be applied in the negative region of the influence curve in 
order to boost P by having a greater loaded length. 
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TABLE 2. Comparison of cross-lane distributions. 

Effect Number 

of Authors' AASHTO 

Lanes 

(I) (2) (3) (4) 

2 1.7 2.0 

Total 3 2.1 2.7 

Load 4 2 .5 3.0 

6 3.3 4.5 

2 0.5 0.5 

Torqueb 3 1.0 1.0 

4 1.85 2.0 

6 3.75 4.05 

Maximum 2 .93 1.0 

Load on 3 1.25 1.35 

Support 4 1.51 1.5 

6 1.98 2.25 

Note: acompared to the authors' distribution (column 3). 

bassuming a lane width of unity. 

SUMMARY 

The main conclusions to be drawn from this study can be sum­
marized as follows: 

I. The facility is now available to calculate the loading on 
a long span bridge with a fair degree of accuracy. More data are 
needed about the traffic. 

2. The loading can be represented as a uniform load and a 
concentrated load . The uniform load dimi~ishes as the loaded 
length increases. The concentrated load increases with loaded 
length. The same loads produce the maximum shear and the maxi­
mum moment, unlike those in AASHTO. 

3. Maximum loading conditions will occur with the traffic 
stationary, therefore no allowance need be added for impact. 

4. Guide-line loadings can be derived from fig. 2 or Table I. 
Increasing the number of heavy vehicles in the traffic has only 
a moderate effect on the load. 

5. Neither AASHTO HS20 loading nor B.S. 153 are parti-
cularly accurate, nor consistent with each other, but they coincide 
with the authors' loading over a limited length range. 

6. No single cross-lane distribution is accurate, but there is 
little practical difference between the authors' recommended 
distribution and those of B.S. 153 and AASHTO, except that the 
latter overestimates the load on a central support system, such as 
a box girder or cable stays. 
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APPLICATION OF PREFABRICATED HOLLOW STEEL DECKS TO BRIDGE CONSTRUCTIONS 

Toshikazu Suruga and Kenichi Kushida, Kobe Steel, Ltd., Japan 
Yukio Maeda, Osaka University, Japan 

At the 10th Congress of International Association 
for Bridge and Structural Engineering in Tokyo, 
in 1976, the authors introduced a prefabricated 
hollow steel deck as a floor system for long-span 
suspension bridges. In this paper, they are 
proposing the application of this new deck to the 
main structure of smaller bridges. This deck has 
been used in bridges and floor systems in Japan. 
Here, the authors discuss the structural features 
and fabrication of this deck and present examples 
of its application to bridge construction. They 
also discuss the problems of design and construc­
tion of bridges using this deck, the methods of 
solving these problems, and the experimental 
studies conducted on the deck. This hollow steel 
deck is a prefabricated slab structure made up of 
two face plates with evenly-spaced core plates 
arranged diagonally between them. Tests have 
shown that this deck improves a bridge's lateral 
and torsional rigidity as well as its shearing 
resistance and fatigue strength. In that this 
deck is a prefabricated structure, its application 
facilitates bridge construction. 
Furthermore, the total thickness of the bridge 
structure can be reduced, thus improving its 
aesthetic appearance. 

The steel deck, a light-weight, prefabricated 
structure, has been used for about twenty years for 
bridge and floor-system construction not only because 
of its high strength, but also because it helped to 
increase economy, safety, and the speed of completion. 
This conventional orthotropic steel deck, however, 
having an upper face plate stiffened with longitudinal 
and lateral ribs, has a low level of lateral and 
torsional rigidity. 

Recently, a new type of steel deck, having two 
face plates, both a top and a bottom, connected by 
longitudinal ribs only, was developed by the authors. 
This prefabricated structure was intended primarily 
for decks and floor systems, but it is also applicable 
to bridges with a span of up to about 30 meters, 
increasing both aesthetic appearance and degree of 
prefabrication. This hollow steel deck is not appli­
cable to briges with a long span in that they require 
box girders. 

A bridge using this hollow steel deck as its main 
structure can be referred to as a "slab bridge". 

Details concerning the fabrication of this hollow 
steel deck will be discussed later. It may be helpful 
at this point, however, to refer breifly to Figure 10. 
Please note that the bottom plate is actually a series 
of bands welded longitudinally to the core plates. 
Thus welding is performed in only one direction. 

Figure 1. Completed hollow steel deck showing cross 
section. 

Features and Problems 

A bridge using the hollow steel deck has the 
following advantages: 

1. Greater load-carrying capacity, since both 
top and bottom face plates act effectively against an 
applied load. 

2. Higher accuracy fabrication due to less 
distortion from welding (less lateral welding) . 

3. Easier and faster construction. 
4. A more slender and aesthetic appearance due 

to reduced thickness. 

There are the following problems in applying the 
hollow steel deck to bridges: 

1. Limitation of application to short-span 
bridges. 

2. Due to the closed nature of the deck: 
a. Splicing units together is difficult. 
b. Inspecting interior welding is difficult. 
c. Interior corrosion may be a problem. 
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Experimental Studies 

Various experimental studies were made to obtain 
basic data on the behavior and characteristics of the 
hollow steel deck. Three of these will be discussed 
here. 

Test One-Bending and Torsional Rigidity 

In this study the authors intended to determine 
whether the conventional, practical method of analysis 
could be applied to the analysis of the hollow steel 
deck subjected to a concentrated load. That is, the 
tests were planned to obtain data on the longitudinal 
bending rigidity (Dx), lateral bending rigidity (Dy), 
and effective torsional rigidity (H) of the deck. 
These data required for practical analysis of a slab 
bridge by the Guyon-Massonnet method. 

First, from a test it was concluded that Dx can 
be calculated by using the moment inertia of the 
section. Since Dy can not be determined so simply, 
however, the authors performed an additional test to 
determine its value. 

The test to determine lateral bending rigidity 
(Dy) of decks with different cross-sectional shapes 
was carried out using six model specimens. Each was 
20 cm wide. Other dimensions are shown in Table 1. 

Table 1. Dimensions of model specimens for test of 
lateral bending rigidity. 

(Unit: mm) 

Test Specimens 
Dimens_ion 

A B c D E F 

a 0 100 150 150 225 300 

b 135 150 150 150 150 150 

h 108 138 141 140 138 138 

s 127 158 159. 157 157 157 

t1 6 6 4.5 6 6 6 

t2 6 6 4.5 4.5 6 6 

t3 6 6 4.5 4.5 6 6 

L 1350 1500 1800 1800 1875 2250 

,Q, 675 750 600 600 750 900 

Remarks: l) 
b a I 12 

=t ~ ~~v I c I 
b) Land ,Q, are shown in Fig. 2. 

Note: l mm = 0.03937 in. 

Each specimen was loaded as shown in Figure 2. 

these measurements, Dy was calculated for each speci­
men. 

The relationship between rigidity and cross­
sectional shape was determined by constructing the 
graph in Figure 3. 

Figure 2. Loading of model specimen for test of 
lateral bending rigidity. 
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Note: 1 mm 0 .03937 in . 

Figure 3. Relationship between rigidity and cross­
sectional shape 
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In this graph f is a coefficient calculated from the 
dimensions of the specimen (Table 1) according to the 
following formula: 

f 
a 

h(tl + 2t2S + t3) 
3(a+b) 

The f-Dx/Dy curve can be expressed by the following 
formula: 

log 
Dy 
Dx 

-0.077-6.97f 

The test to determine torsional rigidity (ll) was 
performed as shown in Figure 4. From the results, the 
value of H was found to be roughly equal to Dy. 



Figure 4, Test for torsional rigidity 

Test TWO-Deflection and Stress 

'The test to determine deflection and stress was 
performed using the sample deck shown in Figure 5. 
The position of this load is also shown in Figure 5 . 

Figure 5. Dimensions and loading of sample deck used 
in Tests Two and Three. 
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Figures 6 and 7 show the measured values for deflection 
of top face plate along the X and Y axes, respectively; 
under a 98 kN (22 kip.) load. Using the data obtained 
in Test One, deflection for this sample was also 
calculated according to both the Guyon-Massonnet method 
and the finite strip method. These values are also 
shown in Figures 5 and 6. 
The values calculated according to the Guyon-Massonnet 
method are smaller than the measured values presumably, 
because the calculation in Test One did not take into 
account the effect of shearing force. 

Figure 8 shows both the measured values for strain 
of the top face plate on the Y-axis under a load of 
98 kN (22 kip.) and those calculated according to the 
finite strip method. One can see from the graph that 
the top face plate under the load acts on the Y-axis 
as a continuous plate. 
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Figure 6 . Deflection along X-axis under a load of 
98 KN. 
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Figure 7 . Deflection along Y-axis under a load of 
98 kN. 
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Figure 8. Strain on top plate along Y-axis under a 
load of 98 kN. 
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These results suggest that the values for deflec­
tion and strain calculated according to the finite 
strip method are reasonable approximations of the 
actual values. The authors intend to continue their 
investigation concerning the application of the Guyon­
Massonnet method. 
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'!'est 'l'hree-<'atigue Strength 

To test fatigue strength, the sample deck used in 
Test '!Wo was subjected to cyclic loads at the same 
point of loading. First, the deck was subjected to 
a load of 9.8 kN (2.2 kip.) to 225 kN (50.6 kip.) for 
2,000,000 cycles. The maximum load was increased to 
343 kN (77.2 kip.) for an additional 1,000,000 cycles. 
Then, the maximum load was increased to 465 kN 
(104.7 kip.) for an additional 1,000,000 cycles. 
The calculated stress from measured strain of the top 
face plate at paint A under a load of 465 kN was then 
164.4 MPa (23,87olbf/in.2). Finally, the deck was 
subjected to a more concentrated load with lower 
maximum for another 5,000,000 cycles at a position on 
the other side of point A. The stress at point A 
then reached 226.38 MPa (32,825lbf/in.2), but no 
fatigue crack occurred. This test confirms that this 
hollow steel deck has great fatigue strength . 

Design of Slab Bridge 

Structural Analysis 

The construction and design of a bridge must take 
into account deflection and stress imposed on each 
structural member by a live load. When a hollow steel 
deck is used this analysis be c omes complic<>te d by the 
complicity of elements. 

Beam Theory Method. If the bridge will be sub­
jected to a uniform load or if lateral bending moment 
is not a consideration, stress and deflection can be 
calculated by using the common beam theory. In this 
case, the entire assembled deck can be considered as 
a single beam. Pedstrian bridges are designed by 
using this method. 

Orthotropic Plate Deck Theory Method. If the 
bridge is to be subjected to a concentrated or non­
formly distributed (one-side) loaa, the beam theory is 
not applicable. Rather, the hollow deck must be 
considered as an orthotropic plate. Stress and 
deflection can be calculated by using the Guyon­
Massonnet method. As mentioned earlier, however, 
values calculated according to this method are less 
than actual measurements. This problem has not yet 
been completely solved. 

Finite Strip Method. Stress and deflection can 
be more exactly calculated by using the finite strip 
method, but the calculations become much more 
complicated. In this case, each e lement of a given 
deck is considered as a finite strip. Stress and 
deflection are calculated for each strip. This analy­
sis makes use of a computer program designed by the 
authors specifically for this purpose. 

It should be pointed out that the cross-sectional 
shape and dimensions of the hollow steel deck are 
determined by allowable deflection, rather than by 
allowable 8trcss as is the usual case for other bridge 
structures. In Japan the allowable limitation of 
deflection due to the live load is 6/~=1/600 
(t:. ::1c~l:::c"ti~:--. ~:.:.:: ~-;:: ~';.:: :!...:!.•.r~ l~=-~-, O • c:no"\:::ir\ l'=~'jth) 

Unit Weight and Slab Thickness 

Using the Guyon-Massonnet method approximation for 
designing slab bridges have been calculated . 
Figure 9 shows the relationship between unit weight 
and length of span for both roadway and pedestrian 
bridges. The unit weight here is exclusive of curbs , 
handrails, shoes, and pavement. Figure 10 shows the 
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for both types of bridges. 

Figure 9. Relationship between unit weight and length 
of span. 
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Figure 10. Relationship between slab thickness and 
length of span. 
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Structural Details 

Steel Plate Thickness . The relationships govern­
ing the thickness of each steel plate of hollow steel 
decks used in roadway and pedestrian bridges are shown 
in Table 2. Each figure represents the minimum thick­
ness. t1, t2, and t3 are explained in the sketch 
attached to Table 1. 

Table 2 . Minimum steel plate thickness of slab bridges . 

(Unit: mm) 

Roadway Pedestrian 
ljricige iii.iulJ~ 

tl 0.035a or 12 0.02aor 6 

t2 8 4.5 

t3 0.0125c or 9 0.0125c or 6 



Stiffener. Both ends of the slab bridge are closed 
by stiffeners (Figure 11). Additional stiffeners are 
placed at the point of each intermediate support of a 
bridge. These stiffeners, made of steel plate more 
than 12 mm (15/32 in.) thick, are welded securely to 
the top and bottom face plate as well as to the core 
plates. They provide for proper distribution of the 
reaction force, as well as securing perfect closure to 
inhibit interior rusting. They also serve as cross 
beams. 

Figure 11. A hollow steel deck under fabrication 
showing stiffeners and spacing struts. 

Pavement 

For roadway bridges having steel decks it is a 
common practice to place a 7-8 cm ( 2 3/4 - 3 1/8 in.) 
layer of asphalt on the steel plate. Mastic asphalt 
is generally preferred. The Honshu-Shikoku Bridge 
Authority is now studying on the method of coating 
the steel plate surface with an adhesive, before 
applying the 3-4 cm ( 1 3/16 - 1 9/16 in.) layer of 
mastec asphalt, and then finishing with a 3-4 cm 
top layer of special asphalt fortified with a selected 
type of rubber or synthetic resin. Asphalt pavement 
is known to substantially improve the surface Slip 
resistance. 

Pedestrian bridges, on the other hand, are usually 
paved with a thin layer of asphalt belended with epoxy 
resin or tiled. 

Corrosion 

Admittedly, interior corrosion may be problem with 
the hollow steel deck, but this can be greatly inhibit­
ed by the perfect closure at both ends of a bridge 
with stiffeners, as mentioned earlier. Furthermore, 
the parts near the abutments at both ends of the 
bridge, which are not easily accessible for mainte­
nance, can also be coated with a tar epoxy point known 
for its durable corrosion-inhibiting performance. 

The use of weather-resistant steel plates will, 
of course, be another effective approach to overcome 
the corrosion problems. 

Fabrication and Erection 

The fabrication sequence for the hollow steel 
deck is shown in Figure 12. 
Core plates forming evenly-spaced triangles are 
welded to a steel plate, actually the top face plate 
of the deck. Next the bottom face plate is welded 
strip by strip to the core plates. 

First each set of two core plates is welded 
together at the prescribed angle as shown in Figure 13 . 
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Figure 12. Fabrication sequence of hollow steel deck. 
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Figure 13. Welding together of core plates . 

The core plates are then welded to the top face plate 
either by the full penetration method using backing 
as shown in Figure 14 or by fillet welding as shown 
in Figure 15. In this step deformation from welding 
is relatively small, abo~t the same as in the fabri­
cation of conventional steel decks. If the bridge is 
to be cambered, the core plates can be cut and curved 
accordingly. 

Figure 14. Full penetration 
method of welding 

Figure 15. 
weldinq 

Fillet 

Next, stiffeners are welded where necessary 
(Figure 11) . In order to strengthen the 
deck against deformation from welding in the 
next step, spacing struts, also shown in 
Figure 11, are welded into place. A plate 
is then welded between the tips of each set 
of core plates, as shown in Figure 16. 
These strips from the bottom face plate. 
The root opening between the strips is 
roughly equal to the plate thickness. 
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Figure 16 . Welding of bottom face plates into 
position. 

Automatic Welding Machine 

Since welding involved in the fabrication of the 
hollow steel deck can all be performed in one direction, 
it is relatively easy to automate the welding operation. 
The authors have developed and tested an automatic 
welding machine shown in Figure 17. 

Figure 17. Automatic welding machine 

This proto-type can weld only one set of core plates 
at a time, and is, therefore, not practical for actual 
use. If further improvements enable automatic, 
simultaneous welding of a multitude of core plates, 
however, it will greatly facilitate fabrication of 
hollow steel decks. 

Erection and Spacing 

The proper size of the prefabricated units of a 
slab bridge depends on the mode and conditions of 
transportation from the shop to the site. In the 
case of land transportation by truck in Japan, 
usually, the dimensions of the load are limited to 
25 m (33 ft.) in length, 3 m (10 ft.) in width, and 
3 m in height. Hence the weight per unit deck does 
not exceed 200 kN. (44 kip.). The most difficult part 
of the erection work is splicing together the 
prefabricated units. As shown in Figure 18, there 
are two modes of splicing involved in the erection 
of a slab bridge, namely longitudinal or side-on-side 
___ ,.,: -.! ••- __ _.'.1 L ---·•- • •---~- -~ 
.::J_t-'..1....1..'-'..l...l.l':::f C.A..l.l\A l...LO.ll.,:)V..:;,.1-._..._ V.L. 
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Longitudinal Splicing. Units which are to be 
longitudinally spliced have a slightly different 
design from that previously described. Edge core 
plates are added, resulting in a trapezoidal cross­
sectional shape, wide at the bottom rather than at 
the top, as can be seen in Figure 11. These units 
are erected side by side with their bottom face plates 
adjoining, as shown in Figure 19a. First, the bottom 
face plates are joined by butt welding. Next, a top 

face plate strip is welded into place, as shown in 
Figure 19b. 

Figure 18. Diagram of splicing. 

I V Transverse splicing 

~----T\--------­

: Lo ngitudi nal spli cing 
I 

Figure 19. Longitudinal splicing 

Weld 

h) 

Although deformation caused by welding is small 
during fabrication, it would be more marked in the 
process described above, as shown in Figure 20, 

Figure 20 . Possible distortion due to longitudinal 
splicing. 

One countermeasure is the addition of splicing ribs, 
properly spaced, and welded to the core plates during 
fabrication (Figure 21) . Before welding on the top 
face plates, these ribs can be boltecl together. They 
also help to position the units properly, facilitating 
the welding. 

Transverse Splicing. Transverse splicing of 
hollow steel decks is very complicated and difficult . 
It has, however, been successful in all three cases 
where it has been tried-one pedestrian bridge and" 
two roadway bridges. 

Again, the decks must be specially designed. 
In this case, the top of the end section of each 
deck to be spliced is left open. After the bottom 
face plate and the core plates are joined, the top 



Figure 21. Splicing rib 

face plates are welded on to the core plates in 
strips, the same as the bottom face plates in the 
fabrication sequence. In the case of the roadway 
bridges, both the bottom face plates and the core 
plates were bolted. The bottom face plates of the 
pedestrian bridge, however, were welded, as shown 
in Figure 22. 

Figure 22. Transverse splicing for pedestrian bridge . 

Examples of Application 

Pedestrian Bridge 

Prefabricated hollow steel decks have been used 
in the construction of many pedestrian bridges. 
Figure 23 shows one example. 

Figure 23. View of pedestrian bridge . 

161 

The dimensions of this bridge are given in Figure 24. 
This bridge was designed for a uniformly distributed 
live load of 4.9 kPa (102 PSF). 
With ~slab thickness of only 1/50 the length of span, 
the bridge has a very slender and lightweight 
appearance. The two prefabricated units 19 m (62 ft.) 
and 12.5 m (41 ft.) long, and each 3 m (9.8 ft.) wide, 
were transported and erected by truck crane. The 
decks were joined by two pin-type hinges at the point 
A in Figure 24, hence no field welding of the decks 
was required. A circular pipe welded securely into 
the deck during fabrication, was welded at point B 
to the same size column pier at the site. 

Roadway Bridge 

Figure 25 shows the dimensions of a roadway bridge 
applying the hollow steel deck. This bridge was 
designed for a 137 kN (30.8 kip.) truck loaded as 
specified in the Japanese Highway Bridge Specifica­
tions. Prefabricated units in sets of two were 
delivered to the site and joined by longitudinal 
splicing along the center line of the bridge as 
described above. Each prefabricated unit was complete 
with curb and shoes, the latter designed with a sand­
wiches core of sheet rubber. 

Temporary Movable Bridge 

Figure 26 shows a temporary movable bridge const­
ructed with a hollow steel deck. This bridge was 
erected below the high water level across a river for 
transportation of soil for the construction of an 
expressway. 

Figure 26. View of temporary movable bridge 

Special wheels were installed in the decks, and 
rollers to the top of the pier and the abutment, 
as shown in Figure 27. Thus, when the river floods, 
the superstructures can be moved to a higher elevation 
along rails on the approach road. The use of the 
hollow steel deck for this kind of bridge allows for 
a lower and lighter weight structure with greater 
rigidity. 

These three examples of bridges successfully 
contructed and in use in Japan show the practical 
application of this hollow steel deck to bridge 
design. Within the accepted limitations this new 
type of prefabricated unit has several advantages 
over those currently in use. The authors are 
confident that the difficulties involved in design­
ing and contructing bridges with this deck can be 
effectively overcome. Through continued research 
and development the authors hope that this prefabri­
cated hollow steel deck will have even wider 
applications. 
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Figure 24. General view of pedestrian bridge. 

11 

Note: 1 nun 0.03937 in. 1 m 

PROFILE 
31 500 

PLAN 

3.28 ft. 

+ 

Figure 25. General view of roadway bridge. 
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Figure 27. General view of temporary movable bridge. 
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APPLICATION AND DESIGN OF PRESTRESSED DECK PANELS 

Robert L. Reed, Texas State Department of Highways 
and Public Transportation 

The purpose of this paper is to review the 
development of precast prestressed concrete 
panels as permanent structurally interacting 
forms in the construction of reinforced con­
crete decks for stringer type bridges. This 
system was used on the Illinois Toll Highway 
in 1957. In 1963 Texas constructed three 
bridges in this manner. Many bridges have 
been subsequently completed using this slab 
construction technique. Precast prestressed 
concrete panels are placed to form a deck 
between adjacent stringers. A mat of rein­
forcing steel is placed and concrete is 
cast-in-place on top of the panels. The 
panels support the wei:ght of the wet concrete 
and then act compositely with it to resist 
subsequent live loads. Design of the panel 
deck system is explained and several aspects 
of fabrication and construction are reviewed. 

Early in the modern era of bridges, it became 
apparent that construction is simplified consider­
ably by using preformed beams (stringers), to span 
from bent to bent. These stringers usually can 
be manufactured under a more sheltered environment, 
delivered to the bridge site by some common mode 
of transportation and erected without the use of 
expensive falsework or shoring. First it was 
timber that was the most readily available stringer 
material, then steel became economical and lately 
precast prestressed concrete beams have been 
developed to accomodate spans of over one hundred 
feet . A deck must be constructed to span the 
space between stringers, adjust elevation differ­
ences and provide a smooth riding surface. Timber 
decks were used originally with timber and some 
steel stringers, but the most popular deck soon 
became reinforced concrete because of its work-
;ihil i tv c:mnnthnP.c:c: ;inrl rl11r;ihilit" Ho~·!'='J'=r~ 

const;~~tio~-~f ~-~o~c~et~ d~ck ha~ never been 
easy. Forms must be tight, supported sturdily 
from the stringers and adjustable for line and 
grade. The concrete must be strong and durable 
and it must be placed and consolidated properly. 
Expert finishing is required to achieve a good 
riding surface. Early on, the deck would cost 
half as much as the stringers beneath. This ratio 
has continued to rise until, in 1977, the decks 
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cost as much as the stringers on Texas bridges. 
Naturally, there have been attempts to reduce this 
cost by devising more efficient svstems for con­
struction of bridge decks. There have been better 
forming procedures developed, including stay-in­
place metal forms, admixtures introduced to improve 
the workability of the concrete without injuring 
the strength and durability, and bigger and better 
finishing machines marketed to replace the skill 
required for producing a good surface. One system, 
which appears to be coming into more widespread 
use in this country, uses precast prestressed 
concrete panels to serve as forms and act with 
a thin cast-in-place slab to provide a bridge 
deck of sufficient strength to carry the live 
load (Figure 1). 

This development did not occur overnight. As 
early as 1957 some of the bridges on the Illinois 
Toll Road were constructed with prestressed panel 
decks (1). No further activity was reported un­
til 1963 when Texas constructed three grade cross­
ing structures utilizing prestressed concrete 
panels. Another five year gap in experience 
followed, broken in 1968 with the letting of Texas' 
Trinity River Bridge near Trinidad (Fig~re 2) and 
others amount~ng to a total of 130,200m 
(l ,400,000 ft ) of panel deck let during the four 
year period ending in 1971. During this time 
research began with an investigation of the 1963 
Texas bridges (Figure 3) and continued through 
1975 with projects conducted by Texas A & M 
University, the University of Florida and Pennsyl­
vania State University on various phases and de­
tails of panel deck construction (2). Another 
two year lapse ensued during which-the Texas 
research was culminated (Figure 4) and some of the 
restrictions governing panel use imposed by the 
FHWA were overcome. Since 197~ there have been 
a steady number of bridges constructed in Texas 
using prestressed concrete panel decks. Other 
cT::i.+oC' h::1uo ::i.l C'I"\ l"nnr+vo11r+n~ ""'='"""'1 ~n .... I,,.. l ~+,..1., _ ............. _ ........... -·~ ........................................ t-' .......... ........... " ................. ., 

and inquiries indicate that still others are 
seriously contemplating their use. It appears 
that the prestressed deck panel method has become 
acceptable for construction of decks on prestressed 
concrete stringers. 

The purpose of this paper, after having re­
viewed the background of panel deck construction, 
is to briefly recap the design concepts and then 
discuss various manufacturing and construction 



problems that influence the economy of the system. 
Design of prestressed panel decks is the same 

as for conventional slabs on stringers, except for 
consideration of the prestressed member as it car­
ries the entire deck dead load and then acts com­
positely with the cast-in-place slab to resist the 
live load (Figure 7). The selection of prestressed 
panel thickness is not vital to the structural de­
sign. It can be as thin as possible to contain a 
layer of seven wire strands or as thick as practi­
cal to allow a slab with the necessary cover to an 
imbedded reinforcing steel grid. The Texas ap­
proach was to maintain the total panel plus cast­
in-place thickness the same as for a full depth 
reinforced concrete slab, with the panel thickness 
in one quarter inch increments, approximately one 
half the total thickness. This has lately been 
considered a mistake because of the multiplicity 
of panel thickness which require different side 
forms. Often two or three different thicknesses 
would be required for one project or even one 
bridge due to the variation of stringer spacing. 

Once the panel thickness is selected and the 
topping thickness estimated, the design can proceed 
to the calculation of required prestressing, mild 
steel reinforcing and evaluation of the thicknesses 
selected. A unit strip of panel is analyzed as a 
plain rectangular beam for stresses due to simple 
beam moments caused by the weight of the panel plus 
cast-in-place slab. Live load moment on the unit 
strip is calculated, using the regular slab on 
stringer distribution formula of A.A.S.H.T.O. 
Article l .3.2(C) and the 80% continuity factor. A 
rectangular section of the total panel and cast-in­
place thickness is analyzed for stress due to this 
moment. The sum of these two stresses, less any 
tension allowable, must be counteracted by the 
prestress. Thus strand size and spacing may be 
determined. Since there has been some question 
about the ability of strands to develope themselves 
for resistance of ultimate moment in the relatively 
short length of the panels, Texas has always used 
9.5mm (3/8" 0) strands. Research has indicated no 
problem with development length, however, and a 
check of the ultimate moment resistance of the 
positive moment portion of the panel deck will 
indicate more than adequate strength using the 
stress that can be developed according to the 
formula in A.A.S.H.T.O. Article l .6.18. The neg­
ative portion over the stringers is analyzed as 
a plain reinforced concrete beam for the live load 
moment as calculated above. The size and spacing 
of transverse mild steel in the top of the cast­
in-place slab is thus calculated. Concrete stress 
will not be critical at this point. The strength 
of the panel concrete is higher than for the usual 
conventional slab and it has been verified by re­
search (3) that compression in the panel due to 
prestressing does not have to be added to the beam 
compression due to live load in establishing the 
required concrete strength. If the results are 
reasonable and compatible with the original assump­
tions, the design is complete. Otherwise new 
thickness assumptions are made and the system 
re-analyzed until satisfaction is achieved. The 
amount of reinforcing perpendicular to the pre­
stressi ng strands is nominal as is the longitudinal 
reinforcing in the cast-in-place portion, except 
that temperature requirements must be satisfied. 
Texas maintains a fairly high amount of longitudi­
nal reinforcing 13mm0 @ 230mm (#4 @ 9") because 
there is a history of fine transverse cracking 
with panel decks and since the most conclusive re­
search used this amount of steel. Composite behav­
ior of the panel and cast-in-place slab, with 
or without steel across the interface has been 
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verified by tests (3,4). The same research failed 
to disclose any problem with composite action of 
the deck with the stringers. Consequently, string­
er design can be the same with panel decks as with 
reinforced concrete deck if the two are of the same 
thickness. 

Panels may be designed to extend past the 
outside stringers into the overhang also (Figure 
2). Openings in the panel are provided over the 
outside beam to match the beam stirrups in order 
to achieve the composite tie. This system was 
used in Texas on a few bridges but has since been 
abandoned due to construction problems considered 
not justified by the advantages thereof. 

Current details for prestressed precast con­
crete panel deck used in Texas are shown in Figure 
8. 

Structural design of the panels has been ad­
equately verified by research and use. Problems 
in manufacture and construction continue to be 
studied so that the cost of adequate panel decks 
can remain competitive. 

Panel decks are not automatically less ex­
pensive than conventional wood formed decks. 
Prices have fluctuated so that it is impossible 
to establish the economy of the panel deck without 
actually taking bids on an alternate or optional 
basis. Until 1974 the panel deck was offered 
for an alternate bid on selected Texas projects. 
The alternate bid items were slab concrete, rein­
forcing steel and prestressed concrete panels. 
During the four big years of 1968-71 prices ranged 
from $1 .15 per square foot for panels to $1 .53 
and from $63 per cubic yard for concrete to $80. 
In 1974 a large project was bid for $.75 per square 
foot with $135 concrete but in 1975 another project 
was bid at $2.58 - $134. During this period panel 
deck construction was not used by the low bidding 
contractors on several other projects. Projects 
selected were usually those with considerable 
repetition of details and also high above the 
ground or over water where form removal is more 
difficult and dangerous. 

Manufacturing problems have influenced the 
cost of panel decks to some degree. Early problems 
involved the reinforcing that protruded from the 
top of the panels. In the beginning there were 
"Z" shaped bars on 457mm (18 in) centers each way, 
one leg of which was in the plane of the strands 
under the transverse bar mat with the other leg 
38mm (1 1/2 in) above the top of panel (Figure 5). 
These bars had to be tied in place before concret­
ing, because of being under the top mat, and they 
interfered with the finishing of the top of the 
panel. Some fabricators tried leaning the "Z" 
bars enough to screed over the top and then lift­
ing them to position and patching the tear left 
in the concrete. Others tried to finish in be­
tween bars. Another problem involved removing 
splashed concrete from the protruding "Z" bars. 
They always got a liberal coating of concrete, 
which took too many man hours to remove. These 
problems were solved by one fabricator by using 
multiple loop "U" bars that could be tied more 
securely than the "Z" bars and employing external 
form vibrators to level the concrete instead of a 
screed (Figure 6). The rough top finish required 
to facilitate bond with the cast-in-place deck was 
provided with a stamp made of expanded metal lath. 
Currently the rough finish is accomplished with a 
stiff broom. 

On the first project using panels extending 
past the outside beam into the overhang, there 
was a considerable problem due to mislocation 
between the stirrup bars protruding from the beam 
and the hole in the panel through which these bars 
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were supposed to be grouted. Where the holes did 
not match it was necessary to cut off the stirrup 
bars and drill and grout an anchor bar into the beam 
to match the hole location. Two other projects did 
not exhibit the problem, but items that were neces­
sary to cast into the edge of the panels, such as 
rail parapet bars, anchor bolts, light brackets and 
deck drains discouraged the use of panels in the 
overhang. Also, vertical offset between bottoms 
of adjacent panels made the overhang somewhat rough 
in appearance. Although overhang panels have proven 
to be structurally adequate, they are no longer us­
ed in Texas. 

A nagging problem that continues to occur is 
cracking of the panels during handling. The panels 
are weak in the direction parallel to the prestress­
ing strands, since they are thin and have the rein­
forcing steel in the middle. There is even less 
than the gross concrete section resisting moment 
since the strands form a weakened section and may 
even create a certain amount of splitting stress 
themselves, as reported by Pennsylvania (4). There 
have been projects with as many as 10% of-the panels 
rejected because of cracking, but there have been 
others with practically no rejects. It is possible 
to deliver crackless panels but very careful hand­
ling is required. The method of lifting must not 
induce severe bending stresses. Panels are usually 
stacked five or six high for deiivery. Four point 
or two line resilient blocking, properly located, 
that bears evenly on upper and lower panels must 
be provided, along with straps or tie-downs located 
immediately over the blocking. Care is still re­
quired by the carrier to avoid unnecessary roughness. 
It has been necessary to develop acceptance criteria 
whereby some cracking parallel to strands is per­
missible. 

With the use of panels on more and more pro­
jects, the problem caused by several different de­
signs to fit various beam spacings became apparent. 
Not all projects are big enough to pay for diffe­
rent side forms and pulling heads. A constant 
panel thickness and strand spacing became highly 
desirable so that a more permanent type bed could 
be provided. Texas' standard details have been 
revised to meet this requirement (Figure 8). It 
was considered and calculated to be structurally 
sound to use 102mm (4 in) thick panels with 9.5mm 
( 3/8" 0) strands on l 52mm ( 6 in) centers for a 11 
beam spacings. This represented a departure from 
original design controls, primarily in the allow­
ance of some tension in the panel under design 
loads. The thicker panel allowed the transverse 
mild steel to be placed below the strands without 
violating cover requirements. Both the thickened 
panel and bottom reinforcing are expected to re­
duce the susceptibility to cracking. Mild steel 
in the form of wire mesh under the strands will 
overcome another problem caused by the requirement 
that no fonn oil be allowed on the strands. Other 
revisions were made to the details in order to im­
prove production economy, including allowance of 
saw cutting square panels to form skewed ends. 

In addition to fabrication problems, there are 
some construction problems that have been encount­
eree with panel decks. Texas has always used con­
stant thickness fiber board strips at the beam 
edges on which to bed the panels. Early attempts 
to glue this material on the beams in the fab­
ricating plant were unsuccessful. Placing the 
strips immediately before erecting the panels is 
more practical (Figure 9). Rough beam tops can 
close the opening between the panel and slab so 
much that grout will not flow in for bearing. It 
was established by trial that grout from regular 
deck concrete would flow into a 3.2mm (1/8 in) 

space. On one early project the beam tops were too 
rough to let grout enter when 13mm (l/2 in) thick 
strips were used. The thickness of the strips was 
doubled. On subsequent jobs the tops of the beams 
outside of the stirrup bars have been trowelled 
smooth for better grout penetration. The portion 
within the limits of the stirrup bars is left rough 
to provide bond between beam and slab. The gap 
left between bedding strips to allow air escape has 
sometimes allowed mortar to escape also. This is 
corrected by placing a short bedding strip behind 
the gap to block the mortar exit while allowing 
the air to escape. 

After the panels are erected, extensive grading 
is required (Figure 10). Because the panels on 
the constant thickness strips follow the camber of 
the beams, it is necessary to adjust to finished 
grade by placing a variable thickness cast-in-place 
slab, usually thicker nearer the bearings and the 
minimum design thickness in the span center. This 
extra thickness occurs through the entire width 
and most of the length of panel deck and can a­
mount to a sizeable increase in concrete quantity. 
It is desirable to keep this overrun to a minimum, 
so bottom of panel elevations are taken for several 
spans ahead of the concrete placement, if practical. 
Grade lines and slopes can then be adjusted slight­
ly if necessary to provide minimum concrete over 
the high points while minimizing the extra thick­
nesses required near the bents. A computer program 
has been provided to assist in these deliberations. 
Initially, Texas paid for this extra concrete at 
bid prices. Then the specifications were changed 
to pay only invoice price for the extra concrete 
since forming and placing costs were hardly affect­
ed. Now the decks are bid by the square foot so 
the overrun is not paid for directly. Pennsylvania 
reported bedding the panels on variable thickness 
strips of grout in order to reduce the cast-in-place 
slab thickness. Sealing of the joints between 
panels has not been a problem. They usually fit 
together closely so that only a little tape or 
caulking is necessary to make them mortar tight. 

Just prior to placing concrete the panels are 
cleaned by high pressure water. There should be 
no free water standing on the panels when concrete 
is placed. This poses no particular problem and 
this type of cleaning appears to be sufficient. 
Occasionally there may be laitance or even adhered 
pieces of curing fabric which will require sand­
blasting to remove prior to concrete placement. No 
grout or paste is required to be scrubbed in be­
fore placement (Figure 11). Placement and finish­
ing of the concrete is very similar to the con­
ventional slab except that it doesn't last as long 
because of the reduced thickness (Figure 12). 

In 1975 prestressed panel decks began to be 
offered as options to conventional decks rather 
than alternates. Payment was made on the basis of 
the plan quantities for the conventional deck. 
This allowed more projects to have panels because 
it was not necessary to prepare complete pl ans and 
calculate accurate quantities for the panel deck. 
In 1977 Texas published a specification that pro­
vided for bridge decks to be bid and paid for b.Y 
the square foot, with the Contractor having the 
option to form conventionally, use stay-in-place 
metal forms or provide a prestressed concrete 
panel deck. This makes allowance of panels very 
easy from the plan preparation stand point and has 
greatly increased the number of projects with 
panel options. Under this system bridges are built 
all three ways. Most are still conventional wood 
formed decks, but some are metal deck and an in­
creasing number seem to be prestressed concrete 
panel decks. They coriLinue to be faVof-ed for long, 



repetitive bridges, although safety requirements 
for solid deck over traveled ways have increased 
their desirability for shorter structures. It is 
anticipated that even further usage will occur when 
the advantage of the current details are fully rea­
lized. 

In summary, the development of prestressed 
concrete panels has been reviewed, structural design 
procedures given, fabrication and construction 
problems discussed and the latest improvements pre­
sented. It appears that panel decks are here to 
stay. Now is the time for someone to develop an 
adequate and economical full depth precast deck for 
stringer bridges. 
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Figure l. Prestressed Concrete panel deck 
schematic. 

Figure 2. Trinity River Bridge near Trinidad. 

Figure 3. Core from 7 year old panel deck. 

Figure 4. Full size prestressed concrete beam span 
with panel deck tested at the University of Texas. 

Figure 5. "Z" Bars were difficult to place. 

Figure 6, "U" Bars with external vibrCltion are 
better. 



Figure 7. Structural analysis of a panel deck. 
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Figure 9. Panels being placed on fiberboard strips. 

Figure 10. Grading the deck after erection of 
panels. 

Figure 11. Concrete placement. 

\ 

Figure 12. Concrete finishing. 
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RECENT DEVELOPMENT OF CONSTRUCTION TECHNIQUES IN CONCRETE BRIDGES 

Man-Chung Tang, P.E., Exec. V.P., DRC Consultants, Inc., N.Y. 
Former V.P. and Ch. Eng., Dyckerhoff & Widmann, Inc., N.Y. 

It is intended to report about various 
construction methods developed for 
concrete bridges. They can be briefly 
listed as f ollows : l) Free Cantilevers, 
2) Segmental on Sliding Form, 3) Span­
wise Segmental, 4) Incremental Launch­
ing, 5) Stage Casting, 6) Cantilever 
on Falsework, 7) Cable-Stayed Canti­
lever, 8) Segmental with Gantry or 
Truss. Most of these methods have 
been employed in the United States for 
the first time within the last 5 years. 
Some are under construction right now. 
Depending on site conditions and 
requirements, combinations of these 
methods can be used. This paper will 
discuss the advantages as well as the 
design problems of these methods. 

Introduction 

The decision of how a bridge should be 
built depends mainly on local conditions. 
These include cost of material, available 
equipment, allowable construction time and 
environmental restrictions. Since all 
these vary with location and time, the best 
construction technique for a given struc­
ture may also vary. 

In this paper, several popular con­
struction techniques now being used in the 
United States and Canada are discussed in 
more detail. Some special methods which 
are now being used in other parts of the 
world are also briefly mentioned. 

c ............... r- ........ .:, ... ...... ~ ,.. ___ .... .. .. -.&..! - -
'I"-''- vUlll;I l'll;;V 'i;; I ' \JVll.;>1,,.I Ul...1..IUll 

The practice of free cantilever con­
struction is quite old. However, it was 
first systematically developed for concrete 
by Finsterwalder and was applied in 1952 
for the construction of the Lahn Bridge in 
West Germany. The basic principle of this 
method is to build the bridge in segments 
cantilevering from the pier in a balanced 
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manner. The segments under construction 
are supported by the already completed 
portion of the bridge. Construction 
starts by casting on top of a pier a short 
portion of the superstructure. Two form 
travelers (Fig. l) are then erected on 
this pier table. The form travelers carry 
the formwork and construction loads for 
the next segment and advance from segment 
to segment as construction proceeds. The 
segments are usually 15' (4.5m) to 16.5' 
(5m) long. Smaller segments under 10' 
(3 meters) have also been used. 

Each working cycle of a cantilever 
segment consists of the following steps: 

l. Move the form traveler ahead. 
This also brings the outside forms along. 

2. Place rebars and tendons in webs 
and bottom slab. 

3. Pull inside formwork forward. 
4. Place rebars and tendons in top 

slab. 
5. Pour concrete after adjusting the 

formwork. 
6. After concrete has reached the 

predetermined strength, stress tendons 
and the next cycle can start. Repeat the 
cycle. 

In most cases, the segments are poured 
in weekly cycles. Shorter cycles, down 
to lY, to 2 days are possible if steam 
curing or special concrete admixture is 
used. In those cases, however, very 
strict quality control at the jobsite must 
be maintained. 

The advantages of cantilever construc­
tion are: 

1 C' "3 , ,.. ..... ... ,.. ..... 1.. ~ ,. .... ..... ... .... ......... '~ ...... ,.., 
1 \A I o.J"- ""-'I I' I J II V \o I \,,; '-t U I I \,;;; U • 

2. The repetitive cycle of the same 
work in each segment produces high labor 
efficiency. 

3. Form travelers, equipped with 
hydraulic and mechanical devices for form 
stripping, moving, and resetting, mecha­
nize the forming work. 

4. Each segmental form is used many 
times, resulting in reduced forming 
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material cost. 

These advantages have made prestressed 
concrete bridge construction most economi­
cal for the following conditions: 

l. Terrain that makes falsework con­
struction very expensive and difficult or 
even impossible. 

2. Clearance requirements for ship, 
rail or street traffic that forbids false­
work. 

3. Length of bridge which allows many 
repetitive segment cycles taking advantage 
of labor efficiency and small formwork 
material and elimination of falsework cost. 

The first long-span bridge constructed 
by this method in North America is the 
Knight Street Bridge (Fig. 2) in Vancouver 
with 360' (llOm) span. 
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pig. 2 Knight Street Bridge 

The Pine Valley Creek Bridge (Fig. 3) 
in California is the first in the United 
States. This spectacular bridge with a 
450' (137m) main span and 350' (107m) high 
piers marks a successful introduction of 
the cantilever bridge construction to the 
United States. After the Pine Valley 
Creek Bridge, there have been a number of 
free cantilever bridges in the United 
States and Canada: the Kipapa Stream 

Bridge in Hawaii, the Grand Mere Bridge 
in Quebec and the world's record span of 
Koror-Babelthuap Bridge (Fig. 4) in the 
U.S. Trust Territory. This latter struc­
ture with its 790' span connects the two 
islands of Koror and Babelthuap. The 
tidal current of the strait prohibits 
the construction of any intermediate 
piers. Cantilever construction is the 
only possible method for this structure. 
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Several long-span cantilever bridges 
are under construction today. The 640' 
(l95m) Parrotts Ferry Bridge in California 
will be the longest in the continental 
United States and the 700' (213.4m) 
Shubenacadie Bridge (Fig. 5) in Nova 
Scotia will be the longest in Canada. 

Fig. 3 Pine Valley Creek Bridge 

spans are small. In the Ki papa Bridge 
which has 250' ( 76. 2m) spans, the trans­
fer was made easy by use of a large crane 
which can pick up the whole form traveler 
and transfer it from one pier to the next 
without dismantling and reassemblage. If 
such an equipment is not available, other 

Fig. 5 

I 
1 

Shubenacadie Bridge 

Fig. 4 Koror-Babelthuap Bridge 

Fig. 6 Siegtal Bridge 

Ca nt i lever Con str uc t ion with Gantry or 
Truss 

In cantilever construction, the trans­
fer of form travelers from pier to pier 
is a major expenditure, especially if the 

methods of transferring the form traveler 
can be used. The Siegtal Bridge (Fig. 6) 
in West Germany was the first bridge using 
an overhead gantry. The form travelers 
were suspended from the gantry and were 
moved from one pier to the next by 
winches . The same truss was also used for 
material and personal transportation . In 
the Si~gtal Bridge, which has rocker 
bearings at the piers, the unbalanced 
moment of the cantilevers in the construc­
tion stages is also carried by the gantry. 

Since the form travelers are trans­
ported by the gantry, it is not necessary 
to have a pier table constructed on local 
scaffolding. After the form travelers 
are placed on top of the new pier, they 
~=~ b~ ~c~~e~tc~ t: ~a~h ~th~~ ~~d t~~: 
provide the formwork for the first two seg­
ments. The unbalanced moment of the canti­
lever is transferred to the gantry by tying 
the finished part of the superstructure to 
the gantry at both ends. 

This met~od of constructing cantilever 
bridges has been further developed in 
recent years. Many varieties are avail­
able. Recently Finsterwalder suggested the 
use of 10' segments and 2-day cycles, a 



procedure which might be convenient for 
many structures. 

The writer has suggested to use a 
double truss running underneath the bridge 
instead of the overhead gantry. The advan­
tage of using this double truss is that 
longer segments can be cast because the 
formwork is supported directly by the 
truss. Thirty foot (9m) segments are 
usually found economical for this scheme. 

Either the overhead gantry or the 
underlying trusses can be used for both 
cast-in-place and precast construction. 
Because the precast units have to be 
transported and erected in single pieces, 
their weight must be kept to a manage­
able limit. Therefore, the segments in 
the precast scheme are usually shorter, 
mostly between 5' to 8' (l.5m to 2.4m). 

The Kishwaukee River Bridge (Fig. 7) 
in Illinois is a precast segmental bridge 
to be erected by means of a gantry. The 
typical segments are f feet (2.lm) long 
and all tendons in the bridge are straight. 

Fig. 7 Kishwaukee River Bridge 

Cantilever Construction with Tem porary 
Sup por t s 

If the bridge span is too short for 
free cantilever construction and the 
project is too smal 1 to warrant the use 
of a gantry, the bridge still can be 
built advantageously by the cantilever 
method but with temporary supports. The 
Miller Creek Bridge (Fig. 8) at Vail Pass 
in Colorado is a good example of this type 
of construction. To eliminate the work of 
reassemblage of form travelers from pier 
to pier, the construction of the bridge 
starts from both abutments and continues 
segmentally towards the center of the 
bridge. When the cantilever has reached 
half the span length, the weight of the 
subsequent segments is carried by tem­
porary supports which are usually placed 
under every second segment. These tem­
porary supports can be removed and reused 
for the next span after the next canti­
lever has reached approximately half span. 

The method is economical if local 
supports are allowable and the superstruc­
ture is not very high above the ground. 
It retains practically all the advantages 
of free cantilever construction. In 

Fig. 8 Vail Pass Bridge 

L'™~ r 

Fig. 9 Use of Staying Cables 

addition, the finished portion of the 
superstructure can serve for the trans­
portation of material and personnel 
during construction. 

Cantilever with Staying Cables 

Sometimes, temporary support as 
described in the last paragraph may not 
be permitted under local circumstances 
due to environmental restriction, very 
high piers or bad soil conditions, In 
this case staying cables can be used 
to replace the temporary supports 
(Fig. 9). This method has been used 
successfully for many bridges in 
Europe; one of these is the Berlin 
Bridge in West Germany. In North 
America this method has not yet been 
used. However, a similar system to 
this construction is actually the 
cable-stayed bridge, for example, the 
Pasco-Kennewick Bridge in Washington . 
This is a precast concrete bridge 
constructed in the cantilever method, 
and supplemental cables are used to 
erect the precast segments which weigh 
up to 300 tons a piece. The Hoechst 
Bridge in West Germany is an alter­
native in the cast-in-place method. 
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Span-wise Construction 

If the bridge span is relatively 
sma l"l, very often a much larger pour, 
say one whole span, can be justified. 
In this case, putting the construction 
joints at about the inflection point 
appears to be logical. Every time, 
one span of the bridge from inflection 
point to inflection point can be con­
structed at the same time. The formwork 
can be removed after the post-tensioning 
of this span has been completed. In 
this way only one set of formwork equal 
to the length of one span is required 
for the whole bridge. This scheme is 
very suitable for multi-span bridges. 
One of the first of this type is the 
Elz Valley Bridge (Fig. 10) 

Fig. l 0 Elz Valley Bridge - Spanwise Construction 

in West Germany. This bridge was 330' 
(lOOm) above the valley, which ruled out 
any kind of falsework support. A form 
carrier was used to cast one span each 
time. This early scheme had the shape 
of a mushroom. The cross-section for 
this 123' (37.5m) span and 100' (30m) 
wide bridge was solid and varied from 
l '-10" (0.56m) to 8'-0" (2.5m). The 
form carrier of this bridge was 
understandably quite heavy. 

Fig. 11 Fichera Bridge 

However, the construction was speedy. 
After the initial assemblage and start­
up, a two-week cycle for each span was 
achieved. 

After the Erz Valley Bridge had been 
successfully constructed by this method, 
a number of other bridges were built in 
the same manner, notabl y the Fichera 

Bridge (Fig. 11) in Italy and the Brenner 
Autobahn Bridge (Fig. 12) in 
Aµstria. Several new bridges in other 
parts of the world are under construc­
tion by a similar method (Fig. 13-15). 

If the piers are not very high, 
falsework can be used instead of the 
form carrier. This method was used 
for several smaller bridges in the 
United States and Canada. For example, 
the Cumberland Bridge in Maryland, the 

Fig. 12 Brenner Autobahn Bridge 

Clayton County Bridges (Fig. 16) in 
Georgia and the Bedford By-Passes No . l 
and No. 2 (Fig. 17) in Nova Scotia are 
designed and constructed in this method . 

To allow for a simple construction 
in this type of bridge, the layout of 
tendons should follow a specific pattern 
so that all tendons can either be termi-



nated or coupled and extended at the con­
struction joint. However, after the 
construction of so many bridges of this 

type, various details are available to 
satisfy these requirements. 

Fig. 13, a & b Ohlstadt Bridge, West Germany - Bridge & Formwork System 

Fig. 14 Elevated Highway, Milan Fig. 15 Expressway, Rome-Florence 

Fig. 16 Clayton County Bridge Fig. 17 Bedford By-Passes 
Georgia 
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Segmental Construction on Sliding Forms 

When a bridge span becomes larger, 
span-wise construction becomes ineffi­
cient or difficult due to the large 
quantity of concrete which has to be 
cast at one time. An alternative to 
this is the construction using sliding 
forms. 

The bridge span is divided into a 
number of segments which vary between 
40' (12m) and 75' (23m) in length. 
The main post-tensioning of the span 
will be done after one span is fin­
ished, which is in principle the same 
as the span-by-span construction. How­
ever, partial post-tensioning after 
construction of each segment must be 
provided to take care of any bending 

' stresses that may occur due to false­
work settlement or other reaons. The 
best length of segments depends on the 
local conditions and the size of the 
bridge. The idea is to limit the 
quantity of material to be handled in 
each segment to a manageable dimension. 
Normally a one-week cycle for each seg­
ment is reasonable except for the first 
few segments. 

Fig. 18 Eel River Bridge 

The Eel River Bridge (Fig. 18) in 
northern California was the first in the 
United States constructed by this method. 
The segments were about 40' (l2m) long. 
After each segment was poured, the out­
side formwork was pushed ahead to the 
next segment, and the inside formwork 
would follow after the reinforcement and 
post-tensioning tendons were installed. 
The construction time had been slightly 
over l week per cycle for a bridge segment. 
ThP tnt;il l<>nni"h nf f;ilc:<>wnl"lt "'"" "hn11t 
2~i ~~-i~e-i~{~i ~~n~i~-~~ - i~e--~~i~~;:-and 
the formwork was about 3% of the total 
contact form area. Considering the high 
cost of form- and falsework for bridge 
construction, the saving in this method is 
evident. 

An alternate to this method is shown 
in (Fig. 19) by using a truss and temporary 
supports. 

Stage Casting 

Another alternative to the span-wise 
construction for longer spans is the stage 
casting method. In the segmental method 
on sliding forms, the bridge is separated 
into segments by vertical construction 
joints. In the stage casting method the 
bridge is separated by horizontal ~on­
struction joints into horizontal slices. 
For medium-span bridges the falsework for 
a whole span can be very expensive due to 
the weights of the bridge, especially if 
the bridge is high and a gantry has to be 
used. In order to reduce the weight which 
is supported by the truss or falsework, 
the bridge can be designed in such a way 
that part of it is supported by the 
previously built parts. 

The Denny Creek Bridge is the first 
bridge designed in this way. It is 
2600' (793m) long and has regular spans of 
188' (57.3m). The highest pier is about 
180' (54.9m). Because of the high piers 
and because of the soil conditions at the 
site, falsework is not permitted. There­
fore the writer suggested that the bridge 
be constructed in stages. (Fig. 20) 

The bottom part of the box, the U-

Fig. 19 Sliding Form on Truss 

shaped bottom slab and the webs of this 
bridge, is designed to carry the load of 
the middle part of the top slab, and the 
closed box will carry the wing slab. In 
this way, the truss is required to carry 
only the weight of the "U" which is approx­
imately l/3 of the weight of the bridge. 
After the "U" has been post-tensioned, the 
truss can be advanced to the next span. 
(Fig. 21) The top slab of the "U" will be 
constructed by means of a sliding form 
1.1h~rh +~~\1olc ~nc~~o +ho hnv nno ~~~n 
.... . - •• ... • - ..... ' - • '. - • .... ... ... • '... .... .... '" u '.... - ,.. ... '. 

after the truss, and then the wing slab 
will be cast by another form carrier one 
span after the inside form so that all 
three parts of the cross-section can be 
under construction at the same time, but 
at different locations. It is estimated 
thai a two-week cycle for each span can 
be achieved after the learning period 
of a few spans. 
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STAGE I 

Fig. 20 & 21 Denny Creek Bridge - Stage Construction 

Incremental Launching Method 

The method as developed by Leonhardt 
has been applied very successfully to 
many bridges all around the world. The 
first of this type of bridge in the 
United States was built in Indiana 
{Fig. 22), and it can be anticipated 
that this method will gain popularity 
in the United States. 

This method can be classified as 
segmental construction because it is 
cast in 40'-80' (12m-24m) segments but 
all at the abutment. It is very similar 
to an extrusion method used by the 
aluminum manufacturers. After each seg­
ment is cast, the bridge will be pushed 
out from the abutment so that the next 
segment can be cast right against the 
previous one. To simplify the con­
struction, it is normally done in cast­
in-place method and the formwork is two 
segments long. While the webs and top 
slabs of one segment are being cast, the 
bottom slab of the next segment will be 
poured simultaneously so that the use of 
the labor force can be more efficient. 
A steel girder is attached to minimize 
the cantilever moment at the front end 
of the bridge. {Fig. 23) The post­
tensioning of the bridge during launch­
ing is mainly centrical post-tensioning 
because the bending moment in these 
stages are reversible due to the ever­
changing support conditions. 

The launching of the bridge is done 
by mechanism at the abutment. A simple 
method is to first lift the bridge 
slightly off the abutment by a hydraulic 
jack and use another hydraulic jack to 
push the bridge forward. Pulling devices 
have also been used for some recent 
bridges. Teflon pads and steel plates 
are used at the piers to reduce friction 
to about 2 to 3% of the vertical load. 

There are certain restrictions for 
this type of construction. It is evi­
dent that the foundation at the abutment 
must be very sturdy. The superstructure 
must be either completely straight or 
has a constant curvature. Temporary sup­
ports are required for spans over about 
l 60' ( 49m), and the bridge should be 
slightly deeper than a comparable bridge 
built by other methods. 

~1~JC3 
~3 ll\~' 4 187'-0" '3'6°1 ~ ¥lo • .~ .... J >· 

Fig. 22 Wabash River Bridge 
Indiana 

casting 
area 

~_,,.1 ~ 
temporary suppotts 

~-h-i n_g__.1~lLo_s_e __ tL-----~LL._ 

Fig. 23 Incremental .Launching 

Recently, there have been bridges 
with more difficult geometric configura­
tions being constructed in Europe by ·this 
method. For certain given local condi­
tions, this may be feasible or even 
economical. 
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Cu111L> i r1d Li ur1s uf 01 fferent Methods 

The various construction methods dis­
cussed can be combined in different ways 
to suit the local situation. For exam­
ple, in the Koror-Babelthuap Bridge, 
while the free cantilever construction 
was the only method for the main span, 
the side spans of this bridge were con­
structed on falsework because the ground 
level at this area was very close to the 
soffit of the bridge. Taking further 
advantage of this local condition, the 
ground level at the side spans was built 
up to approximately the soffit level of 
the bridge with sand-fill and only a very 
light falsework was required for this part 
of the bridge. This was especially advan­
tageous because lumber was very expensive 
in this area and the only available local 
lumber supplier produces only two-by­
fours. 

t CANT. CONSTIL CANT.CONSTR. 

]ffi"' TEMP. SUPPORTS 

CANT.CONSTR. CANT.CONSTR. 

~,.---t-t _[ _t_t_[_t -t _TI_t _t r-

t°N FALSEW ~ 

~111111IT JI m 11111)1 
FALSEWORK 

t CANT. CONS TR . ,.I,. C. C t c. c .,IJ:ANT . CO NSTR. t 

'9'tt[ [ 1Ifttr 
Fig. 24 Vail Pass Bridges 

Another example of a combination 
mPthnrl ic +hQ \l~il D~cc R~i~noc {~in ?A\ -- · -· · - -· · - ·-·· ·--- - · ·- :;J---· \' •::J• ..... , 

There are four bridges of similar size in 
the same project, however, the topography 
of these bridges differs. After careful 
consideration of all local conditions, 
different construction methods were pro­
posed for these bridges using free canti­
levers, temporary supports and falsework 
construction. It was significant that 
all four bridges were finished in one 
season. 

An ingenious application of two com­
bined construction methods is the Main­
Flingen Bridge in West Germany. This is 
a girder bridge with a main span of 436' 
(133m) over a navigational channel. This 
type of bridge has traditionally been 
built by the free cantilever method. How­
ever, the design and construction team 
used a combination of cable stays and 
incremental launching so that the bridge 
was built in segments at both abutments 
and launched incrementally over the main 
span simultaneously. 

A similar but significant construc­
tion is now under way for the Danube 
Bridge in West Germany. This cable­
stayed bridge will be built by the 
incremental launching method on temporary 
supports. The towers and cables will be 
constructed after the bridge girder has 
been finished. This combination of 
methods is in sharp contrast to the last 
bridge. Th i s is a cable-stayed bridge 
but built on falsework as a girder bridge, 
while the Main-Flingen Bridge is a girder 
bridge but uses temporary cable stays. 

This last example shows that the 
method of construction of any given bridge 
should be left to the contractor to decide . 
The best method or the most economical 
construction depends very much on the 
experience of the contractor, the equip­
ment he can have available, the environ­
mental constraints of the bridge site, 
etc. which are mostly unknown to the 
design engineer who has to work on the 
structural analysis normally 4 to 5 years 
before the bridge was out for tender. To 
restrict the contractor to a specific 
method using specific types of equipment 
could only result in a very expensive 
bridge and very often to inferior 
quality because this may or may not be 
in the experienced area of the success-
ful bidder. As an engineer or as an 
owner, the final product -- the bridge, 
is of concern but not the intermediate 
stages of how the bridge is built. 

Spe cial Requirements in Advanced 
Construction Techniques 

It is understandable that a certain 
amount of engineering work is involved 
in applying any advanced construction 
technique. A bridge that is built in 
several stages or in many segments does 
not behave exactly the same way as a 
bridge that is built totally on false­
work. The reinforcement and post­
tensioning requirements may also differ. 

There are three imporLant areas that 
the engineering and construction team 
has to consider: 

l. Stress analysis during construc­
tion: Because the loadings and support 
conditions of the bridge are different 
from the finished bridge, stresses in each 
construction stage must be calculated to 
insure the safety of the structure. For 
this purpose, realistic construction loads 
must be used and the site personnel must 
be informed of all the loading limitations. 
Wind and temperature are usually signifi-



cant for construction stages. 
2. Camber: In order to obtain a 

bridge with the right elevation, the 
required camber of the bridge at each 
construction stage must be calculated. 
It is required that due consideration be 
given to creep and shrinkage of the con­
crete. This kind of calculation, although 
cumbersome, has been simplified by the use 
of computers. 

3. Quality control: This is impor­
tant for any method of construction, but 
it is more so for the complicated con­
struction techniques. Curing of concrete, 
post-tensioning, joint preparations, etc . 
are detrimental to a successful struc­
ture. The site personnel must be made 
aware of the minimum concrete strengths 
required for post-tensioning, form removal, 

falsework removal, launching and other 
steps of operations. 

Generally speaking, these advanced 
construction techniques require more 
engineering work than the conventional 
falsework type construction, but the 
saving could be significant. 

Closure 

As materials and construction equip­
ment are being improved continuously, new 
ideas of bridge construction will appear 
from time to time. It is hoped that this 
paper has made available some of the 
existing experience which may be helpful 
for the development of other new 
approaches. 
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SffiMENI'AL BRIJX;E CONSTRUCTION IN WESTERN EUROPE - IMPRESSIONS OF AN !RF STUDY TEAM 

Craig A. Ballinger and Walter Podolny, Jr., Department of Transportation 

In April of 1977, under the sponsorship of 
the International Road Federation, a five-
man team of U.S. bridge engineers visited 
western Europe to study segmental prestressed 
concrete box girder bridges. The purpose of 
study was to examine and evaluate the current 
construction methods and design considerations 
for this type of bridge. The team visited 
bridges under construction and completed in 
west Germany, Austria, Northern Italy, Denmark, 
Holland, and France. Technical meetings were 
held with representatives of leading European 
design firms as well as bridge engineers from 
the governments of west Germany, Holland, and 
France. These meetings involved technical 
discussions of design, construction, and 
serviceability aspects. This paper presents 
information gathered during these visits and 
discussions on the following topics: construc­
tion with precast and cast-in-place concrete; 
erection by balanced cantilever, span-by-span, 
progressive placing, and incremental launching 
methods; design considerations relating to live 
load requirements, segmental joints, allowable 
tension in concrete, crack control, temperature 
gradient, shear keys, etc. 

In April of 1977, a five-man engineering team 
sponsored by the International Road Federation, of 
which the authors were privileged to be members, 
embarked on a study tour of segmental bridge con­
struction in western Europe. The objective was to 
determine and report on the current state-of-the-art 
and developnent of segmental bridge construction. 

In addition to the authors, the study team was 
composed of the following representatives of govern­
ment and private industry: Michael J. Abrahams, 
Project Engineer, Parsons Brinkerhoff Quade & 
Douglas, Inc.; Thomas Alberdi, Jr., Deputy Design 
F.nainPPr- ~t-r11rt-11rP~- J;"tlnrirl.:::r. q_t-:::at-c J"'\t:lon:::ar+-mon+- n-f 

Tr~sportation; and Th~~~ -j:- Ii~i\;~y~-vi~;--P~~siaent 
of Engineering, Research and Developnent, Rocky 
Mountain Prestress, Inc. 

'Ihe group traveled to West Germany, Austria, 
Northern Italy, Denmark, Holland, and France. Meet­
ings were held with internationally recognized engi­
neers on segmental prestressed concrete bridges 
including designers, contractors, and government 
officials. These meetings involved detailed 
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discussions relating to the design, construction, 
and serviceability of such bridges. The group also 
visited the sites of numerous segmental bridges; 
both under construction and completed. 

Types of Segmental Construction 

Segmental bridges may be categorized by two 
classifications: (1) the condition of the concrete 
at the time of erection, that is, precast or cast­
in-place; and (2) the method of construction. 

In precast segmental construction short 
segments are cast in a plant or near the job site 
under factory simulated conditions, but always at 
some location other than their final position in 
the structure, and then assembled in place. The 
cast-in-place segmental construction is such that 
the bridge is cast in situ in a series of steps. 
Both precast and cast-in-place construction produce 
essentially the same final structure, both concepts 
are viable ones, both have been consummated, and 
both have been successful. 

The second classification of segmental bridges 
is by the method of construction. Generally, the 
method of construction can be divided into four 
types: (1) balanced cantilever, (2) span-by-span, 
( 3) progressive placing, and ( 4) incremental launch­
ing (push-out construction), or what in Germany is 
called "taktschiebeverfahren." 

Balanced Cantilever 

The balanced cantilever method simply 
cantilevers segments from a pier in a balanced 
fashion on each side of a pier until mid-span is 
reached and a closure pour is made with a previous 
half-opun cantilever from the preceding pier. Then 
the procedure is repeated until a structure is 
completed. At most, the pier will only be out of 
b.:tlw.iCC b:l Vi"'1C ~mcr-.t, ·.-kiict-1 CQ.!1 bt: QCCUffU1-1WaLt:U 

by a moment resistant pier or by a temporary brace. 
Until recently, the balanced cantilever method 

has been the only form of segmental construction 
used in the United States. It was used on bridges 
at Corpus Christi, Texas and on the Vail Pass in 
Colorado. Precast segments were used on both 
bridges. Cast-in-place segments were utilized 
on the Pine Valley Bridge in California and the 
Kipapa Bridge in Hawaii. 



For cast-in-place construction, the moveable 
formwork is supr:orted from a "form traveller" that 
cantilevers from the previously completed r:ortion 
of the bridge, Figure 1. New segments are formed, 
cast, and stressed .to the previously erected sec­
tions. In some cases, such as the Vejle Fjord 
Bridge in Denmark, Figure 2, a launching girder may 
be used to stabilize the structure for segments out 
of balance and to transr:ort materials to the loca­
tion of casting. As a cantilever is completed, the 
launching girder is advanced to the next pier. 

Similarly in precast construction, a launching 
girder may be used to transr:ort the precast segments 
to the end of the partially erected cantilever for 
attachment, as indicated in Figure 3 for the 
Sallingsund Bridge in Denmark. 

Span-By-Span 

In long, viaduct-type structures segmental 
span-by-span construction is particularly advan­
tageous. 'ltle superstructure is executed in one 
direction, span-by-span, by means of a moveable 
form carrier, Figure 4. Construction joints or 
hinges are located at the r:oint of contraflexure. 
The form carrier, Figure S, is a type of factory, 
transplanted to the job site, with all of the advan­
tages of chain production, normally r:ossible only 
in precast yards, and with the advantage of flexi­
bility in shaping of cast-in-place concrete to suit 
field conditions. The moveable form carrier may be 
supr:orted on the piers, Figure 6; or from the edge 
of the previously completed construction, at the 
joint location, and at the forward pier. In some 
cases, as in the approach spans of the Rheinbrucke 
Dusseldorf-Flehe, the moveable formwork is supr:orted 
off the ground, Figure 7. The bogies of the form 
carrier may either run above or below the level of 
the bridge deck. Bogies below deck are more suit­
able for bridges close to the ground; for high ele­
vated roadways, the above-deck type is easier to 
handle. 'ltle moveable form carrier consists of a 1 
steel superstructure which is moved over the com­
pleted bridge. The large formwork elements are 
suspended from steel rods during concreting and 
are rolled forward, after the suspension rods have 
been removed, by means of the structural steel 
outriggers on both sides of the superstructure, 
Figure 8. 

Several rather long bridges using this system of 
construction were executed on the Brenner Autobahn 
in Austria near Innsbruck, Figure 9. Footings and 
piers were placed from a 3-m ( 9. 8-ft) wide path 
which had been built along the alignment. Construc­
tion of a typical 30-m (98.4-ft) span superstructure 
was 8 calander days. At the Brenner Autobahn, in 
Italy, sections of elevated highway up to a length 
of approximately 2.5 km (1 1/2 m) have been con­
structed using form carriers with bogies above 
the level of the bridge deck, Figure 10. 

Another typical example for this type 
construction method is the approximately 7-km 
(4.3 m) long elevated highway, part of an Autostrade 
in Sicily, Figure 11. The mushroom-shaped slab of 
the superstructure, similar to column capitals in 
flat-plate building construction, is r:ost-tensioned 
in the longitudinal and transverse directions, Fig­
ure 12. The Tangenziale Milano, an intercity ele­
vated highway, was constructed using a form carrier 
with bogies below the deck, Figure 13. A typical 
longitudinal and transverse section of the structure 
is shown in Figure 14. In the longitudinal section, 
with construction proceeding from left to right, the 
construction joint is located at the forward edge of 
the mushroom capital. The span-by-span type of 
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Figure 1. Form travelers. 

Figure 2. Launching girder, Vejle Fjord Bridge 

Figure 3. Launching girder, Sallingsund Bridge 



184 

Figure 4. Moveable fonn carrier. 

Figure 5. Moveable form carrier. 

Figure 6. Moveable form carrier. 

Figure'/. Ground supported form carrier, 
Rheinbrucke-Dusseldorf-Flehe. 

Figure 8. Moveable form carrier. 

Figure 9. Brenner autobahn - Innsbrucke, Austria. 



Figure 10. Atzwang Bridge, Brenner autobahn, Italy. 

Figure 11. Viaduct Fichera - Sicily. 

Figure 12. Viaduct Fichera - Sicily . 
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construction is being utilized for the first time in 
the United States on the Denny Creek project in the 
State of Washington. 

Progressive Placing 

Progressive placing is similar to the span-by­
span method described above in that construction 
starts at one end of the structure and proceeds 
continuously to the other end of the structure. 
The span-by-span method is used for cast-in-place 
construction; whereas, the progressive placing 
method is used for precast construction. The 
progressive placing method derives its origin fran 
the balanced cantilever concept. However, for this 
method the precast segments are placed continuously 
from one end of the structure to the other, in 
successive cantilevers fran the same side of the 
various piers rather than by balanced cantilevers 
from both sides of each pier. 

At the present time this method appears to be 
practicable in span ranges fran 30 to 50 m (100 to 
160 ft) , where the balanced cantilever method is 
generally not economical. Because of the length 
of cantilever (one whole span) in relation to the 
construction depth, the stresses become excessive 
and a movable, temporary stay arrangement must be 
used to limit the cantilever stresses to a reason­
able level. The erection procedure is illustrated 
in Figure 15. This method of construction was not 
observed during the study tour. 

Incremental Launching 

More recently, a new variant, or new generation, 
of the segmental concept has evolved, which in 
Germany is called TAKTSCHIEBEVERFAHREN. Li tterally 
translated Taktschiebeverfahren means "phased shov­
ing concept," in this country it is referred to as 
incremental launching or push-out construction. 
This concept was first implemented on the Rio Caroni 
Bridge in Venezuela built in 1962/63 by its origi­
nators Willi Baur and Dr. Fritz Leonhardt of the 
consulting firm Leonhardt and Andra, Stuttgart, 
West Germany. (1,2) 

The bridge suEierstructure is constructed in an 
on-site factory in stationary forms behind the 
abutment in lengths of 10 to 30 m (32.8 to 98.4 ft), 
Figure 16. Thus, each segment length cast repre­
sents one "incremental shoving length" of the 
superstructure. After a segment reaches sufficient 
strength, it is post-tensioned to the previous seg­
ment and the entire superstructure in pushed out 
longitudinally one increment length. The succeed­
ing segment is then cast against its predecessor. 
Normally, a work cycle of 1 week is required to cast 
and launch a segment, irrespective of its length. 
Operations are scheduled such that the concrete can 
attain sufficient strength over a weekend to allow 
launching at the beginning of the next week, 
Figure 17. Fabrication of the on-site factory can 
be in the open or, in the case of inclement weather, 
a protective covering can be provided. In some 
instances, the bridge is launched with curbs and 
rails in place. 

Bridge alignment in this type of construction 
is either straight or on a curve; however, the curve 
must be a constant radius curve. This requirement 
of constant rate of curvature appl:j.es to both 
horizontal and vertical curvature. The Val Ristel 
Bridge in Italy, which was incrementally launched 
on a radius of 150 m (492 ft), is illustrated in 
Figure 18. 
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Figure 13. Tangenziale Milano. 

Figure 14. Tangenziale Mi lano . 

fu'.f 
·1:· · -· -.~-

Figure 15. Progr essive pl acing erection procedure. 

To counteract the varying bending moments that 
occur during the launching operations, the super­
structure is concentrically prestressed. In addi­
tion, a launching nose, Figure 17, is provide in 
order to preclude the developnent of excessively 
large bending moments during launching. 

The concentrically prestressed superstructure 
is pushed forward longitudinally in successive 
increments by means of hydraulic jacks. To accommo­
date the movement of the superstructure, temporary 
sliding bearings are installed on the piers. These 
bearings are made of teflon- (PTFE-) faced steel­
reinforced neoprene pads which slide on polished 
stainless steel plates, Figures 19 and 20. 

There are two methods of launching. The 
method used on the Ri o Caroni Bridge has the 
jack bearing on an abutment face and pulling on 
a steel rod, which is attached to the last seg­
ment cast by launching shoes. The second, and 
more current, method consists of horizontal and 
vertical jacks, Figure 21. The verticul jack 
slides with a teflon plate at its base on a stairr 
less steel plate and has a friction element at the 
top to engage the superstructure. The vertical 
jack lifts the superstructure approxin1ately 5 mm 
(3/ 16 in) for launching. The horizontal jack 
then moves the superstructure longitudinally. 
After the vertical jack has moved one stroke of 
the horizontal jnck, the vertical jack is lowered 
and the horizontal jack is retracted to restart 
the cycle. (2) 

This construction technique has been used for 
spans up to 60 m (197 ft) without the use of tempor­
ary falsework bents. Spans up to 100 m (328 ft) 
have been built utilizing temporary supporting 
bents. Girders must have a constant depth, which 
is usually l i l2 to 1/16 of the longest span. 

An example of this type of construction is the 
Muhlbachtalbrucke, about 50 km (31 m) southwest of 
Stuttgart, Figure 22. This structure has an overall 
length of 580 m (1,903 ft) with 43 m (141 ft) spans. 
The far-side trapezoidal box girder which has been 
completed fran abutment to abutment, is shown in 
Figure 22. The near-side trapezoidal box girder 
has been launched form the left abutment and the 
launching nose has reached the first pier. There 
is a horizontal curvature to the bridge. A view of 
the underside of the twin boxes, Figure 23, showns 
the longitudinal closure joint that has not yet been 
poured. 

Another example is the Talbrucke Rottweil­
Neckarburg Bridge , 80 km (50 m) southwest of 
Stuttgart, Germany, Figure 24. The bridge deck 
consists of two incrementally launched box gir­
ders supported by cast- i n-place segmental arch 
ribs. The 364.98-m (l,197-ft) long roadway deck 
is 94.77 m (310.9 ft) above the Neckar Creek. The 
arch span is 154.4 m (506.6 ft) with a rise of 
49.85 m (163.5 ft). The total structure width is 
31 m (101. 7 ft) constructed in two longitudinal 
halves. 

Figure 24 shows the bridge under construction, 
just before closure of the firsl arch rib. During 
construction, a two-cell arch rib is temporarily 
tied back to rock anchors by Dywidag bars which pass 
......... ...... .... - ...... __ r.<i.!-·- - - <"'\r:' ml-- ,: __ _ ___ ____ , _ .,., - ., ' ., 
"VY ......... u. 1:-' .......... , .... ..L":;t"·u .. ,.;.- ~-'· .LU..:= .Ul\,;J..Qllt:::Ul-a..L..L}' ..LaUJ.J\,.,;Ut'\.J. 

deck and the launching nose are shown in Figures 26 
and 27. The deck spans are 30 m (98.4 ft) in the 
approach and 22.14 m (72.6 ft) over the arch. 

The incremental launching technique was used for 
the first time in the United States for construction 
of the Wabash River Bridge at Covington, Indiana. 



Figure 16. Casting bed and launching arrangement . 
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Figure 17. Launching sequence . 

Figure 18. Val Ristel Bridge . 
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Figure 19. Temporary sliding bearing. 
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Figure 20. Teflon-faced neoprene pads on temporary 
sliding bearings. 

figure 21. Push-out jacking arrangement. 
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Figure 22. Muhlbachtalbrucke. 

Figure 23. Muhlbachtalbrucke. 

Figure 24. Rottweil-Neckarburg arch bridge. 

Figure 25. Rottweil-Neckarburg arch bridge. 

Figure 26. Launching deck on Rottweil-Neckarburg 
arch bridge. 



Figure 27. Closeup of launching nose 
Rottweil-Neckarburg arch bridge. 

Figure 28. Maximwn live load moment (simple span). 
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Design Considerations 

Design of concrete bridges in the United States 
conforms with the provisions of AASH'IO' s "Standard 
Specifications for Highway Bridges." It should be 
recognized that, for the most part, the provisions 
in these specifications were written prior to when 
segmental construction was considered feasible or 
practical in the United States. 

There has been considerable discussion in the 
American literature relative to the subject of seg­
mental construction and it will not be repeated 
here. However, the following will present a dis­
cussion of several specific items athat are either 
controversial or practiced differently in different 
countries in Europe. 

Live Load Requirements 

In comparing practices in other countries to 
that employed in the United States, an important 
parameter must be kept in mind, that is, live load 
requirements. Figure 28 illustrates that there 
is considerable difference in code requirements 
in various countries. For a simple span of 50 m 
(164 ft) and width of 7.5 m (24.6 ft) the German 
specification indicates a moment of 186 percent 
that of the AASH'IO requirements and the French, 
290 percent that of AASH'IO. (3) There are some 
Canadian provinces which use the AASH'IO specifi­
cations, but arbitrarily increase the live load 
by 25 percent. 

The depth-to-span ratio and width-to-depth 
ratio for segmental construction presently advo­
cated, have been adopted from European practice. 
The lighter live loads used in the United States 
should lead to the feasibility of less super­
structure depth. This will undoubtedly occur 
as these concepts are "Americanized." 

Segment Joints 

In both precast and cast-in-place segmental 
construction, the segments are reinforced with 
prestressing tendons and conventional mild steel 
reinforcement. In both types of construction, the 
prestressed reinforcement, or at least some of it, 
crosses the joint. However, the mild steel rein­
forcement, obviously, can only be continuous across 
the joint in the cast-in-place method. In precast 
construction the joint is not reinforced with mild 
steel although the segments are usually glued toge­
ther with epoxy. The German code, at the present 
time, requires mild steel reinforcement across the 
joint and thus precludes precast construction. The 
German code is presently under revision and precast 
construction is under consideration. The joint 
treatment is a controversial point in Europe and 
apparently follows nationalistic lines. 

Allowable Tension in Concrete 

As stated above, in cast-in-place segmental 
construction, reinforcing steel is extended across 
the construction joint. For this case, tension is 
permitted across the joint--in both Germany and 
France. However, this tension is permitted only 
when there is a severe combination of loads. In 
German unaer

2
a condition of full live and dea:l load, 

a 0.14 kg/llUll (200 psi) tension iz permitted and 
half of this value, or 0.07 kg/rrun (100 psi) is 
permitted at the joint. However, no tension is 
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psrmi tted under one-half live and full dead load. 
During erection, tension is generally not 
perrni tted. 

For precast segmental construction, no steel 
extends across the joint and it is difficult to 
anticipate how this joint will behave under ten­
sion. If epoxy is used to glue the joints together, 
it can be tested to insure that it has adequate 
tensile strength. The problem is that immediately 
adjacent to the joint, the concrete is not rein­
forced and is composed of only a cement and fine 
aggregate. It is debatable if one can rely on 
this unreinforced paste to take much tensile 
stress. 

In the design of the precast segmental 
Sallingsund Bridge in Denmark, no tension was 
allowed for the load case of dead, temperature, 
temperature gradient, and settlement. However, 
for the load case that included the above loads 
plus redistributed momenzs, wind, and boat impact 
on the pier a 0.25 kg/mn (356 psi) tension was 
allowed. 

In Holland, for precast epoxied segmental 
construction, the goverment engineers design for 
no tension under dead load, full live load and 
settlement. Tensile stresses resulting fran 
temperature gradient are not considered. 

Crack Control 

The question of allowable tension is obviously 
an improtant one; however, some European engineers 
felt that this problem should be considered fran 
the point of strain rather than stress. Thus, the 
problem becomes one of controlling crack widths 
rather than limiting tensile stress in the concrete. 
AASH'IO has recanmendations in the 1974 Interim, 
Section 1.5.39, for distribution of flexural rein­
forcement to control cracking for reinforced con­
crete depending upon exposure. There are no 
recanmendations for prestressed concrete. 

One European engineer expressed the opinion 
that no corrosion will occur if cracks are less 
than 0.4 nun (0.016 in) and that for prestressed 
bridge design cracks should be limited to 0.1 nun 
(0.004 in). He felt that the cracking was most 
severe the first few days after concrete was cast 
when there are large shrinkage strains set up by 
the heat of hydration of the cement and at the 
same time the concrete was of low strength. 

Temperature Gradient 

In considering tension stresses, consideration 
should be given to the tensile stresses produced by 
a thennal gradient between the top flange and botton 
flange of the box girder. AASH10 at the present 
time does not address this problen . Tensile stress 
in the bottom flange at ~ first interior support can 
be as high as 0.35 kg/nm (500 psi). At some point 
away fran the support such temperature stress could 
easily cause cracks in the bottom flange. 

In France, no tension is permitted across the 
joint for a 5°C (9°F) temperature oradient combined 
with dead, live (or wind) and settiement. Also, no 
tension is permitted for a 10°C (18°F) temperature 
gradient combined with dead load. The German code 
is being revised following the Franch to consider 
a 10°C (18°F) temperature gradient in combination 
with half the live load. For this combination, the 
section is considered cracked and the prestressing 
steel is checked for fatigue for 2,000,000 cycles 
of half live load. 

Obviously, another thermal gradient condition 

thaL needs c:onsiuei:ctlluu .i.11 Lle8i<J11 .i.8 that between 
the outside and inside of exterior webs. Thermal 
gradient stresses can be developed such that total 
stress cannot be acconunodated by the shear rein­
forcement provided, which would result in 
longitudinal cracks in the web. 

Shear Keys 

Another design consideration about which there 
was much discussion and difference of opinion was 
shear transfer across the joint. For cast-in-place 
construction, the cOl!UTIOn treatment is to use a form 
liner which leaves a roughened surface which is 
considered adequate to provide shear transfer. In 
one case, a rough broard surface was used as a form 
liner. 

For precast construction shear keys in the 
webs are used to transfer shear. There are two 
schools of thought regarding the type of shear key 
to be used . The Dutch provide a large shear key, 
Figure 29, which is designed to support ~ segments 
and the construction equipnent load while the epoxy 
is setting up and curing. This large shear key is 
reinforced. Mvantages are that, because of the 
reinforcement in the key, there is reinforcement 
across the joint, it is less likely to be damaged 
during handling and erection, and it pennits easier 
details for tendon anchorage in the web. The dis­
advantage is that it concentrates shear forces at 
one point. 

The French used this type of key in their 
structures until recently. They are now using a 
multiple or corrugated type and thus represent a 
second school of thought, Figure 30. The advantage 
of this type of shear key is that it provides a more 
uniform transfer of stress and can be designed to 
transfer all the web shear during service. Although 
the snall keys cannot be reinforced, the distance 
between vertical stirrups, if placed close to the 
ends of the segment, would be less than typical 
stirrup spacing. If the apt:earance of the key 
is undesirable , a relief can be used on the exterior 
face of the web. Disadvantages are that the keys 
are more likely to be damaged during handling and 
erection , and there is a detail problem of providing 
for tendon anchorages in the webs. 

Conclusion 

In conclusion, with the exception of the 
joints, both precast and cast-in-place construc­
tion essentially produce the same final structure. 
Both concepts are viable ones, both have been 
consurrunated and have been successful. However, 
fran a designer's point of view, there are ques­
tions still to be resolved. we need recamnen::la­
tions as how to acconunodate thermal gadient; the 
question of allowable tensile stress in the con­
crete apparently needs closer scrnt.iny; perhaps 
the concept of crack control needs further inves­
tigation; is it better to use large shear keys 
or snaller ones? Tt. w~s ~ppr>rPnt frrrn th~ nif­
ference of opinion in Europe that there is room 
for investigation research to provide guidelines 
and direction to the designer. 
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Figure 29. Large shear key. 

Figure 30. Small shear keys. 



SEGMENTAL AND STAGE CONSTRUCTION OF PRESTRESSED CONCRETE BOX GIRDER BRIDGES 

Gerald H. Brameld, Queensland Institute of Technology, 
Brisbane, Queensland, Australia. 

Prestressed Concrete Bridges of uniform or near 
uniform cross-section are admirably suited to 
construction by precasting segments and post­
tensioning ~ This form of construction; however / 
introduces additional design and construction 
problems - problems of carrying flexure, shear 
and torsion across joints - the most suitable 
type of joint, - problems introduced by 
superelevation and constructional tolerences. 
As the length of the structure increases, the 
effective prestress is reduced markedly until 
it is no longer economical to stress in one 
operation. The method of stage stressing will 
overcome these problems, however more complex 
analysis and design is required. Solutions to 
these problems are discussed with particular 
reference to several large prestressed concrete 
box girder bridges recently constructed in 
Australia. 

The use of prestressed concrete for medium span 
structures has increased dramatically over the last 
decade, and now is the predominant material of 
construction used in the 15m to 40m span range. 
Geometrics imposed on the bridge designer by the 
freeway and highway designer have forced the change 
from straight simply supported bridges to bridges 
with complex geometry. The hollow box girder 
bridge is admirably suited to these conditions and 
has the additional advantage of its aesthetically 
pleasing lines, a highly desirably property for 
urban structures. 

The simple prestressed concrete box girder has 
evolved rapidly into the sophisticated bridge with 
many more design and construction developments. Two 
of these developments, segmental construction and 
stage construction will be reviewed. Design and 
construction problems and solutions to these 

to recent bridges constructed in Brisbane, Australia. 
Two structures will be discussed within this paper. 

(a) Nyanda Overpass 
(b) Roma Street - South Brisbane Rail Link 

Nyanda Overpass 

Nyanda Overpass (1) is a 388.3m long elevated 
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prestressed concrete box girder bridge carrying four 
lanes of traffic over an interstate railway line. 
The bridge replaced an existing level crossing. 
Although the natural surface levels suited a tu.~nel 

structure under the railway, the railway line being 
on the crest of a small ridge, the extensive cut 
required for the approaches seriously affected 
access to an adjacent heavy engineering works and 
existing surface streets. The additional construct­
ion problems of maintenance of railway and road 
traffic, and in fact, tunnelling under three railway 
lines added weight to the final decision to use an 
elevated structure. The minimum vertical clearance 
over the railway line of 5.2m had to be provided, 
and as this was above the crest of the ridge the 
structure had to be quite long in order to keep the 
approach grades below 5%. The layout of the over­
pass is shown in Figure 1. 

The superstructure has a basic span of 36.6m 
with variations to allow for railway and surface 
street clearances. A multicell hollow box spine 
with cantilevers was selected for the superstructure, 
the depth of the box being 1370rnrn. (Figure 2) . The 
small temporary construction depth allowable over 
the railway line precluded the use of falsework 
or erection trusses necessary for insitu construct­
ion and therefore, precast segmental construction 
was selected. To reduce site operations the boxes 
were cast full width with the exception of the pier 
diaphragm units. The maximum weight of the units 
(45 tonnes) was determined by the available lifting 
equipment. With the exception of the diaphragm 
units all joints were nominally 125rnrn wide unre­
inforced. A uniform external mould was designed to 
reduce the casting problems. 

The use of precast segmental construction 
offered the following additional advantages: 

(a) the units are manufactured under factory 
conditions, with the resulting higher standard 
-.C ----, .! .J... •• 
-.J..L. ":11..l~...L...L '-1. 

(b) at the time of prestressing the units, the 
losses due to creep and shrinkage are those 
relevant to fully cured concrete, and will generally 
be less than for an equivalent insitu design. 

(c) Construction time can be reduced as the 
precasting can be carried out simultaneously with 
substructure construction. 

The superstructure is anchored at each abutment 



as the prestress is applied were excessive , and 
residual prestress a f ter a l l losses was at an 
uneconomically low level. 
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with all longitudinal movements accommodated at a 
single expansion joint in the middl e of Span 6. This 
expansion joint is designed as a hinge and carries 
transverse shear . 

With the total l ength of the superstructure 
between abutments and the hinge being 169 . 75m and 
218 . 55m respectively friction losses in the cables 

For this reason the superstructure was designed 
to be construc ted in a number of s elf contained 
stages as shown in Figure 3. 
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Roma Street - south Brisbane Roil T.i nk 

The city of Brisbane is located on the Brisbane 
River which splits the city into two. The city is 
served by a number of road bridges, however there 
has been only one railway crossing for many decades. 
This existing railway crossing carries suburban 
railway traffic to the western suburbs and western 
towns. More recently the population expansion has 
been to the south and south-east of the city, thus 
imposing heavy demands on public transport. Brisbane 
has for many years been served by two major railway 
stations - Roma Street serving the suburban lines on 

{ 
r 

the nort.h si nie of thP ri.vP.r, and all intrastate 
lines, and South Brisbane serving the suburban lines 
on the southside of the river, and the interstate 
line to Sydney. Suburban and intrastate lines are 
narrow gauge while the interstate line is standard 
gauge. 

The design for the 2km link was commissioned 
in 1972 and construction is currently in progress. 
The link consists of 642m of elevated vaiduct, a 
132m steel tied arch across the river, two through 
bridges over surface streets of 60.lm and 29.2m 
respectively, 117.4m of embankment, and lll.4m of 
cut and backfill tunnel (see Figure 4). 

Melbourne 
Street 
Bridge 

l 

South 
Brisbane 
Station 

Main River Crossi n 

FIGURE 4B 



This paper will be concerned with the design 
aspects of the elevated viaduct sections. 

The viaduct has been constructed in a number of 
sections, these being:-

Section Span (m) 

A 22.5, 25.9, 22.9 

B Approach Spans 28.2, 33.9, 33.9 

c Approach Spans 33.45, 33.9, 28.2 

D 19.1, 30.0, 23.0 
22.1, 27.6, 20.0, 20.0 

E 7 spans @ 20.0, 1 @ 22.0 

F 20.22, 25.0, 20.22 

Twin single cell box girders were used for 
section A, D, E, and F each girder carrying one 
track, while a single multicell box was used for the 
longer approach span sections B and C. The boxes 
had a constant depth of 1830mm, with a spine width 
of 2500mm for the single cell boxes and of 6500mm 
for the multicell box. (see Figure 5). 

variations in overall width due to curve 
widening were accommodated by varying the lengths 
of the cantilevers. The superstructure was cast 
insitu and post-tensioned with high capacity cables. 
The insitu superstructure was selected because it 
offered a number of advantages: 

(a) Only a small proportion of the viaduct 
crosses surface streets and interruption to road 
traffic flow would be minimal 

(b) Shuttering is simple 

380 G 
Varies 3250 

TYPICAL SECTION -

230 

300 

Varies 2500 

195 

(c) Heavy lifting equipment is not required. 
(d) Previous experience had shown that insitu 

construction in urban areas was less costly than 
precast segmental construction. 

Section A, B, C and F were cast and stressed 
full length, while the stage method of construction 
was used for sections D and E. The stages are 
shown in Figure 6. 

Segmental Construction 

The method of segmental construction offers a 
number of advantages over the insitu method. 

(a) Falsework and shuttering is considerably 
lighter 

(b) Considerable economy in formwork design -
particularly for uniform sections 

(c) Factory casting conditions allow better 
quality control and thus higher strength concrete 
may be used 

(d) The majority of the shrinkage has occurred 
at the time of erection 

Contra these advantages there are a number of 
disadvantages: 

(a) Heavy site lifting equipment is required 
for erecting the units 

(b) Effects of horizontal and vertical 
alignment are difficult to accommodate 

(c) Casting facilities must be available in 
close proximity to the site or transport costs 
will be excessive. 
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Casting of Units 

The precast units may be cast either vertically 
or "right way up". The advantages of casting 
vertically are:-

(a) Easier to place concrete 
(b) Finishing off is easier since only one 

end of the cross-section need be finished, and this 
will be sand blasted prior to final assembly. 

(c) Storage requirements are less 
(d) No windows and chutes are required to 

enable placing of the concrete in very deep sections. 

Advantages of cast "right way up" are:-

(a) Easier to place formwork, since all the 
soffit forms are fixed 

(b) Easier to place reinforcement 
(c) Requires less forrnwork 
(d) No turning mechanism is required to rotate 

the segments to the horizontal. 

Both methods of casting are used extensively and it 
would appear to be purely a matter of preference 
by the individual contractor which method is used. 
For long structures with a unifrom cross-section it 

is oft"'n economic;dl Lu Ut!>olyu ><iJt!L!lcil iJULiJU><t! 
forrnwork. Hydraulically controlled steel forrnwork 
has recently been developed in Germany. This form­
work may be stripped by only one semi-skilled 
operator, and forrnwork is collapsed and retrieved 
in a matter of minutes. 

Joints 

Joints between units may be either reinforced 
or unreinforced. The reinforced joint will allow 
diagonal tension to be carried across the joint, 
however, in order that account may be taken of the 
continuity of reinforcement, a positive tensile 
splice is required. This may be achieved by the 
welding of mild steel reinforcement either by a 
butt weld (with costly preparation) or by fillet 
welding to an angle of equal tensile strength. The 
size of the joint in this instance will be deter­
mined by the length of fillet weld required to 
transmit the tensile force in the bar. As welding 
of cold work reinforcement is not generally 
permitted, a positive screw type connection would 
be required to splice cold worked bars. The cost 
of these connections will far exceed the benefit 
gained by using cold worked reinforcement in lieu 
of mild steel reinforcement. The plain unreinforced 
1oint is simpler to form and cast, but cannot be 
relied on for the transmission of tensile stresses. 
Joint thicknesses typically vary between 75m and 
150mm, however the larger joints have shown a 
tendency to crack under shrinkage. Although these 
cracks close on tensioning they do initiate leakage 
paths for grout and provide an initial crack which 
is easily propagated by principal tension. 

Torsional Strength of Units 

The box girder section is used principally for 
its extensive torsional strength, a property which 
makes it invaluable for structures with horizontal 
curvature, and where eccentric live loads produce 
large torsional moments. Although the webs and to 
a lesser extent the deck and soffit slabs have 
physically large dimensions (up to 600mm) their 
relation to the overall dimensions makes the 
assumption of thin walls quite valid. Direct shear 
and torsional shear stresses may then be calculated 
on the basis of the thin wall theory (2) used for 
steel box sections assuming the shear stress to be 
constant across the thickness. Principal tensile 
stresses should be calculated at the critical 
points of the webs and flanges as shown in Figure 7. 

On the Nyanda Overpass calculations were made for 
the co-existing live load longitudinal moments, 
direct shears and torsion, caused by two lanes, 
three lanes, and four lanes loaded. The principal 
tensions were limited to 3/:FC"'. This stress 
limitation is in itself insufficient, as any 
principal tension will propagate the existing 
shrinkage cracks in the joints. The opening of 
these cracks at the surface and hence the opening 



of the unreinforced joint can be minimised by 
ensuring that the orthogonal plane to the direction 
of the principal tensile stress is always at an 
angle, preferably greater than 15°, to the joint. 

An additional problem in the segmental construct­
ion caused by torsion is the transmission of the 
longitudinal hoop tension across the joints. This 
is of particular importance at abutments and those 
piers where a torsional restraint is supplied. 
In these areas of high torsion it is necessary to 
provide continuity of the longitudinal reinforcement 
across the joint, and a full strength welded 
connection should be used. where the torsion 
moments are lower it is not necessary to use 
continuity reinforcement provided the longitudinals 
are anchored adequately. The unreinforced joint 
should be checked for its capacity to resist the 
applied torsion. 

Prestressing Ducts 

The use of short precast segments of up to 3m 
in length enables the cab.le ducts to be straight 
with all angle changes in the cable profile 
accommodated at the joint. The straight ducts can 
be set extremely accurately by inserting steel 
mandrels through the ducts, and locating them 
through pre positioned holes in the end forms. This 
stiffening of the ducting ensures that there will 
be no movement of the ducting during the placing 
and compacting of the concrete and as a consequence 
the parastic angular deviation (previously known as 
w~bble coefficient) is quite low. Site measurements 
indicated extremely low values of parasitic angular 
deviation varying from 0.025 to 0.0025 (or 0.003 to 
O. 0003 per metre in the old terminology) . 

Horizontal Alignment and Superelevation 

Structures set to horizontal curves, reverse 
curves or transitions provide additional problems 
at the joints. If the units are adjusted to take 
up these effects the economies achieved through 
uniformity of formwork will be largely reduced as 
each unit will require special attention to the 
end forms. The other alternative is to cast the 
units with identical external forms and take up the 
length variations in the joint. This was the 
solution chosen for the Nyanda Overpass, however, 
many problems were encountered during the erection 
stage. The Nyanda Overpass is on a reverse curve 
(see Figure 1) varying from 275m radius to 366m 
radius. The units were set with their centre lines 
radial and on the smaller radius the nominal 125m 
joint reduced to 55mm. The change in superelevation 
produced a sawtooth appearance with a discontinuity 
of 6mm to which can be added the construction 
tolerance of + 6mm. This effect was even more 
pronounced on-the inside of the curve where the 
joint width had been reduced. The effect at the 
tips of the cantilevers is masked by the parapet 
overhang, however at the spine of the box it is 
quite noticeable. The change in superelevation gave 
a discontinuity of 3mm at the main longitudinal 
cables and 6mm at the slab cables. This discontin­
uity was particularly important at the slab ducts 
which were only 19mm thick carrying a 12.5mm strand, 
thus allowing no tolerance for construction. 

Stage Construction 

Continuous bridges with more than three spans 
and total length longer than about lOOmm suffer 
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very large friction losses during the stressing 
operation, and the effective prestress available to 
resist flexure reaches an uneconomical level. An 
effective prestress of less than 50% of the Ultimate 
Tensile Strength is usually considered undesirable. 
The problem can be overcome to some extent by using 
low friction ducts and cold drawn strand which has 
a lower friction coefficient, however this will only 
marginally increase the economical stressing length. 

Coupling 

The basis of the stage method is to break the 
structure into a number of smaller structures with 
total length of cable restricted to an economical 
length with regards to friction losses. Each stage 
is then tied back to the previous stage by coupling 
the prestressing strands at the previously stressed 
anchorage. Special coupling anchorages are 
available from most manufacturers. Since the cables 
are connected to an anchorage which will be 
completely enclosed in concrete, it will be possible 
to stress all stages except the first, from one end 
only. Thus the economical length for subsequent 
stages is approximately half that of the first stage . 

The coupling anchorages are necessarily bulky 
and require the webs to be thickened considerably, 
to carry the splitting forces at the anchorage. The 
physical s ize of the couplers ensures that the 
centre of gravity of the cables will be close to 
the centroid of the section and thus the logical 
location for the coupling anchorages will be at a 
point of contraflexure, i.e. about one fifth of 
the span length from a pier. The critical point 
for stresses at the coupler position will be the 
"dead" end side of the anchorage as the effective 
prestress will, in general, be less than the 
effective prestress at the "live" end of the same 
anchorage (Figure 8) . 

,. 

Stage 1 Stage 2 

Length along cable 

FIGURE 8 

Analysis 

Each stage must be analysed for self weight 
moments, shears and torsions, and for the parasitic 
moments caused by the cable profiles being non­
concordant. It is assumed that the structure 
remains elastic and the principle of superposition 
may be applied to obtain the final effects. On the 
completion of stressing the final stage, the 
structure can then be analysed as a single 
continuous beam for superimposed dead load and live 
load effects, and for temperature differentials 
through the deck slab. 

An additional advantage of this method is that 
as each stage is stressed and becomes self supporting, 
the erection falsework and formwork can be removed 
and used for the next stage. 
cost saving for bridges with 
e.g. sections D and E of the 

This provides a major 
a large number of spans 
Rail Link viaduct, 
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where seven and eight spans respectively are involved. 

Post Tensioning 

The V.S.L. System of post tensioning used for 
both the Nyanda Overpass and the Rail Link viaduct, 
the Nyanda Overpass using cables of 48 No. 12.5mm 
super 7 strands with an ultimate capacity of 8830kN, 
and the Rail Link using cables of 27 No. 12.5mm 
super 7 strands with an ultimate capacity of 2970kN. 

Details of the V.S.L. coupling anchorages are 
shown in Figure 9. 
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FIGURE 9 

The physical size of these anchorages is such that 
the webs had to be increased in thickness from 
300mm to 600mm for the Rail Link and from 450mm and 
380mm to 790mm for Nyanda Overpass. With the 
extensive reinforcement required around these 
anchorages placing and compacting of the concrete 
in the webs is difficult and care must be taken on 
site to ensure adequate compaction of concrete is 
achieved. In the case of the Nyanda Overpass 
structure, recesses were left in the webs to allow 
concrete placement of the anchorages and to 
facilitate connection of the unstressed strands to 
the coupler. The recesses were then filled with 
concrete after the second stressing operation. 

When geometric layout requires large variations 
in span lengths, or precludes the use of shorter 
end spans, it may not be possible to use the main 
longitudinal prestress to resist entirely the 
applied longitudinal moments, and additional capping 
cables may be required in the deck and soffit slabs. 
In both the Nyanda Overpass and the Rail Link small 
cables with four and seven 12. 5mm super 7 strands 
respectively were used. Anchorage of these capping 
cables will normally occur on the inside of the box, 
although it is possible to anchor on the outside 
surfaces of the slabs and infill after stressing. 
This latter technique has the disadvantage of 
reducing the effective thickness of the slabs 
considerably, and this will generally far outweigh 
the disadvantage of forming anchorages on the inside 
of the box. Stressing the small cables from within 
the box is a relatively simple procedure requiring 
only adequate lighting and more particularly 
adequate ventilation during the stressing operation. 
These cables may be stressed from both ends to 
reduce the cffccto of friction losses. 

The stressing of the cantilever on each stage 
will result in an upwards deflection of the tip of 
the cantilever as the centroid of prestress will 
be predominantly above the centroid of the section. 
To ensure an aesthetically pleasing joint and to 
prevent an unsightly kink at the joint it is 
necessary to set the formwork to allow for these 
deflections and rotations. Allowances must be made, 
of course, for the final camber profile. 

Grouting 

It is almost impossible to produce a water tight 
seal to the duct connections and invariably some 
leakage will occur from one duct to the next. This 
loss can be reduced by grouting ducts in pairs. On 
Nyanda Overpass the length of the cables caused 
severe head losses during pumping and a loss of 
workability at the face of the grout, and the grout 
pump had to be moved along the bridge to the last 
point where grout had already vented. This process 
was continued along the bridge until grouting was 
complete. 

Gene.ral Feature.<> of Design 

Shear Lag 

The assumption of the theory of bending, that 
plane sections remain plane, is no longer valid 
for wide flange box girder bridges. The effect of 
shear lag over the supports may be calculated from 
the theory of elasticity (3) or some empirical 
formula. Tests carried out in England (4) produced 
the simple formula that the shear lag effect can be 
accotLnted for by simply ignoring t..l!e cantilever at 
the supports. Thus the effective cross section is 
only the spine of the box. The effect of the shear 
lag is taken from the support to a point one fifth 
of a span length on either side of the support. 
This approximation has since been checked against 
the German code (5) and was found to be in good 
agreement. 

Distribution of Prestress 

· A more important problem in the vicinity of the 
supports is the distribution of the prestress, 
particularly through a solid diaphragm. It has 
been assumed, conservatively, that the axial 
component of the prestress is distributed over the 
whole of the cross section, while the eccentric 
component is distributed over the reduced "shear 
lag cross section". This assumption has lead to 
some structures containing unnecessary additional 
axial prestress in the vicinity of the supports. 

Diaphragm Action 

The superstructure may be supported at the piers 
and abutments either by a single bearing allowing 
transverse rotation, or by a multiple bearing 
system providing torsional restraint. The large 
shears carried by the webs must be transmitted to 
the bearings through the diaphragm. These transverse 
bending effects are resisted by prestress in both 
the Nyanda Overpass and the Rail Link. Detailing 
the intersections between the transverse cables and 
the main longitudinal cables requires more than 
ordinary care as during stressing of either the 
..L~~-----·--- -·- 1---.!.&.. .. .:I~--, --1-1-- .LL---- .!- -
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distinct possibility of crushing the ungrouted duct 
running at right angles. It may be necessary in 
some instances to provide a more solid duct. 6mm 
thick steel tubing has been used to carry the 
longitudinal cables through the diaphragm, in order 
to resist crushing during the stressing of the 
transverse cables. 

The large capacity bearings used exert concen­
trated forces of up to 15000 kN to the diaphragm. 
The diaphragms must therefore be designed to resist 
the bursting and spalling stresses associated with 



the application of a large concentrated force. The 
theories proposed for similar stresses behind post 
tensioning anchorages may be used to reinforce the 
diaphragm in the vicinity of the bearings. 

Diaphragms at torsion restraint piers and abut­
ments will require heavy reinforcement to carry the 
applied torsion moments. 

When maintenance access is required through the 
boxes small manholes will be required through the 
diaphragm, thus complicating the detailing further. 

Differential Temperatures 

Thermocouple readings taken from existing box 
girder bridges indicate that, for the climatic 
conditions of Brisbane (27~0s) an almost linear 
temperature differential of 11°c can occur between 
the outside and inside faces of the deck slab (6). 
This figure was used for design calculation in both 
the Nyanda Overpass and the Rail Link, although it 
is expected that the temperature of the outer 
surface of the deck slab in the Rail Link under 
450mm of ballast will be lower than under the 125mm 
to 150mm of hotmix surface on road bridges. 

Thermocouples are being incorporated in sections 
of the Rail Link to verify the temperature differ­
ential. 

Large Capacity Post Tensioning Cables 

The 48 strand V.S.L. cables used on the Nyanda 
Overpass at the time of construction were the 
largest capacity cables to be used in Australia. 
The bridge contains 120 tonnes of main prestressing 
strand, and the large capacity cables were adopted 
because: 

(a) There is an economy in minimising labour 
associated with fixing a smaller number of ducts. 

(b) There is an economy in minimising the 
number of anchorages and couplers 

( c) The larger than usual ratio of duct area 
to strand area indicated that lower friction 
values could be used, thus decreasing the losses 

(d) There is a design economy associated with 
the force being concentrated in a fewer number of 
cables, thus allowing larger eccentricity of pre­
stress at points of maximum moment. 

There are, however a number of disadvantages 
in using this system: 

(a) Any failure to achieve adequate prestress 
in a cable (by breaking strands etc.) cannot be 
rectified by increasing the prestress in other 
cables, as easily as in a design with a larger 
number of cables 

(b) The jacks are very heavy and cannot be 
manhandled easily 

(c) The large forces at the anchorages require 
special attention in the design of details to 
resist bursting stresses 

(d) The large anchor plates and couplers 
require the webs to be thicker than normally would 
be required for stress considerations. 
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Despite these disadvantages the use of the large 
capacity system proved to be worthwhile. 

Heavy lengths of cables were pulled through the 
ducts with an air winch, while for shorter lengths 
the individual strands were pushed through manually. 

Site measurements confirmed the expectation of 
lower friction values with a measured coefficient 
of friction of only 0.12, i.e. half of the normal 
design value. 

Conclusion 

The prestressed concrete box girder bridge in 
its many forms provides an aesthetic, structurally 
sufficient solution to complex crossings. The 
problems encountered during these designs are no 
doubt universal, however the solutions discussed 
are those applicable to the local conditions of 
construction in Queensland. 

Some of the aspects discussed still require 
further research in order to provide more 
economical solutions. 
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CURRENT PRACTICE IN DESIGN AND INSTALLATION OF DRIVEN PILES 

Hal W. Hunt, P.E., Associated Pile & Fitting Corp. 

Tests have proved that H-piles can dependably 
carry heavier loads than usually are assigned to 
them. Concrete and timber piles are being loaded 
heavier. Prestressed concrete piles benefit 
from improved splicers. Gaining in use are H­
pile extensions for precast. The H end, with 
cast steel protection, can assure penetration 
into compact material; it can prevent sliding of 
sharply battered piles or piles driven on steeply 
sloping rock; it provides protection to the vul­
nerable end of a precast pile. An import from 
Europe is an interlocking deep-web H that can 
be used with sheet piles for cofferdams or a 
strong wall. Improved mandrels have increased 
use of corrugated shell piles. The wave equation 
is increasingly used for determination of driv­
ing stresses and selection of the optimum com­
bination of pile and hammer. Dynamic measurement 
gives instant pile capacity information at 
minimum cost. More adequate soils investigation 
and foundation planning can reduce overall cost. 

Recent comprehensive tests have proved that H­
piles can dependably carry heavier loads. Use of H­
section extensions on precast piles makes it practi­
cal to drive on to sloping rock or to penetrate dense 
materials such as boulder-filled tills. Precast 
piles--most often prestressed--are gaining in use. 

Pipe piles currently are used less than in the 
past but are pref erred by some as the inside of the 
pile can be checked after driving; especially for 
waterfront work they can be made large for the loads 
and lateral strength needed. Corrugated shells, 
installed with a mandrel and filled with concrete, 
continue to be a popular design for larger projects 
where soils are suitable. Timber still is used in 
quantity for lighter loads. ~ugering to place con­
crete as a deep shaft without driving is expanding 
but is outside the scope of this presentation. 
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for moderate size bridge projects where a relatively 
few piles are needed for each of several supports. 
Steam-air hammers are used extensively in urban areas, 
following long-established work practices. The heavy 
ram, and short stroke of the single-acting steam-air 
hammer has generally been found preferable for driv­
ing heavy precast piles. In some soils more rapid 
strokes may drive even the large displacement piles 
faster. Diesel hamers require resistance to driving 
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to continue firing. Steam-air hammers may work more 
satisfactorily where initial driving is through very 
soft materials. (Ref. _!) 

Steam hammers are popular for use on floating 
rigs where boilers may be part of the equipment for 
other needs. If a compressor or boiler is conven­
iently available, it may be preferable to use an on­
hand steam-air hammer rather than purchase or rent 
other equipment. Economy of this should be carefully 
checked. Drop hammers are not much used in the U.S. 
but continued satisfactory results elsewhere may 
result in a resurgence of their use. A Swedish de­
velopment provides for rapid lifting by hydraulic 
means, then a free fall for a heavy drop. Load 
bearing capability of driven piles is being quickly 
checked by dynamic information fed into a job site 
computer. 

Design loads generally have increased for all 
types of piles. More dependable subsurface data, 
more knowledgeable interpretation of test results, 
plus improved installation methods and inspection 
procedures have made this practical. This has 
reduced the factor of safety, which in the past may 
have been a factor in avoiding unacceptable settle­
ments. 

H-piles At 18,000 PSI Working Stress 

Under American Iron and Steel Institute (AISI) 
sponsorship extensive tests on driven long H-piles 
provided verification for loading A-36 steel to one­
half of its 36,000 psi yield strength. This is 248 
in SI MPa units. The tests were made at Bethlehem 
Steel Corp. 's construction of a blast furnace at 
their Sparrows Point, MD, plant. The tests were 
planned and conducted under supervision of Thomas D. 
Dismuke, Chairman of the AISI Subcommittee on Steel 
Piles and a consultant in the Technical Services 
Engineering Department of Bethlehem Steel Corp. 

Soils under the furnace are sedimentary, mostly 

bearing strata is at 27 m (88 ft) depth. Test and 
production piles were driven to 30 to 33 m (100 to 
110 ft) to obtain adequate support for the blast 
furnace. Several piles were test loaded; some were 
instrumented and a few were pulled. For one, a 
560 mm (22 in.) diameter casing was driven to 28 m 
(90 ft) and cleaned out to 24 m (80 ft) then an 
HP 360 x 108 (14 x 73) driven inside the pipe to 
bearing in the sand. This eliminated frictional 



support of the upper fine-grained soils to give 
dependable bearing capabilities. Pile tip movement 
after driving and test loading, to over 450 tonne 
(500 tons), was roughly twice as much for the pile 
driven inside the protective casing. But net 
settlement after removal of load was less than half 
as much for the protected pile as for the one driven 
full-length through the soil. (Ref. 3_) Conclusions 
in the referenced article include: 

1. The tested piles can be normally driven to 
safely support loads at stress levels exceeding 
0.5 fy. 

2. The current use of the concept "freeze" is 
not adequate to predict the load capacity difference 
between results of pile tests and wave equation 
solutions. 

3. The wave equation was very inaccurate in the 
prediction of the driving stress. 

Properly, many codes and jursidictions are cau­
tious about use of half the yield strength of steel 
as a safe loading for H-piles driven into unknown 
obstructions in the underground. After considerable 
study New York City accepted .35 fy or 86.8 MPa 
(12,600 psi) on A 36 steel. This has been in effect 
for a few years. No problems are known to have 
developed from this if adequate safeguards and in­
spection are given to installation. But Boston still 
has 58.6 MPa (8,500 psi) as the upper limit in its 
code. The American Association of State Highway and 
Transportation Officials specifies 6.2 MPa (9,000 psi) 
where test or other means are not used to prove 
greater strength value. 

Bethlehem Steel Corp. used cast steel point pro­
tection on piles driven in critical areas. Such 
points have become quite common for use on H-piles 
driven into difficult ground. Observation of pulled 
H-piles and soldier piles where excavated to below 
thei~ tips, show that point reinforcement can be most 
helpful in enabling the pile to penetrate to desired 
strata in dependable bearing conditions. Close 
observation at two test sites provide details. 

Interlocked H-sections For Deep Cofferdams 

From Arbed in Luxembourg come interlocking H­
piles arranged for use with steel sheet piles. The 
H-piles can be used as a high section modulus con­
tinuous wall with an interlocking bar connection. 
Or, they can be used as mater piles with a pair or 

Figure 1. New from Europe is an interlocking deep 
section H with high section modulus for cofferdams 
or dock walls. Interlocking z sections can be al­
ternated to reduce steel weight and cost . .. ---..... ---··"'----

~.__"' 
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more of Z type sheet piles between them. This re­
duces the section modulus per linear length but also 
the amount and cost of the steel. 

The interlocking H-sections are available in 
several configurations at about 0.58 to 1.00 m (23 
to 39 in.) web depth and flange widths of 360 to 
460 mm (14 to 18 in.). Sections are available in 
different web and flange thicknesses. Several shapes 
of sheet piles from Arbed interlock with the deep H­
sections to give a wide choice of section modulus 
and wall strength. 

Figure 2. For a bridge over the Columbia River near 
Portland, cast steel points protect the interlocking 
H-sections for driving through boulders. 

Figure 3. One side of the connecting bar is cut 
back a little at the top to ease threading of the 
front and rear interlocks. 

Where a continuous H wall is used with the inter­
locking bar on both face and rear the wall can be 
exceptionally watertight. For special conditions 
clays or other materials can be puddled between the 
H-sections. 

Tests Prove H-pile Value 

H-piles Replace Caissons 

On a project in a mixed limestone area the owner 
asked that a test be made using H-piles for a park­
ing garage where caissons on a nearby job had far 
overrun the contract amount. At a shallow area and 
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at a deep area, come 100 m (330 ft) apart, an 
HP 250 x 62 (10 x 42) was specified to have cast 
steel point protection. At the deep area a compari­
son HP 250 x 85 (10 x 57) was require.a. The con­
tractor for the test installation elected to drive 
reaction piles to develop the test load. HP 310 x 79 
(12 x 53) were used as tension piles--without end 
protection. 

Figure 4. With cast-steel end protection H- piles can 
be driven into medium hard rock. Note how the con­
tractor utilized salvaged guard rail. 

On the test at the shallow area the HP 10 x 42 
with point protection and six HP 310 x 79 (12 x 53) 
reaction piles were driven to a moderately hara 
limestone with a Link Belt 440 double-acting diesel 
hammer, rated at 2520 kg-m (18,210 ft lb). After 
testing the HP 250 x 62 (10 x 42) to the desired 
load the seven piles were pulled. All six of the 
unprotected HP 310 x 79 (12 x 53) were damaged, 
see photo. The HP 250 x 62 (10 x 42) test pile, 
with a cast-steel point was the only pile not 
damaged. Significantly, none of the experienced pile 
driving crew were aware of the damage to the piles. 

At the deeper area of the site the test pile and 
comparison pile were driven to 90 ft depth. The 
unprotected HP 250 x 85 (10 x 57) was twisted into 
a "bow-tie" at the tip, with undependable bearing 
capability. The HP 250 x 62 (10 x 42)--with a 10 kg 
(23 lbs) cast steel point but some 590 kg (l,300 lb) 
less steel--was damaged. Some HP 310 x 79 (12 x 53) 
reaction piles were mangled on small boulders at 7 m 
(23 ft) depth--above material resisting only four 
blows on a standard sampling spoon. Several piles 
could not be pulled, probably because they were 
badly distorted by driving onto obstructions. (Ref~) 

FiyuLe 5. Test Vile H~ 250 X 62 (lU X 4~), 3rd 
from right wi th point protection was unharmed by 
driving that damaged al l six HP 310 x 79 (12 x 53) 
driven as reaction piles. 

Through Muck To Rock On Ohio DOT Tests 

The State of Ohio, with Federal Highway Admini­
stration funding, experimentally drove H-piles 
through 7 to 8 m (23 to 25 ft) of soft silt then 
directly on to a hard limestone to obtain guidance 
for foundation design. Three piles were driven with 
each of five hammers to develop comparisons of driv­
ing capabilities and c:hriracteristi_cs . (Ref. ~) 

Figure 6. Piles were driven with five different 
hammers. The vertical and adjacent batter pile were 
driven with a Link Belt 520 (3,640 kg m or 26,300 
ft lb). Next pile was driven with a Vulcan 08 
(3,600 kg m or 26,000 ft lb). Hammer seen is a Kobe 
25 (7,000 kg m or 50,700 ft lb). Case-Goble device 
for instantaneous determination of pile capacity is 
seen in the van. 

Table 1. Pile hammers used in Ohio DOT Tests. (From manufacturer's published data) 
The Link Belt is a double-acting diesel; the Vulcan is single-acting, air powered; 
the Kobe are single-acting diesels; the MKT is double-acting, air powered. 

"F.nPrav R;>m WP.inht- T0t?_l ~"!'='i0~f: St~~~:~~ 

Hammer Kg m Ft lb Kg Lb Kg Lb Minute 

Link Belt 520 3,640 26, 300 2,300 5,070 5,670 12,550 80-84 
Vulcan 08 3,600 26,000 3,630 8,000 7,600 16,750 50 
Kobe 13 3,400 24,400 1,300 2,860 3,600 8,025 45-60 
Kobe 25 7,000 50,700 2,500 5,510 5,950 13,100 39-60 
MKT 9B3 1,210 8,750 720 1,600 3,170 7,000 145 



A vertical pile and a pile on a 1:4 batter were 
driven with each of the five hammers listed in 
Table 1. An additional HP 250 x 62 (10 x 42) with 
a cast steel tip reinforcement was driven with each 
of the four more powerful hammers. It was not thought 
necessary to protect the end of a pile driven with 
the 1210 kg-m (8,100 ft lb) hammer; but when pulled 
both the vertical and batter piles driven with the 
small hammer were found to be damaged beyond end­
bearing capability. (The paper at this seminar by 
Ray Grover of the Ohio Department of Transportation 
covers this in more detail.) 

Figure 7. Pile at left, with point protection, was 
driven with the Kobe 25, a 7,000 kg m (50,700 ft lb) 
hammer as was the third pile. Others in Ohio test 
were driven with smaller hammers. 

Photos show the driving and some of the pulled 
piles on the Ohio DOT tests. It should be emphasized 
that these piles were driven through a soft silt 
then suddenly on to a hard limestone. It has long 
been recognized that tip protection is essential 
under this condition. The U.S. Steel Corp. book-
let on H-piles states: "If impenetrable rock is 
overlaid with soft material with little horizontal 
stability, the pile tip must be built up with points." 

Pile Capacity By Dynamic Measurement 

The driving was monitored by the Case-Goble 
method of dynamic pile capacity determination. This 
is based on the now widely accepted wave equation . 
The Pile Analyzer records strain and acceleration in 
a unit that has been developed to a size that can be 
put into a couple of suitcases for air transport· or 
taken to a job by car. With knowledge of pile type, 
size, and length an instantaneous determination of 
total capacity can be made. 

This system was developed by Prof. George Goble 
while at Case-western Reserve University in Cleve­
land. Dr. Goble is now Chairman of the Department 
of Civil, Environmental and Architectural Engineering 
at the University of Colorado, Boulder, CO. These 
units are -finding increasing use for checking pile 
capacity; they are available for purchase or rental 
at moderate cost. More than 20 driven piles can be 
checked for capacity in half a day with a mobile 
crane, an efficient hammer, and a crew experienced 
with the device. It can be used for timber, precast 
concrete, H and pipe piles. 

Transducers are placed on top of the pile or 
attached to a side and connected to a recording 
device. The force and acceleration during driving 
are recorded in analog form on magnetic tape. The 
tape record can be converted to digital form and 
further processed using FORTRAN software. 

Returning to the Ohio tests, the Case-Goble 
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computer recorded good capacity for all piles at the 
first blows as each pile struck the limestone. But 
after a very few blows on piles without end protec­
tion the indicated capacity dropped off rapidly; the 
hammer-pile sound became a dull thud. The pile con­
tinued to move down, as if it were penetrating the 
limestone. When pulled, the piles were found to 
have the tips badly mangled. (See photo.) 

Piles with the protection of cast steel points 
stopped moving when the limestone was struck. The 
sound continued to be a live "ring"; the computer 
showed increasing capacity for each of the piles. 
Under continued driving with powerful hammers the 
piles with point protection started to buckle in 
column failure in the 2.5 m (8 ft) length above the 
ground. There was no evidence of column bending 
from driving in the length embedded in the soil on 
any of the piles. 

Another job reported in the Ohio DOT test series 
involved HP 10 x 42 driven into a shale. Here all 
piles installed and tested performed satisfactorily. 
H-piles are being driven into boulder-filled stream 
beds and through dumped rock. With end proteciton, 
H-piles can be driven straight enough that they can 
be used as a single line column support exposed up 
to the superstructure. 

Laboratory Tests Develop Reasons For Pile Deformation 

After loading H-piles--with and without point 
protection--to failure in a laboratory compression 
machine, Dr. Roger Slutter, director, Fritz Engineer­
ing Laboratory at Lehigh University had comments as 
briefed here. 

"The flanges of a steel pile at the tip are very 
susceptible to buckling when the tip of the flange 
encounters resistance in driving. The AISC and AREA 
specifications give limits on the ratio b/2t and the 
AASHO specifications give a limit of b/t as a means 
of indicating when the flange width of a section is 
such that the section can be described as a compact 
section (b is width, t is thickness of flange). For 
ASTM A 36 steels the limit of b/2t suggested is 8.5. 
For all pile sections except HP 250 x 85 (10 x 57) 
the ratio of b/2t exceeds 8.5. 

Figure BA. 
corners of 
failure in 

Loading under 
H caused early 
Lehigh tests. 

Figure SB. Loading under 
web through cast steel 
point distributed load. 

"All rolled sections have residual stresses 
formed when the section cools after rolling. The 
flange tips, which cool first, have a compressive 
residual stress and webs have a tensile residual 
stress. The compressive residual stress in the 
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flange tip for li~ht steel sections of similar shape 
is about 914 k-cm (13 ksi). To this must be added 
the stress from driving. For a pile cross section 
the flange could be expected to buckle at a compres­
sive strength of 1406 k-cm2 (20 ksi) would pro-
duce buckling. 

"For a load under the web of a pile that has a 
tensile residual stress of the order of 492 k-cm2 
(7 ksi), it would require an applied stress of 
1900 k-cm2 (27 ksi) to buckle the web. Since pile 
sections have the same web and flange thickness, the 
pile tip performs far better when the web is the 
first to meet resistance in driving. The highest 
tensile residual stress is found at the junction of 
the web and flange. When the tensile stress gener­
ated by buckling is added to the tensile residual 
stress the flange will tear from the web at stress 
levels lower than the yield stress. This explains 
why driving without end protection is so variable. 

"Pile points overcome the unfavorable geometry 
of the pile cross section in several ways: They have 
a more favorable b/t ratio than the pile cross sec­
tion; They do not have the unfavorable residual 
stress distribution that exists in the pile section; 
They tend to distribute the load more uniformly 
over the cross section of the pile regardless of 
what point first encounters resistance. Finally, 
they provide bracing for the delicate flange corner." 
(End of comments by Slutter; Ref. 5) 

Additional H-pile Sections 

New in the H-pile field are additional sections 
in the 310 mm (12 in.) depth and a series of 330 mm 
(13 in.) H. These are, or are to be, rolled by 
Armco at Houston and Inland in the Chicago area. 
Neither Armco nor Inland can roll the conventional 
360 mm (14 in.) with up to 378 mm (15 in.) wide 
flanges of the H sections. The fabricators expect 
to have a sales advantage with the 13 in. H. Some 
suppliers are equipment makers are unenthused about 
required additional sizes and inventories. But 
American Iron and Steel Institute has accepted the 
new sizes and worked out dimensions for them. Table 
2 gives metric and conventional details. 

H-piles are available in a wide range of sizes 
and areas to meet any load-bearing requirement. They 
are easily handled; they can be extended to any 
length. If an end or section is damaged, the rest 
of the length can be salvaged at little cost. Splices 
can be made by conventional full penetration welding. 
More popular is a manufactured unit with flared 
ends, which slips on one end of a pile then safely 
and quickly aligns the added length and assures that 

Doti1nr11ion Table 2. H-Shapes Table Al.4 
From American National Stan­
dards Institute/American 
Society for Testing and 
Materials publication 

rcomln.I 
epth n 

lncha and Arca.A, 

Weight In in .I 

Pounds pc:r 
Linear fool) 

HP14Xll7 34.4 
x 102 30.0 A6-77b provides details 
x 89 26.1 
x 73 21.4 

of new H-shapes. 
·'· v r· 

HP13X 100 29.4 
x 87 25.5 
x 73 21.6 i-
x 60 17.5 

d x x HP12X 84 24.6 
x 74 21.8 
x 63 18.4 - f+-t. 
x 53 15 ,S 

HPIOX 57 16 .8 
x 42 12.4 

y 

b, HP8 X 36 10.6 

the ends stay in line. The splice is two shop fab­
ricated U sections with an accurately positioned 
spacer. The outside of the flanges of the top length 
of H is beveled. The splicer is slipped on the pile; 
a short fillet weld is made to the flange near each 
corner of the U-shaped splicer. The new length is 
positioned on the driven length. A penetration weld 
is made along the full width of each flange to com­
plete the joint. 

Pipe Piles - Driven Open or Closed End 

Use of pipe piles in the U.S. varies considerably 
from year to year. Currently only occasional pro­
jects are designed with pipe piles--despite the fact 
that engineers like the opportunity to look down the 
tube to assure themselves all is well. Pipe driven 
open-end, cleaned out to rock and again driven for 
firm contact, then filled with high quality concrete 
is allowed high loading under most jurisdictional 
codes. 

Pipe to be driven open-end as a pile should have 
a minimum outside diameter of 254 mm (10 in.) and 
wall thickness of 6. 3 mm (0. 25 in.). Wall thickness 
for 356 mm (14 in.) and larger pipe should be 7.9 mm 
(0.310 in.). Pipe more than 450 mm (18 in.) should 
be at least 9.5 mm (0.375 in.) wall. Stress usually 
allowed is 0.35 fy on ASTH A 272, pipe; stress on 
concrete fill may be 0.33 fc; in the past a top limit 
of 6,9 MPa (l,000 psi.) has been common, hut this ha s 
been increased. 

Wall thickness must be gaged to driving obstruc­
tions and expected end contacts. Driving shoes of 
cast steel are used to protect the end of the pipe. 
Such shoes usually are an outside type with perhaps 
9.5 mm (3/8 in.) extension beyond the pipe. This 
may reduce friction while driving; this generally 
is accepted as being desirable. An inside shoe is 
available; it is preferred, and needed, in perma­
frost where the soils do not reform and friction 
along the pipe is essential. It is difficult to do 
chopping and cleaning in the pipe when an inside 
shoe is used. 

Both types of cast steel shoes attach with a min­
imum of welding as they have a square ledge on 
which driving is done in compression. This con­
trasts with wrapping a hardened, thick structural 
plate around the pipe and attaching it by welds in 
shear. Special techniques and perhaps heat-treating 
are required. 

An extension of the open-end pipe is the Drilled­
In-Caisson. The open-end pipe is driven to contact, 
cleaned out and a hole drilled into the rock at 
least 30 cm (1 ft) deeper than the diameter of the 

Flange Designation Flange 

Web (Nomin•I Depth Web 
Dcplh Thick- in MilUmclr~ lArcaA . Depth Thick- Thick-
d, in . Widlh Thick-

nc~st111 :and Mass in Kil- mm' d,mm Width nCS51 111 , 

b1, in. ne.sst" '"· og:;:::c)' b"mm nc.tS.1,. mm 
m. mm 

14 .21 14,885 0.805 0 ,805 HP360X 174 22 200 361 378 20.4 20 .4 
14 .01 14 .785 0.705 0.705 x 152 19 400 356 376 17 .9 17 .9 
13 .83 14 .695 0.615 0.615 x 132 16 800 351 373 15.6 15 .6 
13.61 14 .585 0 ,505 0 505 x 108 13 800 346 370 12 .8 12 .8 

13 .15 13.205 0.765 0.765 HP330X 149 19 000 334 335 19.4 19 .4 
12 .95 13 .105 0.665 0.665 x 129 16 500 329 333 16.9 16.9 
12.75 13.005 0.565 0.565 x 109 13 900 324 330 14 .4 14.4 
12 54 12 .900 0 460 0.460 x 89 11 300 319 328 11.7 11.7 

12.28 12.295 0.685 0.685 HP310X 125 15 900 312 312 17.4 17 .4 
12, 13 12.2 15 0,610 0.605 x 110 14 100 308 310 15.S 15.4 
11.94 12 125 0,515 0,515 x 93 11 900 303 . 308 13 .1 13,1 
11 78 12 045 0.435 0 435 x 79 10 000 299 306 11.0 11.0 

9.99 10.225 0.565 0.5'65 HP250X 85 10 800 254 260 14.4 14.4 
9.70 10.075 0.420 0.415 x 62 8 000 246 256 10.7 10.5 

8,02 8,155 0.445 0 445 HP200X 53 6 840 204 207 11.3 11 .3 



pipe. A heavy H-section may be set into the pipe 
and socket; it may extend to the surface where a 
milled contact can be made to directly support major 
columns of power plants and the like. For lighter 
loads of H-section or reinforcing bars twice the 
depth of the rock socket may extend above the rock 
to transfer load to the pipe. In this arrangement 
loading has been allowed as high as 0.35 fy (with fy 
taken as not greater than 241 in SI, MPa units or 
35,000 psi) on the pipe; 0.45 fc (up to 13.8 MPa-
2,000 psi) on concrete and 0.50 fy on protected 
steel in the core. 

Conical Points For Closed-End Pipe 

Pipe is most often installed with the bottom 
closed with a conical point or flat plate. Conical 
points are quite generally preferred. Flat plates 
may be used because they are cheaper. Pipe thicker 
than 3.1 mm (1/8 in.) is usually allowed working 
stress. Pipe with a wall thickness less than 4.7 mm 
(0.188 in.) generally must be driven with an inside 

.mandrel. Even the 4.7 mm (0.188 in.) wall requires 
special care; pipe 6.2 mm (0.25 in.) thick will 
withstand ordinary driving. 

Conical points push the soil aside, compressing 
rather than displacing it so maximum friction is 
quickly restored. They also distribute the load to 
the entire periphery of the pipe at obstructions and 
final bearing. The 60 degree configuration seems 
best for penetration and for resistance to damage. 
Flatter points on large diameter piles have been 
known to have difficulties. Outside-flanged points 
can be- beveled so attachment can be made without 
welding; swabbing on a little roofing tar will take 
care of severe water conditions. The inside-flange 
concial point requires welding as it is not practi­
cal to make it to the many inside dimensions of 
different wall thicknesses. Additionally, the pipe 
might split from hard driving over an inside flange. 

Fla·t plate closure on pipe piles is said to 
develop a cone ahead of the driving similar to the 
conical point. It has been found when testing piles 
that this compressed cone slowly spreads to the sur­
rounding soil and may permit continuing movement. 
This delays completion of a test and introduces 
questions about possible settlement of the structure . 

Splice Pipe Piles Without Welding 

Like H-piles, pipe can be economically adjusted 
to different lengths and unexpected conditions. cut­
offs can be salvaged for reuse. Pipe can be extend­
ed readily by adding sections. For butt welding 
the upper sections should have the contact end be­
veled for good penetration. (The driving end of 
the pipe should be left square for the hammer.) For 
welding, a spacer bar with break-off nibs is avail­
able for insertion in the pipe for back-up. 

A tapered outside splicer, with a square-ledge 
stop at the center, can be set on the driven length 
and the added length driven down into it. This 
swages the two ends tightly into the splicer bar to 
make a friction joint without welding. The same 
splicer device is available without taper for weld­
ing on the bottom section while in convenient hor­
izontal position. Driving can be done on the 
splicer. Another length of pipe can be set in and 
welded down-hand. This is especially useful where 
headroom for driving is small and several splices 
must be made adequate to resist uplift. The splicers 
also are useful for underpinning; here they are 
usually installed without welding as the jacking is 
axial on the square end of the pipe. 
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Corrugated Shells and Uncased Piles 

In recent years several mandrels have beendevel­
oped for installing uniform diameter corrugated 
shells for silling with concrete. Shells are made 
by several fabricators and generally are 12 to 18 
gage with 12 x 50 mm (~ x 2 in.) corrugations. They 
are welded or crimped watertight and have a pan or 
boot for end closure. 

Shells are pulled up over the mandrel which is 
then pneumatically, hydraulically or mechanically 
expanded to fit into the corrugations, Figure 9. 
This holds the shell firmly while driving is done 
and others make mandrels; most of these are available 
on a rental basis. Step-taper piles generally are 
driven with a non-expanding core, which drives by 
contact of shoulders at size changes of the shell-­
usually 2.4 to 3.6 m (8 to 12 ft). An enlarged 
precast concrete tip with a corruaged shell cast 
into its center and extended to lengths needed has 
proven effective in some soils, Figure 10. An 
earlier practice of driving a closed-end pipe man­
drel, filling it with concrete and withdrawing the 
pipe to leave an uncased shaft in the ground has 
been almost entirely replaced by augering a hole for 
the concrete. 

Timber Piles 

Timber piles are used for support 
of many structures and for waterfront 
needs. Clean-up of pollution in some 
harbors has made the waters hospitable 
to marine organisms that destroy piles. 
Structures in such harbors should be 
frequently examined to determine that 
support capacity continues adequate. 

The American Wood Preserves Assoc­
iation have been effective in increas­
ing the allowable loads and permissible 
stress on timber piles. Some engin­
eers feel this may have gone too far. 
Use of steel to provide end protection 
for wood piles is increasing. A "boot" 
that covers the full available area 
of the pile is substantially more ef­
fective than use of a point that re­
quires cutting is not symmetrically 
done. 

Most timber piles installed cur­
rently are creosote treated. Piles 
that will always be below a permanent 
water table, as for many bridge foun­
dations, can be untreated at a sub­
stantial savings. Sometimes untreated 

Figure 10 . Enlarged precast tapered 
tip. 
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Figure 9. 
Guild man­
drel. 
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timber may be used for a lower section of pile with 
cast-in-place concrete for the length above perman­
ent ground water. A casting is available for attach­
ment by welding to corrugated shell; barbs for 
driving into the top of a driven length of timber. 
A pipe mandrel is placed inside the shell for driv­
ing the timber to greater depth and drawing the shell 
down with it for filling with concrete. Similar 
connections are available for pipe or fluted steel 
lower ends with corrugated tops. 

Precast-Prestressed Piles Gain In Use 

Precast--and usually prestressed--piles are a 
growing foundation support material. They have 
their tip problems as well as splicing difficulties. 
Splices are avoided where possible. 

Big equipment makes it practical to cast and 
drive in up to 30 m (100 ft) lengths; piles may be 
substantially longer where they can be set in deep 
water. In New Orleans in the deep silts of the 
Mississippi River Delta 20 to 30 m (65 to 100 ft) 
lengths may be spliced to reach very deep bearing 
strata. Many means of splicing precast piles have 
been developed; all concerned with long precast 
piles keep striving for the perfect splice. 

Current practice is covered in a Prestressed 
Concrete Institute committee report "Recommended 
Practice for Design, Manufacture and Installation 
of Prestressed Concrete Piling." This appeared in 
the March-April 1977 Journal of the Prestressed 
Concrete Institute (150 N. Wacker Drive, Chicago, 
IL 60606) and is available as a 32 page reprint. 
Details of splicers and some comprehensive tests 
are in a reprint form the PCI Journal, No. 5 and 
6 in 1974. 

H-Stubs For West Coast Prestress 

A recent development with precast piling is use 
of H-pile extensions for penetration in difficult 
ground. The H provides a toe hold in rock encoun­
tered at a sharp angle to the pile axis as well as 
protection for the concrete end. With a cast steel 
point on the H-stub it has been practical to pene­
trate into boulder-filled glacial till at a dock for 
the new Trident, the world's largest submarine. For 
this Pacific Northwest installation 610 mm (24 in.) 
octagonal prestressed concrete piles had a HP 360 x 
152 (14 x 102) extension with cast steel point. 

Figure 11. For the home port of the Trident Sub­
marine on Puget Sound, H-stubs on 24 in. prestressed 
piles provided for driving into dense till. 

This could penetrate to develop needed uplift re­
sistance for piles more than 30 m (100 ft) long. 
The H was connected by welding to a plate that had 
ten No.11 bars 1.2 m (4 ft) long attached to the 
other side. The bars were slipped into the 370 mm 
(14~ in.) " center void of the 610 mm pile and grouted 
in. 

A nearby prQject for the Port of Vancouver, WA, 
on the Columbia River, utilized HP 360 x 132 (14 x 
89) attached to 460 mm (18 in.) octagonal prestressed 
piles, Figure 12. It was found that with a cast 
steel shoe an H-pile extension could penetrate very 
dense gravels of the Troutdale formation for 10 m 
(30 ft) to develop 40 tons resistance to uplift. 
Unprotected H-ends were damaged and could not be 
driven deeply into the till. (Ref. §_) 

Figure 12. Prestressed 18 in. octagonal pile with 
HP 360 x 132 (14 x 89) tip. 

8 # 10 Bars fe.i"m 
Strnnils and 
Spiral Omitted 

H Protection For Prestress In New York 

In New York harbor prestressed concrete is 
desirable to minimize corrosion in the exposed 
length. Rock slopes sharply so H-pile ends are 
needed to secure bearing and minimize breakage. On 
test piles for a proposed convention center HP 360 
x 174 (14 x 117) were cast 2.4 m (8 ft) up into 
610 mm (24 in.) square prestressed piles and extended 
a few feet beyond the end of the concrete. Needed 
lengths of H were attached as extensions to reach 
required depth. 

Hard driving on sloping rock damaged the end of 
unprotected piles. With a cast steel point a pile 
was driven without damage to 342 blows of a 8,300 
kg m (60,000 ft lb) hammer for 10 mm (3/8 in.) 
penetration in a futile attempt to reach a deeper 
rock line erroneously indicated on plans. Point, 
pile and hammer all withstood this terrific over­
driving. 

The Wave Equation 

By use of a differential equation that describes 
the mechanics of force transmission along an elastic 
rod (pile} that has been subjected to a mass having 
a specific initial velocity a Wave Equation has 
been developed. From this the energy transmission 
and the stress at any point along a pile being 
driving can be computed. This was first described 
by E.A. Smith, then Chief Mechanical Engineer of 
Raymond Concrete Pile Co. 

All Elements Are Considered 

In the wave analysis the propagation of the 
stress wave by a particular hammer operating under 
specific conditions is analyzed. This is done for 
each finite el8rnent of length. An almost infinite 



number of computations are required, made practical 
only by use of a computer. 

Elements considered in anaylsis include: the 
soil into which the pile is to be driven; the piles 
selected for consideration, their weight, stiffness 
and length (splices add another element as wave pro­
pagation through them changes); the hammers avail­
able, the weight of the ram and its impact velocity, 
plus the characteristics of the driving cap, cushion 
blocks and the like. 

The wave equation is the only method currently 
in use for determining the stress in a pile while it 
is being driven. This is a much greater stress than 
is developed under the static load of a structure. 

The wave theory is valuable in planning for 
installation of large heavy piles, especially in 
precast concrete. It is helpful in selecting the 
hammer-cap block-cushion combination that will be 
most effective in installing big piles. 

Wave Equation Has Limits 

The wave equation is a theoretical solution 
rather than the empirical solution of most pile 
formulas. It describes only the structural dynamics 
of soil, pile and hammer. It does not solve the 
associated soils mechanics problems or infallibly 
predict the length of pile. 

Like other foundation aids the wave equation 
will assist but cannot replace the judgment dev­
eloped from experience in the field of pile driving 
by engineers and contractors. 

Unsolved Problems 

The foundation field probably will always have 
unsolved problems. Design and construction move 
out into areas previously thought unusable. Heavier 
loads are put on longer piles to be driven under 
tougher conditions. Foundations always area 
challenge to more economical and dependable sol­
utions. No two sites are alike; even adjacent piles 
may be substantially different in driving character­
istics and resistance to hammer blows. There will 
always be a need for experienced and competent foun­
dation anaylists. 

Negative Friction 

Like the weather, everybody talks about downdrag 
or negative friction on piling, but no one has 
found a practical solution. It is recognized as a 
problem in many soils where consolidating clays will 
grip the bitumen has been placed on precast concrete 
piles. Handling piles with bitumen soft enough to 
alleviate friction is difficult and costly. An 

English contractor, who has installed such piles, 
has commented that on some work adding piles to 
carry the downdrag would have cost no more. It 
would have been less messy and perhaps more depen­
dable. Applying soft bitumen to H-piles is not 
known to have been done successfully. 

At Knoxville, Tennessee, fly-ash was used around 
HP 250 x 62 (10 x 42) in an attempt to prevent ad­
herence of the weight of 7 m (22 ft) of compacted 
fill above a compressible strata. The piles were 
coated with 3 mm (1/8 in.) of rather hard bituminous 
material. A 25 mm (1 in.) square bar 280 mm (11 in.) 
long was welded transversely across the outside of 
each flange of the 3 m (10 ft) above the tip of the 
15 m (50 ft) length to open a larger hold as the 
pile was driven. 

Specifications required that fly-ash be mounded 
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up around the H while driving so that it would fol­
low down along the pile. Fly-ash is a hard-burned, 
microscopic-size waste by-product of coal-fired 
power plants. It is non-absorptive--essentially 
small roller bearings. Fly-ash used amounted to 
10 mm (3/8 in.) of thickness around the length of 
the pile to which it was applied. There was no 
attempt to even-out its distribution. Funds were 
not available for testing to determine the value or 
amount of the fly-ash coating. Bentonite was con­
sidered for this application but the fly-ash was 
thought to be easier to handle on the job site. 

Pile Corrosion Is Spotty 

For piles driven into most ground and capped 
below the surface corrosion of steel is not a pro­
blem. But it -should always be a consideration where 
piles are exposed even in fresh water as alternate 
wetting and drying and sulphates speed deterioration. 
Bituminous coatings, preferably shop applied after 
cleaning to white metal, is effective if it can be 
kept on during handling and driving. 

Exposure in salt water and salt atmospheres fre­
quently causes rapid deterioration of steel. Tie 
rods holding sheet pile walls are especially vulner­
able. Extensive corrosion is often found in the 
tidal/splash zone. Butt welds deteriorate rapidly 
under some conditions, due to galvanic action. This 
has caused complete failure of support for some 
structures. 

Cathodic protection can be used to direct cor­
rosive forces to sacrificial anodes. For some areas 
it is essential. But it requires monthly inspection 
and maintenance; this can be expensive. Prestress­
ing concrete piles helps to close cracks and pre­
vents water getting to the steel to cause rusting 
and progressive spalling of the concre_te. 

Jacketing Can Be Effective 

Concrete jacketing of steel piles can be effect­
ive. If practical this should be carried to below 
the mud line. Galvanic action has been known to 
occur between steel in contact with concrete and 
steel at contact with water. 

American Seaport, February 1978 issue, reports 
that the Port of Los Angeles Testing Laboratory has 
developed a method of heat shrinking a 20 mil poly­
ethylene jacket around the circumference of a wood 
or other circular pile. There is other information. 
(Ref !._) 

Lessons From Exposed And Pulled Piles 

Soldier pile installation is of special interest 
to pile designers and installers. Where driving 
and subsequent excavation is to rock the ends of the 
piles may be exposed in situ. The strata and ob­
structions through which the pile is driven and the 
conditions of the end can be evaluated. Sheet pil­
ing also is often exposed full length inside a 
cofferdam. Pulled piles, extracted for test obser­
vation or for salvage and reuse, give an excellent 
indication of how all piles fare under similar con­
ditions. 

Design for bracing and tie-back systems for cof­
ferdams and excavations are beyond the scope of this 
paper. Sheet piling booklets of Bethlehem Steel 
Corp. and United States Steel Corp. have excellent 
design information. A reprint of a series of art­
icles from CONSTRUCTION METHODS AND EQUIPMENT on 
"How to Work with Sheet-Piles" is available from 
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L.B. Foster Co. and some sheet pile manufacturers. 

Piling Can Cost Less 

Piling can cost the owner less if he can be con­
vinced of a few simple facts from the start: 

1. It is his site--with its inherent problems. 
2. Adequate subsurface investigation pays off 

in more economical design, fewer on-site surprises. 
3. Test piles should be driven, tested and 

pulled in advance of final design and results util­
ized to plan and specify the least costly foundation. 

4. All information about the subsurface must be 
given prospective bidders. Witholding pertinent 
data that is known--or should have been known--can 
be a basis for a valid claim. 

5. The engineer, with the owner's knowledge-­
and particiaption, if possible--should discuss field 
conditions with a reputable local pile contractor in 
the early stages of design. 

6. Specify by name what is wanted. Detail 
acceptable alternates in preference or addition to 
"or equal". 

7. Do not try to make the contractor responsible 
for all the unknows of the owner's land or for re­
placement of piles that meet the specification and 
are installed as has been specified. 

8. If a site can be expected to have installa­
tion problems provide for them rather than wealing 
them to the contractor. A competent contractor will 
include enough in his proposal to cover unknowns that 
are not provided for in the bid dor.11m.ents . If there 
are no troubles, he has an unearned profit. An in­
experienced contractor may take a hopeful chance. 
If there are problems, he goes bankrupt; the bonding 
company dilly-dallys; the job is delayed; the engin­
eer contributes e xtra time and energy, and the owner 
pays. 

For jobs where pile driving may be a substantial 
part of the contract (perhaps not applicable to small 
bridges) two additional suggestions may be helpful: 

9. Provide separate payment for mobilization 
and moving out pile driving equipment. On a unit 
pile . length contract that overruns the contractor 
may be entitled to an excessive profit; it lengths 
substantially underrun, he will be seriously injured 
and will claim additional payment. The owner pays 
more. Paying separately for moving on and off keeps 
the unit price for driving low so inequity from 
length variation is minimized. 

10. Pile installation is one of the early act­
ivities. Construction above it may continue for a 
year or two until the last door is hung and painted. 
Provide in the contract for payment in full to the 
foundation contractor within a short time after that 
part of the work is satisfactorily completed. The 
general contractor will not have to listen to pleas 
for payment. The owner will get a better price if 
prompt, full payment can be planned for. 

1. G. Goble, K. Fricke, G.E. Likins, Jr., Driv­
ing Stresses in Concrete Piles, Prestressed Concrete 
Institute Journal, Jan-Feb 1976. 

2. T.D. Dismuke. Foundation Pile Tests for 
Sparrows Point Blast Furance. Preprint PILETALK 
Seminar, San Francisco, March 1977, pages 29-46, 
Associated Pile & Fitting Corp., Clifton, NJ 07014. 
Also, High Capacity Steel H. Piles, American Iron 
and Steel Institute; 1000 - 16th NW, Washington, 
DC 20036. 

3. Technical Report on H-Pilc~ Driven into Dol-

omite and Limestone for the Reading, Pennsylvania, 
Parking Authority. Bulletin HPP 752, Associated 
Pile & Fitting Corp., Clifton, NJ 07014. 

4. G.Goble, G. Likins and W. Teferra. Piles 
and Pile-Driving Hammer Performance for H-Piles 
Driven to Rock, 1978. Department of Civil Engineer­
ing, Case-Western University, Cleveland, OH 44106. 

5. Dr. Roger Slutter. Unpublished report, 1974, 
Lehigh University to Associated Pile & Fitting Corp. 

6. L. Radley Squier and H. Stanley· Kelsay. 
Composite Pile Solves Installation and Uplift Pro­
blems for New Wharf. Preprint PILETALK Seminar, 
Miami, March 1978, pages 115-124, Associated Pile & 
Fitting Corp., Clifton, NJ 07014. 

7. NBS Nomograph 127: National Bureau of Stand­
ards Papers on Underground Corrosion of Steel Piling 
1962-1971. Supt. of Documents, U.S. Government 
Printing Office, Washington, DC 20402. Roney A. 
Heinz. Protection of Piles: Wood, Concrete Steel. 
Civil Enginering--ASCE, December 1975, pages 59-64. 



A CRITICAL EXAMINATION OF THE WAVE EQUATION 

Frank Rausche, Goble and Associates, Inc., and 
G. G. Goble, University of Colorado 

A recent research project sponsored by the 
Federal Highway Administration produced a new 
wave equation computer program for the analysis 
of pile driving (\~EAP). While the primary pur­
pose of developing this program was to provide 
a better model for diesel hammers a number of 
other improvements were included and an exten­
sive correlation study with dynamic measure­
ments was made. This study together with the 
authors' extensive field experience pointed out 
several conditions where wave equation predic­
tions will be inaccurate and unreliable. In 
this paper the capabilities of the WEAP program 
will be compared with other commonly used pro­
grams. The various factors which can influence 
the accuracy of a wave equation analysis are 
considered, evaluated and discussed. The spe­
cific topics included are: pile model, soil 
model, hammer model, and static soil analysis. 

The application of the Wave Equation approach 
to the solution of a variety of pile driving pro­
blems has become more and more widespread. For ex­
ample, the authors have been involved, under a con­
tract with the Federal Highway Administration, in 
the development of a computer program called WEAP 
(Wave Equation Analysis of Pile Driving). They 
also presented a series of eleven seminars around 
the country as part of FHwA research implementation 
efforts. 

As a result of this work a large number of pro­
gram co pi es have been sent out and impl emerita ti on 
is proceeding in many State Departments of Trans­
portation and engineering consulting firms. This 
progress has the advantage of leading to a 111ore 
realistic preparation of pile driving projects; on 
the other hand, it may in some instances l ead to 
erroneous conclusions when the basic assumptions 
of the approach are violated by unusual or unantici­
pated circumstances. 

The Federal Highway Administration sponsored 
the development of WEAP in response to concerns 
voiced by wave equation users regarding unsatis­
factory results obtained from available programs 
when applied to diesel hammers. First, it was nec­
essary that the thermodynamic cycle be modeled in 
complete detail so that combustion chamber forces 
are determined. Second, since the stroke of a 

diesel hammer is dependent on the driving 
tance and the dynamics of the pile-hammer 
it must be determined during the analysis 
than being treated as an input quantity. 
program satisfies these needs. 

resis­
system 
rather 
The WEAP 

It is the purpose of this paper to discuss pro­
blems that can arise in wave equation analyses. 
Since many of these problems occur in cases involv­
ing high driving resistance, emphasis will be 
placed on that aspect of wave equation application. 

Basic Approach 

The wave equation method of solving the pile 
driving problem as devised by E.A.L. Smith in the 
1950's is relatively well known to most engineers 
involved in pile driving. It gives the designer a 
rational means of designing a pile for driving 
stresses; it provides a soil resistance versus blow 
count relation to be used for construction control 
purposes; and it allows a check on the feasibility 
of a hammer-pile system, given a certain profile. 

Wave equation analysis is usually conducted in 
the following manner: 

l. From a static soil analysis an ultimate 
capacity versus depth relation is established. 

2. For a particular depth the static resis­
tance distribution and the percentage of bottom 
resistance are determined and the total ultimate 
resistance, Rut• is found. Wave equation analysis 
will determine the blow count associated with Rut 
for the specified driving system. 

3. In general, additional analyses are also 
made for other possible Rut values and a curve, Rut 
versus blow count (the result of each individual 
analysis) is constructed. This curve is called a 
bearing graph and an example is shown in Figure 1. 

The bearing graph is usually the desired re­
sult as it indicates what capacity has been ob­
tained at a certain blow count or how the pile 
would drive in the given situation (blow count from 
soil resistance). The wave equation is not the 
only source of a bearing graph; for example, the 
Engineering News Formula or any other dynamic 
equation can be plotted in the same manner. 
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f1gure l. Bearing graph (capacity versus blow 
count) as constructed from individual wave equation 
anal ysis. 
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The analysis itself is carried out using a dis­
crete spring- mass model of the pile as shown in 
Figure 2. The pile is divided into segments, each 
two to at most, ten feet long. The pile accelera­
tions are computed from Newton's Second Law for a 
given set of forces at an element at a certain time. 

Figure 2. The Wave Equation representation of 
pile driving. A. The system to be analyzed. B. 
The Wave Equation mode1. C. The components of the 
soil resistance model. 
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The pile velocities and displacements are obtained 
by integration of the acceleration over a small 
time increment. The pile force s are in turn com­
puted from the segment displacements and the spring 
stiffnesses . The process is then repeated for a 
new time increment. More elaborate and accurate 
computational procedures are frequently used but 
they will not be discussed here in any further 
detail. 

Soil Model 

On each embedded pile segment a soil resistance 
force is acting during driving. This force is de­
pendent on the soil characteristics and is a com­
plex function of both pile and soil motion. A 
static soil analys is is performed and an ultimate 
static resistance, Ru, is obtained for each pile 
element. The sum of all Ru-values is, of course, 
the total pile bearing capacity, Rut· 

Smith's soil model distingui shes an ela stic 
and a plastic portion of soil behavior. It intro­
duces the "quake" as that di spl acement at wh ic h 
the elastic, stati c behavior becomes plastic, i . e. 
that pile displacement at which the ultimate re­
sistance, Ru, i s reached. In addition to the 
static resistance a dynamic resistance force is 
also modelled. It is treated as proportional to 
the pile element velocity. The soil resistance 
forces acting during driving are functions of 
element displacements and velocities. The charac­
teri s tics of these forces are shown in Figure 2. 
The parameters defining these forces must be pro­
vided by wave equation program users. 

Ha1T11Jer Model 

The wave equation hammer model can be more or 
less sophisticated depending on the particular com­
puter program used and on the type of hammer em­
ployed. If the program does not permit a realistic 
treatment of hammer operation it cannot be expected 
that consistent reliable results will be obtained. 
For the simplest hammer type, such as the drop or 
the single acting air/steam hammer, the ram is 
usually modelled as a single mass, striking a cap­
block that is modelled by a bilinear spring which 
in turn exerts forces on a helmet that strikes the 
pile, sometimes through a cushion. 

For diesel hammers, the WEAP program uses 
several elements to represent the more slender 
rams typical of these machines. An initial stroke 
is assumed, the ram is allowed to fall past the 
exhaust ports and impact on the anvil after going 
through the precompression phase. The combustion 
chamber pressures are calculated from the Gas Law 
and the effect of these pressures on impact velo­
city is included in the computation. The dynamic 
analysis is continued after impact until ram sep­
aration occurs on the upstroke. The ram motion is 
then computed including the effect of the combus­
tion chamber pressure and the rebound stroke is 
determined. If the rebound stroke is different 
than the starting stroke the computation is re­
peated until convergence. Thus, ram stroke is 
available as a function of blow count for use in 
construction control. The WEAP program is the 
only available program having this capability. 



Examples 

A few examples of problems that may be encoun­
tered when using the Wave Equation approach will be 
discussed here. It should be understood that these 
examples are unusual and should not be considered 
to be proof of a failure of the wave equation but 
rather an illustration of problems that can occur. 

l. The Pile Model 

. The lumped mass model, repre~enting the pile, 
is probably the most reliable portion of the wave 
equat~on i~e~lization. In the context of high 
capacity piling the assumption of elastic behavior 
should be ~xamined. The measured and computed 
cu:ve of pile top forces shown in Figure 3 were ob­
tained for an HP 10x42 pile driven by a Kobe K25 

Figure 3. Pile top forces and velocities both 
measured and computed by WEAP for a case where 
stresses exceed yield. 
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hammer to a hard limestone rock. The measurements 
were made using strain transducers attached to the 
pile web. Thus, when yield was reached a force was 
measured that was higher than actually occurred due 
to the assumption of a constant elastic modulus. 
The wave equation showed that the forces at the 
pile top were smaller since yielding and hence a 
reduction of the pile strength was not modelled. 

2. The Soil Model 

Among the various error sources inherent in the 
s~mplified .soil model used in wave equation analy­
sis those introduced by the assumption of linear 
elastic - ideal plastic behavior will be discussed. 
These error sources are of particular interest in 
hard driving. 

First consider differences in bearing graphs 
when the quake is changed from the usual 0.25 cm. 
( 0. 1 in. ) to. a 1 ow va 1 ue of 0. 1 O cm. ( O. 04 in. ) . 
The two.bearing graphs are shown in Figure 4. At 
a .capacity of.2670 kN (300 tons) the larger quake 
gives a 35% higher blow count. The errors intro­
duc~d are smaller when determining a capacity from 
a given blow count. If the goal is to estimate 
blow count at a particular depth the error is 

Figure 4. Bearing graphs from WEAP for two dif­
ferent quakes. 
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larger. This characteristic is illustrated in 
Figure 5 where the blow counts are plotted as a 
function of depth for a given Ru versus depth 

Figure 5. Blow counts versus depth from the two 
bearing graphs of Figure 4 via an assumed Ru versus 
depth relation. 
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relationship. Since the value of the quake is 
usually not accurately known and since the usual 
assumption of 0.25 cm. (0.1 in.) has only proven 
to give good predictions of capacity for "normal" 
cases, this factor should be considered when the 
analysis gives high blow counts or refusal. 

Another effect may lead to erroneous results in 
hard driving cases. This effect, resulting from 
the real non-linear behavior of the soil is of im­
port ance when the f i na 1 sets duri ng dr iving become 
very small; say less t han 0. 13 cm. {0.05 i n. ) or 
more tha n 790 blows per meter {240 blo~1s per foot ). 
In Figure 6 rea l force defo rma ti on curves are shown 
together wi t h t he wave equati on idea l izat ion. For 
these cases it i s seen that for Cases a and b t he 
idealization approximates the real curve quite 
well. For the other two cases the results will be 
poor . The idealized soil law would pr edi ct com­
plet e refusal (no permanen t set ) where act ua lly 
penetrat ions still occur. Thi s error source limi ts 
t~e appli cabi li ty of the wave equat ion approach 
s ince Ru becomes unkno~m for a high b 1 ow count. 
In fac t , at high blow counts higher capaci t ies t han 
t hose predicted by the wave equation are l i kely . 
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Figure 6. Nonlinear static soil resistance law -
real and idealized. 
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3. The Hammer Model 

Among the various quantities that describe the 
hammer model the efficiency is probably most impor­
tant for air/steam hammers. It is very well pos­
sible that errors are introduced into results due 
to an erroneous assumption of hammer energy and 
that these errors are initially thought to result 
from improper soil data. 

An example is given to illustrate this problem: 
A 13 meter (43 feet) long pipe pile was driven into 
coarse grained material that exhibited increasing 
strength with depth. The hammer was a Vulcan No. 1 
single acting air/steam hammer which is commonly 
thought to supply an energy that is independent of 
soil resistance. The final blow count was 157 
blows per meter (48 blows per foot). 

The soil resistance distribution was calculated 
by a static analysis and the total amount of skin 
friction was varied using 10, 30 and 70%. Corres­
pondingly three different bearing graphs were ob­
tained that differed from the load test by 9 to 
20%. The bearing graphs together with the stress­
blow count plots are shown in Figure 7. 

The conclusion that an erroneous amount of skin 
friction was primarily responsible for the differ­
ence between dynamic prediction and static capacity 
is not justified. Note the low magnitude of the 
measured dynamic stresses suggesting that the ham­
mer was not 80% efficient as assumed in the wave 
equation input. 

A second load test was performed on an almost 
identical, nearby pile which was driven to 236 
blows per meter (72 blows per foot). It indicates 
a better agreement of stresses and an underpredic­
ti?n. of static capacity. Measurements taken during 
dr1v1ng of both piles actually did indicate an in­
crease of hammer energy with blow count. 

Figure 7. Results from WEAP analyses and from 
load tests for a pipe pile driven into coarse 
grained soil. 
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Static Soil Analyses and Driveability 

It was shown that an uncertainty in the magni~ 
tude of the quake can result in a rather large 
error in the estimate of the number of blows neces­
sary to drive a pile. In that example of Figures 
4 and 5 it had been assumed that the static soil 
analysis was correct. 

Uncertainties in static formulas, however, were 
the reason why the wave equation approach was 
developed and accepted. Thus, a driveability study 
must always be considered with some suspicion since 
it depends on the ability to make an accurate 
static analysis. 

The next example demonstrates the rather dra­
matic effect of an unknown resistance force at the 
pile bottom. The example was taken from a drive~ 
ability study on an open ended conductor pipe 
driven into primarily sandy material. The pile had 
a drive shoe consisting of a portion of pipe hav­
ing increased wall thickness over the bottom two 
feet of pile. The pile shoe extended to the in­
side thus reducing the diameter of the soil enter­
ing the pile and the friction on the inside of the 
pile. Frequently this technique is unsuccessful 
and a plug may form that activates a soil resis­
tance equal to that of a closed end pile. In 
Figure 8, blow count versus depth curves are shown 
for the two cases. A drastic difference results. 



Figure 8. Ru versus depth and resulting blow count 
versus depth from WEAP analysis for an offshore con­
ductor pipe. 
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Experience with the WEAP program has shown that 
it can be an effective tool for evaluating pile 
driving systems. It is particularly useful in 
dealing with open end diesel hammers since the total 
thermo-mechanical system is modelled. 

Care must be used in applying ~I EAP or any 
other wave equation program in that errors in input 
parameters or cases 1•1here the model contained in 
the program i s not a proper representation of the 
real phys ical system can produce po.or results . Of 
particular concern are three problems: 

1. The program depends on a knowledge of ham­
mer efficiency and since it can vary from hammer to 
harruner it is unknown in advance. 

2. The soil resistance model of elastic-plastic 
spring and linear dashpot can produce poor results 
for high blow count driving. 

3. The inability to perform an accurate static 
soils analysis make driveability studies un­
reliable. 
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ECONOMICAL STRUCTURES FOR LOW-VOLUME ROADS 

Roy Tokerud, P.E., Federal Highway Administration 

Sharp increases in prices and a concurrent decline 
in highway revenues have forced a re-evaluation 
of highway projects, Most seriously affected are 
the old bridges since, unlike the rest of the 
highway, their life cannot be indefinitely ex­
tended by maintenance. A national bridge survey 
reveals that 105,000 bridges in the 1J.S. are 
structurally deficient and/or functionally obso­
lete and 72,000 of these are on roads that are 
not on the federal-aid system. The needs on our 
low-volume roadway system far exceed program 
funds available. The potential economies sug­
gested in this paper will hopefully lead to better 
utilization of the funds available. This paper 
investigates the economics of low-volume struc­
tures. It discusses the most economical bridge 
types being constructed in the Northwest. Al­
though, not primarily addressed to the hydraulics 
involved in stream crossings, the paper discusses 
some of the hydraulic considerations that should 
be made. Attention is directed to actual prac­
tice of agencies constructing bridges on low­
volume roads. The three principal structural 
materials of concrete, timber, and steel are 
discussed, Certain structural details are sug­
gested for economy, as well as structural types. 
The comments and recommendations contained in 
this paper are based on a survey made in the 
Northwestern United States. 

For many years our highway and bridge engineers 
have been well aware that this country has a major 
bridge problem which daily grows worse, particularly 
on our low-volume roads. Time has taken its toll, so 
we are now surrounded by large numbers of deteriora­
ted and dilapidated bridges. Fortunately, as the 
result of the widespread publicity given to the prob­
lem in the past few years, other people - from lay­
man to congressman - have finally been awakened to 
the seriousness of the situation. Congress is now 
recognizing this by increasing the funds for bridge 
replacement to the point where significant progress 
can be made in years ahead. The present amounts 
proposed vary from $450 million to $2 billion per 
year. This is a welcome contrast to the previous 
allocations which averaged only $120 million per 
year over the seven-year life of this program. Other 
improvements in the current bills before Congress 
would permit rehabilitation of existing bridges as 
well as replacement and, for the first time would 
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allow bridge replacement funds to be spent on both 
federal-aid and non-federal aid (off-system routes.) 
It is estimated that there are 33,500 deficient 
bridges on federal-aid routes and 72,000 on off­
system routes. Estimated replacement cost of these 
deficient bridges is in excess of $25 billion. 

The problem with old deficient bridges is most 
critical on low-volume roads because that is where 
the largest percentage of very old narrow bridges 
are found. Many of these old bridges on the back 
roads are collapsing, but we hear little or nothing 
about most of them. Unless the bridge is large or 
involves fatalities, it is considered just another 
"fact-of-life" occurrence. An example of one such 
collapse is shown in Figure 1. It has been estima­
ted that 200 bridges in the U.S. collapse every year. 

Figure 1. Collapsed log bridge in Oregon. 

In order to determine what was being done in the 
Northwest, questionnaires were sent to counties and 
other local jurisdictions in the States of Idaho, 
Oregon, and Washington, The total number of bridges 
built, over a three year period, by some 100 respond­
ing agencies was 790. Of these 72% were prestressed 
concrete, 15% were timber, 5% were steel, and 8% 
were other types including long span culverts. A 



further breakdown- of the prestressed concrete bridges 
showed 57% were slab or "rib deck", 39% were bulb 
tees, and 4% were box beams. 

Interestingly, the questionnaire revealed that, 
of the 790 bridges reported only 55% were contracted. 
The other 45% were built with the agencies' own 
forc~s. These numbers are misleading of the total 
picture though because the large bridges were con­
tracted and those built by day labor of ten involved 
contract purchases of beams and other components. 

The initial statement in this paper to the effect 
that the problem of old deteriorating bridges daily 
grows worse, needs clarification. While the state­
ment is true of a large number of counties and cities 
there are many others that are making good progress 
in replacing their old bridges. In an effort to get 
an indication of the progress being made we selected 
Washington State, since the County Road Administra­
tion Board (CRAB) in that State maintains good records 
of all county bridges including the number that are 
deficient and the number replaced each year, Although 
our previous survey indicated that most counties in 
Washington were making good progress replacing de­
ficient bridges, CRAB's bridge inventory records 
reveal some surprising statistics. The total number 
of bridges being maintained by the 39 counties in 
Washington is about 4100. In 1972, 514 of these were 
rated as structurally deficient. In the ensuing five 
years 443 of these deficient bridges were replaced. 
Simple arithmetic would indicate that few deficient 
br.idges remained. Yet in 1977, five years later, the 
CRAB tabulation shows that the number of structurally 
deficient bridges had increased by 26, to 540. This 
makes it appear as though they are losing ground but 
this is not necessarily true. While most of the in­
crease in the number of deficient bridges is undoubt­
~dly due to the continuing deterioration of the older 
;tructures, part of the increase can be attributed to 
an improved bridge inspection program and a more 
thorough rating analysis which has caused many older 
structures, that were previously considered adequate, 
to now be classified as deficient. 

Planning 

The first step in planning a bridge replacement 
program is to establish needs. Since the national 
bridge inspection program for federal-aid routes has 
now been in existence for several years, counties and 
other agencies should be aware of their needs on the 
federal-aid system. With the new highway bill includ­
ing funds for off-system bridges, the inspection pro­
gram will have to be extended to include all bridges 
and thus needs for the entire highway system will be 
established. Many counties, at least many of those 
surveyed in the Northwest, already have an inspection 
program covering all bridges and thus are well aware 
of their entire needs. Those who are not that for­
tunate should get going fast if they hope to get their 
share of the expanded bridge replacement funds. As 
the replacement program is planned, the first ques­
tion should be, how many of the old bridges can be 
replaced with culverts? If a commercially available 
size culvert up to 4.6 m (15 ft.) can handle the run­
off, an~ if drift is not a serious problem, the cul­
vert should save money and require minimum maintenance. 
Other advantages to culverts include: no bridge rails 
to run into head-on, no bridge icing, and no deck de­
terioration. Also, the culvert can carry heavier 
loads and the continuity of riding surface over a 
culvert eliminates the bump that is often found at 
bridge ends. For the larger sizes, with spans up to 
15 m (50 ft.), the culvert requires special site con­
ditions including adequate depth of embankment to 

215 

allow space for the structure plus some 1.5 m (5 ft.) 
of fill over the pipe, (Figure 2.) Over 600 of 
these larger culverts (termed long-span) have been 
installed in North America since 1960. They are be­
ing used as drainage structures and as grade separa­
tions. Six major companies are producing long-span 
culverts, Culverts can be constructed faster than 
most bridges and often at substantially less cost. 
When site conditions are right for these large cul­
verts careful study should be made to determine the 
relative merits of a culvert or bridge. Structure 
choice at these locations should be based on compara­
tive cost of construction and maintenance, risk of 
failure, risk of property damage, traffic· safety, 
fish passage requirements, and environmental and aes­
thetic considerations. At some sites the culvert 
seems to be an ideal structure from an environmental 
standpoint, In other locations, especially in urban 
areas, the openness of a bridge and the smaller 
right-of-way make it more desirable, 

Figure 2. -Horizontal arch-shaped culvert with 12 m 
(40 ft,) span. 

Although this paper is not primarily addressed to 
the hydraulics involved in stream crossings, this is 
an area which need~ more attention, Such items as 
skew angle, possible channel changes, streamlining 
of intermediate piers and bents to avoid excessive 
scouring and drift hang-up may require special study. 
Many of the major and costly engineering shortcomings 
over the years have been due to lack of proper con­
sideration for hydraulics. A hydraulic study should 
be conducted for those stream crossing where the 
primary problem is to pass floods of unusual magni­
tude and frequency, Crossings controlled by high 
grade lines or those over well-defined or diked 
channels often require little if any hydraulic study. 
A nutshell sketch of a hydraulic study where the 
problem is the determination of an adequate sized 
structure to pass estimated flood flows would include: 

1. A hydrologic analysis of stream flow data to 
establish the magnitude of the design flood, 

2. An evaluation of existing structures over the 
same river or stream. 

3. Identification and location of dwelling and 
other high-cost development. 

4. Documentation of past flood heights complete 
with location and dates, 

5. Hydraulic-sizing of the culvert or bridge so 
that watersurface elevations during flood flows are 
kept at acceptable levels. 

If funds are not available to build a structure 
which will carry the anticipated flood flow, there 
are other possibilities. A low level bridge can be 
built which will be overtopped during the higher 
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flows. When designing this type of structure special 
attention should be given to the PlevAtion of the 
structure, streamlining of the section, and type of 
anchorages. Since drift is supposed to pass over the 
top of low level bridges, it is advisable to omit the 
railing. Another possibility is to build the approach 
road low to serve as an overflow or build a portion 
of the fill with a sand core that will wash out when 
flooding becomes critical. 

Design Considerations 

Once the decision has been made to use a bridge 
with a certain waterway opening, the engineer has 
numerous choices. The bridge type may depend on how 
the construction is to be performed. If the con­
struction is to be done with in-house personnel, the 
bridge crew may be skilled and have equipment for only 
one type of construction. The responses to the ques­
tionnaire indicated that most bridge crews were expe­
rienced with timber construction; several used their 
own forces primarily on short-span concrete construc­
tion, and a few specialized in steel construction. 
When the construction is let to contract the above 
limitations do not apply and all logical bridge types 
should be considered. Span lengths and beam spacing 
need careful study during detail design. As a general 
rule, maximum economy is obtained by using the minimum 
number of beams without requiring excessive deck 
thickness. 

Fortunate are the counties that can afford an 
engineer on their staff who is knowledgeable about 
bridges. Even though he may not have time to do 
much design work, he would be available to make stud­
ies of needs and programs, deal with problems regard­
ing maintenance and repairs, evaluate foundation 
conditions and determine the most suita.ble and econom­
ical bridge types. For example there are many choices 
available in the type of abutment or end support for 
a bridge, The use of spill-through, half spill­
through, or retaining type abutment may significantly 
affect the cost. The abutment selected will influ­
ence the bridge length which in~turn may dictate the 
most logical superstructure "type. (Figure 3.) The 

Figure 3. Showing the effect abutment type has on 
bridge length. 
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spill-through type abutment is generally most econom­
i c al unless, for example, it requires the use of two 
spans instead of a single span. When pile bents are 
used the end bent piling can also serve to retain the 
fill by the addition of timber, steel or concrete 
planking bearing against the piles. The cheapest way 
to support a bridge end is to pour a concrete foot­
ing, or lay a sill on the ground or on a compacted 
embankment. The abutment is completed by the addi­
tion of a solid diaphragm belween the beams or a back 
wall above the footing or sill. If the bridge is in 
a remote area where concrete is not readily avail­
able and the ground will not support a sill, the 
weight of the bridge can be spread over a greater 
bearing area by supporting the sill on gabions, 
filled binwalls, or reinforced earth. When the struc­
ture is not too long, the abutment should be mono­
lithic with, or firmly secured to, the superstructure. 
This avoids the extra cost and maintenance involved 
with expansion devices. Monolithic abutment construc­
tion has been used successfully on many bridges up 
to 100 m (328 ft.) long. When retaining-type con­
crete abutments are used, the walls and wings can be 
precast to reduce construction time in the field. 
(Figure 4.) If poured-in-place concrete is used and 
the wings are not too long they can be cantilevered 
from the abutment wall. These are just a few items 
to be considered in the design to get the most eco­
nomical construction. 

Figure 4. Bridge on county road in Washington with 
precast abutment and wingwalls. 

Timber 

Approximately 40% of those responding to the ques­
tionnaire reported that they build some timber 
bridges. Some even build untreated timber bridges 
on extremely low-volume roads. Others use treated 
timber only for sills, bents, stringers, and headers 
and untreated timber for the decking and rails. In 
general untreated timber is unsuitable for bridge 
construction except for temporary structures or for 
foundation piling remaining permanently below the 
water table. Treated timber can and generally does 
give a long service life varying from 25 to 50 years. 
A few treated timber bridges have lasted only 10 to 
15 years which is obviously unsatisfactory. Such a 
short life must be due to careless erection or to 
the manner of construction whereby the effectiveness 
of treating is lost by drilling, cutting, and nail­
ing during construction. The principal factors con­
tributing to the life of treated timber are environ­
ment or location, exposure to the elements, type of 
treatment, and the care and manner in which the 



fabrication and erection are performed. Pressure 
treatment with oil borne preservatives is recommended 
for best results. 

In recent years there have been many improvements 
in the fabrication and erection of timber bridges 
which have made them both more competitive and more 
long lasting. Modular systems have been developed 
which consist of completely prefabricated members and 
require no cutting, drilling, or nailing after treat­
ment, All connections are made by bolts through pre­
drilled holes. The girders, felloe guard, and rail 
posts are all glu-lam members. Deck panels are also 
glu-lam in widths of 0.6, 0.9, and l'.2 m (2, 3, and 
4 ft.). Structures such as these have been built in 
the Northwest with spans up to 36.6 m (120 ft.) carry­
ing loadings heavier than HS20. (Figure 5.) 

Figure 5. Panelized timber bridge system. 
Assembly diagram. 
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A new concept in timber now being developed by 
Forest Products Laboratory is a process referred to 
as "Press-Lam". The system involves rotary cutting 
of logs into plies up to 1.2 cm thick. The veneers 
are glued together with all laminations placed verti­
cally to form a continuous sheet of wood which can 
then be ripped and cross-cut to the desired dimensions 
for stringers, deck panels, etc. The process involves 
less waste of material and scatters the defects better 
which produces higher structural quality from any 
given grade of log. To date, one small bridge in 
West Virginia has been constructed using press-lam 
members. The members were actually fabricated in the 
Forest Products Laboratory since the necessary manu­
facturing equipment is not currently available in 
industry. 

Some advantages of timbe~ or the conditions under 
which timber seems especially appropriat~ include the 
following: 

1. Timber is plentiful in many areas and is a 
resource that replaces itself and is more conserving 
of energy than concrete and steel. 

2. When used as friction piling, timber will 
generally be most economical, i.e., will furnish the 
highest bearing-to-cost ratio. When soil conditions 
are right it is possible to use high bearing values. 
On one recent Interstate project in Nevada, timber 
piles were designed for 64 t (70 tons). A word of 
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caution here, however, many treated timber piles have 
been damaged during handling and by over-driving so 
that the effectiveness of treatment is lost and the 
service life greatly reduced. 

3. When existing abutments and piers are to be 
reused, they may be able to support a superstructure 
dead load of timber but not concrete. Several old 
trusses have been replaced with glu-lam girders using 
existing abutments and piers. 

4. Glu-lam panels used for decking apparently 
are not affected by salts and therefore under some 
circumstances may be more durable than concrete decks. 

Concrete 

Cast-in-place concrete, for superstructure members 
of bridges on low-volume roads, has for the most part 
been replaced with precast, prestressed construction. 
Cast-in-place concrete, nevertheless, has certain ad­
vantages. Bridges with curves and flares can be built 
more readily with cast-in-place concrete. Also, for 
multiple spans, cast-in-place concrete lends itself 
to continuous design which contributes to smoother 
riding qualities. In general, however, the cast-in­
place bridge has become too expensive due to the on­
si te labor for falsework, forms, placing resteel, and 
pouring and finishing concrete. Another disadvantage 
of the case-in-place bridge is the extra time required 
for construction and the additional inspection. The 
fact that precast work requires less on-site field 
inspection should not be carried too far. We have 
seen some precast, prestressed structures which appar­
ently got little or no inspection and the result was 
poorly placed foundation, poor welded connections and­
improperly grouted keyways. 

For the low-cost, short-to-medium span rang~ 6 to 
40 m (20 to 130 ft.), prestressed concrete is by far 
the most commonly used bridge material on new con­
struction in the Northwest. In our survey of several 
Northwest prestress plants, we found that a large 
number of different forms and sections are being used. 
The standard bridge sections that were developed by 
AASHTO and PCI are well known and have been used ex­
tensively throughout the country. Theee standard 
sections were selected in the hope that they could 
be used for most precast, prestressed concrete con­
truction in all of the states. Their goal was only 
partially successful. Many prestress plants developed 
their own sections and have successfully promoted 
their use. Their objective has been to develop cheap­
er members and a total bridge system that requires 
the minimum material and field labor. Fortunately, 
these are not patented, so that any plant can get 
the forms and compete for the business. The most 
significant revision in these non-standard sections, 
and the one which is saving money on many jobs, is 
the precasting of an integral deck slab along with 
the beams (Figure 6.) With the standard AASHTO - PCI 
precast sections, the integral slab is obtained only 
with the use of slab or box sections. With non­
standard sections, integral decks are obtained with 
many different shapes. Some of the most common non­
standard shapes with integral decks being used in 
the Northwest are shown in Figures 7, 8, and 9. 

The use of integral decks on prestress tee beams 
was pioneered by Concrete Technology in Tacoma, Wash­
ington in the early 1950's. A few of these structures 
are now 25 years old and are giving good service. As 
their general use spread, other prestress plants fol­
lowed suit and went on to develop other bridge sec­
tions such as the double-tees, channels, and rib 
deck. The double tees and channels are more stable 
than single tees during handling and placing and 
consequently are being selected by some contractors. 
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Figure 6. Prestressed single tee with integral deck 
being plc::.ced. The end and intermediat e JlatJl1ragm8 
on this 15 m (50 ft.) span are also integral with the 
beam. The material stacked on top of the beam in­
cludes rail posts and rail members. 

On the other hand, they require heavier handling 
equipment. The four-stem rib deck section shown in 
Figure 7, has been very popular for several years in 
areas where they have been produced. About a year 
ago a prestress plant in Yakima, Washington introduced 
a larger rib deck section with three stems (not shown). 
It varies in d epth from 0.5 m (18 in.) to 0.6 m 
(24 in.) and in width from 1.2 m (4 ft.) to 1.8 m 
(6 ft.). Their economic span ranges from 12 m to 18 m 
(40 to 60 ft.). The efficient rib deck shape requires 
less material and is lighter to handle than solid or 
voided slabs. When bid as an alternate it is being 
selected by contractors in preference to slab units. 
The survey showed that only a few bridges were being 
constructed with the box beam section shown in Fig­
ure 7. This is as it should be bec~use the box shape 
is inherently less efficient than the tees and 
channels. 

Figure 7. Miscellaneous prestressed shapes . 
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Figure 8. Prestressed single and bulb tee with 
integral deck. 
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Figure 9, Prestressed double tees and channels. 
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Some counties are getting maximum economy by 
using sections without a ny overtopping or extra wear­
ing surface. When this is done it is important that 
the beams end up with the same camber. One plant 
obtains closer camber control by applying partial 
prestressing initially and then following-up with 
appropriate post-tensioning a couple of weeks later. 
Another company has devised a system of jacking beams 
up or down after erection and then tying them together 
by welding tie bars to insert plates on adjacent pre­
cast diaphragms. Many counties prefer to place a 
bituminous wearing surface over the deck, and when 
this is done the matter of unequal camber is not so 
critical. 

Some other developments in the precast, prestress 
business include tilting flange forms on tee beams 
which allows roadway crown to be built into the pre­
cast member. Also, some prestress plants are now 
renting precast slabs and beams to contractors for 
use on detours and other temporary structures. 

Steel bridges are also being built on low-volume 
roads; however, relatively few have been constructed 
in the Northwest in the past few years due to their 
higher cost. A few counties in the Northwest have 
been using their own forces to build all-steel 
bridges - mainly over irrigation canals with spans 
of 5 to 7 m (16 to 24 ft.). These are supported on 
wide-flange sills resting on the ground or on steel 
pile bents. Steel bridge plank is used for the end 
bulkhead and extended out as necessary to serve as 
wing walls. The deck consists of steel plank welded 
or bolted to the wide-flange stringers and overlaid 
with a bituminous wearing surface. 

Until recently several counties in the Northwest 
were constructing a prefabricated steel "package" 
consisting of welded beams, decking, wheelguards, 
railing, and bracing. They came in span lengths of 
6 to 24 m (20 to 80 ft.). Over 200 of these were 
built in the past several years. Average construc­
tion time of a single span bridge, including pile 
driving, was reported to be 12 days. One of these 
steel structures in Idaho is shown in Figure 10. 

Figure 10. Steel "package" bridge with 24 m (80 ft.) 
span in Latah County, Idaho, 

.... 

Douglas County in Oregon has had an ambitious and 
unusual steel bridge replacement program for many 
years. For their longer girder spans, from 18 to 
24 m (60 to 80 ft.), they fabricated castellated 
beams (Figure 11). Over the years they have built 
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up expertise in welding and steel fabrication within 
their own bridge crews. They report that economical 
steel structures are being obtained by careful plan­
ning and scheduling of steel fabrication to take 
advantage of any otherwise slack periods. 

Some well-known details of steel construction 
that result in economies, but are overlooked by some 
designers and fabricators, include: 

1. Keep details as simple as possible. 
2, Use automatie welding wherever possible. 
3. Place stiffeners on one side only or stagger 

them, or omit them by using rolled beams or by thick­
ening the webs of welded girders. This suggestion 
is intended only for moderate span lengths up to 40 m 
(130 ft.). 

4. Use elastomeric bearing pads or, on spans up 
to about 20 m (65 ft,), use the cheaper milled fiber/ 
rubber bearing pads. 

5. Use weathering steel if available, particu­
larly in wet climates, to avoid cost of frequent 
painting. 

Figure 11. Bridge in Douglas County, Oregon with 
castellated steel beams . 

Contracting Methods 

Many agencies are using their own forces to build 
smaller bridges. Since they must have bridge crews 
to do maintenance work, the crews can be used to 
advantage on new construction during otherwise slack 
times. Competitive bidding in these cases is used 
only for purchase of materials. Substantial savings 
can be had if bids are taken on carload lots, or on 
a large number of bridge components at one time, 
Some counties we surveyed preplan and budget their 
funds so they can contract for a year's supply of 
prestressed units at one time. As their designs are 
finalized, they retain the privilege of revising the 
number of various lengths and specifying the skew 
angle, if any, that is desired. This permits the 
prestress plant to schedule their work more advan­
tageously and therefore bid lower than they would on 
smaller quantities. As a variation of the above a 
few counties contract for the furnishing and erection 
of prestress units and use their own forces for the 
substructure work and for shear key grouting and 
rail installation. 

When construction is fully contracted the conven­
tional method is to take bids on a single design. 
This will yield the most economical structure provid­
ing the designer has made the best selection. When 
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a number of small bridges are to be constructed in 
one area, significant savings can be realized by 
letting several bridges in one contract. 

Some agencies take bids on alternate designs 
from time to time. While this requires more engineer­
ing, it helps establish better comparative costs. 
One county surveyed has on two occasions taken alter­
nate bids on a prestressed beam design versus long­
span culverts. In both instances the successful 
contractor bid low on the culvert. Some other bid­
ders did not see it that way. In any event the bids 
were close. 

Some counties are using the "design and construct" 
type contract which is sometimes referred to as the 
"open competitive" contract. This conforms approxi­
mately to what industry calls the "turnkey" system 
and is similar to the European design competition 
contracts. The county engineer determines the struc­
tural and hydraulic requirements and specifies the 
gradeline, clearance requirements, roadway width 
and general design criteria. Caution must be used 
with thi s type of contracting as it places the burden 
on the agency engineer to evaluate the bid proposals 
to determine whether they are in compliance with the 
plans and specifications and will provide the desired 
end product. The principal advantage to this open 
competition contract is that it encourages maximum 
innovation and economy by the engineer, supplier, 
and contractor working as a team. 

Geometrics 

The main geometric consideration for bridges on 
low-volume roads is the bridge width. The widths re­
ported by questionnaire respondents varied all the 
way from 6 to 13 m (20 to 44 ft.) for two-lane bridges . 
The 6 m (20 ft.) width is not considered satisfactory 
except when it is located on a road serving only a 
few families and there is little prospect of the 
traffic increasing in the future. In farming areas 
the width may have to be a minimum of 7 m (24 ft.) 
to accommodate farm machines. The upper limit of 
13 m (44 ft.) width would include full shoulders and 
obviously would not be on a low-volume road. The 
most common widths reported on new construction were 
8 to 10 m (26 to 32 ft.). A few counties reported 
they were building 4 to 5 m (12 to 16 ft.) single­
lane bridges on extremely low-volume roads. 

It is desirable to leave the bridge width flex­
ible until the design stage is reached. Often it is 
possible to add some width at little extra cost. 
For example, if an 8 m (26 ft.) minimum width is 
desired and this width would require 5 beams for a 
particular span length, it may be that 5 beams would 
also be adequate for a 9 m (30 ft.) width. If so, 
the extra width could be obtained for relatively 
little cost. On the other hand, if the wider road­
way required an extra beam, the additional cost would 
be substantial. Several comparative cost studies 
have been made of various bridge widths. In general 
the extra width can be obtained for much less cost 
per square foot than the overall bridge cost, s i nce 
many bridge costs inc luding overhead, mobilizat i on, 
and railing, remain the same regardless of width. 

Most counties follow state standards which are 
similar to those in AASHTO pub l ication "Geometr i c 
Design Guide for Lo cal Roads and Streets." Our 
office made a study of bridge widths and came-up with 
suggestions for new construction. These are shown 
in Table 1. 

Table 1. Suggested bridge width guide. 

Traffic Volume (Current ADT) 

Over 250 to 50 to Under 
Speed km/h 750 750 250 50 

>80 12 11 10 9 
50 to 80 11 10 9 8 
<50 10 9 8 7 

Miscellaneous 

1. Curbs are expensive and most often unnecessary. 
The decks on bridges with open rails keep cleaner of 
snow and debris when no curbs are used. 

2. Railings on low-volume bridges may logically 
be less substantial than those on high-volume roads. 
Most of the counties responding to the questionnaire 
were using steel beam rails with posts spaced at 
1.9 m (6 ft. 3 in.) centers. Other rails included 
timber, steel tubes with posts spaced at 2.4 to 3.7 m 
(8 to 12 ft.) and a few were using the "New Jersey" 
safety rail, The concrete safety rail with its 
heavweight (dead load) is hardly necessary or suit­
able for low cost bridges on low-volume roads. While 
many of the rails being used were substandard by 
AASHTO criteria, they may well be satisfactory for 
low-volume roads depending on traffic volume, high­
way alignment and bridge widths. 

3. Simple details and realistic specifications 
that can be met using economical and preferably local 
materials should be used. As an example, elastomeric 
neoprene bearing pads or the cheaper milled fiber/ 
rubber pads can be used in lieu of more expensive 
metal assemblies. 

4. Several studies have been made over the years 
to establish the extra cost to design for HS20 in­
stead of HS15. The difference in cost is nominal, 
vary.ing from 2% or less for most bridges up to a 
maximum of about 4%. With this small difference it 
is advisable to use HS20 for all except the very low­
volume roads. 

5. Foundation designs should be conservative 
particularly for bridges crossing bad streams. A 
little extra expense on the foundation may save the 
structure when the next flood comes. 

6. Concrete piles should be cast with a "jet" 
hole in the center in case jet ting is required to 
drive them. 

7. For the larger structures, the possibility of 
using drilled shafts in lieu of the more conventional 
substructure with pile or spread footings should be 
investigated. 

Conclusions and Recommendations 

With today's rising prices and declining revenues, 
the engineer has a challenge to arrive at the most 
economical bridge system. It appears that, regard­
less of material used or bridge type selected, maxi­
mum economy will be obtained by prefabricating as 
many bridge components as possible in order to re­
duce on-site labor cusLs. 

The principal economies suggested are intended to 
be within acceptable geometric, design, and safety 
standards. It was considered inappropriate to sug­
gest building in structures as weak links on low­
volume roads and thereby furthering substandard 
design on a system that is in need of substantial 
upgrading. 



Some specific recommendations to keep in mind 
when planning and designing structures on low-volume 
roads include the following: 

1. Develop a long-range structure replacement 
program based on findings of a continuing bridge in­
spection program. 

2. Make adequate preliminary studies. 
3. Preferably have a bridge engineer on your 

staff; otherwise seek the services of a consultant or 
another qualified engineer. 

4. Evaluate contract procedures and use one that 
gives you the best opportunity to save money. 

5. Ensure that specifications and special provi­
sions are complete to avoid costly construction claims. 

6. Consider replacing bridges with culverts when 
conditions are right, and particularly when commonly 
used sizes will handle the runoff. 

7. Use spill-through abutments as they generally 
will be most economical. 

8. Use bridge types requiring minimum on-site 
labor. 

9. For bridge lengths of 25 m (85 ft.) or under, 
consider the use of single spans. They present the 
minimum obstruction to the waterway and may also be 
most economical. 

10. For long structures over flood plains, con­
sider using span lengths of 15 to 30 m (SO to 100 ft.) 
as they often will be more economical than shorter 
spans depending upon bridge height and type of inter­
mediate bents or piers. 

Considering the current price situation in the 
Northwest the most economical bridge type on low­
volume roads is precast, prestressed concrete with 
integrally cast decks. Average cost of these struc­
tures in the Northwest (Alaska excluded) ranges from 
$22 to $28 per square foot. Most counties that con­
struct bridges by both in-house personnel and contract 
report that they get lower prices using the in-house 
method since the bridge crew can work on new construc­
tion when they are not otherwise occupied with main­
tenance work. On the other hand, several counties 
that previously used their own forces on new construc­
tion now report that all such work is done by contract . 
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SYSTEMS CONSTRUCTION TECHNIQUES FOR SHORT-SPAN CONCRETE BRIDGES 

Michael M. Sprinkel, Virginia Highway and Transportation Research Council 

Systems construction techniques have recently 
been used in the widening and replacement of 
numerous substandard or deteriorated short-span 
bridges in Virginia. The techniques involve the 
mass production of precast concrete components 
to one or more standard dimensions. Standard 
designs have been used for precast slab super­
structures in the 3.1 - 9.1 m (10-30 ft.) span 
range, and for precast, prestressed single 
T-bearns in the 9.1 - 20.1 m (30-66 ft.) span 
range. A modular precast parapet has been de­
veloped to accommodate all span lengths. Other 
modular concrete components that have been used 
include the channel beam, box beam, I-beam, and 
permanent bridge deck form. Evaluations have 
shown that the use of these mass produced com­
ponents can minimize bridge costs; the same 
forms can be used many times and costly on-site 
forming and form removal are eliminated. Also 
investigations have shown that the use of pre­
cast components enables a reduction in on-site 
construction time that provides motor vehicle 
fuel savings for construction personnel and the 
traveling public. The experience in Virginia 
suggests that systems construction is an eco­
nomical and operationally efficient method for 
widening or replacing short-span bridges. 

Systems bridge construction may be defined as 
the on-site assembly of bridge components mass pro­
duced at an off-site plant to one or more standard 
dimensions. Decause systems techc1iquetJ have been 
used successfully in other industries to reduce 
costs by improving production efficiency, it is rea­
sonable to expect that the same techniques could be 
applied successfully to bridge construction. When 
compared with conventional bridge construction tech­
niques, systems techniques should improve construc­
tion efficiency because the same forms can be used 
for numerous bridges; fabrication can proceed in a 
systematic manner; fabrication can often proceed in 
bad weather, because protection from the elements 
is usually re-adily available; fewer man-hours are 
required for travel to and from the bridge site; 
and the cost of concrete is usually less, since the 
concreting operations are more centralized and haul 
distances are generally shorter. Also, since the 
systems techniques allow most of the bridge construc­
tion to take place at an off-site plant, the ap-
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pearance and condition of the bridge site is re­
stored in a short time; inconvenience to the motor­
ist is lessened; motor vehicle fuel is conserved be­
cause there are fewer work trips to the bridge site, 
and fewer delays due to traffic detours and closed 
roadways; and working conditions are improved, as a 
majority of the work time is spent in the conven­
ience and safety of the fabrication plant. Finally, 
it is anticipated that systems construction tech­
niques will provide for a reduction in maintenance 
costs since high quality concrete is generally more 
readily attained in a fabricating plant than at a 
bridge site. Recent developments in concrete tech­
nology which may enhance the quality of bridge 
decks, such as vacuum dewatering, superplasticizers, 
wax beads, and polymer impregnation, may be more 
easily applied to modular components at the fabri­
cation plant than to a large bridge deck at the 
bridge site. 

Systems bridge construction techniques have been 
implemented in Virginia after some six years of 
joint efforts by many individuals, organizations, 
and committees. The Research Advisory Committee for 
Industrialized Construction, a committee made up of 
individuals from the Virginia Department of Highways 
and Transportation, the Virginia Highway and Trans­
portation Research Council, and private industry, 
supported the basic concepts and recommended action 
by the Virginia Department of Highways and Trans­
portation. Through the coordination of the Port­
land Cement Association, the Virginia Prestress 
Concrete Association cooperated with bridge con­
tractors in Virginia to provide the Department with 
ciesigns or bridge systems which could be competi­
tively fabricated and erected in Virginia. The 
Bridge Division of the Department provided input to 
the systems design concept and supplied the final 
design details for the structures. The Research 
Council is monitoring the implementation of each 
bridge system. 

The modular components that have been used suc­
cessfully in Virginia, and which are discussed in 
detail in this paper, are a precast slab, which is 
used for 3.1 - 9.1 m (10-30 ft.) bridge spans; a 
precast, prestressed concrete single T-beam used 
for 9.1 - 20.1 m (30-66 ft.) bridge spans and a pre­
cast concrete parapet that is an option on almost 
all bridge spans. Other modular components include 
a channel beam, box beam, I-beam, and stay-in-place 
bridge deck form. 



1'recast S.le.b .Brid.ges 

For more than two years maintenance forces in the 
Virginia Department of Highways and Transportation 
have been using a systems construction technique to 
upgrade deteriorated and inadequate short-span 
bridges. The systems technique involves the fabrica­
tion of nUJilerous precast concrete s l abs in standard 
1.2 m (4 ft.) widths and various lengths and skews 
using one set of forms. The slabs are cast at a 
district casting yard and stored until the substruc­
ture of the bridge on which they are to be used is 
properly prepared. They are then hauled to the 
bridge site and installed in a very short time. The 
modular precast slab members have been successfully 
used to widen concrete slab superstructures (Figure 
1) and to replace substandard steel stringer-timber 
deck (SS-TD) superstructures (Figure 2). 

A solid concrete s l ab is probably the easiest 
precast modular component to fabricate. A satisfac­
tory casting bed is very simple to prepare and a 
systems casting operation is easily impl emented. 
Three men wo rked about two weeks in preparing one of 
the first casting beds to be used by maintenance 
forces in Virginia. The bed was made from railroad 
ties, 5 cm (2 in.) thick timbers, exterior plywood, 
and miscellaneous hardware. It is 1.2 m (4 ft.) wide 
and 24.4 m (80 ft.) long (Figure 3).(;IJ The sides 
may be raised or lowered to produce slabs of various 
depths. 

Slabs can be fabricated during the winter when 
there usually is a surplus of construction manpower. 
The precast slabs can be more economically heated and 
protected during curing than can site-cast slab 
superstructures. 

Procedures for providing a rail with precast slab 
superstructures include casting a few large rein­
forcing bars into the exterior slabs to provide an­
chorage for the parapet, with the remainder of the 
parapet steel and all the concrete being placed at 
the bridge site; casting all the parapet steel and 
threaded metal inserts for anchoring the parapet 
forms into the exterior slabs; or precasting a con­
crete curb on the exterior slabs and bolting guard­
rail to the outside of the curb. A parapet is not 
precast on the exterior slabs because the combined 
weight of the parapet and slab would cause handling 
problems, but separately precast parapets can be 
satisfactorily connected to the exterior slabs at the 
bridge site. 

In a typical widening and replacement project on 
a secondary road in Virginia, seven modular slabs can 
be placed and connected in one work day, and usually 
the road is closed for only a few minutes. A traffic 
detour usually is eliminated. 

Shear transfer between adjacent slabs is provided 
by using a field weld to connect transverse rein­
forcing bars in the keyways, or by tensioning 
threaded metal rods placed through the slabs in the 
transverse direction. Cement mortar is used to grout 
the keyways between adjacent slabs. 

Whereas precast slabs can be placed to widen a 
bridge in a few hours, a considerable amount of con­
struction time at the bridge site is necessary to 
widen a bridge with site cast (SC) concrete. The 
falsework and forming and the placing of the concrete 
must be done at the site and in the presence of traf­
fic. A lot of time is lost each day mobilizing the 
men, equipment, and materials. 

As reflected by Table 1, a study of the opera­
tions in which maintenance forces widened and re­
placed 10 bridges in Virginia revealed that the pre­
cast slab superstructures were about 25% cheaper than 
the conventional alternative SS-TD and SC concrete 
superstructures. (~) Also the precast slabs reduced 
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Figure 1. Precast slabs used to widen bridge . 

Figure 2. Precast slabs replace substandard steel 
stringer-timber deck superstructure. 

Figure 3. Wood casting bed . 

1· 1. 2 m (4.0 ft./·1 
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Table 1. Costs, man-hours, and travel required for precast slab construction as 
compared to SC concrete und SS~TD construction. 

Item Percentage of Item Required for Precast Slabs 

Site-Cast Concrete = 100% 

Labor 63 
78 Ul Equipment 

+' 
107 Ul Materials 0 

(.) 

Total 77 
rn 

22 8 In travel 0 
13 ..c: At-site I 

61 § Total :;;: 

26 r-1 Fuel consumed QJ 

~ Labor cost 21 
57 H Equipment cost E-l 

on-site construction time by about 80%, which sig­
nificantly benefits the motorist. Since precast 
slab construction requires fewer trips to the bridge 
site, less fuel, about 65% less according to the 
study,,is required for moving the men and equipment. 

The precast slabs fabricated by state forces are 
more economical than the conventional alternatives, 
primarily because of the turnkey concept. State 
forces design, fabricate, and construct the precast 
slab superstructures. Slabs designed by the state, 
fabricated by a subcontractor, and erected by a 
prime contractor may not be as economical as re­
ported here. With adequate communication between 
the three parties the precast slabs should prove to 
be economical when advertised on a competitive basis. 
From a cost to society viewpoint, the precast slabs 
will be economical because they reduce delays and 
inconvenience to the motorist, conserve fuel in 
travel to and from the bridge site, and provide ef­
ficient use of manpower, equipment, and materials. 

Precast, Prestressed Single Tee-Beam 

The precast, prestressed concrete single T-beam 
provides for efficient bridge construction for nu­
merous reasons. The shape of the member is particu­
larly suitable for use in systems construction in 
that by maintaining a constant stem width of 0.3 m 
(1 ft.) and a flange width of about 1.2 m (4 ft.), 
only the bottom pallet and end bulkheads of a form 
have to be adjusted to provide economical beams for 
spans between 9.1 m (30 ft.) and 20.1 m (66 ft.)long 
as shown by Figure 4.(J) Since the flanges of the 
T-beams serve as the lower half of the bridge deck, 
in one step, which takes only a few hours, the con­
tractor can advance from the bridge seat stage of 
construction to the forms-in-place stage (see Figure 
5). Major deck forming is eliminated. Because of 
the reduced volume of SC concrete required, more 
extensive use of high quality concrete mixes that 
enhance durability may be reasonably justified for 
the 10.2 cm (4 in.) composite overlay. Usually a 
local prestressor will fabricate the single T-beams 
for a bridge and store them until the contractor 
completes the substructure. A lowboy is used to 
transport the beams, one or two per trip, to the job 
site. During 1976 and 1977, nine T-beam bridges 

Steel Stringer-Timber Deck 100% 

114 
115 

40 

69 

42 
24 

113 

51 
38 

117 

Figure 4. Systems T-beam shape. (1 ft. 
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were competitively advertised and constructed. In 
general the T-beam superstructures were about 10% 
cheaper than the conventional alternative steel­
stringer SC concrete deck superstructures. 

Figure 6 shows the construction sequence data for 
a typical 4-span precast, prestressed single T-beam 
bridge.(.!±_) Working with a bridge crew of two to four 
men, the contractor erected, connected, and overlaid 
the T-beams in the 4-span bridge in roughly four 
weeks. A 4 x 104 kg (45-ton) truck crane and four 
men erected the eight 10.7 m (35 ft.) T-beams for 
each span in several hours. Another three days per 
span were required to form and cast the concrete dia­
phragms and to grout the keyways between the beams 
(see Figure 7). The side forms were prepared, the 
reinforcing steel positioned, and the concrete 
placed to provide a 10.2 cm (4 in.) overlay in 
another day and a half. 

The amount of site time required to construct a 
concrete bridge superstructure is the sum of the 
times required to prepare the formwork, place the 
steel and concrete, strip the form work, and obtain 
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cylinders with the design strengths. None of these 
four activities can be completely eliminated unless 
all SC concrete is completely eliminated. The pre­
cast, prestressed single T-beam design reduces site 
time by eliminating most of the forming and form re­
moval usually required for conventional SC bridge 
decks and beams. But when the diaphragms are formed 
and cast at the site, an overlay cannot be placed 
until the diaphragm concrete has attained 75% of its 
design strength, which usually takes from three to 
seven days. Additional spans cannot be overlaid un­
til the concrete in the adjacent overlays has 
reached 50% of its design strength, which takes from 
two to three days. If the backwall is used to sup­
port the screed, it also must have attained 50% of 
its design strength. A bridge cannot be opened to 
traffic until all the concrete in the superstructure 
has attained its 28-day design strength. The T-beam 
design reduces site labor considerably, but reduces 
site time only marginally when compared with more 
conventional types of construction. 

Figure 6. Construction sequence data for Dickenson County bridge. (1 psi 6.894 Pa) 
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Figure 7. Nonshrinking cement paste is placed be­
tween adjacent T-beams. 

Site time for a single T-bridge could be reduced 
if less SC concrete or high early strength SC con­
crete were used in the structure. For example, the 
use of precast concrete or steel diaphragms would 
reduce site labor time by three days , strength de­
velopment time from three to seven days, and total 
site time from six to ten days per span . Forming 
for the overlay could begin the same day that the 
T-beams are placed and the diaphragms connected. 
The use of precast backwalls would allow the con­
tractor to screed off the backwall and begin grad­
ing operations immediately after the backwall is 
positioned. Conceivably all the precast pieces 
could be placed and connected in one day, the over­
lay could be placed in another day, and grading 
operations could be completed on a third day. How­
ever, until the overlay develops 85% of its design 
strength, the parapets cannot be placed; and until 
the overlay develops 100% of its design strength, 
the bridge cannot be opened to traffic. Only when 
the single T-f lange is designed to provide the full­
deck thickness can one hope to open a single T­
superstructure to traffi c after one work day. A 
single T-bridge requiring no SC concrete will likely 
require transverse posttensioning for load distribu­
tion, longitudinal posttensioning to accommodate 
differential camber, and a waterproof membrane and 
bituminous wearing surface to protect the concrete. 

Precast Parapets 

Since placing the forms for conventional SC con­
crete parapets can be a costly and time-consuming 
job, precast parapets have been used with all of the 
T-bridges built in Virginia, and on many other 
bridges. The parapet lends itself ideally to a 
systems concept as it has a constant shape suitable 
for mass duplication (Figure 8) and is used in suf­
ficient volume statewide to make precasting econom­
ical. The standard 2 .4 m (8 ft.) long precast para­
pets are fabricated upside down to help el iminate 
honeycombing. 

With the aid of a light truck crane, three men 
can place and connect the 1.8 x 103 kg (2 ton) para­
pet sections on a three-span structure in two or 
three days. The parapets m.ay be set in cement mor­
tar spread on top of the deck or they may be set on 
temporary wooden shims (Figure 9). The parapets 
may be anchored to the bridge deck in several ways, 

Figure 8 . Modular precast parapets . 

Figure 9. Modular precast parapets positioned on 
shims prior to being anchored in place with grout. 

but thus far all the contractors have chosen to make 
the connection with threaded metal rods which screw 
into inserts precast into the deck and extend up­
ward through voids cast into the parapet (Figure 
10). (~,.z) Cement mortar is used to grout the voids 
and anchor the parapet. From the results of a pull­
out test conducted in the laboratory, it was con­
cluded that the spacing of approved inserts on 
0.6 m (2.0 ft.) centers anchors the precast parapet 
sufficiently t o satisfy AASHTO rail specifications. 

Figure 10. Connection detail for precast parapet. 



Further Considerations 

Quality control and efficiency at the fabrica­
tion plant are probably the most essential ingredi­
ents for the successful construction of a modular or 
prefab structure. Precast components will fit to­
gether satisfactorily in the field only if they are 
cast to close tolerances. Since the major portion 
of a modular construction project takes place in the 
factory, the major portion of the supervision and 
inspection also must take place there. Fabrication 
errors that are not detected at the plant can be 
very costly and time-consuming to remedy in the 
field. Precast components cast in a good set of 
forms and under close supervision will fit together 
quickly and securely in the field and will provide a 
structure that is far more economical and of superi­
or quality to one built with more conventional con­
struction techniques. 

Systems bridge construction has been initiated 
in Virginia with an emphasis on bridge superstruc­
tures. Since 50% to 80% of total bridge construc­
tion time is involved with the substructure, it is 
believed that considerable savings in time and re­
lated costs can be achieved by specifying precast 
substructure components where their application can 
contribute to speed off construction. A contractor 
who has a large cran£ on hand to install superstruc­
ture elements should be able to efficiently and 
economically erect substructure components. Sub­
structure systems are being considered at this time, 
but a prototype has not yet been designed in 
Virginia. 

Conclusions 

Evalua~ions of the systems construction tech­
niques have shown that concrete bridge components 
mass produced in off-site fabrication plants can be 
used to minimize bridge costs; the same forms can be 
used many times and costly on-site forming and form 
removal are eliminated. Also investigations have 
shown that the erection of precast components en­
ables a reduction in on-site construction time that 
provides motor vehicle fuel savings for construction 
personnel. Fuel savings for the traveling public 
are implied, since detours and traffic congestion 
are minimized and at times eliminated. The greatest 
benefits are found in remote areas where haul dis­
tances for ready-mix concrete are excessive and in 
highly congested urban areas where many motorists 
are inconvenienced by detours, delays, and traffic 
congestion accompanying the widening or replacement 
of a bridge. Recent experience and ongoing research 
indicate that systems bridge construction will have 
a significant role in Virginia's bridge replacement 
program. Since transportation officials have esti­
mated that there are over 100,000 short-span bridges 
in the U. S. that need to be upgraded, it is en­
visioned that systems bridge construction will have 
national application in the years ahead. 
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BEHAVIOR OF AIASKAN NATIVE LOG STRINGER BRIDGES 

W. W. Sanders, Iowa State University 
F. W, Muchmore and R. L. Tuomi, U.S. Forest Service 

For many years, native log stringer bridges 
have served as the primary bridging system for 
the Alaska forest transportation network. They 
are constructed from Sitka spruce or western 
hemlock logs, placed side by side and decked 
with blast rock, all locally available materials. 
These bridges have served for ten years or more, 
and have been economical as well (average cost 
$54/sq m, or $5/sq ft). Inspection and load 
rating as required by the national bridge inspec­
tion standards raised questions about wheel-load 
distribution and physical strength properties 
of the bridges. The procedures used in their 
analysis were based on limited information and 
the evaluations were, at best, approximate. 
This applied particularly to the load distribu­
tion criteria. A research program was under­
taken to obtain the information necessary to 
provide more realistic rating information. This 
research program included four phases: 

1. Strength evaluations of full size logs, 
2. Load distribution te's ts of four "in-service" 
bridges (spans 11.6 - 28.0 m; 38-92 ft), 
3. Laboratory tests of models of typical 
bridges, and 
4. Analytical evaluation of bridge test data 
and development of revised load distribution 
criteria. 

The field and laboratory test results supported 
the analytical findings of better distribution 
than that of current design. The strength tests 
provided current data on the ultimate bending 
strength of Sitka spruce and western hemlock 
logs. The final result of the study are 
revised design criteria which show that 
significantly higher loads can be allowed 
than are permitted under current criteria. 

Within the last 20 years, several thousand 
bridges have been built with native logs in the 
southeast regions of Alaska (Figure 1), This 
effort is part of the development of the National 
Forest Transportation system on the islands of the 
Alexander Archipelago in the Southeast Alaska Pan­
handle. 

Bridges were needed to span streams, and an 
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Figure 1. Native log stringer bridge in southeast 
Alaska: Span--28 m (92 ft); Capacity--72.5 Mg (80 
tons). 

abundance of high-quality Sitka spruce logs, up to 
1.52 m (5 ft) in diameter, was available locally, 
Therefore, it proved economically advantageous to 
build the bridges from these native materials. 
With trees cut in the proximity of the bridge site, 
the cost of constructing these bridges was only about 
$54.00 per sq m ($5.00 per sq ft). 

Typically, logs are not sawn into timbers and 
planks, but are placed butt-to-tip on log crib abut­
ments and tied together with cables (Figure 2). 
Blast rock is then placed on the logs and bladed to 
provide a running surface. Brow logs are placed at 
the sides of the bridge to serve as curbs and guard­
rails. Although this may seem primitive, the several 
hundred bridges of this type currently in use func­
tion quite adequately for up to ten years or more. 
Some of the bridges are quite impressive, with clear 
spans approaching 30 m (100 ft), and carry off­
highway logging trucks with gross vehicle weights 
exceeding 90 Mg (100 tons), 



Figure 2. Log crib abutments and bottomside of 
log stringer superstructure. 

Bridge Safe ty 

As a consequence of the "Silver Bridge" disaster 
in 1967, Congress included a provision in the Federal 
Aid Highway Act of 1968 which required the Secretary 
of Transportation to establish national bridge in­
spection and load rating standards. Those bridges 
not meeting the loading criteria must be posted for 
allowable loads accordingly. 

Unfortunately, the current knowledge of log 
stringer bridge analysis and design (1) is limited. 
Little is known about the bending strength or ex­
pected life of large-diameter logs. The recommended 
allowable design stresses are based on procedures 
developed for poles and piles" The manner in which 
wheel loads are distributed between stringers is not 
well understood. 

Inspecting and load-rating existing bridges by 
current procedures indicated that many log stringer 
bridges are being seriously overloaded. In a number 
of instances, the calculated allowable load is much 
less than the weight of logging trucks which have 
regularly been using these bridges for several 
years. It is apparent that new and reliable 
deiign information is needed to properly ana~yze 
log stringer bridges. 

Coopera t ive Re search l'rogi:am 

To obtain the needed information on the perfor­
mance of log stringer bridges, the Uo S. Forest 
Service-Alaska Region (Region 10) and the U.S. 
Forest Products Laboratory (FPL) conducted wheel­
load distribution tests on existing bridges, and 
strength evaluations on both used and green Sitka 
spruce and green western hemlock logs. 

The field test data for load distribution analy­
sis were then analyzed by the Engineering Research 
Institute of Iowa State University (ISU) under a 
cooperative agreement with the Forest Products 
Laboratory. Using this data, ISU developed analyti­
cal procedures to study a wide range of variables 
affecting load distribution that cover all types of 
log stringer bridges. The results were confirmed 
by scale-model tests conducted in the ISU laboratory. 

The final result of the study are recommenda-
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tions for new allowable log stresses and load dis­
tribution criteria that will more accurately predict 
the behavior of the bridges. This paper summarizes 
the studies indicated above. 

Fie l d Test of J..og Stringers ( 2,) 

The testing took place at Thorne Bay on Prince 
of Wales Island. Twenty-five green Sitka spruce 
logs, 15 green western hemlock logs, and 28 used 
Sitka spruce logs were tested to destruction in the 
field test facility. These are the common species 
for log stringer bridges, with Sitka spruce being 
used almost exclusively. The logs for the individual 
stringer tests were representative of the logs used 
in existing logging operations in the 16-million-acre 
Tongass National Forest. Log quality was determined 
by standard design requirements (1). Lengths ranged 
from 14.3 to 26.2 m (47 to 86 ft), with diameters 
of up to 1.47 m (4.8 ft) at the butt end. 

The test facility (Figure 3) consisted of a hold­
down anchor, support cribs, and a loading system. 
Sixteen rock anchors, capable of resisting 900 kN 
(200,000 lbf), were installed. Two movable support 
cribs (adjusted for log length) were built by cross­
stacking large logs to a height of about 4.9 m (16 ft) 
above ground. Loads were applied by cable through 
two quadruple sheave blocks to increase the force by 
about 8 to 1. The strongest green log held up a 
load in excess of 530 kN (120,000 lbf) before it 
broke. The green western hemlock logs frequently 
broke explosively, scattering some of the loading 
apparatus about the site. Green Sitka spruce logs, 
on the other hand, failed gradually and stayed up 
on the supports. However, a few of the old, used 
spruce logs shattered upon failure. 

Figure 3. Test set-up (with log in position) 
for bending tests. 

The current procedure for determining allowable 
bending stress in logs is contained in ASTM D-2899 
(3) •. With this procedure, a statistical point esti­
m;te of minimum strength is established which 95 per­
cent of the population should exceed. It is based 
on the modulus of rupture of small clear wood 
specimens with appropriate adjustments for growth, 
shape, variability, etc, The field tests confirmed 
that this procedure is reasonably accurate. 

The log strength properties for green logs are 
summarized in Table 1. The frequency distributions 
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Table 1. Log strength properties. 

Number 
of 

Source Specimens Average 
MP a 

Western 

False Island 4 33.0 

Zaremba Island 4 31. 9 

Prince of Wales Island _]_ 32.1 

All hemlock 15 32.3 

Sitka 

False Is land 8 31. 3 

Zaremba Island 6 29.9 

Prince of Wales Island ll 31. 9 

All spruce 25 31. 2 

al MPa = 145 lbs /in.2 

are skewed somewhat to the right and are best repre­
sented by log normal distributions which are common 
for wood. One-sided tolerance limits for the two 
species at different confidence levels are presented 
in Figures 4a and 4b. The current design levels are 
also shown. 

The bridge engineer must decide upon the combi­
nation of safety and economics that is appropriate 
for his design. The breaking strengths shown are 
generally multiplied by a factor of 0.62 to obtain 
ten-year duration of load stresses. This is quite 
conservative, since most bridges are under full 
design load for only a very short time during their 
service life. 

Modulus of rupture values for Sitka spruce logs 
after 12 years of service were calculated by two 
methods. The first method was based on the section 
modulus of the full log diameter, and produced an 
average strength of 24.0 MPa (3.48' ksi). The second 
method subtracted peripheral decay from the gross 
area to estimate the net sound section. The average 
modulus of rupture of the sound material was 33.2 
MPa (4.82 ksi), essentially the same as for fresh 
logs. 

J..oad Tests o f Actual Bridges (Staae.y Creek) (4) 

Four bridges with clear spans ranging from 11.6 
to 28.1 m (38 to 92 ft) were selected for the wheel­
load distribution tests. The bridges, located on 
Prince of Wales Island, were loaded with a large off­
highway gravel truck with a gross vehicle weight of 
39,000 kg (87,000 lb) (Figure 5). Centerline deflec­
tions of each stringer and each brow log were record­
ed for nine different truck positions. The maximum 
deflection on the 28 m-span (92 ft) bridge was only 
33 mm (0.11 ft). There was significant deflection 
in the brow logs, indicating that they were contri­
buting structurally to the performance of the bridges. 

Modulus of Ruf!ture 
Standard Coefficient 
Deviation of variation Maximum Minimum 

MP a % MP a MP a 

Hemlock 

4.8 14.4 39.4 28.0 

4.4 13.9 37.9 27.6 

~ 21. 2 40.2 21. 9 

5.4 16.7 40.2 21. 9 

S];>ruce 

3.7 12.0 39.0 28 .1 

4.1 13. 6 35.0 23.6 

1..:.1. 22.8 47.4 20.8 

5.5 17. 6 47 .4 20.8 

A plan view and cross-section of a typical log 
bridge are shown in Figures 6 and 7. Typical deflec­
tion data for the two positions of loading (concen-

Figure 4a. Short-term breaking strength of western 
hemlock logs for various tolerance limits and con­
fidence levels. 
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Figure 4b. Short-term breaking strength of Sitka 
spruce logs for various tolerance limits and con­
fidence levels. 

~---------------. 4.0 

25 
3.5 

"' c.. 
:::E 

z ~ 

I- .... 
Ill Cl .:.I. z 

LLJ 3.0~ co: z I- 20 I-V) 
t!l 

Cl z: 
LLJ z co: ...... 
I-~ --c.:- --- Vl ci:: 

LLJ 
2.5 ~ co: 

co 0.75 ~ CURRENT DES I GN 
LEVEL 0.90 ~ 

LIJ 

15 (SHORT TERM) 0.95 co 

0.99 2.0 

50 70 80 90 95 98 99 99.8 99.99 
60 75 85 99. 5 99. 9 

TOLERANCE LIMITS (PERCENT) 

tric and eccentric) are shown in Figure 8 for the 
truck at midspan. The deflections give an indica­
tion of the load distribut i on, although adjustments 
are requir ed due to variations in log diameters. 

The results of three of the bridges were used 
to determine the validity of the analytical proce­
dures used to develop the overall behavior of a wide 

231 

Figure 5, Load test truck (39,000 kg; 87,000 lbs) 
on bridge. 

range of log stringer bridges. The fourth bridge 
failed during testing. 

Analytical I nvestigation of Dri dges 

In this portion of the investigation analytical 
techniques were used to study the load distribution 
charac teristics exhibited by the bridges in the 
field. The investigation proceded in two parts. 
First, after a method of theoretical analysis was 
selected, a means of comparing the load distribu­
tions from field tests on the Staney Creek bridges 
and theoretical load distributions of these same 
bridges were developed. The second part was the 

Figure 6. Plan view of 22 m (72 ft) West Fork 
Staney Creek Bridge. 

t ABUTMENT LOGS-----~ 

' 
LEGEND 

- - - - - - - -==-=-=-=-=-"'-=-:-;;;:t=--------===----_ ......... _____ ~-~----- - - --=' _ ,,.______ 
- BROW CABLES 
-- STRINGER CABLES 

<J TRUCK CENTROID* 

l m = 3. 28 ft 



232 

Figure 7. Cross - section o f 22 m (72 ft) West Fork 
Stane y r.reek Bridee at midspan~ 
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investigation of theoretical load distributions for 
a range of variable that encompassed the majority 
of bridges found in Alaska today. 

The articulated plate theory (i) was chosen for 
the analytical investigation, as it is better suited 

Figure 8. Deflection diagram for 22 m (72 ft) 
bridge with test truck at midspan. 
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to log bridges because load distribution between 
stringers is primarily accomplished by friction be­
tween logs. This type of behavior indicates a load 
distribution through shear rather than bending; 
thus, the selection of the articulated plate theory 
seemed appropriate. The basic assumption in the 
theory is that only shear is transferred between 
bridge elements. 

The basic comparison between theory and field 
data is the moment coefficient per foot of log, 1),_pL" 
It is the ratio between the moment per foot of brioge 
width in the log to the average moment per foot of 
bridge width. To compare theoretical load distribu­
tion with the load distribution from field tests, a 
suitable parametic relationship for use in articu­
lated plate theory was developed. It was shown Ci) 
that the most important cross-section parameter in 
the determination of transverse wheel load distribu­
tion is ¢, which is approximately 

w 
i.s i (1) 

where W = effective bridge width, m (width of bridge 
plus diameter of brow logs) and L = length of span, 
m. 

The values of KMPL for the stringers in the 
Staney Creek bridges were computed from deflection 
data received from the field tests. ~PL values in 
stringer due to all nine load cases were computed 
for all three Staney Creek bridges. The midspan 
load cases were of particular interest because the 
theoretical analysis only considered bridges with 
midspan loadings. After the values of KMPL had been 
computed from the field test deflection data, 
th~oretical values for ~L in the stringers of the 
same bridges were calculated using articulated plate 
theory. Typical load distributions from the Staney 
Creek field test of the 22 m (72 ft) bridge and the 
computer analysis using articulated plate theory 
with ¢ = 1.5 W/L are shown in Figure 9. 

Comparison of the load distributions curves for 
the load cases shows that the theoretical analysis 
favorably models the actual field test results. Not 
only do the curves follow the same shape in each 
load case, but the maximum values of ~PL for the 
theoretical and field test analysis are nearly equal 
and occur in about the same locations in both analy-



Figure 9. Comparison of KMPL from theory and from 
field bridge tests, 22 m (72 ft) Staney Creek Bridge. 
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sis. This relationship was typical of all cases 
studied. 

Upon verification of the validity of the theore­
tical analysis, load distributions were generated 
for the broad spectrum of bridges. Because the 
theoretical load distribution in a bridge was based 
on length and width of the bridge, it was necessary 
to determine sizes of actual Alaska log bridges. 
Based upon the results of a field inspection (~), 
the range of stringer sizes, number of stringers, 
bridge spans, rock depths, and log configurations 
were obtained, It was found that the typical 
bridge had a width of about 4.6 m (15 ft) and a 
span of 9.1-15.2 m (30-50 ft), and had 8-10 stringers 
with brow logs. 

Using this data, upper and lower bounds were set 
in width and length of bridges. These bounds set the 
limits of ¢ (Eq. 1) from 0,25 to 2.50, with a typical 
value of 0, 75. 

After determination of the range of sizes of the 
field bridges in Alaska, theoretical load distribu­
tions for bridges within the range were developed. 
The initial study was limited to bridges without 
brow logs. The effect of brow logs was determined 
later. 

Computation of these distributions was done using 
an articulated plate theory computer program. How­
ever, instead of using the field truck loading used 
in generation of theoretical load distribution curves 
for the Staney Creek bridges, standard loads (unity) 
were used as the concentrated loads. This standard 
load computer program (from articulated plate theory) 
was then used to generate concentric and eccentric 
load distribution curves for a broad spectrum of 
bridges. Typical eccentric and concentric load dis­
tributions are shown in Figure 10. 

Figure 10. Distribution curves for typical log 
stringer bridges. 
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Experimental Investiga t~on of Mode l Bridges 

The experimental investigation of bridges was 
needed to supplement test data provided by the 
Forest Service (6) so that confirmation of general 
design criteria could be obtained, Comparison of 
the results from the field test data and the com­
puter analysis proved favorable, but experimental 
work was needed before generalizations on the 
nature of load distribution in stringers, including 
the effect of brow logs, could be made. The experi­
mental work consisted of tests of laboratory model 
bridges. 

The model bridges were constructed of 7.6 m (25 
ft) utility poles with diameters ranging 20.3-26.7 
cm (8-10.5 in,), as shown in Figure 11. The bridges 
were either at a scale of 1:5 or 1:4, depending on 
the log diameter in comparison to the span length 
being modeled. Over 25 model bridges were tested. 
The significant parameters were the width of the 
bridge and addition of brow and/or stabilizer (trans­
v~rse) logs (Figure 12), 

The objectives of the experimental investigation 
were twofold. The first was to gain additional load 
distribution data to supplement the information pro­
vided by the field bridge tests. These additional 
data were needed to verify the assumptions made in 
the theoretical load distribution study, 

The second objective was to isolate the effect 
of brow logs and stabilizer logs on load distribu­
tion. By the systematic addition and removal of 
brow logs and stabilizer logs to test bridges of a 
given length and width combination, their effect on 
load distribution was determined, 

A comparison of the lab test, field test, and 
theoretical load distribution is shown in Figure 13. 
The lab test distribution is taken from calculations 
based on the diameter and deflection of the stringers 
(Figure 12) in the model bridge. The theoretical 
distribution is found by using the standard load 
program with width and number of logs of the model 
bridge as input. The field test distribution is 
taken from articulated plate analysis of the Staney 
Creek bridge, All three curves are approximately 
the same shape, and the peak percentages of load 
carried by a stringer in each bridge are close. The 
peak theoretical and field percentages of total load 
in a stringer are 18.8 percent and 17.5 percent, 
respectively, which is a difference of 7 percent. 
The experimental lab test peak percentage of load 
in a stringer is slightly higher at 21.5 percent, 
Comparing all three distributions, the peak per­
centage of total load in a bridge stringer is 
about 20 percent. 

After comparing the distribution curves (includ-
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Figure 11. Laboratory model test bridge ready for 
test. 

Figure 13. Comparison of theoretical, field test 
and model test load distribution for 22 m (72 ft) 
Staney Creek Bridge. 

20 

c 
<( 
0 
_J 

__, 
15 <("" 

f-"' o<.0 
f- ~ 
"-"" 0 f-

"' "' <.Oz 
<- 10 f-
z 

"' u 

"" ~ 

l'lJDEL BRIDGE 

LENGTH = 4.4 m 
ROADWAY WIDTH = l • 3 m 

CONCENTRIC LOADS 

STRINGER NUPf!ER 

PROTOTYPE BRIDGE. 

LENGTH = 22 m 
ROADWAY WIDTH = 6.3 m 

l m = 3.28 ft. 

8 l 0 11 

ing Figure 13) for the model bridges, it was seen 
that the first objective in the experimental inves­
tigation had been accomplished, i,e,, that the load 
distributions obtained in the lab tests had consis­
tently matched load distributions from field testing 
and the theoretical study. Thus, the theoretical 
results previously outlined could not only be con­
sidered valid for bridges similar to those field 
tested, but also for the entire range of Alaskan 
bridges as typified by the model bridges. The model 
bridges also showed the effect of the brow logs and 

Figure 12. View showing stabilizer log and deflec­
tion dials. 

stabilizer logs on load distribution. Reductions 
in the maximum percentage of load in the critical 
stringer decreased from about S to 15 percent with 
the addition of brows. Reductions of the percentage 
of load carried by the critical stringer in the 
model bridges due to the addition of a stabilizer 
log ranged from 6 to 27 percent. 

Brow logs do much more for a bridge than merely 
act as a guardr ai 1. It was shown that the brow logs 
are an essential structural entity of a bridge, 
since they can decrease the amount of load carried 
by the critical stringer by an average of 10 percent. 
Stabilizer logs can also play a role in load distribu­
tion. By placing a midspan stabilizer on a bridge, 
the stiffness of the bridge is increased, which can 
decrease the amount of load taken by the critical 
stringer by about ten percent. However, for the 
stabilizer to distribute the load across the width 
of the bridge, it is important that the stabilizer 
logs make contact with all stringers. In reality, 
this is difficult, thus making their practical use 
very questionable. 

Formulation of Load Distribution Criteria 

After completion of the analytical and experi­
mental investigation of load distribution, the final 
phase of the ISU study was to incorporate the find­
ings of the two investigations into a new rating 
criteria. The analytical investigation had shown 
that the behavior of the field bridges in Alaska (£) 
could be theoretically explained using a modified 
form of articulated plate theory. Once the load 
distribution in the Staney Creek bridges had been 
verified, a series of theoretical load distribution 
curves were produced to predict the behavior of a 
range of bridges commonly in use. The experimental 
investigation provided additional laboratory tests 
to supplement the actual field tests done in Alaska, 
and helped justify the assumptions made in the 
theoretical investigation, 

The final step of the analytical investigation 
was to produce a set of theoretical load distribu­
tion curves for the range of bridges used in Alaska, 
The maximum values of ~PL for the range of bridge 
sizes were compiled for both concentric and eccen­
tric load cases. For cases with realistic configu­
rations, these values are plotted in Figure 14. 
The plot relates the distribution factor, ~PL/W,to 



the bridge span. It should be noted that this plot 
is for bridges without brow logs. 

A least squares fit for the data relating the 
distribution factor with span is also shown in 
Figure 14. This data is being analyzed and will be 
developed into tabular form so that the engineer can 
readily determine the final design or rating factor 
for any bridge to be studied. This final factor 
will consider the effects of variables such as 
workmanship and variations in log properties. 

Figure 14. ~PL vs. L for bridges without brow logs. 
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The maximum vehicle moment per log (ML) can then 
be computed from 

M = l)u,L M d 
L W v 

(2) 

where M is the maximum applied vehicle moment, d is 
the dia~eter of log (m) being rated. 

The effect of brow logs has been shown to reduce 
the maximum moment coefficient as much as 10 percent. 
This method results in an average stringer moment of 
about 22 percent of the total truck moment, as com­
pared to 30 percent in the current design and rating 
criteria (1). Since the dead load in most bridges 
is relatively low, the use of the revised criteria 
could result in an increase in rated capacities of 
about 30 percent. 

Summary 

This paper presents a summary of the results of 
a three-part study of Alaskan log stringer bridges. 
The investigations included the load testing of 
actual logs to determine ultimate bending stress, 
field load testing of four log stringer bridges to 
obtain experimental distribution of live load, and 
a comprehensive analytical and laboratory model test 
study of load distribution with the development of 
a proposed revision to the current load distribution 
criteria (l). 

The results of the project are more accurate 
ultimate bending stresses for log stringers and a 
more realistic load distribution criteria for rating 
of bridges. These results will be used to develop 
revisions to the current design and rating procedures 
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(1) for Alaskan native log stringer bridges and will 
b; considered by the U.S. Forest Service. 
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TRANSVERSE POST-TENSIONING OF LONGITUDINALLY LAMINATED TIMBER BRIDGE DECKS 

R.J. Taylor and P.F. Csagoly, Ontario Ministry of Transportation and Communications 

Longitudinally, nail-laminated timber bridge 
decks are used extensively in northern Canada, 
where the cold and dry climate discourages the 
activities of fungi and termites. The load­
carrying capacity of these structures is 
dependent upon their ability to effectively 
distribute wheel loads among the laminates; 
this being a function of the friction and the 
holding power of the nails. Due to overloads, 
volumetric changes and environmental effects, 
the holding power tends to diminish resulting 
in a subsequent reduction in the load-carrying 
capacity of the bridge. Construction of these 
nail-laminated systems involves extensive 
labour, since thousands of nails have to be 
driven into hundreds of laminates. Quality 
control is quite difficult as it requires 
continuous supervision to ensure that all the 
nails are properly placed and driven. This 
report describes the application of transverse 
post-tensioning to an existing longitudinally 
nail-laminated timber deck structure in Ontario . 
This 3-span continuous bridge portrayed the 
delaminating problem, and as such, presented 
an appropriate test site for a post-tensioning 
system. Load testing was done before and after 
post-tensioning to determine its effects on 
the structure's response. An evaluation of the 
test results indicated that the structure's 
load-carrying capacity was increased by at 
least 100%. Transverse post-tensioning, in 
effect, replaces the need for nailing and 
hence reduces the labour required for con­
struction. Quality control extends only to 
ensuring that adequate post-tensioning forces 
exist to provide the friction necessary for 
load distribution, allowing for anticipated 
losses due to creep. This confined deck system 
exhibits better resistance to the 'environment, 
as it eliminates the penetration of foreign 
materials between the laminations. 

The Ontario Ministry of Transportation and 
Communications is conducting an ongoing load 
testing program, in which a varying number of 
bridges are analyzed and tested each year. The 
primary objective of the program is to establish 
a safe load-carrying capacity, while increasing 
knowledge of the behaviour of bridges under load . 
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Prior to the start of a load testing season, an 
inspection is undertaken to determine which 
structures would most benefit from load testing. It 
is during these inspections that many inherent 
problems related to specific structural designs 
become apparent. One such problem concerns the 
delamination of Longitudinally Nail-Laminated 
Timber Deck structures (L.N.L.). 

Since the L.N.L. system depends extensively on 
its ability to distribute wheel loads transversely, 
delamination of the system can cause a severe 
reduction in the capacity of the structure. In some 
instances, where some of the nails no longer 
perform their function, the capacity of the struc­
ture rests upon those laminates directly under the 
applied load. 

Hebert Creek Bridge displayed the character­
istic problems of a delaminated L.N.L. structure. 
The bridge was posted for a reduced load of 
15 tons (133 kN) and identified for replacement 
in 1976. This bridge was selected as a test site 
for the development and testing of a transverse 
post-tensioning system. This system would create 
adequate friction to ensure load sharing of the 
laminations, while closing the deck tightly to 
prevent further deterioration. 

This report is primarily concerned with the 
design and installation of the post-tensioning 
system for the Hebert Creek Bridge and the load 
testing of the structure before and after the 
system was stressed. 

Sile Description 

Hebert Creek Bridge is a 2-lane structure 
located on Highway 539 about 5 km (3 mi.) north 
of Highway 64, near Field, Ontario. The 3-span 
continuous structure was designed and built for 
an H20 truck load in 1951. 

The 16. 76 m (55 ft.) long structure consists 
of two side spans of 5.33 m (17.5 ft.) and one 
center span of 6.10 m (20 ft.), as shown in 
Figure 1. The 51 mm x 305 mm (2 in. x 12 in.) 
timber laminations were placed on edge and 
oriented longitudinally, as illustrated in Figure 2. 
The timbers were so arranged to produce longitudinal 
discontinuities of the laminates at the one third 
span points and support points only. In addition, 
for any one transverse section the joints would 
occur at every third lamination. 
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Pre-Testing Evaluation 

The structure was initially evaluated according 
to AASHTO (1) Specifications and the original H20 
design loading was confirmed. A precise computer 
analysis of the structure, prior to post-tensioning, 
was not feasible due to the non-linear mechanical 
nature of the deteriorated nail-laminated system. 

However, a computer analysis was performed which 
was intended to represent the post-tensioned 
structure. The analysis was conducted using a 
program called ORTHOP (3) assuming that the 
transverse transfer of load is performed by shear, 
with no transverse flexural stiffness. The analysis 
predicted a maximum longitudinal flexural stress 
of 6200 kPa (900 psi) under the maximum load of a 
417 kN (93,800 lb.) tandem of the test vehicle. 
The maximum transverse vertical shear stress was 
established as 138 kPa (20 psi) which was incor­
porated in the design of the post-tensioning system. 
The maximum anticipated deflection of the post­
tensioned structure under the test vehicle was 
10 mm (0.4 in.), assuming a modulus of elasticity 
of 10.3 x 106 kPa (1.5 x 106 psi). 

Allowances for support movements were not 
incorporated in the analysis, therefore, the actual 
displacements were expected to be higher. 

Post-Tensioning 

Creep Tests 

Creep is considered to be one of the most 
important considerations in post-tensioning timber 
perpendicular to the grain. Under sustained stress 
the timber will creep considerably, reducing the 
initial stress that was introduced into the 
system. To evaluate the effects of creep, an 
investigation was conducted prior to the actual 
design of a post-tensioning system. 

Two test specimens, composed of seven pieces 
of timber approximately 279 mm x 279 mm x 41 mm 
(11 in. x 11 in. x 1 5/8 in.), were constructed 
and installed into the testing apparatus as dis­
played in Figure 3. Both specimens were stressed 
to 1034 kPa (150 psi), however, the load springs 
were removed from one specimen to introduce a 
variation in the stiffness of the system. Both 
load and strain measurements were taken over a 
period of 2000 h. 

The results of these tests are displayed in 
Figures 4 and 5 and indicate that an equilibrium 
was reached at approximately 1000 h. Plotting the 
ratio of the initial to the final stress against 
the stiffness of the test apparatus produces the 
two points on the curve given in Figure 6. With 
these points and the two known boundary conditions, 
an approximate solution to the curve was developed. 
This relationship was used to account for the 
effects of creep in the design of the post­
tensioning system. 

Further creep tests are being performed to 
gain an understanding of the effects of the 
environment on the test specimens under sustained 
load. This is being performed as a separate 
investigation since it involves a considerable 
amount of time and special equipment. 

Design 

An important aspect of the design is the 
evaluation of the minimum permanent stress required 
between the timber laminations, to ensure proper 
load transfer. An analysis was performed using a 

program called ORTHOP (]), as described in the pre­
LetiLlug analysis. Under che maximum candern load of 
the test vehicle, 417 kN (93,800 lb.), the maximum 
transverse shear stress was calculated to be 138 kPa 
(20 psi). Assuming a conservative coefficient of 
friction between the timber surfaces of 0.5 (~), 

the required minimum prestress would be 276 kPa 
(40 psi). Using the relationship for creep developed 
in the preceding section, and assuming an initial 
stress of 1034 kPa (150 psi) on the timber, the 
stiffness of the required post-tensioning system 
should be about 70 000 kN/m (400,000 lb.fin.). 

The selection of the post-tensioning system 
used at Hebert Creek was based upon the following 
considerations: 

1. Ductility - The system must be ductile 
enough to compensate for losses due to creep. A 
minimum design strength of 793 MPa (115 ksi) was 
required to provide a stiffness of 70 000 kNfm 
(400,000 lb.fin.) based upon a modulus of elasticity 
of steel of 200 x 106 kPa (29 x 106 psi). 

2. Adjustability - Since re-prestressing may 
be a necessary maintenance procedure, it should 
be entirely readjustable. 

3. Protection - Since the system would not 
be embedded in concrete or grouted, as is the case 
with concrete design, environmental protection 
should be provided. 

4. Practicality - The system should be such 
that it can be handled easily by local Ministry 
personnel and could be installed with little 
disruption to traffic flow. 

After evaluating various systems available, 
a post-tensioning bar manufactured by Dywidag 
Canada Ltd. was selected. This system incorporates 
a high strength bar with spiral deformations, 
which use anchorage nuts containing complementary 
deformations. This system can be quickly re-adjusted 
and can be handled easily by the local Ministry 
personnel. As well, the 16 mm (5f8 in.) diameter 
bars have an ultimate strength of 1082 MPa (157 ksi) 
and can be safely loaded to the required stress of 
793 HPa (ll5 ksi). 

The layout of bars shown in Figure 7, with 
two bars at each station, provides an initial 
transverse stress of 1034 kPa (150 psi) on the 
timber decking. The anchorage bulkhead, as shown 
in Figure 8, consists of new 76 mm x 305 mm 
(3 in. x 12 in.) select structural Douglas Fir 
placed the full length of both sides of the timber 
deck and secured in place with 178 mm (7 in.) 
spikes. Steel anchorage plates, 305 mm x 457 mm 
x 38 mm (12 in. x 18 in. x l~ in.), bear directly 
against this timber at each post-tensioning station. 
Protection of the bars is provided by enclosing 
the bars in grease filled P.V.C. piping, a method 
which has already been used by Dywidag Canada Ltd. 
Steel sleeves are welded onto the steel plates and, 
under relative movement, telescope into the P.V.C. 
piping to maintain an enclosed environment. Plastic 
caps are placed over the anchorage nuts and filled 
with grease to prevent deterioration of the 
anchorage system. 

To facilitate installation, the guardrail posts 
and curbs were removed from the structure. The top 
P.V.C. pipes, with the bars inside, were placed 
into transverse grooves cut in the asphalt. The 
bottom P.V.C. pipes with bars inside were secured 
to the underside of the timber deck with standard 
metal pipe brackets and wood screws, supported at 
every 0.91 m (3 ft.) along their length. Installa­
tion of the system, including the replacement of 
the curbs and posts but not including the stressing 
operation, took just over two working days with 
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four men (approximately 70 man-hours). 

Stressing 

Two jacks were used in tandem at one post­
tensioning location to stress both the top and 
bottom bars simultaneously and to maintain a uniform 
pressure on the steel-timber contact surface. 

Each location along the length of the bridge 
was stressed in turn to one half of the required 
load. Five complete passes were necessary to main­
tain some amount of tension at all of the post­
tensioning locations. After a further seven passes 
an average load of 222 kN (50,000 lb.) was obtained 
at each post-tensioning location, which provided 
a normal pressure of 827 kPa (120 psi) on the 
timber deck. Further stressing was not possible as 
the rotation of some steel plates was causing local 
crushing of the timber bulkhead. 

Though narrowing of the deck was anticipated 
it was not expected to exceed 150 mm (6 in.). How­
ever, a maximum of 450 mm (18 in.) occurred across 
some locations of the bridge. 

It is estimated that about 60% of the movement 
of the structure occurred during the first five 
stressing operations. These took a total of 2 full 
working days to perform. The remaining 40% occurred 
in the last seven passes which also took two full 
working days. The stressing operation required the 
constant participation of at least three men. 

Instrumentation and TestiJ1g 

The instrumentation layout, as shown in Figure 9, 
consisted of 44 linear displacement transducers 
used to measure vertical displacements across the 
center of the north end span and center span, where 
maximum deflections were anticipated. The remaining 
transducers were positioned to record the vertical 
movement of the timber piles at the north abutment 
and the two interior piers. The south abutment was 
monitored with dial gauges. 

The demac points were used to measure extreme 
fiber strain on the underside of the timber deck 
at the location of maximum moment occurring at 
2.13 m (7 ft.) from the north abutment. The points 
were equally spaced from the west edge of the 
structure to the centerline, and each was oriented 
longitudinally in the center of the bottom face of 
a lamination. 

The structure was tested in July 1976 using 
the Ministry's test vehicles, before and after 
post-tensioning. Testing was repeated 2~ months 
later in October when the majority of the post­
tensioning losses was believed to have occurred. 
The vehicle was loaded to produce six increasing 
vehicle weights as indicated in Table 1, and was 
positioned in 18 static locations, as shown in 
Figure 10. Dial gauges at the south abutment were 
monitored whenever the vehicle was placed in the 
fifth or sixth longitudinal position of each lane. 

Few problems were encountered while testing 
the structure apart from deformation of the asphalt 
pavement under the heavy wheel loads, which is a 
common occurrence during load testing. 

Post Testing Evaluation 

Test Results 

Prior to post-tensioning, the load testing was 
terminated during the application of load level 5. 

Under this loading, the failure of a timber lamina­
tion occurred at vehicle position 2 of lane l 
(Figure 10). Just prior to failure, the maximum 
deflection and maximum strain were 25 mm (1 in.) 
and 1470 micro strain, respectively. However, 
measurements were not taken at the actual time of 
the failure as the vehicle was being removed to 
prevent further damage to the bridge. It is believed 
that the deflections and strains would have been 
much higher at the time of failure, as visual obser­
vation displayed a sudden vertical movement of the 
laminations directly under the wheels of the vehicle . 
This vertical movement suggests that a loss of 
transverse shear capacity occurred which resulted 
in the overloading of several laminates and the 
failure of one. 

Immediately after post-tensioning was completed, 
the structure was re-tested and the maximum load 
level, as shown in Table 1, was reached. No signs 
of structural deficiency were observed and the 
maximum deflections and strain were 16 mm (0.62 in.) 
and 940 micro strain, respective.ly. These maxima 
again occurred under the same vehicle position as 
in the previous test. In comparison to the unpost­
tensioned structure the maximum measurements under 
load level 5 were 14 mm (0.56 in.) and 750 micro 
strain of deflection and strain, respectively. 

Figures 11 and 12 compare some transverse 
deflection curvatures from the load tests. These 
curves illustrate clearly the dramatic effects of 
the structure's response due to post-tensioning 
and indicate that the maximum deflection was 
reduced by 40% immediately after post-tensioning. 
The figures also show an additional 12% reduction 
in deflections under the final testing of the post­
tensioned structure. It is believed that the new 
asphalt, which adds slightly to the stiffness and 
increases the load distribution, may account for 
the additional reduction in vertical displacements. 

Table 2 displays the strain results obtained 
from the load testing of the structure in both 
cases. Strains were not measured during the final 
testing when the post-tensioning losses had 
occurred. Under load level 5 the maximum strain 
measured was reduced by 50% when the structure 
was post-tensioned. This reflects directly on the 
flexural capacity of the structure. Table 3 shows 
the relative changes in normal stresses in the 
timber laminates over a period of l~ years. The 
table indicates that the normal stress has not 
changed significantly since the bridge was last 
tested in October 1976. 

Post ·.res t ing Analysis 

The action of the post-tensioned structure 
was not correctly represented by the computer 
analysis performed before testing. Under post­
tensioning forces the structure performed similar 
to an orthotropic plate, with a very small 
transverse flexural rigidity. An orthotropic (]) 
analysis was performed assuming the transverse to 
longitudinal stiffness ratio to be approximately 
1/20, based upon figures from the Wood Handbook (4). 
A shear modulus was estimated at 1/16 (~) of the -
longitudinal modulus of elasticity. The results of 
this analysis are displayed in Figures 13 and 14 
compared to the test results of July and October 
1976. Although the overall displacement diagrams 
are similar to the test data, there exists 
definite discrepancies in curvature between the 
points of load application. Variation of the modulus 
of rigidity and Poisson's ratio had little apparent 
effect on the curvatures. However, reducing the 
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Tab le 1. Tandem weights of vehicle for testing. Table 2. Test results. Strain (x 10-6 ± 10) 
vehicle in longitudinal position 2 of lane 1 . 

Vehicle Loading 

Number Weight Rear Weight Front Demac Location 

Load Level of Blocks Tandem (kg) Tandem (kg) Load Level 2 3 4 5 6 

8 12400 12400 Before 
2 22 18900 19100 Post-Tensioning 
3 36 25700 25600 
4 52 33100 33300 3 20 210 710 970 60 180 
5 62 37800 37900 4 40 280 910 1140 180 270 
6 72 42600 42600 5 30 310 1080 1470 

1 kg= 2.20 lb. 
After 

1 kg= 9.81 N 
Post-Tensioning 

3 180 230 320 520 330 280 
4 270 280 420 670 420 370 
5 270 340 490 750 640 470 
6 320 330 520 940 530 520 

Table 3. Post-tensioning stress (kPa) on timber laminates during survey to date. 

Station Number 

Survey 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 

( 1 day after I 
July 1976 
Cloudy 870 760 870 760 760 680 650 710 490 760 680 760 850 850 810 810 
21°C (70°FI 

Oct. 1976 
Overcast 520 490 490 460 460 490 520 490 490 520 490 540 520 540 490 490 
16°C (60°F) 

Jan. 1977 
Snowing 410 430 430 410 380 410 410 410 410 410 410 410 430 490 460 430 
-29°C (-20°FI 

April 1977 
Very Wet 460 520 540 520 490 460 490 490 490 460 460 490 490 520 490 490 
18°C (65°F) 

August 1977 
Dry 410 430 430 410 410 390 410 410 410 410 410 410 430 460 430 380 
21°C (70°F) 

Nov. 1977 
Cloudy 410 430 430 410 420 410 420 420 420 410 410 430 460 480 460 410 
13°C (55°F) 

1 kPa = 0.145 psi 
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transverse flexural stiffness considerably tended to 
produce closer agreement with the test results. It 
is believed that the transverse flexural rigidity 
is dependent upon the magnitude of the applied 
transverse moment. When high enough, this moment 
will begin to separate the laminations as the post­
tensioning stress is overcome. This creates the 
need for a non-linear analysis which not only 
accounts for this changing transverse flexural 
stiffness, but also considers the longitudinal 
discontinuities produced by the butt joints. How­
ever, a non-linear analysis is considered beyond 
the scope of this report. 

Although not acceptable for design, the 
orthotropic analysis does indicate that the actual 
longitudinal modulus of elasticity of the Hebert 
Creek Bridge was drastically overestimated in the 
pre-testing analysis. A more realistic value of 
7.6 x 106 kPa (1.1 x 106 psi), as compared to 
the former value of 10.3 x 106 kPa (1.5 x 106 psi), 
was needed to produce the overall magnitude of 
the deflections that were obtained from the field 
test data. As well, the orthotropic analysis 
indicates that the maximum transverse shear stress, 
which was used in the post-tensioning design, was 
conservative. 

Conclusions 

The post-tensioning performed on the Hebert 
Creek Bridge was more than adequate to establish 
the structure as capable of safely carrying the 
Ministry's testing vehicle, which represents the 
heaviest commercial vehicle weights in the province. 
The flexural capacity, as indicated by the maximum 
strains in Table 2, was almost doubled. The 
maximum strain of 940 micro strain provides a 
stress of 7170 kPa (1040 psi), assuming a modulus 
of elasticity of 7.6 x 106 kPa (1.1 x 106 psi) as 
indicated in the previous section. This stress 
corresponds to an assumed distribution width of 
at least 1650 mm (66 in.) for flexural design of 
one line of wheels. This is over twice the design 
width of 810 mm (32 in.) specified by AASHTO (J),(~) . 

Coupled with this, the maximum stress of 7170 kPa 
(1040 psi) is less than the original design 
strength of the timber of 8300 kPa (1200 psi), and 
yet was induced by a vehicle load which produces a 
moment 60% larger than the AASHTO design moment. 

Existing nail-laminated structures can be 
adequately upgraded by post-tensioning with a 
system equivalent to that provided on Hebert Creek. 
The fact that the structure now becomes overdesigned 
cannot be accommodated. Only by increasing the 
spans of the structures, which would only be 
practical in new bridges, could the extra strength 
be utilized. 

Using this system in new structures, the 
additional capacity could be utilized by increasing 
spans and maintaining the present deck thicknesses. 
This would be most beneficial where multi-span 
structures are encountered, as it would decrease 
the number of supports required. 

Confinement of the deck system in Hebert Creek 
and the reduced deflections has virtually eliminated 
the passage of moisture through the deck. This 
was confirmed by observing the structure under 
various climatic conditions during the collection 
of the data given in Table 3. The reduced deflec­
tions lower the tendency of the asphalt to break up 
which resists the penetration of moisture to the 
deck below. 

Future Research 

One of the most important considerations is the 
development of an analytical understanding of the 
post-tensioned structure. Presently, an investiga­
tion is being formulated, in cooperation with 
Queen's University in Kingston, Ontario, to establish 
an acceptable design procedure for new bridges. The 
program includes the testing of small and large-
sr.;i l P. models to establish a better understanding 
of the flexural and torsional properties of the 
post-tensioned deck system. As well, further creep 
tests are to be performed to determine the effects 
of environmental changes on the post-tensioning 
forces. 

The local failures of the timber bulkhead due 
to rotation of the steel anchorage plates indicate 
that a practical design is required which ensures 
dimensional stability and resists rotation. It is 
hoped that a continuous anchorage system can be 
developed which does not require extensive labour 
or machinery for installation. Along with this, 
investigations are underway to determine whether 
a high strength tendon can be manufactured which 
would not require external protection. This would 
require less work to install and give better peace 
of mind, as the physical protection provided at 
Hebert Creek is never totally dependable. 

Finally, tests are to be performed to produce 
acceptable friction coefficients for design of 
various timbers. The tests will subject the timber 
to different environmental conditions and pre­
servative treatments aimed at representing the 
field conditions. 
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MULTIPLE SERVICE LEVEL BRIDGE RAILINGS--PERFORMANCE AND DESIGN CRITERIA 

M. E. Bronstad and J. D. Michie, Southwest Research Institute 

The current AASHTO Specification provides de­
signers with static design criteria and/or crash 
test criteria to qualify a bridge railing system. 
Accordingly, a bridge railing system meeting the 
AASHTO specifications is used on any bridge re­
gardless of vehicle mix, traffic volume, and 
speed and bridge geometry. The Multiple Service 
Levels Approach (MSLA) procedure for selecting 
bridge railings is a new approach differing 
markedly from traditional practice. The objec­
tive of the MSLA is to provide a level of 
motorist protection consistent with the degree 
of traffic hazards present at a highway site. 
With the MSLA, the degree of risk is the com­
bined measurement of the probability of an im­
pact occurrence, the probability of collision 
severity and the consequences of that impact 
occurrence. Accordingly, the procedures de­
scribed in this paper consider encroachment 
rates, traffic volume, vehicle mix, category 
speed, shoulder widths, and horizontal align­
ment as these factors relate to probability of 
an impact occurring and the severity probability 
of the impacts. Using a collision severity in­
dex as an indicator of bridge railing perfor­
mance requirements, six service levels were 
established. By setting critical impacts cor­
responding to a uniform probability factor, 
service level requirements are determined for a 
site. Thus, using the MSLA procedures, a de­
signer selects a higher service level device at 
locations where collisions are numerous and 
severe; and lower service level devices are in­
dicated for the relatively safe or improbable 
accident locations. Since the higher service 
devices are generally more costly to construct, 
highway safety funds can be more wisely ex­
pended by selecting the service leve1 appropri­
ate for each location. 

The current AASHTO(l,2) specification provides 
designers with static design criteria and/or crash 
test criteria to qualify a bridge railing system. 
Accordingly, a bridge railing system meeting the 
AASHTO specifications is used on any bridge regard­
less of vehicle mix, traffic volume, and speed and 
bridge geometry. Although not specifically stated, 
the AASHTO static/elastic design criteria are 
directed to the passenger-size vehicle with no 

specific containment goal for heavy vehicles (trucks 
and buses). Highway engineers are concerned that 
this single service level bridge railing design ap­
proach is not cost-effective for use on roads with 
low traffic volumes and may be inadequate for high­
ways with high traffic volume or with significant 
truck traffic. For these reasons, a discriminating 
approach is needed in the selection of bridge railing 
installations to improve overall safety performance 
and cost-effectiveness of particular barrier 
systems. 

Although this paper is concerned with describ­
ing the multiple service level selection process, 
the design and development of lower service level 
bridge railing hardware is underway at SwRI as part 
of this same NCHRP project. In addition, further 
refinement of the Multiple Service Level Approach 
(MSLA) is a possibility in the near future. 

Research Approach 

The Uultiple Service Levels Approach (MSLA) pro­
cedure for selecting bridge railings is a new ap­
proach differing markedly from traditional practice. 
The objective of MSLA is to provide a level of motor­
ist protection consistent with the degree of traffic 
hazards present at a highway site. Based on this ap­
proach, higher service level devices are indicated 
for the relatively safe or improbable accident loca­
tions. Since the higher service level devices are 
generally more costly to construct, highway safety 
funds can be more wisely expended by selecting the 
service level appropriate for each location. 

Definition of Saf etyil)_ 

The keystone to the MSLA is a clear definition 
of the term "safety". A simplistic dictionary defi­
nition of "safe" is "free from harm or risk." Be­
cause nothing can be absolutely free of risk, 
nothing can be said to be absolutely safe. There 
are degrees of risk, and, consequently, there are 
degrees of safety. Safety, then, is a judgment of 
the acceptability of risk; and risk, in turn, is 
defined as a measure of the probability and severity 
of harm to human health. In other words, something 
is safe if its risks are judged to be acceptable. 

In highway applications, the engineer designs 
hydraulic structures based on a SO-year mean 
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recurrence interval for rainfall or sign supports for 
a 25-year mean recurrence interval for wind velocity. 
He has balanced the probability of an overload con­
dition and its consequences against costs to pro­
duce a more conservative design. Although the en­
gineer can design for a 200- or 1000-year mean re­
currence interval, the cost of the structure would 
be judged excessive for the derived benefits. 

In the field of traffic barrier systems, the 
challenge is to select a bridge railing for a partic­
ular site based on acceptability of risk. Placing 
a low performance railing on a heavily used highway 
would be an unacceptable risk. On the other hand, 
placing high performance bridge railings on low 
traffic volume roads where chance for an impact is 
practically nil is a waste of public funds. 

Degree of Risk 

In the MSLA, the degree of risk is the combined 
measurement of the probability of a bridge railing 
impact occurrence, the probability of collision 
severity and consequences of that impact occurrence . 

Probability of Occurrence. The number of 
vehicles that inadvertently leave the pavement and 
collide with a unit length of bridge railing within 
a specified period of time can be predicted. 

Probability of Severity. The severity of colli­
sion is determined by vehicle dynamics at impact. 
Currently, the dynamic performance of bridge rail­
ings evaluated by full-scale crash tests is assessed 
according to three factors: (1) containment of the 
impacting vehicle, (2) redirection of the vehicle 
such that the occupants can survive, preferably un­
injured, and (3) vehicle post-impact trajectory such 
that other traffic is not subjected to undue 
hazard.(4) Unfortunately, the present state of tech­
nology does not permit evaluation of a barrier design 
by the second and third factors with any degree of 
precision. Therefore for MSLA, the dynamic perfor­
mance of a bridge railing is evaluated only by its 
ability to contain the impacting vehicle . 

Graduated Co1lt:ainmenl Capability . Based on the 
containment standard, a bridge railing can be devel­
oped to contain and redirect an array of vehicles 
that impact the barrier at or below a specified level 
of dynamic conditions. Graduated levels of vehicle 
dynamic conditions can be established over the range 
of all possible impact conditions; these graduated 
levels are defined as multiple service levels. 

Critical Impacts. Thus, given the following 
factors--a bridge railing installation designed for 
a specified service level or containment capability, 
a bridge site with known or projected geometry, 
traffic characteristics and special environmental 
conditions--the probable number of impacting vehicles 
that will be contained and redirected can be esti­
mated. More importantly, the probable number of 
impacting vehicles with dynamic conditions exceeding 
the containment capability of the barrier can be 
estimated. (It is assumed that a large percentage of 
critical impacts will result in penetration of the 
barrier by the vehicle.) These vehicle impacts ex­
ceeding a particular containment capability thres­
hold are defined as critical impacts. Accordingly, 
the degree of risk for the MSLA is the estimate of 
the number of critical impacts that will occur along 

a unit length of barrier within a specified period of 
time . 

Acceptability of Risk 

Acceptability of risk is a subjective judgment 
that varies with time, region and circumstances. 
For the MSLA, the acceptability standard for risk 
is definPn in terms of a containment goal. This 
containment goal is a national, state or regional 
policy that specifies the maximum number of critical 
impacts permitted for a unit length of bridge rail­
ing over a specified period of time. 

Service Levels 

Six service levels are presented and defined in 
terms of vehicle impact conditions that must be con­
tained by each level. It is most likely that a 
highway agency will not require bridge railing de­
signs that conform to all six service levels. Full­
scale vehicle crash testing will be necessary to 
demonstrate the containment and redirection capa­
bilities of bridge railing designs for the various 
service levels. 

Content 

The purpose of this paper is to provide an over­
view of the MSLA approach [described in detail in 
NCHRP Project 22-2(2) Phase I Report (5).) The MSLA 
approach procedures are briefly described in sec­
tions to follow. Even though the probabilistic 
model that predicts occurrence and severity of 
vehicle impacts is complex, the procedures to be 
used by design engineers in selecting appropriate 
service levels are simple and can be accomplished in 
a matter of minutes. 

Bridge railing performance and design considera­
tions are discussed, and the application of findings 
is presented, respectively, in sections to follow. 

Development of Bridge Railing Service Level 
Selection Criteria 

The Multiple Service Level Approach for select­
ing appropriate bridge railing designs for particu­
lar highway sites is presented in this section. 

Vehicle Containment 

Practical Limitations. It is neither technically 
nor economically feasible to cuntitr:uct bridge rail­
ing that will contain 100 percent of all possible 
impacts at every site. Unusually large vehicles 
with peculiar cargos or unpredictable collision con­
ditions make the design of an all-containing barrier 
structure an impossible task. Furthermore, the cost 
of installing the "super barrier" structure at over 
550,000 bridges in the United States would be over 
$8 billion [assuming a nominal $30 per linear meter 
for the 25,000 km (15,400 miles) of bridge railing); 
not only is this amount prohibitive, but also the 
number of forestalled fatalities (about 1000 per 
year out of 50,000 total highway fatalities) can be 
achieved more readily by less expensive means, i.e., 
reduction of speed limits, mandatory use of active 
restraints for vehicle occupants, etc. Treatments 
such as pavement deslicking, signing, and delinea­
tion are other cost-effective ways of reducing the 
frequency of accidents. 



Achievable Performance. As an alternative to the 
100-percent containment ideal, the acceptance of a 
uniform containment policy would greatly reduce the 
structural requirements and cost of the barriers. 
The containment policy could be set on a national, 
regional or state-wide basis, and it would be ad­
justed depending on available funding. 

Containment 'Percent or Crit;lcal Impact s . In the 
MSLA, the performance goal of a bridge railing is 
expressed in terms of a maximum probable vehicle 
critical impact rate. A convenient scale, based on 
current performance of bridge railing , in the United 
States, is the number of critical impacts per 16-km 
(10-mile) length of bridge railing per 10-year 
period. The fact that a specific bridge railing in­
stallation is only 30 m (100 ft) and not 16 km 
(10 miles) in length is immaterial to application 
of the MSLA. Using the containment goal expressed 
in the rate of critical impacts, it can be reasoned 
that a bridge railing on a high traffic volume road 
with a great number of vehicle impacts will require 
a device that contains a high percentage of these 
vehicle impacts. In contrast, for low traffic 
volume roads with a small number of probable impacts, 
the bridge railing installation can contain a lower 
percentage of colliding vehicles and still satisfy 
the contairunent goal. 

Although the designer prefers to think in terms 
of success rather than failure of bridge railing 
structures, it is necessary in the MSLA to deal with 
the probable number of critical impacts (i.e., 
possible penetrations) rather than the pel:cent of 
vehicle impacts contained. A percent containment 
policy would provide essentially the same service 
level railing for a 100-ADT (average daily traffic) 
road as for a 100,000-ADT road assuming everything 
else is equal, even though the number of bridge 
railing impacts is a direct function of traffic 
volume. Thus, the same bridge railing would be used 
at locations where there is less likelihood of 
vehicle impacts and penetrations as is used at 
those locations where critical impacts are frequent. 
For this reason, the performance goal of a barrier 

Table 1. Encroachment rate table(6). 

Description of 
Type o f Highway Collision Direc tion 

Div ided Urban Ar t e rial St reet One dire ction each sid e , each 
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expressed in terms of percent of impacting vehicle 
contained is not meaningful to the MSLA. 

Containment Goal. In order to establish rea­
sonable limits on the containment goal, the maximum 
number of critical impacts considered an acceptable 
risk can be inf erred by safety performance of the 
existing bridge railing with this performance mea­
sured in terms of accident statistics. 

Based on analyses of very limited data, it was 
determined that the current rate for the United 
States is approximately 2 penetrations per 10 years 
per 16 km (10 miles). This figure is considered a 
"ball park" number based on the best data available. 
Thus, a highway agency could select 2 critical im­
pacts per 16 km (10 miles) per 10 years as its con­
tainment goal and maintain the level of containment 
reflec ted by the data analysis. By accepting a 
higher number, i.e., 3, as an acceptable critical 
impact rate, a highway agency can effect a savings 
in construction funds by lowering loading require­
ments on many low traffic volume bridges and in­
creasing strength requirements on a few high traffic 
volume bridges. On the other hand, a highway 
agency may opt to use a lower critical impact rate, 
i.e., 1 or 0.5, and thereby reduce the total number 
of penetrations; of course, this decision will be 
more costly to implement. Regardless of the 
selected containment goal per critical impact rate, 
this approach will provide a rational and consis­
tent technique for setting bridge railing service 
level r equirements. 

Probability of Barrier Impact 

The probability of a bridge railing impact oc­
currence is based on encroachment rate and the 
lateral distance LT between the traffic stream and 
the barrier face. 

Encroachment Rate. Encroachment r ate data as 
shown in Table 1 were obtained from Reference 6 and 

Encroachment Rate 
ev ents/km (mile) /yea r• Ske tch 

0.00021 (O .00033) ADT A 
direc t ion s eparately for median 

Undivided Urban Arterial St reet 

Narrow Two-lane Rural Highway 
(roadbed less t ha n 11 m) 

Wide ( roadbe d o f 11 m o r greate r) 
Two-lane or Und i vided Four-lane 
Rural Highway 

Multi-lane Divided Rural 
Highway 

Freeway 

aADT is for two-way traffic volume. 

[ Medloo 2 X Rote 

IDiDl~ !A •" 
1~DiD 

A 

Rate 

Both di rec tions 
One di r ection only 

Both dire ctions 
One di r ection only 

Both di rections 
One di r e ctio n only 

One direction for each s ide, each 
di rec tion separately for median 

One direc tion for ea ch side, each 
direc t i on separate l y f or median 

c D 
Boundary lines represent edge of traveled way 

0,00042 (0.000 67) ADT B 
0,00021 (0.00033) ADT D 

0.00037 (0.00060) ADT c 
0.00019 (0. 00030) ADT c 

0.00023 (0 .00037) ADT c 
O.OOOll (0.00019) ADT D 

0.00009 (0.00015) ADT A 

0.00011, (0.00023) ADT A 
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are considered state-of-the-art 1977. These rates 
are a function of highway type and direction of 
traffic. The encroachment probability is a linear 
relationship with traffic volume. MSLA is readily 
adjusted to other encroachment rate values. 

Adverse Conditions. Factors not considered 
which may a feet the encroachment rate at a specific 
sitP include the following: skid resistance, hori­
zontal and vertical alignment, stopping sight dis­
tance, route discontinuity, narrow lanes, inadequate 
superelevation on curvature, shoulder surface type, 
length of grade, lane drops--shoulder drop or r e­
duction, regional differences (climate, driver, 
etc.), pavement marking and delineation, and shoulder 
width. Some, if not all, of the above factors can 
be mutually exclusive (additive or subtractive) in 
their influence on encroachment rates. In other 
circumstances, the worst value of one factor alone 
can be overwhelming because of other associated in­
consistencies violating driver expectancy. 

Selection of adverse factors was not in the scope 
of this work; however, the reader is alerted to the 
existence of such data in the technical literature. 
It is conjectured that the adverse condition multi­
plier will generally range between 1 and 2. Since 
most of the data pertain to roadways, judicious 
selection procedures should be employed to apply 
these factors to bridges. 

Figure 1. Distribution of lateral displacements. 
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Figure 2. Point mass conditions for straight bridge. 

where 

v2 
r. = -mm gµ 

V =velocity 

g = gravitational constant 

µ =coefficient of friction 

lf the vehicle turns at a radius less than rmin• the vehicle spins 
out or overturns. From this calculated r, the maximum impact 
angle 8 can be computed. From simple geometric considerations 
for a straight highway 

r • ~~min-)~ 2 
+ a2 

sin D = ~ 
r 

rmin - LT 
cosB=---­

r 

O=C=B-D 

W W 

2 2 

Barrier Offset. The probability of an encroach­
ment bPcoming an impact is affected by the distance 
from the pavement edge to the barrier. In general, 
th e greater the offset distance, the greater the 
opportunity for the errant motorist to regain con­
trol of the vehicle and avoid collision. The per­
centage of encroachments resulting in barrier im­
pacts is determined from the relationshipi.22. pre­
sented in Figure 1. 

Probability of Vehicle Impact Conditions 

As the vehicle mass, speed and approach angle 
increase, the collision generally becomes more 
severe and the containment requirements more diffi­
cult to satisfy. Bridge railing collisions consist 
of a full range of energy impacts. As the struc­
tural capability of a bridge railing is increased to 
contain a higher energy impact, the proportion of 
i mpacting vehicles that are contained by the bridge 
railing is also increased. Thus, a rational design 
approach is to select a bridge railing system that 
will contain a threshold vehicle impact energy cor­
r esponding to most possible impacts at that particu­
lar site in accordance with the containment goal. 

To determine probability of vehicle impact con­
ditions, the techniques described in the following 
sections were used: 

Impact Angle (8). It is widely accepted that 
maximum automobile impact conditions can be pre­
dicted by using a point mass model using a repre­
sentative value for coefficient of pavement friction 
as illustrated in Figure 2. For passenger cars, a 
coefficient of pavement friction of 1.0 is used. 
Vehicles with high center of gravity have perfor­
mance limits that increase the minimum possible 
turning radius, thus decreasing the maximum impact 
angle. These performance limits are applied to the 
heavy trucks and buses and can be accommodated in 
the point mass model by using an effective coeffi­
cient of friction of 0.47 determined from vehicle 
handling studies. 

A distribution of impact angles based on the 
maximum possible angle was determined from field 
data by Ross. (8) Encroachment trajectory consider­
ations are described in Figure 3. 

D 



Figure 3. Vehicle encroachment trajectories. 

Note: All traffic considered in two lanes 
adjacent to bridge rail. 

a - distance from vehicle front to c,g, 

w - vehicle half-width 

rmin - minimum vehicle turning radius 

Bmax - maximum impact angle based on 

rm in 

L - shoulder width 

LT - distance from vehicle centerline 
to face of rail 

Lane [ 
Vehicle q_ 

lane 

50% 50% 

Minimum turning radius based on LT 

Bridge rail being considered 
(other side identical) 

Encroachments past this line equal 
encroachment rate/side (Table 4) X ADT 

Encroachment distribution-average 
curve from Figure 1 

·~----~•-o--------Traffic distribution (ADT) model 
Lane 1 Lane 2 

Table 2. 

30% of encroachments past this line are from Lane 1 per Fig 1 
70% of encroachments past this line are from Lane 2 per Fig 1 

Traffic mix description . 

T&• ffis 
Vehicle Type 

Passenger Cars 
1200 kg (2700 lb) 
1800 kg (4000 lb) 
£100 kg (4700 lb) 
2700 kg (6000 lb) 

Subtotal, % 

Pickups and Panels 
2200 kg (5000 lb) 
3600 kg (8000 lb) 

Subtotal, % 

Other Trucks and Buses 
10,500 kg (23,000 lb) 
18,000 kg (40,000 lb) 

Subtotal, % 

Total Traffic, % 

aBased on traffic count data. 
bHypothetical mix. 

17. 5 
31.0 
16. 7 
4. 8 

6.3 
3. 7 

11.8 
8.2 

1a 4a 

20.0 
35 . 2 
19.2 
5.6 

70 80 

5.0 
3.0 

10 8 

7.1 
4.9 

20 12 

100 100 

Vehicle Size. The distribution of vehicle by 
mass was determined from traffic count data com­
piled by FHWA and other data sources. Based on 
analyses of these data, five vehicle mixes (1, 4, 
5, 6 and 7) were deemed adequate as described in 
Table 2. 

As shown in this table, vehlcles weighing more 
than 18,000 kg (40,000 lb) were not considered 
in this study. These heavier vehicles, which are 
generally tractor-trailer rigs, have performance 

Hix 

validation 

Number 
5a 

22.5 
39. 6 
21.6 
6.3 

4.~ 
2.6 

1.8 
J.2 

6b 7b 

50 . 0 13. 3 
25 . 5 23.6 
14.0 12.8 
4.0 3.7 

90 93. 5 53.4 

2.8 4 . 8 
1. 7 2.8 

4.5 7.6 

1. 2 9.0 
0.8 30.0 

39 

100 100 100 

limits that result in larger minimum radii of 
curvature and, hence, represent a less formidab~e 
impact possibility for a given weight, speed, and 
offset distance. The mechanics of articulated 
vehicle impacts are very complex and were not 
included in this study because of the lack of 
current information. Based on recent crash test 
results with the new collapsing ring bridge rail 
system,(9) the following comparisons can be 
made: --

249 
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Vehicle Impact Impact Max 
w~ight, Speed, rtll~_J_~, Deflectioo, 

Vehicle kg (lb) km/h (mph) deg m (in.) 

Intercity Bus 18,000 (40,000) 86.8 (S3. 9) lS 1. 2 (48) 

Tractor/Trailer 32,000 (70,000) 71. 4 (44.4) 10 0.3 (12) 

Thus, the inclusion of a 18,000-kg (40,000-lb) single 
unit vehicle [as well as the 10,000-kg (23,000-lb) 
vehicle l gives assurance t!ta t single uul L vehlcles 
in this weight range are adequately considered; and 
it can be inferred, as demonstrated above, that 
articulated vehicles weighing in excess of 18,000 kg 
(40,000 lb) are included also because of performance 
limits previously discussed. The inclusion of a 
10,000-kg (23,000-lb) vehicle assures that the upper 
limit of school bus mass has been considered in the 
vehicle mix. 

Impact Speed. Speed distributions for accidents 
are not available in any degree of precision. Ac­
cordingly, four speed categories, 56, 72, 88 and 
105 km/h (35, 45, 55 and 65 mph) are used. The 
designer must select what he considers a represen­
tative speed for his site. 

Collision Severity Index 

To rank the relative severity of all predicted 
barrier impacts, a Collision Severity Index (CSI) 
was developed in the program. Essentially, the CSI 
was developed by curve-fitting results from 
BARRIER VII(l3) computer simulations of 16 vehicle/ 
barrier impact cases. The vehicle size was varied 
from a passenger vehicle to an intercity bus, the 
approach angle was varied from 7 to 25 deg and the 
speed was varied from 65 to 95 km/h (40 to 60 mph). 
Maximum lateral deflection was the selected measure 
of impact intensity using an extremely stiff, but 
deformable barrier. 

CSI = 2.598 x 

10-7m(0.50)I(0.82)V(2.50) 
z 

(1) sin 

where 

CSI collision severity index, 

m vehicle mass, kg (slugs) 

v impact speed, m/s (fps) 

e approach angle, deg 

I 
z 

vehicle mass moment of inertia about verti­
cal axis (yaw) kg-m2 (slug-f t2) 

Table 3. Bridge rail service levels. 

Bridge Railing Service Levels 

Six bridge service levels are defined in Table 3 
on the basis of the Collision Severity Index. Also, 
impact conditions corresponding to CSI values are 
shown for each service level. These levels were 
arbitrarily selected with some preference given to 
current design performance range and the type of 
vehicles that may have to be contained. Service 
Level 2 culncldes with the current AASHTO bridge rail 
crash test option specification; however, test experi­
ence has demonstrated that railings designed to the 
44.5-kN (10-kip) static force are not significantly 
damaged when impacted by a 1640-kg (3620-lb) car at 
99 km/h (61.4 mph) and a 25-deg angle.(10) Thus, 
the ultimate containment capacity of this railing 
design may be much greater than the level indicated 
by these test conditions. The service levels indi­
cated are based on ultimate containment; large de­
flections are permissible if containment is 
achieved. It should be emphasized that these large 
deflections would occur infrequently if a goal such 
as 1 critical impact per 10 years per 16 km (10 
miles) were adopted. 

Bridge Railing Service Level Selection 
Procedures 

All of the factors discussed previously are com­
bined to provide a range of impact conditions 
based on: five vehicle mixes (Table 2) (eight 
vehicle weight categories); four category speeds 
(55, 70, 90, 105 km/h) km/h x 0.62 = mph; four 
shoulder widths (0.6, 1.8, 3.0 m) m x 033=ft; five 
alignment variations (horizontal curves of -10, -5, 
0, +5, +10 deg); one encroachment rate (0.00037 ADT 
events/km/year). Note: This encroachment rate value 
is for one side of the bridge and corresponds to a 
narrow two-lane rural highway with traffic in both 
directions. Collision Severity Index values are 
calculated based on all of these variables. By 
using a containment goal of 1 critical impact per 
10 years per 16 km (10 miles), maximum equivalent 
ADT values can be obtained that correspond to this 
goal for each of the conditions. These values are 
illustrated in Table 4. For the purpose of increas­
ing the encroachment rate due to unusual site con­
ditions, an adverse conditions factor is included; 
however, no recommendations for these values are 
presented. For other encroachment frequencies and 
goals, the adjusted ADT values are linear and can 
be readily calculated as follows: 

Actual (ADT) x (Ratio of Encroachment Rates) x 

Environmental Fae tor /No. of P·ermissible 

Critical Impacts 

Typical Selection Procedure--An example problem 
and worksheet are illustrated in Table 5. 

Performance-Related Im net Conditions 
Service 
Level CS! 1000 (22SO) 

4 95 km/h (60 mph) @ 25 deg 95 
16 95 

3a 60 
4a 100 
Sa 400 
6a 1000 

Veh1clo We1ght, g lb 
2000 (loSOO} 10 ,300 (23.000) 

km/h (60 mph) @ IS deg 65 km/h (40 mph) @ 

km/h (60 mph) @ 2S deg so km/h (30 mph) @ 

80 km/h (50 mph) @ 

95 km/h (60 mph) @ 

9S km/h (60 mph) @ 

deg 
15 deg 80 
lS deg 55 
15 deg 70 
25 deg 65 

95 

18,ooo u.o.ooo> 

km/h (SO mph) @ 

km/h (35 mph) @ 

km/h (45 mph) @ 

km/h (40 mph) @ 

km/h (60 mph) @ 

7 deg 
15 deg 
15 deg 

·25 deg 
25 deg 

aStaging of these systems may be required to provide desirable safety performance for impacting automobiles. Staging is provided by 
a softer barrier placed in front of a more rigid barrier. 
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Table 4. Typical MSLA selection guide 1.8-m (6-ft) shoulder. 

Shoulder Designated Degree 
Width, Speed of Vehicle 
m (ft) km/h (mph) Curve Mix 

1. 8 (6) 90 (55) -10 
1 835 27911 
4 901 33691 

975 41792 
1407 64585 

678 17303 

1. 8 (6) 90 (55) -5 
l· 255 1348 
4 123 2098 
5 457 5510 
6 637 8386 
7 157 600 

1. 8 (6) 90 (55) 0 
1 159 559 
4 203 870 
5 294 2296 
6 399 3486 
7 100 257 

1. 8 (6) 90 (55) 
1 125 353 
4 157 543 

219 1365 
290 2067 

81 169 

1. 8 (6) 90 (55) 10 
1 106 268 
4 130 407 
5 175 960 
6 228 1446 
7 72 131 

Table 5. Service level selection example. 

Examplo Problem. A bridge railing system is needed on a divided 
rural highway with an ADT of 20 1 000. The traffic mix contains 
20 percent trucks corresponding to Mix 1. The traffic on this 
section moves about the posted speed of 88 km/h (55 mph) and 
there is a 2-m (6-ft) shoulder. The engineer has been instructed 
to use a goal of 1 critic31 impact/ 10 miles/ 10 years. 

2. 

3. 

4. 

5. 

6. 

7. 

8. 

9. 

Step 1: 

Step 2: 

Total ADT 20,000 

Vehicle mix (see Table 2)~~~~~~~~~~~~~-=-

Category speed, km/h (55, 70, 90, 105) 90 

Shoulder width, m (0, 0.6, 1.8, 3.0) 1.8 

Horizontal curvature, deg (-10, -5, O, +5, +10) 0 

Encroachment rate from Table 0.00015 

Adverse conditions factor 
~~~~~~~~~~~~~-

Containment goal (critical impacts/16 km (10 mile)/10 
years>~~~~~~~~~~~~~~~~~~~~~--'-

Calculate maximum equivalent ADT, ADT 

<i> 
ADT =(Dx -- x@•@ 

0. 0006 

0.00015 
ADT = (20,000) 

0. 00060 

(1) 

(1) 
5000 

Enter Table 4 and select lowest service level bridge 
rail by comparing adjusted ADT with applicable 
Table 4 value. 

6274 > 5000 < 2695 

USE SERVICE LEVEL 4 

Maximum Equivalent ADT 
Barrier Service Level 

4 6 

No Limit No Limit No Lindt No Limit 
No Limit No Limit No Limit No Limit 
No Limit No Limit No Limit No Limit 
No Limit No Limit No Limit No Limit 
No Limit No Limit No Limit No Limit 

12580 53169 No Limit No Limit 
20997 88911 No Limi-t No Limit 
84223 361599 No Limit No Limit 

126377 542407 No Limit No Limit 
4130 15778 No Limit No Limit 

2695 6274 49902'4 No Limit 
4492 10479 835012 No Limit 

17885 42368 No Limit No Limit 
26840 63553 No Limit No Limit 

1023 2158 138103 No Limit 

1334 2597 57025 No Limit 
2221 4334 95388 No Limit 
8761 17456 388637 No Limit 

13152 26185 582955 No Limit 
532 973 16400 No Limit 

854 1533 18484 581856 
1420 2557 30905 973672 
5539 10269 125638 No Limit 
8319 15405 188457 No Limit 

349 597 5609 159899 

Bridge Raili.ng Performance and Design 
Considerations 

There is apparently no relationship between the 
AASHTO load criteria and the crash test requirement. 
While not stated as a design objective, the static 
force criterion generally is believed to guarantee 
little or no damage to the railing system during the 
severe strength crash test [2040-kg (4500-lb) car, 
95 km/h (60 mph), 25 deg).~ The ultimate con­
tainment capacity of these railing systems is not 
known. Furthermore, the margin of safety to which 
the system has been designed according to this 
static criterion will influence its ultimate 
capacity. In other words, the AASHTO static force 
is a lower limit, and overdesigned bridge railings 
are not prohibited. The current AASHTO specifica­
tion does not specify behavior of the barrier past 
the elastic range. The failure of a post, for 
example, could occur either above the deck or within 
the deck itself. Designs where deck failure con­
trols are considered to be unsatisfactory for a 
number of reasons: 

1. The failure mechanism in the concrete deck 
is complex and, therefore, cannot be reasonably 
predicted. 

2. Bridge deck repair is a costly item com­
pared to simple replacement of posts and beam. 

3. Deck damage may go unnoticed until a more 
severe impact causes noticeable failure. The 
weakened structure will not perform as designed. 

Other railing components such as beams and hardware 
also should be considered for ultimate performance. 
A bridge railing system that performs well in the 
elastic/small deflection range, but breaks down far 
below its ultimate capacity because of some 
undesirable failure mechanism (e.g., lowered system 
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height allowing vaulting, beam splice failure due to 
fastene r inadequacy, etc~) represents inefficient use 
of materials. 

After 10 years of intensive barrier development 
and testing using all available tools, design 
methods, computer simulations, laboratory experiments 
and full-scale vehicle crash tests, the authors are 
convinced the prescriptive design approach is inade­
quate to effect barriers with predictable contain­
ment and safety performance. On the other hand, the 
performance standard approach would encourage the 
generation of a limited number of carefully devel­
oped standard barrier designs, hence, decreasing the 
time spent by every agency designing their own 
unique systems, decreasing material costs due to 
standardization and the smaller number of inventory 
items, and improving safety performance because of 
the more comprehensively developed barrier designs. 

Performance Predictions 

Use of a single force to design a service level 
traffic barrier is not recommended in this paper. 
Bridge railing performance beyond the elastic range 
requires analysis methods that go far beyond the 
current static method. However, complicated methods 
of analysis are considered unnecessary when avail­
able computer simulations can be employed that 
actually relate to a vehicle impact and are no more 
involved to use than a dynamic structural analysis 
program. Computer simulation programs currently 
availabl ( l l , 12 ,1 3) provide reasonable assurance 
that the simulated impact forces are being applied 
to the barrier during the redirection process. In 

Figure 4. Barrier beam geometry. 
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Note: Definitive dimensions shown are based on current 
AASHTO specification. (2) 

addition, the use of a rollover vaulting algorithm 
(RVA), ( 14) coupled with 2-dimeL1Sioual barrier models, 
predicts rollover or vaulting due to insufficient 
rail height. Wedging under a beam and so-called 
"pocketing" are difficult phenomena to ascertain 
from the current programs. 

Performance and Design Criteria 

Velricle Containment. The proposed bridge rail­
ing service levels are related to vehicle impact 
conditions (presented in Table 3), and containment 
of the impacting vehicle for these respective im­
pact conditions is recommended as the strength test 
for each railing category. Ultimate containment is 
considered to be the most efficient use of bridge 
railing structure. The ultimate containment ap­
proach requires an understanding of the failure 
mechanisms of the structural system as the ultimate 
loading threshold is reached. From the knowledge 
of the ultimate containment capacity, the full range 
of barrier performance is understood. Although 
full-scale crash tests at each performance level are 
necessary, preliminary designs can be formulated 
using computer simulation models. 

Good Design Prac ic . Recent crash test experi­
ments with both heavy vehicles and automobiles have 
revealed certain deficiencies in barrier behavior 
which can be averted by good design practice. These 
include: 

1. Undesirable lowering of barrier height be­
cause of ductile post behavior reduces effective­
ness of barrier in preventing vaulting/rollover. 

2. Beams considered flexural members fail in 
tension during large inelastic deflections because 
of inadequate splice or tensile anchorage. 

3. Unpredictable failure mechanisms of post/ 
parapets make ultimate loads indeterminate and 
unrepeatable. 

4. Barrier height is too low for heavy vehicle 
impacts. 

5. Beam/vehicle interface is inadequate for 
full range of automobiles. 

6. Beam/post geometry permits wheel snagging 
at even moderate impact angles. 

Bridge railing performance criteria for each service 
level are suggested in Table 6. The performance 
test criteria of NCHRP Report 153 recognize the need 
for providing forgiving redirection to the small 
passenger cars. This class of vehicle currently 
constitutes approximately 25 percent of all passen­
ger cars sold. Passenger cars are still the pre­
dominate vehicle representing up to 90 percent of 
the traffic on highways. Crash tests are recom­
mended for performance and strength evaluation. Bar­
rier heights based on rigid barrier RVA simulations 
are shown. Strength of barrier elements is sug­
gested that encourage efficient ultimate performance . 
The evaluation criteria of NCHRP Report 153 are also 
recommended. There has been no systematic study 
of vertical bridge rail spacing; the current AASHTO 
recommendations are shown in Figure 4. 

Discussion and Application of Findings 

Discussion 

Bridge Railing Service Levels . The multiple 
service bridge railing approach is a major change 
from current recognized practice, both from a 



Table 6. Bridge railing performane criteria . 

Service Level: 

1. Crash Test Requirements 
Impact Conditions 

A. Strength Test 

253 

4 

Vehicle Weight, kg (lb) 1000 (2250) 2000 (4500) 10,500 (23,000) 10,500 (23,000) 10,500 (23,000) 18,000 (40,000) 

Impact Speed, km/h (mph) 95 (60) 95 (60) 80 (SO) 95 (60) 95 (60) 95 (60) 

Impact Angle, deg 25 25 15 15 25 25 

B. Redirection Severity Test 1000-kg (2250-lb) auto, 95 km/h (60 mph), 15 deg 

2e Dynamic Performance 

A. Posts/Parapets Controlled, repeatable failure mechanisms outside bridge deck are required. Duc tile failures 
of post s are discouraged unless separation of beam from post prior to rail lowering is con­
trolled and repeatable. The post anchorage is designed to AASHTO working s tresses us ing 
ultimate post failure load. 

B. Beam Full t ension of net section should be developed at splice . The AASHTO Standard Specifica­
tions for Highway Bridges,(!) Article 1.7.19, provide a good splice specification. Beam 
should be anch·ored (expansion joints require special treatment). 

C. Vehicle performance The preferred vehicle acceleration criteria are found in recommendations of NCHRP Report 153 . 
Values shown in this document are subject to change as technology becomes available. Other 
requirements specified for automobiles in Report 153 regarding snagging, pocketing, etc. are 
considered applicable also. 

3. Guidelines 

A. Geometry 
al. Barrier height, m (in.) 

(min) 0.7 (27) 0. 7 (27) 0. 7 (27) 0. 7 (27) 0. 9 (34) 1.0 (40) 
2. Beam (see Figure 4) 

B. Maximum dynamic deflection As a guide for design, the maximum dynamic deflection s hould not exceed the vehicle half­
width. This value may be exceeded during crash test if redirection/containment is achieved. 

8 Barrier height is a minimum; this he ight must be increased if beam/post interaction allows beam to drop below this height. 

technical and administrative view. Rather than the 
synthesis design of a bridge railing system, MSLA 
implies the selection from a group of systems crash 
tested to specific impact conditions. The creation 
of unique bridge railing designs from prescriptive 
specifications using static loading/elastic design 
results in a proliferation of barrier systems that 
are not fully analyzed in terms of vehicle contain­
ment. 

The national trend is toward the adoption of a 
limited number of carefully developed and demon­
strated traffic barrier systems. The movement is 
prompted by the requirement for increased safety 
performance of traffic barriers and the realization 
of cost savings in design, fabrication and main­
tenance of widely accepted standard systems. These 
limited number of bridge railing designs can be 
developed on cooperative programs such as NCHRP 
where the development costs are shared. 

Thus, the multiple service level bridge rail 
approach takes into account the trend toward 
standardization of bridge rail systems and presents 
a technique for selecting the most appropriate 
system for particular site conditions. 

Service Level Selection Parameters. The service 
level parameters were selected bas ed on what was 
considered state-of-the-art 1977. Certain param­
eters in this model are linear in the final product 
and may be varied or changed by simple multiplica­
tion. These linear factors include: ADT, encroach­
ment rate, adverse conditions as related to 
encroachment rate, and containment goal. Other 
factors influencing the final results are more com­
plex, and reformulation of probability equations is 
required if their values are changed. These non­
linear factors include: shoulder width as it relates 
to encroachment distribution, encroachment distribu-

tion (lateral distance traversed), vehicle mix 
characteristics (mass, geometry, etc.), speed (or 
speed distribution if available), impact angle dis­
tribution, and traffic distribution (e.g., unequal 
lane distribution, more than two lanes, etc.). It 
is recognized that parameter values such as en­
croachment frequencies, vehicle mix characteristics 
and impact speed and angle distributions are based 
on tenuous and sometimes scant research data. Un­
doubtedly refined values for these parameters will 
be forthcoming from future research efforts. Never­
theless, the authors strongly believe that the lack 
of precision in the values will not change the 
systematic method of selection nor should it be a 
reason to deter or delay the implementation of the 
MSLA. 

Results. Bridges on roadways with high ADT, 
high speed traffic, horizontal curvature, and large 
truck percentages will require bridge railing struc­
tures with greater containment capacity than that 
specified by the current AASHTO specification. Con­
versely, bridges on roadways with low ADT, low 
traffic speeds and mostly automobile/pickup traffic 
will require a bridge railing less demanding than 
the current AASHTO specification. The degree of 
this variance will depend largely on the contain­
ment goal selected. Since this containment goal is 
new and no specific goal has been used previously, 
this goal will require study by highway agencies to 
ascertain influence on implementation funding. 

Application of Findings 

Service Level Selection. A rational basis has 
been derived which provides maximum protection where 
impacts are likely to occur and further accounts 
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for degrees of collision severity based on a number 
of factors. The use of this model to evaluate a 
barrier system on a regional or national basis re­
quires a knowledge of barrier containment capacities 
both existing and proposed. Containment goals and 
encroachment frequencies can be varied as policy or 
better findings permit. 

Barrier Design. The shortcomings of simplifi~n 
barrier design wer e previously discussed. Currently 
available barrier simulation computer programs are 
available to provide insight for existing barrier 
systems as well as new designs. It is considered 
necessary to evaluate new and upgraded designs by 
crash test to prove the containment capacity. Sug­
gested criteria and guidelines are presented for the 
six service levels of this paper. 

The new concept of ultimate containment barriers 
which deviates from statically designed barriers is 
considered superior for these dynamically loaded 
structures. The range of costs among the six service 
levels cannot readily be determined until some de-
f ini ti ve designs are formulated; however, using 
analyses such as presented in this report will 
justify high performance bridge rai ling costs when 
compared to current expenditures on lower traffic 
volume roadway bridge railings. The illustration of 
six service levels should not be construed as a 
recommendation; t h e number of levels actually needed 
will be the product of future investigations. 
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REDUCING THE RISK OF CATASTROPHIC BRI!kE FAILURES 

Lester A. Herr, Chief, Bridge Division, 
Federal Highway Administration, Washington, D.C. 

'lbe public and engineers alike have become 
accustomed to the use of a factor of safety to 
prevent failures. Unfortunately, such factors 
do not prevent catastrophic failures because 
of rare or unusual events or circumstances. 
Such failures could be caused by large floods, 
earthquakes, poor workmanship, inferior 
materials, errant sea vessels or insufficient 
knowledge on which to make design judgments. 
This paper presents a philosophy, and briefly 
describes methods, for reducing the risk of 
catastrophic bridge failures. 

Catastrophic failures have a great impact on 
the public and the engineering profession. 'lbe 
collapse of a briqge, although infrequent, always 
makes the news headlines. Such failures are not 
expected because the bridge engineer is a respected 
public servant who has done his job well. We must 
keep this public trust, therefore, it is important 
that the subject of reducing the risk of catas­
trophic bridge failures be discussed at this 
meeting. 

A catastrophe, according to the dictionary, 
is any great and sudden calamity, disaster or 
misfortune. 'lbe collapse of a bridge is a 
catastrophe. Catastrophic failures of bridges are 
caused by: (1) the occurrence of unusual or rare 
events such as floods or earthquakes, (2) the 
limited understanding of our materials and 
engineering principles, (3) failure to provide 
adequate maintenance or timely replacement 
(4) load limit violations or (5) impact from naval 
vessels. 

In reducing the risk of failures, one might 
conclude that this can be accomplished by increasing 
the factor of safety. No, this reduction of risk is 
not necessarily one of making a bridge larger or 
"'tronaPr hnt onp of desianina with the recoanition 
that the unusual and unexpected can occur and that 
no one individual has all the answers in this 
complex engineering profession. 

As evidenced by all the excellent papers on 
new technology in the use of materials for bridge 
construction given at this meeting, we are making 
tremendous progress in designing new type 
structures and in doing a better job on our 
conventional designs. Nothing in this discussion 
on reducing the risk of failures should detract from 
the technical experts who so ably have made such 
significant contributions. We need, however, to 
recognize that catastrophic failures are a concern 
of all of us and we must cope with this eventuality 
in the design of a bridge and throughout its service 
life. 

Unfortunately, it took the failure of the 
Silver Bridge over the Ohio River in 1967, killing 
46 people, to bring about the National Bridge 
Inspection Program. Inspection of existing 
projects is quite important and hopefully such 
inspections can prevent other catastrophic failures. 
My objective here, however, is to stress the 
importance of making engineering decisions from the 
inception of a project, as well as throughout its 
service life, that will give the best chance of 
survival of our bridge structures should the 
unusual and unexpected occur. 

The recent failure of dams in Idaho and Georgia 
are good examples of the risk assumed in building 
such structures. There is always the possiblity of 
failure from rare floods, earthquakes or inadquate 
inspections, even though the probability of such 
an occurrence is small indeed. In these cases we 
reduce the risk of failure by doing a good job of 
design and construction but we must be aware that 
a failure can occur. It might be prudent to 
evaluate the alternatives of building no dam or 
permitting no town downstream. Che can easily see 
by this extreme example what is meant by reducing 
the risk of catastrophic failures. 

The idea of reducing the risk of catastrophic 
bridge failures is somewhat more subtle. Possibly 
the best wav to illustrate the Point is to present 
several examples that might apply during plan 
developnent and operation of a bridge project, 
namely through the customary planning, design, 
construction and maintenance phases. 
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Pl·anning 

Good planning is essential in building a bridge. 
The bridge engineer should be involved in the 
planning process as well as in the operation of the 
bridge after it is completed. Some bridge 
engineers believed that the environmental impact 
statement process would give them more input into 
the planning and develoµnent phases. Such input 
should reduce the constraints in modifying 
structural proposals and locations as design plans 
develop. It is doubtful that such an ideal arrange­
ment has come about, since many environmental impact 
statements tend to be quite restrictive on the 
designer. 

The whole thought process in reducing the risk 
of a catastrophic failure is to evaluate the chance 
of a bridge to survive if the unusual occurs. 
Planning decisions that avoid landslides, avalanches, 
floods or poor foundations are steps in the right 
direction. Planning and design advisory panels 
composed of selected expertise have proven their 
worth over the years, particularly in designing 
large, new-type bridge structures. The advisory 
panel for the first Lake Washington floating bridge 
is an excellent example. Che member of this panel 
once related that one of their major concerns was 
whether or not the concrete pontoons used could be 
built to withstand water for a long period of time. 
One wonders if this concern over such a mundane 
matter did not have some bearing on the fact that 
you can sweep dust in the cells of the pontoons 
after 40 years of service. To further emphasize 
the desirability of setting up of such panels, the 
designer of the more complicated Hood Canal floating 
bridge did not have the benefit of a panel and the 
project nearly ended in a catastrophic failure of 
both the bridge and the chief engineer. 

Design 

As a result of the planning process, the bridge 
engineer usually has to accept some compromise to 
his idea of the ideal solution. Hopefully the 
planning decisions provide for some latitude to 
study alternatives as the more detailed design 
develops. Crossing a river usually offers no 
compromise, but where and how we cross usually give 
some latitude on the selection of the location and 
grade of a structure. 

In considering a reduction to risk of failure 
stream crossings are particularly important because 
of the number of bridges lost annually due to floods. 
Many are designed to pass 50- or 100-year floods, 
but larger floods are usually the cause of a washout. 
It is time we stand back and look at our designs and 
follow the suggestion of one college professor when 
he tells his students to ask, "What if?" What if a 
larger flood occurs (and it will)? What if there 
is a flaw in my material or my workmanship is poor? 
In answering these questions, must I admit that my 
structure will collapse or will I just have a minor 
repair? 

Providing structures adequate to pass rare 
floods and maintain traffic at the same time is both 
difficult and uneconomical. It is then a challenge 
to construct a crossing that accommodates the rare 
flood with minimal damage. Such designs mean 
providing waterway over bridge approaches, building 
relief openings and even submerging the bridge itself. 
This type of design has worked satisfactorily in the 
past, and more common use of such features can do 
much in reducing the risk of catastrophic failures. 

What is involved in designing a crossing that 
can accormnodate such large floods? First, the 
designer must have a good concept of the hydraulic 
principles of stream flow, the characteristics of 
stream scour (realizing the limitations in the 
state-of-the-art), the effects of bridge and 
approach geometry on flow and an appreciation of 
problems caused by drift and debris. This knowledge 
must be applied to design the many features of the 
entire crossing or our bridge could be ·washed out 
before overflow is accomplished. Some of the 
features to be considered are: pier type and 
orientation, use of spur dikes and abutment treat­
ment, pile penetration, size and location of main 
span and relief openings, and resistance of the 
structure to forces of water and debris, including 
floatation. Usually each crossing has a unique 
set of problems. Often the type of construction 
proposed here is not a matter of more cost, but 
rather more design time and much engineering 
ingenuity. 

Another design aspect that is less obvious 
than floods, but nevertheless a major factor in 
catastrophic failures, is the problem of the 
brittle fracture of critical structural members. 
Recently there have been several failures of such 
members, nearly causing complete collapse of major 
bridges. The risk of this type of failure can be 
reduced in two ways: (1) avoid this type of design 
or (2) recognize the risk and design accordingly. 

Fracture critical structural members are 
single load-path (nonredundant) elements of a 
structure whose unfailing performance is necessary 
to prevent collapse of the structure. AB compared 
to a multiple load-path (redundant) member, there 
is no alternate member to carry the load if one of 
these fracture critical members should fail. Two 
examples of fracture critical members are the tie­
girder of a tied arch and the girders of a two­
girder simple-span bridge. 

Cbviously, safety can be built into a 
structure by designing a multiple-load-path system 
or one that can transfer load from one member to 
another should one break. Such a system is 
sometimes called a back-up system. A multiple 
girder superstructure is this type of system. If, 
however, a non-redundant system is to be built, 
the designer must understand the detailing of such 
a design and the limitations of the materials to 
be used. He must also understand the constraints 
on perfection in the construction of his project. 
Provisions must be made for access to critical 
members to facilitate inspection and maintenance. 

To reduce the risk of collapse of a steel 
bridge containing fracture-critical members, the 
Federal Highway Administration is proposing a 
facture control plan for use by the designer, 
contractor and inspector. The fracture control 
plan specifies higher toughness steel, more 
stringent weld-procedure qualification and high 
quality inspection during fabrication. 

Construction 

Assuming we have an adequate design, including 
specifications, it then behooves us to construct the 
project according to plans. When fracture critical 
members and other vulnerable features are involved 
in our construction, extra-special care must be 
taken as to how the job is constructed. The 
pressures of both political and economic 
competition make it attractive to cut corners 



either to expedite the project or to make more 
profit. ~ must guard against all irregularities 
on projects or portions of projects identified to 
be critical. 

The most productive and obvious way to 
construct a good project is through the cooperative 
efforts of the contractor and the project engineer. 
Both of these individuals must have a thorough 
understanding of the project, including the 
identification of items that require special 
attention and unusual inspection. Although it is 
difficult to list all the steps or procedures 
needing attention on critical projects, the 
following list can be used as a guide. 

1. Arrange a preconstruction conference and 
subsequent conferences as required to assure that 
all parties involved in the construction of a 
project are informed of responsibilities. 

2. Review the contractor's schedule of work 
and discuss critical items with the project 
supervisor. 

3. Check all items on the fracture control 
plan and confirm with the contractor the assign­
ment of responsibilites. Quality control and 
quality assurance programs are an essential part 
of the fracture control plan. 

4. All changes in plans of identified 
critical items should be checked by the designer 
before approved. 

Maintenance 

No mention has been made to this point about 
the disregard of load limits on structures as being 
a cause of catastrophic failures. Each year a 
number of drivers of large trucks ignore load-limit 
or clearance signs and cause bridges to collapse. 
Nothing in this discussion is meant to imply that 
we should design to eliminate the need for weight­
limit controls. ~ know that overloads shorten the 
fatigue life of structures, therefore, load-limit 
posting commensurate with the structural strength 
of a bridge is important to prevent catastrophic 
failure. 

To assure fail-safe bridges that are in service, 
we need adequate periodic inspections by qualified 
personnel. Criticial parts of each bridge, 
including foundation piling, fracture critical 
members, rockers and bearings should be identified 
and receive special attention in order to reduce 
the risk of collapse. All deficiencies at critical 
locations should be reported, evaluated, and 
remedial action taken for immediate repair or 
possible closure of the structure. It must be 
stated that periodic inspections of existing 
bridges is an important step toward preventing 
catastrophic bridge failure. Also, inspections 
during and after highwater have helped 
considerably in correcting deficiencies. 

Recently we have experienced a rash of bridge 
failures from the impacts of large ships and 
barges. Fender systems, navigation aids, warning 
devices and clearances must be maintained as an 
effort to protect our bridges from such 
catastrophic failures. Navigation controls, 
passage clearances, and pier fendering systems 
are subjects needing further study and research. 
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Conclusion 

In the short time of this presentation you 
have thought of some additional ways you could 
design your bridges to give them a better chance 
of survival. Ctlly highlights have been presented 
here. Designing to withstand earthquakes is 
certainly a subject worthy of consideration. 
Avalanches, earth slides and wind deserve some 
attention too. None of us, as individual 
engineers or collectively as a profession, want 
our structures to fail. ~ cannot predict the 
so-called "Acts of God," but we can minimize 
their impact. 



CONSIDERATIONS IN THE DEVELOPMENT OF AN EARLY 
WARNING VESSEL/BRIDGE COLLISION SYSTEM 

Eugene F. Greneker, Jerry L. Eaves, and Melvin C. 
McGee, Georgia Institute of Technology 

Overview 

Highway and railway bridges spanning navigable 
waterways face the real possibility of being acci­
dentally struck by large ocean-going vessels or 
large barge trains. In many cases, these accidents 
can result in serious damage to the bridges, block­
age of the waterways, economic losses to communi­
ties served by the bridges and waterways, and loss 
of property and life. 

Two basic types of systems might be used to 
help prevent ships from striking bridge supports. 
The fender system is sometimes deployed around vul­
nerable bridge supports, but this approach is not 
always practical nor cost effective. Moreover, the 
fender system is not always effective in preventing 
damage to ships and bridge structures. Since it 
provides no warning to alert the ship crew that 
the ship is on a collision course, the fender sys­
tem can at best only reduce the damage; it is a 
brute-force, last-ditch protection device. 

An electronic warning system is a viable alter­
native or complement to the fender system. The 
electronic system could continuously monitor the 
ship position relative to a safe corridor for 
passage under the bridge and issue an immediate 
warning of any deviation from a safe-passage course . 
The system could also issue warnings to the bridge 
tender and people on the bridge when a collision is 
determined to be unavoidable. An advanced design 
concept of such a system was developed by the 
Georgia Institute of Technology Engineering Ex­
periment Station (GIT/EES) during a recent 
study. 

Equipment failure and human negligence are the 
primary causes of accidental damage to bridges by 
ships, but any system designed to prevent such 
accidents must also consider other factors; e.g., 
bridge-waterway configuration, ship navigation 
characteristics and the effects of wind and tide 
conditions, system reliability, and liability for 
accidents attributed to system failure. These 
design considerations led to selection of a system 
that uses a shore-based radar and shore-based 
displays as the most practical concept for an 
electronic collision avoidance/warning system. 
The radar would determine the ship's position, 
and the displays would inform the ship's pilot 
of the ship's position relative to a safe-passage 
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corridor. The system would continuously assess 
the potential for collision during the various 
stages of the ship's passage. Ship speed and tra­
jectory would be monitored as the ship approached 
the bridge; this information could be displayed for 
use by the ship crew in navigating the channel. 
When the ship approached closer to the bridge and 
entered a critical maneuver zone, the system would 
continue displaying the ship positi9n while per­
forming trajectory calculations to determine the 
possibility of a collision with the bridge. Should 
the system determine that a collision is possible 
(given the ship's handling characteristics and posi­
tion in the channel, tide and wind conditions, and 
distance from the bridge), an alarm would be sounded 
to alert the ship crew, the bridge tender, and those 
on the bridge. Safety systems such as gates could 
be activated to keep additional traffic off the en­
dangered bridge span. 

Although the design concept was developed for 
the protection of highway bridges, it could be 
easily adapted for the protection of railway bridges. 

Design Considerations 

Effects of Ship/Bridge Collisions 

Human lives, property, and income are often 
affected by ship/bridge collisions. The GIT/EES 
became involved in the design and development of 
ship/bridge collision warning systems shortly after 
the freighter Africa11 Neptune rammed the Sidney 
Lanier Bridge near Brunswick, Georgia, on 7 November 
1972. Ten people were killed when an entire bridge 
span was severed from its support system and dumped 
into the river. The bridge was closed to vehicle 
traffic for seven months while repairs were being 
made to the damaged parts of the bridge span. This 
was not an isolated incident. 

A similar accident occurred during January 197 5 
when the freighter,Illawarra struck the Tasman 
Bridge spanning the Derwent River at Hobart on the 
Australian island of Tasmania. The collision col­
lapsed an entire bridge span, sinking the vessel 
and killing at least six persons. Four of the dead 
were motorists who plunged from the broken span 
into the river. 



Since 1955, the Lake Pontchartrain Causeway in 
Louisiana has been damaged by waterway traffic 13 
times. Nine persons were killed in these accidents . 

On 13 September 1976, one motorists was killed 
and two were injured when the tugboat Leander , Jr . 
lashed to several barges collapsed a span of the 
Highway 51 bridge near Pass Manchac, Louisiana, 
after colliding with the structure. 

On 24 February 1977, the sulpher carrier Marine 
Floridian smashed into the Benjamin Harrison lift 
bridge, dumping vehicles into the James River near 
Hopewell, Virginia. The river channel was closed to 
shipping traffic for 20 days, and the bridge was 
closed to vehicle traffic until the latter quarter 
of 1978. 

These (and many more documented ship/bridge 
collisions) accidents indicate a definite need for 
a collision avoidance/warning system. 

Cause of Ship/Bridge Collisions 

Equipment failure and human negligence are the 
primary causes of ship/bridge collisions. Human 
error caused the collision of th'e African Neptune 
with the Sidney Lanier Bridge. During the approach 
to the bridge, the harbor pilot ordered 20-degrees 
left rudder. The helmsman mistakenly put the rudder 
20-degrees to the right. The mistake was noticed 
too late for compensating actions to prevent lhe 
collision. 

Eight of the accidnets involving the Lake 
Pontchartrain Causeway Bridge were caused by human 
negligence; five were caused by equipment failure. 
All but one of the accidents caused by negligence 
occurred at night or under twilight conditions. 
One accident occurred when the helmsman passed out, 
another occurred when the helmsman fell asleep. 

Mitigation of Losses 

A study of ship/bridge collision reports 
indicates that suitable warning could substantially 
reduce accidental losses, particularly human lives. 
Newspaper accounts of the Sidney Lanier Bridge acci­
dent credit three boys with saving the lives of 
several persons. The boy's cars were stopped with 
other traffic on the bridge waiting for the African 
Neptune to pass through the lift. One of the boys 
realized that the ship was on a collision course 
with the bridge even before the ship began to sound 
it's whistle as a warning. The boys began beating 
on the windows of other cars and shouting warnings 
of the impending collision. Several motorist left 
their cars and ran with the boys to safety; others, 
perhaps thinking the boys were joking, rolled up 
their windows and locked their doors. 

Analysis of other similar accident reports 
revealed several common factors which must be 
considered in designing a warning system. It ap­
pears that when human factors cause a collision 
the ship crew either can not or does not sound a 
warning in time for all persons on the bridge to 
reach safety. In the case where a warning was 
sounded, few motorist associated the warning 
whistle with danger. In most accidents, the ships 
were well outside of a narrowly-defined approach 
corridor sometimes minutes before the collisions. 

These analyses indicate that a warning system 
designed to prevent or reduce the potential for 
losses due to ship/bridge collisions should: 

1. Notify the ship crew of the ship position 
relative to the channel centerline. 

2. Sense when a ship is on a non-correctible 
collision course with the bridge. 

259 

3. Warn the bridge tender and motorists of the 
impending collision and give instructions on where 
to seek safety. 

4. Actuate gates and other barriers to prohibit 
vehicles from entering onto the endangered bridge 
span. 

5. Record the track of the ship as it navigates 
the waterway for later analysis and court evidence. 

Bridge-Waterway Configuration 

The bridge-waterway configuration affects the 
need for and the design of a collision avoidance/ 
warning system. Wide waterways offering a straight 
approach to the bridge reduce the changes of ship/ 
bridge collisions, but these are not always practi­
cal. The Sidney Lanier Bridge chosen by the GIT/EES 
for development of the electronic warning system 
concept represents a more dangerous configuration, 
particularly for ships sailing from Brunswick Har­
bor. Ships approaching the bridge from the south­
east (i.e., sailing up the Turtle (Brunswick) River) 
make a straight approach to the bridge for a distance 
of approximately 3.3 km (1.8 nmi); very little 
maneuvering is done by ships approaching from this 
direction since only minor course corrections are 
normally required. 

The critical part of navigating the channel 
occurs between the Sidney Lanier Bridge and the 
Brunswick Port Authority docks. Approximately 457m 
(1500 feet) north-northeast of the bridge, the 
channel forms a Y intersection. The right fork goes 
to the dock area; the left fork continues up-river. 
The angle formed by the intersection of the river and 
dock area channel is about 50 degrees. Thus, all 
large vessels entering or leaving the Brunswick dock 
area must negotiate a 50-degree turn over a distance 
of less than approximately four ship lengths. It is 
during the performance of this maneuver by outbound 
ships that almost all problems occur that lead to 
potential collisions with the bridge. 

Ship Navigation Characteristics 

Ship navigation characteristics and the effects 
of wind and tide conditions combine with the bridge­
waterway configuration to increase the possibility 
of a ship/bridge collision. Large ships, by virtue 
of their size, are not highly maneuverable. Each 
ship has a design turning radius that cannot be 
reduced at will. The turning performance is further 
degraded when the current vectors of the surround­
ing water are aligned with the thrust vectors of th.e 
ship (ebb tide). Wind can combine with current vec­
tors to further degrade a ship's maneuvering ability. 

The rudder size of large ships requires the use 
of hydrolic systems to relay steering commands to 
the rudder. This can account for a delay of up to 15 
seconds in the ship's response to a steering com­
mand. The effectiveness of the rudder is also 
affected by ship speed; the faster the ship moves, 
the more effect the rudder has for any given degree 
of rudder offset. 

For ships such as those leaving the Brunswick 
Harbor, these characteristics pose a paradox. The 
ship must maintain speed for maximum rudder effec­
tivenesss while making the critical turn; yet, the 
speed cannot be so great that the ship cannot be 
stopped should the ship fail to navigate for proper 
alignment with the bridge opening. The range of 
speed that must be maintained to ensure the proper 
balance between ship maneuverability and safety is 
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very narrow. Any system des igned to help in avoid­
ing ship/bridge collisions should, therefore, have 
the capability of displaying the ship 's true speed 
to the pilot. 

Operational Requirements 

The electronic system must function in adverse 
weather and must provide position informAtion to the 
ship pilot without distracting the pilot. The use 
of the radar aboard the ships was rejected as an 
element in the warning system because the opera­
tional performance of shipboard radars varies sig­
nificantly and requires that the local pilot become 
familiar with each particular ship radar peculari­
ties. In addition, it was determined that the pilot 
should have a system that he can depend on and 
learn to use skillfully. This requirement dictates 
that the system must be a permanent fixture having 
known perfo rmance standards . Furthermore, the 
system should not require that the pilot rig the 
system for each ship. Thus, the primary require­
ments are for a shore-based radar system and shore­
based displays. 

Sys tem Concept 

The system concept developed for protection of 
th e Sidney Lanier Bridge is based on the use of a 
s hor e-based radar to determine the ship's position 
and shore-based displays to inform the ship's pilot 
and th e bridge t ender of the ship 's position re­
lative to a safe-passage corridor . The system 
concept is illustrated in Figure 1. 

The radar would be located so that it would 
have a clear view of the entire river channel from 
the mouth of the Brunswick do ck area to the bridge, 
and the antenna would be operated in a sector scan 
mode t o provide an angular coverage of approximately 
90 degrees. The radar would track the ship as it 
left the Brunswick dock area until it reached the 
bridge . The radar would supply information concern­
ing the location of the ship bow and stern (i.e., 
orientation of the ship in the channel). 

The pilot's display would be a billboard system 
to provide a heads-up indication of ship speed and 
dis tanc e from channel centerl i ne. The Sidney 
Lanier Bridge system would requir e the use of two 
pilot ' s displays; one located on the bank and one 
located on the bridge . Two displays would be used 
because it is important that the pilot look down the 
center of the ship bow during turning maneuvers. 
The pilot would use the shore-based display while 
emerging from the dock area until reaching a point 
halfway through the SO-degree mid-river turn. Half­
way through the mid-river SO-degree turn, the pi­
lot's f ield of view would shift t o a point near 
the center of the bridge. At this point, the pilot 
would use the display mounted in the center of the 
br idge . 

The display system used by the bridge tender 
would be a miniature version of the pilot's dis­
play system and would be mounted on a panel i n the 
bridge control r oom . Thus, the bridge tender would 
have access to the same information as the s hip 
pilot. It was reasoned that the bridge tend er would 
eventually learn the proper channel position for 
the ship as a function of distance from the bridge. 
The ability of the bridge tender to use his display 
to warn of a collision would not be left to chance . 
The radar signal processor would automatically sound 
an alarm when the ship posed a danger to the bridge. 
This danger criteria would be computed on the basis 

Figure 1. System concept for Sidney Lanier Bridge. 

of the ships loca tion in the channel, heading , 
speed , size, and i nteractions with tide, current and 
wind conditions . A second alarm would be sounded if 
the ship reached a point where collision wer e immin­
en t. A plan of ac t ion could be develop ed t o warn 
motorists and the pilot, given the two levels of 
warning available to the br idge tender. This warn­
ing would be in verbal form given to motoris~s (by 
loudspeaker or other communicat ion device) with 
instructions on the evasive action to be taken . The 
evaisve action t ape recording message would be se­
lec ted by the radar signal processor. 

Conclusions 

Highway and railway bridges are vulnerable to 
damage by ships. The consequences of ship/bridge 
collisions can be far reaching , including the loss 
of human life. The primary causes of accidental 
ship/bridge collisions are equipment failure and 
human negligence. Therefore, an electronic sys tem 
that reduces the chances of or the losses from 
such accidents should be given ser ious considera tion. 

The sys tem concept deve loped by the GIT/EES for 
protection of the Sidney Lanier Bridge represents 
a near worst case condition. The concept can be 
readily adpated to provide protection of less 
vulnerable bridges . 

An automated detection and warning system may 
be a cost-effective alternative to fenders for pro­
tection of certain bridges. The system could in 
many cases provide a warning to motorist much earlier 
than a ships crew. It could also provide a warning 
message tailored to get an optimum response as well 
as provide accurate data for post accident inquiry 
boards. Ships crews could be given information to 
improve their navigation and thus decrease the pro­
bability of collision. The same system could operate 
safety barriers to close traffic lanes after collision. 
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