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Field Testing of the Fremont Bridge

MICHAEL J. KOOB AND JOHN M. HANSON

In July 1979, field tests were conducted on the Fremont Bridge on the Willamette

River in Oregon to obtain strain and perature that would pro-

vide information on in situ and service load stress conditions. The behavior of the

bridge was more dependent on temperature than on traffic. On a hot day when

the temperature reached 100°F, the temperature differential between the exposed

top and shaded bottom flange plates was 50° F. The maximum daily stress range
in the tie girders due to the temperature differential was about 10 ksi. Where
local bending occurred in the web plates, the maximum daily stress range was
about 20 ksi. Comparison of strain readings on two days of comparable tem-
perature, with light and heavy traffic, indicated that the stress range due to
traffic was about 1-2 ksi. Dynamic recordings of strain were made at 12 selected
category E details during typical traffic conditions. The passage of heavy vehi-
cles typically caused stress ranges up to 1000 psi. The largest measured stress
range of about 3000 psi was iated with the ge of a heavy mobile crane.
The frequency of these stress ranges was estimated to be about 50 percent of the
average daily truck traffic of 5400 vehicles. The bridge was also subjected to a
controlled loading of four heavy vehicles weighing a total of 177 100 Ib. The
maximum stress range occurring on an instr d cross section near the junc-
tion of the arch rib and tie girder was 750 psi. The maximum stress range at any
other instrumented location was 2150 psi.

A comprehensive postconstruction evaluation study of
the Fremont Bridge on the Willamette River in Oregon
(1) was conducted for the Oregon State Highway
Division (OSHD). The purpose of this study was to
assess the 1long-range performance of main load-
carrying, nonredundant tensile members and compo-
nents of the structure.

A field testing program was carried out in July
1979 as part of the study. This program was in-
tended to provide information about the behavior of
the bridge under combined traffic and environmental
conditions.

During the 10-day field testing period, one day
was cool and partly cloudy and several days were hot
and clear. The hottest day occurred on July 16,
when the ambient temperature reached 100°F. Through-
out the testing period, readings were taken at
intervals of one or two hours or more often if the
recording station was manned and selected gages were
being monitored. Dynamic recordings of strain were
made during typical traffic conditions. The bridge
was also subjected to a controlled loading of four
heavy vehicles weighing 177 100 1lb.

DESCRIPTION OF BRIDGE

The Fremont Bridge is a three-span, stiffened steel
tied arch 2159 ft in length, as shown in Figure 1.
In this structure, the arch is loaded in compression
and the tie girder is loaded in tension to counter-
act the thrust of the arch as well as in flexure to
resist the live-load bending moments. The main span

is divided into 28 panels at 44 ft, 10 in, for a
total length of 1255 ft, 4 in. Each side span is
divided into 10 panels at 44 ft, 10 in, for a total
length of 448 ft, 4 in. Junctions between panels
are numbered from 0 through 48. A description of
the bridge and its design is given by Hedefine and
Silano (2).

A typical section through the bridge, in the
region where the arch is above the roadway, is shown
in Figure 2. The orthotropic steel upper deck,
carrying four 1lanes of westbound traffic, acts
integrally with the tie girders. The bottom deck,
carrying four lanes of eastbound traffic, is a
reinforced concrete slab supported on stringers and
floor beams. In the middle 896 ft of the bridge,
where the arch ribs are above the tie girders, the
bottom deck is suspended by hangers from the tie
girders. Outside of this region, the bottom deck is
framed into compression struts extending between the
arch ribs and the tie girders.

Representative details of the orthotropic deck
and tie girders are shown in Figure 3. The top
flange is A36 steel, and the bottom flange is A588.
The webs are 0.5 in thick except at the junctions
with the arch ribs and pier columns. Typically, the
lower 6 ft is fabricated from a high-strength,
low~-alloy steel that meets the requirements of ASTM
A441, and the upper part is fabricated from A36
steel. This hybrid design reflects the integral
action of the orthotropic deck and tie girders, with
the neutral axis about 6 ft below the top flange.

Welded construction is wused throughout the tie
girders, except for high-strength bolted field
splices.

The arch ribs are box shaped and have a constant
width of 4 ft. The depth of the web plates is 3 ft,
10 in; hence, the overall depth of the arch ribs
varies depending on the flange plates, which have a
maximum thickness of 2.25 in. High-strength,
quenched and tempered ASTM A514 steel is used for
the arch ribs, which are welded except for bolted
field splices.

At the four junctions of the girders and arch
ribs located at panel points 14 and 34, the cross
section of the arch rib is changed from a box shape
to three A514 strap plates in a vertical plane, each
3 in thick and 3 f£t, 10 in deep. These three straps
are stiffened by a welded diaphragm at middepth. The
straps extend through slots in the top and bottom
flanges of the girder.

The center section of the bridge, between panel
points 14 and 34, was fabricated off site, trans-

Figure 1. Elevation of Fremont Bridge. 2159 0"
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Figure 2. Typical section where arch Is above roadway.
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ported on barges, and erected by hydraulic jacking.
A bolted splice connects the center and end sec-
tions, located within the junction of the tie girder
arch rib. Heavy jacking stiffeners are also welded
and bolted to the sides of the tie girder in this
area.

The final coat of paint on the exterior of the
bridge was a light shade of green.

INSTRUMENTED AREAS

It was decided that the best measure of the overall
response of the bridge would be obtained by install-
ing strain gages on four cross sections in the
vicinity of panel point 14 in both the north and
south tie girders. The 1locations of the instru-
mented sections, designated A, B, C, and D, are
shown in Figure 4. Concern about the properties of
a steel plate in the bottom flange near panel point
42 in the north tie girder led to installing instru-
mentation at a cross section in this region, desig-
nated section E.

Sections A, C, D, and E and section B were in-
strumented with six and sixteen 90° three-element
strain gages, one element of which was parallel to
the longitudinal axis of the member. At panel point
14 on the north tie girder, three 3-element strain
gages, designated group F, were installed on the
north web plate adjacent to the heavy fillet welds
attaching the strap to the web.

In conjunction with the strain gage instrumenta-
tion, thermocouples were installed in both the north
and south tie girders at section B.

Additional instrumentation was installed at
locations of details where conditions were believed
to be susceptible to fatigue crack growth or where
special study of strain response was desired. These
details included (a) ends of horizontal stiffeners,
designated group G; (b) reinforcement around vent
openings, group H; (c) openings for lower deck
hangers in the bottom flange, group I; and (d)
junctions of deck beams and web plates, group J, as
shown in Figures 5-8, A total of 12 details were
instrumented by using two-element gages. The gages
were located close to the detail. Wiring diagrams
for the gages are shown in Figure 9. During most of
the testing period, the longitudinal and transverse
elements of the three-element gages were wired

Transportation Research Record 903

Figure 3. Representative dotails of deck and tie girder.
¢ OF BRIDGE

EPOXY ASPHALT

Ly DECK
™
.
DECK BEAM
le— A36
WELDED  ANGLE
= CROSS BRACES
o /‘/
)
)
n
” U
., o —Ad4l
]
o
/A588

5'-6"

GIRDER SECTION

together to provide a single, temperature-compen-
sated reading. Some readings were also made with
all three elements wired separately to determine
principal strains. Stress was calculated from these
readings by assuming a modulus of elasticity of 29

million psi and Poisson's ratio of 0.3. A correc-
tion, wusually small, was made in the computed
stresses to account for biaxial effects. The longi-

tudinal and transverse elements of the two-element
gages were wired together throughout the testing
period.

To facilitate the strain measurements, a central
recording station was established inside the north
tie girder hetween panel points 14 and 15. Twisted,
shielded, 18-gage, 3-conductor wires were used to
connect the gages to the recording station.

MEASURED TEMPERATURES

Selected measurements on the tie girders are shown
in Figure 10. Review of the data shows that the
temperature distribution was uniform before sunrise
(at 4:00 a.m.). At sunrise, or approximately 6:00
a.m., the south web and top flange of the south tie
girder were exposed to the sun, if the day was
clear, and would begin warming. Peak temperatures
on both the soulh web and top flange were reached at
about 1:00 p.m.

The north tie girder was shaded by the upper
roadway until late afternoon. The peak temperature
of the top flange was reached at about 1:00 p.m.,
whereas the peak temperature of the north web oc-
curred in early evening, at about 6:00 to 8:00 p.m.,
after it was exposed to the sun.

The maximum temperature measured was 144°F, which
occurred on the top flange of the south tie girder
on July 16, 1979, when the ambient temperature was
90°F. Surfaces not exposed to the sun were always
close to the ambient temperature. The wmaximum
temperature differential between the top flange and
side plates of both tie girders was about 50°F.
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Figure 4. Location of instrumentation at panel point 14.
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o flange plate at section A in the south tie girder is
. shown in Figure 1ll. The temperature was obtained
0 from thermocouple S1 located on the top flange plate
at section B in the south tie girder. The abrupt
HORIZONTAL SECTION change in temperature at approximately 1:00 p.m. is
LOOKING DOWN due to the passing of the shadow of the arch rib
over section B. Maximum stress range is about 12
ksi. Note, however, that the shadow of the arch rib
does not pass over the gages at section A.
STRESSES UNDER TRAFFIC Strain at gage SB2, located on the top flange
plate at section B in the south tie girder, is shown
Figures 11-15 show the change in stress at selected in Figure 12. The temperature was obtained from
gage locations near panel point 14, computed from thermocouple S1, which is adjacent to the strain
the measured strain during the period from July 12 gage. At this location, the strain responds in
through July 17. Data from a representative thermo-— close relation to temperature. The maximum stress
couple are also presented in each figure. range is approximately 10 ksi.

Strain at gages SAl and SA2 located on the top Strain at gages NA2 and NA5, located on the top



and bottom flange plates, respectively, at section A
in the north tie girder, is shown in Figure 13.
Thermocouple N1 was located on the top flange plate
at section B in the north tie girder. Stress ranges
are about 11 and 4 ksi at these two locations.

In Figure 14, the strain at gages NB3 and NB1l3 is
shown. These gages are located on the top and
bottom flange, respectively, at section B in the
north tie girder. Temperature measurements were
obtained from thermocouple N1, which is located

Figure 9. Strain gage wiring diagrams.
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Figure 10. Measured temperatures.
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adjacent to gage NB3, Stress ranges of 8 and 5 ksi
are apparent at the two locations.

Data from strain gages on the tie girder web
plates indicate that out~of-plane bending occurs.
Figure 15 shows this effect at section B on the

Figure 11. Strain gages SA1 and SA2 and thermocouple S1.
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Figure 12. Strain gage SB2 and thermocouple S1.
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Figure 14. Strain gages NB3 and NB13 and thermocouple N1.
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Figure 15. Strain gages NB9 and NB10 and thermocouple N2 and air.
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north web of the north tie girder. Longitudinal
stresses computed from strains are plotted for gages
NB9 and NB10, which are located on opposite sides of
the web plate midway between stiffeners. Bowing of
the plate apparently occurs daily. The maximum
daily stress range is approximately 20 ksi, although
the average stress is fairly uniform.

It is evident from these figures that the stress
variations are repeatable and closely related to
temperature. The heavy traffic periods in the
morning and afternoon have little apparent effect.

Readings made on two days with similar tempera-
tures but different traffic conditions were com-
pared. These days were Sunday, July 15, when traf-
fic was light, and Tuesday, July 17, when traffic
was normal. The differences indicated that the
stress range due to traffic was about 1-2 ksi.

STRESSES UNDER CONTROLLED LOADING

During the field testing, the bridge was subjected
to a loading of four vehicles weighing a total of
177 100 1lb. This test was conducted early in the
morning on July 15 to minimize temperature effects.
Both static and dynamic tests were conducted. Traf-
fic was excluded from the bridge.

In the static loading test, the four trucks were
positioned side by side in two rows on the upper

Figure 16. Measured strains at gages NB2 and NB4 under controlled loading.
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deck in the two adjacent traffic lanes nearest to
the north tie girder. Strain response was measured
with the vehicles positioned at selected panel
points along the bridge.

Figures 16 and 17 show computed stresses from
strains measured at section B in the north tie
girder. The ordinate and abscissa correspond to the
longitudinal stress and the location of the vehi-
cles, respectively. Note the departure of the
ordinate from the base line at the conclusion of the
test. This departure is attributed to the change in
ambient temperature during the time period in which
the test was conducted, between 6:00 and 7:30 a.m.
The measured strains were quite small, corresponding
to stresses less than 750 psi.

It may be noted that the strain response is
greater when the vehicles are between panel points
14 and 24 than when they are positioned between
panel points 14 and 0. This is apparently due to
the varying stiffness of the structure. Between
panel points 14 and 0 the tie girder is supported at
each panel point by a vertical column, whereas
between panel points 14 and 24 the tie girder is
suspended by cables. When the vehicles were at
panel point 10 (vertical column over pier), stress
at all sections was essentially zero.

Data were also recorded in analog form by using a
nine-channel strip chart recorder. Two groupings of
gages were monitored; the first was on selected
details, and the second was on gages from section B
on the north tie girder.

Data were obtained during run A when the vehicles
were parked at each panel point. In the dynamic
test, run B, the four trucks were driven in a group
across the bridge at approximately 15 mph in the
same lanes used for the static tests. Data from
gages recorded during the passage of vehicles in run



B are shown in Figure 18. The stress levels in both
runs were dquite low. The maximum static stress
recorded in run A was 2150 psi at gage N19G2; the
maximum dynamic stress in run B was 2100 psi at gage
N19I2. The dynamic response followed the same gen-
eral pattern as the static response.

To induce impact loads and provide information on
impact factors, 2-in-thick boards were placed across
the roadway at panel points 18.5 and 10.5. The
output recorded during these runs indicated that the
impact excited higher modes of vibration but there
was only a slight magnifying effect on the strain
readings.

STRESSES AT FATIGUE-SENSITIVE DETAILS

Dynamic recordings of strain under normal traffic
were made at the fatique-sensitive details from July
16 to July 20. The gages were divided into groups,
and each was recorded for time periods of 1-4 h.
Generally, significant strain response was associ-
ated with the passing of a truck. However, the
representative stress "signatures" were very small.
Typical data are shown in Figure 19. The maximum
stress range, at gage N5I1, was 1250 psi. More typi-
cal values are 400-900 psi. As mentioned pre-
viously, the response for gages at the same detail
was similar,
It is also of interest to compare these data with
those obtained under the controlled loading shown in
,,,,,, In all cases, the stress ranges recorded
under the controlled loading were somewhat greater.

STRESS RANGES AND FREQUENCY OF OCCURRENCE

On July 17, dynamic strain recordings were made at
four selected details for a period of approximately
2 h, between 10:30 a.m. and 2:30 p.m. From previous
recordings, the strains at these details appeared to
be 1larger than at other locations. Data obtained
from the eight gages at these four details, during
an interval of about 1 min, are shown in Figure 20.

A histogram of the stress computed from strain at
one gage from each of the four details was developed
from the dynamic recordings. The minimum strain
that could be recognized on the recording corre-
sponded to a stress of about 300 psi. 1In developing
the histogram, each peak to valley or valley to peak
on the recording in excess of 300 psi was therefore
considered to be one-half of a stress cycle. On
this basis, the number of stress cycles in 300-psi
increments (ignoring cycles below 300 psi) was ob-

Figure 18. Data from run under moving truck loading.
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tained and plotted in the histograms shown in Figure
21.

An effective Miner's stress range (S;e) was
computed from the data in these histograms by using
the following relation:

= (278 )3 (6]
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Figure 21. Histograms of stress cycles based on data obtained during 2-h
period.
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where vy; is the proportion of the total cycles
falling within a particular interval i, correspond-
ing to a stress range S,j. The effective stress
range for each histogram is shown in Figure 21.
During this 2-h period, the maximum strain was ob-
served at gage N19I2 and corresponded to a stress
range of about 2550 psi. A total of 376 cycles were
measured at this gage. The maximum effective stress
rande of 1150 psi was obtained at gage N19Gl.

COMPARISON OF TRAFFIC WITH DYNAMIC RECORDINGS

Beginning at 2:40 p.m. on July 19, an effort was
made to correlate dynamic strain recordings, or
signatures, with observation of the traffic. This
was found to be very difficult; only occasionally
could a signature be associated with a specific
vehicle such as a logging truck.

The vehicle that produced the 1largest recorded
stress range was identified as a mobile crane on the
top deck. The stress signatures from this load are
shown in Figure 22. Except for the magnitude of the
response, the signatures are similar to those of
other heavy vehicles. It is interesting to compare
the signatures for gages N19I2 and N19G2 with the
signatures obtained during the controlled loading
tests shown in Figure 18. The signatures are simi-
lar except that the two rows of vehicles passing in
quick succession in the controlled loading test are
distinguishable and the stress ranges are somewhat
lower.

DISCUSSION OF RESULTS

The field testing indicated that three conditions
induced stress variations in the tie girders. Most

Figure 22. Dynamic strain response of gages during passing of mobile crane.
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of the small-amplitude but high-cycle stress varia-
tion came from the passage of heavy vehicles. A
small stress variation associated with the buildup
of traffic was also observed. A large-amplitude
stress variation occurred daily with temperature
change.

The maximum measured stress range associated with
the passage of a heavy vehicle was 3.15 ksi at a
hanger slot in the bottom flange of the north tie
girder near panel point 19. Most of the measured
stress ranges at the instrumented details were less
than 1 ksi, although stress ranges up to 2.5 ksi
were measured near panel point 19. An effective
Miner's stress range of 500-1150 psi was determined
from data at each of four locations.

It was estimated that the number of cycles per
day would be about eight times the number of cycles
shown in Figure 21 for a 2-h period at midday. On
this basis, the number of expected daily cycles at
gages N19G and N191 is approximately 3000. The
number of cycles at other locations is smaller.

Information supplied by OSHD indicated that the
annual average daily traffic (ADT) on the bridge in
1978 was 58 775 vehicles. A projection to the year
2000 indicated that the ADT may be 93 400 vehicles.
Approximately 9 percent of the vehicles crossing the
bridge may be classified as trucks. Assuming that
the ADT was 60 000 vehicles during the field test-
ing, the average daily truck traffic (ADTT) should
be about 5400 vehicles. Thus, the ADTT is about 1.8
times the rough estimate of 3000 cycles/day from the
details near panel point 19. It should also be
noted that the maximum stress range recorded at the
details near panel point 19 under the controlled
four-truck loading was 2.15 ksi, or approximately
twice the maximum effective stress range under nor-
mal traffic.



The largest stress variations were related to the
effects of temperature and particularly to direct
exposure to the sun. As the sun passed over the
bridge, the exposed surface of the south and then
the north tie girder absorbed substantial heat. The
maximum measured temperature was 144°F and occurred
on the top flange of the south tie girder on July
16, 1979, when the ambient temperature was 90°F,
Surfaces not exposed to the sun were always close to
the ambient temperature. Temperature differentials
of 50°F between the top and bottom flange plates and
20°F between the outside and inside web plates were
measured in both tie girders.

The strain measurements indicated that the state
of stress in the tie girders in the vicinity of the
arch ribs is very complex. Maximum daily stress
ranges in the longitudinal direction of the tie
girders were about 10 ksi on the hot days. Where
local bending occurred in the web plates, the maxi-
mum daily stress ranges were about 20 ksi.

Strain readings on two days of similar tempera-
ture conditions were compared in an effort to esti-
mate the underlying stress variation due to light
and heavy traffic. These days were Sunday, July 15,
and Tuesday, July 17. Cages on sectioen NB and
strain gage NF1 were selected for the comparison.
Readings were compared between 2:00 and 6:00 p.m.
Most of the differences in stress are less than 1
ksi at section NB. Stress values obtained from gage
NF1 show a change of 2 ksi in the web of the tie
girder perpendicular to the arch rib. Therefore,
the underlying stress variation due to traffic is
believed to be about 1-2 ksi.

Because the density of the traffic may vary even
during peak periods, it is thought that the under-
lying stress variation due to traffic should be
considered to occur, at most, 50 times a day. This
variation combines with the stress ranges associated
with the passage of heavy vehicles.

CONCLUSIONS

Field testing indicated that stress ranges in the

Seismic Design of Curved Box

C.P. HEINS AND I.C. LIN

The seismic response of single and continuous curved steel composite box
girder bridges has been predicted by an equivalent structure load method. This
method has been developed by computing equivalent structural stiffnesses of
the entire bridge for the three displacement directions (x, y, z) and rotation.
These stiffaesses ate then used W evaluale corresponding natural frequencies
{cy, Wy, Wy, and w¢) by using a single degree of freedom system. The induced
accelerations are then determined from the response spectrum curves. The re-
sults of these analyses are then used to develop a series of empirical equations
for direct design.

As a result of the 1964 Alaskan earthquake, the 1971
San Fernando earthquake, and, more recently, the
1978 Santa Barbara earthquake (1), bridge structures
in the United States have undergohe--considerable
destructive forces. These earthquakes caused—bridge
professionals to reassess the design techniques that
had been applied until that time for seismic design.
A prime force in such modifications has been the
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tie girders under traffic were generally less than 2
ksi and only infrequently 3 ksi. The number of
cycles varied with the location, but it did not
exceed the ADTT. However, the temperature of plates
exposed to the sun may be as much as 50°F higher
than the temperature of plates in the shade, which
is always close to the ambient temperature. The
nominal stress may change by about 10 ksi as a re-
sult of daily thermal effects. Where local bending
was present, the dally stress range was about 20 ksi.
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Girders

California Department of Transportation (Caltrans)
and the California-based professional organization,
Applied Technology Council (ATC). The present 1977
American Association of State Highway and Transpor-
tation Officials (AASHTO) bridye code (2), as re-
lated to seismic design, was greatly influenced by
the work developed by Caltrans. This code suggests
an equivalent static force method for simple struc-
tures and, when the structure is complex--as in
curved bridges, for example--a computer-based re-
sponse spectrum or dynamic analysis should be con-
sidered.

In the present 1977 AASHTO code, most engineers
would use the seismic coefficient method (SCM) be-
cause computer-oriented dynamic programs may not be
available or are not amenable for direct design.
However, the SCM may give erroneous results when
used for design under seismic conditions (3), as ex-—
perienced by Caltrans. Caltrans in fact has used
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the response spectrum technique for the design of
many structures.

Because of these conditions and experience gained
from recent earthquakes, the Federal Highway Admin-
istration (FHWA) decided to reassess the 1975 AASHTO
code and in 1977 sponsored a research program di-
rected by ATC (4). Part of the work of this council
is to prepare a new specification (5). Although
this code will be an improvement over past criteria,
major areas of research still require investiga-
tion. These areas, as suggested recently by dele-
gates attending a workshop conducted by ATC (6), in-
clude the following:

1. Conduct of parametric studies for the seismic
response of common types of bridges to determine the
effects of geometry and constraint on overall seis-
mic response (parameters should include span length,
curvature, column height and stiffness, material,
etc.),

2. Performance of appropriate dynamic analysis
on curved bridges (7,8) and development of a simple
procedure for the design of curved bridges,

3. Development of a practical and accurate
method to estimate the fundamental period of bridges,

4. Correlation of vibrational characteristics of
existing bridges with theory, and

5. Preparation of a summary of dynamic behavior
and characteristics.

These areas of research are currently being studied
and will encompass curved steel and concrete box
girder bridges.

Three techniques can be used in the dynamic
analysis of such structures: (a) the response spec-
trum technique, (b) multimodal method-response spec-
trum, and (c) multimodal time history analysis.
These methods are now being used in this research.
The method that was used in the work described in
this paper involves a space frame analysis of the
general structure, computation of the equivalent
natural frequency, and then determination of the
equivalent dynamic forces for curved steel composite
box girder bridges.

As this paper demonstrates, a comprehensive study
of the influence of the various parameters has re-
sulted in a proposed equivalent static load analysis
technique, It should be noted that a more compre-
hensive study is being done that includes time his-
tory response and multimodal analysis. These re-
sults will then be compared with the results
obtained by using the single degree of freedom
(SDOF) system and the response spectrum data given
here.

THEORY

Computer Model

The general static response of curved bridge struc-
tures requires incorporation of the interaction be-
tween the bending and torsional forces (7-12). Such
interaction can be considered by solving Vlasov
equations (12) or by development of the stiffness
matrix (13) and appropriate restraint conditions.

The matrix-oriented technique, however, is more
versatile in that a three-dimensional model (space
frame) can be considered. This then permits model-
ing of the structure so that the support conditions
can represent the physical restraints. 1In addition,
the induced actions can be applied in three direc-
tions and thus simulate the various earthgquake=-
induced actions.

Therefore, the study of the induced actions on a
structure subjected to earthquakes was confined to
the use of a space frame matrix simulation. The

basic modeling consists of a series of typical ele-
ments attached rigidly together to form a continuous
curved box girder bridge.

The basic properties of each beam element consist
of I,, Iy, and Kp. Although warping and dis-
tortional ~ properties (Iw, W,» and W;) can be
computed, they were not considered in this study be-
cause it has been shown that, with proper bracing of
the box girder, warping and distortional effects are
negligible (10).

Therefore, by properly evaluating the stiffness
of each beam element and identifying each Jjoint
load, the static response of the continuous curved
girder can be determined. The static response can
then be used to determine the effective earthquake
effects by using the response spectrum curves. The
general procedure in which this method is used can
now be described.

The support restraints to be imposed on the
bridge model can be identified as releases in the
computer model. Because a space frame model is be-
ing used, six releases or restraints must be identi-
fied. For the bridge under study, the following was
assumed.

Equivalent Dynamic Analysis

The natural frequency response (w) of an SDOF sys-
tem can be predicted by the following (14-17):

w=vVk/m 1)

where k is the spring constant and m is mass [w/g
(total weight of structure/gravity)] or mass moment
of inertia.

If the frequency w of the system, as computed
from Equation 1 or some other technique, is reli-
able, then the corresponding induced vertical accel-
eration of the mass m created by an earthquake can
be predicted by using the response spectrum curves
given in Figures 1-3. The accelerations obtained
are then used to determine the induced dynamic force:

F=m-agrg (22)

where agg = ¥ = linear acceleration obtained from
response spectrum curves (18).

If the system is subjected to angular accelera-
tions §, then the induced dynamic torque (M) is

M= IéRS (2b)
where

I = mass moment of inertia = | pr2dA = pgree]
f{x? + y2)dA + pooncretef (X2 + v2)dA,
§rg = rotational acceleration obtained from the
response curve (19), and
mass per unit area.

o

This type of procedure has been proposed else-

can accurately determine the natural frequency (w)
of the structure.

Natural Frequenc

As indicated by Equation 1, the natural frequency of
an SDOF system is given as a function of the spring
stiffnesses (k) and the spring mass (m). If the
system is a bridge structure, the spring constant
can be represented by

k=(1/8) (3

where A is the induced maximum displacement caused
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by a unit load. Therefore, by determining the re-
sponse of a given box girder bridge when subjected
to a unit load, an equivalent spring constant can be
obtained. This constant (k) and the total mass of
the bridge will then permit evaluation of the nat-
ural frequency as given by Equation 1.

In the instance of curved structures, the dynamic
action can occur in three principal directions and
one primary rotation. The resulting maximum dis-
placement induced by these unit loads will then give
the corresponding equivalent stiffnesses (Ky o

ky, ky, and kq) as shown in Figure 4. The
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corresponding natural frequencies can then be deter-
mined by applying Equation 1.

Computer Program

A general computer program has been developed (26)
that will automatically determine the equivalent
spring constant for the three translation directions
(kyr ky, and ky,) and the one rotation (kp)
ot a continuous, constant-radius bridge. Section
properties are automatically computed and are used
for determination of the stiffness matrix. Dead

Figure 1. Vertical response spectrum 1000
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loads and masses are also computed and are used to
determine the equivalent dynamic force, as given by
Equation 2. This dynamic force is then applied uni-
formly to the structure, and the resulting deforma-
tions and actions are determined.

The response spectra (Figures 1-3) have also been
incorporated into the program for direct use. Based
on a constant 2 percent damping value for these
types of bridges (18,22), the general curves have
been written in algebraic form (26).

Figure 3. Torsional response spectrum,
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Figure 4. Equivalent structural stiffness.
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The program will automatically select 11 nodes
for each span with 10 members/span between the sup-
ports. The proper member properties corresponding
to the basic input section lengths are automatically
determined. The interior support restraints are
assumed to be flexible due to the insertion of
springs in the three displacement directions.

BRIDGE STUDIES
Typical Sections

In order to develop a simplified design technique,
the response of various curved box girder bridges
must be examined. Such box girders, which have been
used in previous studies (7), were used in this
parametric study. Only the three-lane, three-girder
system was considered in this study because this is
most typical of curved box girder structures (10).

The basic span length configurations examined are
shown in Figure 5, where length (L) = 50-150 ft and
N (ratio of span length) = 1.2. The radius used for
these various structures varied from 200 ft to in-
finity.

Column Details

In order to include the influence of the flexibility
of the piers, a survey was conducted to determine
typical pier configurations and sizes. Such a sur-
vey has indicated that for a roadway of 44 ft, with
three boxes, a three-column bent is generally used.
Such column bents generally have the following de-
tails:

Column Steel Bars
Type Size (ft) Type No.
Round 2.5 <d < 3.0 #11 12-20

(dTameter)
Rectangular 4x12

#8 or #9 30-40

ELEV.




12

Figure 5. Modeled bridge details.
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The height of the bents is 10-15 ft, and the spacing
between columns is 15-18 ft.

By using this basic information, the section
properties (I, and I,) of the round and the rec-
tangular column have been computed (26).

These column stiffnesses were used and a three-
column bent type was assumed in determining the de-
formation of the bent caused by a unit load in the
transverse and longitudinal directions (with rigid
pier caps). The equivalent spring constant was then
determined from

k; = (1/8) = [L3/3E(3Iy)] 4
ky - (1/8) = [L3/3E(31,)] (%)

The resulting k, and ky values for the column
heights of 10 and 15 ft were then determined (26).

With these equivalent pier stiffnesses, the in-
ternal piers can then be modeled by using equivalent
springs.

General

By ucing the basic box geometry and the support
spring constants of ky = 0-2x10* kip/in, ky = =, and
k, = 0.5%10? kip/in to =, the equivalent seismic re-
sponses of the single-, two-, three-, and four-span
structures were examined. The resulting natural
frequencies (wyr g r Wy and wg) for
all bridge spans and their corresponding induced ac-
celerations were then obtained (26). For the con-
tinuous spans, the pier flexibilities, as given by
ky and k,, were also included as a variable.
Three basic variations have been assumed:

z = rigid;

1. kg =0, k
= 0.66 x 10° kip/in, k

2« K, = 0.5 x 10° kip/in;

¥4
and

3. kg = 2 x 10° kip/in, k, = 0.66 x 10* kip/in.

o
e

NL———}

The analyses of the various bridges have been
performed and have resulted in typical response
curves for Wy Wyr e Wy and wg as a
function of radius (R) and L. An example of such a
response (uy) for a two-span structure is shown
in Figure 6.

The induced accelerations, as determined from the
response spectra, have also been plotted as a func-
tion of L/R and L for the single span (26).

However, the corresponding accelerations for the
continuous spans and the single span have been plot-
ted in Figure 7 as a function F versus the number of
spans, radius, stiffnesses (kxy and k,), and span
lengths, where

Fy = A, (continuous-span value)/A, (single-span value) (6)

For all span lengths of 50, 100, and 150 ft, sim-
ilar relations between F,, F,, and Fg have
been plotted (26). These data were then used to de-
velop appropriate design criteria.

MULTIMODAL SOLUTIONS

To demonstrate the reliability of this simulated dy-
namic solution, the response of single-span and mul-
tispan bridges with rigid and flexible column bents
has been examined by using the SAP IV computer pro-
gram (13). This program idealizes the bridge as a
three-dimensional unit and examines dynamic response
by using dynamic mass matrix techniques.

Examination of the dynamic response of a three-
and four-span continuous curved structure on flex-
ible bents has resulted in the data (uwy, v
wyr and ) given in Table 1. Examination
of these data indicates that the comparisons between
the resulting frequencies obtained from the space
frame structure and SAP IV are reasonable but that
only the wy, and w values are 1in agreement.
It should be noted, however, that the SAP IV solu-
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Figure 6. Natural frequency (w,) versus radius for
two-span bridges.

Figure 7. Continuity factor F, versus number of spans (L = 50 ft).
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tion does not provide for the angular frequency
(wg) and, if one compares the w. obtained
from the space frame structure with w,, there is
excellent agreement. Therefore, it is reasonable to
; assume that the space frame structure that gives
Sk wy, and wy is a combination of the data given
by w, obtained from SAP IV.
o DESIGN CRITERIA
T
R = 1000 Trends
, The seismic design of continuous curved box girders
Ri= 993999 will be related to the response of single-span
curved girders. Therefore, the single-span acceler~
ations (Ry, Ay, Ay, and A,) were determined
with respect to the basic bridge geometry, which
yielded the following:
Ay for 100 ft < L < 150 ft = 2.2 (L/R)® + 0.011L + 0.45 )
A, for L > 100 ft = - 0.016(L) + 4.7 ®)
A, forL> 100ft=3.8 ©)
AiforL>100ft=1.5 (10)
The continuity factors F have similarly been de-
termined in analytic form. This results in the fol-
50" lowing four continuity factors:
2/3 x 10° F, (longitudinal) = - 0.02(L) + 3.75+ K (11)
0.5 x 103
where K = 0.00125R for R < 600 ft and K = 1.0 for
R > 600 ft.
Fy (vertical) = -0.125(NS) - 0.002L + 1.35 12)
where NS is the number of spans (2, 3, or 4).
4l F, (transverse) = -0.005L + 1.5 (13)

F(torsion) = -0.075(NS) + 1.15 (14)



14

Table 1. SDOF solution {space frame) versus SAP 1V,

Transportation Research Record 903

wy (cycles/s)

wy (cycles/s)

w, (cycles/s)

Type of Structure

Space Frame SAPIV

Space Frame SAP IV

Space Frame

Space Frame SAP IV wy (cycles/s)

3.682
3.5232

Three span where L =150, 180, and 150 ft and R = 100 ft
Four-span where L = 150, 180, 180, and 150 ft and R =
1000 ft

4.282
3.444

1.129 1.823
0.966 1.639

1.189
1.016

4.715
3.950

4.506
3.855

Design Approach

The equivalent seismic design of curved box girder
bridges will incorporate the primarily developed
equations and the effective peak acceleration map

(Kp) given by AASHTO (2). The general design
equations for translation and rotation, respec-
tively, are of the following form

EQ,=Fp-A, -m-K, (15)
EQ,=F, A, T-K,p (16)

where

EQ, = total applied seismic force in x, y, z, or t

direclions;

F, = continuity factor in x, y, z, or t direc-
tions;

A, = single-span acceleration;

Kp = effective peak acceleration modifying factor
(2); and

I = rotational mass moment of section = pf(x% +

y2)dA.

For the specific direction n, the continuity factor
F and single-span acceleration A, are given by
Equations 7-14.

SUMMARY AND CONCLUSIONS

The seismic response of single and continuous curved
steel composite box girder bridges has been pre-
dicted by an equivalent structure load method. This
method has been developed by computing equivalent
structural stiffnesses of the entire bridge for the
three displacement directions (x, y, and z) and ro-
tation. These stiffnesses are then used to evaluate
correspanding natural frequencies (mx. mx,
wyr and @) by wusing an SDOF system. The
induced accelerations are then determined from the
response spectrum curves. The results of these
analyses are then used to develop a series of empir-
ical equations for direct design.
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Test to Failure of the Hannacroix Creek Bridge

DAVID B. BEAL

A 52-year-old reinforced concrete T-beam bridge was destructively tested to

luate the q of te deterioration on load capacity. Instru-
mentation included measuring tension and compression rebar strain at mid-
span, end rotation, and midspan deflection. The single- and double-T test
specimens were loaded symmetrically to produce a constant-moment region at
midspan. The condition of the bridge was rated 2.5 on a scale from 1 (poten-
tially hazardous) to 7 (new condition). The concrete deck was highly fractured
throughout and the cement paste severely deteriorated locally, Efflorescance
was common and leakage was evident. Tension rebars exposed by spalled con-
crete had lost 1-2 percent of their cross ional area. Itis luded that the
deterioration noted has no significance with respect to the load-carrying
capacity of the structure. Based on theoretical arguments, it is concluded that
deterioration sufficient for substantial reduction in the capacity of a structure
would be manifested in a local collapse and that overall failure of reinforced
concrete T-beam bridges need not be a concern.

National bridge inspection standards require that
highway bridges be inspected and rated for load-car-
rying capacity. For steel structures, the guide-
lines are straightforward and they can be rated
without difficulty. Reinforced concrete bridges, by
contrast, are not easily rated because the signifi-
cance of deterioration may be unguantifiable. Be-
cause of this difficulty, in 1978 New York State
initiated a research program to develop a low-cost
field testing method for evaluating structural
strength. This effort was abandoned when, at the
load levels attainable, it was shown that bridges
with sound and deteriorated concrete did not differ
in behavior (1).

Because service-load tests could not show dif-
ferences attributable to deterioration, a test to
failure of a heavily deteriorated bridge was
planned. It was believed that correlation of the re-
sults of such a test with the findings of a thorough
pretest inspection and evaluation would give some
insight into quantification of the effects of ob-
servable deterioration.

TEST STRUCTURE

The test structure is a reinforced concrete T-beam
bridge constructed in 1930 that carries NY-32 over
the Hannacroix Creek in Albany County. It consists
of seven beams 39.5 in long and a 36-ft clear span
between faces of the abutments. Nominal cross-sec-
tion dimensions and reinforcement details for an in-
terior beam are shown in Figure 1. In addition, a
nonstructural 4-in concrete wearing surface and a
3-in asphalt wearing surface were removed before
testing. The flexural reinforcement consists of

eight 1.25-in-square deformed bars that provide a
nominal cross-section area of 12.5 in? for a rein-
forcement percentage of 2.25. Compression rein-
forcement is negligible. In the center 21 ft, 10
in, shear reinforcement spacing exceeds the limits
set by current specifications (2, p. 78).

The expansion end bearings consist of steel
plates separated by a layer of graphite grease. This
detail makes no provision for end rotation. At the
"fixed" ends, 0.75-in-diameter rods are embedded in
the abutment and end diaphragm. The beam ends and
diaphragm rest directly on the abutment, a detail
that restrains translation and rotation.

Bridge condition at the time of testing was
poor. The most recent inspection report rates the
primary members at 2-3 on a scale from 1 (poten-—
tially hazardous) to 7 (new condition). Figure 2
shows a photo montage of the underside of the struc-
ture that, except for slight transverse parallax,
reliably shows its condition. Spalled concrete
areas exposing the tension rehars in the beam stems
are evident. The exposed rebars are rusted but do
not appear to have suffered more than 1-2 percent
loss of cross-sectiopal area. Although it is not
visible in Figure 2, the vertical faces of all bheams
exhibited extensive cracking, generally paralleling
their axes. Efflorescence (the white areas in Fig-
ure 2) is common and leakage is evident.

Cores drilled through the deck showed it to be
highly fractured throughout and that the cement
paste was severely deteriorated locally. The dis-
integration of the 4-in concrete wearing surface may
be 1linked to its relatively high absorption (3).
Failure of the structural deck concrete is judged to
have resulted from the freezing of water in pores of
the cement paste, aggravated by the presence of
chlorides in solution. Deterioration of the T-beam
stems has resulted from the same causes, plus corro-
sion of the steel reinforcement. These mechanisms
are facilitated by increased permeability, presumed
to be related to absorption. Mean absorption of
seven core segments taken from the structural deck
was 5.6 percent. This value is greater than about
80 percent of values measured in cores from other
New York bridge decks. The upper 1 in of structural
deck was disinteqgrated and came off with the con-
crete wearing surface. Thus, the structure was
tested with a 6-in slab (see Figure 3).

Sonic pulse-velocity measurements through the
stems of beams 3, 4, and 6 yielded values of 1700-
4400 ft/s. Although precise correlation of concrete
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Figure 1. Nominal di i 4'10"
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strength with pulse velocity has been found to be
infeasible (1), such low wvalues as these suggest
concrete with low compressive strength. For com-
parison purposes, pulse velocities measured on 62
cylinders with compressive strengths ranging from
2000 to 5000 psi were never less than 12 500 ft/s
[

Obtaining cores suitable for compression testing
was difficult because of the extensive concrete de-
terioration. The mean of the two tests performed
was 4200 psi and the range 1000 psi. Because of the
noted disintegration of the deck and the low pulse-
velocity walues, this result is taken as indicating
the unreliability of cylinder tests in predicting
concrete strength in deteriorated structures.

Tension tests on 24 samples of the 1.25-in-square
bars gave an average yield strength of 44 ksi. A
single sample of the 0.5-in-diameter structural deck
reinforcement had a yield strength of 46.5 ksi.
Average loss of square bar cross section determined
on a weight-per-unit-length basis was 2.1 percent
from twenty-four 30-in samples and 2.8 percent from
twenty-seven 2-in samples. Maximum loss of 6.6 per-
cent occurred in a 2-in length; 3.2 percent loss was
the maximum in a 30-in length. Loss was calculated
from an assumed nominal area of 1.56 in?2. Al-
though the structural deck steel was not randomly
sampled, areas exposed during testing showed no cor-
rosion. The chloride content of the structural
deck, determined from drilled samples of concrete
powder, was erratic. It averaged onlvy 2.5 1b/yd?,
and the maximum value was 2.8 1lb/yd’. These rela-
tively low values are probably the best explanation

of the minor rebar corrosion noted. Chemical analy-
sis of the steel showed no alloving elements ex-
pected to increase corrosion resistance.

The structure was designed to carry a live load
of 20-ton trucks. With working stresses of 20 000
psi for the grade 40 steel and 1650-psi concrete
(3000-psi compressive strength was assumed) (4), the
maximum permissible live-load bending moment is 48
percent larger than the design moment due to HS-20
trucks (2). By usi..ng a load-factor approach
(£, = 40 000 psi, £, = 3000 psi), the inven-
tory rating determined for this structure is 1.76
HS-20 design loads. The operating rating for the
bridge is 2.55 or 2.93 HS-20 design loads by working
stress or load factor, respectively. None of these
calculations accounts for the consequences of the
noted deterioration.

With respect to shear, it has been noted that
spacing of stirrups in the central portion of the
beam is greater than current specifications permit
(2). At the supports, however, the provided rein-
forcement is adequate for 1.32 HS-20 trucks or 1.08
HS-20 trucks for service-load design or load-factor
design, respectively.

TEST PROCEDURES

Because of site conditions that prevented detouring
of traffic, the structure could not be tested as a
single unit. Three separate tests were performed.
Two of these were on single-stem units with the as-
sociated structural slab, and the third was on a
two-stem unit with the associated slab (Figure 3).
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Figure 2. Underside of Hannacroix Creek bridge (beam numbers at right).
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Locations of these units in the structure and their
condition before testing can be seen in Figure 2.
Although the cable access holes reduced the cffeco-
tive slab width, all failures occurred at the
midpoint between loads.

Loads were applied through hydraulic jacks react-
ing against cables embedded in the bedrock beneath
the structure. The load positions shown in Figure 3
provide a 6-ft constant-moment region. Loads were
increased slowly from one load increment to the next
without impact.

Loads were monitored through a pressure gage that
had been calibrated with the hydraulic rams in a
test machine. A manifold was used to distribute oil
to the four rams. The loading scheme consisted of a

Figure 4. Tension strain versus load for all beams.
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series of loading-unloading cycles up to failure.
This scheme provided partial replication of the test
so that some judgment could be made on the reliabil-
ity of the test data. At low load levels, the beam
stems were visually inspected and cracks marked. At
high load levels, because of the considerable force
in the cables, 1t was considered imprudent to get
close to the beams.

Instrumentation was provided for measurement of
strain, displacement, and end rotation. Strain
gages were bonded to each of the four tension bars
in the bottom row (Figure 1) and to a 0.5-in round
compression bar in the slab. Two sections located
symmetrically 1 ft on either side of the centerline
were instrumented. The 0.25-in-long, self-tempera-
ture-compensating gages had a resistance of 350
Q. They provided one arm of a Wheatstone bridge,
completed at the instrumentation located in a
trailer near the test structure. Leads consisted of
250-ft-long, four-conductor no. 22 wire with con-
ductors paired under separate foil shields.

Displacements were measured with a Wilde N-3
level capable of measurements to the nearest 0.001
in. Calibrated targets were placed on the bridge at
the supports and at midspan. In addition, targets
were placed symmetrically at points 6 and 12 ft from
the supports. These latter targets were monitored
at selected loads only. A fixed benchmark was posi-
tioned off the structure.

End rotation was monitored from measurement of
the relative displacement of two points on a rigid
bar attached to the girder ends with respect to the
abutment face. The rotation measurement caused much
difficulty, and the theoretical accuracy of 3x10-¢
rad was not achieved.

The accuracy of field measurements is difficult
to determine because of general inability to perform
replicates. The assumed precisions of 10pe for
strain, 0.01 in for deflection, and 0.0001 rad for
rotation are based on experience with similar mea-
surements and examination of the internal con-
sistency of the data obtained here. Under no cir-
cumstances should it be expected that more reliable
values have been obtained.

TEST RESULTS AND DISCUSSION

Analysis of the rebar strain measurements showed no
trends with respect to longitudinal or transverse
position of the bar in a beam cross section. Thus,
despite the physical difference between rotational
restraint capabilities of the fixed and expansion
ends (Figure 1), the raw strain data were insuffi-
cient to demonstrate a difference. Except at high
strains, the average of all eight bars was taken as
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the best estimate of rebar strain. Additional de-
tails of the data analysis procedures can be found
in the full report (11).

Figure 4 gives tension strain versus load for all
beams. Only strains at peak loads are plotted. Data

Figure 6. Load versus end rotation.
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from loading-unloading cycles have been deleted for
clarity. Despite wvariation 1in the magnitude of
residual strains, it should be noted that the four
beams behaved in a similar manner and that the rela-
tion between 1load and tension strain is largely
linear. Extreme values are represented by beams 3
and 6, beam 3 giving the largest strain values.

Figure 5 presents a composite drawing that shows
load versus centerline deflection for peak loads
only. This relation is also similar to that shown
for tension strains and indicates linear behavior
for loads greater than 20 kips and less than 80
kips. In addition, differences between beams are
less than for tension strains, an expected result
since deflection represents an averaging of strain
along that full length of the beam.

Load versus end rotation is shown in Figure 6.
This measurement proved to he unreliable. Data were
lost at the fixed end of beam 2 and the expansion
end of beams 5 and 6. Some insight into the be-
havior of the structure can be gained, however, from
the data obtained. First, it should be noted that
rotations were zero in all cases for loads less than
about 18 kips. For beam 3, the load needed to cause
first rotation was substantially larger. Once rota-
tion occurred, however, the relation between load
and end rotation was largely linear. These data
imply that both ends of the beam were supplving some
moment restraint. The differing slopes of the lines
for beams 3 and 2 indicate that beam 3 is slightly
more flexible than beam 2 after release occurs. The
flexibility for both ends of beam 3 is approximately
equal, although the release load is larger at the
fixed end of this beam.

Centerline bending moments €for peak 1loads are
pPlotted versus line load in Figure 7. The values
for beams 2, 5, and 6 define a bilinear relation.
Because the rotation measurements showed zero rota-
tion or moment fixity at low loads and the strain
data indicated a constant value of flexural stiff-
ness (11), the first portion of a bilinear load ver-
sus moment relation is taken as that for a fixed-
ended beam. This relation satisfactorily fits the
data for moments less than 2000 kip-in. For com-
parison purposes, a line representing the simple-
beam relation is also shown and clearly does not fit
the data. The plotted relation was calculated for a
span length of 37 ft.

The upper linear portion of the moment-load rela-
tion is taken with a slope equal to the shear span
(a in Figure 7), the simple-beam value. Again, this

Figure 7. Load versus bending 80
moment.
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Figure 8. Influence of concrete strength on bending resistance.
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is suggested by the rotation data, which indicate a
constant value of end restraint after release. The
intersection point for the two linear segments was
selected by fitting the "best line" with the simple-
beam slope.

By using similar reasoning, a relation between
bilinear load and centerline displacement was
derived (Figure 5). The flexural stiffness is taken
as 150x10% kip-in?, as found from the strain
data (11). Comparisons between calculated and mea-
sured deflections are qgood. Of particular note is
the correspondence between the theoretical relation
and beam 3 data. This result suggests that the beam
3 strain data are defective.

The slope of the relation between load and end
rotation implied by the centerline moment analysis
compares reasonably well with the experimental re-
sults (Figure 6). Except for the beam 2 expansion
end, however, the 24-kip end-restraint release load
is substantially less than the experimental value.

It is important to emphasize that no part of the
preceding analysis 1is of particular significance
with respect to the general load-rating problem. The
analysis was performed to demonstrate the consis-—
tency (or lack of consistency) between the various
forms of collected data and to permit estimation of
the elastic modulus. From the results presented, it
can be concluded that the measured values reliably
represent the true behavior of the test specimens.

The only unexplained aspect of beam behavior is
the end restraint indicated by all three measure-
ments. The break point of the bilinear moment-load
relation implies a maximum end moment of 2520 kip-
in. It is difficult to believe that this magnitude
of moment could be developed at the expansion end of
the beams. Even at the fixed end with the 0.75-in-
diameter dowels, the level of moment is unrealisti-
cally large. The ultimate moment of this detail
(taking account of the moment enhancement due to the
beam reaction) is only #60 kip-in. Nevertheless,
the existence of large-magnitude end moments cannot
be disputed in view of the measurements obtained.

The large difference between the modular ratio
found here and the values used in design should be
placed in perspective. First, the consequence of
varying the modular ratio from 20 to 9 [a nominal
value often assumed in design (2)] is to increase
the ratio of bending moment to rebar strain hy only
5 percent. Because of this small wvariation, it
should be clear that the analysis used to obtain the
experimental value is extremely sensitive to small
variations in measured strain. Thus, the reported
value of 20 cannot be claimed to be exact. Second,
the variation in flexural stiffness over the same
range is 30 percent, and this magnitude could easily
be detected in the data. Comparison of measured and
calculated deflections (Figure 5) demonstrates that
the correct stiffness is predicted well by the
modular ratio of 20 and suggests that this value is
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more representative of the actual stiffness of the
structure than the nominal value of 9. Third, it is
wrong to calculate a cylinder strength by using the
modular ratio and the empirical relation devised by
Pauw (7), since the inverse of this equation is not
a "best fit". Thus, the only significance of the
value of 20 is as a measure of stiffness and not of
strength.

APPLICATION TO LOAD RATING

It is not possible or prudent to extrapolate the
findings from a single test to a general set of
load-rating rules. It would clearly be inappropri-
ate, for example, to propose that a certain level of
end-moment restraint be assumed for all structures
because of its existence in this structure. The
same is true with respect to the findings on rebar
yield strength. In addition, the data obtained are
for overall collapse and cannot be used to predict
local failures. What, then, can be taken from the
present tests and applied to the load-rating problem?

The data available can be used to estimate the
reduction in load capacity, if any, from capacities
predicted analytically. Unfortunately, the center-
line moment at failure is unknown, but it must lie
between the boundaries defined by the bilinear rela-
tion shown in Figure 7 and the relation for a simple
beam. These relations establish 1limits for the
failure moment of 1010 and 1230 kip-ft. Alterna-
tively, the largest moment derived from the data was
at the limits of .elastic behavior. For this sec-
tion, the theoretical ratio of maximum elastic mo-
ment to ultimate moment is 0.86. Using this value
and the maximum experimental moment of 960 kip-ft
gives an estimated failure moment of 1140 kip-ft
(11) . This value is at about the midpoint of the
range defined earlier.

The theoretical failure moment determined by
using actual steel yield and cross-section dimen-
sions and accounting for the dead-load moment is
1120 kip-ft. Thus, the theoretical failure moment
is at the midpoint of the possible range of actual
failure moments. Because of this result, it is con-
cluded that no evidence exists to suggest that mo-
ment resistance of the section has been decreased by
either apparent concrete deterioration, 1loss of
rebar cross section, or loss of rebar cover.

This conclusion, which is specific for the struc-—
ture tested, can be generalized to apply to the com-
plete family of concrete T-beam bridges. This is
possible because the conclusion drawn from this test
can be shown analytically. For example, the varia-
tion in ultimate moment resistance as a function of
concrete strength is shown for the test bridge in
Figure 8. Nominal section dimensions and 44-ksi
yield-point reinforcement have been assumed in these
calculations. From this figure, it can be seen that
a 50 percent reduction in concrete strength (from 3
to 1.5 ksi) results in only a 7.5 percent reduction
in ultimate bending resistance. It is assumed that
local failures would occur for strengths less than
1500 psi, and thus this value is taken as a prac-
tical lower limit for rating. A similar analysis
shows that a 50 percent loss of slab thickness de-
creases the flexural capacity of the beam by only 12
percent. It should be noted that the ability of the
slab to support wheel Jloads would be severely re-
duced with a thickness loss of this magnitude and
that deck failure would occur before beam failure
(8).

The relation between flexural strength and ten-
sion reinforcement area is nearly linear. 1In prac-
tice, however, large losses in rebar area are un-
likely. In this structure, the tension reinforce-
ment is distributed in two layers and only the
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exposed lower layer had any loss. Nevertheless, it
may be prudent to require that inspectors record a
visual estimate of cross-section loss. It is not
unreasonable to assume that beams with cover intact
have experienced no important loss of tension rein-
forcement area.

In general, it is not possible to evaluate shear
capacity directly by means other than failure test-
ing. The beams tested in this work did not fail in
shear despite being subjected to loads three times
larger than the maximum design value over all “but
the center 6 ft of the span. The shear cracks,
which opened just outside the center region of zero
shear (constant moment), are a consequence of the
wide stirrup spacing near the centerline of this
bridge. At this location the applied shear was 10
times larger than the design value, which suggests
that this wide spacing is not a critical defect. 1In
addition, the lack of bond failure is taken as evi-
dence that loss of rebar cover is not detrimental to
strength. It has been shown by others (9) that loss
of cover alone has little short-term effect on the
behavior and strength of reinforced concrete beams.

The test beam failed by crushing of the concrete,
an apparent consequence of reduced compressive
strength. This crushing failure reduced beam duc-
tility as measured by wultimate deflection. The
theoretical ultimate deflection was estimated at
about 12 in (10), but the actual values ranged from
3.1 to 4.6 in. Although the actual deflections at
failure are substantially less than the theoretical
values, they are roughly three times larger than the
elastic values predicted by the first equation in
Figure 5. 1In addition, the lower rebhars yielded be-
fore failure. Thus, the apparent loss of ductility
does not compromise the load rating of the structure.

Based on the conclusion that normal forms of
deterioration are not severely detrimental to the
load capacity of reinforced concrete T-beam bridges,
the following load-rating strategy can be used:

1. Assemble as nearly complete a set of standard
sheets as possible.

2. Demonstrate that existing bridges for which
no plans are available are from the standard
sheets. This can be done by means of a random sur-
vey of such bridges where a set of key measurements
is made. For New York State standard sheets, for
example, the clear span, stem depth, and girder
spacing uniquely identify the structure. Bridges
with combinations of these values that are incon-
sistent with the standard sheets cannot be rated by
this technique.

3. Analyze standard bridges for load-carrying
capacity. Reduction factors can be devised for es-
timated losses of concrete strength, structural deck
thickness, and rebar cross sections if feasible in-
spection procedures can be derived. Alternatively,
assuming 2000-psi concrete in analysis will reduce
the possible strength reduction to less than 4 per-
cent, a tolerable value, and the minor consequences
of other forms of loss can be ignored. Inspectors
should be alerted to note large areas of rusted re-
inforcement and to estimate the area loss. In these
instances, individual calculations are required. It
is likely that shear capacity may control the rating
in many cases, especially for short bridges such as
the one tested.

CONCLUSIONS

The structure tested showed no reductions from
nominal load capacity despite its apparently heavily
deteriorated condition. The unexpected compression
failure occurred after rebar yield and at suffi-
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ciently large displacements to give ample warning of
impending collapse. It has been demonstrated that
the insensitivity of the test structure to deterio-
ration is predictable analytically. It is concluded
that deterioration sufficient for substantial reduc-
tion of the capacity of the structure would be mani-
fested in a local collapse and that overall failure
need not be a concern. Finally, a strategy for load
rating is outlined that is founded on the conclu-
sions drawn in this paper and the belief that older
structures were constructed with care that reliably
duplicated the design.
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Load Factor Design Applied to Truss Members in Design
of Greater New Orleans Bridge No. 2

JOHN M. KULICKI

The application of load factor design principles to the design of truss bridges
is illustrated. The recommendations pr ted were developed during pre-
liminary design of Greater New Orleans Bridge No. 2 and weare applied during
final design. Significant savings in construction cost resulted. A specification
format version of these recommendations is currently before the American
Association of State Highways and Transportation Officials Subcommittes on
Bridges and Structures for possible adoption as a “'guide specification”.

The following general description of the load factor
design (LFD) method as it applies to beam and girder
bridges of moderate span is taken from the Highway
Structures Design Handbook of U.S. Steel Corporation
(1):

Members designed by the Load Factor method are
proportioned for multiples of the design loads.
They are required to meet certain criteria for
three theoretical load levels: 1) Maximum Design
Load, 2) Overload, and 3) Service Load. The
Maximum Design Load and Overload requirements are
based on multiples of the service 1loads with
certain other coefficients necessary te ensure
the required capabilities of the structure. Ser-
vice loads are defined as the same loads as used
in working stress design.

The Maximum Design Load criteria ensures the
structure's capability of withstanding a few
passages of exceptionally heavy vehicles (simul-
taneously in more than one lane), in times of
extreme emergency, that may induce significant
permanent deformations without failure.

The Overload criteria ensures control of per-
manent deformations in a member, caused by oc-
casional overweight vehicles egual to 5/3 the
design live and impact loads (simultaneously in
more than one lane), that would be objectionable
to riding quality of the structure.

The Service Load criteria ensures that the
live load deflection and fatigue life (for as-
sumed fatigue loading) of a member are controlled
within acceptable limits.

Moments, shears and other forces are deter-
mined by assuming elastic behavior of the struc-
ture, except for a continuous beam of compact
section where negative moments over supports,
determined by elastic analysis, may be reduced by
a maximum of 10%. This reduction, however, must
be accompanied by an increase in the maximum
positive moment equal to the average decrease of
the negative moments in the span.

The moments, shears or forces to be sustained
by a stress-carrying steel memhear are computed
from the following formulas for the three loading
levels. For Group I Loading:

Service Load: D+(L+I)

Overload: D+5/3(L+I)

Maximum Design Load: 1.30 [D+5/3(L+I)]
D = Dead Load

L Live Load

I Impact Load

where:

The factor 1.30 is included to compensate for

uncertainties in strength, theory, loading,
analysis, material properties and dimensions. The
factor 5/3 is incorporated to allow for overloads.

The feature that most distinguishes LFD from
service load design is the use of different multi-
pliers on the dead and live 1loadings. Structural
members designed by LFD will have a more uniform
capacity for 1live load (in terms of multiples of
live loads) than the same members designed by the
service load method. The same is true of structures
of various span lengths.

Section 1.2.22 of the American Association of
State Highway and Transportation Officials (AASHTO)
bridge specifications (2) states that "when long
span structures are being designed by load factor
design, the 'multipliers' should be increased if in
the engineer's judgment, anticipated loads, service
conditions or matcriale of construction are differ-
ent than anticipated by the specification." In the
case of long-span structures, for most elements of
the structure the ratio of dead load to total load
is greater than it is in moderate-length structures.
Furthermore, the current AASHTO specifications do
not fully treat the evaluation of truss member
capacity. Therefore, design criteria that deal with
proposed load factors and methods of computing mem—
ber capacities are required before truss design by
LFD can proceed.

SELECTION OF LOAD FACTORS

The formula for Group I "multipliers", or "load
factors", given above for bhending problems (maxi-
mum design load = 1.3 [D + 5/3(L + I)]} is shown
as curve A in Figure 1, which relates factor of
safety for bending and tension members to the per-—
centage of total load--either dead load (upper
scale) or live load plus impact (lower scale). The
conventional factor of safety against first yield in
the service load method is 1.82, and this is shown
as curve B. Tt has not been uncommon in long-span
bridge design to allow 10 percent overstress in
members that carry mostly dead load. This corre-
sponds to a factor of safety of 1.65. The transi-
tion to 10 percent allowable overstress often used
by Modjeski and Masters cccurs when the dead load is
more than 7% percent of the total load. This is
shown as curve C. The Group I load factors proposed
here were developed by starting with a line that
would intercept (a) the point corresponding to a
factor of safety of 1.65 at 75 percent dead load and
(b) the point at which the AASHTO service load and
LFD methods have the same factor of safety--i.e., 40
percent dead load. With some rounding off, the
proposed load factors result in

Maximum design load = 1.5 [D + 4/3 (L + )] < capacity 1)
The corresponding overload provision is

Overload = D + 4/3 (L + 1) < 80 percent of first yield capacity )
Comparison of the maximum design load and overload

provisions shows that the overload provision does
not control.
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Figure 1. Load multiplier to first yield versus relative proportions of dead
load and live load.
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It is felt that the load factor relation proposed
here is more appropriate for those truss members
that carry high percentages of dead load--i.e., more
than 75 percent. Similarly, the improbability of
live load positioned on the structure so as to maxi-
mize member loads supports the somewhat lower total
capacity required by the proposed method for members
that carry high percentages of live load.

The proposed load factors for groups other than
Group I have been selected to yield essentially the
same results as service load design, as given below
(case IIA is specifically intended for lateral truss
members) :

Basic Factor of Safety/

Group Group Overstress Factor Load Factor
IX 1.82/1.25 = 1.46 1.46(D + W)
ITA - 1.60W
III 1.82/1.25 = 1.46 1.46 [D + (L + I)
+ 0.3W + WL + LF]
XI 1.82/1.60 = 1.14 1.14(D + HW)

COMPUTATION OF MEMBER CAPACITY
Tension

The capacity of tension members is evaluated by
using the two interaction equations shown below:

[P/(Ey X An)] + [M/(S,)(Fy)(E)] < 1.0 3)
[P/EWL)(ARD] + M/(S) (F)()] < 1.0 @
where
P = factored axial load;
Fy = yield point;
A, = net area (2, Section 1.7.15);
M = factored dead load moment;
S, = net section modulus (2, Section 1.7.15);
f = plastic shape factor computed on the basis
of gross effective properties (f = 2Av/
Sq) ¢
Ay = s%atical moment of gross effective areas;
Sg = gross section modulus;
F, = tensile strength of steel;
AL = net area, all holes removed; and
S5 = net section modulus, all holes removed.
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This interaction equation contains two simplify-
ing assumptions. The first is that the shape of the
interaction equation is a straight line joining the
points (P = Py, M = 0 and (P = 0, M = )=
This is known to be a conservative assumption for
wide-flange shapes bent about their major axis and
rectangular shapes. All shapes under consideration
can be considered in this range. The second assump-
tion is that the plastic shape factor for the net
section (2, Section 1.7.15), the gross effective
section, and the net section with all holes removed
is the same. These are reasonable assumptions,
especially since the moment portion of the interac-
tion curve is usually less than 5 percent of the
total.

Compression

Two interaction equations are used, basically as
discussed in Section 1.7.69(B)(1l) of the AASHTO
specifications (2):

(B/0.85 Age Fer) +{MCMu{1 - [PI(AL)F]}) < 10 s)
(P/085 Age Fy) + (M/M,) < 1.0 ©)
where

Age = gross effective area;
Fcr = critical load [2, Section 1.7.69(A)] with
a suitable effective length factor (K);:
C = equivalent moment factor taken as 0.85 or
1.00, as appropriate;

M, = maximum bending strength, reduced for
lateral buckling as indicated in the next
section;

Fo = (0.85) (wx2?) (E)/(KL/r)? in plane of
bending;

My = (FY) (£) (Sge) ¢ and

Sge = section modulus at end, reduced for access
holes, if any.

Computation of Bending Strength

Box Members

Typical box-shaped truss members have such high
lateral-torsional stiffness that the reduction in
bending strength arising from lack of lateral sup-
port is minimal. The bending capacity can be com-
puted as follows:

M, = Fy Sge {1 -0.0641 [Fy Sgo L VEG/)/EAVE ]} Q)
where
Sge = gross effective section modulus about

bending axis,
L = length of member,
s/t = length of a side divided by its thickness,
A = area enclosed within center lines of plates
of box members, and
Iy = moment of inertia about the nonbending
axis ("vertical axis").

H-Shaped Members Bent About Axis Parallel to Flange

H-shaped sections bent about their major axis (the
axis parallel to the flanges) are very susceptible
to lateral torsional buckling. The elastic critical
stress at which buckling is imminent is

Oer = (1/Sge) VI@? Ely GI)/(KLY*] + [(* h? I E)/4 (KL)*] ®)
where
Sge = gross effective section modulus about

major axis:
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minor-axis moment of inertia;
shear modulus;

J = St. Venant torsional constant, approxi-
mately & bt?/3;
K = effective length factor for column buckling

about weak axis; and
h = depth of web plate plus flange thickness.

1f . < 1/2 F,, then M, = o
if dcp > 1/2 Fy, then M, = FY Sge
(Fy/4°cr)]'

The expression for ooy above can also be used
for modified H-shaped members composed of two chan-
nels (as flanges) and a web plate.

Sqet
e
(1752

H-Shaped Members Bent About Axis Parallel to Web
H-shaped members bent about their minor axis do not
exhibit lateral-torsional buckling, and their full
plastic capacity may be used. Therefore, in this
case,

M, =1.5Fy 8§, ©)

Width-Thickness Ratios for Plates

Critical elastic buckling stress for plates can be
written as

0gr = K2 E/12 (1 - 1%) (bJt)’ (10)

Substituting E = 29 million psi and y = 0.3 and
solving for b/t yields

bt = (5120 VK)N oo, (11)

BASHTO shifts the curve defined by this equation
to account for the observed behavior of plates,
which indicates that residual stresses and out-of-
flatness reduce the strength of plates of intermedi-
ate slenderness below that which would be indicated
by simple elastic stability analysis. This shift is
accomplished by multiplying the equation above by
0.6, which results in

b/t = (3072 VK)N ooy (12)

For the case of a simply supported plate, the mini-
mum value of K is 4.0. This value of K and the
introduction of a factor of safety that results in a
working stress of 0.55 g5,./1.25 yield

b/t =4073V o, (13)

For main plates of truss members, the AASHTO speci-
fications use

b/t = 40000, (14)

For LFD, the maximum compressive stress 1is 0.85
Ocrr Which leads to

b/t = 5660\ 0, (1s)

The exact values of K, to be used for plate com-
ponents of members for other conditions of support,
are functions of the degree of support, which will
vary from member to member. Actually, the plate
strength of a fabricated member is a characteristic
of the whole cross section, not of an individual
plate. The existing coefficients for b/t ratios for
truss members are the product of theory tempered by
experience and allowances for many nonideal charac-
teristics of plates in members. Therefore, the pro-
cedure described below has been used in developing
b/t requirements.
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The service 1load width-thickness provisions in
the AASHTO specifications can be written as

b/t = Ng 1 A0.55 0/1.25 (16)
or
0¢r =(1.25 Ng;2/0.55)(t/b)? 17)

For LFD with a maximum compressive stress of 0.85
9crr

0.85 0o, =Np# (t/b)% = [(1.25 x 0.85)/0.55] (t/b)* Ng? 18)
Therefore,

Npr =V[(0.85 x 1.25)/0.55] Ng,, 19)

b/t =NLr/\o,, (20)

The resulting values are given in the second
column of Table 1 along with K-values recommended by
the American Institute of Steel Construction, the
resulting coefficient, a recommended coefficient
(Npp), and a maximum b/t ratio. The recommended
b/t coefficients (Nyp) were selected to agree,
where possible, with the coefficients in the AASHTO
load factor provisions for solid rib arches.

The existing AASHTO provisions for stiffened
plates contained in the load factor provisions for
composite box girders (adjusted for 85 percent of
maximum stress) or, preferably, the load factor
provisions for solid rib arches are applicable to
stiffened plates in truss members.

Fatigue Design

Fatigue design proceeds exactly as in conventional
service load design.

Connection Design

The load factor allowable stresses are taken from
Sections 1.7.71(A) and 1.7.72(C) of the AASHTO spec-
ifications except as modified below. The overload
provision, Section 1.7.72(C), will control the de-
sign of friction joints. The corresponding design
capacities determined by using the proposed load
factors are as follows:

Group I: 1.5 [D + 4/3(L + I)] = 1.5 [1 + R/3]
[F,) [m] ([a])

Group II: 1.46 [D + W] = 1.46 F, [m] [a]

Group IIA: 1.60W = 1.60 F, [m] [a]

Group III: 1.46 [D + L + I + 0.3W + WL + LF] =

1.46 F, [m] [a)

Group XI: 1.14 [D + HW] = 1.14 Fv [m] [al
The wvalue of F,, is obtained from Tables 1.7.41Cl
and 1.7.41C2 in the AASHTO specifications, m is the
number of bolts, a is the area per bolt, and R is
the ratio ot live load and impact [orce to total
force. A procedure could also be developed based on
allowing friction bolts to slip into bearing at
factored loads.

The design of welds is based on AASHTO Section
1.7.71(2) . No modification of stated design allow-
ables is envisioned at this time.

Eyebar Pins

The proposed allowable bearing stress on pins not
subject to rotation is 1.35 F,. This wvalue is
based on the Ontario Highway Bridge Design Code (3),
which uses a wvalue of 1.50, in which 0 = 0.9 for
steel.
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Table 1. Determination of service load width-thickness

ratios. Type of Plate Coefficient ~ K-Value? Coefficient NorF Max b/t Ratio
Main 5560 4 5660 5700 45
Cover 6950 5 6333 6750 50
Perforation
Basic plate 8340 6.97 7477 80G0 55
Edge of perforation 2260 0.7 2370 2200 ]2/16b

3Recommended by AISC,

Figure 2. Interaction curves for pins subjected to shear and moment.
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The problem of pin capacity in combined shear and
bending is best approached with an interaction
curve. Figqure 2 shows the results of three approxi-
mations to determine a suitable interaction curve.
The following considerations are noted:

1. Points marked © represent lower-bound solu-
tions obtained for a circular shape by assuming some
portion of the cross section to be yielded in bend-
ing and to carry no shear. The remainder of the
cross section was assumed to be elastic in bending
and shear. The maximum shear stress was equal to
the shear yield stress. When plotted as a normal-
ized interaction curve, lower-bound points computed
as described above plot in the same location regard-
less of the choice of yield criterion. The magni-
tude of the shear force is, of course, a function of
the yield criterion.

2. Points marked [ represent lower-bound solu-

tions, obtained as described ahove, for a square
cross section. A sguare section was also analyzed
because available published solutions applied to

rectangular cross sections. A comparison of lower-
bound results for both shapes provides a basis for
evaluating previously proposed interaction curves
for use in the design of eyebar pins.

3. Points marked were obtained by a computer
program that analyzed a circular cross section,
broken into 20 layers, by tracing the spread of
plastification through the cross section correspond-
ing to increasing, but proportional, moment and

bMain members /secondary members.

shear. The progression of yield for each of these
points was from the top and bottom toward the middle
in order of layer position. The von Mises vyield
criterion was used in these computations because it
is incorporated into the existing AASHTO load factor
provisions for girder design. The calculations were
repeated with the Tresca yield criterion and little
difference was observed. The von Mises yield cri-
terion is g¢? + 31 = ay*; the Tresca cri-
terion is g? + 412 = g 2.

4. Points marked - were obtained for a circular
shape by using the same computer program for ratios
of shear and moment, which caused the progression of
plasticity to proceed either from the middle layer
out to both edges in order of layer position or to
start at the middle and then proceed to total plas-
tification in an order that did not bear any rela-
tion to the order of the layer position. This im-
plies a discontinuous strain field, a phenomenon
that can exist in plastic flow. These points are
regarded as informative but less reliable than the
points marked because not all implications of
the discontinuous strain field on the type of bound
(i.e., upper or lower) have been evaluated.

5. The radial line in Figure 2 represents the
division between ratios of shear and moment for
which first yield occurs in shear or bending. Above
the radial line, first yield results from bending;
below it, first yield results from shear.

6. Plasticity theory indicates that the failure
criterion must be convex. Therefore, the shape of
the interaction curve from the lowest point
marked to the horizontal axis at V/vp = 1.0 is
at least a straight 1line; i.e., it cannot curve
inward.

7. Two 1interaction curves for rectangular cross
sections published by Drucker (4) and Hodge (5) are
also shown in Figure 2. The equation by Drucker is
an empirical expression developed after considera-
tion of a number of upper and lower bounds. The
curve marked "Hodge" has been scaled from the paper
by Hodge (5). The analytic expression was consid-
erably more complex than Drucker's simple expres-
sion. Both curves were developed from analyses
based on the Tresca yield criterion, although Hodge
noted that the von Mises criterion could also have

been used. Neither paper contained experimental
verification.
8. An interaction curve that is similar to

Drucker's but uses an exponent of 3 instead of 4 is
also shown. That curve is somewhat more conserva-
tive than either Drucker's or Hodge's curve and is
suggested as the basis for eyebar pin design, modi-
fied as indicated below.

The discussion above indicates that it would be
reasonable to apply Drucker's interaction curve to
the design of eyebar pins. However, since neither
Drucker nor Hodge published experimental verifica-
tion in their respective papers, and considering the
importance of eyebar pins, the more conservative
interaction curve marked "proposed" in Figure 2 is
suggested for use in the design of Greater New
Orleans Bridge No. 2.

In summary, shear pins

and bending in eyebar
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Table 2. Comparative chord designs.
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Dead Load Without 10 Percent Overstress With 10 Percent Overstress
Percentage
Member Type of Total Service Load Service Load
——— of Service Load Service Load Area/Load Service Load AreafLoad
Chord Nu. Typc? Stool Design T.FN Area Design Area Factor Area Design Area Factor Area
Top NU9-NU7 T A572 68 287.85 326.61 1.13 NA NA
NU7-NUS T A572 76 402.60 464.19 1.15 42199 1.05
NUS5-NU4 T A572 81 498.60 578.35 1.16 525.7R 1.05
NU4-NU2 T A572 81 512,10 588.81 1.15 535.28 1.05
CU2-CU4 T A572 86 418.35 490.45 1.17 44587 1.07
CU4-CUS T A572 86 40485 481.65 1.19 437.86 1.08
CusCu7 T A572 86 247.98 29981 1.21 27255 1.10
SU3-SU5 (e A588 85 335.06 386.95 1.15 352.36 1.05
SU5-SU7 C AS88 85 412.06 469.88 1.14 42941 1.04
AU2-AU4 T A572 82 499.35 581.19 1.16 528.36 1.06
AU4-AU5 T A572 82 485.85 569.35 1.17 517.60 1.07
AUS5-AU7 T A572 79 376.23 438.39 1.17 398.53 1.06
Bottom NL8-NL6 C A514 72 346.59Y 357.06° 1.03 NA NA
NLé6-NL4 C A514 78 398.22 436.94 1.10 398.69 1.00
NL4-NL2 C A514 84 462.75 523.69 1:1:3 475.66 1.03
NL2-NLO C A514 84 462.75 523.69 113 475.66 1.03
NLO-CL2 C A514 86 436.94 497.81 1.14 449 .84 1.03
CL2CL4 (& A514 86 436.94 497.81 1.14 449 .84 1:03
CL4-CL6 c A514 86 333.69° 357.06° 1.07 354.66° 1.06
SL4-SL6 T A572 85 251.85 29745 1.18 270.41 1.07
SLG-SL7 T A572 85 275.85 324,58 1.18 295.07 1.07
ALO-AL2 C AS514 84 462.75 523.69 1.13 475.66 1.03
AL2-AL4 C A514 84 462.75 523.69 1.13 475.66 1.03
AL4-AL6 c A514 80 376.38 424,03 1.13 382.81 1.02
AL6-AL8  C AS14 76 333.69° 344,19° 1.03 333.69° 1.00

Note: T = tension and C = compression.

31f tension member, net area is given; if compression member, gross area is given,
bMember design limited by b/t requirements.

should be evaluated by using the following equations:

M, = (D*/6) (F,) @n
V, = (@D?/4) [(F,)V3] 22)
(M/M,) +(V/V,)3< 095 (23)
CONCLUSIONS

Table 2 compares designs of 25 chord members and
illustrates the savings possible with strength de-
sign. The members shown were generally controlled
by strength reguirements rather than fatigue or
minimum plate sizes; exceptions are noted. In the
latter two cases, both design methods would result
in the same design. Comparison of the results in
which the 10 percent overstress service load cri-
terion was not invoked shows that the ratio of ser-
vice-load—-design area to LFD area ranges from 1.03
to 1.21 and averages 1.14. Inclusion of the 10

percent overstress criterion results in a range from
1.00 to 1.10 and an average of 1.05.
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Testing and Design of Longitudinal Reinforcement

for Cantilevered Bridge Piers

Deep cantilever specimens representing cantilevered bridge piers were tested for
the purpose of studying their structural behavior. 1t has been established that
the strength of the tested specimens is substantially superior to the strength
predicted by con | analysis. A new design method has been proposed
for longitudinal reinfor t based on principles of static equilibrium with
parameters derived from testing. The shear strength of specimens was substan-
tially greater than was anticipated from the design. An example is provided to
demonstrate the proposed design method, which provides a substantial reduc-
tion in the longitudinal reinforcement of bridge pier cantilevers.

A double cantilever system consisting of deep canti-
levers at the top of bridge piers, supporting the
deck, is a rational approach that leads to substan-
tial savings in bridge construction, particularly
for highly elevated intersections or deep valley
crossings. The double cantilever system made it
possible to build a single central pier as a re-
placement for the older design in which two support-
ing piers were used. Despite the rationality of
using central piers with double cantilevers at the
top, there is no research evidence on the behavior
of deep double cantilevers.

Deep double cantilevers are also used to support
precast beams at the top of columns or for footings.

A characteristic of deep cantilevers is a large
depth-to-span ratio--say, larger than one. Other
structural elements with large depth-to-span ratios
are brackets (corbels) and deep beams.

The geometry of deep structural elements influ-
ences the behavior of the element. For example,
brackets in most tests fail because of cracks that
develop from the point of stress concentration at
the intersection of the upper horizontal surface of
the bracket with the vertical surface of the column
face, whereas most bridge pier cantilever specimens
fail because of a crack that starts at the point
where the concentrated load is applied to the speci-
men. Therefore, design methods for deep bridge can-
tilevers must be different from those used in the
design of brackets.

This paper is based on tests of deep double can-
tilever specimens. The tests are described first.
Test results are used to establish a new approach
for analysis and design of longitudinal reinforce-
ment. Based on the principle of static equilibrium
and test results, it has been found that the needed
amount of longitudinal reinforcement 1is substan-
tially smaller than that resulting from a conven-
tional analysis. It was also observed that the
shear strength of the specimens was substantially
higher than is usually assumed. Consequently, the
shear stresses are not governing design criteria,
and shear reinforcement, depending on the slope of
the bottom face, may not be reguired. Other design
aspects of deep cantilevers, such as anchorage of
longitudinal bars and temperature reinforcement,
were not considered in this testing program. The
conventional design practice appears adequate, par-
ticularly for anchorage. Previous work on deep
structural elements has consisted of testing deep
beams and brackets (corbels). Work on deep beams is
not reported in this paper because the structural
behavior of deep beams differs from that of deep
cantilevers. The work on brackets is summarized
below.

Corbels were extensively investigated in Portland

Cement Association (PCA) 1laboratories by Kriz and
Raths (1). The PCA tests resulted in empirical
equations based on statistical results from tests.
It is regrettable that the principles of statics
were neglected in the research of Kriz and Raths.
Other works on corbels are listed in a report by the
American Society of Civil Engineers (ASCE) (2),
among them works by Mehmel and Beckner, Mehmel and
Freitag, and Commissie and others. The investiga-
tion of corbels by Niedenhoff (3) and Franz and
Niedenhoff (4) resulted in new information on the
mechanisms of corbel behavior. Publications ori-
ented toward establishing a design method for cor-
bels based on "satisfaction of the laws of statics"
are reported by Mattock, Chen, and Soongswang (5)
and Mattock (6). According to the best evidence
available to me, cantilevers of the geometry de-
scribed in this paper have never been tested.

The following sections of this paper provide the
description of the experimental setup, resulting
load-stress characteristics, the analysis and design
of reinforcement with design examples, and a tenta-
tive analysis of the stress distribution in a cross
section of a cantilever.

Because a considerable amount of effort was ap-
plied in order to achieve a careful setup of testing
and measurements, it is considered appropriate to
provide a detailed account of the test results in
this paper. Furthermore, since these tests were
used in establishing a new approach for the design
and analysis of an important structural element in
the development of the national transportation sys-
tem--i.e., bridge piers with cantilevers--it is be-
lieved that the experimental data base presented in
detail will substantiate and justify the proposed
approach.

NOTATION
The following notation is used in this paper:
A, = cross-sectional area of reinforcement;

s
a = "shear span,"” distance from the point of

application of the load to the cross sec-
tion considered;

= width of the cross section;

= resultant of normal stresses in concrete at
a given cross section:

? = depth of the cross section;

c

Qo

f, = specified compressive strength of concrete;
fg = stress in reinforcement;
fgy = stress in reinforcement at failure;
f}{ = yielding stress in reinforcement;
j = parameter determining the location of the

resultant of concrete compressive stresses
in a cross section above the centroid of
reinforcement;
jp = magnitude of the parameter j at failure;
T = resultant of tensile stresses in reinforce-
ment ;
V = reaction at tested specimens, load on can-
tilevers;
2V = load on tested specimens;
V, = V at failure;
2V = 2V at failure; and
= ratio of reinforcement or percentage of re-
inforcement.

oTE <
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EXPERIMENTAL SETUP AND TESTING

Experimental work was conducted at the National Bu-
reau of Standards (specimens N1 and N2) and at Case
Institute of Technology (specimens Cl, C2, C3, C4,
and C5). An arbilrary shape wac eelected for the
specimens, which were tested in the upside~down po-
sition (see Figure 1). The overall dimensions of
the specimens were 36x25.5x12 in (91.4x64,8%30.5
cm). The span between the supports was 27 in (68.6
cm). Axes numbered 1 through 15 were used to iden-
tify cross sections of the specimens (see Figure
2). Axes 1, 3, 5, and 7 were separated by 5 in
(12.7 cm) as were axes 9, 11, 13, and 15. The spec-
imens rested on 1x4x12-in (2.5x10.2x30.5-cm) sup-
porting plates, which in turn rested on rollers at

Figure 1. Sectional view of
specimens.

25%"

- 4!}5'[;10'/2"-43“’3=-101/z"-|4'/z"'
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Figure 2. Structural details of specimens N1 and N2,
including grid system and location of strain gages.

209
4927 —12 44
il

00000

Transportation Research Record 903

each side of the span. For specimens Cl-C5, two
rollers in contact were used at each support as a
precaution against possible escape of the rollers
under loading action. Specimens Nl and N2 were
tested with one roller welded at support A and one
free roller at support B, as shown in Figure 2.

The concrete used was Type III, which had a spec-
ified strength of 3000 psi (20.7 MPa); the strengths
actually obtained ranged from 3930 to 5950 psi
(27.1-41.0 MPa) and the moduli of elasticity ranged
from 3.1 million to 4.8 million psi (21 400-33 100
MPa) (see Table 1).

The characteristics of the reinforcing steel in

the N and C specimens were as follows:

Yield Ultimate Elastic
Specimen Point Strength Modulus
Type (psi 000s) (psi 000s) (psi 000 000s)
N 45.3 74 26
e 45 77 29

The cross—-sectional area of the reinforcement of
specimens N1 and Cl was designed to provide a rein-
forcement ratio at the middle of the specimen, axis
8, that would approximately correspond to allowable

stresses, f£g = 20 000 psi (138 MPa) and £, =
1350 psi (9.3 MPa), at working load in steel and
concrete, respectively. Normal practice was £fol-

lowed to obtain an approximation of 21 in (53.3 cm)
for the depth of the cross-sectional area at axis
8. The distance from the bottom of the specimens to
the centroid of the reinforcement was 1.5 in (3.8
cm). Specimens N1 and Cl were reinforced by two
layers of bars, the others by one layer. The rein-

deocev o

SupponlA

TR0 777777770777 7007777777/ A 7777, SECTION AT AXIS 8

ELEVATION =iy Strain gages on
reinforcement
Table 1. Characteristics of specimens.
Reinforcement Ratio
Modulus of at Cross Sections

Ultimate Elasticity Bars Area of

Strength of of Concrete Reinforcement Axes 5
Specimen Concrete (psi)  (psi 000 000s) Size Number (in?) and 11 Axis 8
N1 5740 4.1 #4 15 3.0 0.0172 0.0119
Cl 4910 3.1 #4 15 3.0 0.0172 0.0119
N2 5950 4.1 Ha 7 1.4 0.0081 0.0056
C2 5270 4.7 #4 7 1.4 0.0081 0.0056
G3 3930 4.8 #3 5 0.55 0.0032 0.0022
c4 3930 4.8 #3 3 0.33 0.0019 0.0013
e5 3930 4.8 - 0 0 0
Note: 1 psi = 0.006 895 MPa; 1 in> = 6.45 cm>.
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Figure 3. Location of strain gages on reinforcing bars in plan view.
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forcement of specimens consisted of 15 #4 bars for
Nl and Cl, 7 %4 bars for N2 and C2, 5 #5 bars for
C3, and 3 #3 bars for C4 for the specimen width of 1
ft (30.5 cm). The resulting reinforcement ratio at
the middle of the specimen (axis 8) varied from
0.0119 to 0.0013 and near the quarter-span (axes 5
and 11) from 0.0172 to 0.0019 (Table 1l). Electrical
resistance strain gages 3/8 in (0.95 cm) long were
located on the reinforcing bars (see Figures 2 and
3). In specimens N1 and N2, the strain gages were
located at the top and bottom of each bar, 20 gages
in each specimen. In specimen N1, the gages were
attached to the bars of the lower layer. In speci-
mens Cl-C4, the gages were placed at similar loca-
tions at the bottom of each bar, 3 gages in each
specimen (Figure 3). The strain readings were cor-
rected to obtain the strain and stresses at the cen-
troid of the reinforcement in all specimens on axes
5, 8, and 11 and at the supports. Specimens N1 and
N2 were equipped with strain gages placed on con-
crete in addition to those placed on the reinforc-
ing. This paper 1ncludes the results of strain
measurements in the steel only.

The load was applied at the top of specimens
through the spherical head of 600 000-1b (2670-kN)
capacity testing machines with 15 000-1b (66.7-kN)
increments in the N tests and with 30 000-1b
(133-kN) increments in the C tests. The test re-—
sults are presented as reinforcement stress as a
function of load at five locations in the N speci-
mens, at approximately the quarter-span (axes 5 and
11), the middle span (axis 8), and the supports and
at three locations in the C specimens.

EXPERIMENTAL LOAD-STRESS CHARACTERISTICS

Load-Stress Curves at Approximately Quarter-Span

(Axes 5 and 11)

Specimens N1 and Cl

The curves of load versus experimental stress in the
reinforcement at axes 5 and 11 of specimen N1 follow
the same pattern very closely from zero to failure
load (see Figure 4). Both indicate elastic behavior
of the concrete up to a load of about 90 kip (400
kN). Above 90 kip, the experimental stress 1lines
begin to deviate gradually from the straight line.
The first diagonal crack (shown at the left-hand
side of the photograph in Figure 5) developed at a
load of 135 kip (600 kN) and extended nearly half
the specimen height., Further development of this
crack and a new crack at the right side observed at
a load of 165 kip (734 kN) are also shown in Figure
5. At 165 kip, the crack on the left side extended
to about 90 percent of its final length and the
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crack on the right side to 60 percent of its final
length. The major formation of the cracks therefore
occurred between loadings of 135 and 165 kip. Cor-
respondingly, the experimental curves exhibited a
flatter pattern in this interval, indicated in Fig~-
ure 4 as "major extension of diagonal cracks." This
stage may be considered a transition stage, which is
a stage between the elastic state of equilibrium and
the cracked-elastic state of equilibrium when the
steel absorbs the major portion of tensile stresses.
The new state of equilibrium of internal forces,
cracked-elastic equilibrium, beginning at a load of
165 kip, is reflected by the portion of the experi-
mental curves that follow a straight line with a
slope larger than that in the transition stage but
smaller than that in the elastic stage below a load
of 90 kip. The left crack stopped running at 315
kip (1401 kN), as indicated in Figure 5. The ex-
perimental lines (Figure 4) indicate a flatter slope
beginning with the 315-kip load. At a load of 405
kip (1801 kN), formation of a new crack starting
from the existing crack at the right side was ob-
served, beginning approximately at the 165-kip mark
shown on the existing crack. The new crack extends
up to the intersection of the column face (axis 7)
with the sloping face of the specimen. This crack
produced a sudden, explosive failure. Simultane-
ously, a curved crack developed at the support and
there was separation of a piece behind the hooks of
reinforcement. The failure occurred at stresses in
the reinforcement of 38 600-39 500 psi (266-272 MPa)
(see Table 2), much below the yielding stress of
45 300 psi (312 MPa). Consequently, the cause of
failure was the diagonal tension (principal tensile
stresses) in concrete in the direction normal to the
failure crack without yielding of the steel. The
experimental curve obtained from testing specimen Cl
follows approximately the pattern of the experi-
mental curves for N1 (not shown in Figure 4). Spec-
imen Cl failed prematurely because of crushing of
the specimen head at a load of 236 kip (1050 kN).
Stresses for typical loads are listed in Table 2.

Specimens N2 and C2

The curves of load versus experimental stress at
axes 5 and 11 of specimen N2 closely coincide (Fig-
ure 4). At the point indicating a load of 75 kip
(333 kN), two curves of specimen N2 turn back, show-
ing a drop in stress of about 1000 psi (6.90 MPa).
The drop in stress in the steel at both axes 5 and
11 is local; the curve gradually returns to the nor-
mal pattern similar to that of specimen N1l. The
curve for specimen C2 indicates stresses consis-
tently larger by 2000-3000 psi (13.8-20.7 MPa) than
the stresses in specimen N2. The difference is
probably due to the different arrangement of the
supports. Similar higher stresses were observed in
Cl for apparently the same cause,

Only two states of stresses can be clearly de-
fined from the curves of specimens N2 and C2: the
noncracked elastic and cracked elastic. The first
crack, which was a diagonal crack at the right-hand
side (see Figure 6), was observed in specimen N2 at
the same load [135 kip (600 kN)] as in specimen N1;
however, steel stress at 135 kip in specimen N2
(axis 11) was 18 200 psi (125 MPa) versus only 8200
psi (56.5 MPa) in specimen N1, which is almost ex-
actly in proportion to the amount of reinforcement
in N2. The second crack was observed in the middle
of the specimen at a load of 150 kip (667 kN). A
similar crack was not observed in the specimen with
higher reinforcement, specimen Nl. The third crack,
a diagonal one, was cbserved at a load of 180 kip
(B01 kN) on the left side. Two minor sloping cracks
developed at about half the distance between the
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Figure 4. Stresses in reinforcement at axes 5 and 11 as T T
a function of load.
400

300

200

Load applied to the specimens. kips

100 cracks

Major extension
of diagonal

Figure 5. Specimen N1, face 2, after failure.

diagonal cracks, starting at the supports and the
middle crack; similar cracks were also not observed
in specimen Nl. All five cracks were fairly sym-
metrically located about the center of the specimen,
which may be regarded as an indication that the sup-
port conditions were symmetrical--i.e., compatible
with the free support concept. A further extension
of diagonal cracks was observed in both sides of the
specimen at a load of 225 kip (1001 kN). ‘he left-
side crack reached the column face at axis 9, face
2, and caused the failure (Figure 6).

The appearance of the first diagonal cracks at
the same 135-kip load in both specimens N1 and N2
and the extension of cracks at near the same loads
in N1 and N2 (the 225-kip marks at the left side of
specimens N1 and N2 are located at the same 1level)
indicate that the amount of reinforcement does not
influence the appearance and the extension of diago-
nal cracks. The failure of specimen N2 occurred at
a load of 225 kip by a sudden, explosive failure of
the concrete along the diagonal crack on the 1left
side similar to the failure of specimen N1. A sim-
ilar accompanying crack near the reinforcing bar

|
20,000 40,000

1] (1]
Stresses in reinforcement, psi

hooks was observed as well as splitting of concrete
at the hooks and at the top near the column. The
failure occurred at stresses in reinforcement of
49 000 psi (338 MPa) at the middle and 46 300 psi
(319 MPa) at axis 11, which were above the yield

''''' [45 300 psi (312 #MPa)j. Consequently, the
cause of failure was the diagonal tension (principal
tensile stresses) in concrete with simultaneous
yielding of steel. The failure of specimen C2 was
similar to the failure of specimen N2.

Specimen C3

The experimental curve for specimen C3 is similar to
that for specimen C2 for stresses less than 10 000
psi (69 MPa). It slopes more heavily to the right
at about the 10 000-psi point as a consequence of
the smaller amount of reinforcement. At a load of
90 kip (400 kN), stresses were 10 000 psi in C2 and
11 700 psi (80.7 MPa) in C3. The magnitudes of
these stresses are close despite a considerable dif-
ference in the amount of reinforcement. This must
be explained by the assumption that concrete resists
more tension in specimen C3 with less reinforce-
ment. The cracks that developed in specimen C3 were
first observed starting from the supports as in
other specimens and following a diagonal direction
toward the top. A vertical crack was observed near
the middle of the specimen. The experimental curve
indicates that, at failure, the stress in the steel
reached the yield point. The type of failure is the
same as that of specimens N2 and C2: by diagonal
tension in concrete with simultaneous yielding of
the reinforcement.

Specimens C4 and C5

The experimental curve of specimen C4 with low rein-
forcement is determined by only two points (Figure
4). An almost vertical crack developed in the spec-
imen, starting near the middle. The same crack
caused the failure at a load of 71 kip (316 KkN),
slightly above the second load, 60 kip (267 KkN),
which caused a stress of only 5300 psi (36.5 MPa) in
the reinforcement. The widening of the crack caused
a sudden increase of stress in the steel, which pro-
duced failure by yielding of the steel. A middle
crack in specimen C3 did not produce failure whereas
in C4, with less reinforcement, the vertical crack
was fatal.
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Table 2. Stresses in reinforcement
calculated from measured strains and

corresponding loads. Specimen Stage

Stress (psi 000s)

Load (kips) ] Support A Support B Axis § Axis 11 Axis 8

NI At first diagonal crack
At last recorded strain
At failure load

Cl At last recorded strain
At failure load
N2 At first diagonal crack

At last recorded strain
At failure load

C2 At last recorded strain
At failure load

C3 At last recorded strain
At failure load

C4 At last recorded strain

At failure load

135 2.3 34 6.5 8.2

390 21.4 23.9 36.7 38.0

405 23.0 26.0 38.6 39.5

180 18.7 18.8

236

135 3.0 4.9 17.2 18.2 20.3

225 23.0 28.0 40.9 41.5

255 28.6 32.5 46.3 49.0
180 25.0 36.0 41.8

224 378 48.0 54.5
120 312 42.0 44.7
149 67.0 73.0
60 2.5 5.3 12.2
71 6.8 16.5

Note: 1 kip = 4.448 kN; 1 psi = 0.006 895 MPa.

Figure 6. Specimen N2, face 1, after failure.

An additional specimen--C5, build with plain con-
crete--was tested. It failed under a load of 33 kip
(147 kN), about half the load that caused the fail-
ure of specimen C4, This is an indication that even
an insignificant amount of reinforcement, as in
specimen C4, improves considerably the loading ca-
pacity of the specimen, a fact known by the design-
ers of footings but not treated by the reinforced
concrete design codes.

Load-Stress Curves at Middle of Span (Axis 8)

Comparison of experimental curves (see Figures 4 and
7) obtained from strain measurements at axes 5, 8,
and 11 of specimen N1 shows that the curves almost
coincide. The closeness of the stresses, particu-
larly at 165 kip (734 kN) when major cracks are
formed and up to failure, indicates that stresses in
the reinforcement change 1little along the middle
portion (from axes 5 to 11) of the specimen. At the
last prefailure load [390 kip (1735 kN)], stresses
in the steel are 36 700, 39 400, and 38 000 psi
(253, 272, and 262 MPa) at axes 5, 8, and 11, re-
spectively; i.e., there is about 6 percent differ-
ence between the average stress in 5 and 11 and the
stresses at axis 8 (Table 2). This indicates that
the steel absorbs almost uniformly the horizontal
component of the resultant of the principal stresses

directed from the applied load toward the supports.
The curves and the stresses in steel at failure for
specimens N2, Cl, C2, and C3 confirm the same con-
clusion: Stresses in the steel are nearly equal
from axis 5 to axis 11 (Table 2).

Load-Stress Curves at Supports

The general pattern of the experimental curves for
specimen N1, representing stresses on supports ver-
sus loads (see Figure 8), is similar to that of the
experimental curves plotted from observations of
axes 5, 8, and 11. Stresses in the reinforcement at
the supports, including stresses at failure, indi-
cate values close to one-half those observed in bars
in the space between axes 5 and 11 (Table 2).
Stresses at failure in the reinforcement at the sup-
ports for specimens N2, C2, and C3 are larger than
one-half the values of stresses in the space between
axes 5 and 11.

NOMINAL SHEAR STRESS AT FAILURE

The nominal shear stress characteristics for loads
at the first diagonal crack and at failure are given
in Table 3. The nominal shear stress at failure is
very large, up to 2328 psi (16.0 MPa) at axis 5.
This is due to the action of the reinforcement. 1In
such structural members as deep cantilevers, the
nominal shear stress cannot be used as a design cri-
terion because it is not a measure of the shear
strength (or principal tensile strength) of concrete
but rather is a measure of the strength provided by
tensile reinforcement.

EQUATIONS OF EQUILIBRIUM: DESIGN OF LONGITUDINAL

REINFORCEMENT

Eguations of Equilibrium

The equilibrium of a free body to the left of any
vertical section passing through the left portion of
the cantilever specimens will result in the equation
for the reaction at the support, which is the con-
centrated load in the prototype (V,):

Vi = Asfsa (jd/a) (D

Because the stress distribution in a vertical
cross section of a short cantilever with a sloping
face is unknown and differs substantially from that
in a long cantilever with parallel faces or in a
long (shallow) beam, the equation of equilibrium,
Equation 1, cannot be used directly. The arm of the
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Figure 7. Stresses in reinforcement at axis 8 as a fune-
tion of load. 400
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resultants of the internal normal stresses acting on
a vertical section (jd) must be investigated in
order to validate Equation 1 for analyzing the ul-
timate load (V,). The stress of steel at failure
(fg,) must also be assumed. Both the arm jd and
the stress £, may be determined from the tests
reported in this paper.
By rewriting Equation 1 for j,

j=(VIfsAq)(a/d) (2)

and using 2V for the monotonic load on the specimen
(V is the reaction), £5, the stress from the cor-
responding measured strain, and the known quantities
a, Ag, and d, the parameter j was calculated from
test data and plotted versus the quantity V/f Ag
in Figure 9 for the vertical cross sections at axes
5 and 8 of specimens N1, N2, and C3. Only a portion
of the available data is shown in Figure 9. Many
other points that are not shown in Figure 9 would be
located, if shown, exactly on the same straight
lines. It is seen that the parameter j depends lin-
early on the quantity V/fsAs. Moreover, for
specimens N1, N2, and C3, the experimental points

20,000

Stresses in reinforcement, psi

Table 3. Nominal shear stress characteristics.

Shear Stress (psi)

Axis § Axis 7

At First At At First At
Specimen Diagonal Crack Failure "Diagonal Crack =~ Failure
N1 776 ° 2328 577 1730
N2 7176 1466 577 1090
C3 856 637
Cc4 408 303
Cs 190 141

Note: 1 psi= 0.006 895 MPa.

lie on the same straight line regardless of the
amount of reinforcement. Parameter j can be re-—
garded as an index to the stress distribution in a
cross section. In the beginning of the test,
j > 5 (see the upper points); i.e., the resultant
of normal stresses is located outside of the sec-
tion, which indicates the presence of tensile stress
in the cross section that corresponds to the pre-
cracked state. With increasing load 2V (and de-
creasing ratio V/fgAg), the parameter j de-
creases and reaches the value jp, the value at the
last observed strain prior to failure. Values of
jp were calculated at sections 6 and 7 in addition
to those at sections 5 and 8 (see Table 4). A graph
representing the product Jjpp versus p, where
p is the reinforcing ratio, was plotted (see Fig-
ure 10). Because this plot is linear with 1little
scatter and all four lines converge to a single
point (at 0-0.12), it was possible to establish a
common equation for jp as follows (for p in per-
centage) :

jF = (0.12/p) + 1.36{[(a/d) + 0.06] } 3)

A verification of the accuracy of Equation 3 for
p = 1 percent is given below:

JF
Ratio a/d Calculated From Graph Error (%)
0.38 0.718 0.72 -0.3
0.47 0.841 0.85 -1.2
0.54 0.936 0.87 +1.3
0.64 1.072 1.08 ~0.+7

The error is within 1.3 percent. This indicates
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(i) as a function of ratio of load to

Figure 9. Internal force arm par
force in steel reinforcement (V/fsA).
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that Equation 3 provides a satisfactory method for
determining the parameter jp. Equation 3 provides
the means for designing the reinforcement for a
given load V, by using Equation 1 for the stresses
in steel at the failure load. Data given in Table 2
indicate that the specimens failed at stresses in
steel approximately equal to yield stress. A reduc-
tion factor of approximately 0.85 can be used. The
ultimate stress corresponding to the given ultimate
load will consequently be fg, = 0.85f,.

Equation 3 can be combined with the equation of
equilibrium, Equation 1, and a formula for propor-
tioning cantilevers can be obtained as follows:

Ag = (Vya - 0.0012db2 g, )/[1.36f,(a + 0.06d)] )

for consistent units.

For a given ultimate load V,;, and its 1location
determined by the shear span a, the elements of the
cantilever--b, d, and Ag--must satisfy Equation
4. The width b must be selected to provide the
space for placing the bars. Because Equation 3 is
derived from experiments, the condition for com-
pressive stress in concrete is satisfied if Equation
4 is satisfied. The nominal shear stress in con-
crete at a given cross section should not be con-
sidered as a design criterion (see above). Shear
reinforcement is not required if the reinforcement
is designed by using Equation 4. Bec~use Equations
1-4 are derived based on satisfying the 1laws of
statics, the principle of superposition can be ap-
plied when they are used; i.e., any number of con-
centrated loads from girders resting on a bridge
pier may be included in this analysis.

Design of Reinforcement

An example of a design is provided: For an ultimate
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load V,; = 600 kip (2669 kN) located at a = 5.0 ft
(152 cm) from the column, design the cross section
at the column. Use steel fy = 45 ksi (310 MPa),
use stress at failure £, = 0.85 x 45 = 38,25 ksi
(264 MPa), and assume a cross section with b = 24 in
(61 cm) and 4 = 48 in (122 cm). From Equation 4,
the necessary reinforcement will be as follows:

A; = [600x 5x 12 - 0.0012 x 48 x (24)? x 38.25]
+[1.36 x 38.25(5 x 12 + 0.06 x 48)] = 10.62 in? (68.5 cm?)

The corresponding value for jp for this analy-
sis by Equation 3 is jp = 1.92. A similar design
for a shallow beam determined by using the ultimate
load method results in substantially larger rein-
forcement. By using "Wi't:ney's block" for compres-
sive stresses and 0.85f, stress (7, p. 50), the
reinforcement is Ag = 26.8 in? (173 cm?) with
j (same as jp above) = 0.732.

Geometry

The cantilevers were tested by using specimens of
particular geometry (Figures 1-3). However, the
essential geometric characteristic that determines
the behavior of this type of structure is the shear-
span-to-depth ratio, a/d. If the slope of the lower
surface of a bridge pier or the height at the end of
the cantilever is different from those of the tested
specimens but the essential characteristic, a/d4,
remains the same at a given cross section, the char-
acteristic of the section at failure (jp) must
remain essentially the same. However, testing is
desirable to confirm the applicability of the method
to other cantilever shapes, particularly for bridge
piers with a steeper lower surface--i.e., with
larger depth-to-span ratio (d/a).

The above argument does not apply, however, to
such structural elements as corbels (brackets).
Because corbels (brackets) projecting from columns
or walls have substantially different geometry near
the column or wall face and consequently a different
stress pattern near the support than deep canti-
levers, Equations 3 and 4 may not provide suffi-
ciently accurate results if applied to corbels.
This conclusion follows from several trial calcula-
tions based on PCA test data (1).

INVESTIGATION OF NORMAL STRESS DISTRIBUTIONS
AT A CROSS SECTION

A study of jp values from Figure 9 and Table 4
indicates that at lower reinforcement parameter jp
is larger. When Jp > 1, the resultant of the
normal stress in the cross section is located out-
side the cross section. This indicates that tension
in the concrete must exist prior to failure. On the
other hand, when the ratio V/f.A; decreases
(Figure 9), the parameter j decreases. The param-
eter j is greater than 5 at the beginning of the
test at low loads, when the precracked condition
exists; it gradually drops to the value jp indi-
cated in Figure 9. .

At the prefailure conditions concrete still re-
sists tension, apparently at the lower portion of
the cross sections, despite the fact that major
cracks develop at the support. The hypothesis that
concrete still resists tension at the prefailure
stage (indicated by a large value of jp) may be
supported also by the fact that the concrete does
not exhibit cracks at the reinforcing bars between
the supports if a sufficiently large amount of rein-
forcement 1is provided (specimen N1). This also
means that the bond between the bars and the con-
crete is not broken and therefore concrete partici-
pates in resisting tension in addition to the resis-
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Table 4. Par iF at last " i
strain determining location (jrd) of Section at Axis No.
I P N : Load 2V on

resultant o normal stresses in concrete Specimen at 5 6 7 3

and corresponding p. Last Recorded
Test Strain (kips) iF p (%) iF p (%) ir p (%) iF p (%)
N1 390 0.67 1.72 0.81 1.47 1.91 1.28 1.06 1.1y
N2 225 0.75 0.81 0.92 0.69 0.97 0.60 1:25 0.55
C3 120 0.99 0.32 1.20 0.27 1.35 0.24 1.57 0.22

Note: Shear span/depth ratio (a/d) = 0.38, 0.47, 0.54, and 0.64 for sections 5, 6, 7, and 8, respectively.

Figure 10. Parameter jrp0 as a function of the reinforcement ratio, p, and
arm-to-depth ratio a/d.
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tance of the bars. In specimen N2 vertical cracks
developed, so the participation of concrete in ab-
sorbing tension stress is not so obvious for this
specimen.

An analysis done for specimens N1 and N2 by using
the actual values of Jjp results in the normal
stress distribution diagrams shown in Figure 1la,
b. This analysis assumes the neutral plane at the
intersection of the major crack with the cross sec-
tion at axis 7. Observed strain, given load, rein-
forcement data, and the magnitude of the parameter
jp (Equation 3) are used. The compressive stress
block is assumed to be rectangular. If the rectan-
gular compressive stress block 1is used, tension
stress below the neutral plane must be present to
satisfy the condition of equilibrium. Calculated
tension stresses are shown in Figure 11l. If a para-
bolic stress distribution or a triangular compres-
sive stress diagram were assumed, the tension stress
below the neutral plane necessary for equilibrium
would still exist but would be smaller. If a sim-
ilar analysis were made at axis 8 (instead of axis
7) with jp = 1.06 (for N1) and 1.25 (for N2), the
tension necessary for equilibrium would be larger
than in the example analyzed for axis 7 because the
resultant C of stresses in concrete is located at
axis 8 outside the cross section (jp > 1) (Table
4). The magnitudes of the stresses calculated for
specimens N1 and N2 are shown in Figure 11.

CONCLUSION

Tested deep reinforced concrete cantilevers exhibit
substantially higher resistance to applied load than
that determined by conventional methods of analysis
using the ultimate load or working stress method. A
study based on equilibrium of tested specimens pro-
vided a method for determining the arm of the re-

Figure 11. Normal stress distribution in concrete in specimens N1 and N2 at
last observed strain at axis 7 prior to failure.

1611 psi
I

N1

~—134 psi

sultant of normal stresses in concrete in a vertical
cross section as a function of depth-to-span ratio
and-- reinforcement ratio.- A -general - equation for
analyzing the arm of this resultant is presented.
In turn, this equation provides the means for de-
signing the reinforcement to satisfy conditions of
equilibrium prior to failure. Conditions for com-
pression of concrete are satisfied by using this
equation. It has been found that nominal shear
stresses at vertical cross sections are very large,
much above the shear (principal tension) strength of
concrete. This is because the horizontal reinforce-
ment provides shearing strength to the structure.
For this reason, nominal shear stress should not be
used as a criterion for the design. The true dis-
tribution of normal stresses prior to failure in
vertical cross sections is still unknown, although
the equilibrium study indicated that tension in con-
crete exigts and contributes to the overall resis-
tance of deep cantilevers. This in part explains
their higher resistance to the applied load compared

with that predicted by conventional methods of
analysis.
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Study of Cracking of Composite Deck Bridge

on I-75 over Peace River

CLIFFORD O. HAYS, JR., FERNANDO E. FAGUNDO, AND ERIC C. CALLIS

Observed cracking on the Peace River Bridge on Interstate 75 near Punta Gorda,
Florida, caused concern about the possibility of high maintenance cost and the
structural adequacy of the bridge system. The deck system consists of precast
panels resting on soft fiberboard, which serve as formwork for the road surface
and later aid in carrying the traffic loads. An investigation has been completed
that involved testing of the Peace River Bridge, testing of the FL-776 Bridge

{a nearby structure of similar construction), analytic modeling using the finite
element method, and limited laboratory testing of beam specimens. The in-
vestigation indicates that although the Peace River Bridge is adequate to carry
normal traffic, the shear stresses in the bridge deck are substantially higher than
those of deck systems that have positive bearing at the ends of the panels.
Further experimental studies are under way to determine the shear fatigue

life of the bridge. The causes of cracking and separation at the ends of the panels
are identified as differential shrinkage and creep due to prestress forces. Recom-
mendations for future construction projects are made.

Rising costs of formwork, materials, and labor have
greatly increased the cost of reinforced concrete
bridges constructed with conventional field forming
techniques. Construction techniques that reduce the
amount of forming done under field conditions in-
crease the economy of the bridge. Prefabricated
prestressed girders have been in common use in
bridges for approximately 30 years. Precast stay-
in-place forms of concrete and steel replaced wooden

forms in recent years and eventually led to the
development of precast composite deck panels. Com-
posite deck panel bridges contain precast pre-

stressed panels that span between bridge girders and
support the cast-in-place topping, eliminating most
of the field formwork. Research in Florida, Penn-
sylvania, and Texas led to their widespread accep-
tance and incorporation into the American Associa-
tion of State Highway and Transportation Officials
(AASHTO) specifications (l). Figure 1 shows typical
composite bridge panel construction, as built in
Florida, prior to this research.

Recent research in Florida (2) and Louisiana (3)
dealt with full-span form panels that span directly
between piers without using prestressed girders.
Additional research on deck panels was recently
completed in Texas (4). Although there are signifi-
cant differences in these two types of construction,
they both exhibit more regular cracking patterns
than bridges with reinforced concrete decks con-
structed by using conventional forms. The combina-
tion of (a) shrinkage due to placing a thin layer of
fresh concrete on top of a deck panel that has
already undergone a major portion of its shrinkage

and (b) vertical joints between panels and cast-in-
place concrete in regions of high stress (due to
traffic) will cause cracking and the cracking will
follow a regular pattern. However, extensive re-
search and experience have shown that these systems
can be safely used in bridge construction.

The Peace River Bridge on I-75 near Punta Gorda,
Florida, was constructed with prestressed girders
and composite deck panels. During the construction
of the bridge, an unusually large number of cracks
were observed in the deck. As pointed out earlier,
some cracking is inherent in this type of construc-
tion, but the extensive early cracking that was
observed caused concern about the possibility of
excessively high maintenance costs due to deteriora-
tion of the deck with time.

Preliminary studies of the plans for the Peace

River Bridge indicated one major difference from
details used in other states. On the Peace River
Bridge, and other bridge work in Florida, the pre-

cast panels are supported, as shown in Figure 1, by
fiberboard so that the panels do not have positive
bearing on the girders. One series of the Florida
panel tests (5) was made without positive bearing
for the panels, and satisfactory performance of the
panels was observed. However, these test panels had
prestressed strands that extended a short distance
into the cast-in-place concrete. In addition, these
laboratory test specimens were not exposed to tem-—
perature, creep, and shrinkage stresses, which
aggravate the cracking near the end of the panels
under field conditions.

The panels are designed to act compositely with
the cast-in-place concrete in resisting live loads
and are assumed to act as a continuous slab with
negative moment developed in the slab over the
girders. The ability of the panels to transfer
shear across their ends and provide continuity was
questioned due to the observed cracking. Prior
research concentrated heavily on demonstrating that
adequate bond could be developed between the top of
the panels and the cast-in-place topping. Only
minimal attention was given to the bond between the
end of the panels and the cast-in-place concrete
over the girders. The exact mechanism of the shear
transfer and the degree of continuity in this region
of interfaces between various concretes with creep,
shrinkage, and temperature cracks is difficult to
predict with any degree of certainty. Thus, a
thorough investigation of the Peace River Bridge was
warranted.
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Figure 1. Typical composite bridge panel construction.

CENTERLINE
GIRDER

t |

Transportation Research Record 903

TRANSVERSE

REINFORCEMENT
a2

e R R

e e R e e

[N

. i -
t,Ji’ B
ta

Al
FIBERBOARD
BEARING

LONGITUDINAL /

REINFORCEMENT

CAST—IN-PLACE

| L
]
*Note: Peace River Facility Does Not Have Ribs.

PRECAST PANEL SHEAR TIES
TOPPING ™, (Ribs Optional)*
| ) :
aQ )
g = . d Lanad (= | e - ==

o«
TRANSVERSE PANEL /

REINFORCEMENT
B

Fd
PRESTR ESSING/

STRANDS

SECTION A—-A

FIELD TESTS

Static and dynamic tests of the Peace River Bridge
were made to determine the degree of composite
action and structural adequacy of the decks. Tests
were performed under three conditions:

1. Present condition--Testing was performed on
(a) sections with typical reinforcement used in most
areas of the bridge and (b) sections with increased
reinforcement.

2. Remedial improvements—-The fiberboard under
several panels was removed and the void so creatced
was grouted. These panels were later retested.

3. Comparison tests--For comparative purposes, a
nearby bridge on I-75 crossing FL-776 was tested.
The FL-776 bridge had similar details but shorter
panel spans and less extensive cracking.

LABORATORY TESTS

After a preliminary study of the field data, the
major area of councern became the shear hehavior of
the joints at the ends of the precast panels. Thus,
a series of laboratory tests was made on slab speci-
mens constructed by using strips sawn out of panels
left over from the construction of the Peace River
facility. These strips or "beam" specimens were
loaded cyclically to study their shear fatigue
strength. The results of these beam tests (6),
although only applicable in a qualitative way to
actual bridge decks, indicated that testing of wider
specimens was necessary to determine the shear
fatigue life of the Peace River Bridge. Tests are
already in progress at the University of Florida to
evaluate the shear strength and behavior of wide-
slab specimens with joint details similar to those
on deck systems of the Peace River type.

FIELD TESTING PROCEDURES

Peace River Bridge

The Peace River Bridge consists of two parallel
structures that have a number of simple girder spans
between 65 and 105 ft. A Florida Department of
Transportation (DOT) water tanker was used for
loading the bridges, either hydraulically or as a
vehicle load. A data acquisition system was stored
in an instrument trailer and used to record deflec-
tion and strain measurements. Figure 2 shows the
configuration used for most of the tests in which
deflection measurements were made by using two
wooden gage support beams attached to the center
three girders. Two other displacement gages were
supported on top of the deck to measure the relative
slip across longitudinal cracks.

FL-776 Bridge

The FL-776 Bridge also had two parallel structures.
Each FL-776 structurc oconsisted of two simple skewed
spans with seven Type IV girders. Girder spans were
108.5 ft, and slabs spanned transversely approxi-
mately 4.5 ft between girders. The test layout for
the FL-776 Bridge was similar to that described
above for the Peace River Bridge.

Test Loadings

Figure 2 shows the truck in position for one of the
hydraulic tests with the load in the center of a
panel. All figures that show transverse sections of
the bridge were drawn facing north. Figure 3 shows
the detailed plan location of the loadings. Figure
3a shows the positions of the hydraulic loadings.
Loads A, B, C, and D refer to different positions of
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the wheel plate (2), whose dimensions are shown in
Figure 3b. Two positions are shown for the gage
line. The primary gage line was in the longitudinal
center of the panel. In most cases the testing
pattern was load positions A, C, B, and D with the
gages located on the primary gage line. However,
for a few of the tests, the test gages were moved to
a secondary position 6 in north of the end of the
panel and tests C and D were performed for the gages
on the adjacent panel.

The hydraulic loads were applied in 8-kip incre-

.

\
Figure 2. Schematic of field test arrangement for Peace River Bridge.
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ments up to a maximum load of 32 kips, which is
approximately 1.5 times the AASHTO HS-20 design
wheel load of 16 kips with an impact factor of 0.3.
The hydraulic load was applied by jacking against
the water tanker. The jack was centered over the
wheel plate and located with respect to the truck
axles as shown in Figure 34.

Figure 3c shows the location of the axle loads
for the static and dynamic truck tests. For each
static truck test, the three axles were each sepa-
rately placed over the gage lines. The symbols TA,

TRAILER

o - HYDRAULIC JACK

|

S |

I

Figure 3. Plan location of loads.
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Figure 4. Location plan of gages for span 11R of Peace River Bridge.
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and TC refer to three different orientations of
the truck wheels. The arrow shows the direction in
which the truck was facing. In the dynamic tests,
the transverse position of the wheels was the same
as in the corresponding static tests (as closely as
could be maintained) and the truck was driven over
the bridge at speeds ranging from 5 to 40 mph.

TB,

Deflection Gage Locations

Figure 4 shows Lthe plan location of the gage lincs
for one span of the Peace River Bridge. Deflections
were measured by a series of linear variable differ-
ential transformers (LVDTs) located on the gage
lines previously discussed. An LVDT is an electri-
cal-mechanical transducer that produces an electri-
cal output proportional to the displacement of a
separate inner core. One end of a threaded rod
attached to the core was connected to a threaded
tube that was epoxied to a magnetic block. This
block was then attached magnetically to a steel
plate that had been epoxied to the bottom of the
bridge slab. The plastic LVDT holder was attached
to an aluminum bar that was held onto the gage
support beam by a C-clamp. Figure 5 shows a section
of the gages for the FL-776 Bridge as well as the
Peace River Bridge. Wooden end blocks were epoxied
to the sides of the prestressed girders. The wooden
gage support beams were then connected to the end
blocks by dowels. One end of each gage support beam
had a circular hole and the other end was slotted.
With this configuration, the gage support beams
would not restrain the movement of the girders and
should have moved as a rigid body during
ing. The gage support beams were made out of ply-
wood and could be adjusted in length to accommodate

the test-

O = Test Core #

minor variations in girder spacing.

Gages 1-10 were supported on the gage support
beams under the bridge deck. Gages 11 and 12 were
supported by a wooden fixture over the girder on top
of the deck. The two top gages were located approxi-
mately 2 in on either side of the longitudinal crack
that ran close to the edge of the girder. The dif-
ference in deflection between gages 11 and 12 was
therefore a measure of the deformation at the end of
the panel.

Strain Gage Locations

Strain gages were also used in some tests and were
located along the same gage 1line as the LVDTs.
Figure 6 shows the locations of the strain gages in
relation to the girders and the LVDT gages. No
strain readings were made on the FL-776 Bridge.

Ground Reference Tests

Due to the large number of spans tested and their
precarious locations (generally over water or high
above the ground), it was felt that the deflections
of the slab relative to the girder would be easier
to obtain than absolute deflections measured from
the ground. However, some measurements were ob-
tained with LVDT gages attached to scaffolding
supported on the ground as means of referring rela-
tive measurements to absolute deformations.

Data Acquisition System

The 3052A data acquisition
Hewlett Packard consists of
troller, a 3495A multiplexer,

system manufactured by
a 9825A system con-
a 3497A system volt-
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Figure 5. Location of LVDT gages.
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meter, and a 9871A printer-plotter. The 98257
system controller is a 23K desk-top computer that
controls and services all peripherals through the
HP-IB interface bus. A cassette tape unit and a
small thermal printer are built into the 9825A. The
3495A multiplexer is a high-speed scanning device
capable of a switching rate of 1000 channels/s. All
transducer output signals are received by the 3495A,
which relays them to the 3497A voltmeter. The 3497A
is a 3.5-digit voltmeter that converts analog sig-
nals to digital signals. These signals are then
transmitted through the HP-IB to the 9825A for
storage and/or reduction. With the 9871A printer-
plotter, hard copies of raw or reduced data are
obtainable.

Displacements were measured by using Schaevitz

é LVDT GAGE #

A STRAIN GAGE #

LVDTs. Input to the LVDTs consisted of an excita-
tion of %15 V direct current and a common tied to
the ground of the LVDT output signal. The output
signals were passed through lowpass filters to
reduce noise and alternating current spikes. Each
filter consisted of a parallel circuit of two 100-MF
capacitors and one 5000-ohm resistor. Each LVDT
core was attached to one end of an 8-in-long stain-
less steel rod. Both input and output cables were
approximately 50 ft in length. The input (excita-
tion) cables were three-conductor, 22-gage telephone
cables. Output cables were two-conductor, 24-gage
microphone cables.

Strains were monitored with either a two-channel
Hewlett-Packard 7404A strip chart oscillographic
recorder or a BLH 1200B portable strain indicator
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Figure 7. Finite element model.
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and its accompanying switching and balancing unit
(model 1225). A Wheatstone Bridge configuration was
used for every active gage with temperature-compen-—
sating gages attached to a concrete cylinder main-
tained under similar environmental conditions as the
active gages.

EVALUATION OF FIELD TESTS

Load~Deflection Plots of Hydraulic Tests

Automatic load-deflection plots of all gages for the
hydraulic loading tests were made at a small scale
to see whether the response to the hydraulic loads
was generally linear and to spot any obvious mal-
functioning gages. The majority of the load-deflec-
tion plots indicated quite linear response.

Transverse Deflection and Moment Profiles

Finite Element Model

In order to have a reference against which to com-
pare the observed data, finite element models were
made of the bridges. A given span was modeled as a
collection of plate bending and grid (beamlike)
elements.

Figure 7 shows a portion of the model for the
Peace River Bridge. The pairs of 8-in-wide elements
are used over the width of the top flange of the
girders. The full model (not shown) has all five
girders and a total of 832 plate bending elements.
The wider elements were used to represent the slab
(precast panel and cast-in-place topping) between
girders. An average value of the modulus of elas-
ticity was used for all elements (§).

Grid Elements

When the hydraulic load was applied down onto the
deck, the reaction to that load was developed by a
decrease in the loads on the wheels of the water
tanker. These decreases in the wheel loads repre-
sent upward loads on the finite element models and
were computed by assuming that the trailer acted
like a simple beam with supports at the drive wheels
and the rear wheels of the trailer unit. This
procedure was used because the gages were "zeroed"
with the truck in position prior to the application
of the hydraulic loads. Because the nearest wheel
was approximately 11 ft from the hydraulic load; the
upward wheel loads would have almost no effect on
the deflections measured relative to the girders but
would appreciably affect the absolute deflections of
the finite element models.

The thickness of the elements in the vicinity of
the girder was increased to account for the tor-
sional stiffness of the girder. This also gives
extremely stiff elements (little bending deforma-
tion) across the width of the girder. The sum of
the moments of inertia of these thickened elements
was still below that of the composite girder and
slab. Therefore, grid elements were added along the
centerline of the girder with moment of inertia such
that the combined moment of inertia of the thickened
plate and grid elements was equal to that of the
composite girder and slab. Grid elements were also
used for the diaphragms. If the precast panels and
cast-in-place topping were acting as one integral
unit, it was felt that the observed results would be
in close agreement with those predicted by this
finite element model.

When it became apparent that the observed deflec-
tions were larger than those from the finite element
model and that the field results were indicating
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much smaller negative moment than that predicted by
the model, a new reduced-thickness model was devel-
oped to include the effect of a discontinuity at the
ends of the panels. The thickness of the plate
elements in the girder region was reduced to 4 in,
the thickness of the cast-in-place topping. Both
the torsional stiffness and the moment of inertia of
the grid elements were increased to the values for
the composite girder.

This reduced-thickness (thin element) model
clearly does not represent the exact conditions in
the deck if bond is lost at the end of the panel. It
should not be expected that this thin element model
could be used to study the detailed behavior of the
joint. It does, however, give deflections and
moments that are very close to those observed in the
field. This close correspondence is used as sub-
stantial evidence that the moments are quite small
at the edges of the girder.

Reduction of Field Deflections

Most of the field deflection measurements were made
from gages supported on the girders. Thus, these
deflections are the deflections of the slab relative
to the girder. To make the visual comparison of the
theoretical and experimental deflections easier, the
theoretical girder deflections were added to the
field deflections. Figure 7 shows how this was
done. The gage support beam is shown as a dashed
line. The deflections from the gage support beam
(Y,) are added to the deflections of the gage
support beam at the proper point along the axis. The
solid line represents the deflected shape of the
slab as predicted by the finite element solution,
and the + signs and the dashed 1line represent the
deflected shape observed in the field.

Computation of Experimental Moments

The bending moments in the slab were computed by two
procedures outlined by Callis, Fagundo, and Hays
(6). First, the deflections along transverse gage
lines were numerically differentiated by using the
finite difference technique. Second, the measured
strains were used to compute the bending moments by
assuming linearly elastic response and the flexural
stress formula to be valid.

Comparisons of Finite Element Model and Experimental
Data

Figure 8 shows the type of behavior exhibited by
most of the hydraulic tests of the Peace River
Bridge. The analysis made by using the full-conti-
nuity model indicates both smaller deflections and
positive moments than that based on the field data.
Figure 9 shows the same field data as Figure 8 but
in comparison with the thin element model. Clearly,
the correlation between the model and the experimen-
tal data is quite good. This type of behavior
indicates that the panels are approaching a simply
supported condition.

Figure 10 shows results for a test that had
strain gage data as well as deflection data. The
correlation between the computed moments based on
displacement data and those based on strain gage
data is quite good.

Tests for the FL-776 Bridge (6) showed larger
negative moments near the face of the girder, which
indicated that this bridge was behaving more like a
continuous deck.

Comparison of static truck tests generally showed
better agreement between the continuous solution and
the experimental than did the hydraulic tests. This
was probably due to the fact that in the truck test
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the double wheels spread out the load more than did
the single-wheel plate used for the hydraulic tests.

Joint Deformations

Gages 11 and 12 (Figure 5) were mounted on top of
the deck directly above the girder and approximately
2 in on either side of the longitudinal crack near
the end of a panel. The difference in deflection
(A) between gages 11 and 12 is a good measure of
the deformation at the ends of the panel. Because A
and B tests generally gave about equal magnitudes of
A (~0.0012-in slip for a 32-kip load), the
deformation must be a combination of shearing and
flexural deformations. The flexural deformations in
this short 4-in length are probably due to the
hinging action at the ends of the panels.

The panels on the Peace River Bridge that were
retested after being grouted showed smaller joint
deformations than in the original tests. The A
tests that were repeated showed a 28 percent reduc-
tion, and the B tests that were repeated showed a 42
percent reduction. A reasonable conclusion would be
that the grouting eliminated essentially all of the
joint shearing deformation and had little effect on
the flexural deformation, The joint deformations
were smaller for spans 31 and 32, which had the
extra reinforcement in the cast-in-place topping.
Span 31, which had the extra transverse reinforce-
ment, exhibited less joint deformation for the B
load, whereas span 32 with the extra longitudinal
steel showed a decrease for the A and A + 30 loads.
Both of these reductions in joint deformations are
encouraging.

CREEP AND SHRINKAGE STUDIES
PCA Method

Precast, prestressed girders are sometimes used to
make continuous bridges. The continuity is achieved
by supporting simple-span girders on piers, adding
continuity steel at the piers, and pouring the deck
concrete compositely with the girders. The system
then acts continuously to support live load. The
major portion of the continuity steel is for nega-
tive moment at the piers. However, some positive
moment steel is added for 1live load on adjacent
spans and the effects of creep and shrinkage. a
Portland Cement Association (PCA) publication (7)
has been used to design this positive moment rein-
forcement.

Calculations based on the PCA method (6) indi-
cated that initially high tension stresses would
develop on top of the deck due to shrinkage and
would be sufficient to cause cracking either by
themselves or in conjunction with load stresses;
then, with time, creep in the panels due to pre-
stress would cause a separation of the end of the
panel from the cast-in-place concrete.

Core Specimens

Several cores were taken from the Peace River Bridge
for the purpose of examining the interface between
the ends of the prestressed panels and the cast-in-
place topping. Prior to these coring operations,
epoxy grout was pumped into the cracks around the
coring 1locations by a contractor selected by the
Florida DOT. This was done in an attempt to prevent
the coring operation from possibly increasing the
panel-topping interface separation. After the cores
had been examined and photographed, two cores were
sawn apart along the transverse panel-topping inter-
face so that the effectiveness of the grouting
operation could be examined. Neither of these two
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cores showed much grout penetration into the inter-
face region. However, several of the other cores
showed that the grout reached the interface and in a
few instances completely filled up the crack. The

Figure 8. Deflection and moment profiles from test S6.
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separation at the ends of the panel was approxi-
mately the same for the cores with epoxy penetration
as for those without penetration. In addition, cores
taken at the ends of the panels from a laboratory
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Figure 10. Deflection and moment profiles from test S101.
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specimen (6) did not exhibit any separation in spite
of the coring operation, which was similar to the
field coring procedure except that no epoxy grouting
was done. Thus, it is felt that the coring opera-
tion does not significantly affect the separation of
the panel-topping interface. It should also be
noted that the bottom portions of the cores com-
pletely separated once the topping was sawed off,
which indicated very little bond on the end of the
panels.

The photograph at the top of Figure 11 shows core
1. The separation at the end of the panel is about
0.01 in. The lower photograph shows core 3, which
had essentially full penetration by the epoxy grout.
The thickness of the epoxy appears to be about 0.01
in. The thicknesses of the topping of cores 1 and 3
are only 3.5 and 3.25 in, respectively. However, all
of the other cores taken from the Peace River Bridge
had at least a 4-in topping. It should also be noted
that both cores 1 and 3 had hairline cracks extend-
ing about 1 in up the panel-topping interface. The
fact that these cracks passed through both paste and
aggregate indicated that the crack occurred after
the topping had cured.

SUMMARY

An investigation of the Peace River Bridge was
conducted in response to reports of extensive crack-
ing in the deck of the facility. This investigation
involved testing of the Peace River Bridge and a
nearby structure, analytic modeling using the finite
element method, and limited laboratory testing of

"beam" specimens constructed with panels similar to
those used in the Peace River Bridge. Close co-
operation between the University of Florida and
Florida DOT personnel was maintained throughout the
investigation.

The investigation clearly indicates that the
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behavior of the Peace River Bridge deck is more like
that of simple spans than that of continuous ones.
This behavior is indicated by comparisons of the
field tests and predictions made by using finite
element models.

The lack of continuity causes positive flexural
stresses near midpanel that are higher than for
conventional decks. Analyses indicate, however,
that these stresses are within allowable 1limits.
Consequently, this effect of the loss of continuity
is not serious. Unfortunately, the loss of bond at
the ends of the panels and the corresponding separa-
tion of the ends of the panels from the cast-in-
place concrete over the girders mean that the shear
(in the deck at the face of the girder) must be
carried essentially by the cast-in-place topping.
This separation has been confirmed by cores taken
from the Peace River Bridge and a comparison of the
joint deformations measured in the field with the
joint deformations of a laboratory specimen (6) that
had an artificial bond breaker inserted at the end
of the panel.

Creep and shrinkage studies indicate that the
most probable cause of the separation of the ends of
the panels and the cast—in-place concrete is creep
of the panels under the action of the prestress.

The decks that had more transverse and longitudi-
nal steel in the topping concrete than the normal
decks exhibited both smaller overall deflections and
smaller joint deformations than the decks that had
regular reinforcement. This reduction could indi-
cate that the separation of the ends of the panels
from the cast-in-place concrete has been diminished
and consequently the shear fatigue life would be
improved. It is not felt, however, that extra
reinforcement is a satisfactory substitute for
positive bearing at the ends of the panels.

It appears, based on the relatively few tests of
the FL-776 bridge, that this bridge deck slab was
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Figure 11. Peace River cores: (top) core 1 and (bottom) core 3.

acting more like a continuous system than the Peace
River Bridge deck slab. Because the amount of
separation at the ends of the panels is a function
of the panel length, the more continuous behavior of
the FL-776 bridge is at least partly due to its
shorter panel length. Shorter panels are likely to
have less prestressing and thus 1less creep than
longer ones. It is very difficult to predict
whether this higher degree of continuity will be
maintained for the FL-776 facility, particularly
since under some load conditions positive moments
will be developed at the ends of the panels. How-
ever, it appears that panel bridges with deck spans
shorter than that of the Peace River Bridge will
probably have longer fatigue lives.

CONCLUSIONS

The following conclusions have been made based on
the research presented in this paper:

1. The two decks in their present cracked condi-
tion are structurally adequate to carry normal
traffic. In spite of the simple action of the
decks, flexural stresses are not excessive.

2, The shear stresses in the Peace River Bridge
are substantially higher than those of conventional
bridge decks or panel bridges with positive bearing
at the ends of the panels. Because of this, the
fatigue 1life of the Peace River Bridge deck is
substantially less than that of conventional bridge
decks or panel bridges with positive bearing at the
ends of the panels. However, studies are under way
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that involve extensive field coring of bridges built
with details similar to the Peace River facility and
laboratory testing to destruction of wide deck
specimens. Preliminary studies of this work indi-
cate that, although panel bridges built without
positive bearing may exhibit increased cracking and
some spalling with time, the punching shear strength
is sufficient to prevent structural shear fatigue
failures under normal traffic loads.

3. The observed cracking on the top of the deck
is probably primarily due to volume changes brought
about by differential shrinkage between the panels
and the cast-in-place topping. However, temperature
changes and 1live load stresses certainly increase
the tensile stresses and the degree of cracking.

4. RAdding extra transverse or longitudinal steel
is not felt to be sufficient to ensure adequate
fatigue life of panel bridges.

5. Removing the fiberboard and replacing it with
mortar would greatly increase the fatigue 1life
expectancy of the Peace River Bridge. Whether this
action is economically justifiable depends on fur-
ther studies of the shear fatigue behavior of the
bridge under way at the University of Florida.

6. Future panel construction projects should
include a detail that provides positive bearing for
the panels. Strand extensions may also be useful.
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Performance of Full-Span Panel-Form Bridges

Under Repetitive Loading

C. DALE BUCKNER AND H.T. TURNER

An experimental program to determine the effects of repetitive loading on the
serviceability and strength of composite panel form bridges is described. Six
simply supported bridge decks were tested. The specimens consisted of three
precast, pretensioned panels spanning in the direction of traffic and composite

with a cast-in-place topping slab. Bond between the topping slab and the rough-

ened interface surfaces of the panels provided the only means of shear connec-
tion. ltems considered in the study include the topping slab thickness, panel
joint type (flat or beveled-edge), and the effect of longitudinal eracks in the
topping slab. The specimens were loaded repetitively with 2 million cycles of
design load (HS20-44 axle load with allowance for impact). The loading ar-
rangement was such that maximum transverse shear and longitudinal bending
stresses were produced during each cycle. Performance was evaluated primarily
on the basis of flexural rigidity, differential deflection between panels, and the
strength and ductility of the composite system. Several states have constructed
bridges by using precast panels as full-span stay-in-place forms. Many of these
bridges have developed longitudinal cracks in the topping slab over the panel
joints. The study indicates that cracks of this type do not have a detrimental
effect on the strength and serviceability of the bridge deck for the expected
repetitive loading.

The number of highway bridges in the United States
currently in need of replacement has been estimated
to be in the tens of thousands. This need, coupled
with increasing construction costs, has intensified
the search for more economical bridge systems.

One recent development in bridge construction is
the use of precast panels as stay-in-place forms for
the bridge deck. Most of the applications of these
panels have been for short spans in which the panels
span transverse to the roadway and are supported by
the girders. The panels serve initially to support
the weight of a cast-in-place topping slab. After
the slab hardens, the panels act compositely with it
to resist traffic loads. Adequate performance of
this system has been demonstrated in several re-
search programs and by approximately 20 years of use
in actual bridges (1).

Tests of short-span precast-form panels for use
in highway bridge decks have been conducted in Flor-
ida (2), Pennsylvania (3), and Texas (4). The re-
sults of these tests have been summarized in a
state-of-the-art report by Barker (5). Based on
these tests and the performance of panels in actual
bridges, design criteria were developed for stay-in-
place precast panels (5). These have been incorpo-
rated in the latest American Association of State
Highway and Transportation Officials (AASHTO) speci-
fications (6).

Based on the satisfactory performance of the
short-span stay~in-place panels, at least two
states, Florida and Louisiana, have constructed
bridges by using precast panels as full-span stay-
in-place forms. These bridges are constructed with
the panels spanning parallel to traffic and sup-
ported either by abutments or pile bents.

Many of the bridges built in this way have de-
veloped cracks in the topping slab approximately
over the 1longitudinal joint between panels. These
cracks are believed to be initiated by stresses in-
duced by the drying shrinkage of the topping slab.
Cracks of this type were detected in bridges built
in Louisiana shortly after they were opened to traf-
fic, and similar cracks have been documented for
several recently constructed bridges in Florida (7).

Hays, Cox, and Obranic (7) have performed exten-
sive numerical and experimental studies of the
static behavior of full-span panel-form bridges.

These studies involved both prototype bridges, which
had been in service for periods of up to three
years, and half-scale laboratory specimens. Both
flat and ribbed form panels were considered in the
studies.

It was concluded from these studies that the
AASHTO effective width criterion for a one-way slab
provides a reasonable and conservative estimate of
the effective width of the composite panel-form
deck. Finite element studies were performed that
indicated that transverse bending moments caused
tension in the bottom of the cast-in-place topping
and predicted better performance from the ribbed
than from flat panel decks. The authors recommended
a panel that would result in a thickened topping
slab with supplementary U-bar reinforcement over the
joints between panels.

The formation of cracks in the topping slab so
soon after the bridges were built has caused concern
among some bridge designers. They perceive a need
to verify and refine the design criteria for the
full-span panel-form bridges under controlled labo-
ratory conditions. The experimental program de-
scribed in this paper was performed to fulfill these
objectives.

The program involved testing six simply supported
composite decks for 2 million cycles of service load
and following this with a test to failure. Loads
were applied so as to produce maximum transverse
shear stresses in the topping slab under an HS20-44
design load.

The items considered in the study included the
topping slab thickness, panel joint type (flat or
beveled), and the effect of longitudinal cracks in
the topping slab. Performance was evaluated pri-
marily on the basis of the flexural rigidity of the
deck, the differential deflection between adjacent
panels, and the strength and ductility of the com-
posite deck. Visible cracks in the concrete, slip
of prestressing strands, and strains in transverse
steel were also considered in evaluating the spec-
imens.

DESCRIPTION OF SPECIMENS

Six simply supported composite specimens were con-
structed. Each specimen had an overall thickness of
13 in, an overall width of 125 in, and a span length
of 20 ft.

The thicknesses of the precast panels and the
cast-in-place topping slab were varied, while a con-
stant overall thickness of 13 in was maintained.
One set of two specimens was constructed of panels
5.5 in thick with a complementary topping slab
thickness of 7.5 in. The 5.5-in thickness was es-
tablished as a lower bound for an unshored panel on
a 20-ft simple span. Two specimens were constructed
of 10-in-thick panels with 3-in topping slabs. The
3-in thickness was selected as a lower bound for the
topping slab to allow for a minimum cover of 2 in.
A slab of this thickness would probably not be con-
sidered a practical minimum when tolerances in pre-
cast dimensions and differential cambers are con-
sidered. It is believed that the satisfactory
behavior of the upper- and lower-bound thicknesses
will indicate satisfactory behavior for similarly
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Figure 1. Details of test specimens.
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designed specimens of intermediate thickness.

Two specimens with 8-in panel thickness and 5-in
topping were also tested. These specimens were used
to study the effect of longitudinal cracks in the
topping slab on the behavior of the composite decks.

For each set of specimens of a particular panel
thickness, one was constructed by using flat precast
panels and one had beveled edges, as shown in Figure
Ly It was thought that the composite decks con-
structed with beveled panels might perform better
than those with flat panels due to improved shear
transfer between panels.

Each specimen was constructed of three panels 3
ft, 5.5 in wide. One of the longitudinal joints be-
tween panels had a 0.5-in gap filled with fiberboard
to minimize shear transfer by friction and to allow
more freedom for transverse shrinkage. The other
joint was a tight butt Jjoint, which is the usual
construction procedure.

Details of the test specimens are shown in Figure
1. Test specimens are identified by a symbol of the
form F-nyj-ny; or B-nj-nj. The 1letters F and
B refer to flat and beveled panels, respectively;
n; is the overall panel thickness and njy is the
number of 0.5-in-diameter, 270-ksi strands per panel.

Design of Specimens

The test specimens were designed as a one-way slab
with an effective width for distribution of wheel
loads computed in accordance with the 1977 AASHTO
specifications (6). The design live load was the
HS20-44 highway loading. The effects of this load-
ing were increased by 30 percent to allow for im-
pact, in accordance with AASHTO.

Complete composite action was assumed between the
panels and the cast-in-place slab. Design was based
on normal-weight concrete with specified compressive
strengths of 5000 psi in the precast and 4200 psi in
the cast-in-place topping.
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The computed stresses in the specimen at various
loading stages are summarized in Table 1. These
stresses were computed based on the transformed con-
crete section but neglecting the transformed steel
areas. Sample calculations for these stresses are
inclnded in the final report of the stndy (8).

Manufacture of Precast Panels

The precast concrete panels were manufactured by
Biloxi Prestress Concrete Company of Biloxi, Missis-
sippi. The 1long-line production system was used
with all 8-strand panels cast on one line and all
10-strand panels cast on another.

The beveled edges of the B-series panels were
rough-shaped by using an appropriate screed@ and then
hand-floated to yield an acceptable shape. At the
approximate time of initial set, the top and beveled
surfaces of each panel were raked transversely to
depths of approximately 0.125 in.

The panels were steam-cured for 12 h, at which
time control cylinders indicated a compressive
strength in excess of 4000 psi. The panels were
stored at the prestress plant until the control
cylinders had reached a compressive strength in
excess of 5000 psi. The panels were then shipped to
Louisiana State University, unloaded, and stored
outside until they were moved inside the laboratory
for construction of the test specimens.

Construction of Specimens

The precast panels were moved into the laboratory
and set over concrete support beams as indicated in
Figure 1. After the panels had been placed and
aligned, the support beams were shimmed so that the
soffits of the panels were bearing accurately at 25
in above datum. The panels were cambered due to the
prestress force and therefore were 0.25-0.5 in
higher near midspan. Differential camber between
adjacent panels was less than 0.125 in in all spec-
imens.

Formwork for the cast-in-place topping slab was
then erected. The elevation of the formwork was
adjusted by shimming the base so that the top edge
was 38 in above datum. The top edge of the formwork
supported a steel angle that was used to screed the
concrete after it was placed.

Steel reinforcement for the topping slab was
placed and supported so that there was 2-in cover
from the top of the transverse steel to the top sur-
face. Lifting loops, which were embedded in the top
of the precast panels, were burned off to eliminate
mechanical shear connection between the precast and
cast-in-place concrete. Formwork and reinforcement
for a typical specimen are shown in Figure 2.

Approximately 15 min before concrete was to be
placed, the top of the panels was saturated with
water (water puddled in low spots and in scratch
marks on the panel). The panels were then air-
hlasted until all free water was removed. The sur-
face was still wet when concrete placement began.

Concrete was discharged directly from the truck
onto the panels and consolidated by vibration. The
top was screeded and finished with a float. The
specimen was then covered with polyethylene sheet
for curing.

Four of the specimens (B-5.5-10, B-10-8, F-5.5-
10, and F-10-8) were cured under plastic for seven
days and then exposed to air. None of these spec-
imens developed visible shrinkage cracks on the top
surface. The temperature and relative humidity of
the air in the vicinity of the specimen were re-
corded during the curing period by using a hygro-
thermograph. The mean and range of these values are
documented (8).
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Table 1. Summary of computed design stresses.
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At Transfer of Prestress?

Service Load (Dead + Live + Impact)

at Midspan®

Stress Range (Live +

2 ft from Ends At Midspan Impact) at Midspan (psi)
Stress (psi)

Prestress  Stress (psi) Prestress  Stress (psi) Prestress — Horizontal

Force Force Force Top Top Shear at Prestress
Specimen (kips) Bottom Top (kips) Bottom Top (kips) Bottom Panel  Slab Interface Strands
F-5.5-10 260 2132 142 261 1712 578 220 -319 1426 695 19 3700
B-5.5-10 259 2121 223 261 1701 701 220 ~-433 1676 695 19 3700
F-8-8 212 1541 -268 213 1256 28 176 -61 583 695 18 3700
B-8-8 212 1576 -297 213 1291 43 176 -116 750 695 18 3700
F-10-8 213 1377 -351 214 1147 -115 176 40 492 686 13 3700
B-10-8 212 1420 -437 213 1187 -141 176 13 584 686 13 3700

aAssuming strands initially stressed to 189 ksi and 24 h of relaxation prior to release.

Assuming total prestress loss of 45 ksi prior to placing tapping slab; based on gross transformed area of concrete.

Figure 2. Formwork and reinforcement for topping siab.

It was not practical to cure the specimens until
all potential drying shrinkage had occurred. Thus,
although there were no visible longitudinal cracks
of the type that have been primarily attributed to
shrinkage in prototype bridges, there is no assur-
ance that such cracks would not have occurred in the
specimens eventually.

As a measure of potential shrinkage, three
volume-change prisms, conforming to ASTM C341, were
cast for each specimen. These prisms were cured
with the specimen and used to measure the unre-
strained drying shrinkage that occurred during the
curing period. The measurements indicated shrinkage
at time of test of about one-half the ultimate value
expected for the class of concrete.

Two of the specimens (B-8-8 and F-8-8) were cured
under plastic for only 48 h and then exposed to
air. The shorter curing time was intended to simu-
late the relatively poor curing conditions that are
likely to occur in real bridges. In each of these
specimens a longitudinal crack was induced in the
topping slab approximately over the joint that con-
tained the 0.5-in-wide fiberboard-filled gap. This
crack was induced by holding down the outside edge
of the deck and jacking up on the panel soffit along
the joint. This produced a fine flexural crack that
was visible in the top surface along the entire
length of the deck. A chalk line was snapped on the
top surface above the longitudinal joint. The crack
meandered across this line several times and devi-
ated from the line by less than 2 in at all points.

Six locations, at approximately 3-ft intervals
along the crack, were monitored for crack width
growth. Locations were selected where the crack

approximately paralleled the chalk line. The width
was measured by using a direct reading microscope
graduated to 0.01 mm.

Material Properties

The materials used in the test decks were specified
to conform to the standard specifications of the
Louisiana Department of Transportation and Develop-
ment (9).

The concrete in the precast panels was specified
as air-entrained, normal weight, with minimum cement
content of 6.5 sacks/yd?, compressive strength of
5000 psi, and air content in the range of 3-7 per-
cent by volume. The concrete was placed with a
slump of approximately 3 in. Twenty-one 6-in-
diameter by 12-in cylinders were cast with the
panels. Three of these were cured under standard
conditions and tested at age 28 days. The remaining
cylinders were cured with the panels and tested on
the day that the topping slab was cast.

The concrete for the cast-in-place topping slab
was air-entrained, of normal weight, with specified
cement content of 6.5 sacks/yd?, compressive
strength of 4200 psi, and air content 3-7 percent by
volume. The concrete was placed with a slump of 3-5
in., Nine 6-in-diameter by 12~in cylinders and three
3x3x11l-in volume-change prisms were cast with each

pour. Three of the cylinders were cured under
standard conditions and tested at age 28 days. Six
of the cylinders were cured with the deck. Three of

these were tested on the day that repetitive loading
began, and three were tested on the day that ulti-
mate loading was performed. The results of the
tests for both the panels and the topping slab are
summarized in the study final report (8).

The prestressing strand was specified to be 0.5-
in-diameter, uncoated, seven-wire strand conforming
to ASTM A416 Grade 270K. Mild steel reinforcement
was specified as ASTM RA615 Grade 60K.

EXPERIMENTAL PROGRAM

The test specimens were loaded 2 million times with
a cyclic load to simulate the stresses expected dur-
ing the life of an actual bridge. The performance
criteria used to evaluate the deck were the flexural
rigidity of the composite unit, the differential
deflection between adjacent precast panels, strains
in transverse reinforcing bars, slip of the pre-
stressing strands, visible cracks in the concrete,
and the strength and ductility of the composite deck.

Loading Arrangement

In most previous studies that have involved repeti-
tive loads on simple-span bridges, the loads have
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Figure 3. Test equipment. l"
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been applied as a series of concentrated loads posi-
tioned to approximate the moment envelope. Because
a primary consideration in this study is the shear
transfer across the joint between panels, it was
decided that a better loading arrangement would be a
single concentrated load applied at midspan. This
arrangement creates maximum shear stress at the
longitudinal joint and maximum bending stress at the
critical (midspan) section during each cycle.

The load was applied by an actuator controlled by
an Instron Series 2150 servohydraulic system. The
concentrated load was spread into two "wheel" loads
and applied to the slab through 1l-in-thick neoprene
bearing pads that were sized and positioned to simu-
late tire prints. The arrangement for the 1loading
is shown in Figure 3.

With the load applied through the spreader beam,
approximately one-third of a wheel load is trans-
ferred across each longitudinal Jjoint into the
middle panel., This yields a reasonable approxima-
tion to the maximum shear transfer that would occur
in an actual bridge.

Instrumentation

Vertical deflections were measured at transverse
sections located 2 ft on each side of the span cen-
terline, as indicated in Figure 3. Four Schaevitz
linear variable differential transformers (LVDTs)
with a range of *1 in were positioned at each
transverse section. Data from the LVDT units were
recorded with the aid of a multichannel data logger.

Strain gages were mounted in a half-bridge on two
transverse bars in each cast-in-place topping slab.
The active bridge arms were approximately over the
longitudinal joints between the precast sections.
The bars were approximately above the location where
the LVDTs were mounted. Strain readings were ob-
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tained with the aid of a Vishay-Ellis switch and
balance unit with a digital indicator.

Strand slip was measured by using a caliper with
dial gage graduated to 0.001 in. Metal tabs were
epoxied to the strands and to the end of the panel
approximately 0.5 in above the strand to serve as
reference points for these measurements. Two
strands on each end of every panel were monitored in
this fashion.

Test Procedure

Application of repetitive loads began when the con-
crete in the topping slab had reached an age of 32
days. The design load, including the allowance for
impact, is 41.6 kips. The spreader beam and bearing
blocks produced a tare of approximately 1.5 kips.
To prevent separation between the actuator and the
bearing block, an additional 1.5-kip load was main-
tained; thus, the repetitive load was varied between
3 and 41.6 kips. The repetitive load was applied at
a rate of 500 000 cycles per 48 h (2.89 Hz). This
rate was such that dynamlic stresses were negligible,
and it ylelded a convenient stopping time for inter-
mediate static tests that were performed after each
500 000 cycles.

Initial measurement of strand slip and crack
width (when applicable) and initial readings of the
LVDTs and strain gages were taken with only the tare
on the specimen. The specimen was then loaded stat-
ically to the full design load, and the measurements
were repeated at  that load. Intermediate static
tests were performed in the same manner as the ini-
tial static test except that strand slip was not
measured until the final test after 2 million
cycles. These tests required approximately 10 min,
after which the repetitive loading was resumed. 1In
two of the specimens, F-5.5-10 and B-8-8, equipment
breakdowns caused an interruption in the repetitive
loading. For specimen F-5.5-10, this interruption
occurred after approximately 1.3 million cycles were
applied and lasted for two days; for specimen B-8-8,
it occurred after approximately 1.8 million cycles
and lasted for three days. Otherwise, the repeti-
tive loading was applied continuously except for the
brief interruptions for the static tests.

The specimen was then loaded to failure. This
loading was applied in increments of 10 kips but was
reduced to 5-kip increments near ultimate. The LVDT
readings were recorded after each load increment.

TEST RESULTS

The measured structural performance of the composite
decks was satisfactory in all six specimens tested.
There was no evidence of fatigue in either concrete
or reinforcement or of deterioration of composite
action, shear transfer strength, or bond during the
cyclic loading. Generally, the LVDT readings indi-
cated a slight increase 1in panel stiffness during
the test period. This increase can be attributed to
the small increase in mudulus of elasticity of the
concrete due to cement hydration during this period.

The specimens were loaded to failure after 2 mil-
lion cycles of design load. Primary failure in
every specimen was in flexure by yielding of the
reinforcement. Secondary failures were either by
crushing of concrete or in a shear mode. The mea-
sured loads at secondary failure were in all cases
above the computed ultimate load and occurred after
the specimen had demonstrated adequate ductility.

The behavior of the test specimens and the analy-
sis of the test data are described below.

Primary Performance Criteria

The performance of the test specimens was evaluated
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Table 2. Deflection readings at LVDT locations.
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Avg Initial Avg Deflection/Avg Initial Deflection by No. of Cycles Maximum Ratio Differential Deflections by No. of Cycles

Deflection C
Specimen (in) 0.5x10° 1x106 1.5x10® 2x10° 0 0.5x108 1x108 1.5x108 2x108
B-5.5-10 0.0739 0.995 0.980 0.946 0.946 1.08 1.08 1.08 1.08 1.07
F-5.5-10 0.0682 0.970 0.994 N.A. 0.990 1.04 1.03 1.04 N.A. 1.06
B-8-8 0.0926 0.975 0.966 0.966 0.950 1.02 1.02 1.03 1.03 1.03
F-8-8 0.0842 1.000 1.002 1.003 1.017 1.02 1.02 1.02 1.02 1.02
B-10-8 0.0780 0.949 0.933 0.932 0.946 1.02 1.03 1.02 1.03 1.04
F-10-8 0.0746 1.005 0.996 1.006 0.998 1.04 1.0 1.02 1.03 1.04

Table 3. Moment strength and cracking load of composite deck.

Moment Strength (kip-ft)

Age of Precast Computed Loss

— - Cracking Load (kips)

at Time of of Prestress Computed Experimental
Specimen Test (days) (ksi) (Mp) (My) My /M, Computed Experimental
B-10-8 99 333 856 957 112 79.2 1255
B-5.5-10 127 42.1 1012 1213 1.20 54.8 87.5
F-5.5-10 160 43.1 1010 1130 1.12 61.4 118.2
F-10-8 194 35.7 860 886 1.03 81.7 113.5
B-8-8 243 38.2 884 992 1.12 72.9 103.5
F-8-8 242 38.4 886 942 1.06 76.6 110.8

primarily on the basis of flexural rigidity, dif-
ferential deflection between panels, and moment
strength and ductility of the composite deck. The
computed flexural rigidities of the composite speci-
mens, based on linear elastic theory for an un-
cracked section, are 2.06-3.80 times larger than for
their cast-in-place topping and precast panels act-
ing noncompositely. Because the deflection of the
deck is inversely proportional to its flexural ri-
gidity, the measured deflection is a sensitive indi-
cation of deterioration of composite action. The
deflections of the deck at locations 2 ft to either
side of midspan are tabulated in Table 2. These de-
flections are essentially the same at the end of 2
million load applications as at the beginning, which
indicates that there was no significant loss of com-
posite action.

The differential deflection between adjacent
panels is a measure of shear transfer across the
longitudinal joint. If there were a differential
deflection between panels, then one panel would have
to resist a larger proportion of load and hence be
subjected to larger bending stress than was assumed
in the design.

The differential deflection readings after each
stage of cyclic loading are summarized in Table 2,
where comparison is made on the basis of the ratio
of larger to smaller adjacent deflections. These
data indicate a maximum value of this ratio of
1.08. By a simple elastic analysis, if the panels
resist an equal share of load when their deflections
are equal, when the deflection ratio is 1.08 the
share of load resisted by the more severely stressed
pPanel would be increased about 4 percent. This com-
puted increase is not considered significant. Thus,
the measured differential deflections indicate sat-
isfactory shear transfer behavior for all specimens
under the cyclic loading.

The moment strength and ductility of the deck
provide vital measures of endurance under the cyclic
loads. To alleviate stress concentrations at the
supports, the precast panels were supported at both
ends by neoprene bearing pads measuring 0.5 in by 4
in by 10 ft, 5 in. The pads restrain horizontal
movement and create a horizontal thrust that was
believed to be negligible under service loads but
significant at loads near ultimate. To account for

this thrust, the shear stiffness of the support pads
was determined and the soffit chord extension was
measured as the specimen was loaded to failure.
These values, together with the measured applied
load and deflections, were used to determine the
bending moment at the critical midspan section and
are given in Table 3.

The moment strength of the deck was computed
based on generally accepted assumptions of the
strength design method (10). The stress-strain re-
lation for the prestressing steel was furnished by
the manufacturer. The compressive strength of the
concrete was taken as the average cylinder strength
of concrete in the cast-in-place deck at the time of
test. The effective stress in the prestressing
steel was estimated by the general method recom-
mended by the Prestressed Concrete Institute (PCI)
Committee on Prestress Loss (ll). The stress in the
prestress strands at ultimate was computed by a
trial-and-error procedure by using the appropriate
strain-compatibility and equilibrium equations.

The computed and experimental moment strengths of
all specimens are given in Table 3. 1In every case,
the experimentally determined moment is larger than
the computed moment strength.

A typical load-deflection curve for one of the
specimens is plotted in Figure 4. For comparison
all of the curves are shown superimposed in Figure
5. These curves indicate that primary failure oc-
curred in each specimen in flexure and that the
specimens exhibited adequate ductility prior to
secondary failure.

Secondary failure of specimens B-10-8, B-5.5-10,
F-5.5-10, and B-8-8 occurred by crushing of the con-
crete at midspan. Secondary failure in specimen
F-10-8 was by shear transfer in the 3-in-thick top-
ping slab. Inspection of the topping slab after
secondary failure indicated that a vertical crack
had formed over the 1longitudinal joint and a
U-shaped dlagonal crack around the load point. The
cracks in this region indicated both direct shear
and diagonal tension failure.

The fallure load for F-10-8 was 168 kips, which
corresponds to a wheel load of 84 kips--5.25 times
the design load of 16 kips. This indicates that an
uncracked topping slab of the thinnest feasible size
has adequate shear transfer strength for an HS20-44



50

Figure 4. Typical load-deflection curve for specimen B-8-8.
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loading. However, it should be noted that a preex-

isting crack across a shear transfer plane, such as
can be caused by shrinkage in an actual deck, has
been shown to significantly reduce the shear trans-
fer strength (12).

Specimen F-8-8, which had a 5-in topping slab and
an induced longitudinal crack over a panel joint,
failed at a measured load of 179.6 kips. This indi-
cates that a 5-in topping slab, when transversely
reinforced with pfy = 200 psi, has adeguate shear
transfer strength even across a preexisting crack.
Secondary failure of this specimen occurred in hori-
zontal shear on the exterior panel of one quadrant.

In a sense, the behavior of specimens B-10-8 and
B-8-8 was better than that of the companion speci-
mens F-10-8 and F-8-8 because secondary failures oc-
curred at larger loads and deflections in these
specimens. However, since all specimens developed
resisting moments in excess of their computed capac-
ities and demonstrated adequate ductility prior to
secondary failure, the behavior of all specimens is
considered adequate.

Additional Performance Criteria

The flexural cracking load, visible cracks in the
specimen, slip of the prestressing strands, and
strains in several transverse rebars were recorded
for each specimen.

The cracking load is defined as the load at which
the first flexural crack was observed in the exte-
rior side of the specimen. This load was in every
case more than 40 percent greater than the computed

Transportation Research Record 903

Figure 6. Visible top surface cracks after repetitive loading.
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cracking load when based on a modulus of rupture of

Tx5 /f_g and on the effective prestress and concrete
strength at time of test. The discrepancy between
computed and observed values can be partly attrib-
uted to the simplifications made in computing the
cracking moment. Another likely factor is that vi-
sual observation was limited to the exterior edges
of panels. The first cracks very likely occurred in
the interior. The cracking load was not considered
an important indication of performance in this test.

Visible cracks provided information that was use-
ful in explaining failure modes and certain aberra-
tions in the load-deflection curves for the speci-
mens. The only visible cracks in the top surface of
the topping slabs after 2 million cycles of design
load were in specimens B-8-8 and F-8-8. One of the
cracks was the induced longitudinal crack that was
discussed earlier in this paper. The other cracks
are believed to have been caused by shrinkage. The
approximate locations of visible cracks are shown in
Figure 6.

The longitudinal cracks were measured shortly
after they were induced and periodically during the
curing and loading periods. 1In both specimens they
were found to widen about 0.05 mm during the curing
period, but there was no measurable increase in
width during the cyclic load period.

The transverse cracks had a significant effect on
the stiffness of the decks in the service load
range, as can be seen from the data given in Table
2. The service load deflections in specimens B-8-8
and F-8-8 are approximately one-quarter greater than
in the specimens that did not contain transverse
cracks. These cracks are believed to be a conse-
quence of the relatively poor curing condition for
these specimens.

The transverse crack in specimen F-8-8 is be-
lieved to have caused the reduction in rigidity that
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was measured between the initial and subsequent
static tests. All other specimens showed a small
increase in rigidity during the cyclic loading, but
the rigidity of specimen F-8-8 was found to diminish
about 2 percent. The transverse crack in this spec-
imen was approximately across the midspan, and it is
believed that the expansion of the neoprene pads
under the load points caused this crack to enlarge
during the first series of cyclic loads.

Bond and development of the prestressing strands
were not thought to be 1likely problems with the
specimens. However, the slip on two strands per
panel was measured to verify this performance.
There was no indication of strand slip in any of the
specimens tested at any stage of loading. The
strain gages that were mounted on the transverse
rebars did not provide a reliable basis for evaluat-
ing the performance of the transverse reinforce-
ment. Several of the gages were apparently damaged
during placement or curing of the topping slab and
could not be initially balanced. The readings that
were obtained varied erratically from one quadrant
to another.

The strain measurements did provide some qualita-
tive information on the performance of the decks.
The measured strains in the transverse rebars were
relatively small for application of the live loads.
The strains were in every case less than 75x10-°¢
in/in, which corresponds to a stress of about 2
ksi. This indicates that, regardless of the actual
stress level caused by shrinkage plus live load ef-
fects in the rebars, the stress range due to live
load is likely to be so small that fatigue of these
bars should not be a problem.

CONCLUSIONS

All of the specimens tested in this program per-
formed satisfactorily for the 2 million cycles of
repetitive load. Visible cracks did not develop in
any concrete surface, and there was no measurable
increase in the width of any preexisting crack dur-
ing the cyclic loading period. Primary failure was
in a ductile flexural mode, and there was no indica-
tion of fatigue in the reinforcement.

The only factor that caused a significant varia-
tion in behavior among the specimens was the trans-
verse cracking of the topping slab that occurred in
two of the specimens. These cracks developed ap-
proximately one week after the topping was cast and
are attributed to the relatively poor curing condi-
tions for the two. The cracks caused an increase in
measured service load deflection of approximately 25
percent compared with the uncracked (better-cured)
specimens. These transverse cracks closed as the
specimen was loaded, and they did not appear to af-
fect the behavior near ultimate. Whereas cracks in
the cast-in-place topping slab did not significantly
affect the structural performance of the test decks,
such cracks could possibly have an important influ-
ence on the long-term durability and serviceability
of actual bridges.

The conclusions drawn from this experimental pro-
gram apply to full-span panel-form composite decks
designed by the AASHTO specifications by using the
effective width criteria for a one-way slab. Con-
crete in both the precast panels and the cast-in-
place topping slab is of the type commonly classi-
fied as normal weight.

Based on the limited number of specimens tested,
the following conclusions can be drawn:

1. The composite deck can withstand 2 million
cycles of design load without significant loss of
serviceability or strength. Adequate composite ac-
tion is obtained by roughening the interface sur-
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faces of the precast panel and by waterblasting this
surface immediately prior to placing the topping
slab.

2. Adequate serviceability and strength can be
obtained by using flat, precast panels rather than
more expensive, beveled-edge panels.

3. There is no indication that the thickness of
the topping slab relative to the total thickness af-
fects the fatigue strength of the composite deck up
to 2 million cycles.

4. For HS20-44 live loads, adequate shear trans-
fer strength is provided by a 5-in topping slab
reinforced transversely with no. 4 grade 60 rebars
spaced 12 in on centers. This shear transfer
strength is available even when a longitudinal crack
exists in the topping slab over the panel.

Specific design recommendations based on this
study and on other related studies are given in the
study final report (8).
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