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Foreword

The most recent national bridge inventory of deficient bridges conducted by the Federal
Highway Administration (FHWA), U.S. Department of Transportation, indicates that an
alarming number of the nation’s bridges are classified as structurally deficient or functionally
obsolete. Forty-two percent of the 575,607 bridges in the national system are so classified.
Twenty-eight percent of the 271,300 bridges in the federal-aid highway system fall in the
same category.

The problem is widely recognized, and increasing federal, state, and operating agency
appropriations are being made available for bridge research, design, maintenance, and reha-
bilitation. The Transportation Research Board addressed this problem at the First Bridge
Engineering Conference, held in St. Louis, Missouri, September 1978, and again at the Second
Bridge Engineering Conference, held in Minneapolis, Minnesota, September 1984. Proceed-
ings of these conferences were published in Transportation Research Records 664, 665, and
950, Volumes 1 and 2. This Record contains the papers prepared for the Third Bridge
Engineering Conference, to be held in Denver, Colorado, March 10-13, 1991.

The papers in this Record highlight research and practice resulting from bridge studies
performed by the National Cooperative Highway Research Program and sponsored by the
American Association of State Highway and Transportation Officials as well as from federal,
state, and other research agency programs. Areas addressed include safety and vulnerability
of bridge structures; bridge maintenance; repair and rehabilitation; bridge inspection, testing,
and evaluation; concrete and steel bridge design; segmental and cable-stayed bridges; seismic
design and retrofit; bridge management; and scour prediction and countermeasures. The
conference program includes working sessions on bridge specifications for the future. The
proceedings of these sessions are not published in this Record because of space limitations.

Organization and direction of the conference were the responsibilities of the Planning
Committee listed on the reverse side of the title page. Committees listed on the same page
conducted technical reviews of the papers.

FHWA partially funded the Bridge Conference. The following organizations cooperated
to make the conference possible:

COSPONSOR
Federal Highway Administration

COOPERATING AGENCIES

American Road and Transportation Builders Assoc.
Colorado Department of Highways
International Road Federation

xi
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Cable-Stayed Houston Ship

Channel Crossing

HoOLGER S. SVENSSON AND THoOMAS G. LOVETT

The bridge crosses the Houston Ship Channel 20 miles east
of Houston between the cities of Baytown and LaPorte,
Texas. It is the first dual superstructure cable-stayed bridge,
and its total deck area of about 350 000 ft* makes it one of
the largest cable-stayed bridges to date.

Each of the dual cable-stayed bridges has a composite
superstructure girder with a main span of 1250 ft and a
navigational clearance of 175 ft.

The twin concrete towers with a double diamond shape
configuration rise 426 ft above the ground. In the transverse
direction they carry the loads by truss action, in the
longitudinal direction they are fixed to the [oundations and
elastically supported by the stay cables.

Each of the two girders is 78-2" wide and consists of a
5-3" deep steel grid. Exterior main edge girders and trans-
verse floor beams at 17 ft spacing are plate girders with an
8 in composite concrete roadway slab. An additional wear-
ing surface is 4 in thick. The roadway slab was designed for
composite action under dead and live load.

The stay cables vary between 19 and 61 strands of 0.6"
diameter. Their corrosion protection consists of
Polyethylene (PE) pipes with cement grout. In addition,
they are wrapped with a white weather-resistant tape.

Construction started in 1987, completion of the bridge is
anticipated in 1992.

1 INTRODUCTION

The Houston Ship Channel Crossing, located 20 miles east
of Houston, Texas, will replace the existing two lane
Baytown Tunnel with a dual eight lane high level structure
connecting Baytown and LaPorte. Presently, trucks with
hazardous cargoes are prohibited from using the tunnel and
must make a 16 miles detour. Completion of the bridge will
allow the tunnel to be closed and permit the deepening of
the ship channel.

At the bridge site the water is about 1500 ft wide with a
required navigation clearance of 175 ft over a width of
600 ft. One tower is located on the existing levee, the other
is placed in shallow water. For protection against ship collis-

H.S. Svensson, P.E., Manager North American Projects,
Leonhardt, Andra u. Partner, Lenzhalde 16, Stuttgart,
Germany

T.G. Lovett, P.E., Associate Vice President, Greiner Inc.,
7650 W. Courtney Campbell Causeway, Tampa, Florida

ion the second tower is surrounded by an artificial island
which also serves as a staging area for the construction.

The approach bridges were designed by the Texas
Department of Highways and Public Transportation, using
conventional precast prestressed girders with spans of up to
143 ft.

In accordance with Federal Highway Administration
requirements alternate steel and concrete designs were
prepared. In 1987 four bids ranging from 91.3 to 126.5
million dollars were received for the total project including
the approach bridges, with all bidders selecting the subject
steel-composite main bridge.

The structural design was done in accordance with the
AASHTO Bridge Specification, amended as appropriate by
other US and international codes.

All concrete and steel members were sized by the load-
factor method and checked under working loads for fatigue
and deflections.

Concrete for the roadway has a 7,000 psi compressive
strength, concrete for the towers has a 6,000 psi
compressive strength. All reinforcement is Grade 60, the
structural steel is A 572, Grade 50.

2 GENERAL LAYOUT

The cable-stayed bridge is continuous over its length of
2214 ft, see Fig. 1. The girder is supported by stay cables in
a semi-fan arrangement with anchorages at deck level at
about 51 ft intervals.

The support conditions render a completely symmetric
structure. The girders are connected to each tower with
flexible neoprene bearings, 10 in high, which allow
temperature movements by shear deformation and
distribute longitudinal forces equally to both towers. The
anchor piers are connected to the girders by rotational
bearings. They are slender enough to allow temperature
movements of the girder by deflection. The beam rotations
are taken by strip seals above the anchor piers. All
expansion movements take place at the two 30 in modular
expansion joints on top of the piers at the ends of the two
130 ft flanking spans. Transverse wind loads are taken by
bumpers at the towers, and at the anchor piers.

3 AERODYNAMIC INVESTIGATION

The bridge is located in a hurricane prone area near the
Gulf of Mexico. The basic design wind speed for a 100 year
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Fig. 1: General Layout
return period was determined as 110 mph at 30 ft elevation. =~ TABLE 1:
By using an exponential function to reach the limiting wind ~ SHAPE FACTORS - MAIN SPAN BRIDGE DECK
speed of 200 mph at a 600 ft elevation, the basic design
wind speed increases to 160 mph at deck level and 195 mph Final Stage
at the top of the towers. For the towers and piers an
additional local gust factor of 7 % was applied.

The first 30 eigenfrequencics and corresponding mode Vertical Windward Bridge
shapes were calculated for a space frame. The important Angle of
first natural frequencies in bending and torsion are fg = Attack FX/Q FY/Q FZ/Q
0.273 cps and Iy = 0.670 cps, resulting in a favorably high
ratio of fp/fg = 2.45. -2° +14.537 - 32.062 39.392

A high rotational superstructure girder stiffness for the 0’ + 14.075 - 21.724 - 46.300
torsionally weak open cross-section was achieved through 2° +14.028 - 9.044 - 113.503
the A-shaped upper tower legs. They form triangular space
trusses with the towers as posts, the cables as tension Vertical Leeward Bridge
diagonals and the girders as compression chords.Thus, pro- Angle of
viding much more rotational stiffness to the girder than H- Attack FX/Q FY/Q FZ/Q
shaped towerlegs would do.

The shape factors for the girder were dctcrmined in a =2 + 6413 - 7.548 - 3.940
wind tunnel from a section model with a scale of 1 : 96, 0° + 6.829 - 0.638 - 23204
Ref. (1). 2 + 7.553 5.540 - 35.930

In the final stage the traffic barrier and the safety fence
create shape factors different from those during
construction, see Fig. 2. Because of the interaction of the
two girders different shape factors resulted also for the
leeward and windward girder, see Table 1.

An analytical aerolastic analysis of the bridge in laminar
and turbulent wind was then performed which rendered
satisfactory results, Ref. (2).

FINAL STAGE CONSTRUCTION STAGE
FENCE o
BARRIER - ,
0 — Ll
+Mz

W

Fig. 2: Notation for Shapc Factors

Windload = FT/Q x Q, with Q”: Basic Static Wind Pressure

Construction Stage (W/O Fence and Barrier)

Vertical Windward Bridge
Angle of
Attack FX/Q FY/Q FZ/Q
SN + 9773 -23.948 - 198.452
0’ + 9959  -12308 - 150.634
2’ +10374  + 2357 -118.323
Note:

Coefficients FX/Q and FY/Q are expressed in FT.
Coefficient MZ/Q is expressed in FT?
For notation see Fig. 2
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Because of the uncertainties involved with the interaction
of the two girders, wind tunnel tests with a full bridge
model were additionally executed, Ref. (3). The completed
bridge was investigated as well as three construction stages,
see Fig. 3. In both cases it was found that the acrodynamic
interaction between the two beams by means of energy
transfer to, and subsequent dissipation by, the leeward deck
significantly enhanced the overall aerodynamic stability.
The measured critical flutter wind speed was in excess of
150 mph for laminar flow. For an atmospheric turbulence
of up to 12 % a peak to peak midspan amplitude of 5.42 ft
is predicted for the completed stage, and of 8.22 ft for the
critical construction stage just prior to reaching the anchor
pier.

The computed results compared satisfactory with the wind
tunnel measurements.

4 COMPOSITE GIRDER
4.1 Structural Details

The four lanes with full shoulders require a roadway width
of 72 ft for each direction of travel. Two, three and four
cable planes for supporting the roadway transversely were
investigated. It was found that two independent girders -
each supported by two outer cable planes, see Fig. 4, - are
the most cconomical. Governing in this respect is the
amount of steel required for the floor beams. It increases
strongly if the transverse span length between cable planes

is increased from 78 ft to 153 ft. The variation in the steel
required for the main girders and the stay cables is com-
paratively minor.

The cross-section of an individual girder is shown in
Fig. 5. It consists of a steel grid composite with a concrete
roadway slab.

Fig. 3: Construction Stage Wind Tunnel Model prior to
reaching the Anchor Pier, from Ref. (3)

Fig. 4: Isometric View of Twin Girders
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Fig. 5: Individual Girder Cross-Section

The outside main edge girders have one continuous
longitudinal stiffener, see Fig. 6. The vertical stiffeners at
17 ft intervals are welded to the main girders, except for the
regions of high moments near the center and the ends of
the bridge where they are bolted to the bottom flanges due
to fatigue. All floor beams are field bolted to the vertical
stiffeners, see Figs. 5 and 6.

——

d

11"'0

5'- 012"

1172'to 25/8”

Fig. 6: Edge Girder Detail

The concrete deck is 8 in thick and has a 4 in reinforced
concrete wearing surface, Such thick renewable wearing
surface is used to safely protect the structural deck slab
which would be more difficult to exchange. Longitudinal
and transverse composite action is achieved by conventional
shear studs. On the main girder top flange they are

Between Cables

arranged in rows of three with a constant longitudinal
spacing of 4 2 in.

Crack control is achieved by a substantial amount of
reinforcement with close spacing. At midspan where the
compression is smallest 3/4 in diam. bars at 5 in spacing top
and bottom (2.2%) are used longitudinally and transversely.

The cables are anchored in welded boxes bolted to the
main girders, see Fig. 7. The eccentricity moment is carried
by a force couple in compression to the roadway slab and in
tension to the bottom flange of the full-depth floor beams.

4.2 Design

The overall girder forces under permanent loads were
chosen similar to those for a beam rigidly supported at the
cable anchorpoints, except for the midspan and end regions
where a positive camber is introduced to provide additional
compression in the roadway slab. Composite action for
dead load was to be achieved by casting the roadway slab
onto a continuously supported steel grid on ground . The
deck was thus under compression in transverse direction
also as top flange of a simply supported girder under dead
load.

The shrinkage and creep values were calculated in
accordance with the CEB-FIP Model Code (4), which
resulted in approximately the following ratio of moduli of
elasticity for permanent loads:

n, = 6.0 initially and for transient loads

ny = 12.5 at opening for traffic

n,, = 18.0 after creep has taken place

(W/C = 0.35, relat. humidity 75%, age of deck

at installation 1 month).

The overall girder moments due to live load increased by
up to 26% in the ultimate limit state due to non-linear
effects of the rather slender deck with a main span to depth
ratio of about 1 in 200, see Fig. 8 and (5). The edge girder
shear studs are designed for the combined action of local
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FRONT ELEVATION

(Cover plate removed)
Fig. 7: Stay Cable Anchorage at Girder

and overall shear, and cable force introduction. An assumed
limited amount of slip and plastic deformation of the studs
in the ultimate limit state led to the uniform arrangement of
shear studs over the length of the beam. The introduction of
the shear force from the 12 in thick concrete edge beam
into the regular 8 in thick slab (see Fig. 6) proved to be
critical.

The sizing of the slab was governed by ultimate strength
and crack control under service conditions. The plate girder
stability was calculated in accordance with (6).

4.3 Contractor’s Option

Instead of the proposed continuous roadway slab the
contractor opted to use precast slabs connected by cast-in-
place joints on top of the floor beams. Due to the resulting
loss of composite action for dead load this required
additional 1,412,000 Ib of structural steel, or an increase of
17% from 24.8 Ib/ft? to 28.9 Ib/{t2.

SIDE ELEVATION

5 STAY CABLES

The stay cables were sized in accordance with the PTI-
Recommendations (7), resulting in 19 to 61 7-wire 270 KSI
strand with 0.6 in diam, see Fig. 9. They were specified as
shop-fabricated parallel strand HiAm cables in PE-pipes
with cement grout and a wrapping with a laminated Tedlar
tape, see Ref. (5) for further details.

All stay cables are installed by jacking at the towerhead.
They run through short steel pipes at the top and bottom
anchorages, see Figs. 7 and 11. At the ends of these steel
pipes annular neoprene washers are installed which act as
dampers against cable vibrations.

The structure was designed to permit the exchange of any
stay cable in conjunction with a reduction of live load to
two lanes and reduced safety factors. Additionally, any stay
cable may be accidentally severed under full live load
without structural instability. Because of the close proximity
of the backstay cables to one another, it was considered

Fig. 8: Non-Linear increase of Live Load Movements

Fig. 9: Cross-Section of Stay Cable



prudent to protect them against simultaneous damage from
a burning fuel truck. They are thus each surrounded by an
additional larger PE-pipe, which reaches to 50 ft above the
deck. The annular space of about 1 in between the inner
and outer PE-pipes is filled with cement grout as an
additional fire protection.

The contractor opted for site fabricated parallel strand
cables with wedge anchorages in PE-pipes and cement
grout.

6 TOWERS

The towers are shown in Fig. 10. Their legs and the tie
beams underncath the decks have box sections with a
minimum wall thickness of 12 in.

9-6

36-0

230-0

426-0°

160-0°

Fig. 10: Tower Layout

The double diamond shape is a natural progression from
the twin decks. The A-frames on top of the decks reduce
the rotations of the beam significantly by forming a
triangular space frame, Ref. (5). By joining the two lower
A-frames at deck level, a truss is created which carries the
transverse wind loads in tension and compression to the
two foundations. The transverse width of the towerlegs can
thus be small. In longitudinal direction the tower legs act as
cantilevers in bending, especially during construction. Those
widths have thus to be significantly greater. The tie beams
act as direct tension members and are fully post-tensioned
against the outward thrust from the tower legs.

TRANSPORTATION RESEARCH RECORD 1290

At the towerhead the stay cables pass through steel pipes
embedded in the tower walls, see Fig. 11. They are indivi-
dually anchored inside on steel bearing plates resting on
concrete corbels. The horizontal cable components are tied
back with alternating loop tendons so that each cable an-
chorage region is confined by the radial forces from the
loops.

. I
ELEVATION
A ;,/, 4 ;

=
Y

Fig. 11: Stay Cable Anchorage at Towerhead
7 CONSTRUCTION

From the four foundation alternates shown on the bid
drawings the contractor opted to use 20 in. square precast
prestressed concrete piles. 132 piles up to 136 ft long for
each of the four tower foundations were driven from the
artificial island on the LaPorte side and the existing levee
on the Baytown side. 12 ft thick CIP pile caps form the
basis for the towerlegs.

The towers are cast in 15 ft lifts with jumping forms, using
trusses to support two cranes, see Fig. 12. All vertical
reinforcement is spliced with mechanical couplers. They are
squeezed hydraulically around the deformed bars.

Where the two inner legs meet, 220 rebars on each side
cross one another. This cage was preassembled in a 45 ft
high section, Fig. 13. Superplasticised concrete was vibrated
into place without any significant honeycombing,

At about one half of the height above the deck temporary
struts support the inclined legs against one another, Fig. 14.

The lower part of the 2nd tower is built with conventional
jumping forms. First the inner legs are supported on trusses.
Then the outer legs are tied back to the inner ones, Fig. 15.
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Fig. 14: Construction of upper Tower Legs

Fig. 16: Preassembled Section for Towerhead

Each lift in the anchorage zone is completely preassembled
on ground, first the inner forms with the steel pipes, then
the reinforcement is added, Fig. 16.

The about 5000 t of steel girders and their appurtenances
are fabricated in South Africa. This is possible because the
bridge is state-financed and the current Texas "Buy
America" provisions were not yet law when the contract
was signed in 1986, Ref. (9).

The stayed girders will be constructed by free cantilever-
ing from the towers outwards. Construction started in 1987,
and the bridge will be opened in late 1992.

The architectural model shown in Fig. 17 gives an im-
pression how the completed bridge will look.
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Fig. 17: Architectural Model
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Construction Design of the Dame

Point Bridge

MaN-CrUNG TANG

Material quantities are usually not
the most important items of such complex
construction projects. A design with
minimum materials does not necessarily
represent the most efficient design. How
a structure can be built is extremely
important.

The main purpose of this paper is to
describe how the bridge configuration and
cable arrangement were modified to
facilitate simpler construction and how
the construction equipment was designed
to make the operation more efficient."

The Dame Point Bridge in
Jacksonville, Florida is a cable-stayed
bridge with a mainspan of 1300 feet. It
is presently the Tlongest span cable-
stayed bridge in the United States. It
has a harp cable arrangement. The girder
is 105 feet wide consisting of two solid
edge girders. The bridge deck is
supported by transverse floor beams
framed into these edge girders. The deck
slab varies from 9" to 2°-0". The floor
beams are spaced at 17’-6" on centers.

The cables have Dywidag bar tendons
grouted inside a steel pipe. This is the
only cable-stayed bridge in North America
that uses bar cables.

Towers are solid sections with cables
enclosed in a crisscross pattern. The
tower Tegs and columns are interconnected
to each other by three bow-tie shaped
cross-struts.

Construction of the deck was by cast-
in-place method which wused specially

designed form travelers. Construction
progressed smoothly.
Aerodynamic stability during

construction was studied based on results
from wind tunnel tests. Special tie-
downs were designed and installed to
safeqguard against possible buffeting of
the bridge under hurricane.

President, DRC Consultants, Inc. 34-36
Union Street, Flushing, New York 11354.

INTRODUCTION

The Dame Point Bridge is a 6,600
feet Tong bridge structure crossing the
1,800 feet wide St. Johns River in
Jacksonville, Florida. It is a part of
the eastern bypass around the City of
Jacksonville. It carries six lanes of
traffic divided into two roadways of
three lanes each. However, the concrete
medium barrier is removable to permit
future reversible Tane operations.

The main bridge is a cable-stayed
structure with a center span of 1300 feet
and two side spans of 650 feet each. The
main  bridge provides a vertical
navigation clearance of 175 feet at
midspan. This will permit passage of all
large ocean-going vessels.

This is the Targest concrete cable-
stayed main span in the Western
Hemisphere and the Tlongest span in the
United States of America.

The engineer produced two alternate
designs for bidding purposes : a steel
cable-stayed bridge with an orthotropic
deck and a concrete cable-stayed bridge
with a beam and slab type deck. The
bridge was tendered in 1979 but due to an
unfavorable financial situation the
tender was cancelled. A new tender was
called in 1986.

In the final tender, the Owner also
permitted alternate designs submitted by
the Contractors. However, the Tow bid in
1986 was based on the original concrete
design at a price of $46.6 million. Very
surprisingly, this was almost 30% Tower
than the Tlowest bid of $65.8 million
seven years earlier.

The Contractor was a joint venture
of Pensacola-Tyger. DRC Consultants,

Inc. provided all construction
engineering subcontracted through Dywidag
Systems International. DRC also

recommended certain modifications to the
original design to  simplify its
construction.

The north and south approaches each
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have two spans of 82 feet and 18 spans of
102 feet with precast I-girders and cast-
in-place deck slabs with portal type
piers. This is an alternate to the
original W-shaped solid piers. The
contractor was McCarthy Brothers and
redesign was provided by DRC Consultants,
Inc.

This paper will concentrate on the
construction of the cable-stayed main
span only.

CHARACTERISTICS OF THE MAIN BRIDGE

The general layout of the bridge is
shown in Fig. 1. The pylons consist of
solid columns connected by two bow-tie
shaped cross beams. The solid column
stems above the deck and are 7’-3" thick.
Their width tapers from 32 feet at deck
level to 15 feet at the top. The top of
the tower is 466 feet above water level,
Fig. 2.

The cables are in a harp arrangement
rendering an aesthetically pleasing
configuration. It also allowed for the
simultaneous construction of the deck and
pylon.

The deck is monolithically connected
to the pylons. A hinge with an expansion
seal 1is located at the midspan to
accommodate all longitudinal movements.

The total width of the deck is 1057-
9", Fig. 3. It has two 8 feet wide solid
edge girders. The depth of the edge
girders varies from 5 feet at midspan to
6’-1" at the pylon. The original design
called for precast concrete floor beams
spaced at 11’-8" on center. The cable
spacings were 35 feet on center along the
edge girders. Thus, each panel of the
deck has three floor beams.

CONSTRUCTION DESIGN

For a complex structure such as a
cable-stayed bridge a significant amount
of engineering is required for its actual
construction.

In most bridges construction
engineering consists of analyzing each
construction stage based on the actual
construction loading, checking  of
stresses and capacity of the structure,
providing camber curves to the contractor
to set up the formwork and possible
adjustments.
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is as complicated as in the Dame Point
bridge, the construction engineering
consultant has also to develop a cable
erection scheme, work out the pouring
sequence of the segments, design the
cable erection trusses and form traveler
as well as the falsework and other
temporary structures required for the
pier table, center and end spans closure
pours, among others.

The sequence of construction of
certain elements is sometimes very
important. By delaying construction of
the bow tie strut between the tower legs,
for example, cables could be erected
easily. Such modifications of the
construction sequence require very
detailed analysis.

This deck configuration was modified
in the final construction. Instead of
the original double cables spaced at 35
feet, single cables at 17’-6" were used.
The floor beam spacings were also changed
from 11’-8" to 17°-6" thus making it
equal to the cable spacing. This
modification simplified the construction

significantly. The precast floor beams
were also changed to cast-in-place
construction.

Modifications of the cable
arrangement and floor beam configurations
changed the structural system of the
bridge. Extensive stress analysis was
carried out to assure the safety of the
structure under all possible Toadings and
that the modified structure met the
intent of the original design.

To safeguard against possible future
vibrations the cables were tied to each
other by strands perpendicular to the
cables. This was found to be very
effective. No further vibrations have
been observed since their installation.

FOUNDATIONS

Both end piers have pile footings
and land piers. The Construction was
quite conventional.

Construction of the two main piers,
however, was more difficult. They stood
on rather different foundations. At the
south pier the water is about 15 feet
deep. 704 steel H-piles with 300-ton
capacities were driven to 80 feet length.
The seal measured 187°-3" x 94’ x 14’
deep. It was poured in one single
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operation in 35 hours.

The Togistics of pouring the south
pier was quite significant because the
ready mix concrete was supplied to the
north pier and the concrete trucks had to
be barged to the south pier across the
St. John’s River. Six barges were used
each carrying three to four 10 cubic yard
concrete trucks. A total of 310 trips
were made within the 35 hour concreting
operation.

The water is about 40 feet deep at
the north pier. The cofferdam was driven
to 40 feet below the river bed. After
the excavation was completed, a 33-foot
deep tremie seal measuring 90’ x 170’ was
poured by one single operation in .47
hours. That was about 1900 cubic yards
of concrete. To assure a continuous
operation a 1large fleet of concrete
trucks were secured, some of them
commissioned from hundreds of miles away.

DECK CONSTRUCTION

The pier tables, i.e., the first
segments of the deck at the pylon was
built on falsework supported directly
from the footing. After erecting the
first set of cables, the falsework was
removed. Form travelers were installed
on each end of the pier table.

Each form traveler weighed
approximately 120 tons and was designed
to allow pouring of the complete, 105’
wide and 17’-6" Tlong segment in one
operation, Fig. 4.

The modification of the cables and
floor beam spacings simplified the deck
construction. All segments were 17’-6"
long with one long floor beam. The
rectangular shape of the floor beams also
simplified the design and stripping of
the formwork.

The traveler operations were semi-
automatic. Hydraulic jacks were used to
raise, lower and adjust the traveler.
The launching operation of the traveler
from segment to segment was also done by
hydraulic jacks. The formwork on top of
the traveler was supported by both
hydraulic and screw jacks to facilitate
adjustment of elevations. The traveler
together with the formwork could be
lowered sufficiently to clear the floor
beams during the launching operation. At
that time, it was supported by a pair of
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C-shaped hangers, one at each side of the
girder. These C-shaped hangers were
supported by rollers which ran on steel
channels laid flat on the edge girders
that served as rails.

During concreting operation the
traveler was stressed to the edge girders
by 16 vertical ties of 1-3/8" Dywidag
high strength bar tendons.

WORKING CYCLE

After a learning period of several
segments the Contractor was able to
achieve a six day cycle for each segment
at each form traveler. The cycle time
was reduced even further to five days
near the end of the construction. This
is equivalent to the construction of 7350
sq. ft. of bridge deck per week. This
reflected fully the advantage of
segmental construction with a well
designed form traveler. It is very
efficient once the crew got used to the
operation.

A typical working cycle of a segment
is as follows:

1. Advance the form traveler to the next
segment. Raise and tie the traveler to
the previously completed segment. Align
and grade the formwork according to the
camber requirement provided by the
construction design.

2. Set the reinforcing steel and post-
tensioning steel in the slab, floor beams
and edge girders.

3. Erect the new pair of cables and
extend the ends of the cables to attach
to the form traveler. Stress the new
cables to a predetermined force. During
this cable stressing operation each bar
tendon is overloaded to 75% of its
ultimate strength independently and then
anchored at the required force.

4. Fine adjustment of elevation and then
cast concrete.

5. Cure the concrete. Strip bulkhead and
side forms after the concrete has
properly set.

6. When the concrete strength reaches
4200 psi, stress the tendons in the floor
beams to 70% of the design Tload and
stress the tendons in the previous floor
beams to 100% of the design load.

7. Adjust the newly erected cable to a
predetermined cable force, if required.
8. Lower the traveler and formwork;
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prepare for advancement to the next
segment.

Cables were assembled on the deck at
the same time as other work for the
segment in the form traveler were
progressing. Assemblage of the cables
was, therefore, not at the critical path
of construction.

A total of four form travelers were
used simultaneously.

CABLES

This is the second major cable-
stayed bridge that used large diameter
high strength bars as cable tendons. The
first one was the Penang Bridge in
Malaysia completed in 1985.

Quality control of the bar cables
was very stringent. The 1-1/4" high
strength bars with 150 ksi ultimate
strength were delivered to the site at
40-foot lengths. They were then coupled
together using specially  designed
couplers which met strict fatigue and
ultimate load requirements. The cable
anchorages and the couplers were tested
in the University of Munich to assure
that they met the required
specifications.

The cables were filled with cement
grout after final adjustments. The bars
and the steel pipe acted in composite
action. The steel pipes were welded
together by full penetration welds. The
fatigue criteria requires all these welds
pass the x-ray tests before a cable could
be erected. After the total Tlength of
the steel pipe had been completed the bar
tendons were coupled together at one end
of the pipe as they were pulled into the
steel pipe.

The assembled cables, steel pipes
and bar tendons together, were hoisted
and erected by means of cranes. For the
longest cable, up to 728’ 1long, three
cranes were wused to work in a
synchronized fashion. Large spreader
beams, Fig. 5, were used to reduce local
bending moments of the steel pipes during
erection until the cables attained
sufficient tension to carry their own
weight.

After the cranes picked up the
cable, they first shifted the upper end
of the cable into the tower. Then the
lower end was placed in the edge girder
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form. It is significant to note that the
erection of each cable, from the time the
cranes picked up the steel pipe from the
deck to the completion of the initial
stressing, lasted only about 2 hours.
Because reinforcing steel in the segment
was being placed at the same time, the
cable erection operation was practically
outside of the critical path of the
construction schedule.

The 288 cables came in four
different sizes, Fig. 6. Six bar tendons
in a 6" extra strong pipe; Seven bar
tendons in a 6" standard pipe; Nine bar
tendons in an 8" standard pipe; and Nine
bar tendons in an 8" double extra strong
pipe. A1l bar tendons were 1-1/4"
diameter, 150 ksi Dywidag Threadbars per
ASTM A722 Type 2 and all steel pipes were
of ASTM A53 Grade B.

Both top and bottom ends of all
cables have fixed anchorages. Angle
changes at the cable ends due to
structural deformations or changes in
cable tensions may cause high bending
stresses 1in the cables. A Neoprene
collar was placed at the exit point of
the cable and anchorage to provide an
elastic support that reduced the bending
stresses. This neoprene collar also
served as a damper for the cable to
reduce wind induced vibrations.

PYLONS

The upper pylon stems were built in
19 segments corresponding to the cable
spacings using self lifting forms. The
harp type cable configuration offered the
great advantage of being able to build
the pylons and the deck at the same time.
The construction of the pylon stems were,
in general, about two to three segments
ahead of the deck girder, Fig. 7. This,
however, required a camber to be
considered in the pylon construction even
though the pylon required no camber after
the bridge was completed.

Because the tower columns are very
slender in the transverse direction, they
are very sensitive to all transverse
loads before the cross girders are in
place. A very detailed analysis
considering the nonlinear behaviour of
the structure and the material was
carried out to determine the critical
stage when the cross girder had to be in



Tang

place before further construction could
proceed.

The most critical loading was from
hurricane wind. But a hurricane can
usually be forecast ahead of its arrival.
To secure the stability of the towers a
special cable bracing system was
designed, fabricated and stored at the
site. This bracing system could be
installed within hours after a hurricane
was forecast for the vicinity. However,
this bracing system was never used
because the critical construction stages
were not in the hurricane season.

END SPAN CLOSURE

The end diaphragm located on top of
the end pier was constructed well before
the <closure to receive the precast
girders from the approach span. It was
tied down to the cap of the end pier by
temporary prestressing ties and
blockings.

The traveler was attached to the
diaphragm before the closure was poured.
This connection was designed to resist
all possible vertical and horizontal
forces due to temperature and incidental
loadings. The ties and blockings between
the diaphragm and the pier cap were then
released. The closure was poured using a
special Tocal formwork supported by the
traveler.

MID SPAN CLOSURE

A hinge connects the two halves of
the bridge girder at the midspan. A
box-type floor beam at the end of each
cantilever provides increased stiffness
to the deck and the edge girders at this
discontinuity points. Torsional rigidity
of the box beam is further enhanced by
connecting it with the adjacent floor
beam by short longitudinal ribs.

This midspan closure was poured
under a symmetrical Tloading condition.
The form traveler at the north cantilever
was removed. The remaining traveler was
placed at such a location that its load
was evenly distributed to both
cantilevers, Fig. 8. The actual Toad
distribution was verified by 1ift-off
readings of the vertical tie-downs which
were the only attachments the form
travelers had with the girders. Although
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such an operation was not a requirement,
it did simplify the analysis.

The hinge is a steel tongue and
groove assembly. It is fixed to the
girders by high tensile prestressing
bars.

DECK PRESTRESSING

A11 floor beams have two tendons with 15
to 19 - 0.6" strands each. Because the
edge girders are very stiff, the newly
poured floor beams were stressed and
reduced the prestressing force in the
previously poured floor beams. This
effect was compensated by a two-stage
prestressing of the floor beam tendons.

The tendons in the newly completed
floor beams were first stressed to 70% of
their required force. These tendons were
restressed to 100% of the required force
after the succeeding floor beams were
stressed. This not only reduced the
effect from stressing the succeeding
floor beams but also eliminated part of
the losses due to creep and shrinkage of
the concrete.

Longitudinal tendons were provided
at the center portion and at both ends of
the girders where axial compression from
the horizontal components of the cable
forces were small. They were stressed
after the deck construction was
completed.

AERODYNAMIC STABILITY DURING CONSTRUCTION

It is well known that cable-stayed
bridges are  more vulnerable to
aerodynamic vibrations during
construction stages than in completed
stages. Extensive investigations were
carried out for all critical construction
stages of the Dame Point bridge before
the final construction scheme was fully
developed. A wind tunnel test was
performed at the Low Speed Laboratory of
the National Research Council in Ottawa,

Canada. However, only a sectional model
was used. Prior experience on other
bridges showed that results from

sectional models matches reasonably well
with results of full model testings.
Investigations showed that the
bridge built by cantilever method without
any auxiliary supports or tie-downs was
stable against vortex induced vibrations
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-flexural, torsional and flutter
vibrations. However, buffeting would
cause significant overstresses in the
structure at wind speeds at or over 80
mph. Buffeting might create significant
vertical wind load on the bridge deck
thus causing extremely high bending
moments at the tower, Fig. 9.

The effect of buffeting can be
reduced by increasing the natural
frequency of the structure. This can be
simply achieved by means of vertical or
inclined tie-down cables connecting the
bridge deck to a foundation. In the
Dame Point bridge, at the most critical
construction stage immediately before
connecting the end cantilever to the end
pier, the tie-down at the back span
increased the natural frequency of the
structure from 0.13 Hz to 0.22 Hz. This
was sufficient to reduce the vertical,
single peak amplitude at the tip of the
main span cantilever from 10 feet to less
than 4 feet. Comparing the weight of one
17°-6" segment will produce about 3 feet
deflection at the end of the cantilever
at this stage, a 4 feet oscillation under
a  hurricane wind was considered
acceptable.

A tie-down system was designed and
the required tension piles were driven
and capped by a concrete foundation. The
ties consisted of 2x19-0.6" prestressing
strands each. These strands could be
installed easily and stressed by regular
prestressing jacks. However, this tie-
down system, although ready and stored at
the jobsite was never used because, as
mentioned before, all critical
construction stages were outside of the
hurricane season.

An opportunity to measure the
flexural vertical vibration in the field
was provided when the bridge was being
prepared for the side span closure pour.
Because the end of the cantilever was
very close to the end pier, it was easy
to record the relative movement between
the cantilever and the pier cap under a
gentle cross wind. The frequency was
found to coincide with the calculated
first mode frequency of 0.13 Hz. The
amplitude, as predicted, was small.

No noticeable vibrations of the
cables were observed except in one or two
incidents. Some long cables vibrated at
a relatively low wind speed on a rainy

TRANSPORTATION RESEARCH RECORD 1290

day. Unfortunately, wind speed and
amplitude were not recorded.

CAMBER CONTROL AND CABLE ADJUSTMENTS

The bridge deck of the Dame Point
bridge is of a flexible type. For this
type of bridge the most important
geometry control is to assure that the
local alignment is as close to the
theoretical camber shape as possible.
Global deviations can be corrected easily
by cable adjustments. Any time during
construction or after the bridge is
completed, deflections as large as 2 to 3
feet can be corrected with relatively
small changes in cable forces.

The analysis was based on Tlinear
theory except that the cable stiffness
was adjusted according to the cable
tension. A detailed nonlinear analysis,
taking into consideration all
displacements and variations in material
stiffness was carried out for two
construction cycles. Comparison of the
results of the 1linear and nonlinear
analysis showed that the nonlinear
effects were negligible for the Tloading
magnitude and sequence of the
construction scheme.

Creep and shrinkage effects were
calculated according to the CEB-FIP Model
Code.

Camber curves for every construction
stage were prepared before the start of
construction. Comparison between the as-
built curves and the theoretical curves
was a regular control procedure for the
elevations.

Modifications of the theoretical
camber curves are sometimes necessary
during the course of construction.
Constant communication between the
construction site and the design office
is a prerequisite for a successful
construction of such structures.

The maximum deviation of the bridge
deck from the theoretically calculated
camber curve at the time of the closure
of the midspan hinge is less than three

inches. Considering the span is 1300
feet long, this deviation is
insignificant.

The cables were grouted after all
permanent loads were in place.
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CONSTRUCTION SCHEDULE

The bridge was tendered in November
1984. Notice to proceed for construction
was given in March 1985. The contract
stipulates a construction period of 36
months. Difficulties were encountered
during pile driving for the south main
pier. Additional load tests were carried
out before final production piles were
driven contributing to some delays.
Other parts of the construction were
slightly ahead of the schedule. The
bridge was completed in September 1988.
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Creep and Shrinkage in Composite

Cable-Stayed Bridges

S. G. Arzoumanipis,! R. G. Burg,? AND J. ScHMID!

The application of strict controls on the creep and
shrinkage exhibited by the roadway deck concrete of
composite cable-stayed bridges is of primary importance.
Precast deck panels from concrete specifically designed
for minimized creep and shrinkage effects, carefully
cured and matured are almost exclusively used in these
structures. Such concrete shows a reduced long-term
modular ratio which is quite different from the
recommended by AASHTO for the design of composite
girders. The provisions of ACI 209 can be used for the
prediction of the creep and shrinkage effects of
concrete. Creep tests are important for consideration of
the specific material, project and site data.

Several cable-stayed bridges with composite girders have
been designed and built in North America in recent years.
The concrete roadway deck of these bridges is an integral
part of the steel support system and carries vertical
loads and significant horizontal compressive forces. The
latter forces, typical in cable-stayed bridges, result
from the inclined cables which support the composite
girders.

Due to economic considerations, the concrete deck, which
is efficient in carrying compressive forces, is made
composite with the steel girders (built-up members or
trusses) for Llive as well as dead loads. The
effectiveness of this composite structural system is
related to the creep and shrinkage properties of the
concrete. Shrinkage is the decrease with time of the
concrete volume due to changes in the moisture content
and other physico-chemical changes. Creep on the other
hand is the time-dependent increase of the concrete
strain due to applied sustained loads. The effect of
creep and shrinkage is the slow transfer of stresses from
the concrete to the steel resulting in long-term reduced
efficiency of the concrete in resisting loads.

The competitiveness of composite girders as opposed to
other structural systems of cable-stayed bridges, entails
the reduction of the concrete deck weight to the absolute
minimum. This is achieved using high strength concrete,
which reduces the thickness of the deck. Nevertheless,
the high dead load stresses, primarily due to the
horizontal forces from the cables throughout the length
of the bridge, result in increased creep of the concrete.

The effect of creep on the carrying capacity of short
and medium length composite girder bridges is considered

Isteinman Boynton Gronquist & Birdsall,
10038
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in the AASHTO specifications. For cast-in-place
concrete, AASHTO requires a threefold increase of the
modular ratio, defined as the ratio of steel modulus of
elasticity to concrete modulus of elasticity. For
example, for 6,000 psi concrete, the modular ratio for
loads of short duration (live, earthquake, wind loads
etc.) is 6 while for loads of long duration (dead loads
etc.) is 18. This increase of the modular ratio implies
that the modulus of elasticity of concrete (or the
concrete stiffness) for long-term loads is three times
smaller than the modulus of elasticity (or concrete
stiffness) for short-term loads.

Although shrinkage is not specifically mentioned as
contributing in the increase of the modular ratio, the
AASHTO procedure has apparently worked satisfactorily for
conventional composite girder bridges. For cable-stayed
bridges, however, this approach to resolving the creep
and shrinkage problem results in an uneconomical solution
and is clearly inadequate.

MODULAR RATIO

The size of concrete and steel sections in composite
members depends on the relative stiffness of the two
materials. Consideration of the creep and shrinkage
effects is essential in the design of composite members.
Thus, composite members are sized considering the short
and long-term stiffness of concrete using the transformed
area method and the modular ratio of concrete for short
and long-term loads.

For composite cable-stayed bridges, the effect of creep
and shrinkage is controlled through the application of
strict requirements on the long-term modular ratio. In
actual designs of composite bridges this ratio has been
specified as low as 11 (1,2,3).

The forces in the composite top chord members of a
recent design of a two lane cable-stayed truss bridge are
used to demonstrate the benefit of using a low long-term
modular ratio. Dead plus Llive Lloads due to HS-20
loadings are considered. Assuming uniform concrete
properties throughout the deck, the modular ratio for
live loads is taken as 6, while for dead loads it is
varied from 11 up to 18.

Table 1 shows the stresses in the steel and concrete
corresponding to different long-term modular ratio N|
values. It also shows the change of stresses in the
steel and the concrete for modular ratio values higher
than 11. It is seen that for the increase of the modular
ratio from 11 to 12 the steel stresses increase by as
much as 5.3% and the concrete stresses decrease by as
much as 2.6%. Similarly, for the modular ratio increase
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TABLE 1: STEEL AND CONCRETE STRESSES IN TOP CHORD

Figure 1 Precast panel connection detail

from 11 to 13, the corresponding maximum change of the
steel and concrete stresses is 10.3% and 5.0%
respectively.

It is further interesting to note the steel and concrete
stresses for the long-term modular ratio 18 specified by
AASHTO for cast-in-place concrete. The steel stresses
increase by as much as 31.5% and the concrete stresses
decrease by as much as 15.4%. This change of stresses
implies a considerable reduction in the long-term
participation of the concrete deck in carrying loads and,

S T E E L C 0 N C R E T E
Top Chord Stresses in Ksi Percentage Increase Stresses in Ksi Percentage Decrease
Member with respect to N|=11 with respect to N|=11
No N{=11  N(=12 N(=13 N|=18 NI=12 N(=13  N(=18| N|=11  N(=12 N|=13 N|=18 N1=12 N1=13 N(=18
yoz’-uo2 | -10.3 -10.3 -10.3 -10.3 0.1 0.2 0.6 -0.13 -0.13 -0.13 -0.13 0.1 0.3 0.9
yoz -uo6 | -10.9 -10.9 -10.9 -11.0 0::2 0.3 140 -0.28 -0.28 -0.28 -0.27 0.1 0.3 0.8
uoé -u1o0 | -18.9 -18.9 -18.9 -19.0 0.1 0.2 0.8 -0.30 -0.30 -0.29 -0.29 0.0 0.1 0.3
U10 -Ul4 | -24.7 -24.8 -24.8 -24.8 0.0 0.1 0.2 -0.51 -0.50 -0.50 -0.48 0.9 1.8 5.7
Ul4 -U18 | -24.0 -24.2 -24.4 -25.2 0.8 1.6 5.1 -0.68 -0.67 -0.66 -0.63 1.3 2.6 8.1
uls -Uz22 | -23.0 -23.3 -23.7 -25.1 1.5 2.9 9.1 -0.81 -0.80 -0.79 -0.73 1.6 3.2 10.0
Uz2 -U26 | -23.8 -24.3 -24.7 -26.7 1:9 3:8 12.0 -0.96 -0.94 -0.93 -0.85 1.7 3.4 10.8
uz6 -U30 | -21.6 -22.1 -22.6 -24.7 2.4 4.6 14.4 -1.04 -1.02 -1.00 -0.91 2.1 4.0 12.6
U30 -U34 | -21.3 -21.8 -22.4 -24.6 2.6 5al 15.7 -1.16 =1:14 =1.11 -1.00 2.3 4.5 13.8
U34 -U38 | -20.2 -20.8 -21.4 -24.0 3.2 6.2 19.1 -1.26 -1.23 -1.20 -1.08 2.4 4.6 14.3
Usg -u42 | -20.3 -21.0 -21.7 -24.4 3.4 6.5 20.0 -1.88 =1.31 -1.28 -1.15 2.5 4.8 14.7
U4z -u46 | -20.7 -21.4 -22.1 -25.1 3.6 7.0 21.4 -1.43 -1.40 -1.37 -l1.22 2.5 4.8 14.7
U46 -U50 | -21.2 -22.0 =22.7 =25.9 3.7 7.2 22.0 -1.51 -1.48 -1.44 -1.29 2.5 4.8 14.7
Us0 -u54 | -20.8 -21.6 -22.4 -25.5 3.9 7.5 22.8 -1.55 ~=1.51 =1.47 -1.32 2.6 5.0 15.1
Us4 -U58 | -20.9 -21.7 -22.5 -25.8 4.0 7.7 23.5 -1.60 ~1.55% -1.52 -1.35 2.6 5.0 15.2
Us8- U62 | -20.7 -21.6 -22.4 -25.8 4.1 8.0 24.4 -1.64 -1.60 -1.5 -1.39 2:6 5.0 15.2
u62 -U66 | -19.8 -20.7 -21.5 -25.1 4.5 8.8 26.8 -1.64 -1.60 -1.56 -1.39 2.6 5.0 15.2
ue6 -u70 | -18.0 -19.0 -19.8 -23.6 5.2 10.1 30.7 1.3 =1.69 =1.65 =1.47 2.6 5.0 15.4
u70 -u74 | -17.9 -18.8 -19.7 -23.3 5.2 10.0 30.6 -1.72 -1.67 -1.63 -1.46 2.6 5.0 15.3
u74 -u78 | -17.5 -18.4 -19.3 -22.9 5.2 1050 30.6 -1.69 ~1.64 -1.60 -1.43 2.6 5.0 15.3
u7e -us2 | -17.3 -18.2 -19.0 -22.6 5.3 10.2 31.2 -1.66 -1.62 -1.58 -1.41 2.5 4.9 14.9
usz -us6 | -16.5 -17.4 -18.2 -21.7 5.3 10.2 31.2 =159 =1.55 =1.52 =1.36 2.5 4.9 14.9
Us6 -U90 | -15.8 -16.6 -17.4 -20.7 5.2 10.1 31.0 -1.53 -1.49 -1.45 -1.30 2.5 4.8 14.7
ugo -ug4 | -15.2 =16.0 -16.7 =19.9 5.3 10.3 31.5 -1.47 -1.43  -1.40 -1.26 2.4 4.6 14.2
consequently, diminished effectiveness. For this reason,
CAST-IN -PLACE the use of concrete with long-term modular ratio of 18
PRECAST ’ CONCRETE would be uneconomical.
SLAB i
© ! o ERECTION CONSIDERATIONS
) , = = \:“ n_-"/_ P | Although a few composite cable-stayed bridges adopted
?,__1__', cast-in-place concrete roadway decks, most bridges have
\__‘NEOPRENE used precast deck panels. The precast deck panels are
TUBING fabricated and cured under carefully controlled
conditions and allowed to mature for an extended period
of time. This procedure improves the creep properties of
! the concrete and, at the same time, removes a
i considerable percentage of the concrete shrinkage prior
to the application of loads to the panels on the bridge.

Most often, the erection of the girders is performed by
repeating a cycle of assembling steel components, cables
and deck panels. The connection of the concrete with the
steel is achieved through shear connectors. Figure 1
shows a connection detail of this type using shear studs.
At the end of an erection cycle, cast-in-place concrete
is used to fill small openings in the deck panels to
achieve the composite action between concrete and steel.
Additional cast-in-place concrete is wused to fill
openings between individual panels. Figure 2 shows two
arrangements of deck panels on bridge roadways and the
cast-in-place sections between them which have been used
for securing monolithic action of the roadway deck.
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The erection procedures and in particular the timing of
placing the cast-in-place concrete affect significantly
the distribution of the dead l(oad forces between
concrete and steel. Consider the Karnmali River Bridge

which is a one tower asymmetric composite truss cable-
stayed bridge, figure 3, currently under construction in
Nepal. The distribution of the dead load forces in the

steel and concrete components of the top chord prior to
achieving composite action and at the completion of the
erection are shown in figure 4. It is seen that the dead
load forces of the concrete and steel components of the
top chord are not the same throughout the length of the
bridge. Sections of the chord near the tower carry
higher forces than sections further away. By adjusting
the erection procedures, it is possible to modify
the level of dead load forces distributed between
concrete and steel both prior to as well as after
achieving composite action.

It is clear that the deck of composite cable-stayed
bridges with precast panels essentially consists of
precast and cast-in-place concrete sections. The cast-in-
place sections do not undergo the rigorous curing and
extended maturing of the precast concrete panels and they
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appear to be in relative disadvantage regarding their
creep and shrinkage properties. To minimize or even
eliminate the effect of shrinkage, shrinkage compensating
cement may be implemented. Three factors appear to
further Llimit the consequences from this apparent
disadvantage of the cast-in-place concrete:

1. The relatively small percentage of the cast-in-place
concrete which is typically around 18 percent of the
total concrete volume.

2. The dead load force distribution in the roadway deck
along the length of the bridge which shows a significant
reduction of the forces away from the tower as shown in
figure 4.

3. The history of dead load application during erection
as discussed below.

Assuming a ten day erection cycle for a typical bridge
segment between consecutive stays, figure 5 shows the
loading history during erection of three sections of the
concrete deck in the main span. It can be seen that the
sections of the deck with the highest stresses are loaded
at the slowest rate and receive their full load after a
considerable period of time.
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Figure 4 Dead load force distribution in the concrete and steel of the top chord in main span.
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CREEP TESTING PROGRAM

Although the long-term modular ratio of a given concrete
mix can be estimated using calculation methods based on
fresh and hardened concrete properties (4), a better
value can be developed based on actual creep tests
conducted on several candidate concrete mixes. Creep
testing is conducted in accordance with ASTM (C512-87
entitled "Standard Test Method for Creep of Concrete in
Compression" (5).

Creep tests are conducted by subjecting standard 6x12
inch concrete specimens to a sustained compressive load
and at specified time intervals measuring changes of the
concrete strain. To account for strain resulting from
drying shrinkage, drying induced strains in companion
unloaded specimens are measured and the resulting strains
are subtracted from load induced strains. Creep tests
and the corresponding shrinkage tests, are conducted in a
controlled temperature and humidity room maintained at
73.4 + 3.00F and 50 + 4% relative humidity.

The imposed load for creep testing may be as high as 40
percent of the compressive strength of the concrete
measured at the age of loading. If the stress level in
the structure is known, it is desirable to conduct the
test at that stress tevel. However, if the stress level
in the structure varies or it is not known, a stress of
between 30 and 40 percent of the concrete strength may be
safely used. Several researchers (6,7) have reported
that for stress tevels less than about 40 to 50 percent
of concrete strength, creep strains are approximately
proportional to the sustained stress and obey the
principal of superposition of strain history.

Because age of loading has a profound effect on the

creep properties of any concrete, creep tests are
conducted at several different ages. Typical loading
ages include 2, 7, 28, 90 days and 1 year. Later age
loading is desirable especially if the construction

schedule is such that deck panels will not be loaded
until long after they are cast. Because it is desirable
to have at least 3 months of creep data on which to base
long-term modular ratio predictions, it is apparent that
creep tests must be started early in the construction
phase of a project. If this is not possible, the effect
of loading age on Llong-term modular ratio can be
estimated from a series of creep tests performed at
loading ages between 2 and 28 days.

LONG TERM MODULAR RATIO BASED ON CREEP
TESTS

The short-term modular ratio is denoted as

Ng = ------n- M

where
Ng = short-term modular ratio
Es = modulus of elasticity of steel
Ec = modulus of elasticity of concrete

and the long-term modular ratio as
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where
N{ = long-term modular ratio
Eeff= long-term effective modulus of elasticity of

concrete

The long-term effective modulus of elasticity of

concrete includes the effect of initial elastic
deflection and long-term deflection due to creep and
shrinkage. If the importance of shrinkage is minimized

through measures as considered above, the Llong-term
effective modulus of elasticity of concrete can be
expressed in terms of the modulus of elasticity at time t
and the ultimate creep coefficient as shown in the
following expression (4)

Eeff = -=------ 3

where

Ec(t)= modulus of elasticity of concrete at time t
gy =ultimate creep coefficient defined as the ratio
of ultimate creep strain to initial strain.

Using the above relationships, the long-term modular
ratio can be expressed in terms of the short-term modular
ratio and the ultimate creep coefficient as follows

NL = Ns(1 + 8yKa Y(Yh) (4)
where
Ka = loading age correction factor, 1.0 at 7 days

Y| = humidity correction factor
Yh = element thickness correction factor

Creep analysis based on the above approach is
appropriate only when the gradual changes of stress due
to creep are relatively small and do not _result in
fundamental change in the distribution of stresses and
the response of a structure.

The ultimate creep coefficient needed for the prediction
of the long-term modular ratio can be established from
creep tests. As shown in equation (4), several
adjustments must be made to the ultimate creep
coefficient to account for age of loading of the creep
test specimens as compared to the actual members in the
structure, effects of member size as compared to the
standard test specimen size, and ambient humidity
conditions at the site as compared to the humidity
conditions at the laboratory. The following paragraphs
describe how creep test data and knowledge of site and
specific structure conditions can be used to estimate
long-term modular ratio.

According to reference 4, the creep coefficient at time
t for loading age of 7 days for moist cured concrete and
for 1 to 3 days steam cured concrete can be expressed in
the following form

A o, (5)



Arzoumanidis et al.

where
@t = creep coefficient at time t
@y = ultimate creep coefficient
f = half time in days

Applying regression analysis to test data for concrete
specimens loaded after 7 days of moist curing, values can
be determined for the half time f and the ultimate
creep coefficient By- Reasonable values for the
ultimate creep coefficient can be obtained after 90 days
of creep test data become available.

Figure 6 shows creep test data the authors developed for
the three potential concrete mixes of Table 2 for use for
the Karnali River B8ridge. Each mix was specifically
designed to minimize creep and shrinkage. In the effort
to minimize creep, the concrete compressive strength
exceeded the required by strength considerations. The
final selection of mix No. 2 was based on its creep as
well as workability characteristics.

ALl three concrete mixes were loaded after 7 days of
moist curing. Test data are expressed in terms of
specific creep values which are converted to values of
the creep coefficient @t by multiplying with the modulus
of elasticity. Using these data, wultimate creep
coefficients of 1.34, 1.42 and 1.57 were calculated for
concrete mixes denoted 1, 2 and 3 respectively.
Reference 4, indicates that the ultimate creep typically
ranges from 1.3 to 4.15.

The same three concrete mixes were also subjected to
creep tests after 14 and 28 days of moist curing to
establish the effect of loading age on the ultimate creep
coefficient. According to reference 4, the correction
factor for loading age of concrete loaded at ages
subsequent to 7 days of moist curing has the following
form

Ka = At D

TABLE 2: MIX PROPORTIONS AND PROPERTIES OF
FRESH CONCRETE

Quantity in a Mix
per Cubic Yard
Material No. 1 No. 2 No.3
Cement, b 750 754 711
Fine Aggregates, lb 1128 1183 1186
Coarse Aggregates, lb 1886 1768 1771
NP-20 (HRWR), oz 274 184 142
Pozzolith 300-N (WR), oz 45 30 28
AEA 303A (AEA), oz 18.8 12.8 4.6
Water, Llb 228 264 277
Parameter
Slump, in 2.2 2.6 2.9
Unit Weight, lb/ft3 148.6 147.2 146.6
Air Content, % 3.5 3:1 3.2
Water to Cement Ratio %' | 32.8 36.6  40.4

TWater to cement ratio includes water in admixtures
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Figure 6 Specific creep of three concrete mixes loaded
after 7 days moist cure

where
A = coefficient based on mix parameters
t| = loading age in days
b = exponential factor based on mix characteristics

While reference & suggests average values of 1.25 for A
and 0.118 for b, specific values for given mixes can be
developed using creep data for concrete mixes loaded at
varying ages. Figures 7 and 8 show creep data for the
three mixes mentioned above loaded at 14 and 28 days.
Although there was a measurable reduction in specific
creep of mix No. 1 loaded at 14 days compared to 7 days,
mixes No. 2 and 3 did not show any reduction and in fact
were nearly identical to values for 7 days loading. This
behavior may in part be attributed to the strength gain
of mixes No. 2 and 3. Specific creep for all three mixes
was reduced at loading age of 28 days as shown in figure
8.

Using the above data, it is possible to develop specific
mix loading age correction factors. For the mix denoted
No. 2 a value of 1.296 is obtained for A and 0.133 for b.
Consequently, if the load in the structure is applied
after the concrete reaches an age of one vyear, the
ultimate creep coefficient determined using creep test
loaded at 7 days is reduced by a factor of 0.59. Other
loading ages for mix No. 2 will result in the following
correction factors to be applied to the ultimate creep
coefficient.

Loading Age Correction Factor

7 1.00

14 0.91

28 0.83

56 0.76
120 0.69
180 0.65
270 0.62
365 0.59
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Figure 7 Specific creep of three concrete mixes loaded
after 14 days moist cure

Thus, it is apparent that longer preloading periods can
significantly reduce the wultimate creep coefficient
resulting in a proportional reduction of the long-term
modular ratio. If the entire load is not applied at a
discrete point of time but rather over an extended period
as shown in figure 5, a suitable correction factor must
be selected to account for this effect. Furthermore,
since the largest change in the loading age correction
factor occurs during the early ages, much benefit can be
gained by small delays in the early application of loads.

The ultimate creep coefficient must be further adjusted
for the specific site conditions of average relative
humidity and element thickness. Both of these
adjustments are straightforward and well documented in
reference 4.

Table 3 presents the Llong-term site specific modular
ratios developed for the three concrete mixes
investigated by the authors. As anticipated, the mix
with the highest compressive strength and modulus of
elasticity developed the lowest short and long-term
modular ratios.

CONCLUSION

This paper identifies the requirements for the creep and
shrinkage properties for the concrete deck of composite
cable-stayed bridges and presents a rational evaluation
of the modular ratio of the concrete mixes used in a

project. This approach further provides the means for
consideration of the specific material, project and site
data in the evaluation of the creep and shrinkage

effects. It was found that:

1. Long-term modular ratios based on code suggested
values are overly conservative for certain concretes and
values should be established using creep tests with
material, project and site specific data.
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Figure 8 Specific creep of three concrete mixes loaded
after 28 days moist cure

2. It is possible to base Llong-term modular ratio
estimates using creep test data from specimens which have
been subjected to 90 days of loading.

3. Long-term modular ratios can be significantly reduced
by delaying the application of loads.

4. Concrete mixes can be specifically designed to
have low short and long-term modular ratios.
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Urban Second Level Bridges Built with
Precast Segmental Construction

Joun A. CORVEN

Transportation facilities in most major urban areas in the United
States are operating far beyond their design capacities. Extensive
rehabilitation, renovation and new construction is required if we
hope to meet our future needs. The challenge facing the
engineering community is to develop techniques to provide
increased capacity, improved safety, at reasonable cost, while
minimizing the impact on the operation of the current faclility.
Second level bridges buiit with precast segmental construction
provide one important solution to this challenge.

Precast segmental second level bridges can offer an
effective solution to relieving traffic congestion of many of
our urban areas. Additional traffic lanes are added on the
second level, typically for through traffic leaving the at-grade
facility to operate within its design capacity. The new
structures are designed in accordance with current
geometric criteria (such as site and stopping distances and
shoulder widths). The existing facility can also be upgraded
to comply with current geometric standards. The
construction costs of the elevated structures have proven to
be very competitive, especially when comparing the high
expense, and near impossible task, of securing the
surrounding right-of-way. Finally the construction techniques
developed of building from above and the elimination of
underlying falsework allow the current facility to operate with
minimal disruption during the construction of the elevated
bridges.

The recent design and construction of three major
urban viaducts has developed this special aspect of
segmental construction, the construction of elevated urban
bridges. Criteria for these bridges are not necessarily the
same as other bridge structures. These criteria include
aesthetic considerations, geometry layout of roadways to
minimize impact on underlying traffic and reduce
construction costs, innovative drainage techniques, and
special substructure elements designed to meet the
complexity of crossing over underlying roadways.

To describe these criteria three recent projects are
discussed. These are:

» 1110, Biloxl, Mississippl — $40 million urban structures
built through residential area, and over 4-lane U.S. 90
highway, while maintaining traffic. Segmental portion of the
first contract contains 316,600 square feet, with 300,000
square feet in Contract Il. The structures were opened to
traffic February 19, 1988.

» San Antonlo “Y,”" Texas Projects IA, IIB and IIIA&B of |-
10 & 1-35 — $65 miillion urban structures built in limited
right-of-way over streets and railroads. These projects are

Figg Engineernig Group, 424 North Calhoun, Tallahassee, FI
32301

the first phase of reconstruction of the downtown urban
freeways of San Antonio, which will ultimately consist of a
new 10-lane expressway with provision for HOV lanes.
Over 1.25 million square feet of elevated roadway deck.

» U.S. 183 Elevated Viaduct Project in Austin, Texas —
The project has two parallel structures approximately two
miles each providing a six-lane freeway and directional
ramps to IH-35. The bridge deck area is approximately 1.25
million square feet with an estimated cost of $60 million.
Construction is anticipated to begin in May 1991.

PROJECT 1: BILOXI I-110 VIADUCT

An elevated viaduct constructed within minimal clearance
and almost zero right-of-way limits solved a dilemma for
Biloxi, Mississippi: How to expand interstate systems in
developed urban areas where highways must wrap around
existing structures; minimize the impact to the environment
when urban structures are built; maintain the integrity of
established neighborhoods; utilize construction systems that
don't interfere with day-to-day traffic flow; and, provide an
aesthetically pleasing road and bridge system for a city.

Highway Department officials had not completed the
Biloxi Interstate-ll0 connector between Interstate-10, a vital
route, with U. S. Highway 90, which follows the coast of the
Gulf of Mexico. The connecter stopped a mile before
reaching U.S. 90. The missing link had to traverse an
neighborhood and then a business community that was
immediately adjacent to the Gulf of Mexico. The existing
buildings made it almost impossible to acquire right-of-way
land to build exit ramps. Additionally, highway department
officials did not want to disrupt the community or stop traffic
on what is a major tourist route.

An elevated viaduct with exit and entrance ramps that
circle out into the Gulf of Mexico at its Southern end solved
the problem. Concrete segmental technology was an
excellent solution for zero right-of-way construction.

Project Description

The Biloxi Interstate-110 Viaduct is a four-lane elevated
highway consisting of 5,332’ of mainline structure and 4,424'
of ramps, for a total precast concrete segmental bridge deck
area of 616,600 square feet. The bridge foundations are
cast-in-place concrete columns supported on 95,000' of
precast, prestressed concrete piles. Two of the five ramps
reach across a U.S. Highway 90, on 600" and 650' radii
curves using the cantilever erection method.

Twin concrete box girders, each made of 40' wide
precast segments, comprise much of the mainline structure.
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The ramps and transition areas feature 30' wide precast
segments. All of the segments are 7' deep, with typical
segments 10' in length. In ramp transition areas, as many as
four adjacent box girders, joined with cast-in-place
reinforced longitudinal closure strips, make up the bridge
deck.

Casting of the prestressed piles and 2,164 segments
required for the bridge was done at a casting yard 35 miles
from the project site. The precast elements were then
trucked to the project for incorporation into the structure.

Significant Bridge Features

» The viaduct completed a missing link connecting
Interstate-10 with U.S. 90 on the Mississippi Gulf Coast. The
new highway provides a much needed evacuation route in
the event of hurricanes. (Figure 1)

» The aesthetics of the structure were also critical. Because
the viaduct had to travel through an already developed
residential and business community, residents and tenants
tended to be reluctant to accept a new highway structure.
(Figure 2)

* The design included a concrete box girder of the same
depth and shape throughout the superstructure and the
cast-in-place concrete piers were given a special rustication.
In addition, a spray surface finish, Texcote, was applied to
both the cast-in-place and precast concrete surfaces for
added aesthetics. (Figure 3)

- The box girder cross section and substructure design
allowed the bridge to be constructed within severely
restricted rights-of-way. As many as four box girders are
used transversely to form the bridge deck (Figure 4)

« This elevated, totally concrete, structure was built using
two different construction methods, span-by-span
construction and balanced cantilever construction. Traffic is
riding on the as-cast concrete surface.

» The superior quality control achieved in the precast yard,
together with both longitudinal and transverse prestressing
maximize the structure’s durability.

» Construction proceeded quickly. A maximum of 122
segments per month were produced at the casting yard
using eight casting machines. The erection subcontractor
was able to erect a maximum of 14 spans, or approximately
1600 linear feet of bridge, per month. Traffic was
maintained on the busy U.S. Highway 90 while overhead
ramps, with 160' and 180' spans, were being erected by
using the cantilever erection methed. (Figure 5)

» Precast prestressed concrete provided an economical
solution for the Interstate-lI0 connector in Biloxi. The $40.2
million bid for the project was $4.2 million less than the
lowest bids for the conventional alternates.

PROJECT 2: SAN ANTONIO "Y"- INTERSTATES 10 & 35

Like many large American cities in the sunbelt, San
Antonio's highway and road system was stretched to the
limits during the population explosion of the early 1970s.
Other cities have added mazes of interconnecting ramps
and extensively widened highways. San Antonio chose a
state-of-the-art highway-design concept -- building up
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instead of out -- to solve traffic problems downtown.

The concept of double-decking, or building a highway
over an existing highway, was a excellent solution to a
critical problem. Traffic capacity in the connection between
Interstates-35 and -10 was effectively doubled without using
a corresponding amount of right-of-way land for the
expansion of highway space. Double-decking cancelled the
problem many cities face: How to finance the purchase of
fully developed commercial land to widen highways.

The concept of building the six-mile section of freeway
over the existing facility with minimum disruption of traffic
was simple but elegant. The sequence of construction was
to build the elevated out-bound legs of the "Y" first, generally
in the outer separations between the main lanes and the
frontage road. After these sections were operating, the in-
bound legs were let to contract. The ultimate section will
provide as many as ten lanes of freeway.

The freeway design selected required a structural
system that could be built over traffic. A significant feature
of the concrete segmental box girder system designed for
the project is that the surface area required to construct the
overhead viaduct is only the dimensions of the supporting
piers. The ground level freeway lanes, the shoulders, the
ramps, and the frontage roads can be placed or allowed to
remain under the box girders and the cantilever wings for a
maximum utilization of space. In addition to the ability to be
constructed over traffic, the structure had to be aesthetically
pleasing to the community and traveling public. The design
has a slender trapezoidal box and long tapering cantilever
wings. (Figure 6)

Project IA The first design section of the Downtown "Y"
was Project IA. This structure carries Interstate |-35 traffic
south away from the interchange of 1-10 and I-35. The
project is 7,450' long. Four ramp structures totalling 2,540'
in length give access to the elevated structure from the city
streets. The total square footage is 366,615 square feet.

The typical main lane roadway width is 42'. Ramp
structures are 26' wide. Transition zones widen where
ramps and main line structures join. Span lengths vary
between 70' and 110’ to permit pier placements outside of
existing roadway. The typical span is 100'.

The typical substructure of the IA Project consists of
cast-in-place twin wall columns resting on cast-in-place
footings that are supported by twin 42' diameter drilled
shafts. The twin wall piers were selected for longitudinal
flexibility that when used with elastomeric bearings allow
continuous units of 720" in length.

Though span length adjustments were made as
required to miss underlying facilities, special substructure
elements were required. Three types of piers were used.
These are cantilever piers, straddle bents, and T-Piers. All
of these piers are cast-in-place concrete. Post-tensioning is
used to control critical flexural stresses in the caps and
shafts of these piers.

The bridge deck is a precast box girder with cantilever
wings. The typical main line cross section has a 42' wide
top slab and an 8' wide bottom slab. The depth of girder is
5'-10" and webs are sloped at 2.5:1. The resulting
cantilever wings are 15'-4" long.

A typical span is is made of 11 typical segments 9' in



Figure 1. Biloxi, I-110. Aerial view of completed elevated structure.

Figure 2. Biloxi, I-110. Aesthetics were key to acceptance of the elevated
structure as it passes through city parks.



Figure 3. Biloxi, I-110. Aesthetic treatment of piers.

Figure 4. Biloxi, I-110. As many as four precast box girders were used side-by-
side to provide the total bridge deck width.
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Figure 5. Biloxi, I-110. Balanced-cantilever construction over U.S. 80. Lane
closures were made only as segments directly above were placed.

Figure 6. San Antonio "Y". Aerial view of IIA&B Project. Second-level bridges
are placed within existing right-of-way. All aspects of highway geometry are
accommodated in span-by-span precast segmental construction.



Corven

length. A typical segment weight is 90,000 Ibs. Pier
segments 9' in length are placed on top of the cast-in-place
piers. The segments are assembled using the span-by-
span method of construction. (Figures 7 and 8) Twin
triangular trusses support the segments temporarily, while
closure joints at either end of the span are being cast.
Segments can be delivered on the ground or over the
* completed portion of the bridge deck. A typical span is
prestressed with three 12 x 0.6" diameter strand tendons
and one 19 x 0.6" diameter strand tendon per web. In
addition seven and four strand tendons of 0.6" diameter are
placed in the cantilever wings to assure longitudinal
continuity.

Project IIB The second leg of the Downtown "Y" was
Project 1IB. This structure carries Interstate 35 traffic north
away from the intersection of I-10 and 1-35. The project is
5,817" long along the main lanes. Two ramp structures with
a total length of 1,474' complete the bridge layout. The total
square footage of this project is 350,055 sq. ft. The typical
roadway for this project is 58' wide. Ramp structures as with
the 1A Project are 26' wide. The 63 main line spans vary in
length between 78' and 110'. The typical span is 100",

As in the |A Project, the typical substructure are cast-in-
place twin wall piers resting on cast-in-place footings
supported by two 48" diameter drilled shafts. Cantilever
piers and straddle bents were required on this project as in
the first project in order to provide horizontal and vertical
clearances above underlying roadways.

A typical segment has a 58' wide top slab and a 10’
wide bottom slab. The depth of the structure is again 5'-10"
and the web slopes 2.5:1. The resulting cantilever wings
are 22'-6" long. Unlike the IA Project the cantilevers for the
1IB Project, which vary in thickness from 10" to 2'-3", are
voided to reduce superstructure dead-load. A typical span
on the IIB Project is made of 12 typical segments with length
of 8' and 5'-6" pier segment halves placed a either end.
Different from the |A Project were closure joints were made
between the pier segments and the typical segments of the
span, the 1IB Project has closure joints centered over the
tops of the piers between pier segment halves.

Construction is again by the span-by-span method and
the post-tensioning of a typical span is 3 12 x 0.6" diameter
strand tendons and 2 19 x 0.6" diameter strand tendons per
web. The post-tensioning is stressed in two stages. First,
two tendons of 19 strands each are stressed forming simple
spans. Next, the cast-in-place closure joints between the
pier halves over the piers are poured and the continuity 12
strand tendons are stressed from both ends of the four span
units.

Project lIA&B The third portion of the Downtown "Y" to be
designed was the IIIA&B Project. (Figures 9 &10) This
structure carries traffic on I-10 away from the interchange for
a length of 8,955'. The three ramp structures have a total
length of 2,996'. The precast superstructure of this bridge is
similar to the 1IB Project in that it has a 58' wide top slab.
Ramps as before are 26' wide. The deck square footage of
this project is 567,310 square feet. The main line
superstructure has 89 spans varying between 80" and 110'".
The typical span is again 100".
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The substructure for this project is cast-in-place solid
rectangular shafts supported by a twin 48" diameter drilled
shaft. Solid shafts were used on this project as opposed to
the twin walled shafts of the previous two projects as a
result of shorting the continuous units to two spans. Special
substructure again was required in the form of C-Piers,
straddle bents, and T-Piers.

A typical span of 100' was made up of 15 segments at
approximately 6' in length. Two pier segment halves at
either end of the span, approximately 4'-4" in length
complete the typical span. The construction procedure is
similar to the 1IB Project where simple spans are first
formed, closure joints placed between the spans and then
continuity post-tensioning placed to complete the continuous
unit.

Construction Bids for the first section were taken in
December 1984, the second section was bid in June 1985,
and the third section was bid in May 1986. In each case,
the successful contractor bid the alternate precast
segmental design. The total area of the three projects is
1,283,980 square feet at a total cost of $43,977,000 or
$34.25 per square feet.

Austin Bridge Company of Dallas, Texas, is the
contractor for the first and second project and The Prescon
Corporation of San Antonio, Texas, is the contractor for the
third. The first two projects of the Austin Bridge Company
were completed in May and September of 1989, and The
Prescon Corporation's project was completed in August
1989.

Each contractor established casting yards about nine
and six miles, respectively, from the projects and hauled the
segments over city streets for a portion of the distance.
Segment weight limitations were established to avoid
damage to the streets.

Span-by-span was the construction method selected for
all projects. Erection trusses support the segments while
the match-cast joints are epoxied together and the entire
span is post-tensioned with external tendons inside the
boxes. Austin Bridge Company placed three sets of
erection trusses on their projects while The Prescon
Corporation has a single set of trusses. Where space is
available, each contractor uses ground-mounted cranes to
set segments and move the trusses. However, many of the
spans have been erected from the top of the previously
completed structure using deck-mounted cranes because of
limited space and traffic interference.
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