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Foreword

The papers in this Record are related by their focus on highway capacity, traffic flow mea-
surement, or traffic flow theory. However, the papers cover a wide range of problems re-
flecting the concerns of both theoreticians and practitioners.

The area of highway capacity is receiving considerable attention as a result of the research
effort leading toward the next edition of the Highway Capacity Manual, which will appear
around 2000. The initial group of papers in this Record examine the issue of capacity at stop-
controlled intersections, signalized intersections, freeways, rural highways, and urban
interchanges.

Traffic flow theory, modeling, and control applications are also examined with papers related
to car-following models, vehicle time headways, artificial intelligence techniques, and traffic
flow simulation modeling.

Whether the reader is a city traffic engineer trying to determine the capacity of an all-way
stop intersection or a traffic flow theoretician pondering the vagaries of the traffic flow
equations, the papers in this Record should be both interesting and informative.



N

=

y



TRANSPORTATION RESEARCH RECORD 1365

Empirical Method To Estimate the
Capacity and Delay of the Minor
Street Approach of a Two-Way
Stop-Controlled Intersection

MicHAEL KyTg, B. KENT LALL, AND NASEER MAHFOOD

The results of a study of 12 single-lane approach, two-way stop-
controlled intersection sites in the Pacific Northwest region of
the United States are summarized. Traffic flow rate and delay
data were collected for each site, and 15-min averages were pre-
pared yielding a total of 107 data points. A capacity model was
developed for the minor street approach proposing that capacity
is a function of the flow rates and the speed on the major street.
A delay model was developed proposing that delay increases
exponentially as reserve capacity decreases. Although the data
base assembled here is limited, both models appear promising.
The results produced by the models indicate that the empirical
model approach for unsignalized intersections may provide an
alternative to the gap acceptance method currently used in the
Highway Capacity Manual.

The standard U.S. procedure for evaluating the operation and
performance of a two-way stop-controlled (TWSC) intersec-
tion is described in Chapter 10 of the Highway Capacity Man-
ual (HCM) (I). This procedure is based on a method devel-
oped in Germany by Harders (2,3) and validated with a limited
set of U.S. data (4). A number of problems have been iden-
tified with this procedure (5-8), three of the most important
of which are (a) incorrect capacity estimates at both low and
high ranges of major street flow rates, (b) difficulty in the
estimation of the critical gap, and (c) lack of a useful measure
of effectiveness.

The objective of the research described in this paper is to
propose and test an empirically based method for the analysis
of one set of traffic movements, the minor street approaches,
at a TWSC intersection. Three topics are covered in pursuit
of this objective: the data base developed for this study, the
development of an empirically based capacity model, and the
development of an empirically based delay model.

DATA BASE

Description of the Sites

Data were collected at 12 sites in Oregon, Washington, and
Idaho over a period of 15 days. A total of 26.75 hr of inter-

section operations was observed. Each site had several com-
mon characteristics: single lanes on each approach and ade-

M. Kyte and N. Mahfood, University of Idaho, Moscow, Idaho 83843.
B. K. Lall, Portland State University, Portland, Oreg. 97203.

quate sight distances for each minor street approach. Major
street speeds at the sites varied from 25 to 55 mph. A wide
range of traffic flows was observed at the sites. Observed
major street flows ranged from 176 to 1,412 veh/hr; observed
flows on the minor streets ranged from 56 to 732 veh/hr. Minor
street delays ranged from 5.7 to 75.8 sec/veh.

Data Collection and Reduction

Videotapes were made so that a permanent record was avail-
able of the traffic operations at each site. A field of view was
established so that traffic flows could be clearly observed on
each intersection approach and so that queue activity would
be visible on one minor street approach.

Data were reduced from the videotapes using the Traffic
Data Input Program (TDIP) software. A new version of this
program (9) was written specifically for this study so that the
characteristics of TWSC intersections could be directly ac-
counted for.

As each videotape was observed, certain events were noted
using the TDIP software. These events included the passage
of each vehicle through the intersection and the times that
vehicles on the minor street approach arrived at the end of
the queue, arrived first in line at the stop line, and departed
from the stop line.

Variables in the Data Base

TDIP produces two data files that were used to construct the
traffic flow and delay data base. The first file consists of hourly
flow rates for each 15-min period for each of the 12 vehicle
movements through the intersection. The second file includes
average time in queue, average time in service, and total delay
for each 15-min period for vehicles on the minor street ap-
proach.

Table 1 gives the variables produced for each 15-min period
of intersection operation. The data base includes 107 data
points for each of the variables listed. The capacity of the
minor street approach was calculated using Equation 1. The
reserve capacity was calculated using Equation 2. The re-
mainder of the variables in the table were directly available
from the TDIP files.



TABLE 1 Data Base Variables
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Category Dimension Variable Description
Flow Rate veh/hr q, Subject approach flow rate
q, Opposing approach flow rate
Qe Conflicting approach from the left flow rate
Qeny Conflicting approach from the right flow rate
Capacity veh/hr Q, Subject approach capacity
Q. Subject approach reserve capacity
Delay sec/veh d, Subject approach total delay
3,600 and
Q== (1)
q(‘t
B =500 (5
Ores = Qs — s (2) 9,000
where ¢, is the critical gap and ¢ is the follow-up gap.
Brilon (2) notes the following limitations for this equation:
(a) the major street flow is assumed to be random with head-
CAPACITY

Gap-Acceptance Method

The procedure used in the HCM for evaluating the operation
and performance of TWSC intersections is based on gap ac-
ceptance theory developed by Harders (2,3). Harders’s model
for capacity of the minor street approach of a TWSC inter-
section is given in Equation 3.

0.-a () ©

In Equation 3,

ways exponentially distributed, (b) all drivers have equal and
constant critical gap and move-up times, and (c) there is a
fixed relationship between critical gap and move-up time,
namely ¢ = (.61, .

Figure 1 shows a plot of the minor street capacity as esti-
mated by the HCM as a function of the major street flow for
several values of the critical gap. Field measurements taken
for this study are also shown. The plot shows that the HCM
method tends to overestimate minor street capacity for low
conflicting flows (below 600 vph) and underestimates minor
street capacity for high conflicting flows (above 600 vph).

UK Empirical Method

The United Kingdom is the only country today that does not
use the gap acceptance method for TWSC intersections. Kim-
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FIGURE 1 Measured capacity versus HCM forecast capacity.
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ber and Coombe (10), Kimber (1), and Semmens (12), from
the 17.K.’s Transport Road Research Laboratory (TRRL),
have developed empirically based capacity models based solely
on traffic flow rates and site geometry. Kimber identified two
poteatial problems with the gap-acceptance method (I1, p.
101) that justily she @agpirical approach.
Is simple gap acceptance a sufficient descripticn of the vehicle-
vehicle interaction process in all common circumstances, wad are
detailed assumptions of the theory adequate—for example, are
the model parameters independent of the magnitude of the prior-
ity stream flow.

Kimber also notes that in observation of traffic flow at ca-
pacity conditions,

. . . there were significant periods of priority reversal, during
which non-priority vehicles edged into the priority streams, forc-
ing their own gaps. . , . We therefore chose to develop empirical
capacity models specified directly in terms of the traffic flows
themselves, rather than to assume a priori the completeness of
the gap acceptance description. This represents a different level
of approach, rather like a thermodynamic description of the
properties of a gas as contrasted to a kinetic theory description.
(11, p. 102)

Kimber and Coombe describe the general equation for the
capacity Q of a nonpriority movement:

0=X <Qo - E'_:Yuiqi + Z) (6)

where X, Y, and Z represent functions of the geometric pa-
rameters of the intersection.

Effect of Conflicting Flows
The gap acceptance method and the U.K. empirical method

agree that the most important factor affecting minor street
capacity is the flow rate on the conflicting approaches. This

3

fact presents strong evidence, then, that any model developed
here should relate the minor street capacity to the major street
or conflicting flow rates. Furthermore, the assertions of Kim-
ber and others from TRRL represent strong motivation to
test the empirical method using the data base developed here.

A variety of linear functional forms were investigated using
the basic format presented in Equation 7.

Qs =0y — zatqi (7)

where g, is the flow for the ith conflicting movement. Two of
the models developed are given in Equations § anc 9:

0, = 657.34 — 032, - 031q., R? = 0.44 ®)

Q, = 65744 - 031g, R* = 0.44 (9)
Figure 2 shows a plot of both Equation 9 and the actual data
for capacity versus the conflicting flow rate.

Examination of Figure 2 shows that the model correctly
represents the basic feature of the relationship: minor street
capacity decreases as the major street flow increases. The
wide dispersion of the data about the linear regression line
and the magnitude of the R? parameter indicate that the re-
lationship may be nonlinear, different functional forms may
be evident for different ranges of conflicting flow rate, and
additional variables are required to explain more of the var-
iance.

Effect of Speed

The HCM provides critical gap estimates for two different
speed ranges, 30 mph and 55 mph. The differences in the
capacity curves for these values indicate at least a theoretical
importance of the speed of traffic on the conflicting ap-
proaches for the minor street capacity. According to this for-
mulation, the higher the speed, the lower will be the minor

1000

ao

Minor Street Capacity

0 T T T T T
0 500

1000 | 1500

Conflicting Volume

FIGURE 2 Linear capacity model versus measured data.
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street capacity. This may seem intuitive, since drivers simply
need more time to complete their maneuver if they have to
make a judgment in higher-speed traffic than in lower-speed
traffic.

Figures 3 and 4 show plots of the measured capacity data
versus conflicting flow segregated by two speed limit ranges
on the major street. Figure 3 includes data in the 25- to 35-
mph range, whereas Figure 4 shows data in the 55-mph range.

Multiple regression models were developed to quantita-
tively determine the effect of major street speed on minor
street capacity. The results of this analysis are given in Equa-
tions 10 and 11. For the lower speed ranges, typically found

TRANSPORTATION RESEARCH RECORD 1365

rates is about 200 to 250 vph higher than for major streets
with higher speeds (55 mph). This difference narrows consid-
erably as the major street flow rates increase. If linear best
fit regression lines are drawn through each of these data sets,
clear differences in both slope and intercept of the cagraity-
flow rate relationships appear in these Yigwis . Figure 5 shows
a plot of the capacity eapaiion for each speed group.

Q. = 740.84 — 0.40q, R = 0.68 (10)

on urban drterials (25 to 35 mph), the capacity at low flow Q, = 52399 - 0.29q. R*>=0.26 (11)
1000
]
800 -
a® B
& a o
> i ]
. ] o
Z 600 U0
: i @
a - C%D O o “
o O mo oo o
- (=) oo
&% 400 =] E S oo
P
o G
= o a
200 =
(]
oo
1] T T T T T T T T T T T T
0 500 1000 1500

Conflicting Flow Rate, vph

Speed Range: 25-33 mph
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FIGURE 5 Minor street capacity versus conflicting flow, two speed ranges.

Effect of Other Flows

The effects of other flows (i.e., opposing flow and disaggre-
gated conflicting flows) on the minor street capacity were also
tested. Three of these models are given in Equations 12, 13,
and 14,

Q, = 684.40 — 0.38g,, — 0.224, ,

-035q, R2=047 (12)

0O, = 656.99 — 0.45g,., ,,— 0.309...,r1 — 0.599, , pr

=0.364, .7~ 0.30¢, o xr  R2=0.42 (13)

O, = 673.64 — 0.50q,, ,, ~ 0274, , 1y
= 045g,, rr — 0.31q, 5 1y — 0.41g,
R: =045  (14)

Two conclusions can be drawn on the basis of a review of
these equations.

1. The models presented in Equations 12, 13, and 14 have
R? values between 0.4 and 0.5, indicating that improvements
in model fit over the models given in Equations 8 through 11
are not gained by disaggregating conflicting flow rates or add-
ing opposing flow rates. This may mean that other factors,
such as major street speed or intersection geometry, have a
more important effect on capacity than the disaggregated flow
variables.

2. Conflicting flows from the left (9...) have a more sig-
nificant effect on capacity than conflicting flows from the right
(4..x)- This is expected, since ali minor street movements (left,
through, and right) are affected by the conflicting flow from
the left, whereas only the left and through minor street move-
ments are affected by the conflicting flow from the right.

Integration of Effects

From the analysis presented, it can be suggested that the
capacity of the minor street approach is a function primarily
of the conflicting flow rate and the major street speed. Op-
posing flow rates and disaggregated conflicting flow rates were
not shown to significantly improve the capacity model. These
factors are now integrated into a recommended capacity model.

The development of the capacity estimation procedure was
accomplished incrementally. The steps are summarized be-
low.,

Step 1. The data were first segregated according to the
speed group of the major street. Two groupings were consid-
ered: sites with speeds between 25 and 35 mph and those with
speeds between 40 and 55 mph.

Step 2. Figure 6 shows a plot of minor street capacity versus
conflicting flow rate for the 25- to 35-mph speed group and
for conflicting flows of less than 600 vph. A linear model is
fitted through these data, with one additional constraint: the
saturation flow rate (when the conflicting and opposing flows
are zero), which is just the y-intercept on the curve, is equal
to approximately 900 vph. The selection of this constraint can
be justified as follows. When the conflicting flow rate is zero,
the capacity of the minor street approach is equal to the
saturation flow rate of the minor street approach. That is,
when there are no vehicles present on the other approaches,
vehicles depart from the stop line as rapidly as safety and
vehicle performance allow. Whereas this saturation rate has
not been measured for TWSC intersections, it has been mea-
sured by Kyte (13) for all-way stop-controlled intersections.
This saturation flow rate is approximately 900 vph.

Step 3. Figure 7 shows a plot of the 25- to 35-mph speed
group data for the range of conflicting flows greater than 600
vph. A least squares regression line was fitted through these
data.
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Step 4. Figure 8 shows a plot of the 40- to 55-mph data.
One equation was fitted through these data and is shown in
the figure.

Step 5. Figure 9 shows the three equations together, two
for the lower-speed data and one for the higher-speed data.
Note, however, that there is an overlap at the higher con-
flicting flow ranges. To eliminate this overlap, the slopes of
the equations were modified slightly; see Figure 10.

Step 6. The final models are shown as Equations 15, 16,
and 17.

Q, = 906 — 0.82q. (15)
Q. = 623 — 0.23q, (16)
Q. = 390 — 0.11q, an

Comparison of Proposed Method with HCM
Procedure

The capacity estimation models proposed here for the two
speed groups are compared with the HCM models for similar
speed ranges for critical gaps of 6.0 and 7.5 sec, respectively
(see Figures 11 and 12).

Figure 11 shows that there is reasonable agrecment between
the two models for the lower-speed range, with differences
of no more than 100 vph, or less than 10 percent. However,
the differences are considerable for the higher-speed range,
as shown in Figure 12. At lower conflicting flow values, the
HCM procedure forecasts capacity values up to 100 percent
higher than the new procedures proposed here. The curves
intersect at a conflicting flow value of 600 vph; above this
value the HCM model forecasts values up to 100 to 150 vph
lower than the new procedure.
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DELAY
HCM Method

Reserve capacity is the measure of effectiveness used in the
HCM to determine the level of service for a TWSC intersec-
tion. Reserve capacity is defined as the unused capacity of a
movement, or the difference between the actual capacity for
a movement and the flow rate for the movement. The HCM
establishes a level of service for each range of reserve capacity
and a qualitative description of the delay likely to be expe-
rienced (see Table 2).

Reserve capacity, however, has not been a popular param-
eter with U.S. traffic engineers. It cannot be measured directly

in the field, and it is not directly linked with quantifiable delay
ranges. Brilon (2), however, has shown that reserve capacity
is a useful measure and correlates well with the expected delay
for a minor street. In fact, reserve capacity is somewhat anal-
ogous to the degree of saturation or volume/capacity ratio in
that both parameters describe the amount of capacity re-
maining or available. An example of the relationship of minor
street delay to reserve capacity and major street flow is given
in Figure 13. The figure is from Brilon (2).

Effect of Reserve Capacity

Total delay is the sum of service delay and queue delay. An
exponential model relating total delay to reserve capacity was



TABLE 2 Level of Service and Reserve Capacity

‘Resorve Capacity Lovel of Service Expected Delay to Minor Street Traffic
+ 400 vph A Little or no delay
300-399 vph B Short traffic delays
200-299 vph C Average traffic delays
100-199 vph D Long traffic delays
0-99 vph " E Very long traffic delays
<0 F -

80 Reserve capacity
for minor sireet 1

] approach; 50 vph
§ 60
>
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Q
g ]
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& J
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FIGURE 13 Delay as a function of reserve capacity and major street flow,
Brilon model.
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FIGURE 15 Proposed delay model versus Brilon model.

developed and is shown in Equation 18. The plot of Equation
18 is given in Figure 14.

d = 40.079e ~0-0035gs,rcs Rz = 0.78 (18)

Comparison of Proposed Method with Brilon Model

The proposed delay estimation model is plotted against Bri-
lon’s delay model in Figure 15. The Brilon model forecasts
somewhat lower delays (in the range of 5 to 10 sec lower)
when the reserve capacity is less than 300 vph. The two models
nearly coincide for higher values of reserve capacity.

FINDINGS AND CONCLUSIONS

The objective of the research described in this paper is to
propose and test empirically based methods to forecast ca-
pacity and delay for the minor street approach of a TWSC
intersection. This objective has been accomplished. The ma-
jor findings of this research are summarized as follows.

Data Base

A data base has been assembled from 12 TWSC intersection
sites in the Pacific Northwest region of the United States. The
data base includes geometric and traffic characteristics from
26.75 hr of intersection operations. The data are summarized
over 15-min periods; thus, 107 data points are included in the
data base. A video camera was used to film each intersection,
and computer software developed for this study was used to
enter and reduce the data. Seven traffic variables were pro-
duced for each 15-min period of intersection operation: the
capacity of the subject approach; flow rates on the subject
approach, the opposing approach, and the conflicting ap-
proaches; and total delay, service delay, and queue delay on
the subject approach.

Proposed Capacity and Delay Models

Proposed methods for estimating capacity and delay are pre-
sented. The flow rate on the conflicting approaches is the
most important variable affecting capacity on the minor street.
The functional form relating minor street capacity to conflict-
ing flow is nonlinear and may depend on the range of con-
flicting flow rate. The speed on the major street affects the
level and slope of the capacity relationship. Delay is affected
primarily by reserve capacity. The delay model, an exponen-
tial form, provided an excellent fit to the data. The quality
of the delay-reserve capacity model provides support to the
earlier work of Brilon and others that suggests the importance
of the reserve capacity parameter in determining intersection
level of service.

Clearly the methods proposed here are only preliminary;
both need to be validated with a larger data base. But the
results show that the methods may represent a feasible alter-
native to the gap acceptance approach currently used in the
HCM. In short, the empirical approach of directly relating
capacity and delay to measured flow rates appears to be fea-
sible and warrants further study.
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Synthesis of Recent Work on the Nature of
Speed-Flow and Flow-Occupancy (or
Density) Relationships on Freeways

Frep L. Hary, V. F. HUurDLE, AND JaMES H. BANKS

Research published during the past 5 years has provided a revised
picture of the relationships among the key traffic variables of
speed, flow, and concentration. A review of the data from earlier
studies with this revised picture in mind shows that many of these
data are also compatible with the new picture.

The purpose of this paper is to pull together some of the ideas
about speed-flow-concentration relationships that have ap-
peared in the past decade. Because the results are not con-
sistent with the commonly accepted depiction of these rela-
tionships, it is useful to trace the relationships back to their
original development, more than 50 years ago, and to look
at some of the old data from a new perspective based on the
more recent data. Qur conclusion is that little has changed
except for the interpretation: freeway traffic may move a little
faster and at somewhat smaller headways than in the past,
but the old data are remarkably consistent with both the new
data and the new interpretations.

The consequence is that a good case can be made for how
we ought now to be interpreting the nature of these funda-
mental relationships, though some qualitative issues remain
unresolved. It should also be made clear at the outset that
our paper is empirical rather than mathematical. We believe
that it is important to have a correct picture of the relation-
ships before attempting to construct detailed mathematical
models and that the classical picture found in most textbooks
and in the Highway Capacity Manual (HCM) (1,2) is seriously
defective. In this paper, we attempt to draw and defend a
new picture that is in better agreement with recent empirical
research.

The starting point for this discussion is the 1985 HCM (7).
That publication raised several unanswered questions about
the speed-flow relationship, in particular “the difficulty in
firmly fixing the shape and location of the curve” beyond
about 1,500 vehicles per hour (I, pp. 2-24). However, in
Chapter 3, Basic Freeway Segments, definitive statements had
to be and were made about the shape of these curves. In the
1965 HCM (2), the speed-flow curves were parabolic, with
speeds decreasing with each increase in flow, even for very
low flows; the 1985 HCM reduced the rate of the speed drop
at low flows, but the basic shape remained the same: the slope
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of the curve is always negative and the right end of the curve
is vertical.

There have been a number of papers in the past few years
dealing with speed-flow-occupancy relationships on freeways.
Our synthesis of that work is given added timeliness by the
recently approved revised version of Chapter 7 of the HCM
(3), which contains speed-flow relationships for multilane ru-
ral highways radically different from those that appear in
Chapter 3. Not only do these new curves keep speeds constant
until 75 percent of capacity, but their slope is quite modest
even as the flow approaches capacity, with a total speed de-
crease of only 5 mph over the entire range of flows.

The first section presents our conclusions about the shapes
of the speed-flow and flow-occupancy graphs. These conclu-
sions are supported by citations from the literature of the past
half dozen years. The second section is a review of older
material, which on the face of it might appear to be in conflict
with the recent results. One of the primary purposes of this
section is to see whether some of the older data might also
be consistent with our interpretation of the newer data, or
whether freeway traffic behavior has clearly changed over the
intervening 30 years.

DEPICTION OF THE FUNDAMENTAL CURVES

This section presents graphically our current understanding
of the key bivariate relationships: speed-flow and flow-
occupancy. The speed-occupancy relationship follows as a
consequence of the other two. We do not discuss it here
because of a lack of recent data on it and a lack of space.
The two figures are drawn in general terms, without numerical
values on the axes, but were constructed on the basis of pub-
lished studies.

Each figure consists of three segments, represented by se-
ries of asterisks, squares, and triangles. The intention is that
each of these points be taken as representing the average of
some large number of observations. Thus stochastic variation
has been suppressed. Our discussion of these figures is based
on a hypothetical freeway like the one shown in Figure 1. The
entire section has the same capacity, but two entrance ramps
are followed by an exit. Clearly the flows will be greatest in
Section CD, between the downstream entrance ramp and the
exit. Section CD, therefore, is the bottleneck, and if a queue
forms anywhere, it will be in Section BC, then spread into
AB. It seems obvious that the speed within the queue will be
slow and the density or occupancy high. Within the bottleneck
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FIGURE 1 Representative
freeway segment.

Section CD, however, one would suppose that the traffic
might accelerate, such that there will be higher speeds at D
than at C, and measurements confirm this commonsense
conclusion (4).

Speed-Flow Relationships

Figure 2 shows the most likely interpretation we have found
of the speed and flow data acquired from numerous freeway
systems over the past 30 years, as applied to the hypothetical
freeway in Figure 1. The nearly level upper line (indicated
by * in the figure) represents traffic behavior in the absence
of any queue. On the freeway in Figure 1, we would expect
the conditions represented by this curve to occur everywhere
until a queue formed in Sections BC and AB, but after that
only in the part of AB upstream from the end of the queue
and in DE, downstream from the bottleneck. The 1985 HCM
(1) reduced the rate of the speed drop from that shown in the
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FIGURE 2 Generalized speed-flow relationships.
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1965 HCM, and the 1990 revisions to Chapter 7 (3) enhance
that tendency, keeping speeds constant until 75 percent of
capacity is reached. Those results for multilane rural highways
are consistent with comparable observations available for
freeways. The only disagreement between the recent freeway
studies and the Chapter 7 curve might be in the magnitude
and shape of the speed decrease for higher flow rates. The
revised Chapter 7 shows drops of only 5 mph, or roughly 10
percent of the free-flow speed. Hurdle and Datta (5), Persaud
and Hurdle (4), and Hall and Hall (6), as reinterpreted by
Hall and Agyemang-Duah (7), suggest about a 20 to 25 per-
cent drop. Wemple et al. (8) found about a 10 to 15 percent
drop. Banks (9) found a drop of less than 10 percent.

An alternative way of looking at these data is not to focus
on the speed drop but to look at the speed at the endpoint
of the curve. Several of the freeway studies cited find that
point to be about 80 km/hr, or 50 mph. If speed at the right
end of the curve is approximately the same for some large
class of freeways, the magnitude of the speed drop is simply
a function of the free-flow speed. Such a conclusion would
go a long way toward explaining the differences between data
from North American urban freeways and the high-speed
German Autobahnen. Unfortunately, compatibility with Jap-
anese data seems less likely.

Several studies, however, report different results. Persaud
and Hurdle (4) cite a lower value, but the relevant figures in
their paper suggest considerable scatter, with a range that
includes 80 km/hr. Wemple et al. (8), on the other hand,
report speeds of more than 60 mph at their I-680 site when
the flow is more than 2,000 vehicles per hour per lane and
show data for a site on I-880 that could be interpreted as
indicating no decrease, or even an increase, in speed at very
high flows. Hurdle and Datta (5), Persaud (10), and Hall and
Hall (6) include similar evidence of circumstances in which
speed seems to be completely independent of flow, but it will
be presumed in this paper that this is not ordinary behavior.

For constructing Figure 2, a speed drop of 20 percent of
free-flow speeds has been used, which would be consistent
with a 100-km/hr or 60-mph free-flow speed and an endpoint
speed of 80 km/hr or 50 mph. Despite the possible discrepancy
between this value and the Chapter 7 curve, it is important
to note that flows near capacity, when they occur before queue
formation, occur at much higher speeds than are currently
shown in the HCM and that none of the recent data indicate
that this portion of the curve becomes vertical. The shape
shown for the right end of the curve is arbitrary. The new
Chapter 7 curves change slope in a more or less quadratic man-
ner, but several data sources seem to imply a straight line.

The second segment to consider is the vertical band repre-
sented in Figure 2 by the squares. This is the behavior to be
expected in bottleneck Section CD when there is a queue
upstream. Everywhere within the bottleneck section, the mean
flow rate will be the same, but the mean speed will be a
function of the location of the observation point since drivers
are accelerating from the slow speeds within the queue to
their desired speeds for that section of roadway (4). Thus,
the farther downstream from the front of the queue one
measures, the higher the average speed will be. The vertical
segment of the curve shown in Figure 2 is not really a speed-
flow relationship at all, but a speed-location relationship plot-
ted on a graph that has no location axis.
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Although any one location is depicted in Figure 2 as a single
point, both flow and speed are random variables, so actual
data will contain a good deal of scatter in both directions.
For example, Hurdle and Datta (5) reported standard devia-
tions of 205 passenger car units per hour (for flows based on
2-min counts) and 11.0 km/hr for average queue discharge
flow and speed of 1,984 passenger car units per hour per lane
and 79.5 km/hr, at a point 2 km downstream from the head
of a queue. Furthermore, the flow and speed random variables
are not independent, so the queue discharge data at one lo-
cation may exhibit a distinct slope. Data from several locations
suggest that at a given location lower queue discharge flow
will be accompanied by lower speeds. Hence, data from this
part of the curve may look as if they are on the third part
(the triangles). Figure 3 provides an example of both the
scatter and the apparent slope. The data are from an Ontario
freeway from two locations downstream of an entrance ramp,
one 0.2 km (the filled squares) the other 2.5 km (the open
squares) downstream. The data from 0.2 km downstream are
clearly centered at an average speed well below that of the
data from 2.5 km downstream, which are themselves still
below the uncongested data. There is a trend in the data from
0.2 km downstream that might be thought to look like part
of the lower branch of a two-regime speed-flow curve despite
the fact that these data come from queue discharge flow.
Koshi (/1) has reported finding a decrease in queue discharge
flows on Japanese freeways as queuing delays increased from
0 to about 10 min, but we have seen no evidence of such a
trend in North American freeway data.

The final segment of the curve, the triangles, represents
behavior within the queue. This segment of Figure 2 has been
drawn on the basis of logical considerations rather than from
data. There is very little modern data for this segment and
hardly any below flows of 50 percent of capacity. Some even
question the existence of a speed-flow relationship for these
conditions. It is reasonable to suppose that there is a rela-
tionship of averages taken over periods long enough that the
effect of stop-and-go conditions within the queue are smoothed
out. The average time a vehicle spends in the queue (and thus
its average speed) is determined by the number of vehicles
to be “served” by the bottleneck before this vehicle, and by
the “‘service rate” of the bottleneck. Thus, if more vehicles
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FIGURE 3 Ontario speed-flow data from within the
bottleneck, 30-sec. intervals.
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enter downstream of the point observed, both the flow and
the average speed will necessarily decrease. In Figure 1, for
example, the flow in Section AB will be lower than that in
BC by the amount of the entrance ramp traffic at B, and
average speeds will therefore be lower. This simple argument
is persuasive, but it is not sufficient to define the curve. Fur-
thermore, it is clear from the data that the scatter of data
about this curve is far greater than for the other two portions
of the relationship. '

The logic of the curve begins with the conventional idea
that the left end must be at the origin since zero speed and
zero flow obviously occur together. The right end has been
drawn more or less joining the bottom of the portion repre-
senting queue discharge flow because data we have seen tend
to look like this, because flows in the queue cannot exceed
those in the bottleneck, and because it seems illogical to sup-
pose that vehicles being served moved slower than those wait-
ing in line behind them. The last statement, however, is an
oversimplification. Flows within Section BC of the Figure 1
freeway can approach those within the bottleneck only if the
flow on the entrance ramp at C approaches zero, so the speed
just upstream from the bottleneck will usually be less than
that indicated by the right end of the triangles curve, which
is an indication of what would happen if the ramp flow did
approach zero. It follows, since the speed at the upstream
end of Section CD cannot be much different than at the down-
stream end of BC, that the line of squares really should extend
below the triangles curve. Like the right end of the plus-sign
curve, the bottom end of the line of squares is not well defined.
The lowest average speed one will observe in a bottleneck
like CD is a function of the entrance ramp flow and the
roadway geometry; the figure is only an indication of the
possibilities. Furthermore, the right end of the triangles por-
tion is unlikely to be observed in practice, so real data are
likely to exhibit a gap, rather than a crossing of curves.

Flow-Occupancy Relationships
Figure 4 shows the flow-occupancy relationship. Although

density was almost always the measure of traffic concentration
used in the early days, and is still used extensively in theo-
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FIGURE 4 Generalized flow-occupancy
relationships.
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retical work, most present empirical studies have used oc-
cupancy because it is commonly measured by freeway man-
agement systems. The difference is not important for purposes
of this discussion. Athol (72) stated that there is a linear
relationship between occupancy and density, but more recent
analyses [Koshi et al. (13) and Hall and Persaud (14)] indicate
that the linear relationship holds over only a portion of the
range of the variables, with the nonlinear aspect of the re-
lationship between occupancy and density depending on the
covariance between vehicle lengths and vehicle speeds. Given
the small magnitude of the nonlinearity and the level of gen-
erality at which we will be discussing the relationships, what
we say about occupancy can be applied to density as well.

The flow-occupancy graph in Figure 4 also has three seg-
ments. The location of the first segment, the asterisks, is well
documented; the logic used to explain the squares in the pre-
vious section leaves little doubt about where they must lie in
this representation; but we are unsure about the third seg-
ment, so have shown two versions. Looking at the three por-
tions one at a time, we see that the constant speed portion
of the asterisk curve in Figure 2, out to perhaps 75 percent
of capacity, is reflected in a linear flow-occupancy relationship
up to the same volume; beyond that point, the relationship
curves off slightly to the right, reflecting the increase in oc-
cupancy that occurs for a given flow rate as speeds decrease.

The second segment of the diagram (the squares) represents
queue discharge flows. As in the speed-flow diagram, the
average rate of flow everywhere within the bottleneck must
be the same and slightly less than the maximum flows ob-
served during prequeue operations. The mean occupancy, on
the other hand, will vary with location over arange that is
not entirely well defined. At the left end, it seems obvious
that the line of squares should meet the line of asterisks, since
queue discharge speeds continue to increase until they regain
normal uncongested speeds. On the right end, the obvious
limitation is that the occupancy should not exceed that at the
head of the queue, but just as with the speed-flow curves,
this is not a clearly defined limitation since the occupancy in
the queue clearly depends on the ramp flows. Thus, in a
generalized diagram like Figure 4, the point at which the line
of squares ends on the right is necessarily arbitrary. In a
diagram showing the results of a specific experiment, there
would, of course, be a rightmost point, but this would not
mean that points further to the right could not occur if the
traffic pattern changed.

The two possibilities for the segment representing the con-
gested regime within the queue (the triangles and the circles)
are based as much on logic, and even conjecture, as on data,
though we did look at a good deal of data before drawing
them. Just as was the case for the speed-flow relationship,
the twin difficulties are that all of the studies we have seen
show more scatter in these data than in the uncongested case
and that empirical information about very low flows is scarce.

Banks (15) has suggested that this portion of the relation-
ship is linear. The very extensive data set presented by Koshi
et al. (13) shows slight but definite convexity, but that uses
density rather than occupancy. The linear possibility being
the simpler one, we have drawn straight lines, but without
any intention of implying that this is necessarily correct.

The remaining question is where to place the upper end of
this line. Three possibilities have been suggested. May and
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others working at the Chicago Freeway Surveillance and Con-
trol Center proposed that the congested segment start at the
right-hand end of the queue discharge flow as indicated by
the circles [May et al. (16), Figure 7, p. 53], and it would
appear that Chicago continues to accept that depiction
[McDermott (17), Figure 4, p. 338]. Koshi et al. (13) proposed
a reverse lambda shape, which seems to imply that the line
joins the plus-sign curve below the queue discharge curve.
Both Hall et al. (I8) and Banks (I5) have suggested an in-
verted V, implying that the line should start near the peak of
the prequeue flow in somewhat the manner of the line of
triangles. The choice among these proposals should be based
in part on logic and in part on the available data, but our
reaction to the data we have seen is that it leaves as many
questions as answers.

If one accepts the triangle line, the queue discharge curve
(the line of squares) will stick out from the inverted V like a
windblown flag—a situation that seems counterintuitive.
However, as discussed in connection with Figure 2, these
relationships in Figures 2 and 4 represent a wide variety of
situations, not all of which are likely to happen at any one
location. The “flag” represented by the squares is a natural
consequence for the flow-occupancy graph of the vertical line
that is the queue discharge operation, as shown in the speed-
flow curve of Figure 2. As was discussed for Figure 2, the
queue discharge data from any one location will show a range
of flows and occupancies. Since these variables are not inde-
pendent, a pattern will often be observable within them. A
number of examples we have looked at tend to show a “droop-
ing flag,” which might easily be confused with the congested
portion of this curve. Figure 5 shows an example of such a
pattern from San Diego data downstream of a bottleneck.
The downward trend in the queue discharge data is apparent
in these data, but the figure also supports the constant volume
segment shown in Figure 4 and the interpretation of it as
queue discharge flow.

Summary

As was pointed out as long ago as 1958 (16,19), the nature
of the data acquired from a freeway depends on where the
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FIGURE 5 San Diego flow-occupancy data from the
bottleneck.
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measurements are taken with respect to bottlenecks and queues.
May (20, p. 288) provides a helpful discussion and set of
diagrams explaining the general nature of this phenomenon.
In brief, upstream of a limiting bottleneck (e.g. a lane drop
or closure), there will be congested flow, but capacity oper-
ations will probably not occur. Within the bottleneck section,
capacity flow will occur, but there will be no congested op-
erations. If capacity increases downstream of the bottleneck
section (for example, the dropped lane has been restored or
reopened), at such a location there will be neither congested
operation nor capacity operation. One important conse-
quence is that it is impossible to obtain data covering the full
range of possible operations at any one station. Indeed, the
data needed to create even the onc scgment for queue dis-
charge operations must necessarily come from a series of lo-
cations within the bottleneck.

The consequences of this dependence on location for the
specific case of flow-occupancy data are shown in Figure 6.
The freeway segment shown in Figure 1 forms the basis of
the diagram, with conditions as they would be observed during
a peak traffic period. The triangle at the foreground of the
picture represents the flow-occupancy inverted V proposed
by Banks (15) and Hall et al. (18). There is a queue upstream
of Ramp C, extending back beyond Ramp B, but not as far
as Location A. Thus for some distance downstream of A,
traffic is still uncongested. At some intermediate location be-
tween A and B, drivers encounter the back end of the queue
and experience an abrupt change of conditions, to heavily
congested. When they pass Ramp B, conditions remain con-
gested, but average flow rates increase (and occupancies de-
crease, because speeds also increase). Upon arrival at Ramp
C, drivers are able to accelerate through the bottleneck. Hence
the early part of the data in Section CD is the “flag” of Figure
4, and the later part is back on the uncongested surface (if
Section CD is sufficiently long). Past Ramp D, volume de-
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FIGURE 6 Expected approximate location of flow-occupancy
data in the vicinity of a bottleneck during congested conditions.
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creases, due to vehicles exiting. In the absence of incidents
somewhere along the road, one should not expect to see Sec-
tion CD behavior anywhere upstream of C or BC behavior
downstream of C.

REVIEW OF EARLIER WORK

In reviewing the historical roots of the existing HCM depic-
tions of speed-flow-occupancy relationships, we consider the
possibility that much of the earlier data might be consistent
with the representations given in the preceding section and
that the conventional interpretations arise because of partic-
ular historical events. In paiticular, we suggest that Green-
shields’s seminal work in 1935 (21) has had an unduly dom-
inant influence on all subsequent interpretations of such data.

Consider the details of Greenshields’s paper. The data were
collected on one lane representing one direction of a two-lane
two-way rural road. The seminal graphs of speed versus den-
sity and speed versus flow are based on seven data points, six
of which are at densities below 60 veh/mi and come from one
highway; the seventh is at a density of 150 veh/mi and is taken
from a different highway. The straight-line relationship for
speed versus density assumes away a lot of missing data be-
tween 60 and 150 veh/mi and in turn determines the parabolic
shape of the speed-flow curve. Despite the presence of such
heroic assumptions, it is possible that these visual representa-
tions, with their accompanying elegant mathematics, have had
a determining impact on the perception of relationships within
freeway data.

Besides the Greenshields model, another possible influence
inclining people to U-shaped flow-concentration models may
well have been the fact that that was the shape derived by
Gazis et al. (22) when they originally linked car-following
models and these macroscopic flow models. This additional
influence would have been reinforced by the simplicity of
single-regime models and the flexibility of the nonlinear models
as developed by Gazis et al. (23).

The generalized flow-occupancy relationship presented in
Figure 4 (using the circles for the third segment) is similar to
one put forth by May et al. (16). It is important to note the
differences in interpretation of their flow-occupancy diagram.
Their interpretation was that speeds remain constant up to
capacity. Ours, on the other hand, has a slight decrease in
speeds approaching maximum flow. We agree completely with
them that there is a zone of constant volume. However, we
have identified this region as queue discharge flow, whereas
May et al. say that it “‘represents impending poor operations”
(16, p. 52). Another similarity is the use of a linear relation-
ship within congested operations, although they change the
slope of that line at a density of 100 veh/mi.

Despite efforts such as that by May et al. to produce a
newer picture of these relationships, the curves appearing in
the 1965 manual are still clearly based on Greenshields’s pa-
rabola. Two out of the three empirical studies summarized in
Figure 3.37 of the 1965 HCM gave clear evidence of nearly
constant speeds out to volumes of 1,000 or 1,200 vph/lane,
yet the very next page of the 1965 HCM puts forth the para-
bolic shape as “typical” for freeways and expressways.

Soon after the appearance of the 1965 HCM, Drake et al.
(24) published a thorough empirical testing of a number of
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mathematical expressions for these three relationships. One
of their two subjective choices of best models was a three-
regime linear model—and our proposed diagrams also reflect
three distinct “regimes” of behavior. May and his students
have continued to work on the question of the best type of
mathematical model to fit empirical data [Ceder (25), Ceder
and May (26), and Easa and May (27)]. The models still do
not fit the data well in the vicinity of capacity, and each data
set requires different parameters for the mathematical model,
the extreme instance of this occurring for 2 days of data from
the same location.

Important insights into the task of estimating the relation-
ships among these data were presented by Duncan (28,29).
In his 1976 paper, he dealt with studies in which speed and
flow data were generated and density data calculated from
the relationship volume = speed X density. He noted that
the consequence of taking a relatively good-fitting speed-
density function and transforming it (via the same equation)
to a speed-flow function was a function that did not fit well
with the original speed-flow data. In his 1979 paper, Duncan
used real data, rather than randomly generated data, to en-
large on the difficulties: minor changes in the nature of the
speed-density function resulted in major changes in the speed-
flow function. The data in his paper would also be consistent
with Figure 2, although that is not the nature of the function
that Duncan shows.

Opverall, then, it can be seen that previous studies do not
provide strong support for the parabolic speed-flow curve,
which nevertheless continues to influence the shape of the
HCM (and other) representations of this relationship [see,
for example, May (20, p. 288) or McShane and Roess (30, p.
286)]. On the other hand, it is possible that many of the data
in the earlier studies are consistent with Figures 2 and 4.
Indeed, as early as 1961, the Chicago group identified many
of the same features of these relationships. Hence, it may be
that driver behavior has not changed in any fundamental way
during the past 30 years. This, however, is a stronger conclu-
sion than is warranted from the available data. Suffice to say
that the earlier studies do not contradict our proposed model,
and provide some support for it.

SUMMARY AND CONCLUSIONS

In all likelihood, no one location will be able to provide data
for the full range of operations; hence it will be impossible
to identify the shape of the speed-flow-occupancy relation-
ships on the basis of data from one location. Consequently,
the curves in Figures 2 and 4 are composite curves, drawing
together information from numerous locations. It would in
fact be a mistake to attempt to construct separate curves for
specific locations, since any particular location can be ex-
pected to be missing important parts of the overall relation-
ship.

The location of the congested branch of the curve is still a
problem. Two possibilities were offered in Figure 4. Perhaps
more important, however, the location of the other two seg-
ments of the curves seems to be clear. Uncongested operations
on freeways are consistent with the speed-flow figure for mul-
tilane rural highways approved last year for a revised Chapter
7 of the HCM. The remaining questions are the flow at which
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speeds begin to decline, the exact shape and magnitude of
the decline, and the value of capacity. One feasible interpre-
tation of the data is that the speed at the right-hand end of
this segment of the curve is constant, at least for similar types
of freeways and similar driver populations. (Japanese data
might show results different from these North American stud-
ies, for example). Should this interpretation be correct, the
speed drop depends on free-flow speeds, which are probably
affected by such things as posted speed limits and level of
enforcement. The presence of queue discharge flow has been
clearly demonstrated, confirming (with a different interpre-
tation) the zone of constant flow identified 30 years ago in
the Chicago studies.
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Capacity of Two-Lane, Two-Way Rural
Highways: The New Approach

Pranko Rozic

The development of methodology analysis of traffic flow on two-
lane, two-way highways is described. The extensive data were
collated through 7 days of measuring on the primary road section
Zagreb-Velika Gorica (Zagreb Airport). On the basis of over-
taking, the new vehicle classification from the aspect of position
in traffic flow is defined. By concentrating vehicles into two groups,
vehicle file and vehicles involved in overtaking, the four possible
combinations of traffic flow condition are introduced. Traffic flows
were divided on a time basis, on a functional basis, and from the
aspect of car-following. On those bases 24 relationship curves
between fundamental traffic stream variables were developed.
Different divisions of traffic flows proved that divisions on a time
basis do not yield real values of the capacity and have to be
rejected. Combinations of traffic flow condition offer a basis for
calculation of capacity and levels of service. Classification of flow
from the aspect of car-following gives the capacity of a traffic
lane and ideal capacity of a highway. It was proved that calcu-
lation of capacity depends, in addition to already known ele-
ments, on the method of measuring and dividing the traffic flow.
Computer programs for graphical presentation of vehicle trajec-
tories in space-time charts, as well as for numerical analyses and
graphical depiction of different combinations of traffic flow con-
dition, were developed.

Since the publication of the 1965 Highway Capacity Manual
(HCM) (1), there has been an increasing need for research
in highway capacity, which resulted in issuing the new 1985
HCM (2). Because of uncritical adoption of the experience
gained in the United States, some European countries have
embarked on a detailed study of highway capacity.

The 1965 HCM (1) defined the ideal capacity of two-lane
rural highways as 2,000 pcph, whereas the 1985 HCM (2)
defined the ideal capacity as 2,800 pcph. Observations on two-
lane rural highways undertaken in some European countries
have been reported at even higher volumes (3). The first
researches, undertaken by Zemljic (4), Kuzovic et al. (5), and
Kuzovic (6), revealed a discrepancy between American prac-
tice at that time and our own.

Most local as well as foreign researches have been based
on a search for local factors affecting highway capacity. Con-
trary to being designed as a critique of the HCM and to seek
a range of adjustment factors for our own conditions, the aim
of the research was to analyze the possibilities and factors
contributing to a high flow rate through practical measure-
ment and to assess the capacity and the ideal capacity of
two-lane, two-way rural highways on the basis of a new meth-
odological approach. This methodology was basically devel-
oped by the author (7) and subsequently fully established and
implemented by him (8).

Croatian Road Organization, 41000 Zagreb, Voncinina 3, Croatia.

SELECTION OF A TEST SECTION

Basic data on traffic volumes on major two-lane highways in
Croatia are being collated by automatic traffic counters (9,10).
Analysis of the AADT and hourly volumes for all locations
with automatic counters has shown that the highway with the
heaviest volume is the primary road section M-12/2, Zagreb-
Velika Gorica (Zagreb Airport). A ratio between hourly vol-
umes and the AADT is presented in Figure 1 (9). The Zagreb-
Velika Gorica highway meets all highway geometric features
for ideal conditions (2).

Through in situ observation, a test section length of 960 m
was determined, along which there are no obstructions or
other restrictions and which is 25 percent over the minimum
length for passing sight distance for a design speed of 100 kph
(11). The test section is out of influence of intersection (i.e.,
the highway is an uninterrupted flow facility). Such a length
of test section, combined with the given roadway elements,
permits unrestricted overtaking for vehicles in both directions.

MEASURING OF TRAFFIC FLOW

Good reviews of the definition of traffic stream variables and
factors affecting them, techniques of measurement, and ap-
plication of data are presented in May (12), Pignataro (13),
Gerlough and Huber (14), Drew (I5), and Wattleworth (16).
French and Solomon (17) describe the technology that is being
used for traffic data collection.

Measurement of traffic flow on the basis of measurement
at a point and measurement of travel time was carried out.
Travel time was measured by the license plate method. Ob-
servers were positioned at entry and exit of the test section,
for each direction separately. One observer recorded the last
three digits of the vehicle license plate number, the second
observer recorded the time (hour, minute, and second) the
vehicle passed through that particular point on the highway,
and a third recorded the type of vehicle. Travel times are
transformed into individual vehicle speeds.

If Berry and Green’s (18) concept of a sample is abandoned
and all vehicles are included, one would arrive at the travel
time, and hence the speed, of all vehicles. On the basis of
those speeds it is possible to calculate the space mean speed,
which includes all variations in the speed of individual
vehicles.

Since vehicle license plate numbers and corresponding times
of passage of vehicles are recorded at entry and exit and thus
converted into two measurements at a point, it was decided
to measure rates of flow at the exits. Through analysis of the
sequence of vehicles and their time of entry into and exit from
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FIGURE 1 Relation of hourly volumes and AADT on the Zagreb-Velika

Gorica highway.

the section, the following information was obtained: vehicle
type; average vehicle speed; which vehicle overtook, at what
speed, and what it overtook; which vehicle kept in its own
lane; and headway at entry and exit of test section.

Rate of flow measured at exit of the section can be analyzed
in the context of this information. Measurement was carried
out through 7 days for a total duration of 14 hr 5 min. All
days on which measurement was carried out were sunny, the
roadway was dry and in relatively good condition, and it was
possible to compare obtained measurement results by days.
Vehicle flow was divided according to type of vehicle, as
follows (19): passenger car, bus, light truck (up to 3 t), me-
dium truck (two-axle, up to 19 t), heavy truck (three-axle,
exceeding 19 t), trailer/semi-trailer, and tractor.

A total of 21,559 vehicles were recorded on the test section.
Traffic in the direction Zagreb-Velika Gorica (Direction 1)
accounts for 62 percent of overall traffic on the average. Pas-
senger cars constitute 89 percent of all vehicles in Direction
1 and 81 percent in Direction 2, which from that aspect brings
the traffic flow closer to the ideal.

CLASSIFICATION OF POSITION OF VEHICLES
AND TRAFFIC FLOW CONDITIONS ON TWO-
LANE, TWO-WAY HIGHWAYS

Vehicle Classification from the Aspect of Position in
Traffic Flow

Identification of all vehicles at entry into and exit from the
test section makes it possible to establish the sequence of

vehicles in both cross sections. In this way five vehicle cate-
gories may be defined from the aspect of vehicle position in
traffic flow, as shown in Figure 2:

1. Vehicles that keep in their own lane and are not involved
in overtaking and are not positioned between two adjacent
maneuvers of overtaking vehicles traveling in the same di-
rection (two vehicles, one of which is completing an overtak-
ing maneuver and the second of which is beginning the ma-
neuver);

2. Vehicles passive in overtaking—those keeping in their
own lane, not being overtaken, and finding themselves be-
tween two adjacent overtaking maneuvers;

3. Vehicles active in overtaking—those overtaking;

4. Vehicles active in overtaking—those overtaking and
themselves being overtaken; and

5. Vehicles passive in overtaking—those keeping in their
own lane and being overtaken.

Classification of Traffic Flow Conditions

A concentration of vehicles of Category 1 results in a group
of vehicles annotated as “vehicle file.” Vehicle file is under-
stood here to be a moving line of vehicles regardless of head-
way between them. It must be differentiated from the car-
following or platoon mode. “Percent time delay” is defined
as the average percentage of time that all vehicles are delayed
while traveling in platoons due to inability to pass (2). On
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the basis of extensive field measurement (7.8) it could be
stated that numerous vehicles were forced to keep in their
own lane and at the same time they were not involved in
platoons. From the aspect of car-following, Ovuworie et al.
(20) divided vehicles into three categories;

1. Free-moving (independent) vehicles— those moving
without being influenced by other vehicles;

2. Partially independent vehicles— those either joining or
leaving the platoon; and

3. Vehicles in platoon—those following a lead vehicle.

Vehicle file may consist of a number of vehicles of all three
tategories. The definition of platoon in the 1985 HCM 2,
Chapter 8) corresponds to the definition of vehicle file in this
paper.

Analogous to vehicle file, all vehicles between two vehicle
file (Vehicle Categories 2 through 5) form a group of vehicles
innotated as “vehicles involved in overtaking.” Concepts of
Vehicle file and vehicles involved in overtaking are presented
in Figure 2.

Such an approach to the analysis affords the possibility for
New combinations of traffic flow condition on a two-lane, two-
Way highway, which are presented in Table 1.

When both directions contain vehicles involved in overtak-
ing (Combination 1 in Table 1), overtaking can be mutually
€xecuted, in which case flow rate results are shown for both

directions together. Through an increase of rate of flow, head-
Ways, after a certain level of flow rate, acquire such values
that safe overtaking is no longer possible. At that point the
traffic flow on a two-lane, two-way highway is transformed
into two one-way traffic flows (i.e., into vehicle file in both
directions concurrently). According to the 1985 HCM (2),
this combination begins at level of service D (i.e., at flow rate
above 1,200 peph, total in both directions). From Figure 3 it
can be seen that real grouping of such a combination begins
at approximately 800 vph.

Vehicle Classification from the Aspect of Car-
Following

From the aspect of car-following where a stimulus-response
link exists between the lead and trailing vehicles, traffic flows
may be divided as follows:

® Platoon with mixed vehicles, located within a combina-
tion of traffic flow condition: vehicle file-vehicle file; and

@ Platoon with passenger cars only, located within a platoon
with mixed vehicles.

Platoon with Mixed Vehicles

A platoon is by its very nature a subgroup of a vehicle file.
Extreme cases can occur, where a whole vehicle file is at one
and the same time a platoon, and also where there is not one
platoon within a vehicle file. Within a platoon it is not even
theoretically possible that overtaking vehicles from opposing
directions could appear, since they automatically break the
stimulus-response link between vehicles in the platoon. Com-
bination 4 comprising a vehicle file in both directions simul-
taneously thus becomes the first prerequisite for the appear-
ance of a platoon. The second prerequisite is that vehicles
must follow a lead vehicle.

There is no unique definition of platoon. In addition to the
1965 HCM (1), Cunagin and Chang (21) and Radwan and
Kalevela (22) did not consider headways exceeding 9 sec.
Miller (23) separated platoons if the headway was longer than
8 sec. Edie et al. (24) adopted the criterion of headway from
4 to 5 sec, depending on the speed of vehicles. Keller (25)
was even more rigid, with a headway of less than 2 sec. The
1985 HCM (2) defines vehicles followi ng at headway less than
5 sec. On the basis of research by Chrissikopoulos et al. (26)
the criterion was adopted whereby a short platoon is one with
two to four vehicles, and a long platoon is one with five or



TABLE 1 Combinations of Traffic Flow Condition on Two-Lane, Two-Way
Highways

Ord. Direction

No. 1 2

Descriptions of conditions of traffic
flow progress

1 VEHICLES
INVOLVED IN
OVERTAKING

VEHICLES
INVOLVED IN
OVERTAKING

Headways and corresponding
spacing in both directions ensure
safe overtaking for vehicles
travelling in either direction. Flow
rates are considerably below
capacity with traffic flow speeds and
densities that correspond to the
conditions of noncongestion traffic.

N

Flow q {vph}

Speed V (kph)

FIGURE 3 Division of traffic flow on a functional basis:
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1 allow vehicles from direction 2 to
cross to the lane used by vehicles in
direction 1 and to execute an
overtaking maneuver. In direction
1, density and rates of flow are
slightly higher than in the
combination No.1. In direction 2,
rate of flow, speed and density
retain the characteristics from the
combination of traffic flow condition
No. 1.

3 VEHICLES
INVOLVED IN
OVERTAKING

VEHICLE
FILE

Situation is now the reverse of
combination No. 2, i.e. conditions
from direction 1 have been
transposed into direction 2, and vice
versa.

4 VEHICLE
FILE

VEHICLE
FILE

Headways and spacings in both
directions have acquired such values
that safe overtaking is not possible
for vehicles travelling in either
direction. Traffic flow has been
transformed into two one-way,
opposite flows. Rates of flow are
within a wider area of capacity with
the accompanied corresponding
speeds and densities.
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more vehicles. In this research the headway of less than or
equal to 9 sec at both entry and exit of section was adopted.

Platoon with Passenger Cars Only

Platoons consisting of passenger cars only are formed in this
research in such a way that all platoons having a passenger
car as a lead vehicle are separated. Among such platoons a
further distinction was made whereby all consecutive platoons
that comprised five or more passenger cars were separated.
A platoon of passenger cars ends with the first replacement
of a passenger car by some other type of vehicle.

Both the 1965 HCM (1) and the 1985 HCM (2) define the
ideal capacity with an idealized flow in which there are only
passenger cars. Before rates of flow achieve maximum level,
flows start to run in the combination of traffic flow Condition
4 (i.e., of the concurrent vehicle file in both directions). At
near-to-capacity flow rates of two-lane, two-way highways,
long platoons are formed in both directions. If platoons are

VELIKA GORICA -
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formed of passenger cars only, a macroscopic evaluation will
give a maximum flow rate (i.e., the ideal capacity of two-
lane, two-way highways).

DATA PROCESSING

The software for the graphical presentation of the vehicle
trajectories, different divisions of the same traffic flow, and
the calculation of flow rate, density, space mean speed, and
time mean speed, together with a statistical analysis of mean
speeds, was developed and applied to traffic flows.

For all 7 days, seven separate diagrams of a total length of
51 m were made. The chart was produced using a CALCOMP
1075 A plotter. A sample was extracted from the data base
on the seventh day of measuring, which is suitable for expla-
nation of all elements in the data base and is presented in the
space-time chart in Figure 4. The graphical presentation con-
tains a separate space-time chart for each direction. The dia-
gram abscissa is the time axis with its smallest division being
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FIGURE 4 Vehicle trajectories recorded on the section of primary road M-12/2 Zagreb—Velika Gorica, Monday, 04/05/1982.
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1 sec, whereas the ordinate shows the space (length of test
section is 960 m). Although the space is common to both
directions (in the sense of test section length), charts are
separated to facilitate easier understanding. The vehicle tra-
jectories depicted in different forms and colors describe ve-
hicle movement in space and time. The trajectories are straight,
since the measurement method disregarded variations in ve-
hicle speed within the test section (i.e., the average speed is
presented). Combinations of traffic flow condition are pre-
sented on the central axis between two separated space-time
charts. Duration of vehicle file is measured at the exit from
the test section, where rate of flow is also measured.

Combinations of traffic flow condition are partly presented
graphically in toto in Figure 5 for all days on which measuring
was carried out by transposing the central axes of individual
space-time diagrams. Platoons are presented graphically in
Figure 5 by shaded areas within vehicle file.

MODELING OF TRAFFIC STREAM VARIABLES

Some of the better-known traffic stream models are the
Greenshields linear model (27), the Greenberg logarithmic
model (28), the Underwood exponential model (29), the Drake
bell-shaped model (30), the Drew parabolic model (I5), and
the Edie multiregime model (37). Analyses that Drake et al.
(30) and Radwan and Kalevela (22) carried out by means of
the listed models showed that no unique model exists that is
capable of satisfying all boundary conditions while giving re-
alistic values of the fundamental traffic stream variables, where
the same ones differ even on the same types of highway.

The Greenberg model (28) can probably be applied to ve-
hicle files on two-lane, two-way highways (Combination 4).
Contrary to the Greenberg model (28), it is assumed that the
Underwood model (29)—applicable to traffic flow with low
density and high speed—should satisfy those conditions on
two-lane, two-way highways. Those conditions consist of
Combination 1 and, possibly, of a part of the area covered
by Flow Combinations 2 and 3.

Because of the need for comparison between different ap-
proaches and divisions of a traffic flow, and because of its
simplicity, the Greenshields linear model (27)—giving a con-
tinual curve (i.e., meeting all three boundary conditions)—
was selected. Relationship curves were generated in the fol-
lowing manner:

® A linear relationship (straight line) of speed and density
was defined by means of the least squares method (32), and

@ Relationships between the flow rate and density and be-
tween flow rate and speed (parabola) were defined through
inclusion of the equation of straight line into a fundamental
equation of the traffic flow (i.e., g = k x V).

Analyses of relationship between fundamental traffic stream
variables were produced separately by directions and for both
directions together. For purposes of analysis, 24 different models
were generated. The most indicative were selected and are
presented in this paper.

25

ANALYSIS OF TRAFFIC FLOW WITHIN THE
TEST SECTION

Classification of Traffic Flow

On the basis of the newly established classification of traffic
flows on two-lane, two-way highways, traffic flow was divided
into subflows on the basis of different approaches: on a time
basis, on a functional basis, and from the aspect of the car-
following.

Three methods of dividing the same traffic flow yielded a
different number of subflows, which are presented in Table
2. The number of vehicles participating in individual subflows
is also of interest, as can be seen in Table 3.

Division of Traffic Flow on a Time Basis

The time basis for division of traffic flows is 5-, 15-, and 60-
min intervals. The number of subflows is a function of the
time basis upon which the flow is divided. Flows were ana-
lyzed separately for Direction 1, Direction 2, and for both
directions together.

When division is on a time basis, the sum of vehicles in
subflows is always equal, although it differs in particular in-
tervals within a division—which is the result of traffic vari-
ations in space and time.

The capacity levels obtained on the basis of both the 5- and
15-min intervals amount to 2,400 vph, total in both directions,
and 2,300 vph, total in both directions on the basis of 60-min
intervals. The comparison of models (curves) for 5-, 15-, and
60-min intervals for each direction separately and for both
directions together indicates that differing capacity values are
the result of the size of the time base upon which the traffic
flow is divided. The differences widen with an increase in
traffic volume.

TABLE 2 Number of Subflows Obtained on the Basis of Different
Methods of Dividing the Same Traffic Flow

Direction
Division of traffic flows 1 2 1+2
Five-minute intervals® 169 169 169
Fifteen-minute intervals® 153 153 153
Sixty-minute intervals® 84 84 84
Overtaking-overtaking’ 7 7 7
Overtaking-file® 150 30 180
File-overtaking” 30 150 180
File-file® 356 356 356
Platoon (mixed vehicles)” 519 353 s
Platoon (passenger cars only)* 299 114 -2

“division of traffic flows on a time basis

division of traffic flows on a functional basis
“division of traffic flows from the aspect of car-following
4data not applicable



26

TRANSPORTATION RESEARCH RECORD 1365

TABLE 3 Number of Vehicles in Individual Subflows and Their Participation in

Total Flow and Some Subflows

Direction

Division of traffic flows 1 2 1+2

1 Total number of vehicles (total flow) 13351 8208 21559

2 Five-minute intervals® 13351 8208 21559
Participation in total flow (2/1) 100% 100% 100%

3 Fifteen-minute intervals® 13351 8208 21559
Participation in total flow (3/1) 100% 100% 100%

4 Sixty-minute intervals® 13351 8208 21559
Participation in total flow (4 /1) 100% 100% 100%

5 Overtaking - overtaking (O - oy 285 158 443
Participation in total flow (5/1) 2% 2% 2%

6 Overtaking-file (O - F)° 4003 601 4604
Participation in total flow (6 /1) 30% 7% 21%

7 File-overtaking (F - 0)° 774 1823 2597
Participation in total flow (7/1) 6% 22% 12%

8 File-file (F-F)° 8289 5626 13915
Participation in total flow (8 /1) 62% 69% 65%

9 (0-0)+(0-F)+(F-0)+ (F-F)° 13351 8208 21559
Participation in total flow (9/ 1) 100% 100% 100%

10 Platoon (mixed vehicles)® 6557 3915 =
Participation in total flow (10/ 1) 49% 48%
Participation in file-file (10 / 8) 79% 70%

11 Platoon (passenger cars only)® 2820 829 22
Participation in total flow (11/1) 21% 10%
Participation in file-file (11/8) 34% 15%
Participation in platoon (mixed vehicles) (11/10) 43% 21%

%djvision of traffic flows on a time basis
bdivision of traffic flows on a functional basis

Cdivision of traffic flows from the aspect of car-following

?data not applicable

Division of Traffic Flow on a Functional Basis

Division of traffic flow on a functional basis involves four
combinations of traffic flow condition (see Table 1). All four
combinations were analyzed for Direction 1, Direction 2, and
both directions together.

Functional division of the traffic flow indicates that Com-
bination 1 (overtaking-overtaking) participated with only 2
percent of vehicles. The other extreme is that Combination
4 (file-file) participated in traffic flow from 62 to 69 percent
of all vehicles.

The overtaking-overtaking combination of traffic flow con-
dition has not been processed as a single category, since with
only seven combinations (se¢ Table 2) it does not constitute
a sufficiently large sample to permit statistical analysis. Com-
binations 2 and 3 (file-overtaking and overtaking-file) were
dealt with as a single category for both directions together,
because the highway meets the requirements for ideal con-
ditions, and in this case the direction from which a vehicle
overtakes loses its importance. The result arrived at was a
capacity of 2,700 vph, total in both directions. Combination
4 (file-file) produces a highway capacity of 2,700 vph, total
in both directions. All four combinations of traffic flow con-
ditions make up the parts of the same traffic flow and as such
are mutually exclusive. For this reason all combinations were

also processed together as a single category, the result being
a capacity of 2,700 vph, total in both directions, as shown in
Figure 3. From a statistical point of view the most important
combination in this research is the file-file combination of
traffic flow condition, which is proved by the coinciding results
obtained from processing of the file-file combination and all
combinations of traffic flow conditions together.

Division of Traffic Flow from the Aspects of Car-

- Following

Platoons with mixed vehicles and platoons with passenger cars
only have been analyzed simply by direction since they appear
only after traffic flows on two-lane, two-way highways become
separated into two opposite single-way flows (two vehicle
files). In addition, despite the high flow rates, no platoons of
significant duration appeared in both directions simultane-
ously to make possible a simultaneous comparison in both
directions together. From 519 platoons in Direction 1, 299 (or
58 percent) began as platoons with passenger cars, whereas
in Direction 2, 114 (or 32 percent) of 353 were platoons with
passenger cars.

The results of analysis of platoons with mixed vehicles showed
a capacity of 2,150 vphpl in Direction 1 and 2,000 vphpl in
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Direction 2. Platoons with passenger cars only produced a
capacity of 2,100 pcphpl in Direction 1 and 2,050 pcphpl in
Direction 2, as shown in Figures 6 and 7.

ANALYSIS OF RESULTS

The results lead to the conclusion that the capacity of a two-
lane rural highway with a realistic composition of traffic flow
in roadway conditions approaching the ideal can be expected
to be about 2,700 vph, total in both directions. Results
correspond to more recent measurements obtained in Finland
33).

Since it became apparent duting the course of defining the
vehicle file that there may be gaps that can be filled with other
vehicles, it is realistic to expect that such classifications can
yield values exceeding 3,000 vph, total in both directions.
Those gaps are filled if all vehicles in the vehicle file link up
in a dynamic way (i.e., if, in the ultimate case, the entire
vehicle file becomes a long platoon). In that way the traffic
flows on a two-lane, two-way highway convert into two pla-
toons moving in opposite directions, when the capacity of a
single traffic lane is defined, and the capacity of the highway
as a whole is the sum of the capacities of two traffic lanes. In
this particular research such an ideal capacity can be assessed
at 4,000 pcph, total in both directions. This means that the
capacity of 2,800 pcph may be considered as conservative. It
confirmed Yagar’s concept that flows approaching 4,000 pcph
are possible (34).

Numerous studies have been made in platoon research in
various conditions. Some of them analyze platoons in one
cross section. The space-time charts developed in this research
proved that in platoon analysis at least two cross sections
should be established. This means that a headway of less than
5 sec, as a criterion for definition of a platoon and percent
time delay, cannot be used as surrogate measure in field stud-
ies. Two cross sections analyses also make it possible to define
a free-moving vehicle and thus to be able to calculate free-
flow speed in actual conditions.

CONCLUSION

The depiction of vehicle trajectories in space-time charts as
well as numerical and graphical presentation of three different
divisions of the same traffic flow enable us to undertake de-
tailed analysis of traffic flow within various traffic, roadway,
and environmental conditions. The methodology of highway
capacity assessment presented is indifferent to the traffic vol-
ume. It requires a large number of people and is therefore
costly. With the electronic equipment available today (e.g.,
video cameras), following the philosophy of this methodology
makes its realization more accurate, easier, and much less
expensive.

Divisions of traffic flows on a time basis do not yield real
values of maximum flow rates (i.¢., the capacities of two-lane,
two-way highways), and therefore these divisions must be
rejected. The sample in question was sufficiently large, which
means that neither further measuring nor extension of the
sample would produce significantly different curves.
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Classification of traffic flows by combinations of traffic flow
condition offers a basis for calculation of capacity and levels
of service since all combinations together cover the entire
area of the curve designating the noncongested flow.

Classification of traffic flows from the aspect of car-following
gives the capacity of a traffic lane and the ideal capacity of two-
lane, two-way highways. Ideal capacity occurs during the ap-
pearance of platoons with passenger cars only, in both directions
at the same time. This being an event that rarely occurs in
practice over a longer period of time, an assessment must be
accepted.

Different forms of parabola with different vertices of the
parabola show that the basic diagram of the traffic flow does
not only depict characteristics of placc and timc of research
and driver population, but also the method of measurement
and division of the traffic flow.

Computer programs developed step by step in accordance
with work progression become uneconomical. Production of
a program package for computer processing with a possibility
for the iterant method of analysis—which is a task for the
future—will make it possible to establish with certainty the
real values of all parameters and criteria influencing the values
of fundamental variables and, in parallel with that, the high-
way capacity. Consequently, the values obtained through ap-
plication of the Greenshields model have to be taken as an
assessment and not as being absolutely correct.
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Study of Headway and Lost Time at
Single-Point Urban Interchanges

JaMES A. BONNESON

The results of a recent study of the headway and lost time at
three single-point urban interchanges (SPUIs) arc summarized.
The data base, containing more than 38,000 headway observa-
tions, was collected primarily in the Tampa, Florida, area. The
data were used to calculate the minimum discharge headway and
start-up lost time for the SPUT’s three basic movements: cross
road left-turn, off-ramp left-turn, and cross road through. It was
found that traditional procedures for estimating the minimum
discharge headway may be biased toward values higher than ul-
timately achieved by the traffic queue. Moreover, the degree of
bias varied widely among the movements and sites studied be-
cause of unequal numbers of observations. As a result, initial
attempts at a cause-and-effect analysis were clouded by a high
degree of variability in the data. In recognition of the aforemen-
tioned bias, alternative statistical analysis techniques and regres-
sion models were used to identify significant effects and to cali-
brate predictive models of minimum discharge headway and start-
up lost time. The results indicate that the minimum discharge
headway of the SPUL's two left-turn movements are significantiy
lower than its through movements and lower than values tradi-
tionally used for protected left-turn movements under “‘ideal”
conditions. In fact, the calibrated models predict minimum dis-
charge headways that are generally lower, and start-up lost times
that are higher, than those calculated by traditional procedures.
Left-turn headway was also found to vary with turn radius.

Within the past two decades a new type of interchange, the
single-point urban interchange (SPUI), has emerged in re-
sponse to increasing urban traffic demands. In some ways this
new interchange (shown in Figure 1) is similar to a diamond
interchange, and in other ways it is similar to a high-type at-
grade signalized intersection. The most distinctive feature of
this interchange is the convergence of all through and left-
turn movements into a single, signalized conflict area. The
advantage of this feature is that all movements can be served
by a single signal with, at most, one stop required to clear
the intersection. In contrast, a diamond interchange requires
two separate signalized junctions (one for each on/off ramp),
which presents the possibility of being stopped twice while
traveling through the interchange.

Messer et al. (I) indicate that the SPUI design was first
considered in the United States in the mid-1960s and that the
first SPUIs were constructed in the early 1970s. Messer et al.
(1) also cite evidence that several European countries also
constructed SPUTIs in the early 1970s. To date, there are only
about 40 operational SPUIs in the United States.

This paper summarizes a portion of the results of a larger
study of the operational efficiency of the SPUI (2). In par-
ticular, this paper describes the statistical analysis of headway

Civil Engineering Department, University of Nebraska-Lincoln, Lin-
coln, Nebr. 68588-0531.

and lost time data collected at three SPUIs. The analysis
identifies and quantifies factors affccting the discharge head-
way and lost time of SPUI traffic queues; it also compares
the SPUI data with similar data collected at two at-grade
intersections (AGIs).

BACKGROUND—CHARACTERISTICS OF
SIGNALIZED JUNCTIONS

Discharge Headway

Soon after the start of the signal phase, a traffic queue begins
to discharge past the stop line. The time headways between
vehicles are initially large but eventually they converge to a
minimum discharge headway (H). The basic trend of con-
vergence to a relatively constant, minimum headway is rec-
ognized in the 1985 Highway Capacity Manual (HCM) (3,
Chapter 2). Calculation of the minimum discharge headway
is typically accomplished by averaging the headways of those
queue positions that are relatively constant. In this regard,
the 1985 HCM suggests that a constant headway is reached
by the fifth queue position. Thus, the minimum discharge
headway is calculated by averaging headways for the fifth and
subsequent queue positions.

Another commonly used term to describe the service time
of a traffic queue is saturation flow rate. Saturation flow rate
is calculated as 3,600/H and has units of vehicles per hour
green per lane (vphgpl). Under ideal operating conditions
(i.e., 12-ft lanes, all through vehicles, all passenger cars, level
grade, no parking, and no pedestrian activity), the 1985 HCM
(3, Chapter 9) recommends the use of 1,800 vphgpl for the
saturation flow rate of a traffic lane at a signalized intersec-
tion, unless local field measurements prove otherwise. This
value corresponds to a minimum discharge headway of 2.0
sec/veh.

In recognition of the difference between through and turn-
ing driver behavior, the 1985 HCM (3, Chapter 9) recom-
mends a saturation flow rate for turn movements that is lower
than that used for through movements. In particular, the 1985
HCM recommends that the saturation flow rates of right- and
left-turn movements in exclusive lanes with protected phases
be 85 and 95 percent, respectively, of the saturation flow rate
for through movements. Similarly, the 1985 HCM recom-
mends that dual-lane right- and left-turn movements be 75
and 92 percent, respectively, of the through saturation flow
rate.

A recent study of the effect of radius on the saturation flow
rate of turning vehicles was conducted by Kimber et al. (4).
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On the basis of their research, Kimber et al. recommended
the following relationship between radius and saturation flow
rate for a left-turn movement:

2,080

e M
1 —
R

where S, is saturation flow rate of a turn movement (vphgpl)
and R is radius of curvature (feet).

Start-Up Lost Time

The first few vehicles in a traffic queue have headways in
excess of the minimum discharge headway as their drivers
accelerate to a desired speed. This excess time is commonly
referred to as lost time because it represents time that is
inefficiently used by the discharging traffic queue. Start-up
lost time can be calculated by adding the individual lost time
for these first few starting vehicles. The equation for start-up
lost time is

@

FIGURE 1 Typical geometric configuration of the SPUI.

|

where
K, = start-up lost time (sec/phase),
h, = headway of the nth queued vehicle (sec),
H = minimum discharge headway (sec/veh), and

N = number of queue positions having headways larger
than H.

Equation 2 indicates that the magnitude of start-up lost time
is directly dependent on the value used for minimum discharge
headway (H).

As discussed previously, the 1985 HCM (3, Chapter 9)
recommends that the minimum discharge headway be cal-
culated as the average of the headways for the fifth through
last queued vehicles. This approach implies that the first four
vehicles incur all of the start-up lost time (i.e., N = 4). The
1985 HCM (3, Chapter 2) indicates that start-up lost time is
generally about 2.0 sec/phase.

EXPERIMENTAL DESIGN

Headway and lost time for the three basic movement types
found at the SPUI were examined. The basic movement types
included the cross road left-turn movement, cross road through
movement, and off-ramp left-turn movement.
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(3, Chapter 9). However, the results are not totally satisfying
because there are no obvious trends where trends are expected
and, in one case, the trend found is contrary to recommended
practice.

Potential Bias in Headway and Lost Time Estimation

A closer examination of the data was undertaken to explore
the causes of the wide variability in the tabulated results. This
examination focused on the possibility that the method used
to calculate minimum discharge headway had some inherent
biases, In particular, headways averaged for each queue po-
sition indicated a trend toward decreasing values through the
first 8 to 10 queue positions at most locations. This trend
suggests that a minimum headway may not be achieved by
the fifth queue position, as implied by the 1985 HCM pro-
cedure. Obviously, if the queue has not reached a minimum
value by the fifth queue position, the minimum headway cal-
culated using the HCM procedure would be biased toward a
larger value than that ultimately achieved by the traffic queue.

This bias is further magnified when frequency of occurrence
is considered. In this regard, the number of observed head-
ways generally decreases with increasing queue position. As
a result, the minimum headway calculated using the HCM
procedure would be weighted toward the values observed in
the lower queue positions. In effect, if headways for the lower
queue positions are consistently larger than those of higher
positions and if they are also observed with the greatest fre-
quency, then the bias in the estimated average minimum head-
way will be even greater due to the unequal frequency of
observations.

This bias will also affect the estimation of start-up lost time
for two reasons. First, the minimum headway is needed to
calculate start-up lost time (see Equation 2). A minimum
headway biased toward a larger value will result in an esti-
mated start-up lost time that is smaller than actually incurred.
Second, the number of queue positions included in the sum
(N in Equation 2) would need to include all of the positions
that are incurring some added lost time because of start-up
effects. If too few queue positions are included, the estimated
start-up lost time would be biased toward a smaller value than
actually incurred.

The magnitude of the potential bias resulting from the use
of the 1985 HCM procedure is given in Table 3. The data in
Column 1 represent an estimate of the minimum discharge
headway with most of the bias by queue position (as magnified
by unequal frequency) removed. This was accomplished by
first averaging the headways for queue positions 13 and higher
for the through movements. Positions 10 and higher were used
for the left-turn movements because they tended to reach a
minimum headway sooner than the through movements. These
averages-by-queue-position were then averaged to yield the
values given in Column 1. To add stability to the estimates,
only queue positions having 20 or more observations were
considered, Because of these restrictions, only 4 of the 5
through lanes and 6 of the 17 left-turn lanes had enough
observations to calculate a minimum discharge headway by
this procedure.

A comparison of Columns 1 and 2 in Table 3 (shown in
Column 3) indicates that the 1985 HCM procedure always
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overestimates the minimum discharge headway. Moreover,
the overestimation appears to be greater for the left-turn (0.13)
than the through (0.06) movements. The error over all move-
ments and sites ranges from 0.02 to 0.20 sec/veh.

In some cases, this bias may not be large enough to com-
promise the results of a capacity analysis; however, it does
tend to cloud any statistical analysis of cause and effect by
introducing added variability in the data set. As a result, the
true effect of a treatment or factor (e.g., lane width, percent
trucks, etc.) may be obscured by data from sites having dif-
ferent amounts of bias by queue position and a different fre-
quency of observations at each position.

Factors Affecting Discharge Headway

Several precautions were taken to eliminate effects that might
confound the analysis of discharge headway. To minimize
differences in driver acceleration for the first few queue po-
sitions, the ANOVA tests only considered headways for the
fifth and higher queued vehicles. In addition, the ANOVA
tests included queue position as a blocking factor to preclude
any bias that might be introduced by the different queue
lengths found at each site. By “blocking” on queue position,
all of the ANOVA comparisons are made on a queue-position-
by-queue-position basis, thereby eliminating any bias by queue
position. The data set used in the ANOVA analysis consisted
of the individual passenger car headways recorded at each
site for each movement studied, not the averages in Table 1.

One of the most interesting findings of the ANOVA tests
is the significantly smaller headways of the SPUI left-turn
movements compared with the SPUI through movements (p
= 0.001). This trend is contrary to the relationship suggested
by the 1985 HCM (3, Chapter 9). Possible reasons for the
lower left-turn headways at SPUIs are (a) a heightened aware-
ness of left-turn (relative to through) drivers, (b) the ability
of left-turning drivers to see preceding drivers in the queue
complete the turn and thus anticipate the correct turn path,
and (c) the provision of lane markings through the interchange
for the left-turn (but not the through) movements at SPUIs.
The trend toward smaller left-turn headways was also ob-
served by Poppe et al. (7) at two of the three SPUIs they
studied.

The ANOVA tests also indicated that the through move-
ment headways at the SPUIS are significantly larger than those
at the AGIs (p = 0.001). An explanation for the larger through
movement headways found at the SPUIs may be the extra
caution exercised by drivers when entering the rather lengthy
conflict area associated with the SPUIL Time of day was not
found to have a significant effect on discharge headway.

The effect of traffic pressure was examined by considering
both traffic volume per cycle per lane and queue length per
cycle. Both measures were found to be significant; however,
lane volume per cycle accounted for considerably more of the
total sum of squared deviations from the mean (SS, = 26.9,
p, = 0.001;SS, = 15.0,p, = 0.001). As a result, lane volume
per cycle was determined to be the strongest measure of traffic
pressure.

Increased traffic pressure was found to decrease headways
at all queue positions. This trend is shown in Figure 2 for
queue position five of the through movement at the Belcher
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TABLE 3 Comparison of Different Methods of Estimating Minimum Discharge

Headway
Turn  Traffic Minimum Discharge Headway, sec/veh
Move- Site Radius, Pressure,
ment R v Average Sthto Diff Equs. Diff.
(ft) (vpepl) by Posn. Last  (2)-(1) 4&6 (4)-(1)
1) 2 3) @ (5)
Thru SR 60 10.3* 206° 212 006 200 -0.06
SR 686 10.6 1.95 1.97 0.02 1.99 0.04
SR 694 9.7 2.00 213 0.13 2.00 0.00
Belcher 14.8 18 18 002 173 -009
Average: 1.96 2.02 0.06 193  -0.03
Standard Deviation: 0.10 0.14 0.07°  0.13 0.06°
Left SR 60 180 83 1.69 1.82 0.13 1.79 0.10
180 84 1.76 1.87 0.11 1.79 0.03
SR 686 260 133 1.70 1.78 0.08 1.70 0.00
275 85 1.82 1.97 0.15 176  -0.06
SR 694 280 6.7 1.85 197 0.12 178  -0.07
230 9.1 L6618 020 176 010
Average: 1.75 1.88 0.13 1.76 0.01
Standard Deviation: 0.08 0.08 0.14° 0.03 0.07°
Notes:
a -  Average traffic pressure for study period.
b - Average minimum discharge headway calculated by first averaging the observed

headways for each queue position. Then, the average of these averages-by-queue-
position was calculated and is shown above. For through movements, this procedure
considered average headways for queue positions 13 and higher (H,, H,,, Hq, etc.).
For left-turn movements, queue positions 10 and higher were considered because of
a tendency to reach a minimum value at lower queue positions, Only those queue
positions having 20 or more observations were considered. The number of queue
positions included in the averages shown ranges from 3 to 14,

¢-  Minimum discharge headway based on the 1985 HCM procedure (i.e., the average
of all observed headways for the fifth through last queue positions).

d - Minimum discharge headway predicted by Equations 4 and 6.

e- Standard error, calculated as: s = (Xdiff*) /n.

AGI. The data points in this figure represent the average of
15 observations each; however, the equation shown was de-
termined from a regression analysis of the individual obser-
vations. As indicated by the r-statistic, the trend was highly
o significant (p = 0.004). This finding is consistent with that of
Stokes et al. (8) and Lee and Chen (9).

Other factors considered in the ANOVA tests include lane

26 Discharge Headway,h (sec)

24

h = 2.41 - 0.020+v (t = 2.95)

4 width and dual-versus-single-lane left-turn operation. Lane

2.2fF widths ranged from 10 to 18 ft with a median of 12 ft. The
wider lane widths were found on the single-lane off-ramp left-

20f turn bays. On the basis of this analysis, it was found that
neither lane width nor number of left-turn lanes has a signif-

iy icant effect on headway at the five study sites (p, = 0.110

and p, = 0.303, respectively).
5th Queue Position

1.6 L '} 1 1 L
o 5 10 16 20 25 30
Traftic Pressure,v (vpcpl) Headway Model Development
FIGURE 2 Discharge headway as a function of traffic As shown elsewhere (2), a linear speed-based acceleration

pressure. model can be used to describe the dynamics of a starting traffic
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queue. This model was extended to the discharge headway
process, which led to the development of a discharge headway
model that is sensitive to driver perception-reaction time,
queue position, and vehicle speed.

Calibration of the discharge headway model was based on
a least-squares regression of discharge headways averaged by
site and queue position. Because the number of headways
recorded varied widely among these factors, the headway data
were averaged to remove the bias that an unequal sample size
would have on model parameters. As a result, the statistics
used to assess model fit to the data (i.e., standard deviation
and R?) do not reflect the total variability in individual driver
headways. Rather, these statistics indicate the ability of the
model to predict Lhe average discharge headway by queue
position.

The calibrated discharge headway model is

’

Vmax

h,=v*N, + T' +
by <V,,,, ;Vd " - |> + b*v + bs*AGI 3)

The model parameters are as follows:

i

T = regressed additional response time of the first
queued driver (sec),
T' = regressed driver starting response time (sec),
d' = regressed distance between vehicles in a stopped
queue (ft),
Vawm = stop line speed of the nth queued vehicle (fps),
V...x = common desired speed of queued traffic (fps),
and
A,,. = maximum acceleration (fpss).

The model variables are as follows:

h, = headway of the nth queued vehicle (sec);

n = queue position, n = 1,2,3,...;
v = traffic pressure (veh/cycle/lane);
N, = indicator variable (1 for first queue position; 0 for

all others); and
AGI = indicator variable (1 for AGI, 0 for SPUI).

Regression results for through movements are as follows:
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Regression results for left-turn movements are as follows:

Parameter
Parameter Value t-statistic
7'(bo) 0.76 14.5
T'(b)) 1.58 20.5
d'(b,) 9.82 4.8
b, 0.538 17.9
b, —-0.0121 5.2
bs 0.00

Minimum Maximum
Variable Value Value
n 1 24
v 0.0 18.3
h 1.3 4,0
Observations: 215
Std. Deviation:  0.14
R% 0.94

Parameter
Parameter Value (-statistic
7'(by) 1.03 17.7
T'(by) 1.57 4.6
d'(by) 25.25 1.7
b, 0.357 8.2
b, —0.0086 1.6
bs -0.23 4.3
Minimum Maximum
Variable Value Value
n 1 18
v 0.0 16.8
h 1.6 3.8
Observations: 164
Std. Deviation:  0.16
R?: 0.88

In general, the parameter values for b, , b, , and b, are
consistent with the definitions of the theoretical model pa-
rameters to which they correspond (i.e., 7, T, and d, respec-
tively). Since these values do not, however, represent actual
physical measurements, a prime symbol (') has been added
to each model parameter to denote that its value was estab-
lished using regression analysis and that the relationship
between this value and the theoretical definition may be dis-
torted.

The statistical analysis revealed that traffic pressure, as
measured by lane volume per cycle, was significant in reducing
discharge headway. In using this component of the headway
model, a one-to-one relationship between the duration of the
volume average and the predicted average headway must be
maintained. In other words, a lane volume representing a 1-
hr average should be used in the regression model to predict
discharge headways during the same 1-hr period.

In general, the significance of the calibrated parameter val-
ues combined with the theoretical basis of the discharge head-
way model suggests that the model adequately describes the
headway process of queued vehicles. This ability is shown in
Figure 3, which compares the calibrated model with the data
for two SPUI left-turn movements.

Discharge Headway (sec)

4.0
+ uUS 19 & SR 686
a5l ¢ US 19 & SR 694
3.0
25
20k SR 6894
' 4 + +
T + i
1 5 1 1 1 1 I
0 2 4 6 8 10 12

Queue Position

FIGURE 3 Discharge headway as a function of queue position.
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Figure 3 indicates that the predicted diséharge headway
does reach a relatively constant, minimum value after the
eighth or ninth queue position for these particular move-
ments. This trend suggests that the procedure recommended
by the 1985 HCM for estimating the minimum discharge head-
way, if applied to these movements, would include queue
positions that have not reached a minimum headway. As a
result, the HCM procedure would result in estimates that are
biased toward values larger than the minimum headways ul-
timately achieved.

Minimum Discharge Headway Model

As discussed previously, the minimum discharge headway is
the constant headway reached by the traffic queue. Exami-
nation of Equation 3 indicates that a constant headway is not
reached until the traffic queue reaches its common desired
speed (V. ), at which point the difference in stop line speeds
(fourth term) equals zero. Furthermore, a study of the stop
line speeds of the through movements indicated that V,,, was
relatively constant at 49.0 fps (2). As a result, Equation 3 can
be simplified into the following model of minimum discharge
headway for through movements:

H,, = 2.09 - 0.0086 * v,, — 0.23 *+ AGI 4

where

Hy, = minimum discharge headway for through move-
ments (sec/veh),
Vo, = traffic pressure (veh/cycle/lane), and
AGI = 1if the movement is at an AGI and 0 if it is at a
SPUI.

Equation 4 implies that an AGI with a nominal through
volume of 5.0 veh/cycle/lane should have an ideal minimum
discharge headway of 1.81 sec/veh. This value suggests that
the ideal minimum headway at these sites may be smaller than
the 2.0 sec/veh recommended by the 1985 HCM (3, Chapter
9). Equation 4 also implies that the SPUI through movement
headway is 0.23 sec/veh longer than that of the AGIL. This
trend is consistent with the findings from the ANOVA analysis
discussed previously.

The relationship between turn radius and V,,,, for the left-
turn movements studied indicated a statistically significant
trend toward higher speeds on larger-radius turns (2). This
relationship was quantified as

Vinax = 8.85 « RO R2 = (.81 (5)

where R is the radius of curvature (ft).

Combining this relationship with Equation 3 and simpli-
fying results in the following minimum discharge headway
model for left-turn movements:

1.11
H, =158 + Ro2% 0.0121 * v, (6)
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26 Minimum Discharge Headway (sec/veh)

—— Headway Model
24} — Kimber (1986)

Kimber
22}

201

/ Lett-Turn Volume = & vpepl
1.8

Left-Turn Volume * 10 vpcpl /

1.6 1 i i 1 1
0 80 100 150 200 250 300

Radius of Curvature (feet)

FIGURE 4 Minimum discharge headway of a left-turn
movement as a function of curve radius.

where

H,, = minimum discharge headway for a left-turn move-
ment (sec/veh),
v, = traffic pressure (veh/cycle/lane), and
R = radius of curvature (ft).

The relationship between radius and the minimum dis-
charge headway for left-turn movements predicted by Equa-
tion 6 is shown in Figure 4. Figure 4 also shows the relationship
between radius and headway predicted by Equation 1 (with
proper conversion from saturation flow rate). For purposes
of comparison, the headway model from this research is shown
with a traffic pressure of 5 and 10 vehicles per cycle per lane.
In general, the agreement appears to be good for the range
of radii studied (i.e., 60 to 280 ft).

The ability of Equations 4 and 6 to predict the minimum
discharge headway is shown in Table 3. A comparison of the
predicted values in Column 4 with the average values in Col-
umn 1 indicates that the model is a better predictor than the
1985 HCM procedure. This ability is quantified in terms of
the average difference and the standard error given in Column
5. These statistics indicate that the model predicts minimum
headways closer to those in Column 1 (model: — 0.03 throughs
and 0.01 lefts versus HCM: 0.06 throughs and 0.13 lefts) and
with less standard error (model: 0.06 throughs and 0.07 lefts
versus HCM: 0.07 throughs and 0.14 lefts). Moreover, the
model does not appear to have any bias toward overestima-
tion, as does the 1985 HCM procedure.

Start-Up Lost Time Model

The theoretical start-up lost time can be calculated from the
calibrated discharge headway model (Equation 3) and Equa-
tion 2 as

Vv
Koy = 1.03 + 0.357 » —2ex -

max
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Vlﬂllk
K.y = 0.76 + 0.538 = B 8)
where

K, = start-up lost time for a through movement (sec/
phase),

K,y = start-up lost time for a left-turn movement (sec/
phase), and

A,.. = maximum acceleration (equal to 6.63 fpss).

Driver acceleration data were also collected to validate the
linear, speed-based acceleration model. Analysis of these data
indicated that the acceleration profile of both the through and
left-turn movements supported the use of a single value of
Amax (2). This suggests that drivers initially accelerate in a
similar manner, regardless of whether they are turning or
traveling straight. This value of A, was 6.63 fpss.

Equation 7 suggests that the start-up lost time for a through
movement with V. of 49 fps and A_,,, of 6.63 fpss is about
3.67 sec. This value is larger than the 2.0 sec suggested by
the 1985 HCM (by about 80 percent) because it includes the
lost time incurred by queue positions five and higher.

Combining Equation 5 with Equation 8 yields the following
equation for estimating the start-up lost time for left-turn
movements:

Ks(lt) = 0.76 + 0.718 * R"?% (9)

where K., is start-up lost time for a left-turn movement (sec/
phase) and R is the radius of curvature (ft). These start-up
lost time relationships are not based directly on the data in
Table 2. They were developed using the minimum discharge
headway relationship in Equation 3. As a result, they should
be used in conjunction with Equations 4 and 6.

CONCLUSIONS AND RECOMMENDATIONS

This research found that traditional methods for estimating
the average minimum discharge headway and start-up lost
time may be biased toward values higher than ultimately
achieved by the traffic queue. Moreover, the degree of bias
varied widely among the movements and sites studied. As a
result, initial attempts at a cause-and-effect analysis were
clouded by a high degree of variability in the data.

In recognition of the aforementioned bias, alternative sta-
tistical analysis techniques and regression models were used
to identify significant effects and to calibrate predictive models
of minimum discharge headway and start-up lost time. On
the basis of this research, it is recommended that statistical
analyses of cause and effect in headway data use ANOVA
techniques that account for unbalanced data (e.g., SAS Sys-
tem’s general linear model) (6). It is also recommended that
the ANOVA include queue position as a blocking factor.

Examination of the headway model components indicates
that the minimum discharge headway may not always be reached
by the fifth queue position. This suggests that traditional pro-
cedures for calculating the minimum discharge headway may
not yield the value ultimately achieved by the traffic queue.
It is recommended that minimum discharge headway be cal-
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culated by first averaging headway observations by queue
position and then averaging these averages-by-queue-position.
Only those queue positions that appear to have stabilized at
a constant value should be included in the overall average.
Alternatively, the regression modeling approach described in
this paper could be used.

The headway model calibration suggests that through
movement headways at SPUIs are larger than those at AGIs
(0.23 sec/veh larger for the SPUIs and AGIs studied). The
SPUI through movements were also found to have minimum
headways larger than those of the left-turn movements. The
latter trend is supported by the results of another study (7);
however, further studies are needed to fully verify these find-
ings because they are so contrary to conventional trends found
at AGIs.

Left-turn movement headways were found to vary with turn
path radii. The larger radii of the SPUI left-turn paths resulted
in minimum headways that are about 0.12 sec shorter (based
on Figure 4) than those for the AGI left-turn paths. A com-
parison of this trend in left-turn headway with the results of
other research (4) suggests that Equations 6 and 9 can be
extended to other SPUIs and AGIs.

Traffic pressure, as measured by traffic volume per cycle,
had a statistically significant effect on discharge headway. An
increase in traffic pressure resulted in a decrease in discharge
headway. This trend has been noted in other studies (8,9);
however, all of these studies (including this study) are based
on a small number of sites. In recognition of the potential
significance and magnitude of this effect, it is recommended
that traffic pressure be more fully examined in any future
studies of discharge headway.
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Potential Accuracy of a Planning
Application for the HCM Signalized
Intersection Operational Procedure

MARK R. VIRKLER AND CHIHNG-CHIR CHEN

The Highway Capacity Manual signalized intersection planning
procedure uses limited data to identify overcapacity situations.
However, the planning procedure lacks an indication for level of
service. The signalized intersection operational procedure re-
quires a large amount of data but identifies flow to capacity (v/c)
ratios, delay, and level of service. A planning application of the
operational procedure, using the same inputs as the present plan-
ning procedure, has been suggested. The application would re-
quire a large number of default values for inputs along with a
method to develop a surrogate signal timing plan. The potential
accuracy of such a planning application of the operational pro-
cedure was examined through applications to morning and eve-
ning peak-period data from 40 intersections in Missouri. The
default values for adjustment factors performed well. Whereas
the default values generally led to an underestimation of capacity,
there was still a strong relationship for the v/c and level of service
results derived from the default versus the actual adjustment
factors. The surrogate signal timing algorithm performed ade-
quately. There was a reasonably consistent relationship for the
results generated by the surrogate signal timings compared with
the results from the actual signal timings. A planning application
of the operational procedure would be a valuable asset for plan-
ning and design analyses of intersections similar to those studied
here. The application should encourage agencies to calibrate typ-
ical values for such variables as saturation flow rate, peak-hour
factor, percent trucks, and pedestrian volumes. For consistency,
the application should use a signal timing algorithm that at least
approximates the best level of service to be expected from the
intersection. The application’s estimates of v/c, delay, and level
of service would be valuable additions to the planning and design
processes.

The Highway Capacity Manual (HCM) planning procedure
for signalized intersections (/) has been criticized for lacking
an indication for level of service. It has been suggested that
the HCM operational procedure, which does predict level of
service, could be modified to be used with only planning-level
information. The purpose of this study was to examine how
accurately a planning application of the operational procedure
could predict the outcome of a more data-intensive opera-
tional analysis for a variety of signalized intersections.

BACKGROUND

The HCM uses three levels of analysis for traffic facilities:
planning, design, and operational. Planning procedures use

Department of Civil Engineering, University of Missouri-Columbia,
Columbia, Mo. 65211.

limited information at the earliest stages of planning to pro-
vide rough estimates of the number of lanes required. Design
procedures more accurately estimate the needed number of
lanes through the use of detailed data on expected traffic
volumes and characteristics. Operational procedures are the
most detailed and flexible of the analysis approaches. Known
or projected traffic demands and characteristics are compared
with known or projected highway characteristics to estimate
the expected level of service.

The HCM contains a planning procedure and an opera-
tional procedure for the analysis of signalized intersections.
The two procedures approach the analysis of signalized in-
tersections in vastly different ways.

Operational Procedure for Signalized Intersections

Operational analysis requires detailed data on roughly 20 types
of information relating to prevailing traffic, roadway, and
signalization conditions. The procedure considers service flow
rates on intersection approaches, the signalization plan, qual-
ity of signal progression, geometric design, and the resulting
delay. Level of service is determined by the average delay. -

As shown in Figure 1, the operational methodology can be
applied to solve for a variety of variables.

1. Level of service can be determined from the details of
traffic demand, geometrics, and signalization (Figure 1a).

2. Allowable service flow rates (allowable demand) can be
determined from geometric and signalization conditions (also
through the sequence in Figure 1a).

3. A reasonable signal timing (for an assumed phase plan)
can be determined from information on flows and geometrics
(Figure 1b).

4. The number and directional designations of lanes can be
determined for a desired level of service and the details
of flows and signalization. This is the design application
(Figure 1c).

The operational procedure was developed to solve directly
for level of service (the first application). This use also yields
flow to capacity (v/c) ratios for each lane group, the delay for
each lane group, the critical v/c for the intersection, and the
average delay for the intersection. The other applications can
require more than one pass through the procedure.
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FIGURE 1 Alternative computation using operational analysis (I): (a), determining v/c ratios and
service flow rates; (), determining signal timing; and (c), determining number of lanes.
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Planning Procedure for Signalized Intersections

The signalized intersection planning procedure is generally
used when the detailed information required to estimate delay
is not available. The planning procedure uses only the hourly
traffic volumes and the number and directional designation
of lanes. The method provides a determination that the in-
tersection will be under, near, or over capacity. Since delay
is not estimated, no level of service determination is made.
Calculations are simple and are typically performed manually.

Highway Capacity Software

The operational procedure is generally performed on a mi-
crocomputer. The Highway Capacity Software (HCS) was
developed for FHWA (2) and, as with a variety of similar
software packages, can provide for data inputs and outputs
within a matter of minutes if the analyst has the traffic, geo-

TABLE 1 Input Data for Operational Analysis
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metric, and signal timing data in hand. The HCS outputs v/c,
delay, and level of service through a procedure similar to
Figure la. Many of the HCS data inputs have default values
that can be used if the actual values are unavailable. Some
of the default values are recommended by the HCM. Some
default values differ from or are in addition to the HCM
recommendations. Default values are not available for traffic
volumes, lane directional designation, and traffic signal
timing plans.

It has been suggested that, since default values are available
for most of the inputs, the addition of an algorithm to generate
a reasonable signal timing plan would allow an HCS-type
package to serve as a planning application of the operational
procedure. The analyst would input only the traffic volumes,
the number of lanes, and the directional designation of lanes.
The software could then provide the expected level of service,
critical v/c ratio, and associated measures. In other words,
the same limited input data could be used to provide infor-
mation that is more useful.

Type of sStudy Default
Condition Parameter Value
Geometric Area type non-CBD *
Number of lanes
Lane width 12 ft. *
Approach grades 0% *
Existence of exclusive LT or
RT lanes | ====-
Parking allowed (yes or no) no
Traffic Volumes by movement
Peak hour factor 0.9
Percent heavy vehicles 2%
conflicting pedestrian
flow rate 50 peds./hr. (low)
Number of local buses
stopping 0 buses/hr.
Number of parking maneuvers 0 man./hr.
Quality of progression Type 3
Signal cycle length (40 to 120
sec.) —
Green times for each phase .
Actuated vs. Pretimed
Pedestrian push button no #*
Minimum pedestrian green (not used)
Phase plan

#» Indicates a default value used in this study which differs from

the HCM default value or for which there is no HCM recommended

default value.
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Traffic data from signalized intersections in one large city and
three smaller cities were provided by the Missouri Highway
and Transportation Department (MHTD). The large-city data,
for suburban St. Louis (population 450,000; 19 intersections)
were from widely dispersed locations. The three smaller cities,
all in central Missouri, were Columbia (population 68,000,
nine intersections), Jefferson City (population 35,000, six
intersections), and Sedalia (population 20,000, six
intersections).

MHTD provided a recent turning movement count (actual
15-min turning movements as opposed to approach or demand
volumes), a phasing timing sheet, and an intersection sketch
for each location. The geometric and signal timing informa-
tion were generally complete. Bus stops and on-street parking
were generally not present.

The intent of the analysis was to determine how well the
default data input values and a default signal timing algorithm
could serve in a planning application of the operational pro-
cedure. Operational analysis calculations for vic, delay, and
level of service were performed to compare the use of default
adjustment factors with the actual adjustment factors and the
use of the signal timing algorithm with the actual timing.

Default Values Used in Planning Application of
Operational Analysis

The default values used include some suggested by the HCM
and some deemed appropriate after review of the intersections
under study. The default values for geometric and traffic data
are given in Table 1.

Signal Timing Rules

The default timings were based solely on peak-hour volumes
and the number and designation of lanes. The HCM planning
procedure was used to generate volume per lane. The rules
used for the traffic signal timing are as follows:

1. If the left-turn volume on either direction of a street
exceeded 100 vph, then left turns were protected. The ring
concept (3) was then used for phasing.

2. The assumed saturation flow rate, including a consid-
eration for a typical peak-hour factor, was 1,600 vphgpl.

3. Cycle length was found by setting the critical v/c ratio
equal to 0.9, subject to the constraint that the cycle length
must be between 40 and 120 sec. Green time was allocated
in proportion to the volumes on the critical movements.

4. Streets with a single lane approach received a single phase.

5. Lost time equaled 3 sec per phase.

DATA

Tables 2 through 7 summarize the results of the operational
analysis applications for each intersection. The results include
the critical v/c for the intersection and the indicated level of
service. The HCM delay equation is not recommended for a
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v/c ratio more than 1.2. If any lane group had a v/c ratio
greater than 1.2, no intersection delay measure was calculated
by the HCS.

All pretimed signals were analyzed in four ways:

L. Existing geometric and traffic conditions and existing
signal timing (actual adjustment factors/actual timing or
AAF/AT)—all adjustments for volume and saturation flow
rate represent the appropriate HCM factors for the geometric
and traffic demand conditions present. The existing signal
timing plan was also used in the analysis.

2. Default geometric and traffic conditions and existing
signal timing (default adjustment factors/actual timing of
DAF/AT)—all adjustment factors were derived from Table
1.

3. Existing geometric and traffic conditions and signal tim-
ing from timing algorithm (actual adjustment factors/default
timing or AAF/DT)—HCM adjustment factors were used for
adjusting for geometrics and traffic demand characteristics.
The algorithm described in the previous section was used to
generate the signal timing plan.

4. Default geometric and traffic conditions and signal tim-
ing from timing algorithm (default adjustment factors/default
timing or DAF/DT).

The average signal timings of the actuated signals were esti-
mated by a method modeled after that recommended by
Chapter 9, Appendix I of the HCM. The actual and default
signal timings therefore did not differ for the actuated signals.
The only actuated signal comparison is between actual geo-
metric and traffic demand characteristics and default geo-
metric and traffic demand characteristics (Tables 6 and 7).

ANALYSIS

Tables 8 through 11 compare the level of service derived for
the actual geometric, traffic demand, and signal timing data
with level of service derived from the other three approaches.
Tables 8 and 11 indicate that the use of default geometric and
traffic variables generally led to an equal or poorer level of
service than that derived from the analysis of actual condi-
tions. On the other hand, use of the traffic signal algorithm
often led to a better level of service than that derived from
the actual timing (see Table 9). The results were mixed when
default adjustment factors and the default signal timings were
both applied (see Table 10). In general, the smaller city in-
tersections in mid-Missouri had indications of better perfor-
mance with the use of all defaults. Intersections in suburban
St. Louis had poorer levels of service with all defaults
than with the actual geometric, traffic, and signalization
conditions.

One unexpected result was the high number of instances
when the critical v/c for the intersection exceeded unity (see
Table 12). The traffic volumes used were actual throughput
volumes rather than approach or demand volumes. If the
operational procedure was completely correct, none of the
intersections should have v/c ratios greater than 1.0. The likely
reasons for this inconsistency include the following:

1. The actual saturation flow rates were higher than those
estimated in the procedure. The default value of 1,800 pas-



TABLE 2 Critical v/c and LOS for St. Louis A.M. (SLAM) Peak

PRETIMED SIGNALS
Critical v/c Intersection LOS
Intersection
AAF/AT DAF /AT AAF/DT DAF/DT AAF/AT | DAF/AT AAF/DT | DAF/DT
SLAMO1 0.422 0.431 0.517 0.548 B B B B
SLAMO4 1.225 1.439 1.179 1.295 * * * *
SLAMOS 11.198 1.458 0.803 0.844 * * * *
SLAMO6 0.819 1.017 0.856 1.089 [ * D *
SLAMO7 0.915 0.924 0.858 0.870 * * C *
SLAMOS 0.852 0.878 0.902 0.938 B B B *
SLAM10O 1.225 1.257 1.151 1.191 * * F *
SLAM11 1.126 1.202 1.207 1.091 o ! D s
SLAM12 1.182 1.399 1.149 1.375 * * * *
SLAM13 0.681 0.681 0.970 1.153 * * D *
SLAM14 1.165 1.148 1.192 1.183 * * * *
SLAM15 0.481 0.596 0.652 0.740 * * B o
SLAM16 0.726 0.832 0.927 1.052 * * [ E
SLAM17 0.505 0.590 0.596 0.696 D * B B
SLAM18 0.498 0.627 0.541 0.679 B B B B
SLAM19 0.940 0.943 0.967 0.971 ” * E E

AAF/AT: Actual adjustment factors/actual timing
DAF/AT: Default adjustment factors/actual timing
AAF/DT: Actual adjustment factors/default timing
DAF/DT: Default adjustment factors/default timing



TABLE 3 Critical v/c and LOS for St. Louis P.M. (SLPM) Peak

PRETIMED SIGNALS
Critical v/c¢ Intersection LOS
Intersection
# AAF/AT DAF/AT AAF/DT DAF/DT AAF/AT | DAF/AT AAF/DT | DAF/DT
SLPMO1 0.550 0.602 0.818 0.904 [ C C C
SLPMO4 - - - - - - - P
SLPMOS 1.309 1.588 0.954 1.104 * " * *
SLPMO6 0.784 1.031 1.010 1.298 o * D *
SLPMO7 0.694 0.759 0.802 0.869 [ o B *
SLPMO9 0.902 0.940 1.020 1.058 * * D *
SLPM10 1.688 1.812 1.444 1.450 * * * *
SLPM11 1.309 1.452 1.271 1.380 " * * "
SLPM12 1.007 0.998 0.976 1.050 * * * *
SLPM13 0.650 0.669 0.878 0.865 * * E *
SLPM14 - - - = - - - -
SLPM15 0.730 0.855 1.112 1.249 * * F *
SLPM16 0.800 0.927 0.785 1.110 " * D F
SLPM17 0.392 0.456 0.413 0.479 o * D »
SLPM18 0.473 0.583 0.501 0.614 B B B B
SLPM19 0.936 1.022 1.213 1.325 * " o *

AAF/AT: RActual adjustment factors/actual timing.
DAF/AT: Default adjustment factors/actual timing.
AAF/DT: Actual adjustment factors/default timing.
DAF/DT: Default adjustment factors/default timing.



TABLE 4 Critical v/c and LOS for Mid-Missouri A.M., (MMAM) Peak

PRETIMED SIGNALS
Critical v/c Intersection LOS
Intersection
AAF /AT DAF/AT AAF/DT DAF /DT AAF/AT | DAF/AT | AAF/DT | DAF/DT
MMAMO1 0.601 0.598 0.691 0.695 B B B B
MMAMO2 0.830 0.727 0.734 0.590 D D B B
MMAMO3 0.947 1.134 0.960 1.154 w * D »
MMAMO4 0.648 0.686 0.742 0.785 B B B B
MMAMO6 0.830 0.903 0.639 0.598 * * E *
MMAMO7 0.771 0.785 0.701 0.722 * * B B
MMAMO8 0.389 0.390 0.696 0.714 * * B B
MMAMO9 0.70S 0.688 0.716 0.698 D D B B
MMAM14 0.484 0.559 0.474 0.560 B B B B
MMBM16 0.491 0.524 0.645 0.687 C C B B
MMAM17 1.606 1.295 1.516 1.223 * * * *
MMAM18 0.473 0.453 0.641 0.630 B B B B
MMAM19 0.829 0.647 0.892 0.696 * C [+ B
MMAM20 0.698 0.670 0.842 0.874 B C C c
MMAM21 0.764 0.711 0.518 0.488 * * B B

AAF/AT: Actual adjustment factors/actual timing.

DAF/AT: Default adjustment factors/actual timing.
AAF/DT: Actual adjustment factors/default timing.
DAF/DT: Default adjustment factors/default timing.
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TABLE 5 Critical v/c and LOS for Mid-Missouri P.M. (MMPM) Peak

PRETIMED SIGNALS
Critical v/c Intersection LOS
Intersection
AAF/AT DAF/AT AAF/DT DAF/DT AAF/AT DAF/AT AAF/DT DAF/DT
MMPMO1 1.448 1.361 0.915 1.039 * * B D
MMPMO2 0.814 0.892 0.778 0.801 E E o D
MMPMO3 0.778 1.017 0.827 1.083 B D C *
MMPMO4 0.787 0.785 0.967 0.965 c [ o *
MMOMO6 0.871 0.881 0.879 0.838 o * E *
MMPMO7 0.539 0.598 0.725 0.796 * * B B
MMPMO8 0.438 0.539 0.785S 0.850 * * B B
MMPMO9 0.675 0.802 0.748 0.882 C * A B
MMPM14 0.601 0.723 0.710 0.831 c o B B
MMPM16 0.475 0.575 0.564 0.687 C C B B
MMPM17 1.630 1.553 1.594 1.518 * * X *
MMPM18 0.594 0.606 0.883 1.616 B B c c
MMPM19 1.197 0.778 1.067 0.934 * * E C
MMPM20 0.724 0.950 0.876 1.085 o * C b
MMPM21 0.757 0.828 0.708 0.763 * * E E

AAF/AT: Actual adjustment factors/actual timing.

DAF/AT: Default adjustment factors/actual timing.
AAF/DT: Actual adjustment factors/default timing.
DAF/DT: Default adjustment factors/default timing.
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TABLE 6 Critical v/c and LOS for St. Louis A.M. and P.M. Peaks

ACTUATED SIGNALS
Critical v/c Intersection LOS
Intarsection
AAF/AT DAF/AT AAF /AT DAF/AT

SLAM02 1.076 1.133 F *
SLAMO3 0.929 0.996 D E
SLAMOS 0.507 0.532 A A
SLPM02 1.239 1.411 * *
SLPMO3 1.072 1.110 B F
SLPMO8 0.804 0.879 8 »

AAF/AT: Actual adjustment factors/actual timing.
DAF/AT: Default adjustment factors/actual timing.

TABLE 7 Critical v/c and LOS for Mid-Missouri A.M. and P.M. Peaks

ACTUATED SIGNALS
Critical v/c Intersection LOS
Intersection
AAF/AT DAF/AT AAF/AT DAF/AT

MMAMOS 1.005 0.835 * d
MM1M10 0.630 0.693 B B
MMAM11 0.452 0.467 B B
MMAM12 0.642 0.639 B B
MMAM13 0.450 0.450 B B
MMAM15 0.418 0.426 A A
MMPMOS 0.697 0.757 B C
MMPM10 0.917 0.999 D D
MMPM11 1.040 1.080 [+] D
MMPM12 0.642 0.602 B B
MMPM13 0.525 0.601 B B
MMPM15 0.514 0.615 B B

AAF/AT: Actual adjustment factors/actual timing.
DAF/AT: Default adjustment factors/actual timing.
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TABLE 8 Accuracy of Level of Service Prediction Using Default Adjustment Factors and Actual Timing

Actual Actual
Adjustment Adjustment
Factors/ Prediction for Factors/ Prediction for
Actual St. Louis A.M. Actual St. Louis P.M.
Timing Timing

A B [ D E F . A B (o} D E F .
A A
B 3 B 1
[ 1 C 2 2
D 1 D
E E
F F
L] {1 . 9
Actual Actual
Adjustment Adjustment
Factors/ Prediction for Factors/ Prediction for
Actual Mid Missouri A.M. Actual Mid-Missouri P.M.
Timing Timing

A B C D E F . A B C D E F .

A A
B 4 1 B 1 1
(o 1 1 C 3 3
D 2 D
E E 1
F F
i 6 . 6

senger cars per hour of green per lane was used in all of the
analyses. The HCM recommends that agencies calibrate sat-
uration flow rates appropriate for the intersections within
their jurisdictions.

2. Right-turns-on-red may have lessened the demand for
green time in right-turn-only lanes or in shared lanes with
right turns. The HCM does not include a procedure for deal-
ing with right-turns-on-red. The HCS allows the analyst to
subtract right-turn-on-red volumes from the traffic demand.
No such adjustments were made in this study even though
several lane groups with right turns were identified as critical.

Another unexpected result was the high number of situa-
tions where at least one lane group had a v/c greater than 1.2
(and hence no indication for level of service). In several cases
realistic estimates of saturation flow rates or right-turns-on-
red would probably have eliminated this problem. In some
cases a left-turn lane group with low demand but an even
lower capacity had a very high v/c ratio. Many of these in-
tersections may in fact have been operating reasonably well.

Table 13 gives linear regression equations derived by pre-
dicting actual v/c ratios by each of the three approaches. If a
set of predicted v/c ratios had been perfect, the regression
equation would have a slope of one and an intercept of zero.

Default Adjustment Factors

Parts A and D of Table 13 indicate that the v/c ratios predicted
by using default values for the HCM adjustment factors are
closely related to the v/c ratios derived from the actual ad-
justment factors (the correlation was significant at the 1 per-
cent level in all cases). In Part D each signal’s timing was
derived from the raw traffic data and the HCM Chapter 9,
Appendix II method for actuated signals. For the data of Part
A, the actual signal timing was used. For both Parts A and
D, only the adjustment factor values differed.

In St. Louis the use of default adjustment factors led to an
average 10.7 percent overestimation of v/c. In mid-Missouri
the average overestimation of v/c was only 3.9 percent. The
average peak-hour factor in St. Louis was 0.93 and in mid-
Missouri was 0.87. If the average peak-hour factors for these
two areas had been used, the St. Louis data would have
an average v/c overestimation of 7.1 percent, and the mid-
Missouri data would have an average v/c overestimation of
7.8 percent. These overestimations would be primarily due
to lane width and pedestrian flows. In many instances lanes,
particularly left-turn lanes, had less than the default 12-ft
width. The pedestrian flows were generally far below the
default value of 50 pedestrians per hour using each crosswalk.
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TABLE 9 Accuracy of Level of Service Prediction Using Actual Adjustment Factors and Default Timing

Actual Actual
Adjustment Adjustment
Factors/ Prediction for Factors/ Prediction for
Actual St. Louis AM. Actual St. Louis P.M.
Timing Timing

A B C D E F . A B [ D E F .
A A
B 3 B 1
C 1 C 1 1 2
D 1 D
E E
F F
b 1 2 2 1 1 4 U 2 1 3 5
Actual Actual
Adjustment Adjustment
Factors/ Prediction for Factors/ Prediction for
Actual Mid Missouri AM, Actual Mid-Missouri P.M.
Timing Timing

A B C D E F . A B C D E F .

A A
B 4 1 B 2
C 1 C 1 2 2 1
D 2 D
E E 1
F F
o 3 1 1 1 1 . 3 2 1

Signal Timing Algorithm

Part B of Table 13 reflects use of the signal timing algorithm
to predict the v/c derived from the actual signal timing. The
actual adjustment factors were used in all cases. Whereas all
correlations were significant at the 0.01 level, the correlation
coefficients were not as high as those of Part A of Table 13.

In general the signal timing algorithm predicted the actual
v/c well. However, a noticeable number of predictions dif-
fered significantly from the actual v/c, both through under-
estimation and overestimation of the v/c.

An algorithm to minimize the critical v/c for the intersection
might have been used in place of the algorithm used in this
study. One would assume that in that case the predicted v/c
would never be greater than the actual v/c.

For planning purposes there is an obvious advantage to
using an algorithm that would accurately predict the signal
timing used in the field. One can envision that, if this
had been the case, the 7?2 for Part B of Table 13 would be
closer to 1.

Default Adjustment Factors and Signal Timing
Algorithm

Part C of Table 13 shows how well the use of both the default
adjustment factors and the default signal timing predicted the

actual v/c. Three of the correlations were significant at the
0.01 level and the fourth, mid-Missouri p.m. peak data, was
significant at the 0.05 level.

For the St. Louis data the predicted v/c ratios were generally
too high. For the mid-Missouri a.m. data the regression equa-
tion had a slope close to one and passed near the origin.
However, the spread of the data from the curve was fairly
large. For the mid-Missouri p.m. data, the regression curve
differed markedly from a slope of one. Whereas the judicious
removal of one or two data points could make the slope close
to one, the remaining data points would still be far from a
perfect fit to the ideal relationship.

RECOMMENDATIONS
Default Values

The worth of the default values used in a planning application
of the operational procedure can be measured by how well
the default values represent the actual values. When the actual
signal timing plan was used, the v/c ratios derived from the
default adjustment factors had a high correlation with the
v/c ratios derived for the actual conditions. However, the
predicted v/c ratios derived from default adjustment factors
were generally too high. Similarly, the predicted level of ser-
vice was often poorer than that for actual conditions.



TABLE 10 Accuracy of Level of Service Prediction Using Default Adjustment Factors and Default

Timing

Actual Actual
Adjustment Adjustment
Factors/ Prediction for Factors/ Prediction for
Actual St. Louis AM, Actual St. Louis P.M,
Timing Timing

B C D E F 4 C D E F .
A A
B 2 1 B
C 1 [ 1 3
D D
E E
F F
. 1 2 8 . 1 3
Actual Actual
Adjustment Adjustment
Factory/ Prediction for Factors/ Prediction for
Actual Mid Missouri A.M. Actual Mid-Missouri P.M.
Timing Timing

B C D E F . B C D E F .

A A
B 4 1 B 1 1
C 1 C 3
D 2 D
E E 1
F F
b 4 3 L 2 1 1 1 1

TABLE 11 Accuracy of Level of Service Prediction Using Default Adjustment Factors for Actuated Signals

Actual
Adjustment Actual
Factors/ Adjustment -
Actual Prediction for Factors/ Prediction for
Timi St. Louis AM & PM Actua} Mid Missouri AM & PM
e Timing
C D E F b B C D E F o
A A
B ! B 7 1
C C 1
D 1 D 1
E E
F 1 I F
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TABLE 12 Categories of Intersection Critical v/c Ratios Resulting from
Use of Actual Timing and Adjustment Factors

Number of Intersactions with Critical v/c

v/e < 1
st. Louis 23
Mid-Missouri 36

1 <v/c < 1.2 v/ie > 1.2
8 5
3 3

TABLE 13 Regression Equations Derived from Using Predicted v/c
Ratios To Estimate Actual v/c Ratios

How "'x" Was Rogression
Derived Location® Equation® ol

A. Using Default Ajust- SL a.m. y= 0.040 + 0.864x | 0.929

ment Factors with SL p.m. y= 0.000 + 0.893x | 0.964

Actual Signal Timing MM a.m. y=-0,057 + 1.108x | 0.848

MM p.m. y=-0.120 + 1.096x | 0.802

B. Using Actual Adjust- SL a.m. y=-0.135 + 1.129x | 0.741

ment Factors with SL p.m. y=-0.126 + 1.060x | 0.677

Default Signal Timing MM a.m y=-0.040 + 1.023x | 0.744

MM p. y=-0.007 + 0.916x | 0.635

C. Using Default Adjust- SL a. y=-0.057 + 0.946x | 0.585

ment Factors with SL p.m. y=-0.150 + 0.971x | 0.594

Default Signal Timing MM a.m. y= 0.024 + 0.963x | 0.463

MM p.m. y= 0.273 + 0.561x 0.186

D. Using Default Adjust- SL y= 0.061 + 0.868x | 0.982

ment Factors for MM y=-0.010 + 0.986x | 0.888
Actuated Signals

* 8L = Sst. Louis
MM = Mid-Missouri
b ox

Yy

= predicted v/c for intersection

= v/c for intersection derived from

adjustment factors and actual

signal timing.

If an area average peak-hour factor had been used, the
predicted v/c ratios would have averaged about 7 to 8 percent
too high for both locations. Almost all of this average differ-
ence was due to lane width and pedestrian volume differences.
A traffic organization will generally have data for or a rea-
sonable estimate of existing lane width, percent trucks, and
pedestrian flows. A planning application should encourage
agencies to use their own default values for these variables.
Similarly, an agency should be encouraged to develop appro-
priate estimates for a.m. and p.m. peak hour factors.

It is likely that an agency will often not have accurate in-
formation on approach grades, number of local buses stop-
ping, and number of parking maneuvers. The present HCM
default values should be used in those cases.

Signal Timing Plan

The signal timing algorithm performed adequately for the
purposes of this study by generating reasonable timing plans.
The algorithm was fairly accurate in predicting the v/c and
level of service derived from the actual signal timing. The

algorithm would be viewed by many as too simplistic to serve
as a default signal timing algorithm for a planning application
of the operational procedure.

Two alternative performance measures for a signal timing
algorithm are apparent. One measure would be how well the
algorithm predicts the signal timing plan that would be used
at the signal. The other would be how closely the algorithm
comes to optimizing some objective.

MHTD allows a wide latitude to the individual responsible
for developing the signal timing plan. The guidelines are such
that two individuals could easily develop significantly differ-
ent, yet appropriate, plans for the same intersection. Further,
it is the author’s understanding that many signals are retimed
in the field through observation of traffic during peak periods.
It is doubtful that any algorithm would consistently predict
both the phase plan and the green times used at MHTD
intersections. Since various traffic agencies might use a variety
of means to generate signal plans, a single algorithm would
probably often be unsuccessful in predicting signal timing plans
for a wide variety of agencies.

Many computerized algorithms exist for timing traffic sig-
nals. It is likely that an algorithm to minimize v/c or delay
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could be incorporated into a planning application of the op-
erational procedure. Since level of service is based on delay,
a planning application of the operational procedure should
include a signal timing procedure that either minimizes delay
or comes close to that optimal solution. Such a procedure
might not be the best approach for matching the actual level
of service at signalized intersections. However, it would be
consistent with the philosophy of the HCM that the most
important measure of signalized intersection operation is de-
lay. It also would encourage traffic agencies to view the pur-
pose of signal timing to be the minimization of delay to the
motorist.

Design

A planning application of the operational procedure is fea-
sible. The same software could easily be used as an aid in the
design of signalized intersections. At the design stage many
of the input data would be available. With a reasonable signal
timing algorithm incorporated into the software, an iterative
design approach would be casily accomplished. A designer
could examine a wide variety of alternative lane arrangements
for v/c and level of service in much less than 1 hr.

Other Considerations

To gain wide acceptance, a planning application of the op-
erational procedure must yield realistic results. The opera-
tional procedure indicated that the output volumes of many
of the intersections were above the theoretical capacity. The
reasons identified for these inconsistent results were higher-
than-expected saturation flow rates and the lack of a method
for dealing with right-turns-on-red. If these problems are not
rectified, it is likely that a planning application will not receive
as wide a use as possible.

A planning application should encourage agencies to cali-
brate saturation flow rates for their own intersections. It is
likely that significant increases in accuracy would result.

An optional procedure to predict right-turns-on-red could
also be beneficial. The procedure might be made available to
the user when a lane group containing right turns has been
identified as a critical lane group.

One difficulty in the availability of an HCM-type software
package with a signal timing algorithm is that the signal timing
algorithm might be viewed by some as the accepted way to
time a traffic signal. The purpose of the HCM is to provide
a means to measure the performance of facilities rather than
to describe how traffic should be controlled. Care will be
required if the planning application is not to be viewed as a
guide for traffic signal timing.

CONCLUSIONS

For intersections similar to those of this study, a planning
application of the HCM signalized intersection operational

53

procedure could be practical and reasonably accurate. A plan-
ning application requires reasonable default values and a means
to estimate an appropriate signal timing. Such an application
can provide very accurate estimates of an intersection’s critical
v/c ratio and a likely estimate of achievable level of service.
The only intersection-specific data required would be peak-
hour volumes and lane usage.

A planning application should have the following
characteristics:

1. The application should encourage an agency to develop
its own appropriate estimates for peak-hour factor, percent
trucks, and pedestrian volumes.

2. The application should encourage an agency to calibrate
accurate estimates of ideal saturation flow rates for the in-
tersections within its jurisdiction.

3. The application should use a signal timing algorithm that
at least approximates the best level of service to be expected
at the intersection.

4. Since some agencies will have more data readily available
than will others, the application should allow the analyst to
input site-specific values in place of default values.

5. If the application is also to serve as a design procedure,
the application should provide a simple means to examine the
results of changes in input data.

6. The level of accuracy for v/c and level of service predic-
tions should be made clear to the user.

7. The signal timing algorithm should be presented as a
representation of a reasonable signal timing rather than as a
suggested signal timing.

8. A means to estimate the likely number of right-turns-
on-red turning movements should be developed and consid-
ered for inclusion as an optional calculation for both the
operational procedure and a planning application of the
operational procedure.

A planning application with the above characteristics could
be a useful tool for traffic engineers and planners. The ap-
plication’s predictions for v/c and level of service would add
useful information to the planning process.
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Implementing Travel Forecasting with
Traffic Operational Strategies

ALAN ]J. HorowiTZ

An “adaptive” travel forecasting model that has the ability to
account for the ways in which the traffic system operates is de-
scribed. Within the model, trip distribution, mode split, and traffic
assignment are all sensitive to delays at intersections as well as
delays along uncontrolled road segments. To the extent possible,
delay relationships were adapted from the 1985 Highway Capacity
Manual (HCM). Separate relationships were included for all-way
stop controlled, priority, and signalized intersections. The model
was implemented as a specially modified version of the Quick
Response System IT (QRS 1I) software. The HCM signalized
intersection procedures were difficult to incorporate because they
result in delay/volume relationships that are nonmonotonic and
discontinuous. Even with better-behaved delay relationships, it
is unlikely that a unique solution could be obtained. Operational
strategies can be either automatically calculated or specified by
users, depending on their nature. The inclusion of operation strat-
egies in the forecast does not greatly increase computation time,
data requirements, or the needed level of user expertise. A form
of elastic-demand incremental assignment could find at least one
user-optimal equilibrium solution. An adaptive model can reduce
dependence on base-year calibration for incorporating opera-
tional effects.

Long-term transportation plans are traditionally prepared by
evaluating several fixed alternatives against expected future
conditions. Sometimes a travel forecast reveals a major over-
sight in assumptions about the way an alternative is oper-
ating, in which case the alternative might be reworked and
reevaluated. The determination of when an oversight in op-
eration has occurred is entirely judgmental; many incon-
sistencies between a travel forecast and an alternative are
routinely tolerated.

It is presently feasible to build travel forecasting models
that can automatically account for the way facilities are op-
erated. Conceivably, such models could set signal timing, re-
move on-street parking, determine signal coordination in a
corridor, or choose traffic control devices for intersections.
The model could make a large number of short-term, mi-
croscale design decisions that could not have been made with-
out knowledge of future traffic volumes.

For example, planners normally expect travel forecasts to
reflect delays af intersections. Intersection delays depend on
signal timing, and, operationally, signal timing depends on
traffic volumes. Consequently, a forecasting model should be
capable of calculating important aspects of signal timing (num-
ber of phases, length of phases, and cycle length) for every
intersection in the network as traffic is being assigned (1-4).
In essence, the travel forecast can be adaptive in the same

Center for Urban Transportation Studies and Civil Engineering and
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sense that an actuated signal control system is adaptive. Un-
less the model can make consistently good assumptions about
signal timing, the implied capacities of arterials will be wrong
and the resulting forecast will be wrong. This type of forecasting
will be referred to here as “adaptive travel forecasting.”

If one were to try to create a traffic-optimizing travel fore-
casting model, it would look something like a hybrid between
a traditional urban transportation planning (UTP) model and
an operations-level traffic model (such as SOAP, PASSER-
I, or TRANSYT). Such a model would be very complex,
requiring considerably more data, computer resources, and
user expertise than either of its two constituents. A notable
example of this type of model is Continuous Traffic Assign-
ment Model (CONTRAM) from the Transport and Road
Research Laboratory (5). The essential differences between
a CONTRAM-like model and an adaptive travel forecasting
model are discussed later in this paper.

Adaptive travel forecasting is a special case of the network
design problem (6,7), which attempts to find societally opti-
mized networks, perhaps involving new facilities as well as
operational strategies. Unlike the network design problem,
adaptive travel forecasting seeks to be entirely predictive of
the impacts of specific alternatives. That is, the model at-
tempts to forecast what will be, not what should be. Clearly,
the model must deal with short-term operational strategies to
arrive at reasonable link volumes, but these strategies have
little value by themselves. The network design problem is
inherently more demanding than adaptive travel forecasting.

This paper describes initial experiences with an adaptive
travel forecasting model, which has the ability to modify traffic
controls at numerous isolated intersections and gives users
the ability to make other operational adjustments. The focus
is on applications rather than theoretical issues. How much
adaptation can reasonably be included? Can the model be
made sufficiently consistent with existing methods of travel
forecasting, traffic theory, the Highway Capacity Manual
(HCM) (8), and traffic engineering practice? Can an equilib-
rium solution be found? Are data and computer requirements
reasonable? Conversely, does adaptation impose limitations
on the size of networks? Does adaptation interfere with
elastic-demand assignments? Does adaptation make forecasts
more difficult to interpret? Each of these questions will be
addressed in the following sections.

ADAPTIVE TRAVEL FORECASTING MODEL

Adaptation was added to an existing travel forecasting pack-
age, Quick Response System IT (QRS IT). QRS Il is typical
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of the UTP models currently used by planning agencies and
consultants in the United States, so it provides a fair test of
the difficulties involved in implementing adaptation. Exten-
sive revisions to the source code were required to establish
signal timings, compute delays, find incrementally averaged
trip tables, account for all turning movements, and identify
the conflicting and opposing traffic for every approach.

Because of uncertainties of the effects of adaptation on
forecasts, only phasing and signal timing at signalized inter-
sections were made automatic. Cycle length, quality of pro-
gression, and the placement of stop signs were kept as manual
(but explicit) adjustments to the network.

An adaptive model might have to simultaneously handle
thousands of traffic-controlled intersections, so an early de-
cision was made to hold the amount of data required for any
given intersection to a bare minimum. To calculate intersec-
tion delay the model was designed to only require information
about an approach’s lane geometry, the saturation flow rate
of its through lanes, and the form of traffic control. Additional
data, such as link speed and street continuity, are already
required by QRS II for the purposes of travel forecasting.

Delay

Separate delay procedures were implemented for signalized
intersections, all-way stop controlled (AWSC) intersections,
and priority intersections (one-way and two-way stops). To
the extent possible, consistency with the 1985 HCM was main-
tained. The choice of the HCM procedures was made on the
basis of their wide adoption by planners and traffic engineers
and can be considered arbitrary from the standpoint of traffic
flow theory. It is possible that delay relations from other
countries could perform better in a travel forecasting
application.

At this writing the HCM provides insufficient treatment of
AWSC intersections. So instead, delay at AWSC intersections
was calculated by an enhanced form of Richardson’s M/G/1
queuing model (9). Additional terms were provided to handle
delays from turning and from coordination between drivers
on subject and opposing approaches. The M/G/1 model was
successfully calibrated to data provided by Kyte (10), and it
produces results that are consistent with the recently released
interim procedures for AWSC capacity (11).

The HCM'’s procedure for priority intersections omits cal-
culation of delay, does not account for equilibrium in lane
utilization for multilane approaches, and does not provide
capacities when there are large conflicting volumes. These
problems were remedied. Delay was calculated as if stops
were a random, single-server queue as suggested by the Swed-
ish Highway Capacity Manual (12). More complete capacity
relations were obtained from Baass (13).

Total approach delay for signalized intersections is calcu-
lated consistently with the HCM, except as follows:

1. As an expedient, delay is not separately calculated for
exclusive right lanes. Rather, sufficient capacity to handle just
right-turning traffic is added to the capacity of the TR or LTR
group before application of the delay formula.

2. The possible presence of pedestrians is ignored in order
to reduce data requirements.
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3. Acceleration delay is calculated from link speed and an
estimate of the number of stopping vehicles.

4. To avoid a serious discontinuity in the delay function,
shared left lanes were allowed to act as exclusive left lanes
only when the model determines that a protected left phase
is required.

5. The HCM’s stopped delay formula was slightly modified
for volume-to-capacity ratios (X) greater than 1.0 to eliminate
the possibility of infinite or negative delay values in the uniform
delay term when a green time constitutes nearly the full cycle.

Total approach delay is found by taking a volume-weighted
average of delay across all lane groups and all phases. A
separate delay value was not calculated for left turns, because
the HCM procedure cannot provide this value in all cases.
The desirability of using separate left turn delays when pro-
vided by the procedure was not investigated in this study.
Users retain the ability to add a left-turn penalty at individual
approaches, if desired.

Phasing and Timing

Green times, saturation flow rates, and delays are intrinsically
linked. As noted previously, the calculation of delay requires
knowledge of lane-group capacity as given by saturation flow
rates and green times. Green times depend on saturation
flow rates as parts of flow ratios. Of course, the saturation
flow rate for a lane group depends on left-turn volumes and
the amount of opposing traffic.

Consequently, it becomes necessary to simultaneously solve
for green times and saturation flow rates. Once these have
been established, delay can be ascertained. This calculation
must be performed for each of the many signalized intersec-
tions, for each hour in the analysis period, and at each traffic
assignment iteration. Recognizing that the amount of calcu-
lation could be prohibitively large, it is necessary to place
limits on the range of signalization strategies available for any
given intersection.

These rules have been adopted:

1. Green time for a TR or LTR phase is allocated in pro-
portion to the critical flow ratio for the phase.

2. To avoid very small green times, a minimum flow ratio
can be established by the user for the purpose of signal timing.

3. A protected left phase is provided only if there is insuf-
ficient left-turn capacity during an LTR phase, considering
both sneakers and gaps in opposing traffic.

4. If protection is required, the phasing is always equivalent
to “dual leading lefts with overlap.”

It is recognized that these rules do not produce the best signal
timing, but they at least find an acceptable timing in accor-
dance with traffic engineering practice. The issue of whether
an adaptive model should find optimal, rather than conven-
tional, signalization remains unresolved.

The concept of link capacity within UTP models is seriously
weakened in an adaptive travel forecasting model. It is only
known that traffic volumes should not exceed the saturation
flow rate, less any approach capacity lost during phase changes.
Otherwise, links compete for slices of time at intersections.
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CREATING AND INTERPRETING AN ADAPTIVE
TRAVEL FORECAST

Adaptive Model Operation

Figure 1 shows one possible way of operating an adaptive
model. There are two loops. The inner loop automatically
adjusts signal timing and incorporates congestion effects. The
outer loop provides the user with opportunities to modify
traffic control devices in accordance with traffic engineering
practice.

This method of operating the model will produce an elastic-
demand assignment. That is, both the distribution of trips
throughout the urban area and the level of transit ridership
will reflect vehicular flow conditions on the highways.

The allocation of traffic engineering principles to the two
loops is somewhat arbitrary. As more is learned about adap-
tive travel forecasting, principles can be transferred from the
outer loop to the inner loop. For example, textbooks provide
simple rules for determining optimal cycle length at isolated
intersections; these rules could be moved to the inner loop
provided we also have some way to determine which inter-
sections are truly isolated.

This iterative procedure raises the serious methodological
issue of whether it is possible to obtain an equilibrium solution
in accordance with Wardrop’s first principle—a user-optimal
assignment—in a reasonable amount of time on a very large
network. (Networks in QRS II could be as big as 585 zones
and 4,500 links on a microcomputer; other packages permit
nonadaptive networks many times this size). It will be shown
later in this paper that it is at least sometimes possible to

Nature of Traffic Controls Cycle je————————
Lengths and Arrival Types

Trip Generation
Trip Distribution
Mode Spiit
All-or-Nothing Assignment

}

Average Volumes from this and
Previous All-or-Nothing
Assignments

!

Signalization and
Intersection Delay

!

Manually Examine Performance
of Traffic Controls

!

[ Done ]

FIGURE 1 Operating an adaptive travel
forecasting model.
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obtain an equilibrium solution with large-network methods
and that it is always possible to determine whether any given
solution is an equilibrium one.

Obtaining an Equilibrium Solution

A promising heuristic for obtaining an equilibrium solution
involves an averaging of traffic volumes from many all-or-
nothing assignments. Such an averaging step is fundamental
to the most widely cited equilibrium assignment techniques:
Frank-Wolfe decomposition for fixed-demand assignments (14),
Evans’s algorithm for elastic-demand assignments (15), and
convergent incremental assignment (16).

Nonlinear optimization methods for large networks, such
as Frank-Wolfe decomposition or Evans’s algorithm, cannot
be applied for two reasons. First, the adaptive model lacks a
closed-form and well-behaved delay/volume function. Sec-
ond, delay at any given approach is a function of all possible
movements at the intersection. The second problem by itself
could possibly be overcome by assignment methods designed
to handle ‘““asymmetric” networks (17).

Of the three aforementioned techniques, only incremental
assignment can be implemented with adaptive travel fore-
casting, as it is now understood. In effect, incremental as-
signment creates a weighted average of many all-or-nothing
assignments. The weights are predetermined; they do not
depend on knowledge of the delay/volume function. Incre-
mental assignment converges to a user-optimal equilibrium
solution for fixed-demand assignments (16), runs only slightly
slower than Frank-Wolfe decomposition (18), and works well
on a broad range of elastic-demand problems (19,20). Incre-
mental assignment has already been tested in the United King-
dom on networks with traffic controls by the authors of JAM
as reported by Lewis and McNeil (21). Since there does not
yet exist theory to suggest that incremental assignment works
properly on adaptive networks, its usefulness must be estab-
lished empirically.

A solution to an adaptive network may not be unique, even
if it is an equilibrium solution. Because the model reallocates
limited resources (such as intersection capacity or favorable
coordination) across facilities, it is entirely possible to have
many good solutions (,22).

Consider the network of Figure 2. It consists of a trip origin,
a trip destination, a single signalized intersection, and four

PATH 1

FIGURE 2 Two-zone, single-
intersection network.
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two-way links with capacities only at the intersection ap-
proaches. Turns at this intersection are fully restricted, so
there are only two paths from the origin to the destination.
Traffic is uncongested. Both paths have identical character-
istics, but they compete for green time at the intersection,
There are exactly three assignment solutions that could rea-
sonably satisfy Wardrop’s first principle;

A. All vehicles use Path 1,
B. All vehicles use Path 2, and
C. Both paths are used equally.

Further assume that the intersection is operating below
tapacity and that no minimum is established for the length of
green phases. Solutions A and B would cause nearly the full
tycle to be allocated to one path or another., thereby mini-
mizing travel time for all vehicles. Solution C allocates green
lime equally to both streets, and it is the solution that would
liave been obtained in a nonadaptive network with a mono-
lonically increasing delay/volume function. A quick inspection
of the uniform delay term of the HCM delay formula reveals
hat Solution C s by far the least desirable from the standpoint
of user cost.

Itis possible to conclude from this example thatequilibrium
lutions to an adaptive network are not unique, and they
¥ould be likely to differ from those of a nonadaptive network,
furthermore, this example raises some tough methodological
fuestions, which cannot be definitively answered here. How
@n we deal with multiple solutions to the same problem?
Do we care to find more than one solution? Is there a ten-
lency in adaptive travel forecasts toward all-or-nothing
ssignments?

Comparison with CONTRAM-Like Models

Since many traffic engineers are familiar with CONTRAM.
it provides a good basis for comparing the current work.
CONTRAM and QRS II are approaching the same meth-
Odological position from opposite directions but remain
SO0me distance apart. CONTRAM is fundamentally a traffic-
Obtimization model that permits path choice; QRS II
is fundamentally a travel demand/assignment model that
Contains explicit traffic flow relations. The two models have
similar philosophical underpinnings but differ considerably
in the types of problems they can address. CONTRAM is
g€ared to small networks with fixed dema nds; QRS Il is geared
0 large networks with elastic demands. CONTRAM’s
Primary outputs are optimized traffic controls and
indicators of the performance of the traffic system;
ORS 11's primary output is assigned traffic volumes. CON-
TRAM will yield results that are of little interest to those
doing medium- or long-term travel forecasts, such as queue
lengths and optimized green times. Interestingly,
CONTRAM is still well ahead of conventional travel fore-
casting models by implementing a form of dynamic traffic
assignment, something that planners are just now recognizing
as important. However, CONTRAM’s assignment algorithm
calnot ensure that assigned volumes represent equilibrium
con ditions.

57

DELAY/VOLUME RELATIONSHIPS AT
ADAPTIVE SIGNALIZED INTERSECTIONS

As indicated previously, delay must be found by simultane-
ously solving for saturation flow rates and green times. For
this research the solution was found by the method of suc-
cessive approximations.

Step 0. Determine the need for a protected left phase at
each approach, so that the number of phases is known for
the remaining steps. A by-product of this step is an initial
estimate of saturation flow rates.

Step 1. Estimate green times.

Step 2. Estimate saturation flow rates according to the HCM
procedure.

Step 3. Check for convergence. If not converged, go to
Step 1.

Step 4. Calculate stopped and acceleration delay for each
phase and lane group. Find the volume-weighted average for
each approach.

There are other possible algorithms. Because the number
and type of phases are determined before finding the length
of phases, this algorithm will result in only one of many pos-
sible signal timings. No attempt is made to select an optimal
timing. The ability of this algorithm to converge was individ-
ually checked on approximately 800 intersections of varying
characteristics, Approximately six iterations are required to
obtain four significant digits in the saturation flow rates.

Delay/volume relationships for approaches to signalized in-
tersections in an adaptive model are considerably different
from those typically seen for fixed-capacity facilities. Figure 3
shows a typical intersection with delays on all approaches
varying as volume changes on a single, subject approach. Each
approach at this four-way intersection has two shared lanes,
there are no turning vehicles, and volumes at conflicting and
opposing approaches are held at 800 vph. The volume on the
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FIGURE 3 Delay on all approaches of a signalized
intersection as a function of volume on a single approach (0
percent right turns, 0 percent left turns, 800 vph at
opposing and conflicting approaches, no exclusive lanes,
3,600 vph ideal saturation flow rate, 20 mph speed).
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subject approach is varied from 50 to 3,600 vph (the ideal
saturation flow rate).

The delay at all approaches is strongly affected by variations
of volume on the subject approach. The fact that the subject
and opposing delay curves have roughly similar shapes is co-
incidental. Delay on the opposing approach declines with in-
creasing subject approach volume beyond 800 vph. The de-
cline is due to the increasingly ample green time to handle a
given volume. Figure 3 also shows that delay on the subject
approach is not even monotonic. Subject approach delay rises
to a local maximum at 800 vph (the fixed volume on conflicting
and opposing approaches), then declines to a local minimum
at 1,600 vph, before increasing again.

Other tested intersections exhibit different curve shapes,
different positions of local maxima and minima, and different
values of delay. However, all tested intersections show a direct
relationship between delay on the conflicting approaches and
volume on the subject approach, declining values of delay on
the opposing approach, and a clear Jack of monotonicity.

Although they are not readily seen in Figure 3, multiple
discontinuities can exist in the delay/volume relationships.
Major culprits are the steps in the HCM’s procedure dealing
with left turns from shared lanes and the need to decide on
an integer number of phases. Discontinuities can be elimi-
nated only by deviating substantially from the HCM and ac-
cepted traffic flow theory.

Nonmonotone and discontinuous delay/volume relation-
ships further complicate the assignment algorithm. At best,
such messy relationships can introduce additional equilibrium
solutions. At worst, they can prevent convergence to any
equilibrium solution.

TEST OF ADAPTIVE TRAVEL FORECASTING

The UTOWN network, originally created for testing UTPS,
did not contain traffic controls (see Figure 4). This network
is known to be hostile to assignment algorithms, It was mod-
ified by incorporating signalized intersections and two-way
stops (primarily at freeway off-ramps). Otherwise, an attempt
was made to keep the two networks as similar as possible.

e
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FIGURE 4 Nonadaptive UTOWN network without traffic
control.
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FIGURE 5 Adaptive UTOWN network with traffic control.

The modified, adaptive UTOWN network is shown in Figure 5.
Both networks simulated a single peak hour with three trip
purposes, but without mode split.

Convergence to an equilibrium solution needs to be checked,
but the standard methods derived from Frank-Wolfe decom-
position will not work in this case, Since we are interested in
a user-optimal assignment, each trip should be assigned to a
shortest path between its origin and destination. Therefore,
it is possible to determine when equilibrium has been achieved
by checking whether the used paths are indeed the shortest
paths. A simple test can be devised that compares total travel
time between two assignments.

Step 1. Run the model through the desired number of it-
erations. Obtain estimates of volumes. Recalculate the link
travel times. Compute total travel time with the estimates of
link volumes and the new travel times.

Step 2. Using the averaged trip table and new travel times
from Step 1, run an all-or-nothing assignment. Do not recal-
culate link travel times. Compute total travel time.

Step 3. Compare the total travel times from Steps 1 and 2.
The total travel time from Step 2 will always be the smaller.
If they are nearly the same, convergence to an equilibrium
solution has been achieved. If they differ significantly, there
could be two causes: (a) more iterations are required or
(b) the algorithm failed.

A similar test is provided in UTPS for fixed-demand
assignments.

The test was performed on both UTOWN networks for
varying numbers of iterations of elastic-demand, incremental
assignment. As seen in Table 1, incremental assignment can
produce an equilibrium solution on a network with explicit
traffic controls. After 200 iterations the difference between
Steps 1 and 2 was inconsequential. Equilibrium was effectively
achieved after about 20 iterations. A comparison of Table 1
with Table 2 indicates that the adaptive travel forecast con-
verges faster than the nonadaptive one.

A comparison of assigned volumes between the two net-
works indicated little agreement. The introduction of explicit
traffic controls had a large effect on the forecast. In the orig-
inal nonadaptive network the capacities of many intersections
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TABLE 1 Convergence of Incremental Assignment
on the Adaptive UTOWN Network

Total Travel Time

lterations Step 1 Step 2 % Difference

1 1141630 1017512 12,220

2 1288223 1044020 23.339

5 1072852 1018350 5.352

10 1028061 1014823 1.013
20 1012969 1008968 0.207
50 1019218 1015559 0.360
100 1016405 1015892 0.050
200 1015288 1014971 0.031

TABLE 2 Convergence of Incremental Assignment on the
Nonadaptive UTOWN Network

Total Travel Time

lterations Step 1 Step 2 % Difference

1 2188242 1080782 102.468

2 1405340 1086944 29.293

5 1181057 1120440 5.410

10 1162928 1137757 2212
20 1148820 1117023 2.847
50 1137249 1131264 0.529
100 1133918 1131264 0.235
200 1132658 1130776 0.166

were greatly exceeded even though individual link capacities
were maintained.

For the adaptive network, approximately 11 percent of the
computation time was devoted to intersection simulations. A
greater amount of computation time would be required for a
multihour assignment. Memory requirements increased slightly
because of the need to keep track of the many turning move-
ments for each all-or-nothing assignment.

One means of judging whether an adaptive assignment tends
toward an all-or-nothing assignment is to count the number
of used links. Both UTOWN networks only have 20 assignable
origin-destination pairs (discounting intrazonal trips), so an
all-or-nothing assignment requires less than half of the net-
work. Table 3 gives the percentage of feasible link directions
that were assigned a meaningful amount (defined as 1 percent
of the saturation flow rate after 200 iterations) of traffic.
Freeway ramps in the adaptive network were ignored for
consistency. The results suggest that adaptive networks re-
quire a smaller percentage of link directions, but not as few
as all-or-nothing assignment,

A version of QRS II that contains adaptation has recently
been distributed to many users, so a considerable amount of
experience is starting to be accumulated. In general, the ob-
servations obtained from tests of small networks have been
confirmed on full-sized networks.

TABLE 3 Number of Possible and Used Directions

Network Possible  Assigned %Assigned
UTOWN Adaptive AON 126 58 46
UTOWN Adaptive incremental 126 78 62
UTOWN NonAdaptive AON 112 51 46
UTOWN Adaptive Incremental 112 78 70
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CHOOSING TRAFFIC CONTROLS

An adaptive travel forecasting model encourages planners to
alter the types of traffic controls at intersections, if warranted
by the assigned volumes. For instance, a choice could be made
between signals and signs. If signs are chosen, a further choice
must be made as to which approaches will get them. It is easy
to imagine an adaptive network that automates this choice
process in accordance with the Manual on Uniform Traffic
Control Devices (MUTCD).

A simpler rule, often seen in traffic operations models, is
to minimize delay. For example, the intersection of Figure 2
would be best served by a two-way stop, not a signal. For the
preferred solutions, A and B, signs could be located on the
one path with no assigned volume. None of the vehicles would
ever be required to stop, so delay is further minimized.

Figure 6 shows total delay at an intersection with three
alternative forms of traffic control. Subject and opposing vol-
umes are varied together. Conflicting volumes are held con-
stant at 200 vph, each approach has only one lane, and half
of the volume makes a turn. It is seen that the three types of
traffic controls perform almost equally well at a volume of
400 vph on the subject and opposing approaches. Below 400
vph the two-way stop is superior; above 400 vph the signal is
superior. As expected from the MUTCD, other similar tests
indicate that the point at which all controls are equally ef-
fective varies with the amount of conflicting volume.

It is outwardly practical to let the model decide on the
nature of traffic control, provided that computer resources
are sufficient to evaluate each arrangement of signs and sig-
nals. Such a model could be made consistent with the MUTCD.
Unfortunately, allowing the model to choose signs or signals
introduces additional discontinuities in the delay function.
The discontinuities would further hamper the search for a
good, stable solution.

Assuming that we are able to reasonably and automatically
replicate the MUTCD at a single intersection, it is possible
for both the alternatives of signs and signals to represent a
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FIGURE 6 Total delay on all approaches for a four-
way stop, a two-way stop, and a signal (opposing
volume same as subject volume, conflicting volumes at
200 vph, 25 percent right turns, 25 percent left turns,
one lane at all approaches, 20 mph speed).
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user-optimal equilibrium solution. A signal is not just an up-
graded sign; it can influence travelers’ paths. Consider an
intersection with two-way signing, where the volumes are large
on the major street and potentially large on the minor street.
Traffic on the minor street is subject to long delays from
conflicting traffic, so the assignment algorithm holds the mi-
nor street volumes to a level below any of the MUTCD war-
rants. If the signs are replaced by a signal, the minor street
volumes would increase dramatically. The signal is now war-
ranted, simply because it is there. Users of QRS II report
that this dilemma arises often enough in real networks to be
worrisome.

Future-year networks are influenced by tradition and habit,
especially in the placement of traffic control devices. This
inertia can be built into the model by using the base-year
delays as a starting point for future-year forecasts. For ex-
ample, the network of Figure 2 is highly sensitive to the start-
ing delays. The slightest delay disadvantage for a given street
at the beginning of the algorithm would be sufficient for it to
lose all of its traffic. Even if the placement of signs were made
to be automatic (moved to the inner loop in Figure 1), the
model would be reluctant to rearrange them or to upgrade
them to a signal. It may be best to apply adaptive travel
forecasting to make incremental adjustments to the current
configuration rather than to attempt to consider all possible
arrangements of traffic controls.

RELATIONSHIP OF ADAPTATION TO
NETWORK CALIBRATION

Planners routinely “calibrate” their nonadaptive networks.
That is, they adjust turn penalties, link speeds, and link ca-
pacities to obtain better agreement with base-year traffic counts.
An extensive calibration exercise eliminates forecast/
operational inconsistencies in the base-year network.

The need to calibrate is disturbing in itself; a truly good
model should be able to provide accurate forecasts without
much fiddling. Even more disturbing is the common practice
of using the calibrated penalties, free speeds, and capacities
for future-year forecasts. It cannot be assumed that these
network attributes will be stable over time.

There are many possible alternatives to calibration for im-
proving the match to existing traffic counts. Better delay/
volume relationships would certainly help. The ability to fore-
cast operational characteristics (such as cycle length, phase
lengths, and coordination strategies) that affect delay also
would help. Using base-year delays as a starting point can
introduce some beneficial inertia. Since real highway systems
are adaptive, it is certainly a mistake to use a calibration
process that would rigidly fix (either explicitly or implicitly)
operational characteristics that are known to be variable.

LEVELS OF ADAPTATION

As adaptive travel forecasting gains acceptance, planners will
need to seriously consider the appropriate amount of adap-
tation for their networks. The HCM, of course, does not
discuss adaptive travel forecasting, but it does indicate how
adaptation can occur. The following levels of adaptation could
be invoked, to various degrees, for any given network.
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Level 0—no adaptation. Capacity is rigidly fixed on all
streets and intersection approaches.

Level 1—low-cost traffic engineering improvements for
isolated intersections without changing the type of traffic con-
trol. Capacity varies with the amount and nature of conflicting
and opposing traffic. (Examples are signal timing and con-
version of a through lane to an exclusive lane.)

Level 2—major traffic engineering improvements for iso-
lated intersections. Capacity varies with the amount of and
nature of conflicting, opposing, and subject approach traffic.
(Examples are installation of signals and relocation of bus
stops.)

Level 3—traffic engineering improvements involving a sys-
tem of intersections. Capacity and delay vary with the nature
of surrounding intersections. (An example is signal
coordination.)

Level 4—minor geometric changes at isolated intersec-
tions. Capacity varies principally with volume on the subject
approach. (Examples are adding exclusive lanes, removing
on-street parking, and increasing curb radii.)

If all Ievels of adaptation were fully included in the network,
the assignment would be constrained only by cost or by op-
erational limitations, making it similar to the network design
problem. With the procedures described here, planners can
try to handle Levels 2, 3, and 4 subjectively.

There is no scientific way to determine the levels of adap-
tation for any given forecast. However, it is reasonable to
expect all long-term forecasts to be adaptive to the extent
that obvious design flaws or operational deficiencies in the
highway system are eliminated. A good working assumption
is that continuing efforts will be made to eliminate bottlenecks
due to poor geometry, especially those with low-cost solu-
tions. An important implication of adaptation is that planners
may be able to ignore many small and isolated reductions in
capacity when building their future-year networks.

CONCLUSIONS

Adaptation can provide additional realism to travel forecasts.
An adaptive travel forecast requires (a) delay relationships
that are properly sensitive to traffic controls and () the ability
to modify the way in which the traffic controls are operated.
We currently possess sufficient knowledge of traffic flow to
allow a network to adapt its operational characteristics to
forecast volumes. But we do not yet possess a complete under-
standing of the effect of adaptation on equilibrium traffic
assignments.

An adaptive travel forecast estimates delays at intersection
approaches through complex intersection simulations. The
HCM contains some well-accepted relationships for this pur-
pose. The implied delay/volume functions are discontinuous
and nonmonotonic. Nonetheless, it is still possible (at least
some of the time) to obtain acceptable equilibrium solutions
with a form of incremental traffic assignment. This technique
also permits the network to have elastic demands. A simple
test is available to determine whether an equilibrium solution
has been reached.

Because an adaptive network can reallocate resources among
competing facilities, there need not be a unique solution.
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Furthermore, there appears to be a tendency for an adaptive
network to generate fewer used paths than a nonadaptive one.

Comparisons of small networks suggest that adaptive net-
works do not require much more computational effort, ap-
preciably more computer memory, or much more user
expertise. There are additional data requirements, but these
are tolerable.

Adaptation, including better intersection delay relation-
ships, promises to reduce the independence on network cal-
ibration. Adaptation can help avoid the locking of base-year
operational characteristics into future-year forecasts.

Further research is needed to determine the prevalence of
multiple equilibrium solutions in full-sized networks and the
extent to which unwanted solutions can be avoided by setting
starting delays consistent with existing traffic. Additional fu-
ture research should compare the computed intersection de-
lays with those experienced on actual networks.
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Left-Turn Adjustment Factors for
Saturation Flow Rates of Shared
Permissive Left-Turn Lanes

FEnG-Bor LiN

For capacity analysis of signalized intersections, a left-turn ad-
justment factor is used in the 1985 Highway Capacity Manual
(HCM) to account for the effect of left turns on saturation flow
rates. When shared permissive left-turn lanes are the subject of
analysis, the HCM uses a theoretical model to determine the
related adjustment factors. Questions concerning the reliability
of this model have been raised, and a recent study sponsored by
the Federal Highway Administration has suggested that the HCM
model be replaced by a set of new models. The new models,
however, have serious flaws. An improved model that provides
logical explanations of the causal relationships between the left-
turn adjustment factor and its contributing factors is described.
The contributing factors include opposing flow rate, number of
opposing lanes, flow rate in the lane adjacent to the shared lane,
proportion of left turns in the shared lane, proportion of left turns
in opposing flow, proportion of opposing vehicles arriving in red
interval, cycle length, green interval, and change interval. A nu-
merical example is given to illustrate the applications of the im-
proved model.

In the capacity analysis of signalized intersection, the 1985
Highway Capacity Manual (HCM) (1) requires that the sat-
uration flow rate of a lane or a lane group be determined
from the following formula:

S = S,NFf.r 1)

where

S = saturation flow rate (vphg) (vehicles per hour of ef-
fective green interval);

S, = ideal saturation flow rate, taken to be 1,800 vphg

per lane;

number of lanes in a lane group;

= the product of seven adjustment factors related re-
spectively to lane width, heavy vehicles, approach
grade, parking, blocking effects of local buses, area
type, and right turns; and

for = adjustment factor for left turns.

w
[

When an analysis involves shared permissive left-turn lanes,
the determination of the left-turn adjustment factor becomes
a rather difficult problem.

A shared permissive left-turn lane refers to a lane from
which opposed left-turn vehicles and vehicles of other direc-
tional movements can move into the intersection in a per-
missive left-turn signal phase. The presence of opposed left

Department of Civil and Environmental Engineering, Clarkson Uni-
versity, Potsdam, N.Y. 13699-5710.

turns in such a lane disrupts vehicular movements and com-
plicates the determination of f, . The 1985 HCM relies on a
theoretical model to deal with this problem. The HCM con-
cept in estimating f, r has been used by Levinson (2) to de-
velop a model for estimating the capacity of shared left-turn
lanes. Questions concerning the reliability of the HCM model
have been raised, however, and a set of new models was
recommended in a recent study sponsored by FHWA (3). The
new models were developed from regression analysis of field
data. They are easy to use but do not properly account for
the causal relationships between f, ;- and its contributing fac-
tors. For example, f, » can be expected to vary with opposing
flow rate, yet the model recommended for single lane ap-
proach assumes implicitly that f, . is independent of opposing
flow rate. This flow may be partially responsible for the fact
that the estimates obtained on the basis of that model have
little correlation with observed values (3).

To provide an alternative, this paper describes an improved
model that explains logically the causal relationships between
f.rand its contributing factors. This model deals with the left-
turn adjustment factors for shared lane only (i.e., N = 1); it
is developed on the basis of theoretical reasonings, field data,
and computer simulation. A numerical example is provided
to illustrate the applications of the model.

RESEARCH APPROACH

Equation 1 indicates that, if the saturation flow rate for a
given F can be determined under a wide range of conditions,
then a data base can be established for modeling f, ;. Because
the vehicular movements in a shared left-turn lane can be
interrupted by blocked left-turn vehicles, their saturation
headway cannot be meaningfully defined and measured in the
field to estimate the corresponding saturation flow rate. This
problem can be overcome by taking advantage of the follow-
ing relationship for N = 1 and for conditions represented by
F=1.0:

_ S _ CQmax
fr =5, 76, &
where
0,... = capacity of a shared lane for F = 1.0 (level, 12-ft-

wide approach lane and ideal conditions for other
factors related to F),

C = cycle length (sec), and

= effective green (sec).

O
}
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For a given combination of C and G,, Equation 2 shows
that finding f;, is the same as finding O, ... O... can be
determined by estimating the number of vehicles per cycle
that can move out of an intersection. This expected number
of departures includes the following components: early left
turns, M,; unblocked straight-through departures, M,; de-
partures in leftover green, M,; and departures after green
interval, M,. Details of these components will be discussed
later.

The modeling of Q. is divided into two parts. The first
part concerns a basic flow pattern as shown in Figure 1 (fop).
The notations used in this figure are defined as follows:
Qo = flow rate in the inside opposing lane (vph), Q,, = flow
rate in the outside opposing lane (vph), and Q, = flow rate
in the lane adjacent to the shared lane (vph). The opposing
lanes of the basic pattern do not contain left-turn vehicles.
Such a situation may exist at a T-intersection or at a four-leg
intersection where left turns from the inside opposing lane
are prohibited. The maximum number of opposing lanes con-
sidered in this study is two.

The second part of the modeling effort involves the devel-
opment of a mechanism to transform a flow pattern that con-
tains left turns in @, into an equivalent basic flow pattern.
This transformation involves the conversion of Qg into an
equivalent straight-through opposing flow (Qy,), for the es-
timation of the capacity of a shared lane. The transformation
process is shown in Figure 1 (bottom). In this figure, P, rep-
resents the proportion of left turns in the inside opposing lane.

O max is considered to be a function of such variables as Q,,
Oz, Q.. P, cycle length C, green interval G, signal change
interval Y, proportion of left turns in shared lane P,, and so
forth. This study employs a combination of theoretical con-
siderations, field data, and computer simulation to identify
the causal relationships between Q... and its contributing
variables. The simulation model used in this study is a mi-
croscopic model developed at Clarkson University. This model
can realistically simulate the stochastic movements of vehicles
at intersections controlled by a variety of traffic signals. De-
tails of this model are described elsewhere (4). An example
comparison of the simulation outputs and field observations
is given in Table 1.

One concern in modeling Q,,.,, and its related f, ;- is whether
the effects of signal coordination should also be considered.

Qo2 Qof
shared Qg
lane
Qoz Qof Qo Qg

shared Q shared Qq
lane lane

FIGURE 1 Basic flow pattern
(top) and pattern transformation
(bottom).
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A simulation analysis reveals that the capacity of a shared
left-turn lane may be affected by the presence of prominent
cyclic platoons in the opposing lanes as a result of signal
coordination. Nevertheless, as shown in Figure 2, the capac-
ities of shared left-turn lanes when the arrivals are random
tend to lie mostly within 50 vph of the values for coordinated
signal operations. Such discrepancies are not alarmingly large
in the context of capacity analysis. To avoid unnecessary com-
plications, the arrivals will be assumed to be random for the
purpose of modeling Q,,... and f, . To account partially for
the fact that arrivals are not necessarily random, the propor-
tion of arrivals in red interval is included as a variable in the
modeling process.

MODEL FOR BASIC FLOW PATTERN

Given the four components of departures per cycle, M,, M,,
M,, and M, the capacity of a shared lane for F = 1.0 can be
determined as

mdx_ <2M>3600 (3)

The modeling of each of the departure components is
discussed.

Early Left Turns, M,

Early left turns refer to those leading left-turn vehicles in
various cycles that turn in front of the leading opposing vehicle
shortly after green onset. Given the proportion of left turns
in a shared left-turn lane (P,) and the probability of early left
turn « for a leading left-turn vehicle, the expected number of
early left turns per cycle can be estimated as

M, = oP, 4)

The values of « are often less than 0.5. Therefore, when
P, is much smaller than 1.0, M, becomes negligibly small.

Unblocked Straight-Through Departures, M,

After the green onset, those straight-through vehicles ahead
of the first left-turn vehicle can move out without facing the
possibility of being blocked. To facilitate the estimation of
such departures, the directional movements of the vehicles in
a shared left-turn lane are classified into a series of events as
shown in Figure 3. In this figure, K, represents the expected
maximum number of straight-through vehicles that can move
into the intersection before the green interval G expires. The
value of K, can be determined as

G- 1L,
K2=-H— )

where L, is lost time due to starting delays (sec), and H, is
saturation headway when only straight-through vehicles are
present (sec).



TABLE 1 Comparison of Observed and Simulated Signal Operations

200 400 600 800 10001200

Note; S = stralght—through

Average Stopped
Average Green, sec Delay, sec/veh
Observed Simulated
Case | Phase | Mean S.D.! Mean S.D. Observed | Simulated
A 1 6.5 26 5.1 2.1 7.72 6.6
2 324 25.2 30.3 24.6
B 1 33.8 18.2 31.9 17.6 11.1% 10.7
2 54 2.1 5.1 2.3
3 24.0 0.0 24.0 0.0
C 1 27.8 12.8 27.6 12.1 14.7° 149
2 124 6.3 13.0 8.3
D 1 18.8 9.2 17.5 8.1 Not Not
2 10.7 5.8 9.5 5.2 available available
E 1 29.3 7.6 30.2 9.1 42.34 43.7
2 20.5 0.7 20.2 0.9
F 1 12.9 3.9 12.6 3.5 14.0° 13.5
2 9.2 4.1 94 4.0
3 33.6 7.3 32.1 6.7 318 2.7
G 1 10.8 6.0 12.1 3.7 25.18 25.6
2 30.0 0.8 30.0 0.0
3 19.1 0.5 19.2 0.0
H 1 13.4 34 134 3.0 41.97 41.6
2 30.0 0.2 30.0 0.1
3 19.1 0.7 19.9 2.0
13.D. = Standard deviation
Zsingle-lane flow with right turns and left turns
3exclusive left-turn flow
4shared-permissive left-turn flow (85% left turns)
Sexclusive right-turn flow with right-turn-on-red
Sshared-permissive left-turn flow (93% left turns)
shared-permissive left-turn flow (95% left turns)
fe ¢ |
Event I Gy 3 Ga
- 1200 1 7IC
o 2 IsL
. 1000 : 3 |ssL
° 4 - Set A
.g 800 i i
E k{+1 [SSS..SSS|L
oalt] Bl o L B = s ==l St-=
0 k{+2[|SSS..SSSISL
geoo k{+3 |SSS..SSS|SSL
(&
= 400 H H Set B
b=
e k2 SSS5..5SSS5|SSS...SSL|
2 200w Kp+1 [$SS..SSS ss...sss‘
g =5
a
o
(&)

Capacity with Random Arrivals, vph

FIGURE 2 Capacities with cyclic
platoon arrivals in opposing lanes
versus capacities with random
arrivals.

L = left-tum
G = green Interval

G¢= blocked green

FIGURE 3 Classification of arrival
sequences.
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The expected number of unblocked straight-through de-
partures per cycle can be estimated as

K, ifP, =0 (62)
Kz—1

M, =4 X n(l - PypP, +K,(1 - P)<=
n=0

(1 - P, - (1—P)yp, ifP, >0 (6b)

Departures in Leftover Green, M,

In Figure 3, the green interval G is divided into two com-
ponents: G, and G,. G, is the average portion of the green
interval consumed by the queueing vehicles in the opposing
lanes before these vehicles cross the conflicting point. The
conflicting point can be considered to be a representative
location at which a leading left-turn vehicle that is blocked
would come to a stop to wait for a suitable gap in the opposing
flow. On the basis of G,, the events shown in the figure are
grouped into Set A and Set B. Set A events allow a maximum
of K, straight-through vehicles to move into the intersection
before a left-turn vehicle becomes the leading vehicle in the
shared lane. The number of straight-through vehicles ahead
of the first left-turn vehicle in Set B ranges from K, + 1 to
K. The value of K, is determined from Equation 5, and K,
can be determined in a similar manner as

Gl — Lx
= 0 O

5

K, =

After the departures of unblocked straight-through vehi-
cles, a mix of left-turn and straight-through vehicles can move
out by using leftover green intervals. For each of the Set A
events, the leftover green interval is G,. For the Set B events,
the leftover green intervals depend on the portion of the green
interval already consumed by the unblocked straight-through
vehicles.

To facilitate the estimation of G, and the leftover green
intervals, let us define the following additional variables:

i = inside opposing lane (i = 1) or outside opposing
lane (i = 2),
S, = saturation flow rate of the ith opposing lane (vph),
x; = number of queueing vehicles in the ith opposing lane
at green onset,
mq; = average number of queueing vehicles in the ith op-
posing lane at green onset,
qo; = arrival rate in the ith opposing lane during green and
signal change intervals (vph),
912 = qo1 + g, = sum of arrival rates g,, and ¢y, (vph),
R, = proportion of arrivals in red in opposing lanes, and
B = time required for queueing vehicles to go from the
stop line until they clear the conflicting point (sec).

On the basis of these definitions, m,, and g, can be determined
as

_ QuR.C
3,600 (8)

my,
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and

Qu(l - R)C
. i bR A 9
Of G + }, ( )

If there are x; queueing vehicles in the ith opposing lane at
the green onset, the portion of the green interval ¢, consumed
by these and subsequent queuing vehicles before they all cross
the conflicting point may be estimated as

0 ifx,=0 (10a)

=1 3,600x; + L.q,

+L,+B =G
Sor — Go;

ifx,>0  (10b)

Therefore, if ¢, < ¢, the queuing vehicles in the inside op-
posing lane would govern the time required to discharge all
queueing vehicles in a given cycle. Otherwise, the queueing
vehicles in the outside lane would govern. In other words,
the queuing vehicles in the inside lane would govern if the
following inequality holds:

3,600x, + L.gg, _ 3,600x, + L.qgu,

- 11
So1 = Gm Soz — 9oz (11)
This inequality can be rewritten as
1 13,600x, + L.q,,
- ' ~ 402 — 12
¥ = 3,600 [ Sar = Gox (So2 = 902) — LGz (12)

Let X be the largest integer of x, that satisfies Equation 12
and P(x,) be the probability of having x; queueing vehicles in
Lane i at the green onset. For a given x,, the portion of the
green interval consumed by opposing queueing vehicles would
be ¢, if x, has a value equal to or less than X. On the other
hand, the portion of the green interval consumed by opposing
queueing vehicles would be ¢, if x, has a value larger than X.
Therefore, the expected value of G, can be estimated as

» tzP(x»] (13a)

xy=X+

G, = i P(x) [r, é P(x,) +

x1=0

If the arrivals in red are random, the P(x,) in Equation 13a
can be determined from the following Poisson distribution;

X[ o= )
P(x) = E@-:l— (13b)

When only one opposing lane is present and arrivals are ran-
dom, Equation 13a can be reduced to

3,600m
G — -y 01
! Sor — G

+( L.qu, + L, + B)(l —e ) = G (14)
Sor — oy

If two opposing lanes are present, Equation 13a can be
approximated by a simplified equation. Let Q,, be the larger
one of Qg and Q. And, if §o,/So; = go2/Sea, let my = my,,
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9z = Go1» Su = Soi» S, = Sw, and g, = q,,. Otherwise, let
My = My, 9y = Gozs Sy = Sozs St = So1s and g, = go,. Then
the simplified equation can be written as

3,600m Lyg
G, == ”+<,"” +L+>1—e""”
! Sy —qu Su = qu stB )
+ 2ye2 - =G (15a)
where
q: Sy
=S 15b
Y1 au S, ( )
_ (0,042 + 0.01R,)Q,,C
Y = 3,600 (15¢)
and
08QHC
Yy = e 30 — 1 (15d)

Equation 15a is the same as Equation 14 when only one op-
posing lane is present.

Twelve samples of field data were collected from three
intersections to test Equations 13a and 15a. The observed
values of G, and the estimates obtained from these equations
are given in Table 2. The discrepancies between the observed
and the estimated values were small.

Two other models have been recommended for estimating
G, in the HCM and in the FHWA study (2). For comparison,
the estimated values of G, obtained from these models are
also given in Table 2. The model recommended in the FHWA
study measures G, in terms of the time required for the front
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are increased by an amount equal to B. The reference line
used in the model given in the HCM is unknown, and there-
fore no adjustments are made.

Given G, the leftover green interval for Set A events is
G, = G — G,. To facilitate further analysis, this leftover
green interval is modified into an effective leftover green T,
where

G - G

ifG, =L, (16a)

T =

=G, = I (1 - %) if G, < L, (16b)

s

This equation implies that if G, is greater than or equal to
the lost time L, there is no need to adjust for starting delays
because the lost time is completely accounted for by G,. When
G, is smaller than L,, however, G, may not fully account for
the starting delays associated with the vehicles in the shared
lane. Equation 16b provides an adjustment for such a situa-
tion.

For the determination of the average leftover green interval
for Set B events, one may proceed with the determination of
the probability of an event being in Set B. This probability is
(1 — P)%+1, where P, is the proportion of left turns in the
shared lane. Therefore, for the Set B events and 0 < P, < 1,
the average number of straight-through vehicles K, that can
move out before a left-turn vehicle becomes the leading ve-
hicle in the shared lane can be determined as

_ l Ka—1
K, = a—Fy { ["_;Hl n(l — P) Ps]

+ K,(1 - PS)"z}

erocn onset Theseore the esimatescvuaingd fom hivmodes = 7,11 Kibs = (1= )] an
TABLE 2 Observed and Estimated Values of G,
G,
Case | Qp | Qo2 C G R, | Actual | Eq. 13a | Eq. 15a | HCM | FHWA
1 323 | 266 | 81.8 23.0 79 20.0 20.0 20.2 13.0 23.0
2 278 | 246 | 81.8 23.0 .88 19.3 19.2 20.4 11.3 23.0
3 350 | 360 | 81.8 23.0 .75 20.4 21.6 23.0 16.4 23.0
4 388 0 70.6 30.0 .67 19.1 - 18.9 11.2 19.2
5 415 0 72.2 30.0 .68 19.4 - 20.6 12.6 20.3
6 502 0 71.2 30.0 .62 224 - 23.5 15.9 21.0
7 494 0 72.3 30.0 71 24.7 - 24.4 16.0 24.6
8 440 0 68.9 30.0 52 19.9 - 18.4 12.6 16.2
9 356 0 80.0 22.4 .80 21.5 - 21.0 14.2 22.2
10 274 0 |103.7 19.2 .92 19.2 - 19.2 15.2 19.2
11 274 0 82.8 17.2 .72 17.2 - 17.2 11.8 17.2
12 218 0 84.0 18.2 .78 13.4 - 14.8 9.1 164

Note: L, = 2.0 sec (assumed value)
B=22to 3.8 sec
Saturation flow rate: 1500 to 1750 vphg

Lost time per phase = 4 sec (assumed for HCM model)



Lin

The corresponding values of E,, for P, = 0and P, = 1 are

_ (k
K,,={2
0

The_average portion of the green interval consumed by
these K, vehicles is approximately K,H, + L, The corre-
sponding effective leftover green interval T, for the Set B
events becomes

itP, =0 (18a)
if P, = 1 (18b)

T,=G - K,H, - L, (19)

With the exception of the last event shown in Figure 3, a left-
turn vehicle becomes the leading vehicle in the shared lane
after unblocked straight-through vehicles have moved out.
This leading vehicle has to use the gaps in the opposing flow
to move out. Assuming that a waiting left-turn driver will only
accept those gaps longer than 7 sec, the average number of
gaps J that will be rejected before a gap is accepted can be
estimated as

=

J = nZh =11 - Z(h = 7)] (20)

n=0

where Z(h = 7) is the probability that a gap 4 in the opposing
flow is less than or equal to 7.

It can be shown that, for random arrivals, the average num-
ber of rejected gaps can be approximated as

J = — 1 1)

The value of 7 can be considered to be equal to the median
of the lengths of accepted gaps. Typical values of 7 are be-
tween 4.5 and 5.5 sec. For such values of 7, the average length
of each rejected gap can be approximated as /2 without in-
curring significant errors in estimating the capacity of a shared
left-turn lane. On the basis of this approximation, a waiting
left-turn driver will wait an average of J7/2 sec before ac-
cepting a gap. After a decision is made to accept a gap, it will
take an additional & sec for the left-turn vehicle to cross the
conflicting point and for the next vehicle to move up. Typical
values of 3 are between 2.0 and 2.5 sec.

Let H, represent the expected portion of the green interval
consumed by the first left-turn vehicle. Then, H, can be de-
termined as

v ot
H, =7 (e~ 1) +3 (22)

After the first left-turn vehicle has moved out, the vehicle
following can be either a straight-through or a left-turn ve-
hicle. The expected time H, needed by either of such vehicles
to move out is not amenable to simple analytical modeling.
Nevertheless, when the opposing flow does not exist, the
saturation headway H, of the vehicles in the shared lane can
realistically be estimated as

H, = (1 — P)H, + PH, (23)
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where H, is saturation headway only when unopposed left-
turn vehicles are present and H, is saturation headway when
only straight-through vehicles are present.

When opposed left turns exist, the average departure head-
way can be expected to exceed H, and to increase with the
proportion of left turns in the shared lane P, and the opposing
flow rate g,,. A logical model characterizing this relationship
between H,, P, and g, is

B
H, = Hye () (242)

For random arrivals, simulation reveals that the coefficients
A and B in this equation can be estimated as

A = 0.18P0-s8 (24b)
and
B = 1.02p 013 (24¢)

The first left-turn vehicle in a Set A event consumes H, sec
of the effective leftover green 7, and the subsequent vehicles
consume an average of H, sec each. Thus, the expected num-
ber of departures W, related to Set A events is

T
5 fT=H (25a)
W, =
T, — H,
L4 Be 1 >m (25b)

Similarly, the expected number of departures W, related
to Set B events is

T
ﬁ’; if T, < H, (26a)
W, =
T, —
1.0 + —‘-H—H if T, > H, (26b)

Set A events and Set B events account for a total probability
of 1 — (1 — P)®+" and (1 — P,)¥'*', respectively. There-
fore, the total expected departures during the effective left-
over green in a cycle is

M;=W,[1-(1~-P)ar']+W,(1-P)yar! (27)
Departures After Green Interval, M,

For capacity analysis of signalized intersections, the 1985 HCM
assumes implicitly that two blocked vehicles can move out of
the intersection after the green interval expires. On the basis
of this assumed condition, simulation data generated in this
study show that the following equation can provide reasonable
estimates of M,:

M, = 1.3 + 0.0033 ¢ 0007GPo2g . <2 () (28)

This equation implies that M, varies from 1.3 to 2.0 vehi-
cles. The value of M, is 1.3 vehicles when opposed left turns
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do not exist (P, = 0.0 or ¢;, = 0.0), and it reaches 2.0 vehicles
when blocked vehicles are present in virtually every cycle after
the green interval expires.

STRAIGHT-THROUGH EQUIVALENT OF @Q,,

The present of left-turn vehicles in the inside opposing lane
can increase the number and the size of the gaps usable to
the drivers in a shared left-turn lane. Therefore, when the
proportion of the left-turn vehicles in the opposing lane in-
creases, the capacity of a shared left-turn lane also increases.
The increase in capacity can be affected by several other
factors. This phenomenon is shown in Figure 4 on the basis
of simulation data. By comparing such data as shown in this
figure with data for an inside opposing flow Q, that contains
no left turns, one can determine the straight-through equiv-
alent (Qg,). of Qy;. An example of (Qy,;), expressed as a ratio
to Qy, is shown in Figure 5.

800
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9 600
O
© 500
o
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" 400
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o ’
5,300 Pg =0.5
& Qg =400 vph
8 200} C~ = 90 sec
g G = 42 sec
o

1086—0. 0

4 . K y
Proportion of Left Turns in Qg4

FIGURE 4 Effects of left turns in Qy,
on capacity of shared left-turn lanes.
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FIGURE 5§ Characteristic relationships
between @, and its straight-through
equivalent (Q,,)..
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In general, the relationship between (Qy,). and Qy can be
represented by

(QOl)e . QO](:l - B]I)u)e_ﬁzp‘J (293)

where §, can be treated as a constant coefficient with a value
of 0.97 and B, is a function of several variables.

To identify the relationship between 3, and the influencing
variables, a very large number of simulation runs were per-
formed to develop a data base. On the basis of these simu-
lation data, an analysis was carried out to isolate the effects
of each variable on B,. This effort produced a set of equations
for determining f3,.

To facilitate the determination of 3,, let us define two func-
tions, &, and 8,, as follows:

1.39G+Y
8, = —|e” ¢ —1]|P, (29b)

and

G+Y

3, = <0.0006 + 0.00233 + 0.0021P:> Q. (29¢)

Then, for Q,, = 400 vph, the value of B, is

0.9Qu;

— —2.7P
B,=15e¢ + 400

€1+ 52 (29d)

And, for Qy, > 400 vph, the value of B, is

B, = 1.5e727 + 0.9 ¢+

in — 400 -
+ =200 4.5 - 3.6

S = s Ps> (29)

C

The straight-through equivalent of each vehicle in Q,, (i.e.,
(Q01)/Qo; as determined from Equation 29a through 29¢) has
several characteristics that are worth noting. First, larger Q,
and P, increase the chance of an opposing left-turn vehicle
being blocked and, thus, allow more vehicles in a shared left-
turn lane to move out. Under such conditions each opposing
vehicle becomes less of a factor affecting the capacity of a
shared left-turn lane. This is the reason why, as shown in
Figure 5, (Qg)./Qo decreases with Q, and P,. An increase
in the opposing flow Q,, has similar effects. In contrast, (Qy,)./
Q,, increases with P, and (G + Y)/C.

APPLICATIONS

In general, the applications of the analytical model described
involves the transformation of Q,, into a straight-through
equivalent, the determination of Q,,,, for the basic flow pat-
tern resulting from the transformation, and the use of Equa-
tion 2 to determine f, . A numerical example is given in Table
3 to illustrate the applications of the model. The example
involves a flow pattern that has Q, = 400 vph, Q,, = 200
vph with P, = 0.2, Qy, = 350 vph, R, = 0.32, and P, = 0.8.
The related signal control has a cycle length C of 50 sec, a
green interval G of 30 sec for the permissive left-turn phase,
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TABLE 3 Estimation of @,,,, and f; .—An Example

A. Transformation of Qg into (Qq,),

B, = 0.97 (in Eq. 29a); 8, = -1.26 (Eq. 29b); 8, = 1.55 (Eq. 29¢c);
By = 0.77 (Eq. 29d); (Qy;). = 138 vph (Eq. 29a)

B.  Estimation of Q,,, [set Qg to (Qy,), = 138 vph]

Determination of M,
M, = 0.16 veh/cycle (Eq. 4)

Determination of M,

K, = 14 (Eq. 5); M, = 0.25 veh/cycle (Eq. 6b)

Determination of Mgy

my, = 0.61 (Eq. 8); my, = 1.56 (Eq. 8); q5, = 138 (Eq. 9);
Qgy = 350 (Eq. 9); q,, = 488; In Eqs. 16a through 15d, 8, = Sy, = 1,800;
my = 1.56; 8y = S, = 1,800; g = qq = 350; qy, = gy, = 138; Qg = Qp, = 350;
Y, = 0.39; v, = 0.22; y; = 0.475; G, = 8.5 (Eq. 15a); T, = 21.5 (Eq. 16a);
K, = 3.3(Eq. 7); K, = 4.6 (Eq. 17); T, = 18.8 (Eq. 19); H, = 5.5 (Eq. 22);
H, = 2.08 (Eq. 23); A = 0.155 (Eq. 24b); B = 1.055 (Eq. 24c);

= 47 (Eq. 24a); W, = 4.40 (Eq. 25b); W, = 3.83 (Eq. 26b);

3 = 4.40 veh/cycle (Eq. 27)

Determination of M,

M, = 2.6 > 2.0 (Eq. 28); set M, = 2.0 veh/cycle

Determination of Q .,
Qpax = 490 vph (Eq. 3)

C. Estimation of fip

fir = 0.45 (Eq. 2 with G, = G = 30 sec)

and a change interval of 4 sec. The saturation flows for straight-
through movements and unopposed left turns are, respec-
tively, 1,800 vphg (H, = 2.0 sec) and 1,700 vphg (H, = 2.1
sec). In addition, the following parameters are used: T = 5.5
sec, 8 = 2.5sec, B = 2.5sec, a = 0.2, and L, = 2.0 sec.
The model gives an estimated Q,,., of 490 vph and a f, ; of
0.45. In comparison, direct simulation gives a Q. of 442
vph.
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FIGURE 6 Capacities estimated from
analytical model versus capacities
determined from direct simulation.

Over a wide range of conditions, the values of Q,,, esti-
mated from the analytical model and those determined from
direct simulation are mostly within 50 vph of each other. This
characteristic is shown in Figure 6. Figure 7 further shows the
ability of the model to estimate Q,,, and the related f, ; when
a lane is changed from a straight-through-only lane (P, = 0.0)
to a shared left-turn lane (0.0 < P, < 1.0) and, finally, to an
exclusive left-turn lane (P, = 1.0).
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FIGURE 7 Simulated capacities and
estimates obtained from analytical model for
basic flow patterns with 90-sec cycle and 42-
sec green interval.
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CONCLUSIONS

The left-turn adjustment factor for a shared left-turn lane is
a complex function of a number of variables. Reflecting this
complexity, the analytical model developed in this study is
much more complicated than the HCM and FHWA models.
The added sophistication enables the resulting model to pro-
vide better explanations of the causal relationships between
the adjustment factor and its contributing factors.

In comparison with elaborate microscopic simulation, the
analytical model developed in this study can yield equally
realistic estimates. Field data may be collected in future stud-
ies to test and modify the constant coefficients associated with
the model.
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Oversaturation Delay Estimates with
Consideration of Peaking

Nacul M. RouPHAIL AND RAHMI AKCELIK

A deterministic oversaturation queueing model that uses a gen-
eralization of the peak hour factor concept of the U.S. Highway
Capacity Manual (HCM) as a simple variable demand model is
described. The model is used to explore several issues related to
oversaturation models. In particular, the relationship between
the delay measurement methods (queue sampling and path trace)
and the delay definitions used in the corresponding analytical
delay models is investigated with a view to level of service as-
sessment and performance prediction. The differences in delay
definitions and delay measurement methods are negligible for
undersaturated conditions (low to medium v/c ratios). However,
as flows approach capacity (high v/c ratios below capacity) and
exceed capacity (v/c ratio greater than 1), the selection of the
duration of the flow period, delay definition, and delay measure-
ment method affects delay estimates significantly. Substantial dif-
ferences in delay and queue estimates are found between the
cases of peak flow and maximum delay periods regardless of the
delay measurement method. The use of the average delay ex-
perienced by individual vehicles in a maximum delay period cre-
ates problems in system performance analysis. A delay definition
based on a maximum delay period reveals an inconsistency in
relation to delays measured in the field. Whereas the HCM rec-
ommends that field delays be measured in the peak flow period,
the maximum delay period does not coincide with the peak flow
period. It is therefore important that the delay definition implied
by the present HCM delay formula for signalized intersections
be clarified.

The U.S. Highway Capacity Manual (HCM) (I) qualifies the
signalized intersection delay equation given in Chapter 9 as:

The delay equation may be used with caution for up to (a degree
of saturation of) 1.2, but delay estimates for higher values are
not recommended. Oversaturation, i.e. x > 1.0, is an undesirable
condition that should be ameliorated if possible.

However, from a congestion management viewpoint, it is de-
sirable to be able to predict oversaturation delays without any
limitation.

A paper by Akgelik (2), which discussed the x? factor in
the second (random plus oversaturation) term of the HCM
delay model, is related to this issue. For background infor-
mation on delay models in general, and the HCM delay equa-
tion in particular, the reader is referred to McShane and
Roess (3).

Messer (4) analyzed oversaturation delays in relation to the
justification of the x2 factor. Through subsequent private com-
munication with Messer, it is understood that the x? factor is

N. M. Rouphail, Urban Transportation Center, The University of
Illinois at Chicago, Suite 700 South, 1033 West Van Buren Street,
Chicago, Ill. 60607-9940. R. Akgelik, Australian Road Research Board,
P.O. Box 156, Nunawading, Victoria 3131, Australia.

intended to convert the delay in the peak flow period (15 min
in the HCM) to a peak delay value that is the maximum delay
observed sometime during or after the peak flow period.

This paper explores the issues related to oversaturation
models by highlighting differences between various delay def-
initions (delay during the peak flow period versus a maximum
delay period, and delay measured in the specified period ver-
sus delay experienced by all vehicles arriving during the spec-
ified period) and the corresponding delay measurement
methods (queue sampling and path trace).

A deterministic (nonrandom) oversaturation queueing model
is presented that uses a generalization of the peak hour factor
concept of the HCM as a simple variable demand model.
Consideration is given to the choice of the duration of the
peak flow period and to the average flow rates and degrees
of saturation in the peak and nonpeak flow periods.

A numerical example is given to demonstrate the effects of
different delay definitions and the choice of the peak flow
period on estimates of delay and queue statistics.

NOTATION

Symbol  Definition

T Duration of the total flow period

T, Duration of the peak flow period in the total flow period
0<T7T,=T)

i, Duration of the oversaturation period (time from the start
of the peak flow period until the queues clear), T, =
(1 — a)x, Tl — ox,)

q, Average {low rate in the peak flow period (during T,)

q, Average flow rate in the nonpeak flow period (during
T-T,)

q. Average flow rate during the total flow period (during T)

o The ratio of nonpeak and peak flow rates, « =q,/q,

C, Peak period capacity throughout the oversaturation period
(T.)

c, Nonpeak period capacity outside the oversaturation period
(T - To)

X, Peak period degree of saturation (v/c ratio), x, = q,/c,

ax, Degree of saturation during the remainder of the oversa-
turation period following the peak flow period (T, -
T,), ax, = q,lc,

X, Nonpeak period degree of saturation outside the oversa-

turation period (T — T,), x, = q./c,

PFF Peak flow factor: the ratio of average flow rates in the total
and peak flow periods, PFF = q,/q,

PHF Peak hour factor: special case of PFF where the total flow
period T'is 1 hr, PHF = ¢/q,

PTF Peak time factor: the ratio of durations of the peak and
total flow periods, PTF = T,/T
y A variable that defines the delay period. This is the time

from the start of the peak flow period to the start of a
floating delay period of duration T, in T (for y = 0, the
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Symbol  Definition

delay period is the peak flow period, and y = y,, corre-
sponds to the maximum delay period)

Y The value of y that gives the maximum value of delay (total
or average) for any floating delay period of duration 7,
inT

D, Total oversaturation delay for the delay period as defined

by variable y

Average oversaturation delay for the delay period as de-
fined by variable y

Queue size at the start of the delay period as defined by
variable y

Queue size at the end of the delay period as defined by
variable y

Average overflow queue size for the delay period as defined
by variable y

A,

<

=z

~

z

G)
~

=

~

Flow and capacity (g, ¢) are in vehicles per hour (vehicles per
second), total delay (D) is in vehicle-hours (vehicle-seconds),
average delay (d) is in hours (seconds) per vehicle, and queue
size (N) is in vehicles.

ISSUES AND DEFINITIONS

When demand flow of traffic in a lane (or lane group) at an
intersection exceeds the capacity by a large margin as repre-
sented by a high degree of saturation (volume/capacity ratio
x >> 1.0), overflow queues develop and persist over a con-
siderable period of time. In such oversaturated conditions,
stochastic variations in demand flows have minimal influence
on the system operation, and a simple deterministic input-
output queueing model is adequate for representing the re-
sulting queueing phenomenon.

Deterministic oversaturation models are key predictors of
delays and queues under highly congested conditions. Such
models are also important in defining continuum models that
allow for stochastic variations in demand flows, have time-
dependent characteristics, and apply to undersaturated as well
as oversaturated conditions.

Average
delay
or
queue

length steady-state queueing model

TRANSPORTATION RESEARCH RECORD 1365

A continuum model (i.e., an entire delay or queue length
curve) with time-dependent characteristics can be obtained
by means of the coordinate transformation method (5,6). This
process essentially shifts the steady-state (stochastic) queueing
model from its vertical asymptote to a time-dependent de-
terministic asymptote as shown in Figure 1. The resulting
time-dependent model incorporates both random and over-
saturation delays for high degrees of saturation. Therefore,
the positioning of the time-dependent asymptote has pro-
found implications for delay and queue estimation around
capacity, which are the most relevant operating conditions in
an intersection design context (7).

The deterministic oversaturation delay function provides a
lower bound of delay for oversaturated conditions, which should
apply independent of traffic control (e.g., signalized or un-
signalized) or arrival characteristics (e.g., random or
platooned).

Several definitional issues arise in deriving equations that
express delay and queue statistics in an oversaturation queueing
model: (a) Is the delay measurement method used in the field
consistent with the delay models used in operational analysis?
(b) Which combination of time period and delay measurement
method should be used for level of service (LOS) assessment?

With regard to the first point, two basic methods can be
identified. The HCM recommends that field delays be mea-
sured using a periodic queue sampling process (at 10- to 20-
sec intervals). Total delay is then estimated as the area under
the queue profile. Average delay is computed by dividing the
total delay by the number of vehicle arrivals during the study
interval. On the other hand, the path-trace method measures
individual vehicle delays from arrival to departure time, even
if the latter occurred beyond the observation period. Delay
models used in Australia (2,6,8) are consistent with the path-
trace method. The queue sampling and path-trace methods
of delay measurement are compared in Figures 2a and 2b.

The second and key issue is concerned with the selection
of a combination of time period and delay measurement method
for the purpose of LOS assessment. Messer (4) points out
that the maximum vehicle delays in an oversaturated period

time-dependent
queueing
model L‘
/ deterministic
oversaturation

/ model
/

1.0 v/c ratio

FIGURE 1 Steady-state and time-dependent queueing models.
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FIGURE 2 Queue sampling (a) and path-trace (b) methods of delay

measurement.

typically occur at or beyond the termination of the peak flow
period; in other words, the peak flow and peak delay periods
do not necessarily coincide. He goes on to suggest that the
maximum delay period should be used for LOS assessment.
In that context, he relates the use of the x? factor in the
incremental delay term in the HCM delay formula to the
estimation of the peak delay in any floating 15-min period
within the peak hour.

The formula given by Messer (4) to calculate the peak
oversaturation delay corresponds to the queue sampling
method. However, it is suggested that a delay formula cor-
responding to the path-trace method is more relevant to the
LOS concept because this represents the delay experienced
by individual vehicles. In this paper, a generalization of Mes-

ser’s maximum delay formula and a formula based on the
path-trace method are developed.

USE AND EXTENSION OF THE PEAK
HOUR FACTOR CONCEPT

For the identification and evaluation of the period when the
maximum delay occurs, a detailed analysis of the demand
flow profile around the peak flow conditions is needed. This
process, however, may be too complex and cumbersome to
be applied in a simple operational analysis context as in the
HCM since signal timing and capacity analysis for each time
interval in the peak period is required. However, a simple
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representation of the peaking characteristics can be gained
through the use of the peak hour factor (PHF) parameter.
For this purpose, a simplified demand profile is described
with average flow rates g, and g, in the peak flow period (T,)
and the nonpeak flow period (T — T,), where T is the total
flow period (0 < T, = T).

The PHF parameter (see Figure 3) characterizes the peak-
ing of demand flows by relating the average flow rate g, in
the peak hour (T = 1 hr) and the average flow rate g, in the
peak flow period (7, = 1 hr) through
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From Equations 1 and 2 with T = 1 hr, the nonpeak flow
rate g, is expressed as

(PHF — T,)

a-1,) ®)

n = P

Note that PHF = 1.0 and g, = 0 since, by definition, 0 < T,
=1.0.WhenT, =T = 1hr, q, = q, and g, = 0, therefore
PHF = 1.0. This corresponds to a constant demand rate
during the total flow period.

The PHF parameter may be generalized by specifying a

PHF = q./q, 1) general value for the total flow period T (instead of T = 1
_ . hr) during which the peak flow period T, occurs (0 < T, = T).
By the principle of conservation of vehicles, For the generalized parameter, let us use the term peak flow
factor, PFF, instead of PHF, and let us define a new parameter
.7 = q,T, + q.(T - T,) 2 called the peak time factor, PTF:
- | T =1 hour 4 .
L T L
I : T.=0.25h : I
: I‘__.L..__): !
| ! | |
| | 9, | I
Arrival | i
profile | q, |
_— e e —_—— ] — — —
ql‘l qn
| |
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| } { | Time
| I | |
| | | |
| | | |
| I T | |
| | |
| | | |
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| I | |
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FIGURE 3 Demand, capacity, and queue profiles using the peak hour factor

concept.
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PFF = q./q, (4a)
PTF = T,/T (4b)
It can be shown that PTF = PFF =< 1.0. In the HCM, T, =

0.25 hr and T = 1 hr are used, yielding 0.25 = PFF = 1.0.
Rewriting Equation 3 for the general case gives

_ (PFF — PTF)

Defining parameter « = ¢,/q, (0 = o = 1), Equation 5 can
be expressed as

qdn = g, (63)
where

_ (PFF - PTF)
¢~ T - PTR (6b)

The peak period capacity, c,, is considered to apply as long
as oversaturation persists, since this situation represents heavy
demand conditions (e.g., leading to maximum green times at
traffic signals). The oversaturation period (i.e., the time from
the start of the peak flow period until the time the over-
saturation queue clears) is given by

where x, = ¢q,/c,.

The validity of the oversaturation queueing model given in
this paper is predicated on the assumption that the peak pe-
riod queues must not grow after the termination of the peak
flow period so that the oversaturation period is not indefinite
(Equation 7). This constraint is expressed as

ox, < 1.0 (8a)
This is equivalent to
x, <10/ or g,<c, (8b)

For example, applying the HCM values T = 1hr, T, = 0.25
hr, PFF = PHF, PTF = 0.25, Equation 6b gives

_ PHF - 0.25 o
- 0.75 ©)

and from Equation 8b, the condition for the oversaturation
queues to clear is

0.75
*» = PHF - 0.25 (10)
For example, when PHF = 0.9, x, must not exceed 1.15
for the oversaturation queues to clear after the peak flow
period.

75

DEVELOPMENT OF AN OVERSATURATION
QUEUEING MODEL

An oversaturation queueing model is given here that extends
Messer’s original formulation (4) as follows:

@ The model is used to derive the delay and queue statistics
for either the peak flow period or a maximum delay period
of duration T,.

@ Separate equations are given for estimating delays in ac-
cordance with the queue sampling and path-trace methods of
measuring delays.

In Figure 2, cumulative arrival and departure patterns and
resulting queues during an oversaturation period are shown.
The specific queueing model used in this paper is depicted in
Figures 3, 4a, and 4b. The dual flow rate approach used in
this model is consistent with the PHF concept in the HCM.
The model differs from the so-called low-definition approach
used in the United Kingdom (5) in dividing the total flow
period into peak and nonpeak periods with constant flow rates
rather than using a constant average flow rate throughout the
total flow period. It also differs from the low definition ap-
proach by assuming that the peak period capacity applies
throughout the oversaturation period (i.e., the nonpeak ca-
pacity applies only after the oversaturation queues have
cleared).

Let us define a variable (floating) delay period that starts
at time y after the start of the peak flow period, terminates
before the end of the oversaturation period (0 <y = T, —
T,), and is of the same duration as the peak flow period (T,,).
For y = 0, the delay period is identical to the peak flow
period, and y = y,, defines a maximum delay period. The
delay and queue statistics for various combinations of delay
period definition and delay measurement method are given
as follows.

Delay and Queue Statistics Using the Queue Sampling
Method of Measuring Delay

The total oversaturation delay measured by the queue sam-
pling method as incurred in a floating delay period of duration
T, starting at time y after the onset of the peak flow period
(see Figure 4a) is given by

D, = 0.5¢,[(x, — 1)(T2 + 2T,y — y*) — y*(1 — ox,)] (11)

The number of vehicles experiencing the total delay given by
Equation 11 is

N,vqu(Tp_y)+qny:qp[Tp_y(1_a)] (12)

Therefore, the average delay corresponding to Equation 11
is

d, = DN, (13)

The start and end overflow queue lengths for the delay period
are

N, = c,y(x, — 1) (14)

sy
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FIGURE 4 Oversaturation models with (a) queue sampling and (b) path-trace

methods of delay measurement.

Ny = ¢ [T(x, = 1) = y(1 =~ ax,)] (15)
The average overflow queue length for the delay period of
duration 7, is

N, = (16)

DT,

Application of the general equations for the queue sampling
method of delay measurement to the maximum total delay
and peak flow periods is given in the following subsections.

Delay and Queue Statistics for the Maximum
Delay Period

The value of y that gives the maximum value of the total delay
from Equation 11, y,,, can be determined by setting the de-
rivative of the total delay with respect to y to zero:

_ T,(x, — 1)

x,(1 — a) (17)

ym

Note that Equation 17 always satisfies y,, = T, — T, (i.e.,
the maximum delay period ends before the end of the over-
saturation period). From Equations 11 and 17, the maximum

total delay is
x — 1)
x,(1 — o)

The number of vehicles experiencing the maximum total
delay given by Equation 18 is

D, =05Tx,(x, - 1) [1 + (18)

Ny = T, (19)
The corresponding value of the average delay is

4, = 05T,(x, - 1) |1+ L= 1 (20)
T x(1 = o)
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The equation given by Messer (4) corresponds to Equation
20. Thus, Messer’s formula gives the maximum delay for the
queue sampling method of measurement. It should be noted
that there is an inconsistency in the definition of the delay
factor (k) used by Messer (bracketed term in Equation 20)
since he calculated it as the ratio of the maximum delay with
the queue sampling method (Equation 20) to the delay to
individual vehicles arriving during the peak flow period, which
implies the path-trace method of delay measurement (Equa-
tion 34). Furthermore, Equation 20 does not necessarily give
the maximum value of the average delay experienced by in-
dividual vehicles since it is based on maximum total delay.

From Equations 14, 15, and 17, the start and end overflow
queue lengths in the maximum delay period can be shown to
be equal and have the value

- N, = L% = 1 1)

N, x,(1 - o)

sm

From Equations 16 and 17, the average overflow queue
length in the maximum delay period is

N, = 05T N I C it} 2
am T M PCP(XP ) + xp[l o= 0‘.} ( )

Delay and Queue Statistics for the Peak Flow Period

Delay and queue statistics for the peak flow period with the
queue sampling method of measurement can be derived by
setting y = 0 in Equations 11 to 16. The nonpeak flow rate
is not relevant to estimating queues and delays in this case
(see Figure 4a). Therefore, the total delay in the peak flow
period is

D, = 0.5T%c,(x, — 1) (23)

‘The number of vehicles experiencing the total delay given by
Equation 17 is

N, = q,T, 24)
The average delay measured in the peak flow period is

0.5T,(x, — 1)

Xp

d = DN, = (25)

The start and end overflow queue lengths in the peak flow
period are

N, =0 (26)
Neo = T,c,(x, — 1) (27)

and the average overflow queue length in the peak flow
period is

N., = 0.5T,c,(x, — 1) (28)
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Delay and Queue Statistics Using the Path-Trace
Method of Measuring Delay

The path-trace method measures delays experienced by in-
dividual vehicles, which is more relevant to the LOS concept
than the queue sampling method, which relates to a system
concept. Therefore, this method considers delays to vehicles
arriving in that period regardless of departure times (see
Figures 2b and 4b).

The total oversaturation delay measured by the path-trace
method that is incurred in a floating delay period of duration
T, starting at time y after the onset of the peak flow period
is given by

D, = 0.5cx, {(x, — 1)(T2 — )
+ ay[ZTp(xp - 1) - y(l - axp)]} (29)

The average delay corresponding to Equation 29 can be
calculated from the general relationship described by Equa-
tion 13. This includes individual vehicle delays experienced
beyond the delay period (i.e., after time y + T,). However,
all queue statistics are equivalent to those derived for the
queue sampling method (Equations 14 to 16).

Application of the general equations for the path-trace
method of delay measurement to the maximum average delay
and peak flow periods is given in the following subsections.

Delay and Queue Statistics for the Maximum
Delay Period

For LOS assessment purposes, the period maximizing the
average delay rather than the total delay should be used. The
value of y that gives the maximum value of the average delay
from Equations 13 and 29, y,,, can be determined by setting
the derivative of the average delay with respect to y to zero:

T, G, — D - &)
ym:l—a[l_\/l_ot(l—oucp)+(xp—1):|

subject to y,, < T, — T,. The upper bound on y,, ensures
that the maximum delay period ends before the end of the
oversaturation period.

The maximum value of the average delay is obtained from
d, = D,/N,, using the total delay, D,, from Equation 29 and
the number of vehicles experiencing that total delay, N,, from
Equation 12 with y = y,:

(30)

(xp . 1)(Ti - .}'5!) + Oly,,,[ZTP(XP - l) e ym(l = (!.Xp)] (31)

d, =0.5
T, =yl - )

The start, end, and average overflow queue lengths for the
delay period maximizing the average delay can be obtained
by substituting y = y,, in Equations 14 to 16.

Delay and Queue Statistics for the Peak Flow Period

Delay and queue statistics for the peak flow period with the
path-trace method of measurement can be derived by setting
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y = 0in Equation 29. The resulting equations are equivalent
to the equations given by Akgelik (6). In this case, the non-
peak flow rate is not relevant to estimating queues and delays
to vehicles arriving in the peak flow period (see Figure 2b).
Therefore, the total delay in the peak flow period is

D, =0.5T2c,x,(x, — 1) (32)

The number of vehicles experiencing the total delay given by
Equation 22 is
N,=g,T, (33)
Therefore, the average delay experienced by vehicles arriving
in the peak period is
d,=0.5T,(x,—1) (34)

The start, end, and average overflow queue lengths in the
peak flow period (N,,, N,,, and N,,) are identical to those

obtained by the queue sampling method (see Equations 26
to 28).
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NUMERICAL EXAMPLE

A numerical example illustrating the use of the equations
given in the preceding section for estimating queue and delay
statistics for the peak flow and maximum delay (total or av-
erage) periods is given in this section. In particular, the fol-
lowing points are explored:

e Effect of flow profile aggregation (i.e., the choice of the
duration of peak flow period) on delay and queue estimates,

e Effect of the delay measurement method (queue sampling
or path trace) on predicted oversaturation delay, and

® The relationship between the average oversaturation
delay incurred in the peak flow period and that incurred in
the maximum delay period given the method of delay
measurement.

In this example, demand flow data are assumed to be col-
lected in eight 15-min intervals within a 2-hr peak (T = 2 hr).
The observed flow profile is shown in Figure 5a. The demand
profiles synthesized according to selected durations of the
peak flow period (7,) are shown in Figure 5b.

The example relates to a traffic stream in a signalized in-
tersection approach lane. As a rough way of emulating the
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FIGURE 5 Numerical example (T = 2 hr): (a) actual demand profile; (b)
synthesized demand profiles for indicated T,
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operation of a vehicle-actuated signal controller, the capacity
function is set at

¢ = min {c,,, g/x.} (35)
where
¢ = capacity (veh/hr) for a given demand level g,

¢ maximum movement capacity attained during the
oversaturation period, that is, as long as overflow
queues exist during and after the peak flow period
(the maximum is a result of limitations on maximum
green time, cycle length, etc.), and

x, = design (or practical) degree of saturation at demand

level g.

m

In this example, ¢,, = 1,000 veh/hr and x, = 0.90 are used.
The average flow rate over the 2-hr period is set at g, = 800
veh/hr.

The capacity model given in Equation 35 yields higher ca-
pacities with increasing flow levels up to a maximum value.
In some cases, the signalized intersection capacities may de-
crease as flow levels increase [e.g., where such factors as
opposed turns, short lanes, and shared lane blockages are
dominant (8)]. At roundabouts and other signalized intersec-
tions, capacities always decrease with increasing flow levels
because of the underlying gap acceptance process. The results
from the model based on Equation 35 should therefore not
be generalized.

The results are summarized in Tables 1 to 5 as explained
below. In all tables, flow rates are given in vehicles per hour,
times in hours, queue lengths in vehicles, total delays in
vehicle-hours, and average delays in seconds per vehicle.

TABLE 1 Flow and Capacity Parameters for Selected Peak
Flow Period Lengths (c, = 1,000 veh/hr)

Selected PTF Average PFF o q, Xp oxp T,
Tp (Eqn 4b) I (Eqn 4a) (Eqn 6b) (Eqn 6a) (Eqn 7)
0.25 0.1250 1400 0571 0510 714 1,400 0.714  0.600
0.50 0250 1250 0640 0520 1250 0650  0.857
0.75 0.375 1133 07056  0.528 1133 0598  0.998
100 0.500 1050 0.762 0524 1.050 0.550 1.111
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TABLE 2 Delay and Queue Statistics Using the Queue
Sampling Method: Maximum Delay Period

Tp *p o %p Ym D, d Ngm Nem Nam
025 1.400 0.714  0.146 1979 2849 58.3 68.3 79.2
0.50 1.250 0650 0208  44.27 3188 52.1 52.1 88.6
0.75 1133 0598 0187 4685 2249 24.9 249 62.5
1.00 1.050 0550 0100 2750 99.0 5.0 5.0 275

TABLE 3 Delay and Queue Statistics Using the Queue
Sampling Method: Peak Flow Period

Tp *p oxp y Do do Nso Neo Nao

0.25 1400 0.714 0.0 12.50 1286 0.0 100.0 50.0
0.50 1.250 0.650 0.0 3125 180.0 0.0 125.0 62.5
0.76 1133 0.598 0.0 3741 158.8 0.0 100.0 50.0
1.00 1.050 0.550 0.0 25.00 86.7 0.0 50.0 25.0
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TABLE 4 Delay and Queue Statistics Using the Path-Trace
Method: Maximum Delay Period

Tp Xp Xy Ym Dm dm Nsm Nem Nam
0.25 1400 0.714 0.165 18.88 286.9 66.0 52.8 78.7
0.50 1.250 0.650 0.250 42,50 3220 62.5 3756 875
0.75 1133 0.598 0.239 45.48 226.8 318 3.8 61.3
1.00 1.050 0.550 0.111 2745 994 5.6 0.0 27.5

TABLE 5 Delay and Queue Statistics Using the Path-Trace
Method: Peak Flow Period
Tp Xp ax, y Dy do Nao Neo Nao
025 1400 0714 00 1750 1800 00 1000 500
050 1250 0650 00 3906 2250 00 1250 625
075 1133 0598 00 4250 1800 00 1000 500
100 1050 0550 0.0 2630 900 0.0 50.0 25.0

1. Table 1 gives the demand and capacity flow parameters
in the peak and nonpeak periods. Capacity for the peak flow
period is derived using the peak flow rate (g,) in Equation
35. Since all peak flows are above 1,000 veh/hr, the peak
period capacity is the same for all T, cases (c, = ¢,, = 1,000
veh/hr). Table 1 also gives the oversaturation period (T,)
during which the peak period capacity (c,) applies. The non-
peak period capacities (c,) are not given in Table 1 since they
are not used in the deterministic oversaturation model (Figure
4).

2. Tables 2 and 3 provide comprehensive delay and queue
statistics for the maximum delay and peak flow periods ob-
tained using the queue sampling method.

3. Finally, Tables 4 and 5 give comparable delay and queue
statistics corresponding to the path-trace method.

A study of the results given in Tables 1 to 5 indicates a
strong correlation between the duration of the selected peak
interval and the corresponding delay and queue statistics. This
is explained by the fact that the peak and nonpeak flow rates
are averages within and outside the peak period. A peak flow
period with longer duration (larger 7,) implies a longer peak,
but a smaller peak flow rate. This trade-off is evident when
comparing the average delay and queue length values within
each table for different T, values. In most cases, a 30-min
interval yielded the highest delay. Thus, the blanket use of a
fixed peak and analysis periods as in the HCM (7, = 0.25
hr and T = 1 hr) is not supported by this example. In fact,
such blanket definitions may not be consistent with the in-
tended use of the delay models, which are meant to simulate
the performance of a (possibly) saturated peak within an
undersaturated total flow period.

The differences in queue and delay statistics obtained from
the queue sampling and path-trace methods of delay measure-
ment can be seen by comparing the results in Tables 2 and 4
for maximum delays or Tables 3 and 5 for average delays in
the peak flow period. Maximum delays estimated by the two
methods are similar. The path-trace method gives higher delay
for the case of analysis for the peak flow period, which is due
to the allowance for oversaturation delays experienced after
the peak flow period.

As expected, substantial differences in delay and queue
statistics were observed in the cases of peak flow and maxi-
mum delay periods regardless of the delay measurement method
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(comparing the results in Tables 2 and 3 or those in Tables 4
and 5). The level of difference is also seen to be affected by
the choice of the duration of the peak flow period.

CONCLUSION

This paper has presented a deterministic oversaturation
queueing model, which generalizes the peak hour factor con-
cept of the U.S. HCM (7). Using this simple variable demand
model, several issues related to oversaturation models have
been explored. In particular, consistency of delay definitions
and delay measurement methods has been investigated. A
numerical example has been used to illustrate the application
of the model. For the discussion of a full time-dependent
model allowing for both random and oversaturation delays,
the user is referred to Akgelik and Rouphail (7).

The queue and delay estimates are highly sensitive to the
selected peak flow period duration irrespective of the delay
definition or the delay measurement method. In fact, varia-
tions caused by the choice of the peak flow period duration
are as significant as those resulting from the use of a different
delay definition or delay measurement method.

For the example analyzed, the ability to vary the duration
of the peak flow period revealed that a 30-min peak period
was more critical in terms of resulting delays and queues than
the 15-min peak duration specified in the HCM.

As expected, substantial differences in delay and queue
estimates are observed between the cases of peak flow and
maximum delay periods regardless of the delay measurement
method. In the numerical example, the maximum delays es-
timated by the queue sampling and path-trace methods are
similar, but the path-trace method produces higher delays for
the peak flow period.

The use of the average delay experienced by individual
vehicles in a maximum delay period appears to have some
merit in terms of LOS. However, this creates several problems
in system performance analysis (including estimation of op-
erating cost, fuel consumption, and pollutant emission).

First, the number of vehicles experiencing this delay is smaller
than the number of vehicles arriving in the peak flow period.
By applying this delay to the peak flow period, the total delay
would be overestimated. Therefore, the use of this delay should
be restricted to LOS assessment purposes only. For the pur-
pose of system performance design and evaluation, total
oversaturation delay should be used.

Second, a delay definition based on a maximum delay pe-
riod reveals an inconsistency in relation to delays measured
in the field. Simply stated, whereas the HCM recommends
that field delays be measured in the peak flow period, the
maximum delay period does not coincide with the peak flow
period. Thus, the two delays are not comparable.

Furthermore, if the use of maximum delay is adopted, the
path-trace rather than the queue sampling method should be
used, since the former is more relevant to LOS assessment
in reflecting the delays experienced by individual vehicles.

It is therefore important that the delay definition implied
by the present HCM delay formula for signalized intersections
be clarified in view of the comments presented in this paper.
Specifically, if the x? factor in the incremental delay term of
the HCM delay formula is intended to produce a maximum
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delay estimate for oversaturated conditions as put forward by
Messer (4), the delay estimates from the HCM delay formula
should not be expected to correspond to delays measured in
the 15-min peak flow period by the queue sampling method
specified in the HCM.

Thus, it would be advisable to consider two distinct delay
models for system performance and LOS assessment pur-
poses. In the former, delays incurred throughout the over-
saturation period would be considered for estimating total
delay, operating cost, fuel consumption, and pollutant emis-
sions. The latter should strictly apply to the maximum delay
period using the path-trace method for LOS assessment.

The differences in delay definitions and delay measurement
methods that have been emphasized in this paper are relevant
to oversaturated conditions only. For undersaturated condi-
tions represented by low to medium v/c ratios, the effect of
the time-dependence of demand flows (i.e., the duration of
the peak flow period) on delays and queues is negligible, and
therefore the delay definitions used in the delay formulas have
little effect on delay estimates. Similarly, the queue sampling
and path-trace methods of delay measurement should yield
similar delays under low to medium v/c ratios.

However, as flows approach capacity (undersaturated but
high v/c ratios near capacity) and exceed capacity (v/c ratio
greater than 1), the selection of the duration of the flow
period, delay definition, and delay measurement method af-
fect delay estimates significantly. Because of the dual nature
of the delay-flow functions, the use of a factor that applies to
all flow conditions [such as the x? factor in the incremental
(random plus oversaturation) term of the HCM delay equa-
tion or the progression factor that multiplies both terms of
the equation] is not appropriate for modeling oversaturation
effects (2,9). A time-dependent continuum mode] satisfying
these requirements is described in a follow-up paper (7).

It is realized that the dual flow model presented in this
paper is still a simplification of the variable demand model
case. Nevertheless, the concept builds on flow data that are
gathered routinely as part of intersection operational analysis
studies. The end user must realize, however, that some prior
investigation is needed to select sensible durations for the
peak and total flow periods. As a guide, a 15-min peak flow
period appears to be the smallest aggregation period for which
volumes can be assumed uniform. The total flow period is
more difficult to ascertain except that it is advisable that no
overflow queues should be present at either its start or its
termination. Determining the critical duration of the peak
period interval (in multiples of 15-min) should take into ac-
count the level of peaking. Short peak flow periods are re-
quired in high peaking cases (low PHF or PFF values) to
allow for long oversaturation periods resulting from a high
v/c ratio in the peak flow period. In the numerical example,
a 30-min peak flow period produced the largest delay and
queue estimates. Further work is required on the effect of
the choice of the location and duration of the peak flow period
in terms of the total system performance in the total flow
period.

The practical difficulty of measuring the true demand pro-
file, which requires measuring arrival flows at the end of the
queue, should also be recognized. Volume counts at the stop
line cannot identify oversaturation since the stop line flows
can never exceed the capacity (in the example shown in Figure
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5, Intervals 4 and 5 have demands that exceed the capacity
of 1,000 veh/hr, but the stop line counts would yield an ap-
parent demand of 1,000 veh/hr). On the other hand, the stop
line method would count the excess demand in subsequent
intervals. This would indicate less peaking (a higher PHF or
PFF value) than the real demand profile. Stop line volume
counts supplemented by queue counts (10) could be used to
estimate the true demand for oversaturated conditions.
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Car-Following Model Based on Fuzzy

Inference System

SHINYA KixucHI AND PARTHA CHAKROBORTY

Car-following theory has been receiving renewed attention for its
use in the analysis of traffic flow characteristics and vehicle sep-
aration control under the IVHS. A car-following model that uses
the fuzzy inference system, which consists of many straightfor-
ward natural language—based driving rules, is proposed. It pre-
dicts the reaction of the driver of the following vehicle (acceleration-
deceleration rates) given the action of the leading vehicle. A range
of possible reaction is predicted and expressed by the fuzzy mem-
bership function. The model is applied to the analysis of traffic
stability and speed-density relationship. For traffic stability, the
results are compared with those derived from the deterministic
approach. The speed-density relationship derived from the model
is compared with a set of actual flow data. The predicted range
is found to be reasonable. The proposed fuzzy approach helps
explain the scatter of the actual data as possibility rather than
random variation.

For the past several decades traffic flow has been generally
analyzed under the premise that all drivers behave in a similar
manner and that a general law exists governing the flow char-
acteristics in the traffic stream. On the basis of this premise,
characteristics of flow have been analyzed from both the mi-
croscopic and the macroscopic standpoints. Most studies have
considered that a deterministic relationship exists between the
action of a vehicle and the reaction of the vehicles that follow.
Whereas the existence of this cause and effect relationship is
not disputable, the reactions of a driver to the actions of other
drivers are perhaps not based on a deterministic one-to-one
relationship, but on a set of vague driving rules developed
through experience. The way in which the rules are applied
may differ with different drivers, and even for the same driver,
it differs with different conditions. The rules are not rigid but
are natural language based. For example, if the leading vehicle
(LV) decelerates, then the following vehicle (FV) should de-
celerate; or, if the distance between the LV and FV becomes
very short, the FV should decelerate and try to increase the
distance. Such a linguistic reasoning pattern is suited for an
analysis using fuzzy logic and approximate reasoning tech-
niques. Fuzzy set theory and logic allows the mathematical
treatment of subjective judgment and inference, and in recent
years fuzzy logic has been applied to many practical problems
involving ¢ontrols and decisions under the environment of the
imprecise human reasoning process.

This paper proposes a fuzzy rule—based car-following model
that assumes that a decision made by a driver is the result of
a fuzzy reasoning process and then predicts the possibilities
of the reaction of the FV.

Civil Engineering Department, University of Delaware, Newark, Del.
19716.

CAR-FOLLOWING MODELS:
TRADITIONAL APPROACH

This section is divided into two subsections. The first subsec-
tion describes the car-following models developed by the
General Motors research group (GM Model) and their as-
sumptions. The second subsection discusses traffic stability
and speed-density relationships in the car-following context.

The car-following theory evolved in the 1950s. Among the
researchers who pioneered in the field, Pipes (I, pp. 164—
166) developed a microscopic model that assumed that the
minimum safe distance between vehicles was a function of
speed. His work was followed by that of Forbes (I, pp. 116-
167). While Pipes modeled the traffic flow assuming that
drivers maintain a constant distance headway, Forbes as-
sumed that drivers maintain a constant time headway. How-
ever, by far the largest contribution was made by the GM’s
research team (2—5). Some of the GM models are discussed
here.

Models and Assumptions

The GM models were based on the premise that the reaction
of the FV at time ¢ depends on the sensitivity of the FV and
the strength of the stimulus given by the LV at time ¢t — At,
where the strength of the stimulus is measured in terms of
the relative velocity between the LV and the FV, the reaction
of the FV is measured by the acceleration or deceleration
rate, the time difference, At, is equal to the perception/
reaction time, and the sensitivity term maps the unit of a
stimulus to a reaction. The GM team developed five models
that have the same general structure but differ from one an-
other in the sensitivity term. The fifth model is a generalized
representation of the first four models:

xn+1(t+At)

_ “T(ft)_f—”ﬂ(‘gf ) — % O]

where

¥, + 1 (t + Af) = acceleration or deceleration rate of
(n + 1)th car at time ¢ + At,
x,(f) = speed of nth car at time ¢,
x,(f) = position of ath car at time ¢,
£ = parameter for sensitivity to distance x,,(f)

- xn+1(t)’

il

I
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m = parameter for sensitivity to speed
X, (t + AP, and

constant.

a{,m

This model has the following characteristics:

1. The interaction between stimulus and reaction has a one-
to-one correspondence. The notion that a driver’s reaction
pattern is imprecise is not fully represented. Ceder (6) ex-
pressed a similar concern. Representation of a human be-
havioral pattern may be better explained by an approximate
reasoning process than a deterministic equational model.

2. The FV reacts even to minute changes in relative velocity
between the LV and FV in a deterministic manner.

3. Sensitivities of the FV to the positive and negative rel-
ative velocities are the same. Equation 1 suggests that if the
FV accelerates at y ft/sec? when the relative speed is 3 ft/sec,
then it decelerates at —y ft/sec? when the relative speed is
— B ft/sec. It has been observed that drivers react differently
when the distance between cars is increasing or decreasing.
Leutzbach (7) also states that “drivers pay closer attention to
spacing decreases (decrements) than to spacing increases (in-
crements) simply on the basis of their own safety.”

Applications of GM Model

This section discusses two topics to which the car-following
models have been applied: traffic stability and macroscopic
speed-density relationships.

Traffic Stability

Traffic stability is a study of how stability is restored in the
traffic flow after the leader of a platoon “destabilizes” the
flow by accelerating or decelerating. The traffic stability anal-
yses have focused on how the vehicle spacing changes with
time. Two types of stability patterns have been studied in the
past: local stability and asymptotic stability. Extensive anal-
yses of local stability patterns were conducted for different
car-following models (i.e., different combinations of  and
€ in Equation 1) by Herman et al. (5), Chandler at al. 2),
and Herman and Potts (8). Herman and Potts (8) present the
results from three different cases: (@) m = ¢ = 0, (b) m =
¢ = 0 but with two values of «, and (¢c) m = 0 and ¢ = 1.
Only the first case (m = € = 0) has been analyzed mathe-
matically.

While these analyses provide insight into what happens in
reality, each has its own limitations. For example, the constant
sensitivity case (m = ¢ = 0) implies that the reaction to a
given relative velocity is independent of the distance between
LV and FV. Though an improvement over the previous one,
even the reciprocal spacing (m = 0, ¢ = 1) model has short-
comings; one of them is that no difference between the stimuli
of positive and negative relative velocity is made in the sen-
sitivity term. Another drawback of this model is that the FV’s
reaction is independent of the velocity of the FV. It can be
argued that as velocity increases the reaction to positive rel-
ative velocity is subdued and negative relative velocity en-
hanced. The model represented in Equation 1, though still
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deterministic in nature, is the closest to reality. However,
with nonzero coefficients of m and ¢, the difference differ-
ential equation of Equation 1 becomes difficult to solve.

Asymptotic stability is concerned with how the instability
introduced by the LV propagates down a line of traffic. This
is an interesting topic in the sense that it may explain certain
causes of accidents and congestion. Herman et al. (5) and
Herman and Potts (8) have also presented results from their
study on asymptotic stability, and these remain the most ex-
tensive study on this topic.

Speed-Density Relationship (u-k Relationship)

The bridge built by Gazis et al. (#) between the microscopic
car-following model with m = 0 and ¢ = 1 and Greenberg’s
macroscopic speed-density relationship was a significant step
toward unifying the microscopic and macroscopic approaches.
This effort has made it possible to show that other macro-
scopic speed-density models can also be derived from different
assumed values of m and € in Equation 1: m = Q0 and ¢ = 2
for Greenshields; m = 1 and ¢ = 2 for Underwood; and m
= 1 and € = 3 for Northwestern’s (1, p. 304).

The relationship between the microscopic and macroscopic
models allows the examination of the validity of the micro-
scopic model by the observed u-k relationship. The facts that
the observed data points in the u-k relationship are scattered
and the observed and predicted characteristics have significant
discrepancies suggest that a problem might lie in the deter-
ministic approach.

This has been pointed out by some. For example, Ross (9)
states, ““The idea that there is deterministic relationship be-
tween speed and density, be it straight line or curve, is simply
untenable. The most obvious problem is that speed-density
observations always have much more scatter than can be ex-
plained by any reasonable amount of experimental error.”
This concern was echoed by Gilchrist and Hall (10): “The
scatter in the traffic data is sufficient to cast doubt on the
narrow linear representation of any relationship between traffic
flow variables.” Underwood (11) developed probability dis-
tributions for speed for different volumes.

These comments, combined with the belief that drivers do
not behave in a rigid deterministic manner, lead us to consider
a model based on a fuzzy inference system.

FUZZY RULE-BASED MODEL FOR THE CAR-
FOLLOWING PROBLEM: RATIONALE

In the car-following situation, one follows a set of driving
rules built over time through experience. Examples of the
rules that the FV might apply are as follows: (a) accelerate
if the LV accelerates, and (b) decelerate and keep longer
distance if the LV decelerates and the distance between cars
is short,

Each rule is built on natural language, and no exact bound-
ary for the applicability of the rule is defined. Hence, many
of the rules may be applied (or “fired””) simultaneously in the
mind of the driver, and the driver may not be completely
certain of the appropriateness of his action. The probability
approach, which has traditionally been used to analyze un-
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certainty, however, cannot deal with linguistic variables such
as “fast” and “slow’’; further, it must follow a rigid set of
rules defining the properties of the probability function.

If we postulate that a driver’s reaction is one of several
possible actions available, the variation of the reaction pattern
and the scatter of the observed u-k relationship may be ex-
plained. A fuzzy set, which will be explained later, is actually
the set of elements with the possibility of being in the set of
discourse (I2). In recent years, fuzzy sets have been used to
represent the approximate reasoning and decision process.
This approach may offer an alternative explanation of the car-
following phenomenon.

ELEMENTS OF FUZZY SET THEORY

This section presents elements of fuzzy set theory that are
relevant to the construction of the proposed model. More
detailed explanation of fuzzy theory can be found elsewhere
(13-15).

Fuzzy Sets

A fuzzy set is a set for which the criterion for belonging to
the set is not dichotomous. The membérship of the set is
defined by a grade (or degree of compatibility or degree of
truth) whose value is between 0 and 1. A membership function
determines the grade and is defined as

ha(x): X — [0,1] @

where A is a fuzzy set defined on the universal set X.

The notion of “high speed” or “low speed,” for example,
can be represented by fuzzy sets whose membership functions
define the perception of high or low in terms of numerical
value of speed. Similarly, an approximate integer constitutes
a fuzzy set that is normal and convex. “Approximately 5”
may have the following membership function:

“Approximately 5” = 3/0.4 + 4/0.8 + 5/1.0 + 6/0.6 + 7/0.4

Arithmetic operations on fuzzy numbers are defined using
the extension principle. For a detailed description of fuzzy
arithmetic, readers are referred to Dubois and Prade (16) and
Kaufmann and Gupta (17).

Operations of Fuzzy Sets
Among the set operations relevant to the subsequent discus-

sions are union, intersection, and complement, defined by
Equations 3, 4, and 5, respectively.

havs (x) = ha(x) V hy(x) (3)
hynp () = ha(x) N\ hg(x) €]
ha(x) = 1 — h,(x) (5)

In these equations, /\ indicates the minimum and V' the max-
imum of the operands [/,(x) and h,(x), in this case].
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Fuzzy Inference

Under fuzzy logic, the inference process includes fuzzy input
and a fuzzy relationship, as follows:
x is somewhat A

Input: x=A4"

Rix=A—y =B)
(0 =B (6)

where all or some of A, A”, B, and B are fuzzy sets, and the
rule represents a fuzzy cause-and-effect relation between x
and y. The first part of the rule, “xis A,” is called the premise,
and the second, “y is B,” is called the consequence. The
validity of the consequence depends on the compatibility be-
tween the input and the premise of the rule. In other words,
the degree to which “y is B” is true is dictated by the degree
of match between “x is somewhat A” and “x is A.”

A fuzzy inference system can be composed of more than
one rule with each rule consisting of more than one premise
variable, as follows:

Rule: ifxis Athenyis B

Conclusion: y is somewhat B

Input: x, =Aandx, = B

Rule 1: Ifx, = A,and x, = B, theny = C;

Rule 2: Ifx, = A,and x, = B,, theny = C,

Rule i: Ifx, = A;and x, = B;, theny = C,
Conclusion: y=C N

The compatibility between the input and the premise of a
rule i, W,, is examined as follows:

W, = {\/x1 [ra(x) A hax )]} A {\/xz [Ag(x2) N ha(x)1}
(8)

When r different rules are applied (or “fired”) for the given
input, the degree of compatibility between the input and the
premise is computed for each rule, and then the conclusion
is the average of the individual consequences, C/’s, weighted
by W/s:

' ZW:"C;
¢ =L
2w,

where C' is still a fuzzy number.

This operation is, in fact, an interpolation of C/’s. This
method is an extension of the one proposed by Takagi and
Sugeno (18) where their consequence C/’s are crisp numbers.

Expression 9 is computed as follows:

©)

1. Normalize the values of W

W,
i 10
"3 w, G

2. Multiply fuzzy number C; by 7, to obtain a new fuzzy
number D;:
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hpA) = max hgly) (11)

A=yxmi
3. Add Di’s for all i's for which the rules apply:

he(y) = max

VERNPEA2 Lt

Bon(y = A = Ag — . .

N {th()\l)YhDZ()\Z)" c

- )\N—l)} (12)

where h..(y) is the membership function of the conclusion.
A comprehensive discussion of fuzzy logic is given by
Zimmermann (14).

FUZZY RULE BASED CAR-FOLLOWING MODEL

The model consists of two modules: a fuzzy inference system
and a system that executes the inference system.

Fuzzy Inference System

The inference system infers the reaction of the FV in accel-
eration (or deceleration) rates in response to the action of
the LV. Using the following notation, the structure of the
system is presented.

d : distance between LV and FV (in specific
value)

s : relative speed between LV and FV (in spe-
cific value)

a : rate of change of speed of LV (in specific
value)

DS; : perceived distance (in fuzzy number)

RS, : perceived relative speed (in fuzzy number)
ALYV, : perceived rate of change of speed of LV (in
fuzzy number)
reaction of FV in acceleration (or deceler-
ation) rate (in fuzzy number)

AFV' : predicted reaction of FV in acceleration (or
deceleration) rate given the input (in fuzzy
number)

Input : x, = d, x, =s5,x3=a

Rule i : If x, = DS;, and x, = RS,, and x; = ALV,
then y = AFV;

AFV,:

Rule n : If x;, = DS,, andx, = RS, and x, = ALV,,
theny = AFV,
Conclusion : y = AFV'

In the following, input, rules (the premise, consequence,
and structure), and the conclusion of the inference system of
the proposed model are discussed.

Input. Since the purpose of the model is to predict the
behavioral pattern of the FV when a specific condition is
given, the input is a set of parameter values that would affect
the FV decision. They are

@ Distance between FV and LV (ft),

® Speeds of FV and LV (ft/sec) (to obtain the relative speed),
and

@ Acceleration or deceleration rate of the LV (ft/sec?).
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Rule: premise. The premise variables of a rule are the
distance between the LV and FV (DS), relative speed of the
vehicles (RS), and the acceleration (or deceleration) rate of
the LV (ALV). The quantity of each of the first two variables
is grouped into 6 natural language—based categories, while
the last variable is grouped into 12 such categories (6 for
acceleration and 6 for deceleration). Each of these categories
is a fuzzy set. They are presented in Table 1.

For all categories, triangular membership functions are as-
sumed. For categories that represent DS, the membership
function varies with the speed of the FV because it is believed
that the notion of safe distance is relative to the speed at
which the FV is traveling.

The reason for considering acceleration and deceleration
separately is based on our belief that the intensity of FV’s
reaction is different when the LV is accelerating and de-
celeration, as discussed in the second section.

Rule: consequence. The consequence of a rule is the FV’s
reaction in terms of acceleration or deceleration rate ex-
pressed in fuzzy quantity (AFV). Each fuzzy quantity can be
represented by a natural language term such as VERY
STRONG DECELERATION. The reaction of FV should be
similar in nature to that of LV since FV wishes to maintain
the relative speed near zero. Thus, the membership function
of AFV should be similar to that of ALV, but it is modified
by the categories chosen for DS and RS in the premise.

If the category of DS in a rule is ADEQUATE, the AFV
(in fuzzy number) is computed as follows:

{(RS, + ALV, ® AD/y} = AFV, (13)

where At is the time interval at which the rules are applied
(or the time intervals at which the inference is run; in our
model At = 1 sec); v is the time in which FV wishes to “catch
up” with LV. We choose y = 2.5 sec, which keeps the FV’s
acceleration and deceleration rates within a realistic range
(less than approximately 10 ft/sec?).

The numerator of Equation 13 represents the relative speed
at time ¢ + At. Dividing it by v, we obtain the rate of speed
change required for FV to restore zero relative speed. RS,
ALV,, and AFV, are all fuzzy numbers.

If the category of DS in Rule i is different from ADE-
QUATE, the value of AFV, is modified. The modification is
done by sliding the membership function of AFV; to the right
or to the left (making it larger or smaller) according to DS,’s
deviation from the category ADEQUATE. For each devia-
tion to a shorter distance category, AFV; is reduced by —1
ft/sec?; for each deviation to a longer distance category AFV,

TABLE 1 Categories (Fuzzy Sets) of Premise Variables

Distance btwn. Relative Actions of LV (ALV]
LV and FV (DS) speed (RS) Acceleration Deceleration
(1) very small FV slower strong strong
2) small FV slightly slower | somewhat strong | somewhat strong
g (3) adequate near zero normal normal
E? (4) | more than adequate | FV slightly faster mild mild
N (5) large FV quite faster very mild very mild
(6) very large FV fasler none none
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is increased by +1 ft/sec?. That is, AFV;, is determined by
{(RS; + ALV, ® Ay} + Bps; ® ¢ = AFV, (14)

where Bp; is the number of categories for which DS, deviates
from ADEQUATE (it can be a positive or negative number
depending on whether the deviation is to a longer distance
or a shorter distance, respectively), and ¢ in this case is 1
ft/sec?.

Rule: structure. Each rule is a conditional statement in the
sense that, given a set of conditions represented by the prem-
ise variables, the consequence is predicted. The following is
an example:

If Distance (DS): ADEQUATE,
Relative Speed (RS): NEAR ZERO, and
Acceleration of LV (ALV): MILD,
then FV should accelerate MILDLY.

The selection of categories of the premise variables and
consequences are based on the method discussed previously.
Figure 1 shows how a combination of the categories of the
premise variables results in a particular consequence (which
should lie between STRONG ACCELERATION and
STRONG DECELERATION). For instance, the rule in the
example could be represented by Line 1 in the figure. It is
interesting to observe that a line connecting the upper circles
of the premise leads to the very large acceleration of FV, and
the line connecting the bottom circles leads to very large
deceleration, thus setting the two extreme cases.

The conclusion. The level of compatibility between the in-
put and premise of a rule /, W,, is determined by the operation
shown in Equation 8, except that in this case there are three
premise variables. For all the rules for which the value of W,
is greater than zero, the conclusion is computed according to
Equation 9 (or Equations 10, 11, and 12) where C’s are the
FV’s acceleration (or deceleration) rate expressed in fuzzy
number. The process of deriving the conclusion according to
Equation 9 is shown in Figure 2 for the case in which two
rules are applied to the same input. (In our example, on the
average, three to four rules were fired for the same input).

Execution of the Model

The model executes the inference system at small time incre-
ments (1 sec in our example). At each time increment, the
action of LV can be changed; for example, in one time in-
crement, it accelerates at a given rate; at the next time in-
terval, it accelerates at another rate. The speed and position
of the FV relative to the L'V are then updated after each time
increment. The time delay between the actions of the LV and
FV due to the perception and reaction process is assumed to
be 1 sec in our example.

ANALYSIS: TRAFFIC STABILITY AND SPEED-
DENSITY RELATIONSHIP

This section applies the model to the analyses of traffic sta-
bility and speed-density relationships, representing applica-
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tion to microscopic and macroscopic analyses of traffic flow,
respectively. The output of the model is a fuzzy number. The
lines that will be shown as model output in Figures 3, 4, 5,
and 6 represent the values whose membership grade is 1. Lines
A and B in Figure 7 correspond to the value at a membership
grade of 0.2.

Traffic Stability

Traffic stability is examined from the local and asymptotic
stability standpoint.

Local Stability

After an initial disturbance, the distance between LV and FV
stabilizes into a pattern; this pattern is examined for different
input conditions.

Figure 3 compares traffic stability obtained from the GM
model (for m = 0, { = 1) with the one obtained from the
proposed model. The two models are compared under the
following conditions.

@ Initial distance between LV and FV, 133 ft;

® Speed change of LV: Case 1, LV decelerates from 44.1
to 28.1 ft/sec in 2 sec and remains constant; Case 2, LV de-
celerates from 52.1 to 28.1 ft/sec in 3 sec and remains constant.

Case 1 corresponds to the example presented by Herman
and Potts (8). Figures 3a and 3b differ in the assumed value
of a in the GM model: a = 25.1 ft/sec in Figure 3a, a = 17
ft/sec in Figure 3b. Lines 1 and 2 represent the results of the
GM model for Cases 1 and 2, and Lines 3 and 4 represent
the results of the proposed model for Cases 1 and 2, respec-
tively. Line 1 of Figure 3a is actually the same as the one
presented by Herman and Potts (8, Figure 15).

Since the final speeds are the same in Cases 1 and 2, the
results of Cases 1 and 2 should converge as time increases.
This is the case in the proposed model (Lines 3 and 4 even-
tually merge). However, in the GM model, Lines 1 and 2
remain separate both in Figures 3a and 3b. Figure 3b shows
that, for an arbitrarily chosen value of a = 17 ft/sec in the
GM model, the result of Case 2 is almost identical to the one
derived from the proposed model. As seen in the forthcoming
figures in this section, for the same final speed the proposcd
model yields the same stable distance between LV and FV
regardless of the initial condition.

Figure 4 shows how the speed change of LV affects the
distance D between LV and FV in the proposed model. LV
changes its speed from 60 to 50 ft/sec in 2 sec, changes back
to 60 ft/sec in 2 sec, and thereafter continues to travel at 60
ft/sec. Each of the four lines represents a' different initial
distance between LV and FV (100, 120, 150, and 180 ft). It
is seen that D settles to approximately 125 ft regardless of
the initial distance. However, the way D settles to 125 ft differs
with the initial distance. When the initial distance is near 125
ft (final stable distance), D fluctuates more before settling to
the stable distance. This suggests that the model can represent
the susceptibility of the FV to the action of LV.
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FIGURE 5 Local traffic stability: different initial and final speeds.

Figure 5 shows how D, the distance between LV and FV,
depends on the LV's final speed using the proposed model.
In all cases, the initial distance is 100 ft. Line Groups 1, 2,
3, and 4 present the final speeds of 30, 40, 60, and 70 ft/sec,
respectively. The three lines in each group represent different
initial speeds, as noted in the figure. For all cases, the LV is
assumed to attain the final speed in 3 sec. Regardless of the
initial speed, D approaches a higher constant value for a
higher final speed.

Asymptotic Stability

Figure 6 shows how the distance between individual cars in
a platoon can vary when the first car in the platoon decelerates
and then accelerates under the proposed model. In this ex-
ample, the platoon consists of five cars. The first car dece-
lerates from 50 to 40 ft/sec in 2 sec, then accelerates back to
50 ft/sec in 2 sec, and thereafter travels at a constant speed
of 50 ft/sec. Line 1 represents the variation in distance be-
tween the first and second cars, Line 2 between the second
and third cars, and so forth. It is interesting to note that the
pattern of variation in distance between the third and fourth
car (Line 3) is different from the rest.

Speed-Density Relationship

After the distance between LV and FV settles to a stable
value, D*, the speed-density (u-k) relationship is analyzed.

This was performed for different final stable speeds. Density
is computed in the number of vehicles per mile. Since the
value of D* obtained from the model is a fuzzy number, the
density obtained from D* is also a fuzzy number, and thus
the predicted w-k relationship is a fuzzy relationship. The
computed fuzzy u-k relationship is compared with the plot of
observed data in Figure 7.

In the figure the band formed by Lines A and B is the range
of possible densities for the speed. The range corresponds to
the density whose membership grade is 0.2 or greater. The
value 0.2 is chosen only for the purpose of reference in this
paper. Line C corresponds to the locus of the density whose
membership grade is 1.

When density is high, the vehicles are expected to travel
in the car-following pattern. Therefore, a reasonable match
between the predicted and observed wu-k relationships is ex-
pected. This notion is supported by the figure for the range
where density is greater than approximately 40 vehicles per
mile (vpm).

When density is low, the vehicles are expected to travel
independent of one another. Therefore the car-following pat-
tern (stimulus-response interaction) is not likely to be sus-
tained, and hence, the proposed model would not be valid;
thus the lines A, B, and C are shown only for density values
greater than 40 vpm, the region where flow is reasonably
dense.

The data points in the previous figure are derived from the
speed-occupancy data obtained from Queen Elizabeth Way,
Ontario, Canada (courtesy of Fred Hall). The conversion
from the occupancy measure to the density measure is per-
formed on the basis of an average vehicle length of 20 ft.
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CONCLUSIONS

Decisions and actions of a driver are believed to follow a
reasoning process based on vague logic. The model proposed
in this paper applies the fuzzy inference system and simulates
the car-following phenomenon. The output of the inference
system is the FV's reaction (acceleration or deceleration rate)
in fuzzy number in small time increments. By integrating this
output over time, the movements of FV relative to LV are
simulated. The purpose of the paper is to present the meth-
odology of building the model. The shapes of specific mem-
bership functions used in the model must still be verified
through field data collection.

The proposed model is a response to the concern that driv-
ers do not exercise the dichotomous decision criteria assumed
in the traditional deterministic car-following models. The model
proposed has the following characteristics:

1. Driver’s decision criteria are handled by fuzzy inference
logic, which allows several decision rules to fire at the same
time for a given set of input. As a result, the final output
incorporates the ambiguity of the decision process.

2. The inference rules are a collection of natural language—
based straightforward driving rules. The number of rules can
be adjusted, and each rule can be independently modified to
suit the decision criteria.

3. The output is a fuzzy number that represents a range of
possible acceleration (or deceleration) rates of the FV. Thus,
it captures the characteristics of traffic flow as the conglom-
eration of an individual driver’s possible actions. Under the
deterministic models, the variation of data points is viewed
as random variation from a norm.

4. The result is realistic and consistent with the general
expectation from a car-following model: for the same final
speed, the distance between LV and FV eventually converges
to the same value regardless of the initial condition. The
“drift,” oscillation of the distance between LV and FV, can
also be captured.

The proposed approach to the car-following problem should
have a number of applications, including control of vehicle
separation under the IVHS. For the traffic flow analysis, the
model can be extended to derive a possibility-based speed-
volume relationship. Such a relationship would allow us to
analyze the capacity as a fuzzy number and to recognize the
level of service as the fuzzy measure of traffic conditions,
instead of as the traditional rigidly bounded measure.
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Statistical Properties of Vehicle

Time Headways

R. T. LuTTINEN

The properties of vehicle time headways are fundamental in many
traffic engineering applications. The shape of the empirical head-
way distributions is described by density estimates, coefficients
of variation, skewness, and kurtosis. The hypothesis of exponen-
tial tail is tested by Monte Carlo methods. The independence of
consecutive headways is tested using autocorrelation analysis,
runs tests, and goodness of fit tests for geometric bunch size
distribution. The power of these tests is enhanced by calculating
combined significance probabilities. The variation of si gnificance
over flow rates is described by “moving probabilities.” It is shown
that speed limit and road category have a considerable effect on
the statistical properties of vehicle headways. The results also
suggest that the renewal hypothesis should not be accepted under
all traffic conditions.

Vehicle time headways play an important role in many traffic
engineering applications, such as vehicle-actuated traffic sig-
nals, gap availability, and pedestrian delay. Mathematical
analysis and simulation of these systems are usually based on
theoretical models. The models should be verified against the
properties of real world headways. This paper presents some
statistical properties of vehicle headways on Finnish two-way,
two-lane roads. ‘

The properties of headways have been extensively studied,
especially in the 1960s. Some of the earlier work is reviewed
and compared with recent data. More powerful statistical
techniques are also presented.

DATA COLLECTION AND
PRELIMINARY ANALYSIS

Data Collection

The data were collected in 1984 and 1988 by the Laboratory
of Traffic and Transportation Engineering at Helsinki Uni-
versity of Technology. A traffic analyzer with two inductive
loops on both lanes recorded for each passing vehicle its serial
number, time headway (time from front bumper to front bumper
in units of 1/100 sec), net time headway (time from back
bumper to front bumper in units of 1/100 sec), speed (in units
of 1 km/hr) and length (in units of 1/10 m).

The study sites had speed limits of 50, 60, 70, 80, and 100
km/hr. The roads with lower speed limits had a lower overall
standard, but all the road sections were reasonably level and
straight, and no steep hills, intersections, or traffic signals
were near. The samples were classified into two road cate-
gories with speed limits 50 to 70 km/hr and 80 to 100 km/hr.

TL Consulting Engineers, Ltd., Vesijirvenkatu 26 A, 15140 Lahti,
Finiand.

The observations from high-speed (80 to 100 km/hr) roads
were measured in 1984. These data have been previously
analyzed by Pursula and Sainio (/) and Pursula and Enberg
(2). Because the data were collected for capacity studies, the
observations are concentrated in high volumes. Two-way vol-
umes, also, are higher on high-speed roads. On low-speed
roads the observations are more concentrated in low volumes.

More than 73,000 headways were recorded on 19 locations.
Speed data were corrected according to radar measurements.
Data sets with more than 1 percent overtakers were discarded.
The samples were analyzed for trend using the method de-
scribed later. Samples with more than 10 percent heavy ve-
hicles (length > 6 m) were excluded from further analysis.
Sixty-four trendless samples were chosen for further analysis.

The data that passed the preliminary phase consist of 64
samples and 16,570 observations (75 to 900 observations per
sample). The flow rates vary from 140 to 1840 veh/hr.

Trend Analysis

The temporal variation of traffic is due to deterministic and
random factors. To get generally applicable results about
headway characteristics, it is necessary to consider stationary
conditions. All nonrandom variation should be removed from
the measurements as far as possible. Two approaches have
been commonly used to overcome the problem of nonrandom
variation: the samples are collected either as fixed time slices
or using trend analysis.

In the first method the measurements are investigated in
fixed time slices of length short enough to exclude any sig-
nificant trend, typically 30 sec to 10 min (1,3,4). The number
of headways in one sample is usually too small for statistical
analysis, so it is necessary to group samples having nearly
equal means. This may cause distortion in the empirical head-
way distribution because of inappropriate distribution of the
sample means.

Because of these problems the second sampling method
was chosen. Trend analysis was performed with a computer
program (TRENDANA) showing graphically each headway,
15-point moving average, cumulative vehicle count, and the
speed of each vehicle. The data were analyzed sequentially
using trend tests. The sample size was incremented by 50 until
the test reported trend at 5 percent level of significance. The
sample was then decremented until the level of significance
for trend was 30 to 70 percent with sample size more than
100 and sampling period between 5 and 40 min. Under low
volumes the sample size or period length condition had to be
relaxed sometimes. If a satisfactory sample was not found,
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the first observations that apparently caused the trend were
removed and the process was repeated.

The program supports three trend tests: weighted sign (WS)
test (5), Kendall’s rank correlation (RC) test (6), and expo-
nential ordered scores (EOS) test (7).

Empirical power curves of these tests were evaluated using
Monte Carlo methods. The EOS test was found most powerful
with RC test close behind (8). Because of greater computa-
tional effort, the EOS test was used only in more detailed
analysis. Preliminary analysis was performed using faster tests.

SHAPE OF HEADWAY DISTRIBUTION
Density Estimates

The density function of the headway distribution is estimated
by the histogram method with origin at 0 and bin width 1.
Figure 1 shows a surface plot of density estimates on low-
speed roads at different flow levels. Headway 0 is assigned
Frequency 0. Only samples having more than 100 observations
are included.

The distribution is skewed to the right. The proportion of
headways less than 1 sec is small. The mode is rather constant
(1.5 sec) under all speed limits and flow rates. Because the
distribution is unimodal and skewed to the right, the measures
of location occur in the following order: mode, median,
mean (9-11).

Peak heights of the empirical distributions are shown in
Figure 2. The peak rises as the flow increases. On high-speed
roads the peak value is higher than on low-speed roads. On
low-speed roads the peak rises steeply under medium and low
flow rates. Under high flow rates the speed limit looses its
significance.
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FIGURE 1 Surface plot of headway density estimates on low-
speed (50 to 70 km/hr) roads.
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FIGURE 2 Peak height of empirical headway
distributions for speed limits 50 to 70 km/hr
(solid curve) and 80 to 100 km/hr (dashed curve).
Thin dashed line is the peak height of the
exponential distribution.

Coefficient of Variation

The sample coefficient of variation (CV) is the proportion of
sample standard deviation to sample mean:

CV = silpr )

In distribution functions CV is the proportion of standard
deviation to expectation. The negative exponential distribu-
tion has CV equal to 1.

Polynomial curves have been fit (Figure 3) to the data for
high-speed and low-speed roads. The curves are forced to 1
at flow rate ¢ = 0. This is based on the assumption of Poisson
tendency in low density traffic.

Some basic properties of CV can be observed in Figure 3:

1. Under heavy traffic the proportion of freely moving ve-
hicles is small. The variance of headways is accordingly small.
This phenomenon is reflected in the figure by CV < 1 at high
flow levels.

2. The Poisson tendency of low density traffic has a theo-
retical (12) as well as an intuitive basis: under light traffic
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FIGURE 3 Coefficient of variation of the
headway data for speed limits 50 to 70 km/hr
(solid curve) and 80 to 100 km/hr (dashed curve).



94

vehicles can move freely, and randomness of the process in-
creases. CV is therefore expected to approach 1 as flow ap-
proaches 0.

3. Under medium traffic there is a mixture of leading and
trailing vehicles. This increases the variance above pure ran-
dom process, and CV rises above 1. This is in contrast to the
statement by May (1I) that CV approaches 1 under low
flow conditions but decreases continuously as the flow rate
increases.

4. High-speed roads have greater CV than low-speed roads.
In the present data the opposite flow rate is higher on high-
speed roads, thus reducing overtaking opportunities. Other
explanatory factors may be higher variation of speeds and
greater willingness to overtake on high-speed roads. On low-
speed roads the intersections are more densely spaced. So,
there are more joining and departing vehicles, and trip lengths
are usually shorter.

These observations gain at least partial support from other
authors, as seen in Figure 4. The figure also shows that the
studies are based on quite different data. The data sets of
Breiman et al. (13), Buckley (3), and May (10) come from a
freeway lane. The data of Dunne et al. (/4) come from a two-
lane rural road. CV is greater than 1 in all samples of Dunne
et al., less than 1 in all samples of May, and near 1 in the
samples of Buckley. The samples of Buckley have values sim-
ilar to the present data from low-speed roads. Finnish studies
(1) suggest that coefficient of variation on freeways, especially
on the first lane, is lower than on two-lane highways.

Skewness and Kurtosis

The proportion of the first two moments was discussed earlier.
The third and fourth moments about the mean, skewness and
kurtosis, give more information about the shape of the distri-
bution. Skewness is a measure of symmetry. Symmetric distri-
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FIGURE 4 Coefficient of variation of headway
distributions from different sources. (The
number after ‘‘Breiman’’ stands for the
freeway lane.)
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butions have null skewness. If the data are more concentrated
on the low values, as in headway distributions, skewness is
positive. Kurtosis is a measure of how “heavy” the tails of a
distribution are.

Figure 5 shows the sample kurtosis against the square of
sample skewness. This relationship is sometimes used as a
guide in selecting theoretical distributions (15). There is a
strong linear relationship, which suggests the usefulness of
this measure in model selection.

Points and lines of some theoretical distributions are shown
for comparison. As skewness grows, kurtosis increases more
slowly than in either the gamma or the lognormal distribu-
tions. The gamma distribution is closer to observed values
than the lognormal distribution, even though the lognormal
distribution is a better model for a headway distribution. The
exponential distribution reduces to a point and totally loses
the variety in the empirical headway distributions.

Exponential Tail Hypothesis

Several headway models are combinations of two distribu-
tions: one for leaders and the other for followers (3,16-20).
The assumption is usually made that the leaders’ headway
distribution is exponential.

The tails (large headways) of empirical headway distribu-
tions were tested for exponentiality. Goodness of fit tests are
based on the Anderson-Darling statistic. Such tests are more
powerful than the better-known Kolmogorov-Smirnov and
chi-squared tests (21). Because the parameters of the distri-
bution are estimated from the sample, nonparametric tests
give too conservative results (22,23). So, the significance of
the tests was estimated using parametric tests and Monte Carlo
methods (24). The number of replications was 10,000. The
tests were performed using threshold values (4) from 0 to
14.5 in increments of 0.5.
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FIGURE 5 Kurtosis and squared skewness for
the headway samples and some theoretical
distributions. Exponential (E), normal (N), and
uniform (U) distributions reduce to points
shown by arrows.
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To get a more powerful test, the significance probabilities
from several samples were combined using the method pro-
posed by Fisher (25). If the null hypothesis is true in all
samples and the samples are independent, the probabilities
are uniformly U(0,1) distributed. If probabilities p; are U(0,1),
the statistic

3

z= -2 In p; ()

has chi-squared distribution with 2xn degrees of freedom. So,
the combined significance (P) is the probability that a variable
Z having chi-squared distribution with 2z degrees of freedom
is greater than z:

P = PrHZ >z} =1 — F,,(z; 2n) 3)

Figure 6 shows the combined significance levels against
threshold values (,) at low- and high-speed roads and at dif-
ferent flow levels. Wasielewski (4) found no departures from
the exponential distribution at threshold values greater than
or equal to 4 sec on freeways. On the basis of Figure 6 this
value appears too low on two-lane roads. The threshold value
for not rejecting the hypothesis of exponential tail is about
8 sec. On low-speed roads lower threshold values may be
possible. Miller (16) also found #, = 8 sec appropriate. Be-
cause of large f,, a headway distribution that has positive
skewness (such as gamma and lognormal distributions) should
be considered for the followers.

Another indicator of the threshold is the influence of the
speed of a vehicle on the speed of the trailing vehicle. A
driver considering himself as a follower adjusts his speed to
the speed of the vehicle ahead. This speed adjustment de-
creases the variation of relative speeds (speed differences)
among successive vehicles. At some time distance the inter-
action of speeds disappears, and variation of relative speeds
remains constant among vehicles having larger headways than
the threshold. Figure 7 shows the standard deviation (s,) of
relative speeds against headway. Headways are combined in
1-sec intervals (¢—1, ). At short headways s, is small and
increases as the headway increases. At large headways s, is
rather constant, but has greater variation because of smaller
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FIGURE 6 Goodness-of-fit tests for exponential tail
of headway distributions.
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sample sizes. High-speed roads have larger s, than low-speed
roads.

A piecewise linear model was fit to the data—rising slope
for headways less than the threshold and constant value for
headways greater than the threshold. The s, values were
weighted by the number of observations in the interval. On
both low- and high-speed roads the threshold value of about
9 sec was obtained. The original Highway Capacity Manual
(26) applies similar methods with the same result. Similar
analysis of motorway data by Branston (27) gives values
of 4.5 sec and 3.75 sec for nearside and offside lanes,
respectively.

Because all vehicles having headways = 8 sec are not fol-
lowers, the distribution of their relative speeds is a mixture
of free speeds and constrained speeds. By fitting a mixed
normal distribution to the relative speed data (Figure 8) the
proportion of free-flowing vehicles among headways < 8 sec
is estimated to be 20 percent on high-speed roads and 15
percent on low-speed roads. The proportion of trailing ve-
hicles is then estimated to be approximately the same as the
proportion of headways = 3.1 sec and < 5.0 sec, respectively.

In the present data the flow rate at which the headway
coefficient of variation (Figure 3) reaches its maximum has
about 60 percent trailing vehicles. Yet, more extensive data
sets and more accurate measuring equipment are needed for
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further analysis, especially because relative speeds have larger
measurement errors than absolute speeds.

RENEWAL HYPOTHESIS
Autocorrelation

The shape of the headway distribution describes the frequency
of headways of different length. One step further in the sta-
tistical analysis is to examine the order in which the headways
take place. A common assumption is the renewal hypothesis,
which states that headways are independent and identically
distributed. This hypothesis makes many theoretical analyses
much easier. On the other hand, correlation between con-
secutive headways could give additional information for adap-
tive traffic control systems.

The autocorrelation coefficient is a measure of correlation
between observations at given distances (lags) apart. In a
sample of n observations the estimate of the autocorrelation
coefficient at Lag k is

n—k
]; (T; - MT)(T,' vk~ Br)

ik - n (4)
> (T, — pyP
ji=1
where
wr = 1n 21 T, ' (3)
=

The coefficient estimates are asymptotically N(0, 1/n)
distributed.

Autocorrelation coefficients indicate whether the obser-
vations are from a renewal process (r, = 0, k = 1,2, . ..).
The most important coefficient in this respect is r,. The
test is

Hy:r, =0

H:r,>0 (6)

This is a one-sided test in contrast to the two-sided tests
normally used (14,20,28). The tests for negative autocorre-
lation gave clearly nonsignificant values.

The variation of significance probabilities (p;) over flow
rates (g;) is described by “moving probability” (Figure 9).
The k-point moving probability at flow rate Q, is

Pk(Qj) =1- FchiZ(Zj; 2k) )
where
J+k—-1
z;= =2 2 In p, ®
=}
j+k—1
O,=Wk 2 q JE{,...,n—k+1}
i=y

On high-speed roads there is significant positive autocor-
relation among consecutive headways. There is a spike in the
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FIGURE 9 Significance of sample
autocorrelation coefficients at Lag 1. Nine-point
moving probabilities for low-speed (solid curve)
and high-speed (dashed curve) roads.

curve, for which no explanation except random variation is
found. (A similar although lower spike is in Figures 10 and
11.) On low-speed roads there is no significant autocorrela-
tion, at least under low flow rates. The moving probability
curve, however, goes down to significant values near flow rate
g = 1,000 veh/hr. The combined significance for high-speed
samples is about 3 - 10~% and for low-speed samples 0.04.

These results suggest that the renewal hypothesis should
be rejected on high-speed roads, especially under flow rates
above 500 veh/hr. On low-speed roads the possibility of au-
tocorrelation should be considered at least under flow rates
greater than 1,000 veh/hr.

Dunne et al. (/4) also studied the autocorrelation of trend-
free samples. The combined probability of their nine data sets
(Lag 1) is 0.702 (one-sided test), which is consistent with the
renewal hypothesis. The two-sided test gives 0.284, which is
also nonsignificant. Breiman et al. (28) found in one of eight
data sets (three-lane unidirectional section of John Lodge
Expressway in Detroit) significant autocorrelation (Lag 1) at
the 0.05 level. The hypothesis of independent intervals was
not rejected. The combined significance is 0.23. Testing for
positive autocorrelation only (one-sided test), the combined
significance is 0.05, suggesting possible positive autocorrela-
tion. Cowan (19) studied 1,324 successive headways. The re-
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FIGURE 10 Significance of runs tests.
Probability of fewer runs above or below median.
Seven-point moving probabilities for low-speed
(solid curve) and high-speed (dashed curve)
roads.
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newal hypothesis was not rejected. Chrissikopoulos et al. (20)
studied six samples. The result of their unspecified tests was
that the headways are independently distributed. However,
the combined significance level of their data sets (Lag 1) is
0.012 using two-sided test and 0.0015 when testing for positive
autocorrelation. This result disagrees with their conclusion.
(Combining further the three combined probabilities above
yields 0.008 for one-sided and 0.027 for two-sided tests.) Brei-
man et al. (13) allow for the possibility of small positive au-
tocorrelation in freeway traffic.

Previous studies have so far supported the renewal hy-
pothesis. Further analysis of this material has now cast some
doubt on the conclusion. Also, the new data presented here
show that the possibility of positive autocorrelation between
consecutive headways should be taken seriously, although the
magnitude of autocorrelation is small (about 0.1).

Randomness

Randomness of the headway data was tested using the Wald
and Wolfowitz (29) runs test. The test is performed to de-
termine whether long and short headways are randomly dis-
tributed or whether short headways are clustered. Testing
runs above and below the median is appropriate here (28).
Clustering reduces the number of runs. The number of runs
is also reduced by trends in the data. Therefore, it is important
to have trendless data.

The number of runs is assumed to be normally distributed
with mean and variance equal to

mean = 2r(n — r)fn + 1
variance = 2r(n — r) [2r(n — r) — n)/[n*(n — 1)] )

where 7 is the total number of observations and r is the num-
ber of observations below the median (29). Observations equal
to the median are ignored. One-sided test is used to find the
probability of fewer runs.

Figure 10 shows the moving probabilities for high- and low-
speed roads. On high-speed roads the test gives significant
values nearly everywhere. On low-speed roads nonrandom-
ness is significant under flow rates > 700 veh/hr. The com-
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bined significance for high-speed roads is 1.6 - 10-% and for
low-speed roads is 0.001. These results suggest that the arrival
process in road traffic is not totally random, but clustered.

Breiman et al. (28) found only one significant value in eight
runs tests on their data sets. The combined probability (0.49)
is also nonsignificant. This is in contrast to the preceding
results.

Bunching

Vehicle iis a follower (0) if it has headway at most s, otherwise
it is a leader (1). The status of a vehicle is accordingly defined
as

X =

i

0 T, =s
{1 if T, >s (10)

The difference in speed is ignored. If the headways are inde-
pendent and identically distributed (i.i.d.), the probability of
Vehicle i being a follower is

p = PrT, = s} (1)

The number of vehicles in a bunch is the number of consec-
utive headways = s (followers) plus 1 (leader). The bunch is
ofsizenifX, =1, X,=0,...,X,=0,X,,, =1. If the
headways are i.i.d., the bunch sizes are geometrically distrib-
uted (30) and the probability of bunch size k is

pe=p'(t-p) k=1 (12)

Now the renewal hypothesis (i.i.d. headways) can be tested
using the null hypothesis

Hg: pe = p*'(1 = p) (13)
against
Hy: pe # p*~'(1 - p) (14)

The chi-squared test was performed with m—2 degrees of
freedom, where m is the number of classes (different bunch
sizes) in the sample. One degree of freedom was lost, because
p was estimated from the sample. The threshold for leaders
was set to s = 5 sec. Bunch sizes 1, 2, ..., 20 and > 20
were separated into distinct classes. They were combined so
that the expectation for each class was = 5, except for the
last, which was = 1. On high-speed roads two samples (having
flow rates of 1,837 and 1,457 veh/hr) were left out of the
analysis, because after combining classes there were no de-
grees of freedom left.

Figure 11 shows the results of the chi-squared tests. The
combined probability is 0.13 on low-speed roads. On high-
speed roads the combined probability is 1.9 - 10-°. So, the
hypothesis of geometric bunch size distribution should be re-
jected on high-speed roads, at least under flow rates above
500 veh/hr. On low-speed roads the hypothesis of geometric
distribution cannot be rejected. Chrissikopoulos et al. (20)
and Taylor et al. (31) discard the geometric distribution as a
bunching model.
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CONCLUSIONS

There is a considerable difference between high-standard and
low-standard roads. The headway distributions on high-
standard roads have higher peak values and higher coefficient
of variation. That is, at a given flow level there are more small
headways on high-standard roads. The vehicles are also more
clustered and there is a small positive autocorrelation between
consecutive headways. On low-standard roads there is some
indication of possible positive autocorrelation under high flow
rates. On high-standard roads the autocorrelation is statisti-
cally significant but too small to be helpful, for example, in
traffic control applications. In simulation studies and bunch-
ing models the stochastic structure of the arrival process should
be fully considered.

The examination of relative speeds and the tail of the head-
way distribution supports the view that drivers become af-
fected by the vehicle ahead when the headway is less than 8
to 9 sec. At larger headways the standard deviation of relative
speeds is rather constant and headways are exponentially dis-
tributed. At smaller headways the standard deviation of rel-
ative speeds decreases and the hypothesis of exponentiality
must be rejected. The proportion of trailing vehicles on high-
and low-speed roads is approximately the same as the pro-
portion of headways = 3.1 sec and = 5.0 sec, respectively.

Local conditions, such as road category, speed limit, and
flow rate, have a considerable effect on the statistical prop-
erties of headways. The effect of opposing traffic, especially,
deserves further research. But the statistical analysis of vehicle
headways requires very extensive data sets and the application
of powerful statistical techniques.

ACKNOWLEDGMENTS

This research was partly supported by the Henry Ford Foun-
dation in Finland. The cooperation of the Traffic and Trans-
portation Laboratory at Helsinki University of Technology is
particularly acknowledged. The comments and suggestions of
Matti Pursula and the referees are deeply appreciated.

REFERENCES

1. M. Pursula and H. Sainio. Basic Characteristics of Traffic Flow
on Two-Lane Rural Roads in Finland (in Finnish). Finnish Na-
tional Roads Administration, TVH741824. Helsinki, Finland, 1985.

2. M. Pursula and A. Enberg. Characteristics and Level of Service
Estimation of Traffic Flow on Two-Lane Rural Roads in Finland.
Presented at 70th Annual Meeting of the Transportation Re-
search Board, Washington, D.C., 1991.

3. D. J. Buckley. A Semi-Poisson Model of Traffic Flow. Trans-
portation Science, Vol. 2, No. 2, 1968, pp. 107-133.

4, P. Wasielewski. Car-Following Headways on Freeways Inter-
preted by the Semi-Poisson Headway Distribution Model. Trans-
portation Science, Vol. 13, No. 1, 1979, pp. 36-55.

5. D. R. Cox and A. Stuart. Some Quick Sign Tests for Trend in
Location and Dispersion. Biometrika, Vol. 42, 1955, pp. 80-95.

6. M. Kendall, A. Stuart, and J. K. Ord. The Advanced Theory of
Statistics. Volume 3: Design and Analysis, and Time-Series (4th
edition). Charles Griffin & Co. Ltd., London, 1983.

7. D. R. Cox and P. A. W. Lewis. The Statistical Analysis of Series
of Events. Methuen & Co. Ltd., London, 1966.

8. A. Stuart. The Efficiencies of Tests and Randomness Against
Normal Regression. Journal of the American Statistical Associ-
ation, Vol. 51, 1956, pp. 285-287.

TRANSPORTATION RESEARCH RECORD 1365

9. A. Stuart andJ. K. Ord. Kendall’s Advanced Theory of Statistics.
Volume 1: Distribution Theory. Charles Griffin & Company Ltd.,
London, 1987.

10. A. D. May. Gap Availability Studies. In Highway Research Re-
cord 72, HRB, National Research Council, Washington, D.C.,
1965, pp. 101-136.

11. A. D. May. Traffic Flow Fundamentals. Prentice-Hall, Inc., En-
glewood Cliffs, N.J., 1990.

12. L. Breiman. The Poisson Tendency in Traffic Distribution. The
Annals of Mathematical Statistics, Vol. 32, 1963, pp. 308-311.

13. L. Breiman, R. Lawrence, D. Goodwin, and B. Bailey. The
Statistical Properties of Freeway Traffic. Transportation Re-
search, Vol. 11, 1977, pp. 221-228.

14. M. C. Dunne, R. W. Rothery, and R. B. Potts. A Discrete Mar-
kov Model of Vehicular Traffic. Transportation Science, Vol. 2,
No. 3, 1968, pp. 233-251.

15. J. K. Cochran and C.-S. Cheng. Automating the Procedure for
Analyzing Univariate Statistics in Computer Simulations Con-
texts. Transactions of the Society for Computer Simulation, Vol.
6, No. 3, 1989, pp. 173-188.

16. A. J. Miller. A Queueing Model for Road Traffic Flow. J. Roy.
Statist. Soc. Ser. B. Vol. 23, No. 1, 1961, pp. 64-75.

17. R. F. Dawson. The Hyperlang Probability Distribution—A
Generalized Traffic Headway Model. In Beitrige zur Theorie des
Verkehrsflusses (W. Leutzbach and P. Baron, eds.). Referate
anlasslich des [V. Internationalen Symposiums iiber die Theorie
des Verkehrsflusses in Karlsruhe im Juni 1968. Strassenbau und
Strassenverkehrstechnik, Heft 86, 1969, pp. 30-36.

18. D. Branston. Models of Single Lane Time Headway Distribu-
tions. Transportation Science, Vol. 10, No. 2, 1976, pp. 125-148.

19. R. J. Cowan. Useful Headway Models. Transportation Research,
Vol. 9, No. 6, 1975, pp. 371-775.

20. V. Chrissikopoulos, I. Darzentas, and M. R. C. McDowell. As-
pects of Headway Distributions and Platooning on Major Roads.
Traffic Engineering & Control, May 1982, pp. 268-271.

21. R. B. D’Agostino and M. A. Stephens. Goodness-of-Fit Tech-
niques. Marcel Dekker, Inc., New York, 1986.

22. H. W. Lilliefors. On the Kolmogorov-Smirnov Test for Nor-
mality with Mean and Variance Unknown. American Statistical
Association Journal, Vol. 62, 1967, pp. 399-402.

23. H. W. Lilliefors. On the Kolmogorov-Smirnov Test for the Ex-
ponential Distribution with Mean Unknown. American Statistical
Association Journal, Vol. 64, 1969, pp. 387-389.

24. R. T. Luttinen. Testing Goodness of Fit for 3-Parameter Gamma
Distribution. In Proceedings of the Fourth IMSL User Group
Europe Conference, IMSL and CRPE-CNET/CNRS, Paris, 1991,
pp. B10/1-13.

25. R. A. Fisher. Statistical Methods for Research Workers. Oliver
and Boyd, Edinburgh, 1938.

26. Highway Capacity Manual. Bureau of Public Roads, Washington,
D.C., 1950.

27. D. Branston. A Method of Estimating the Free Speed Distri-
bution for a Road. Transportation Science, Vol. 13, No. 2, 1979,
pp. 130-145.

28. L. Breiman, A. V. Gafarian, R. Lichtenstein, and V. K. Murthy.
An Experimental Analysis of Single-Lane Time Headways in
Freely Flowing Traffic. In Beitrdge zur Theorie des Verkehrs-
flusses (W. Leutzbach and P. Baron, eds.). Referate anlésslich
des IV. Internationalen Symposiums iiber die Theorie des Ver-
kehrsflusses in Karlsruhe im Juni 1968. Strassenbau und Stras-
senverkehrstechnik, Heft 86, 1969, pp. 22-29. ’

29. A. Wald and J. Wolfowitz. On a Test Whether Two Samples
Are from the Same Population. Annals of Mathematical Statistics,
Vol. 2, 1940, pp. 147-162.

30. R. T. Luttinen. Introduction to the Theory of Headway Distri-
butions (in Finnish). Helsinki University of Technology, Traffic
and Transportation, Publication 71, Otaniemi, 1990.

31. M. A. P. Taylor, A. J. Miller, and K. W. Ogden. A Comparison
of Some Bunching Models for Rural Traffic Flow. Transportation
Research, Vol. 8, 1974, pp. 1-9.

Publication of this paper sponsored by Committee on Traffic Flow
Theory and Characteristics.



TRANSPORTATION RESEARCH RECORD 1365

99

Modeling Queued Driver Behavior at

Signalized Junctions

JaAmMESs A. BONNESON

Some of the findings from a recent study of the queue discharge
headway process are summarized. One outcome of the study was
the development of a model of discharge headway at signalized
junctions. The model is based on vehicle and driver capabilities,
including driver reaction time, driver acceleration, and vehicle
speed. To calibrate the model, data were collected at five sig-
nalized junctions. The discharge headway model developed in
this research indicates that the minimum discharge headway of a
traffic movement is not reached until the eighth or higher queue
positions. Application of the model suggests that the minimum
discharge headway of a traffic movement under ideal conditions
may be shorter than 2.0 sec/veh and that its corresponding start-
up lost time may be longer than 2.0 sec.

Some of the findings from a recent study of the queue dis-
charge headway process at single-point urban interchanges
(SPUISs) () are summarized. One outcome of the study was
the development of a model of discharge headway at signal-
ized junctions. This model is based on vehicle and driver
capabilities such as driver reaction time, driver acceleration,
and vehicle speed.

BACKGROUND
Discharge Headway

Average vehicle headways by queue position have been the
subject of several past studies (2-5). The headways reported
in these studies for passenger car through movements are
shown in Figure 1, which indicates that the discharge rate
varies during the initial portion of the green interval. The
variation reflects the reaction time of the first driver respond-
ing to-the change in signal indication and the steady accel-
eration of the first few vehicles in queue. Eventually, the
headways stabilize at a relatively constant value, which is
called the minimum discharge headway. In recognition of this
trend toward convergence after the first few vehicles, the 1985
Highway Capacity Manual (HCM) (6, Chapter 9) recom-
mends that the headways of the fifth and subsequent queued
vehicles be averaged to estimate the minimum discharge
headway.

Under ideal operating conditions (i.e., 12-ft lanes, all through
vehicles, all passenger cars, no parking, flat grade, and no
pedestrian activity), the 1985 HCM recommends 1,800 vphgpl
as the saturation flow rate of a traffic lane at a signalized
intersection. This value corresponds to a minimum discharge

Civil Engineering Department, University of Nebraska-Lincoln,
Lincoln, Nebr. 68588-0531.

headway of 2.0 sec/veh. More recent research, such as that
by Lee and Chen (5) and Zegeer (7), suggests that the ideal
minimum discharge headway may be shorter than 2.0 sec/veh.
Although Lee and Chen do not specifically calculate a min-
imum discharge headway for their data set, the average of
the Sth through 10th headways that they reported is 1.97
sec/veh. Similarly, Zegeer (7) found an ideal minimum dis-
charge headway of 1.92 sec/veh.

Headway Models

The discharge headway between successive vehicles has been
described by Drew (&) in terms of a time-space diagram, as
shown in Figure 2. The curved lines in Figure 2 represent the
trajectories of individual vehicles as they travel through the
intersection. The curved portions of each trajectory represent
the acceleration or deceleration of the individual vehicles. As
each successive vehicle crosses the stop line, its speed in-
creases and its headway decreases. At a point after the fourth
or fifth vehicle, the speed of each vehicle crossing the stop
line becomes constant and, as a result, so do the headways
between vehicles.

A deterministic model of the headway process based on the
trajectories shown in Figure 2 has been described by Briggs
(9). His model, which is based on the assumption that queued
vehicles accelerate at a constant rate, has the following form.
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