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ABSTRACT

The AASHTO LRFD Bridge Design Specifications (AASHTO LRFD) was written in the early
1990’s with wind load provisions that were derived from the American Society of Civil
Engineering (ASCE) Minimum Design Loads for Buildings and Other Structures/ASCE 7-88 and
adapted for bridge design. These provisions were based on the fastest-mile measure of wind
speed which was used by the National Weather Service. However, since then, the National
Weather Service has changed to the 3-second-gust measure of wind speed and recent editions
of ASCE 7 have also been based on the 3-second gust. The revisions were based on years of
ongoing research of wind loads on structures and included new wind speed maps based on the
3-second-gust.

For most bridges, designers using the current AASHTO LRFD use base wind speed and base
wind pressure that are the same for the entire country. The base wind speed is 100 mph and
the base wind pressure is 40 or 50 psf depending on the structural element. The specifications
require adjusting the wind speed for the design elevation and for the exposure and upstream
surface conditions; however, a designer may use the base wind speed with no adjustment to
account for the variations based on the geographical location across the country. This is
conservative for the majority of the country where the 50 year recurrence wind is 70-80 mph but
this is non-conservative for hurricane-prone regions. Alternatively, the wind speed may be
taken from a site-specific wind study or from the ASCE 7-88 wind speed maps. The latter do
not properly account for the higher wind speeds associated with hurricanes.

The current method in the AASHTO LRFD does not provide consistent reliability for different
regions and locations. For example, a bridge designed according to these wind loads will have
lower reliability if located in the hurricane-prone regions along the Gulf of Mexico and the
Atlantic Ocean where wind speeds higher than those expected inland are possible.

In addition, there have been some reports of typical bridges experiencing excessive motions
and vibrations due to wind loads during construction. The current wind provisions in the
AASHTO LRFD specifications do not include adequate guidelines to identify these bridges.

This project was initiated to update the wind load provisions in AASHTO LRFD to provide more

uniform reliability and to develop provisions to identify bridges prone to excessive motions and
vibrations due to wind loads during construction.

Xii
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Executive Summary

NCHRP Project 20-07/ Task 325 was performed to update the wind load specifications of the
AASHTO LRFD Bridge Design Specifications (AASHTO LRFD) to provide uniform reliability
across the United States. Additionally, the susceptibility of I-girder and box-girder bridges to
excessive motion during and after construction was evaluated and guidance is provided to
identify these bridges. Wind loads during construction were also investigated.

The wind load provisions of the AASHTO LRFD Bridge Design Specifications (AASHTO LRFD)
were derived from the American Society of Civil Engineering (ASCE) Minimum Design Loads for
Buildings and Other Structures/ASCE 7-88 and adapted for bridge design. The existing
provisions were based on the fastest-mile wind speed used by the National Weather Service.
The fastest mile wind determination is based on measuring the shortest time a mile long column
of air takes to pass by a fixed point. The wind speed is assumed to be constant during the
measured time, i.e. the wind speed is averaged over the measured time. This means that the
averaging time varies depending on the average wind speed.

Since the development of the AASHTO LRFD, both the National Weather Service and ASCE 7
have changed to the 3-second-gust wind speed. The change to the 3-second gust wind speed
was based on years of ongoing research of wind loads on structures.

Most designers using AASHTO LRFD use the base wind speed, 100 mph, and the base wind
pressure, 40 or 50 psf depending on the structural element. These base values are the same
for the entire country. After adjusting for the design elevation, the exposure, and the upstream
surface conditions as required by the specifications, the resulting design loads are conservative
for the majority of the country. However, in hurricane-prone regions, the resulting wind loads
are non-conservative due to a lack of consideration of the higher maximum wind speeds. An
alternative to using the 100 mph base wind speed is to determine the wind speed from a site-
specific wind study or from the ASCE 7-88 wind speed maps which do not properly account for
the higher wind speeds associated with hurricanes.

To produce a consistent level of reliability, the design wind speed must reflect the actual wind
speed at a given location. The current AASHTO LRFD wind provisions do not provide for
consistent reliability when the 100 mph base wind speed is used without adjustment for the
geographical location.

A review of existing wind load-related literature found that most of the existing literature is
related to long span, cable-stayed and suspension bridges. As such, most of the literature was
not useful in developing wind load provisions for typical structures.

Based on the literature review, as well as the review of other design specifications, the use of a
constant averaging time was deemed necessary to be consistent with modern design codes and
the use of the 3-second gust wind speed was determined to be the most feasible. The 3-
second averaging time is consistent with building and meteorological practices in the United
States and wind speed maps based on the 3-second gust are readily available and can be
easily adopted. Proposed revisions to the AASHTO LRFD wind load provisions utilizing the 3-
second wind gust were prepared. The proposed specifications were used to develop wind load
comparisons between the existing and proposed specifications. The comparisons indicate that
for a majority of the United States, the wind pressures will be similar to or lower than those
calculated using the existing specifications. For high wind regions, mainly areas along the



Atlantic, Gulf and Alaskan coastlines, the proposed specifications result in higher wind
pressures and wind loads.

In addition to updating the AASHTO LRFD wind load provisions for bridges in service, this
project developed new guidance on identifying bridges prone to excessive motions and
vibrations during construction and to develop provisions for determining wind loads during
construction. This was accomplished through extensive wind tunnel testing of scale models of I-
and box-girder bridges during and after construction, i.e. without and with the bridge deck.
Guidance on identifying vulnerable bridges and the magnitude of wind loads during construction
was developed and incorporated into the proposed design provisions. The limits defining the
sensitivity of a structure to wind-induced motions are dependent on the 10-minutes averaged
wind speed and the natural frequency and depth of the structure.



1 BACKGROUND AND RESEARCH APPROACH

1.1 Background

The AASHTO LRFD Bridge Design Specifications (AASHTO LRFD) represent a
refinement to bridge design practice as compared to past American Association of State
Highway and Transportation Officials (AASHTO) specifications. A primary goal of using the
Load and Resistance Factor Design (LRFD) philosophy is to achieve uniform reliability through
statistical calibration. However, during the development of AASHTO LRFD, the methods used
to determine design wind loads did not produce uniform reliability. In addition, there were gaps
in the knowledge regarding wind loads and the behavior of typical bridges during construction.

This project was initiated to update the wind loads provisions in AASHTO LRFD and to
develop guidance on identifying bridges prone to excessive motions and vibrations during
construction.

1.2 Problem Statement and Research Objective

The objectives of this research, as stated in the project’s Request for Proposal (RFP), are to
propose revisions to the wind load provisions in Section 3—Loads and Load Factors and other
related sections of the AASHTO LRFD.

Later, the scope was expanded to include wind tunnel testing of models representing typical I-
and box-girder bridges during construction. The additional work was meant to be used in the
development of guidelines to identify bridges that may be vulnerable to aeroelastic instability
during construction and, where possible, to develop design provisions to determine the design
wind loads on typical bridges during construction.

1.3 Scope of the Study

The scope of the study was generally determined by the tasks identified in the RFP as
the tasks anticipated to be encompassed by the research. The task descriptions, copied from
the RFP, are provided below.

Task 1. Review relevant literature, specifications and manuals, ongoing research,
current practices, and other information canvassing all engineering disciplines to determine
the current state-of-knowledge. This information shall be assembled from published and
unpublished reports, bridge owners, and others.

Task 2. Summarize the various developments since the publication of the original
wind load provisions and identify gaps in the current provisions.

Task 3. Prepare a detailed outline identifying the proposed areas of the AASHTO
LRFD wind load provisions that will require modification or addition. Propose examples to
illustrate the proposed revisions.



Task 4. According to the approved outline, develop (1) specification language,

commentary and associated graphics for inclusion within future editions of the AASHTO
LRFD Bridge Design Specifications; and (2) examples.

Task 5. Make presentations to the AASHTO HSCOBS Technical Committee T-5

Loads and Load Distribution. Revise the proposed specifications and commentary in
accordance with project panel and T-5 feedback.

Task 6. Submit a final report describing the entire research effort.

1.4 Research Approach

To accomplish the stated objectives of the research and to cover the work on the tasks

of the project, the following approach was followed:

Existing AASHTO LRFD and other major bridge design specifications were reviewed to
identify the deficiencies in the AASHTO LRFD and the latest approaches used by other
domestic and international wind codes.

To determine the current state-of-practice for calculating design wind load, practices of
some state Departments of Transportation were reviewed.

An extensive literature search was performed to identify and review relevant past
research and the background of existing wind load provisions.

A wind tunnel test program of models representing typical I- and Box-girders during and
after construction was conducted.

Proposed design provisions were developed.

Examples of the application of the proposed provisions were developed and extensive
comparisons between the wind loads determined using the existing and the proposed
provisions were made.



2 LITERATURE SEARCH
2.1 Review of Existing Literature

A literature search to locate information on wind loads was conducted. The tables of
contents for all issues in the past ten years of The Journal of Bridge Engineering, The IABSE
Journal, BRIDGES Magazine, and The Journal of Wind Engineering and Industrial
Aerodynamics were reviewed. There were many papers published regarding the performance
of flexible, long-span, cable-supported bridges, but relatively few regarding wind loads on
ordinary bridges that typically would be designed using the AASHTO LRFD provisions, not a
bridge-specific wind study. Wind loading on ordinary bridges primarily involves fundamental
bluff body aerodynamics. Of greatest interest are the reports of unexpected, and unacceptable,
behavior of ordinary bridges in winds (vortex induced motions and aeroelastic instabilities).
These problems must be addressed in any design specification. The directors of the Boundary
Layer Wind Tunnel at the University of Western Ontario (UWO) and the Rowan Williams Davies
& Irwin Inc. (RWDI) wind tunnel facility were asked if they had performed any new studies that
would be of help in the rewriting of the AASHTO LRFD wind provisions. A study was just
completed at UWO for University of Florida researchers (Consolazio, Gurley, and Harper) on
wind loading of I- and box-girders in construction stages. The final report of this study, which
was funded by the Florida Department of Transportation, has been reviewed. Following are
comments on the publications that were reviewed as part of the literature search and were
deemed to have some relevance to wind loading on ordinary bridges:

Journal of Bridge Engineering

1. "Equivalent Modal Damping of Short-Span Bridges Subjected to Strong Motions",
Sungchil Lee, PhD; Maria Q. Feng, M. ASCE; Seung-Jan Kwon, PhD; and Seok-Hee
Hong, March/April 2011

This paper uses strong-motion data from seismic records of the response of the
Painter Street Overpass to estimate real damping values of short-bridges in strong
motions. These are seismic motions that are likely to be greater than wind-induced
motions but it does give valuable information regarding damping of short-span bridges.
The damping is significantly higher than the generally assumed value of 5%. In fact, for
some modes of vibration the deduced modal damping was found to be as high as 25%.
The structure is assumed to have a damping value of 5%, and the soil abutments are
assumed to have at least 25%. This paper presents measured values of damping for a
typical highway overpass bridge. This data can be used in the calculation of gust effect
factors for typical highway overpass bridges.

2. "Flutter, Galloping, and Vortex-Induced Vibrations of H-Section Hangers" Z. Q. Chen; M.
G. Liu; X. G. Hua; and T. M. Mou, May/June 2012

Although the subject matter of this paper is limited to H-section hangers, it does
identify a situation where wind-induced instability may occur. H-section hangers are not
commonly used in bridges in the United States, but they have been used previously on
cantilevered truss bridges. Although the characteristics of most truss hangers will not



render them susceptible to wind-induced instability, the problems associated with H-
section hangers may be noted.

3. "Methods of Calculating Wind Loads on Long-Span Girder Bridges with Tall Piers and
Comparisons of Values" Yigiang Xiang, PhD; and Zhengwei Ye September/October
2012

The authors have computed lateral loads on this class of bridges (long-span
girder bridges with tall piers) using the following design specifications:

Chinese General Code

Chinese Wind-Resistant Specification
Japanese Manual

British Standard

AASHTO LRFD

Chinese Load Code

For bridges with span-to-depth or span-to-width ratios greater than 30 and
height-to-width ratios greater than 10.7, aeroelastic loads must be taken into
consideration. It is understood that these "aeroelastic loads" are really aerodynamic
buffeting loads computed using a dynamic model of the bridge assembly. It was found
that, using the AASHTO LRFD default wind speed of 100 mph produced the largest
loads (6.2% to 32.4% higher, depending upon the compared code). However, when the
correct Vi (in Sl Units, Vaz in English Units) wind speed was used for a direct
comparison to the loads produced by the other codes, the AASHTO LRFD loads were
the lowest (by 55.2% to 69.8%). The conclusion was that further study was required if
AASHTO LRFD loads are to be applied to such a class of structures. The results of this
paper will certainly be considered in the rewriting of the AASHTO LRFD wind provisions,
particularly when a detailed buffeting analysis of a long span girder bridge is performed.

4, "Probabilistic Modeling of Bridge Deck Unseating during Hurricane Events" David Ataei;
and Jamie E. Padgett, April 2013

This paper is concerned with the probability of bridge decks unseating in
hurricane events due to storm surge, not solely due to wind. While the results are of
definite interest and of concern, they do not relate to the wind loads on the bridge
directly. Reference is made to the AASHTO Guide Specifications for Bridges Vulnerable
to Coastal Storms (2008).

Journal of Wind Engineering & Industrial Aerodynamics

1. "Effective Static Load Distributions in Wind Engineering" J. D. Holmes, Journal of Wind
Engineering and Industrial Aerodynamics, Vol. 90, pp 91-109, 2002.

In this paper, the author describes probabilistic methods to estimate the
equivalent static load distribution on a long-span bridge (and other structures) including
mean loads, background loads, and resonant loads. While the methods are beyond
what would normally be included in a code, the general concepts must be included in the
code through the use of an appropriate gust factor considering the loaded length. The
results may be more easily obtained in a series of numerical simulations rather than



obtained from closed-form probabilistic models. The effects should certainly be included
in any code.

"Wind-induced pressure around a sectional twin-deck bridge model: Effects of gap-width
on the aerodynamic forces and vortex shedding mechanisms," K. C. S. Kwok, X. R. Qin,
C.H. Fok, Q. A. Hitchcock, Journal of Wind Engineering and Industrial Aerodynamics,
Volume 110, 2012, pp 50-61.

This paper contains many detailed pressure distributions measured
experimentally on several streamlined twin box-girder deck models with various gap-to-
overall-width ratios. Twin box-girder bridges with an open gap are particularly sensitive
to vortex induced motions. Vortices shed from the windward box combine with the
vortices shed from the leeward box to increase the wind load on the leeward box,
making a twin box configuration more sensitive to vortex induced motions than a single
box configuration. Of particular interest for the design of twin box-girder bridges is the
relationship of Strouhal Number to gap ratio as shown in Table 2-1. The Strouhal
Number defines the wind speed when vortex excited motions may occur.

St=fH/U

Where:

St: Strouhal Number

f: vertical bending frequency of vibration for the bridge, Hz
H: deck thickness, m

u: mean wind speed, m/s

The gap ratio is defined as the gap width divided by the overall width of the twin
boxes.

Table 2-1 — Gap Ratio vs. Strouhal Number

Case Gap Ratio Strouhal Number
1 0.000 (no vortex induced motion)
2 0.025 0.13
3 0.160 0.23
4 0.27 0.27
5 0.35 0.28

"Shaping of bridge girders to avoid vortex shedding response,” A. Larsen and A. Wall,
Journal of Wind Engineering and Industrial Aerodynamics, Volume 104-106, 2012, pp
159-165

Vortex induced motions were measured on various streamlined box-girder
shapes (having a flat bottom and beveled portions on the bottom sloping up in both
directions. The original shape was that used in the approach spans to the Storbaelt
Bridge. On the Storbaelt Bridge, the bottom sloping portions were at an angle of 26.6
degrees to the horizontal. These approach spans experienced vortex induced motions
that were mitigated through the use of tuned mass dampers (TMDs). Those vortex
induced motions occurred at Strouhal Numbers of 0.67 to 1.11.



Various streamlined box-girder sections were tested with bottom portions sloping
at various angles to the horizontal. A general conclusion was that vortex induced
motions could be reduced or eliminated if the bottom sloping portions of the streamlined
box-girders were at an angle of no more than 15 degrees.

"A numerical study of geometric effects on vortex shedding from elongated bluff bodies,"
Z. Liu, and G. Kopp, Journal of Wind Engineering and Industrial Aerodynamics, Volume
101, 2012, pp 1-11

Vortex shedding frequencies were measured behind various shaped bluff bodies
with a width of C and a thickness of t. Some had pointed ends, some had a pointed end
to windward and a square end to leeward, and some had a rounded end to windward
and a square end to leeward. The Strouhal Number, St, with respect to the thickness for
all cases was approximately 0.2.

St=ft/U
Where:
St Strouhal Number
f: vertical natural frequency, Hz
t: thickness of bluff body, m
U: mean wind speed, m/s

For each case, there was a range of frequencies over which the vortex shedding
frequency "locked-in" to the natural frequency of the bluff body. This is a naturally
occurring phenomenon that typically happens. Of particular interest was that in general,
for all shapes, vortex induced motions were likely to occur at a Strouhal Number, St =
0.2.

"Aerodynamic characteristics of continuous box girder bridges relevant to their vibrations
in wind,"” Journal N. Narita, K, Yokoyama, H. Sato, and Y. Nakagami,of Wind
Engineering and Industrial Aerodynamics, Volume 29, 1988, pp 399-408

This paper presents results of wind tunnel tests to measure the aerodynamic
damping with respect to vertical motions of two single box-girder bridges. The first box
girder bridge consisted of a single rectangular box 8000 mm wide and 6275 mm high
with a deck on top 18250 mm wide. The second box girder consisted of a single
rectangular box 200 mm wide and 100 mm high. For both sections the slope of the lift
coefficient was negative which indicates the potential for galloping motion. Both sections
had low ratios of bridge width to bridge depth.

St=fB/U

Where:

f: natural vertical frequency of vibration, Hz
B: bridge width, m

u: mean wind speed, m/s



The first section was unstable for values of St greater than 0.2. The second
section was unstable for values of St greater than 0.2 as well.

Bridges Magazine

1. "What Will the Introduction of Eurocodes Mean for Bridge Engineers?" November 2009

This paper is a general overview of the implementation process of the recently
introduced (2008) Eurocodes. At this time, they are guidelines with country annexes but
are expected to be required for design, at least for public works, in the near future. Little
from this article relates to the specific charge of this task, to update and modify the wind
element to the AASHTO code.

2. "Winds of Change: how box girders can be improved" Allan Larsen, August 2009

Various box-girder bridges have experienced vortex induced motions greater
than 1 m. The paper by Larsen and Poulin (2005) discuss these problems and
solutions. In this paper, a wind study was summarized that showed that if sloped bevels
in the lower corners of the box, at an angle of 15 degrees with the horizontal, are
installed, the vortex induced motions are greatly reduced or eliminated. If vortex-
induced motions are anticipated, then this modification to the design is a very viable
solution.

IABSE

1. "Wind-induced Damages to a Three-Span, Continuous, Concrete Arch Bridge Under
Construction”, Ge, Yang, Pang, and Xiang, Vol. 17, #2, May 2007

This paper investigates the causes of the collapse of the twin-arches under
construction in Yibin, China. All three spans of the twin arch ribs failed. Each concrete
rib section was 1460 mm by 2200 mm. Extensive static wind tunnel tests and tests on a
full-aeroelastic model of the arch pair were conducted. The loads on the arch were dead
load, the static wind load, aeroelastic wind loads, and P-delta effects; the aeroelastic
wind loads and P-delta effects were an order of magnitude greater than the dead load
and static wind loads. The aeroelastic wind loads and P-delta effects were not included
in the design of the arches. This paper is valuable in that it identifies the extent to which
aeroelastic loads and P-delta effects can be significant in arch bridge design, particularly
during construction stages. It presents another example where vortex-induced motions
of a box-girder bridge during construction stages led to total collapse of the bridge.

2. "Analysis of a Bridge Structure and Its Wind Barrier Under Wind Loads" Vol 15, #4, Nov
2005

This paper discusses wind patterns behind the wind barrier to evaluate traffic
safety. While very important, it is not relevant to the re-writing of the AASHTO LRFD
wind provisions.

3. "Vortex Shedding Excitation of Box Girders and Mitigation", Larsen and Poulin, Vol 15,
#4, Nov 2005



This paper summarizes four case studies of observed vortex induced motions in
box-girder bridges. One was a single-box suspension bridge, one was a single-box
cable-stayed bridge, one was a twin-box cable stayed bridge, and one was a single-box
girder bridge. In 3 of the 4 cases, turning vanes were added to direct the flow upward
along the downward sloped surface of the box, thus reducing or eliminating the size of
the shed vortex. In the fourth case, the motions were damped with the addition of tuned-
mass dampers. This paper is valuable in identifying when vortex induced motions might
be a concern for girder bridges, box-girder bridges, and girders or boxes under
construction.

Journal of Structural Engineering

1. "Ultimate Wind Load Design Gust Wind Speeds in the United States for Use in ASCE-7",
Peter J. Vickery; Dhiraj Wadhera; Jon Galsworthy; Jon A. Peterka; Peter A. Irwin; and
Lawrence A. Griffis, ASCE / MAY 2010/ 613

In this paper the authors describe how the wind speed maps were generated for
the ASCE/SEI 7-10. The methods used to generate the wind speed maps are described
for hurricane and non-hurricane regions. Three items are of particular interest.

First, the new maps are not scaled versions of the ASCE/SEI 7-05 map, but are
completely new maps with three for Category | buildings, one for Category Il buildings,
and one for Category Ill and IV buildings. Furthermore, the maps are not scaled
versions of the same map but are individually generated maps of 3-second wind gust
speeds with mean recurrence intervals (MRI) of 300, 700, and 1700 years.

Second, it was noted that recent research has shown that the surface friction of
wind-swept water surfaces in hurricanes is less than previously thought. Therefore, it is
more appropriate to assume that coastal regions in hurricane prone areas are in fact
characterized as having an Exposure D; while previously, they had been characterized
as having an Exposure C. This change has been incorporated in ASCE/SEI 7-10.

Third, the MRIs of 300, 700, and 1700 years for use in determining wind speeds
associated with ultimate loads (to be used with a load factor of 1.00) were determined
from the corresponding MRIs of 25, 50, and 100 years for wind speeds associated with
service loads (to be used with a load factor of 1.6) from the simple assumption that the
ultimate wind-induced load was 1.6 times the corresponding wind-induced service load.
This definition of an ultimate load was not debated or refined with the results from
additional risk or reliability analyses that would suggest a different load factor should be
used.

This third item is of particular value in rewriting the AASHTO LRFD wind load
provisions.

In this paper the basic relationship for wind speeds, in the non-hurricane regions
of the US, for wind speeds with various MRIs developed by Peterka and Shahid (1998)
was used. Specifically:

V11 Vs = (0.36 + ((0.1)(In(12T)))
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From this relationship, Table 2-2 can be generated for wind speeds throughout
the central portion of the United States.

Table 2-2 — Wind Speeds for Central Portion of United States

T T
(MRI with Load Factor 1.6) Us (MRI with Load Factor 1.0) |1.265*U3
(Years) (mph) (Years) (mph)
25 84 305 106.26
50 90 710 113.85
100 96 1650 121.44

The 1.265 shown in the fourth column is the square root of 1.6. The wind speeds
in the fourth column are for use in strength limit states and the wind loads from these
wind speeds, when applied with a load factor of 1.0, are equivalent to factoring the wind
load from the wind speeds shown in the second column by a load factor of 1.6. The
MRI's for the wind speeds in the fourth column are approximately 300, 700, and 1700
years as used in ASCE/SEI 7-10.

Using this same argument for the AASHTO wind speeds, and a load factor of
1.4, yields the corresponding wind speeds shown in Table 2-3.

Table 2-3 — AASHTO Wind Speeds

T T
(MRI with Load Factor 1.4) U3 (MRI with Load Factor 1.0) |1.183*U3
(Years) (mph) (Years) (mph)
75 93.6 503 110.75

In ASCE/SEI 7-10, for Category I, I, and 11l and IV buildings, with expected lives
of 25, 50, and 100 years, respectively, the ultimate wind speeds are those that have a
probability of exceedance of 0.07 over the life of the structure. For a bridge with a
design life of 75 years, the ultimate wind speed calculated in this manner would have a
probability of exceedance of approximately 0.15 over the 75 year life of the bridge. This
may be unacceptably high.

In the existing AASHTO LRFD, an ultimate earthquake is one with a probability of
exceedance of 0.07 over the expected 75 year life of the bridge. This earthquake has a
MRI of approximately 1000 years. It may be appropriate to consider such a MRI for an
ultimate wind speed as well. For this wind speed, Table 2-4 would apply:

Table 2-4 — AASHTO Wind Speeds based on MRI = 1000 years

T T
(MRI with Load Factor 1.4) U3 (MRI with Load Factor 1.0) |1.249*U3
(Years) (mph) (Years) (mph)
75 93.6 1000 116.93
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The effective load factor associated with this wind speed is not 1.4 but is equal to
(1.249)%(1.249) = 1.56. This load factor (with respect to service loads) is much closer to
the load factor of 1.6 used in ASCE/SEI 7-10.

With a drag coefficient of 1.3, a gust effect factor of 0.85, and an exposure factor
of 1.00, and using the proposed pressure equation:

p, = (0.00256 U?)(1.3)(0.85)(1.00)
The wind pressures for the central United States, using MRIs of 75 and 1000

years for the service limit state wind speed and the strength limit state wind speed,
respectively, gives the wind pressures shown in :

Table 2-5 — Wind Pressures Calculated using Proposed Pressure Equation

Limit State P (psf)
Service 24.78
Strength 38.67

Even though the effective load factor is 1.56 (38.67/24.78) using MRIs of 75 and
1000 years, the pressures calculated above are significantly lower than the values
suggested in the existing AASHTO LRFD shown in Table 2-6 where 70 = (1.4)(50) with
the prescribed load factor of 1.4.

Table 2-6 — Wind Pressures from Existing AASHTO LRFD

Type of Wind Load P (psf)
Unfactored 50
Factored 70
2. "Wind Load Statistics for Probability-Based Structural Design” Bruce R. Ellingwood, and

Paulos Beraki Tekie, ASCE, April 1999

In this paper, Ellingwood and Tekie discuss in great depth the reliability of
estimates for different wind loads from ASCE 7-95. They used a Delphi method with
approximately 20 experts from all parts of the wind engineering and design community to
make estimates of the uncertainties in the inputs to the various wind load calculations.
From those estimates, reliabilities were determined for each load considered (for
example the positive load on a wall, the suction on the back of the building, uplift on the
roof, and for wind loads on components).

The results from this paper are very interesting. However, it is not expected that
this level of refinement will be included in the proposed revisions to AASHTO LRFD.

Other Papers, Reports, Books

1. "Vibration Mechanisms and Controls of Long-Span Bridges: A Review Yozo Fujino and
Dionysius Siringoringo," Structural Engineering International, 3/2013
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This paper summarizes wind-induced problems that may be experienced by
long-span bridges. Of particular interest, is a list of bridges that have all experienced
troublesome vortex-induced motion. The bridges in the list are all relatively long-span
steel box-girder bridges; motions were mitigated with the use of TMDs. They are larger
than typical bridges but were most likely designed according to the governing bridge
design specifications, not a bridge specific wind tunnel study. Designers of long-span
box-girder bridges should be made aware of these experiences.

Table 2-7 — Long-Span Bridges Subject to Vortex-Induced Motion

L, Maximum
BRIDGE Span length (m) N (Hz)
Trans Tokyo Bay (Japan) 240 0.34
Storbaelt Approach Spans (Denmark) 200 0.5-0.8
Rio Niteroi Bridge (Brazil) 300 0.32
VVolgograd Bridge (Russia) 115 0.45 - 0.68

"Bridge Girder Drag Coefficients and Wind Related Bracing Recommendations,"”
Consolazio, G. R., Gurley, K. R., and Harper, Z. S., Department of Civil and Coastal
Engineering, University of Florida, Gainesville, Florida, June 2013.

The objectives of this study were to determine static aerodynamic coefficients for
individual and groups of girders in the wind during construction (without decks), and to
evaluate and design bracing systems for various girder types during construction. The
result for the first part of this study (to determine wind loads) is of great interest for use in
the updated AASHTO LRFD.

Wind tunnel tests (at the University of Western Ontario) were conducted to
determine the desired static aerodynamic coefficients. All models were made to the
scales of 1:25 or 1:28. Mean values of the static aerodynamic coefficients were
obtained in smooth flow.

The following girder types were studied:

1) 78" precast concrete girder (78" FIB),

2) 45" precast concrete girder (45" FIB),

3) 8' steel deep plate girder with 2'-8" flanges (WF Plate),

4) 8" steel deep plate girder with 1'-4" flanges (NF Plate), and

5) 6' deep by approximately 9' trapezoidal box girder without a top (Box)

Groups of 1, 2, 5, and 10 girders for the precast concrete and steel plate girders
and 1- or 2-box systems for the box girders were studied with center-to-center spacings
of 10" to 14." Cross-slopes of 2 to 8 degrees were studied. Natural variation in wind
angles of incidence of -5, -2.5, 0, 2.5, and 5 degrees were also studied.

Results from this vast number of wind tunnel tests were presented. A simplified
series of conclusions were presented that were considered to be appropriate for use by
the FloridaDOT. The conclusions were an envelope of extremes; the envelope was not
particularly broad or conservative.
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Lateral pressure coefficients that include a weighted effect of the torsional
moments on the individual beams are called effective drag coefficients. Lift coefficients
were also measured but during construction, they are not as significant as the effective
drag coefficients.

Specific conclusions, based on a group of identical girders, of this first phase of
the study are as follows:

e The effective drag coefficient on a single plate girder was found to be 2.5.
The effective drag coefficient on a single precast concrete girder was
found to be 2.0. The effective drag coefficient on a single box girder was
found to be 1.93.

o For a group of identical plate girders or precast concrete girders, it was
recommended that the full wind load be placed on the first girder, nothing
applied to the second girder (found to be fully shielded - and in many
cases a small wind load in the opposite direction was found), and a load
equal to half of the load on the first girder be applied to all subsequent
girders. These results were not sensitive to the girder spacing or the
cross-slope angle. No generalizations were made regarding wind loads
on a group of box girders.

While the results of the analyses and resulting designs of girder bracing systems
may be of great interest to AASHTO, the experimentally determined wind load
conclusions and recommendations are particularly important to the revision of Section
3.8in AASHTO LRFD.

Simiu, Emil, and Scanlan, Robert H., Wind Effects on Structures, Third Edition, John
Wiley & Sons, Inc., New York, 1996.

This is the gold standard reference book on wind engineering and covers just
about everything needed in wind engineering. There is minimal text that specifically
pertains to small bridges. However, the atmospheric boundary layer theory is developed
fully from which mean velocity profiles, longitudinal turbulence profiles, turbulence
spectra, and the averaging time variation in wind speeds can be developed. The
relationship of wind speeds with mean return period is developed from historical wind
speed data. All of this information is required, and has been used, in the proposed
version of AASHTO LRFD Section 3.8.

There is a chapter on bluff body aerodynamics which contains figures that
present drag and lift coefficients for numerous structural shapes commonly used in
bridge construction. Furthermore, for those shapes, Strouhal Numbers are also
presented. The Strouhal Number defines the relationship between wind speed, member
size, and the frequency that von Karman vortices are shed in the wake. All of this data
is used in the proposed version of AASHTO LRFD Section 3.8.

In addition, there are chapters that discuss the potential for aeroelastic vibrations
of long-span bridges. These chapters are not relevant to typical structures which would
be designed according to AASHTO LRFD Section 3.8; this chapter is relevant for
bridges that are at the boundary between when a bridge should be designed according
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to AASHTO LRFD, and when a bridge should be designed from results obtained from a
site specific, project specific wind study.

Vincent, G. S., INVESTIGATION OF WIND FORCES ON HIGHWAY BRIDGES,
Highway Research Board, Special Report 10, Washington, D. C., 1953

This report is of special interest because the results of this study formed the
basis for much of the existing AASHTO LRFD.

Included in this study are the results from a series of wind tunnel tests conducted
in the David Taylor 8 x 10 ft wind tunnel. Static aerodynamic coefficients were
measured in a steady 100 mph wind speed. Additional wind studies were conducted in
25, 65, and 100 mph winds to evaluate the effects of changes in the Reynolds Number.
These effects were found to be insignificant.

Two through truss models, one pony truss model, and three deck girder bridge
configurations were studied. By today's standards, the bridge types are somewhat
outdated with the emphasis on truss bridges. No box girder bridge types were studied.

Some conclusions of particular interest:

e The pressure proposed by this study of 50 psf on projected areas of the bridge
was thought to be a reasonable, and somewhat conservative, upper-bound
result. This pressure is to be used with 1.5 times the projected, exposed area on
trusses and reduced by up to 70% for girder bridges. This later became 50 psf to
be used on the actual projected, exposed area for girder bridges and on the
projected area of windward trusses, and 25 psf on the projected area of leeward
trusses. The 50 psf was greater than the highest pressures measured in a mean
100 mph wind. (Notice that in AASHTO LRFD , reference is made to fastest-mile
wind speed maps with a mean recurrence period of 50 years. On the fastest-
mile wind speed map, only the southern portion of Florida, Cape Hatteras, and
southern Louisiana are in zones with a design wind speed greater than 100
mph.)

e |t was determined that very small changes in the vertical angles of incidence of
the wind can have very large effects on the lift loads applied to the bridge. These
loads may be greater than the drag loads. The vertical forces can be up or
down.

¢ In the girder bridge studies, it was found that minimal changes occurred in the
results if the interior girders were removed. In general, the static aerodynamic
coefficients were dependent upon the overall bridge geometry and not the
specific geometry including all of the interior girders.

e Static aerodynamic force coefficients were obtained for wind loads on the
superstructure for wind not perpendicular to the bridge. There were a set of
coefficient that resolved the wind loads into transverse and longitudinal
components. These skew coefficients were generalized into one upper-bound
set for truss bridges and one upper-bound set for girder bridges. These skew
coefficients, in various forms, are used in the AASHTO LRFD and many other
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specifications throughout the world. It is noted that the aerodynamic coefficients
obtained in this study are referenced to the mean dynamic pressure and to a
single projected area for winds normal to the bridge axis. As the wind direction
changes, the projected area normal to the wind direction also changes but the
results in this study were all referenced to the single projected area cited, not the
actual projected area for that wind direction.

Wind Loads on Steel Box Girders during Construction Using Computational Fluid
Dynamic Analysis. Myers, G. and Ghalib, A.. Journal 7. Atkins Group. Roads and
Bridges Division

The authors stated that the critical wind exposure condition in the constructability
analysis is on the exposed partially erected girders during the various construction
stages and also on the completed skeletal frame prior to the addition of forms and
concrete deck. The literature search conducted as part of the work indicated that drag
coefficients to be used in the development of wind pressures under these conditions are
not readily available. The authors used computational fluid dynamic modeling to develop
horizontal drag and vertical lift coefficients for the constructability analysis of curved box
girders. The drag coefficients were found to be significantly larger than those stipulated
for the completed bridge in the design specifications.

AASHTO STANDARD SPECIFICATIONS FOR STRUCTURAL SUPPORTS FOR
HIGHWAY SIGNS, LUMINAIRES, AND TRAFFIC SIGNALS. Section 3: LOADS (2013).

The reviewed AASHTO Specification for Signs, Luminaires, and Traffic Signals
includes an updated section on wind loads. The AASHTO Standard Specifications for
Structural Supports for Highway Signs, Luminaires, and Traffic Signal utilizes a 3-second
gust wind speed with a MRI of 50 years. The loads generated from these wind speeds
are factored for use in a LRFD analysis. The calculated wind loads are used directly in a
LRFD analysis with a principle load factor of 1.00.

The bridges that are most often designed with AASHTO LRFD are generally
small and rigid. Highway signs, luminaires, and traffic signals, while relatively small, are
quite flexible. This flexibility is accounted for in the use of a gust effect factor, G, of 1.15.

Drag coefficients for many member cross-sections are provided for highway
signs, luminaires, and traffic signals; these structures can be grouped into similar
categories and are typically governed by wind loading. (in contrast, typical structures
designed using AASHTO LRFD are rarely governed by wind loads. With large number
of possible combinations of bridge decks and girders; the drag coefficients presented in
bridge design specifications tend to be generalized as it is impractical to provide drag
coefficients for all possible combination.)

Wind Tunnel testing for Buildings and Other Structures, ASCE 49-12
This publication addresses wind tunnel studies and covers the minimum requirements

for wind tunnel testing. Even though it is focused on buildings, the provisions do apply to
long span bridges.
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2.2 Review of Wind Loads in Major Specifications

Many significant bridges are designed according to one of the following five codes.

There are numerous codes throughout the world, but most were developed from these codes
discussed below and AASHTO LRFD. Only the portions of these codes that relate to wind
loads on bridges were reviewed.

1.

Eurocode 1-Actions on Structures - Part 1-4: General actions - Wind actions
British Standard, BS-EN 1991-1-4:2005 + A1:2010, Incorporating corrigenda July 2009
and January 2010

The Eurocode applies to bridges having spans less than 200 m provided that
they satisfy the criteria for dynamic behavior The Eurocode does not clearly identify the
characteristics of bridges that are dynamically sensitive; bridges with spans less than 40
m generally do not need to be considered dynamically sensitive.

Motion in the direction associated with the fundamental frequency of the wind
should be considered in the design of all bridges..

The reference wind speed is a 10-minute averaged wind speed, in an open
terrain, at an elevation of 10 m. Five exposures are considered: sea and coastal, lakes
and flat land, open, suburban, and urban. A logarithmic profile law is used with surface
roughness coefficients consistent with 10-minute or one-hour averaged wind speeds.

The density of air is taken as 1.25 kg/m® and peak values are considered to be a
mean plus 3.5 times the standard deviation.

The reference wind speed and air density apply to wind loads on all structures.
Turbulence intensities and spectra are included but are not necessarily used for bridges.
There is a separate section (8) specific to bridges. Drag coefficients are presented for
several different sections, with a default of C; = 1.3, based upon the bridge depth
perpendicular to the wind, though bridge depth is open to interpretation.

Australian/New Zealand Standard Structural Designations, Part 2: Wind Actions
AS/NZS 1170.2.2011

This code describes wind loading for buildings and structures but does not
contain anything specific to bridges. Dynamically sensitive structures are defined as
those having a fundamental frequency less than 1 Hz.

Three-second gust wind speeds, at an elevation of 10 m, in an open exposure
are used as reference wind speeds. The standard develops wind loads for both ultimate
and service limit states. The density of air is assumed to be 1.2 kg/m®. A logarithmic
mean velocity profile is assumed with four exposure categories: water or coastal, open,
suburban, and urban. An equation is relationship is used to determine the fetch required
to develop a specific boundary layer to a certain depth.

Drag coefficients are given for several cross-sections (that relate to all structures)
but nothing specific to bridges.
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Canadian Highway Bridge Design Code, A National Standard of Canada
CAN/CSA-S6-06, November 2006

The reference wind speed to be used is a one-hour averaged wind speed with a
return period of 100 years for bridges with span lengths greater than 410 ft (125 m), 50
years for shorter bridges and for light supports and signs greater than 52.5 ft (16 m) in
height, 25 years for light supports and signs less than 52.5 ft (16 m) in height, and 10
years for temporary signs and bridges during construction.

A gust effect factor of 2 is used for bridges less than 410 ft (125 m) long and 2.5
for slender pedestrian bridges and flexible components. The gust effect factor should be
determined from wind tunnel tests and rational analysis for very long and flexible
bridges. The gust effect factor includes the correlation of gusts with the dynamic
characteristics of the bridge. Note that the square of the ratio of peak wind speed to
hourly averaged wind speed is approximately 2.

Mean velocity profiles and different exposures are not defined; instead, an
exposure coefficient as a function of height is provided.

For all bridge types, a drag coefficient of 2 is used for horizontal loads, and a
value of 1 is used for vertical loads.

There are sections to determine the wind load for cases where the wind is not
perpendicular to the bridge, bridges that are aerodynamically sensitive, and wind tunnel
testing. With the exception of wind not perpendicular to the bridge, the other sections
state that other problems should be investigated if they are anticipated.

In addition to determining the wind loads, whether by code or experiment, the
bias and standard deviation of the wind load must be determined.

British Highways Agency, Design Manual for Roads and Bridges, BD 37/01, Loads for
Highway Bridges and BD 49/01 Rules for Aerodynamic Effects on Bridges.

The British Standards are very detailed and have been used for many years. The British
Standards have been superseded by the Eurocodes.

"Structures Design Guidelines," Florida Department of Transportation, FDOT, Structures
Manual, Volume 1, January 2013

The wind element to this document is based upon ASCE 7-05. The pressures
determined from this document are for use directly in an allowable stress design, or
factored in a LRFD design. The basic design wind speed is a 3-second averaged gust
wind speed, at an elevation of 33 feet (10 m), in an "open" exposure, with a mean
recurrence interval (MRI) of 50 years. The typical load factor is 1.4 which yields
pressures that are equivalent to those generated with a wind speed having a MRI of 850
years.

Pressures are determined using the equation below:

p = (2.56E-06)(K,)(V*)(G)(Cy)
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where

V: the basic wind speed in mph

K. an exposure and elevation factor
G: gust effect factor

C,. pressure coefficient

The exposure and elevation factor for an open exposure is used for all bridges
regardless of the actual exposure. For bridges with span lengths less than 250 feet and
a height less than 75 feet, the gust effect factor is assumed to be 0.85. For bridges that
are longer than 250 feet and/or higher than 75 feet, gust effect factors are to be
determined as per ASCE 7-05. Site-specific wind speeds can be used in lieu of those
provided on the basic wind speed map.

Pressure coefficients are provided for different shapes and parts of the bridge.

During construction, the design wind speed can be assumed to be 0.6 times the
basic wind speed. During active construction (e.g. during girder erection), the basic wind
speed is taken as 20 mph. Pressure coefficients are given for various construction
stages.

6. Minimum Design Loads for Buildings and Other Structures, ASCE 7-10

The main features of the ASCE/SEI 7-10 wind load provisions are presented in
the summary of the paper by Vickery et.al.

7. Minimum Design Loads for Buildings and Other Structures, ASCE 7-05

Although, the format for 7-10 is radically different from the format for 7-05, the
two editions are virtually identical. The primary format difference is the use of a load
factor of 1.0 for wind loads in 7-10, and 1.6 for wind loads in 7-05. The wind speeds in
7-10 have been increased accordingly with the factor of 1.2649 (the square root of 1.6)
to give the same design pressures. This is not considered to be a significant
engineering change. The only significant change that affects wind loads between the
two editions is the stipulation that the exposure over water in hurricane zones is
Exposure D in 7-10, while it is Exposure C in 7-05. This stipulated Exposure D extends
only 600 feet in from the water in such hurricane prone areas.

2.3 Conclusions Regarding the State-of-the-Art of Wind Design

After reviewing existing design specifications and the available literature on wind loads
on typical bridges, the use of a constant averaging time was deemed necessary to be consistent
with modern design codes. The use of 3-second wind gust was determined to be reasonable as
it is consistent with building and meteorological practices in the US. Wind speed maps based
on the 3-second wind gust are readily available and could be easily adopted.

It was also concluded that using the basic form of the wind load equation is preferred.
This form of the equation is used by other modern codes reviewed in this study.
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3 WIND TUNNEL TEST PROGRAM

3.1 Introduction and Objectives

The objective of this wind tunnel test study was to determine the expected performance
of typical bridge components (I-beams and box-girders) in wind during construction prior to
placement of the deck. A specific objective of the wind study was to determine the wind speeds
at which excessive wind-induced motions might occur. Therefore, the focus of this study was to
identify possible wind motion sensitivities of different girder types, in different configurations of
multiple beams and girders, and at various wind angles of incidence. Static drag coefficients for
different shaped box-girder sections were also determined.

The focus of the study indicated above was selected in order to not duplicate recent
work by other researchers. In a recent, very extensive study (Consolazio et. al., 2013), wind
loads in the direction of the wind on different I-beams, plate girders, and box-girders, in different
configurations were measured in wind tunnel tests. The results were presented in terms of
dimensionless, static aerodynamic drag coefficients. With such coefficients, the wind loads on
various girder configurations, at various wind angles of incidence, can be determined. It was
not the intent of this test program to duplicate that study.

Long, slender, I-beams, and open-topped box-girders (typical during construction), when
aligned perpendicular to the direction of the wind, may be sensitive to vortex-induced motions
as well as a single-degree-of-freedom (SDOF) translational aeroelastic instability perpendicular
to the direction of the wind. This SDOF translational aeroelastic instability is commonly called
"galloping." Wind-induced motion in the direction of the wind (along-wind motion), or buffeting,
may also be a concern but is implicitly addressed by the gust effect factor used to calculate the
static equivalent wind loads on the member.

Galloping is more likely to occur in flexible, cable-supported bridges, such as the original
Tacoma Narrows Bridge, but its occurrence is unlikely in typical bridge components. A torsional
flutter mode commonly occurs on shapes with large, horizontal lifting surfaces, such as bridge
decks. The wind characteristics of a typical bridge and individual bridge components do not
allow the torsional flutter mode to develop. Therefore, the focus of this study was to identify
typical bridge components such as I-beams, plate-girders, and open-topped box girders that are
susceptible to vortex-induced and galloping motions. The wind tunnel models did allow for
torsional motion, but the observed torsional motion was small relative to the translational
motions.

All tests were performed on straight sections of I-beams and box-girders. Vortices shed
by curved members will tend to follow the length of the member if they have mild curvature
(curvature in a vertical or horizontal plane). If the curvature is too great, uniform vortices behind
the members will not be shed. As the curvature increases, the likelihood that uniform vortices
will be shed behind the member decreases. Therefore, for curved members, motion predictions
from wind tunnel test results using straight members are assumed to be conservative.

There were no pre-determined expected aerodynamic behaviors in this study. The
girder sections studied were known to be wind sensitive in some, but not all, configurations. An
extensive number of girder sections, combinations of multiple girders, and wind angles of
incidence were considered. The intent was to identify those configurations that were particularly
wind-sensitive. The investigated configurations covered typical types and layouts but did not

21



cover all possibilities. The results of this study will help the designer determine whether or not a
proposed configuration is likely to be wind-sensitive.

Testing was conducted at West Wind Laboratory Inc. in Monterey, California. The
international standard for wind engineering and of West Wind Laboratory, Inc. is to use the Sl
system of units for wind studies. Consequently, all raw data and results presented herein are
presented using the Sl system of units; with English units provided in most instances. The final
results are presented as dimensionless quantities that may be used with any system of units.

3.2 Configurations Tested

I-beams are very bluff, shed strong vortices into the wake, and are prone to galloping if
the lifting surface is sufficiently large. Vortex-induced and galloping motions generate
fluctuating pressures on the top and bottom flanges of the member. The fluctuating pressures
produce fluctuating forces and motion of the member. Since the top and bottom flange width of
I-beams and plate-girders is usually small with respect to the depth of the girder, strong vortex-
induced and galloping motions of I-beams and plate girders are not likely to be problematic.

Box-girders, besides being bluff and strong generators of vortices in the wake, are also
prone to a galloping instability. Several cases of vortex-induced and/or galloping motions of
box-girders during construction have been documented (Larsen and Poulin, 2005, Fujino and
Siringoringo, 2013, Yang, Pang, and Xiang, 2007, Corriols and Morgenthal, 2014, Larsen and
Wall, 2012). For these reasons, more emphasis is placed on box-girder motions than I-beam
motions in this study. While most of the box-girder shapes studied were open-topped, the
pressure on the top of the pocket of still air in the open-topped box-girder is likely similar to the
pressure that would occur on a closed-topped box-girder. Therefore, the aerodynamic
behaviors of closed-topped box-girders are expected to be similar to the observed aerodynamic
behaviors of the open-topped box-girders.

Nine different member shapes were tested: two plate girder shapes, four open-topped
box girder shapes, and three closed-topped box-girders. The close-topped box-girders were
added to the original study of aerodynamic behavior of plate girders and open-topped box-
girders during construction because they are similar in shape and there are several cases of
completed box-girder bridges that are known to be wind sensitive. The nine member shapes
are described below and the model configurations and model dimensions are shown in Figure
3-1 through Figure 3-9.

1. Wide Flange I- Beam (Shape 1)
This is an I-beam with a flange width that is approximately one-half of the girder depth. The
flange width is much wider than a typical rolled steel section or plate-girder, but not
necessarily wider than a typical precast concrete I-beam. This section was chosen because
it is an I-beam with relatively large horizontal surfaces.

2. Narrow Flange I-Shaped Beam (Shape 2)

This shape is typical of a rolled steel I-beam but the flange width is generally larger than that
used in a typical plate girder. The flange is approximately one-quarter the girder depth.

3. Deep Open-Topped Box-Girder (Shape 3)
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This is a deep open-topped box-girder with vertical sides; the width is equal to one-half of
the height.

Square Open-Topped Box-Girder (Shape 4)
This is an open-topped box-girder with vertical sides; the width is equal to the height.
Shallow Open-Topped Box-Girder (Shape 5)

This is a shallow open-topped box-girder with vertical sides; the width is equal to two times
the height.

Square Open-Topped Box-Girder with Sloping Sides (Shape 6)

This is a square open-topped box-girder with outward sloping sides (at a slope of 1 in 4); the
height is equal to the width of the bottom of the box.

Square Box-Girder with Narrow Deck (Shape 7)

This is a square box-girder (same box-girder used for Shape 4) with the deck overhanging
the box-girder flange by 40% of the box width.

Shallow Box-Girder with Narrow Deck (Shape 8)

This is a shallow box-girder (same box-girder used for Shape 5) with the deck overhanging
the box-girder flange by 20% of the box width.

Shallow Box-girder with Wide Deck (Shape 9)

This is a shallow box-girder (same box-girder used for Shape 5) with the deck overhanging
the box-girder flange by 40% of the box width.
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Figure 3-1 — Cross-Section of Shape 1, I-Beam with Wide Flanges
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Figure 3-2 — Cross-Section of Shape 2, I-Beam with Narrow Flanges
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Figure 3-3 — Cross-Section of Shape 3, Deep Open-Topped Box
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Figure 3-4 — Cross-Section of Shape 4, Square Open-Topped Box
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Figure 3-5 — Cross-Section of Shape 5, Shallow Open-Topped Box

12.7mm.<\<—>‘
(1/2 in)

4 —76.2mm. (3in)

1

76.2mm.
| (3in) |
Figure 3-6 — Cross-Section of Shape 6, Open-Topped Box with Inclined Webs
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Figure 3-7 — Cross-Section of Shape 7, Square Box with Narrow Deck
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Figure 3-8 — Cross-Section of Shape 8, Shallow Box with Narrow Deck
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Figure 3-9 — Cross-Section of Shape 9, Shallow Box with Wide Deck
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3.3 Test Program

The vertical, non-zero angle of incidence of the wind on the bridge deck can be due to
the cross-slope of the bridge deck, natural non-zero angles of incidence due to turbulent
fluctuations, and the influence of nearby topographic features. Vortex-induced and galloping
motions of I-beams and box-girders are not overly sensitive to the fluctuations in the wind angle
of incidence due to turbulence as many cycles of motion are necessary to build up to a steady
state response in lightly damped girders. The periods of the turbulent gusts are short when
compared to the time required for the motions to build to a significant level. Therefore, the
effects that contribute most to non-zero vertical angles of incidence are the cross-slope of the
deck and the distortion of the wind angle due to nearby topographic features.

Wind-induced motions of very bluff bodies (such as I-beams and box-girders) are
insensitive to small changes in angles of incidence but static aerodynamic coefficients are
sensitive to small changes in wind angles of incidence. The "bluffness" of the shape and the
overall dimensions of the cross-section are of great interest. Typically, I-beam bridges are
made with the web vertical and deck cross-slopes that vary from 1% to 8% (1/2" to 4). Box-
girders, on the other hand, are typically constructed perpendicular to the deck, with or without
cross-slope. The slight variation from perpendicular to the deck for the I-beams was not
considered to be a significant contributing factor to the dynamic response of the beams. All
configurations were tested for -10, -5, 0, 5, and 10 degree angles of incidence and all members
were modeled as being perpendicular to the deck.

Of particular interest was the possible interaction of the turbulent wake from one beam
or box-girder on an adjacent girder. Configurations of 1, 2, and 4 evenly spaced |-beams and
open-topped, one- and two-box systems were tested. Single box-girder bridge sections with
decks were also tested.

For all configurations, vertical motions were recorded, perpendicular to the axis of the
member and perpendicular to the axis of the wind. For horizontal winds, static drag coefficients
were measured for the four different open-topped boxes. For the square open-topped boxes in
two-box systems, mean drag coefficients were measured on the leeward box for different box
spacings and each angle of wind incidence.

The entire test program is defined in Table 3-1 and Table 3-2.
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Table 3-1 — Dynamic Test Program
. Beam Spacing in
Section Shape Vzl('jgd r/;\;:;gl)e Ol;hérg:ri; Multiples of Beam
9 Depth, d *
1 -
Shape 1 0,-5,-10 2 d, 2d, 3d, 4d
4 2d
1 -
Shape 2 0,-5,-10 2 d, 2d, 3d, 4d
4 2d
1 -
h -10, - 1
Shape 3 0,-5,0,5,10 5 d. 2d. 34
1 -
Sh 4 -10,-5,0, 5,10
ape T 2 2d, 3d, 4d
1 -
Sh 5 -10,-5,0, 5,10
ape il 3 3 3 2 4d
1 -
h -10, - 1
Shape 6 0,-5,0,5,10 5 3d, 4d
Shape 7 0 1 -
Shape 8 0 1 -
Shape 9 0 1 -

* In the case of multiple beams in the cross-section, testing was repeated a
number of times equal to the number of beams. The active girder (the girder for
which the vertical motions are recorded) was moved from one location to another
to include testing with the active girders at all possible locations.

Table 3-2 — Static Test Program

Beam Spacing in
Wind Angle | Number | Multiples of Beam
MODEL (degrees) |of Beams Depth, d
Shape 3 0 1 -
1 -
Shape 4 -10,-5,0, 5,10 > 2d. 3d, 4d
Shape 5 0 1 -
Shape 6 0 1 -
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3.4 Wind Tunnel Facility

All tests were performed in the component, section model wind tunnel at West Wind
Laboratory, Inc. The wind tunnel has an open jet test section 1.016 m x 1.651 m (3.33 ft x 5.42
ft.). Wind speeds are continuously variable from 0 to 5 m/s.

All models were rigid models supported by springs at the four corners that allowed the
model to translate vertically and to rotate torsionally about the member axis. Torsional motions
of the members were not expected to be significant so they were not measured; observed
torsional movements were insignificant.

The beam support system during wind tunnel testing and the wind tunnel configuration
are shown in Figure 3-10 and Figure 3-11, respectively.

Figure 3-10 — End Support of Beams during Wind Tunnel Testing
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Figure 3-11 — Wind Tunnel Schematic and Beams during Testing
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3.5 Model Descriptions, Model Properties, Test Procedures

The nine shapes described in Section 3.2 were constructed of hardwood. All models
were prismatic and had a length of 1.6256 m (64 in). The model cross-sections are shown on
Figure 3-1 through Figure 3-9. The models are shown in the wind tunnel in Figure 3-12 through
Figure 3-19 (in various configurations). Photographs of the Shape 8 model in the wind tunnel
were not taken.

The models were supported at the end with frames (see Section 3.4) that were, in turn,
supported with four springs. The models were weighted to yield reasonable masses, vertical
natural frequencies, and linear viscous damping ratios. Simple |I-beams and box-girders have
very low damping ratios. A typical steel frame high-rise building may have a linear viscous
damping ratio of 0.01, a steel long-span suspension bridge may have a damping ratio of 0.004,
and a single beam may have a damping ratio of 0.001. The models tested typically had
damping ratios of this magnitude or less.

The amplitude of vortex induced motions (whether from periodic vortices shed into the
wake or from a galloping-type instability) are a function of the Scruton Number, Sc. The Scruton
Number includes a damping force coefficient (equal to the product of the damping ratio and the
mass).

Sc = (§)(m) / (p)(L)
where

linear viscous damping ratio
mass per unit length
density of air

reference length

o 34,

The units of the above variables should be consistent.

Since no specific I-beams or box-girders were modeled, at best, a model Scruton
Number will be within the expected range of full-scale Scruton Numbers. Since the modeled
masses and damping ratios are reasonable, the range of modeled Scruton Numbers is also
reasonable.

Predicting full-scale, wind-induced motion magnitudes was not the objective of the wind
tunnel study. The objective of the wind tunnel study was to determine the wind speeds at which
excessive, wind-induced motions might occur. The critical wind speeds are not directly a
function of the Scruton Number but are primarily a function of the member shape (as long as the
damping is low). The magnitude of possible motions and the rate at which unstable motions
grow are a function of the Scruton Number, but of greater interest is that the motions are
prevented in the first place.

The dimensionless measure of the wind tunnel speeds at which wind tunnel tests were
performed is the Reynolds Number, Re

Re = (U)L) /v
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where

u: mean wind speed
L: reference length
Vi kinematic viscosity

The units of the above variables should be consistent.

Tests were conducted at a Reynolds Number of approximately Re = 20,500 based upon
the reference length of the model depth. Full-scale values of Reynolds Numbers are expected
to be on the order of Re = 1,200,000.

Wind-induced pressures on curved and streamlined members are highly dependent
upon the Reynolds Number. The Reynolds Number determines whether laminar or turbulent
flow occurs along a streamlined or curved member. The type of boundary layer flow, laminar or
turbulent, affects the points where the flow separates from the surface of the girder. The points
where the flow separates affects the flow pattern and the flow pattern affects the wind-induced
pressures and forces on the girder. |-beams and box-girders (particularly those tested in this
study) have sharp corners that force flow separation points to occur at these fixed locations.
Since the flow patterns do not change as the Reynolds Number changes, the pressures and
loads on the sharp-edged sections are not expected to change significantly with changes in the
Reynolds Number. This is the assumed justification for all wind tunnel testing on buildings and
long-span bridges.

The model dynamic properties are shown in Table 3-3.

The objectives of all dynamic tests were to determine the sensitivities of the various
cross-sections to vortex-induced motions and/or galloping. As a consequence, for each
configuration, the peak vertical displacement was recorded. For sections exposed to the mean
free stream, the peak motion was typically the steady-state magnitude of a vertical oscillation at
the model natural frequency due to its own wake turbulence, vortex-induced motions, and/or
galloping. When the active, elastically mounted beam was downstream from other identical
beams, the peak motion could be due to its own wake turbulence, vortex-induced motions,
galloping, or wake buffeting from the upstream beams. When the motions were vortex-induced
or galloping motions, the very low damping caused the time required to develop a steady-state
response to be very long. For critical cases, the model was allowed to vibrate for approximately
15 minutes to reach a steady state motion.

The test configuration consisted of one active member (supported elastically and
allowed to vibrate) and all other members fixed. In reality, all members may vibrate. When only
one member is allowed to vibrate, flow patterns over the fixed members may be different from
what they would be if the other members were allowed to vibrate. However, since it was the
specific objective of the wind tunnel tests to determine the wind speeds at which excessive
wind-induced motions might occur, the motions will be small and the modeled configuration will
be accurate at those wind speeds.

The objective of the static tests was to determine the mean, static, aerodynamic drag
coefficient for each girder type. The models were mounted rigidly on a balance. Ten records of
30-seconds each were recorded; the average of the samples was calculated and used as the
representative drag coefficient value for that cross-section.

34



Figure 3-12 — Wide Flange I-Beam (Shape 1)

25 o 7. 7
Figure 3-13 — Narrow Flange I-Beam (Shape 2)
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Figure 3-14 — Tall Open-Topped Box-Girder (Shape 3)

P i

Figure 3-15 — Square Open-Topped Box-Girder (Shape 4)
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Figure 3-16 — Sha{IIo Open-Topped Box-Girder (Shape 5)

Figure 3-17 — Square Open-Topped Box-Girder with Sloping Sides (Shape 6)
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Figure 3-18 — Square Box-Girder with Narrow Deck (Shape 7)

Figure 3-19 — Shallow Box-Girder with Wide Deck (Shape 9)
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Table 3-3 — Model Dynamic Properties

VODEL el VITISNCESLTS MASﬁrFFER
C(’I:JSNCY DAMPING | LENGTH
RATIO (kg/m)
~ (Shape 1) 0.959 0.000843 4.5
Pair— (Shape 1) 0.951 0.001240 4.59
- (Shape 2) 0.924 0.000322 4.86
- (Shape 3) 0.931 0.000952 479
- (Shape 4) 0.930 0.001190 4.80
- (Shape 5) 0.926 0.001310 4.84
- (Shape 6) 0.925 0.000602 4.85
- (Shape 7) 0.873 0.001380 5.45
- (Shape 8) 0.857 0.002030 5.66
- (Shape 9) 1331 0.003700 4.84
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3.6 Dynamic Test Results and Test Summaries

The values for U and D as used in the following sections must be in consistent units; if
using the English system of units, U would be in feet per second and D would be in feet. If the
Sl system of units is used, U would be in meters per second and D would be in meters.

3.6.1 WIDE-FLANGE I-SHAPED BEAM (Shape 1)

The dynamic performance of Shape 1 during construction is not likely to be problematic
in winds that are expected to occur. Shown in Figure 3-20 through Figure 3-22 are the
expected steady-state vertical responses of a single Shape 1 as a function of reduced wind
speed, U/nD, for mean angles of incidence of 0, -5, and -10 degrees where

U: mean wind speed (fps),
n: frequency of vertical vibration (Hz), and
D: beam depth (ft.).

For horizontal winds, there is an abrupt jump in response at U/nD = 20; for angles of
incidence of -5 and -10 degrees the abrupt jump occurs at U/nD = 15. This is not a peak, but a
jump that stays steady or grows. It is most likely initiated as a vortex-induced motion that
progresses into a galloping instability. For lower values of U/nD, there are no significant
motions other than wake buffeting motions.

These instabilities are more of an academic interest than a practical interest. A long
beam, L = 200 ft., with a depth of D = 7 ft., might typically have a vertical natural frequency of 2
Hz. At a value of U/nD = 15, this corresponds to a mean wind speed of U = 210 fps = 143 mph.
In most of the US, the construction stage wind speed stability criterion is (0.73)(115 mph) = 84
mph, well below the critical flutter wind speed of 143 mph. Even in Florida, with a reference
wind speed of 170 mph, the construction stage critical wind speed criterion would be 124 mph
which is still well below the 143 mph at which galloping motions might occur.

For a steady reduced wind speed at which strong motions occurred for an individual
Shape 1, U/nD = 22 for wind angles of 0 and -5 degrees and U/nD = 18 for a wind angle of -10
degrees, other identical Shape 1 beams were placed in the configurations shown in Figure 3-23
through Figure 3-25 to evaluate the effect of nearby beams. For horizontal winds (Figure 3-23)
the steady-state vertical displacement of the beam by itself (Case 20) was YP = y/D = 0.136,
where y is the peak vertical displacement. The steady-state response of the windward beam,
with an identical beam placed a distance 2D downstream, grew to YP = 0.795. The steady-
state response of the windward beam, with a beam placed a distance D downstream, grew to a
YP = 0.924. This was an unexpected occurrence, but again primarily of academic interest,
because it occurred at a very high value of U/nD = 22. Similar but less severe behavior
occurred for winds from -5 and -10 degrees.

Even though this unexpected behavior occurred at very high wind speeds, additional tests were
performed on a pair of Shape 1 beams braced together to vibrate as a pair. A single beam is
typically not placed during construction without the beam being connected to a second beam.
The case tested consisted of two Shape 1 beams, spaced 1.5D apart. This case was tested at
mean wind angles of incidence of 0, -5, and -10 degrees. Steady-state motions for these three
cases are shown in Figure 3-26 through Figure 3-28. For horizontal winds and winds with a
mean angle of incidence of -5 degrees, the steady-state responses were relatively benign for
reduced wind speeds up to U/nD = 40. For a wind with a mean angle of incidence of -10
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degrees, a galloping instability was identified at U/nD = 18. For most of the United States, this
would correspond to a mean wind speed of 170 mph which is well above the stability criterion
during construction which is 84 mph for most of the United States.
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Figure 3-20- Steady-State Motions of Wide Flange I-Beam (Shape 1) — Wind at 0 Degrees
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Figure 3-21 — Steady-State Motions of Wide Flange I-Beam (Shape 1) - Wind at -5
Degrees
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Figure 3-22 — Steady-State Motions of Wide Flange I-Beam (Shape 1) — Wind at -10
Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE | 6 5 4 3 2 1 A -1 -2 -3 -4 -5 6] YP
20 136
201 140
202 155
203 795
204 924
205 025
206 024
207 025
208 028
209 I 340
210 028
211 023
212 [ 023
213 497
214 019
215 022
216 017

Bl AcTve [ PAsSVE
Figure 3-23 — Steady-State Motions of Wide Flange I-Beam (Shape 1) — Wind at 0 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE | 6 5 4 3 2 1 A -1 -2 -3 -4 -5 6] YP
20c 119
217 130
218 120
219 712
220 802
221 022
222 022
223 026
224 028
225 [ EREE
226 017
227 026
228 | 026
229 733
230 022
231 032
232 022

Bl AcTve [ PAssSVE
Figure 3-24 — Steady-State Motion of Wide Flange I-Beam (Shape 1) — Wind at -5 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D
CASE [ 6 5 4 3 2 1 A -1 -2 3 4 5 6] Y
20d 428
233 281
234 260
235 311
236 693
237 025
238 026
239 021
240 020
241 I 029
242 078
243 024
244 [ 024
245 661
246 029
247 190
248 025

Bl AcTve [ PAsSVE
Figure 3-25 — Steady-State Motion of Wide Flange I-Beam (Shape 1) — Wind at -10 Degrees
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Figure 3-26 — Steady-State Motion of Double Wide Flange I-Beam (Shape 1) — Wind at 0

Degrees
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Figure 3-27 — Steady-State Motion of Double Wide Flange I-Beam (Shape 1) — Wind at -5
Degrees

46



1.2
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Figure 3-28 — Steady-State Motion of Double Wide Flange I-Beam (Shape 1) — Wind at -10
Degrees
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3.6.2 NARROW-FLANGE I-SHAPED BEAM (Shape 2)

Shape 2, the narrow-flange I-shaped beam has a smaller horizontal, lifting surface than
Shape 1. Therefore, it was expected that the Shape 2 motions would, in general, be less
extreme than the Shape 1 motions; this behavior was observed during testing.

The steady-state vertical motions of an individual Shape 2 beam, for winds with mean
angles of incidence of 0, -5, and -10 degrees, are shown in Figure 3-29 through Figure 3-31.
For all cases and all values of U/nD covered, the mean steady-state response was relatively
small with peak motions equal to approximately 5% of the beam depth. Many of these motions
are not necessarily periodic but are random motions due to wake buffeting. Buffeting occurs
due to turbulence in the wake that will vibrate the beam upstream of the wake.

At reduced wind speeds that would generate vortices with periods that matched the
natural period of the beam (U/nD approximately equal to 8.3), for mean wind angles of 0, -5,
and -10 degrees, the steady-state motions of the beam were measured with additional beams
placed upstream and downstream of the active beam, in the configurations shown in Figure
3-32 through Figure 3-34. For horizontal winds and winds with a mean angle of incidence of -5
degrees, the steady-state responses were all very small. For winds with a mean angle of
incidence of -10 degrees, there are two cases that stand out - Case 936 and Case 939. For
Case 936, all beams were added downstream from the active beam. Similar to the results for
Shape 1, the steady-state motion with the downstream beams in place was greater than they
were with no other adjacent beams. At U/nD = 8.3, the peak value was YP = 0.039 for the
isolated Shape 2 beam. With the adjacent beams, at the same value of U/nD, the steady-state
motion increased to YP = 0.311. In Case 939, the active beam was the most downstream beam
of four and the steady-state motion was YP = 0.238. Both responses were significantly less
than YP = 0.924 recorded for the Shape 1 beam (with downstream interaction), but for Shape 2
beams, this interaction occurred at a relatively low value of U/nD = 8.3. For most of the United
States, U/nD = 8.3 corresponds to a mean wind speed of 82 mph which is slightly less than the
stability criterion for construction stages of 84 mph. Based upon the results obtained for the pair
of Shape 1 beams braced to each other, bracing the Shape 2 beams to each other, would likely
prevent these motions from occurring.

48



1.2

0.8
s 06
0.4
0.2
0 "0 "T0— —— *——o
0 10 20 30 40 50

u/nD

Figure 3-29 — Steady-State Motion of Narrow Flange I-Beam (Shape 2) —Wind at 0
Degrees
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Figure 3-30 — Steady-State Motion of Narrow Flange I-Beam (Shape 2) — Wind at -5
Degrees
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Figure 3-31 — Steady-State Motion of Narrow Flange I-Beam (Shape 2) — Wind at -10
Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE | 6 5 4 3 2 1 A -1 2 3 4 5 6] Y
901 059
902 045
903 038
904 034
905 064
906 036
907 034
908 037
909 .045
910 I 202
911 051
912 .046
913 | 032

Bl AcTveE [ PAsSNVE
Figure 3-32 — Steady-State Motion of Narrow Flange I-Beam (Shape 2) — Wind at 0
Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE | 6 5 4 3 2 1 A -1 2 3 4 5 6] Y
914 055
915 037
916 047
917 062
918 059
919 046
920 037
921 039
922 .027
923 I 064
924 .053
925 040
926 | 030

Bl AcTveE [ PAsSNVE
Figure 3-33 — Steady-State Motion of Narrow Flange I-Beam (Shape 2) — Wind at -5
Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE | 6 5 4 3 2 1 A -1 2 3 4 5 6] Y
927 039
928 039
929 038
930 040
931 036
932 038
933 033
934 032
935 .032
936 N ERE
937 .077
938 071
939 [ 238

Bl AcTveE [ PAsSNVE
Figure 3-34 — Steady-State Motion of Narrow Flange I-Beam (Shape 2) — Wind at -10
Degrees
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3.6.3 DEEP OPEN-TOPPED BOX (Shape 3)

Steady-state vertical motions of an isolated Shape 3 deep open-topped box-girder were
measured for mean wind angles of incidence of 0, -5, -10, 5, and 10 degrees, as a function of
reduced wind speed, U/nD, and are shown in Figure 3-35 through Figure 3-39.

The results indicate that for the mean wind angles of incidence considered, the section
became unstable in a galloping mode at U/nD approximately equal to five. For U/nD =5 and all
wind angles of incidence, the values of YP were approximately 0.2 or less and grew without
bound for increasing wind speeds. The motions did not peak at a specific wind speed which
would indicate a vortex induced motion but increased with increasing wind speeds which
indicates a galloping instability.

Steady-state Shape 3 vertical box-girder motions were measured for various
configurations with another box-girder in upwind or downwind positions. The steady state
motions, for each mean wind at angles of incidence of 0, -5, -10, 5, and 10 degrees are shown
in Figure 3-40 through Figure 3-44. The reduced wind speed (Un/D) was held constant for each
wind angle at the value equal to that which initiated the instability for the isolated box. The
values of U/nD were 5.3, 5.8, 5.8, 5.7, and 5.4 for wind angles of incidence of 0, -5, -10, 5, and
10 degrees, respectively.

For most cases, the steady-state motions of the box-girder system were essentially the
same as for the isolated box-girder (at incipient flutter). For Cases 311, 312, 333, and 334
(wind angles -5 and 10 degrees), the box-girder motions were significantly greater due to wake
buffeting from the upwind box-girder compounding the instability.
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Figure 3-35 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at

0 Degrees
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Figure 3-36 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
-5 Degrees
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Figure 3-37 —Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at

-10 Degrees
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Figure 3-38 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
5 Degrees
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1.2
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Figure 3-39 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
10 Degrees

WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 3 2 1 A -1 -2 3] YP
300 269
301 I 240
302 ] 265
303 | 247
304 | 022
305 | ] 415
306 341

Bl AcTve ] PASSIVE
Figure 3-40 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
0 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE 3 2 1 A -1 -2 -3 YP
307 219
308 I 271
309 ] 270
310 | ] 221
311 T 381
312 L 474
313 317

Bl AcTvE ] PAssIVE
Figure 3-41 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
-5 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE 3 2 1 A -1 -2 -3 YP
314 194
315 I 201
316 | 231
317 | ] 202
318 I 173
319 ] 138
320 139

Bl AcTvE ] PAssIVE
Figure 3-42 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
-10 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE 3 2 1 A -1 -2 -3 YP
321 277
322 I 288
323 | 292
324 | ] 281
325 I 213
326 ] 224
327 .306

Bl AcTvE ] PAssIVE
Figure 3-43 — Steady-State Motion of Deel;j) Open-Topped Box-Girder (Shape 3) - Wind at 5
egrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D
CASE 3 2 1 A -1 -2 -3 YP

328 279

329 I 259
330 ] 244
331 | ] 274
332 T 261
333 ] 345

334 .361

Bl AcTvE ] PAssIVE

Figure 3-44 — Steady-State Motion of Deep Open-Topped Box-Girder (Shape 3) — Wind at
10 Degrees

3.6.4 SQUARE OPEN-TOPPED BOX (Shape 4)

The behavior of a single Shape 4 box-girder was similar to, but less severe than, that for
Shape 3. The steady-state oscillatory motions as a function of reduced wind speed, U/nD, are
shown in Figure 3-45 through Figure 3-49. There was a clear galloping instability that occurred
for wind angles of incidence of 0, -5, -10, 5, and 10 degrees at a reduced wind speed of U/nD =
8. At areduced wind speed of 8, the steady-state response was approximately YP = y/D = 0.18
or less. For higher wind speeds, the motions grew without bound.

At a steady reduced wind speed for which incipient flutter occurs, a second Shape 4
box-girder was placed in various upwind and downwind positions to evaluate the influence of
adjacent box-girders on the active box-girder for wind angles of incidence of 0, -5, -10, 5, and
10 degrees. The relative steady-state displacements for these cases are shown in Figure 3-50
through Figure 3-54. The steady-state motions increase, though not significantly, when identical
box-girders are placed at distances of 2D and 4D downwind of the active box-girder. This trend
is seen for all shapes considered. The windward box-girder still experiences a galloping
instability whether or not the leeward box-girder is present at a reduced wind speed of U/nD = 8.
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Figure 3-45 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at 0 Degrees
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Figure 3-46 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at -5 Degrees
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Figure 3-47 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at -10 Degrees
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Figure 3-48 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at 5 Degrees
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Figure 3-49 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at 10 Degrees

WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 -2 -3 4] YP
101 423
102 I 508
104 T 509
105 0 045
107 H 043

Bl AcTve [ PAssVE

Figure 3-50 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at 0 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 -2 -3 4] YP
108 313
109 I 364
110 T 374
111 0 030
112 H 037

B AcTve ] PAssivE

Figure 3-51 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at -5 Degrees

WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 -2 -3 4] Y
113 022
114 I 108
115 T 211
116 n 028
117 H 025
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Figure 3-52 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at -10 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 -2 -3 4] YP
118 291
119 I 327
120 T 279
121 0 058
122 H 050

B AcTve ] PAssivE

Figure 3-53 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at 5 Degrees

WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 -2 -3 4] Y
123 239
124 I 258
125 T 230
126 n 066
127 H 039

Bl AcTve [ PAssVE

Figure 3-54 — Steady-State Motion of Square Open-Topped Box-Girder (Shape 4) — Wind
at 10 Degrees
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3.6.5 SHALLOW OPEN-TOPPED BOX (Shape 5)

Shown in Figure 3-55 through Figure 3-59 are steady-state vertical motions of an
isolated Shape 5 box-girder at mean wind angles of incidence of 0, -5, -10, 5, 10 degrees, as a
function of the reduced wind speed, U/nD. As can been seen, there is a mild galloping
instability for wind angles of incidence of 0 and -5 degrees, at a U/nD = 20. For typical box-
girder depths, D, and vertical frequencies of vibration, n, the mean wind speed at a reduced
wind speed of U/nD = 20 will be approximately 190 mph. This is primarily of academic interest
and is of little practical concern.

Shown in Figure 3-60 through Figure 3-64 are steady-state motions of the active box-
girder in the presence of an identical box-girder, placed upwind or downwind, for mean angles
of incidence of 0, -5, -10, 5, and 10 degrees. The steady-state motions were measured at a
constant reduced wind speed, at which a galloping instability in the isolated box-girder was
identified, of 20.3, 21.3, 19.8, 19.7, and 19.8 for mean wind angles of incidence of 0, -5, -10, 5,
10 degrees, respectively. Again, in most cases, the steady-state motions increased in the
presence of a downwind box-girder and decreased in the wake of an upwind box-girder. The
large motions occurred at a very high reduced wind speed of approximately U/nD = 20.
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Figure 3-55 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at 0 Degrees
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Figure 3-56 —Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at -5 Degrees
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Figure 3-57 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at -10 Degrees
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Figure 3-58 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at 5 Degrees
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Figure 3-59 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at 10 Degrees
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Figure 3-60 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at 0 Degrees
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WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 -2 -3 4] YP
404 111
405 T 127
406 H .039
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Figure 3-61 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at -5 Degrees
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Figure 3-62 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at -10 Degrees
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Figure 3-63 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at 5 Degrees

71




WIND FROM LEFT TO RIGHT
SPACING OF BEAMS IN UNITS OF D

CASE [ 4 3 2 1 A -1 2 -3 4] YP
413 034
414 I 056
415 H 032

Bl AcTvE [ PAssNVE

Figure 3-64 — Steady-State Motion of Shallow Open-Topped Box-Girder (Shape 5) — Wind
at 10 Degrees
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3.6.6 SQUARE OPEN-TOPPED BOX WITH SLOPING SIDES (Shape 6)

Shown in Figure 3-65 through Figure 3-69 are the steady-state oscillatory vertical
motions of an isolated Shape 6 box-girder at mean wind angles of incidence of 0, -5, -10, 5, 10
degrees, as a function of reduced wind speed, U/nD. The behavior was similar to the square
open-topped box-girder with vertical sides (Shape 4), except that the galloping instability
identified occurred at a larger reduced wind speed of U/nD = 10. The galloping instability was
observed for mean wind angles of incidence of 0, 5, and 10 degrees only. For mean wind
angles of incidence of -5 and -10 degrees, the response was relatively small for all tested values
of U/nD.

Shown in Figure 3-70 through Figure 3-74 are steady-state responses of the active
Shape 6 box-girder with a second Shape 6 box-girder in various upwind or downwind positions,
at reduced wind speeds of 10.5, 10.8, 11.5, 11.2, and 10.7, for wind angles of incidence of 0, -5,
-10, 5, and 10 degrees, respectively. The values of U/nD are those at which the isolated Shape
6 box-girder developed a galloping instability. For those cases that did experience a galloping
instability, the steady-state motions of the active box-girder were slightly higher in the presence
of a second downwind box-girder. If the instabilities are avoided in the first place, the slightly
higher motions in the presence of a downwind box are of little concern. At mean angles of
incidence of 0 and 5 degrees, there were increased steady-state motions compounded by wake
buffeting from a second upwind Shape 6 box-girder at a spacing of 3D. These motions were at
an incipient flutter value of U/nD and would not occur if the flutter wind speed of U/nD is
avoided.
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Figure 3-65 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at 0 Degrees
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Figure 3-66 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at -5 Degrees
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Figure 3-67 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at -10 Degrees
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Figure 3-68 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at 5 Degrees
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Figure 3-69 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
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Figure 3-70 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
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Sides (Shape 6) — Wind at 0 Degrees
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Figure 3-71 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at -5 Degrees
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Figure 3-72 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at -10 Degrees
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Figure 3-73 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) — Wind at 5 Degrees
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Figure 3-74 — Steady-State Motion of Shallow Open-Topped Box-Girder with Sloping
Sides (Shape 6) —Wind at 10 Degrees
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3.6.7 SQUARE BOX WITH NARROW DECK (Shape 7)

Shown in Figure 3-75 are the steady-state, oscillatory, vertical motions of a Shape 7
box-girder, for horizontal winds, as a function of the reduced wind speed, U/nB. For completed
bridge sections, it is typical to use the deck width, B, as the reference dimension.

A slight instability was identified at a high value of the reduced wind speed, U/nB. The

instability is of little concern for practical applications due to the high wind speed required. In
general, the observed motion was quite small.

1.2

U/nB

Figure 3-75 — Steady-State Motion of Square Box-Girder with Narrow Deck (Shape 7) —
wind at 0 Degrees
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3.6.8 SHALLOW BOX WITH NARROW DECK (Shape 8)

Shown in Figure 3-76 are the steady-state, oscillatory, vertical motions of a Shape 8
box-girder, for horizontal winds, as a function of the reduced wind speed, U/nB. For completed
bridge sections, it is typical to use the deck width, B, as the reference dimension.

A slight instability was identified at a high value of the reduced wind speed, U/nB. This

instability is of little concern for practical applications due to the high wind speed required. In
general, the observed motion was quite small.

1.2

U/nB

Figure 3-76 — Steady-State Motion of Shallow Box-Girder with Narrow Deck (Shape 8) —
wind at 0 Degrees
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3.6.9 SHALLOW BOX WITH WIDE DECK (Shape 9)

Shown in Figure 3-77 are the steady-state, oscillatory, vertical motions of a Shape 9 box
girder, for horizontal winds, as a function of the reduced wind speed, U/nB. For completed
bridge sections, it is typical to use the deck width, B, as the reference dimension.

A slight instability was identified at a reduced wind speed, U/nB = 10. It is of little

concern for practical applications because the value of B is large which corresponds to a
relatively high wind speed, U. In general, the observed motion was small.

1.2

0 2 4 6 8 10 12
U/nB

Figure 3-77 — Steady-State Motion of Shallow Box-Girder with Wide Deck (Shape 9) —
Wind at 0 Degrees
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3.7 Static Test Results

In Consolazio et. al. (2013), drag coefficients were measured for several I-shaped beam
types in numerous configurations with multiple beams and various angles of incidence. Only
one open-topped box-girder section was tested in that study.

To complement the existing information, drag coefficients for the four open-topped box-
girder shapes used in the current study were measured for horizontal winds in a single-box box-
girder configuration. In addition to the single box configuration, drag coefficients for the square
open-topped box-girder were also measured in a two-box system, at wind angles of incidence of
0, -5, -10, 5, and 10 degrees.

The wind is assumed to be perpendicular to the axis of the member. A dimensionless
drag coefficient, Cp, for a prismatic member is defined by:

Co = DRAG / (q)(D)(L)

Where:

DRAG: total force on the member in direction parallel to wind,

q: dynamic pressure equal to (1/2)(p)(U?),

p: density of air,

U: mean wind speed,

D: vertical depth perpendicular to the direction of the wind for a prismatic
member, and

L: member length.

The units of the above variables should be consistent.

The drag coefficients obtained for the four open-topped box-girder shapes considered in
this study are shown in Table 3-4. In all cases, D is the vertical dimension of the section.

The drag coefficient on the square, open-topped box-girder in a two-box system was
measured for mean angles of incidence of 0, -5, -10, 5, and 10 degrees, in positions 2D, 3D,
and 4D downstream of the windward box-girder. The drag coefficients are shown in Table 3-5
for the two-box systems. The drag coefficient on the windward box-girder is 1.661. When the
downstream box-girder is spaced at 2D and wind angles of incidence of -5, 0, and 5 degrees,
the drag coefficients are negative which is consistent with the results from Consolazio, et.al.
For extreme angles of incidence of -10 and 10 degrees and at a position of 4D downstream, the
drag coefficients are 1.165 and 0.980. For all angles of incidence considered and a
downstream spacing of 3D, the highest drag coefficient measured was 0.832, approximately
one-half of the drag coefficient on the upwind box.
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Table 3-4 — Drag Coefficients

CASE D/W* Co
DEEP OPEN-TOPPED BOX (SHAPE 3) 2.0 2.050
SQUARE OPEN-TOPPED BOX (SHAPE 4) 1.0 1.661
SHALLOW OPEN-TOPPED BOX (SHAPE 5) 0.5 1.349
SQUARE OPEN-TOPPED BOX WITH 10 1393
SLOPING SIDES (SHAPE 6)

*D/IW DEPTH-TO-WIDTH RATIO

Table 3-5 — Drag Coefficients on Downstream Square Boxes

SPACING OF BOX DOWNSTREAM
Wind Angle (degrees) OF WINDWARD BOX
2D 3D 4D
10 0.177 0.567 0.980
5 -0.164 0.239 0.872
0 -0.253 0.251 0.859
-5 -0.048 0.330 0.751
-10 0.400 0.832 1.162
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3.8 Wind Tunnel Testing Summary

The significant findings from the wind tunnel tests of various I- beams, open-topped box-
girders, and box-girders with decks are described below. The shapes tested and test program
are described in Section 3.2.

Dynamic tests were conducted to identify potential wind-induced motion sensitivities.
Most tests were conducted for mean angles of incidence of -10, -5, 0, 5, and 10 degrees. The
dynamic results are somewhat conservative for the following reasons. First, all tests were
performed in smooth flow. Vortex-induced motions and aeroelastic instabilities are less likely to
occur in turbulent flow than in smooth flow. Second, all tests were performed with winds that
were perpendicular to the longitudinal axis of the |-beams and box-girders; vortex-induced
motions and aeroelastic instabilities are more likely to occur in wind perpendicular to the
member axis. The third and final reason is that the wind speeds were held constant over a
period of time (up to 15 minutes) to let the motions, if any, achieve steady-state amplitudes. In
naturally occurring winds, the wind speed is not likely to remain at a constant wind speed and
direction for a 15 minute period. While naturally occurring winds are not likely to be smooth,
perpendicular to the member axis, and absolutely constant over a 15 minute period, these
irregularities should not be relied upon to mask potential vortex-induced motion problems or
aeroelastic instabilities. This is a policy common to many testing laboratories and regulating
bodies.

Vortex-induced motions and galloping instabilities of I-shaped beams and plate girders
are not likely to occur in anticipated winds if the beams are braced to each other.

Open-topped boxes are susceptible to vortex-induced motions and/or aeroelastic
galloping instabilities. The wind speed at which wind-induced motions might occur is dependent
upon the depth-to-width ratio, D/W, of the open-topped box. The values of U/nD at which
excessive motions might occur for different shaped open-topped boxes are shown in Table 3-6
where:

mean wind speed,

vertical natural frequency of vibration,

depth of open-topped box, and

horizontal dimension of box in the direction parallel to the wind.

=92 C

The units of the above variables should be consistent.

Table 3-6 — Critical Flutter Wind Speeds

U/nD
AT CRITICAL
FLUTTER WIND
SHAPE DESCRIPTION D/W SPEED
Deep Open-Topped Box (Shape 3) 2.0 5
Square Open-Topped Box (Shape 4) 1.0 8
Shallow Open-Topped Box (Shape 5) 0.5 20
Square Open-Topped Box with Sloping Sides (Shape 6) 1.0 10
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The critical flutter wind speeds shown in Table 3-6 were not particularly sensitive to the
mean angle of incidence or the proximity of another box on the leeward side. Aerodynamically,
the top surface of the pocket of still air in an open-topped box is not likely to behave significantly
different from that of a solid smooth surface at the top of the box. Therefore, the results in Table
3-6 would most likely be similar for closed-topped box-girders of similar dimension.

The wind-induced motion of the three box-girder shapes tested with decks was relatively
small for all practical wind speeds.

Static wind tunnel tests were performed to determine static drag coefficients for open
topped box-girders of various shapes. The static drag coefficients, Cp, were found to be
dependent upon the depth-to-width ratio, D/W, of the box-girder section. The drag coefficients
are shown in Table 3-7. See Section 3.7 for a definition of a drag coefficient, Cp.

Table 3-7 — Static Drag Coefficients

SHAPE DESCRIPTION D/W Co
Deep Open-Topped Box (Shape 3) 2.0 2.05
Square Open-Topped Box (Shape 4) 1.0 1.66
Shallow Open-Topped Box (Shape 5) 0.5 1.35
Square Open-Topped Box with Sloping Sides (Shape 6) 1.0 1.39

Again, because the aerodynamics of flow about an open-topped box is similar to that
over a similarly shaped, closed box, it is reasonable to assume that the drag coefficients will be
similar for similar shapes that are closed-topped box-girders.

For all angles of incidence considered and for clear distance between square boxes no
greater than 2D, equal to a two-box system with square box-girders spaced at 3D, it is
reasonable to assume that the drag coefficient on the leeward box is one-half of the drag
coefficient on the windward box.
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4

PROPOSED SPECIFICATIONS

Based on the findings of the literature search and the wind tunnel testing results, the

following revisions to the wind load provisions in the AASHTO LRFD are proposed. The
proposed revisions to AASHTO LRFD Article 3.4, Article 5.14, and Article 15.8 are shown below
using the same method used in an AASHTO Bridge Subcommittee agenda item, i.e., additions
are underlined and deletions are shown with strikethrough. The revisions to Article 3.8 are
considered a complete rewrite and, as such, the entire article is shown in normal font.

4.1

Major Changes to Current Provisions
The major changes and additions to the current specification provisions are listed below.
Basis of wind speed

The current specifications are based on the fastest-mile wind speed. The fastest-
mile wind speed is determined by measuring the time required for a one-mile-long column
of air to pass through the wind speed measuring device. The wind speed is assumed to
be constant during the measuring period, i.e. the wind speed is the average speed during
the measuring period. As such, the averaging time depends on the wind speed. For
example, the averaging time is 60 second and 120-second for fastest-mile wind speeds of
60 mph and 30 mph, respectively.

Wind load provisions in modern design codes are based on a constant averaging
period; the averaging period varies between design codes.

The proposed revisions to the AASHTO LRFD wind load provisions are based on
the 3-second gust wind speed; i.e. the averaging time is three seconds. The 3-second
gust wind speed was selected because wind maps for this averaging time are readily
available. In addition, the wind load provisions of ASCE 7-10 are also based on this
averaging time. Using the same averaging time will make the design of bridges consistent
with the design of other structures.

Due to the shorter averaging time, as compared to the fastest-mile wind speed, the

3-second gust wind speed is always numerically higher than the equivalent fastest-mile
wind speed.

Wind pressure on the structure is calculated using the basic wind pressure equation

The proposed provisions do not include a base wind pressure but use the basic
wind pressure equation, shown below, to calculate the wind pressure.

P,=2.56x10°V? K, G Cp

Where:

P2 design wind pressure, ksf

\% reference 3-second gust wind speed specified for the load combination
under consideration (mph).

Kz = pressure exposure and elevation coefficient that accounts for the
topography and elevation for the Strength Il load combination; taken as 1.0 for
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other load combinations that are based on a constant wind speed regardless of the
geographical location, exposure conditions or elevation (DIM).

G = gust effect factor determined using a structure-specific study or as
specified in the proposed provisions for the Strength Ill load combination and 1.0
for other load combinations (DIM).

Co = drag coefficient determined using a structure-specific study or as
specified in the proposed provisions (DIM).

The term 2.56 x 10 is equal to the product of 1/2 p, where p is the density of air, and the
conversion factors to convert wind speed from mph to fps. To obtain pressures in psf
(or ksf), the density of air should be in slugs/ft® and wind speed in fps. A generally
accepted air density is 0.00238 slugs/ft3. For a conversion of wind speed from mph to
fps of (5280/3600) = 1.46667, then (0.5)(0.00238)(1 .46667)2 = 0.00256 (for psf). Since it
is desirable to have pressures in ksf, this lead coefficient becomes 2.56 x 10°. ltis
noted that the density of air is not a constant. Depending on the temperature and
elevation, the air density varies from 0.00148 slugs/ft3 to 0.00276 slugs/f’[3 (from 62% to
116% of the specification value).

No base wind speed is used

The current provisions allow the use of a 100 mph base wind speed. This wind
speed is used for the Strength Il load combination. Strength V, Service | and Service IV
load combinations are based on constant wind speeds. Instead of calculating the wind
pressure for the specified constant wind speeds, the 100 mph wind speed is used and the
Strength V, Service | and Service IV load factors for wind loads on the structure is
adjusted to scale the resulting factored wind load to the implied load factor and constant
wind speed specified for each load combination.

The proposed provisions do not include a base wind speed; rather, the provisions
use the 3-second gust wind maps to determine the design wind speed for Strength Ill.
This speed is used in the wind pressure equation to calculate wind pressures for the
Strength Il load combination.

Each of the other load combinations that include wind load (Strength V, Service |
and Service V) is based on a constant wind speed which is discussed further below.

Load factor for wind is 1.0 for all load combinations

The current provisions for wind on the structure are based on a load factor of 1.4
for strength load combinations and 1.0 for service load combinations. However, instead of
using these load factors explicitly with wind pressures corresponding to the constant wind
speeds assumed for Strength V and Service | (55 mph fastest-mile wind) and Service IV
(84 mph fastest-mile wind), the wind pressure from the 100 mph wind is used with the 1.4
and 1.0 load factors multiplied by the square of the ratio of the wind speed divided by 100.
This results in the following load factors:

Strength V: 1.4 (55/100)®> = 0.42 (rounded to 0.4)

Service I: (55/100)° =0.3
Service IV:  (84/100)? =0.7
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With the proposed provisions not using a base wind speed, such an approach was
not possible. Instead, the proposed provisions are based on using the wind speed
specified for each load combination with a load factor of 1.0.

Similar to the current provisions, the proposed provisions specify constant wind
speeds for use for Strength V, Service | and Service IV load combinations. Table 4-1
shows the equivalent wind speeds and the associated load factors.

Table 4-1 Equivalent Wind Speeds for Strength V, Service |, and Service IV Load
Combinations

Load Combination | Current Provisions Proposed provisions

100 mph fastest-mile wind with 0.4
load factor which is approximately | 82 mph 3-second gust wind
equivalent to 55 mph fastest mile | with 1.0 load factor

wind with 1.4 load factor

Strength V

100 mph fastest-mile wind with 0.3
load factor which is equivalent to 55 | 69 mph 3-second gust wind
mph fastest mile wind with 1.0 load | with 1.0 load factor

factor

Service |

100 mph fastest-mile wind with 0.7
load factor which is equivalent to 84 | 102 mph 3-second gust wind
mph fastest mile wind with 1.0 load | with 1.0 load factor

factor

Service IV

No adjustment for topography and elevation for Strength V, Service |, and Service IV

As shown above, the current provisions apply different load factors to the wind
pressure calculated for the 100 mph base wind speed to produce the wind pressures
associated with the constant wind speeds specified for Strength V, Service |, and Service
IV load combinations. As the wind pressure for the 100 mph base wind speed are
adjusted for adjusted for topography and elevation, the wind pressures calculated for the
constant wind speeds specified for the Strength V, Service |, and Service IV load
combinations are also adjusted for topography and elevation. The adjustment for
topography and elevation was not the intent of the current specifications as explained
below.

The 55 mph fastest-mile wind speed used for Strength V and Service | in the
current provisions is thought to be the maximum wind speed at which trucks can travel
safely. As such, this wind speed is used for load combinations that include live load and
wind (Strength V and Service |). Adjusting the wind pressure for topography and elevation
is akin to adjusting the wind speed. With the intent of the current provisions to keep the
wind speed constant at 55 mph for Strength V and Service | load combinations, no
adjustment for the topography and elevation should be made for these two load
combinations. The same argument applies to the Service IV load combination with the 84
mph currently specified.

The effect of skewed wind is accounted for in essentially the same way as in the current
provisions with the simplification for small bridges still permitted.

The wind on live load is accounted for in essentially the same way as in the current
provisions with the simplification for small bridges still permitted.
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e The wind load provisions on sound barriers have been deleted from Section 15 of the

specifications and moved to Article 3.8.
structures is proposed for sound barriers.

The general procedure for wind load on

o Provisions for wind pressure on the structure during construction have been added.

¢ Additional guidance to account for aeroelastic behavior for bridges in service and during

construction has been added.

4.2 Modifications to Specifications Article 3.4

3.4—LOAD FACTORS AND COMBINATIONS
3.4.1—Load Factors and Load Combinations

The total factored force effect shall be taken as:

Q=2nvQ

(3.4.1-1)
where:
ni = load modifier specified in Article 1.3.2
Qi = force effects from loads specified herein

load factors specified in Tables 3.4.1-1 and
34.1-2

Yi =

Components and connections of a bridge shall
satisfy Eq. 1.3.2.1-1 for the applicable combinations of
factored extreme force effects as specified at each of the
following limit states:

e Strength [—Basic load combination relating to the
normal vehicular use of the bridge without wind.

e Strength II—Load combination relating to the use
of the bridge by Owner-specified special design
vehicles, evaluation permit vehicles, or both without
wind.

e Strength III—Load combination relating to the
bridge exposed to wind velocity exceeding 55 82
mph.
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C34.1

The background for the load factors specified
herein, and the resistance factors specified in other
Sections of these Specifications is developed in Nowak
(1992).

The permit vehicle should not be assumed to be the
only vehicle on the bridge unless so assured by traffic
control. See Article 4.6.2.2.5 regarding other traffic on
the bridge simultaneously.

Vehicles become unstable at higher wind velocities.
Therefore, high winds prevent the presence of
significant live load on the bridge.

Wind load provisions in earlier editions of the
specifications were based on fastest-mile wind speed
measurements. The current wind load provisions are
based on 3-second wind gust speed.

When applied with the load factor specified in
Table 3.4.1-1, the 82 mph 3-second qust wind speed is
equivalent to 55 mph fastest-mile wind applied with
the 1.4 load factor used in earlier specifications.

The 3-second gust wind speed to be used for
different limit states is specified in Article 3.8.1.1.2




Strength IV—Load combination relating to very
high dead load to live load force effect ratios in
bridge superstructures.

Strength V—Load combination relating to normal
vehicular use of the bridge with wind of 55 82 mph
velocity.

Extreme Event [—Load combination including
earthquake. The load factor for live load yeq, shall
be determined on a project-specific basis.

Extreme Event [I—Load combination relating to ice
load, collision by vessels and vehicles, check
floods, and certain hydraulic events with a reduced
live load other than that which is part of the
vehicular collision load, CT. The cases of check
floods shall not be combined with BL, CV, CT, or
IC.
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The standard calibration process for the strength
limit state consists of trying out various combinations of
load and resistance factors on a number of bridges and
their components. Combinations that yield a safety
index close to the target value of B = 3.5 are retained for
potential application. From these are selected constant
load factors y and corresponding resistance factors ¢ for
each type of structural component reflecting its use.

This calibration process had been carried out for a
large number of bridges with spans not exceeding 200 ft
These calculations were for completed bridges. For the
primary components of large bridges, the ratio of dead
and live load force effects is rather high, and could result
in a set of resistance factors different from those found
acceptable for small- and medium-span bridges. It is
believed to be more practical to investigate one
additional load case than to require the use of two sets of
resistance factors with the load factors provided in
Strength Load Combination I, depending on other
permanent loads present. Spot checks had been made on
a few bridges with up to 600-ft spans, and it appears that
Strength Load Combination IV will govern where the
dead load to live load force effect ratio exceeds about
7.0. This load combination is not applicable to
investigation of construction stages, substructures, and
bearing design. Other load combinations adequately
address substructures and bearings.

When applied with the load factor specified in
Table 3.4.1-1, the 82 mph 3-second gust wind speed
is equivalent to the 100 mph fastest-mile wind used
in earlier specifications applied with a load factor of
0.4. The latter was meant to be equivalent to a 55
mph fastest-mile wind applied with a load factor of
1.4.

Past editions of the Standard Specifications
used veg=0.0. This issue is not resolved. The
possibility of partial live load, ie., veq < 1.0,
with earthquakes should be considered. Application
of Turkstra’s rule for combining uncorrelated
loads indicates that ygqg=0.50 is reasonable for
a wide range of values of average daily truck traffic
(ADTT).

The following applies to both Extreme Event I and

1I:

e  The recurrence interval of extreme events is thought
to exceed the design life.

e  Although these limit states include water loads, WA,
the effects due to WA are considerably less
significant than the effects on the structure stability
due to scour. Therefore, unless specific site
conditions dictate otherwise, local pier scour and
contraction scour depths should not be combined
with BL, EQ, CT, CV, or IC. However, the effects
due to degradation of the channel should be
considered. Alternatively, one-half of the total scour
may be considered in combination with BL, EQ,
CT,CV,orlC.



Service [—Load combination relating to the normal
operational use of the bridge with a 55 69 mph wind
and all loads taken at their nominal values. Also
related to deflection control in buried metal
structures, tunnel liner plate, and thermoplastic pipe,
to control crack width in reinforced concrete
structures, and for transverse analysis relating to
tension in concrete segmental girders. This load
combination should also be wused for the
investigation of slope stability.

Service II—Load combination intended to control
yielding of steel structures and slip of slip-critical
connections due to vehicular live load.

Service IlI—Load combination for longitudinal
analysis relating to tension in prestressed concrete
superstructures with the objective of crack control
and to principal tension in the webs of segmental
concrete girders.

Service IV—Load combination relating only to
tension in prestressed concrete columns with the
objective of crack control.
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e The joint probability of these events is extremely
low, and, therefore, the events are specified to be
applied separately. Under these extreme conditions,
the structure may undergo considerable inelastic
deformation by which locked-in force effects due to
TU, TG, CR, SH, and SE are expected to be
relieved.

The 0.50 live load factor signifies a low probability
of the concurrence of the maximum vehicular live load
(other than CT) and the extreme events.

Compression in prestressed concrete components
and tension in prestressed bent caps are investigated
using this load combination. Service III is used to
investigate tensile stresses in prestressed concrete
components.

The wind speeds used in earlier specifications
was based on the fastest-mile wind measurements
while the current specifications are based on 3-
second gust wind speeds. When applied with the
load factor specified in Table 3.4.1-1, the 69 mph 3-
second gust wind speed is equivalent to the 100 mph
fastest-mile wind shown in earlier specifications
applied with a load factor of 0.3. The latter was
meant to be equivalent to a 55 mph fastest-mile wind
applied with a load factor of 1.0.

This load combination corresponds to the overload
provision for steel structures in past editions of the
AASHTO Specifications, and it is applicable only to
steel structures. From the point of view of load level,
this combination is approximately halfway between that
used for Service I and Strength I Limit States.

The live load specified in these specifications
reflects, among other things, current exclusion weight
limits mandated by various jurisdictions. Vehicles
permitted under these limits have been in service for
many years prior to 1993. For longitudinal loading, there
is no nationwide physical evidence that these vehicles
have caused cracking in existing prestressed concrete
components. The statistical significance of the 0.80
factor on live load is that the event is expected to occur
about once a year for bridges with two traffic lanes, less
often for bridges with a single traffic lance. Service I
should be used for checking tension related to transverse
analysis of concrete segmental girders.

The principal tensile stress check is introduced in
order to verify the adequacy of webs of segmental
concrete girder bridges for longitudinal shear and
torsion.

Wind load for Service 1V load combination in
earlier specifications was based on fastest-mile wind
of 100 mph applied with a load factor of 0.7. This
load Fhe-0-70facter—on—wind represents an 84 mph
fastest-mile wind applied with a load factor of 1.0.
This wind load was meant to—Fhis—should result in
zero tension in prestressed concrete columns for ten-year
mean reoccurrence winds. The 84 mph fastest-mile
wind is equivalent to 102 mph 3-second gust wind
speed currently used for the Service IV load




e Fatigue [—Fatigue and fracture load combination
related to infinite load-induced fatigue life.

e Fatigue II—Fatigue and fracture load combination
related to finite load-induced fatigue life.

The load factors for various loads comprising
a design load combination shall be taken as specified
in Table 3.4.1-1. All relevant subsets of the load
combinations shall be investigated. For each load
combination, every load that is indicated to be taken
into account and that is germane to the component
being designed, including all significant effects due
to distortion, shall be multiplied by the appropriate
load factor and multiple presence factor specified
in Article 3.6.1.1.2, if applicable. The products
shall be summed as specified in Eq. 1.3.2.1-1
and multiplied by the load modifiers specified in Article
1.3.2.

The factors shall be selected to produce the total
extreme factored force effect. For each load
combination, both positive and negative extremes shall
be investigated.

In load combinations where one force effect
decreases another effect, the minimum value shall be
applied to the load reducing the force effect. For
permanent force effects, the load factor that produces the
more critical combination shall be selected from Table
3.4.1-2. Where the permanent load increases the stability
or load-carrying capacity of a component or bridge, the
minimum value of the load factor for that permanent
load shall also be investigated.
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combination.

The prestressed concrete columns must still meet
strength requirements as set forth in Load Combination
Strength III in Article 3.4.1.

It is not recommended that thermal gradient be
combined with high wind forces. Superstructure
expansion forces are included.

The load factor for the Fatigue I load combination,
applied to a single design truck having the axle spacing
specified in Article 3.6.1.4.1, reflects load levels found
to be representative of the maximum stress range of the
truck population for infinite fatigue life design. The
factor was chosen on the assumption that the maximum
stress range in the random variable spectrum is twice the
effective stress range caused by Fatigue II load
combination.

The load factor for the Fatigue II load combination,
applied to a single design truck, reflects a load level
found to be representative of the effective stress range of
the truck population with respect to a small number of
stress range cycles and to their cumulative effects in
steel elements, components, and connections for finite
fatigue life design.

This Article reinforces the traditional method of
selecting load combinations to obtain realistic extreme
effects and is intended to clarify the issue of the
variability of permanent loads and their effects. As has
always been the case, the Owner or Designer may
determine that not all of the loads in a given load
combination apply to the situation under investigation.

It is recognized herein that the actual magnitude of
permanent loads may also be less than the nominal
value. This becomes important where the permanent
load reduces the effects of transient loads.

It has been observed that permanent loads are more
likely to be greater than the nominal value than to be
less than this value.

The earth load factor for thermoplastic culverts is
set to 1.3; however, to preserve the overall safety at the
same levels as historical specifications, an earth-load-
installation factor is introduced later in these
Specifications as part of the implementation of NCHRP
Report 631. This factor may be adjusted based on field
control of construction practices.

In the application of permanent loads, force effects
for each of the specified six load types should be
computed separately. It is unnecessary to assume that
one type of load varies by span, length, or component
within a bridge. For example, when investigating uplift
at a bearing in a continuous beam, it would not be
appropriate to use the maximum load factor for
permanent loads in spans that produce a negative
reaction and the minimum load factor in spans that
produce a positive reaction. Consider the investigation
of uplift. Uplift, which was treated as a separate load
case in past editions of the AASHTO Standard
Specifications, now becomes a strength load



The larger of the two values provided for load factor
of TU shall be used for deformations and the smaller
values for all other effects. For simplified analysis of
concrete substructures in the strength limit state, a value
of 0.50 for yry may be used when calculating force
effects, but shall be taken in conjunction with the gross
moment of inertia in the columns or piers. When a refined
analysis is completed for concrete substructures in the
strength limit state, a value of 1.0 for yry shall be used in
conjunction with a partially cracked moment of inertia
determined by analysis. For concrete substructures in the
strength limit state, the value of 0.50 for yps, Ycr, and ysy
may similarly be used when calculating force effects in
non-segmental structures, but shall be taken in
conjunction with the gross moment of inertia in the
columns or piers. For steel substructures, a value of 1.0
for yru, Yps, Ycr, and ysy shall be used.

The evaluation of overall stability of retained fills,
as well as earth slopes with or without a shallow or deep
foundation unit should be investigated at the service
limit state based on the Service I Load Combination and
an appropriate resistance factor as specified in Article
11.5.6 and Article 11.6.2.3.

For structural plate box structures complying with
the provisions of Article 12.9, the live load factor for the
vehicular live loads LL and IM shall be taken as 2.0.
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combination. Where a permanent load produces uplift,
that load would be multiplied by the maximum load
factor, regardless of the span in which it is located. If
another permanent load reduces the uplift, it would be
multiplied by the minimum load factor, regardless of the
span in which it is located. For example, at Strength I
Limit State where the permanent load reaction is
positive and live load can cause a negative reaction, the
load combination would be 0.9DC + 0.65DW + 1.75(LL
+ IM). If both reactions were negative, the load
combination would be 1.25DC + 1.50DW + 1.75(LL +
IM). For each force effect, both extreme combinations
may need to be investigated by
applying either the high or the low load factor as
appropriate. The algebraic sums of these products are
the total force effects for which the bridge and its
components should be designed.

PS, CR, SH, TU, and TG are superimposed
deformations as defined in Article 3.12. Load factors for
TU, and TG are as shown in Table 3.4.1-1. Load factors
for PS, CR, and SH are as shown in Table 3.4.1-3. For
prestressed members in typical bridge types, secondary
prestressing, creep and shrinkage are generally designed
for in the service limit state. In concrete segmental
structures, CR and SH are factored by yp for DC because
analysis for time-dependent effects in segmental bridges
is nonlinear. Abutments, piers, columns, and bent caps
are to be considered as substructure components.

The calculation of displacements for TU utilizes a
factor greater than 1.0 to avoid undersizing joints,
expansion devices, and bearings.

Applying these criteria for the evaluation of the
sliding resistance of walls:

e The vertical earth load on the rear of a cantilevered
retaining wall would be multiplied by ypmin (1.00)
and the weight of the structure would be multiplied
by Yomin (0.90) because these forces result in an
increase in the contact stress (and shear strength) at
the base of the wall and foundation.

e  The horizontal earth load on a cantilevered retaining
wall would be multiplied by Ypmax (1.50) for an
active earth pressure distribution because the force
results in a more critical sliding force at the base of
the wall.

Similarly, the values of ypmax for structure weight (1.25),
vertical earth load (1.35) and horizontal active earth
pressure (1.50) would represent the critical load
combination for an evaluation of foundation bearing
resistance.

Water load and friction are included in all strength
load combinations at their respective nominal values.

For creep and shrinkage, the specified nominal
values should be used. For friction, settlement, and



The load factor for temperature gradient, yrg, should
be considered on a project-specific basis. In lieu of
project-specific information to the contrary, yrg may be
taken as:

e 0.0 at the strength and extreme event limit states,

e 1.0 at the service limit state when live load is not
considered, and

e 0.50 at the service limit state when live load is
considered.

The load factor for settlement, ysg, should be
considered on a project-specific basis. In lieu of project-
specific information to the contrary, ysg, may be taken as
1.0. Load combinations which include settlement
shall also be applied without settlement.

For segmentally constructed bridges, the following
combination shall be investigated at the service limit
state:

DC+DW +EH +EV +ES+WA+CR+SH +TG+EL+PS

(3.4.1-2)
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water loads, both minimum and maximum values need
to be investigated to produce extreme load
combinations.

The load factor for temperature gradient should be
determined on the basis of the:

e Type of structure, and

e Limit state being investigated.

Open girder construction and multiple steel box
girders have traditionally, but perhaps not necessarily
correctly, been designed without consideration of
temperature gradient, i.e., yrg = 0.0.



Table 3.4.1-1—Load Combinations and Load Factors

DC Use One of These at a Time
DD
DW
EH
EV LL
ES IM
EL CE
Load PS BR
Combination | CR PL
Limit State SH LS WA | WS | WL FR TU TG SE EQ BL IC CT CV
Strength I vo | 175 1100 ] — | — [100]050120 yig [yvee | — [ — | — [ — [ —
(unless noted)
Strength II v, | 135 1100 — [ — ]100[050120] vig | vee | — | — | — | — | —
Strength I Yo — 100 20| — [100]0501120] vig | vse | — | — | — | — | —
14
Strength IV Yo — 1.00 — — 1.00 | 0.50/1.20 — — — — — — —
Strength V Yo | 135 [ 1.00 | 1.0 | 1.00 [ 1.00 [ 050/1.20 | yr | vse | — | — | — | — | —
e
Extreme Yp vyEQ | 1.00 — | 1.00 — — — | 1.00 | — — — —
Event I
Extreme Yo 0.50 1.00 — — 1.00 — — — — 1.00 | 1.00 | 1.00 | 1.00
Event 11
Service | 1.00 1.00 1.00 | 1.0 | 1.00 | 1.00 | 1.00/1.20 Y16 YsE — — — — —
e
Service 11 1.00 1.30 1.00 — — 1.00 | 1.00/1.20 — — — — — — —
Service 111 1.00 | 0.80 1.00 — — 1.00 | 1.00/1.20 Y16 Yse — — — — —
Service IV 1.00 — 1.00 | 1.0 — 1.00 | 1.00/1.20 — 1.00 | — — — — —
07
Fatigue I— — w0 | — | = =1 = — — =1 =1=1=1=1=
LL, IM & CE
only
Fatiguell— | — | 075 | — | — | — | — — — | =1 =1T=1=1=71T=
LL, IM & CE
only
3.4.2—L oad Factors for Construction Loads
3.4.2.1—Evaluation at the Strength Limit State C34.21

All  appropriate  strength  limit state load
combinations in Table 3.4.1-1, modified as specified
herein, shall be investigated.

When investigating Strength Load Combinations I
and III for maximum force effects during construction,
load factors for the weight of the structure and
appurtenances, DC and DW, shall not be less than 1.25.

Unless otherwise specified by the Owner,
construction loads including dynamic effects (if
applicable) shall be added in Strength Load

Combination I with a load factor not less than 1.5 when
investigating for maximum force effects.

Unless otherwise specified by the Owner, the load
factor for wind during construction in Strength Load
Combination III shall be the same as shown in Table
3.4.1-1. The appropriate wind speed shall be
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The load factors presented here should not relieve
the contractor of responsibility for safety and damage
control during construction.

Construction loads are loads that act on the
structure  only during construction. Often the
construction loads are not accurately known at the time
of design. Construction loads include but are not limited
to the weight of materials, removable forms, personnel,
and equipment such as deck finishing machines or loads
applied to the structure through falsework or other
temporary supports. The Owner may consider noting the
construction loads assumed in the design on the contract
documents. The weight of the wet concrete deck and any
stay-in-place forms should be considered as DC loads.

For steel superstructures, the use of higher-strength
steels, composite construction, and limit-states design



determined as specified in Article 3.8 for bridges
during construction. net-letess—than—125-when
lead-factornotless-than-1-25-

Unless otherwise specified by the Owner, primary
steel superstructure components shall be investigated for
maximum force effects during construction for an
additional load combination consisting of the applicable
DC loads and any construction loads that are applied to
the fully erected steelwork. For this additional load
combination, the load factor for DC and construction
loads including dynamic effects (if applicable) shall not
be less than 1.4.
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approaches in which smaller factors are applied to dead
load force effects than in previous service-load design
approaches have generally resulted in lighter members
overall.

To ensure adequate stability and strength of primary
steel superstructure components during construction, an
additional strength limit state load combination is
specified for the investigation of loads_applied to the
fully erected steelwork.



4.3

3.8—WIND LOAD: WL AND WS

3.8.1—Horizontal Wind Pressure
3.8.1.1—Exposure Conditions
3.8.1.1.1—General

Wind load shall be assumed to be distributed on the
area exposed to the wind. The exposed area shall be the
sum of areas of all components, including
floor system, railing, and sound barriers, as seen in
elevation perpendicular to the wind direction. The
wind shall be assumed to come from any horizontal
direction.

The direction of the wind shall be wvaried to
determine the extreme force effect in the structure or in
its components. Areas that do not contribute to the
extreme force effect under consideration may be
neglected in the analysis.

Alternatively, for typical bridges, wind loads may
be determined for the wind in the direction transverse to
the bridge in elevation then adjusted for various angles
of attack using the provisions of Article 3.8.1.2.2.

3.8.1.1.2—Wind Speed

The basic wind speed, V, used in the determination
of design wind loads on bridges shall be determined
from Figure 3.8.1.1.2-1. The basic wind speed shall be
increased where records, experience or site-specific
wind studies indicate that wind speeds higher than those
reflected in Figure 3.8.1.1.2-1, based upon 7%
probability of exceedance in 50 years, are possible at the
bridge location.

Unless a site-specific wind study is performed,
wind speeds used for different load combinations shall
be taken from Table 3.8.1.1.2-1
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Modifications to Specifications Article 3.8

C38.111

For most bridges, the same wind pressure will be
used for all components of the structure and the wind
load is applied as a uniformly distributed load on the
entire exposed area of the structure. However, some
situations may warrant using different wind pressures
on different components. The most common case is
when the substructure is unusually tall which may
warrant using different structure heights in determining
the wind pressure on different portions of the
substructure.

The general case is to investigate the wind blowing
from different directions and to apply the calculated
wind pressure to the area of the projection of the
structure on a plane perpendicular to the wind direction
as specified herein. However, calculating the projected
areas may be cumbersome in some cases. As a
simplification, the wind loads from skewed wind may
be calculated by applying the skew coefficients
specified in Table 3.8.1.2.2-1 to the wind load
calculated for wind direction transverse to the
longitudinal axis of the bridge. The exposed area in this
case is the structure area as seen in the elevation view
looking transverse to the longitudinal axis of the bridge.

C3.8.1.1.2

Previous editions of these specifications were based
on fastest-mile wind speed. Since that criteria was
based on distance, the effect was to average the wind
speed over different lengths of time. The use of fastest-
mile wind speed is no longer utilized by modern wind
codes and the provisions herein are based on 3-second
gust wind speed which means that the wind speed is
averaged over three seconds.

Figure 3.8.1.1.2-1 shows the design reference 3-
second gust wind speed, at an elevation of 30 ft, for
Wind Exposure Category C, as defined in Article
3.8.1.1.5, with a mean recurrence interval (MRI) of 700
years. The figure is taken from the ASCE 7-10 (2010).

The wind pressure determined using the specified
basic wind speed with a load factor of 1.0 is
approximately equivalent to the wind pressure
determined using fastest-mile wind speed with a MRI of
100 years and a load factor of 1.4. This is the reason the
load factor for wind load on the structure, WS, in the
Strength III load combination has been reduced from the
1.4 used in earlier editions of the specifications to the



Table 3.8.1.1.2-1 — 3-Second Gust Wind Speed for
Different Load Combinations, V

3-Second Gust Wind
Speed (mph)
Reference 3-second
gust wind speed, at the
bridge site, at an
elevation of 30 ft, in a
Surface Roughness C
wind environment,
with a mean
recurrence interval
(MRI) of 700 years, to
be taken from Figure
3.8.1.1.2-1. For areas
designated as a special
wind zone in Figure
3.8.1.1.2-1, the owner
shall approve the 3-
second gust wind
speed.
82
69
102

Load Combination

Strength II1

Strength V
Service I
Service IV
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1.0 currently shown. The change in the load factor was
instituted when the design wind speed was changed
from the fastest-mile wind used earlier to the reference
3-second gust wind speeds shown in Figure 3.8.1.1.2-1.

Strength V and Service I load combinations involve
live load on the structure. Earlier editions of the
specifications were based on assuming vehicles become
unstable at fastest-mile wind speeds higher than 55 mph.
The load factors previously specified for wind loads on
the structure assumed that the wind pressure from the 55
mph fastest-mile wind speed was applied with load
factors of 1.4 and 1.0 for Strength V and Service I load
combinations, respectively.

Similarly, the Service IV load combination in
earlier editions of the specifications was based on a
fastest-mile wind speed of 84 mph applied with a load
factor of 1.0.

This limit on the wind speed for Strength V, Service
I and Service IV load combinations have been
maintained, however, the wind speed shown for these
load combinations in Table 3.8.1.1.2-1 reflects the use
of 3-second gust wind speeds and the load factor of 1.0
for wind on the structure, WS, currently shown in Table
3.4.1-1 for all load combinations involving wind on the
structure.

For buildings and other structures, local building
officials typically determine the 3-second gust wind
speed to be used in the special wind zones under their
jurisdiction. Bridge owners will need to develop their
own policy for the 3-second gust wind speed to be used
in these zones.



160(72)

Notes:

1. Values are nominal design 3-second gust wind speeds in miles per hour (m/s) at 33 ft (10m) above ground for
Exposure C category.

2. Linear interpolation between contours is permitted.

3. Islands and coastal areas outside the last contour shall use the last wind speed contour of the coastal area.

4. Mountainous terrain, gorges, ocean promontories, and special wind regions shall be examined for unusual wind
conditions.

5. Wind speeds correspond to approximately a 7% probability of exceedance in 50 years (Annual Exceedance
Probability = 0.00143, MRI = 700 Years).

Figure 3.8.1.1.2-1 Basic Wind Speed, V, in (mph).
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3.8.1.1.3—Wind Sectors

For each wind direction to be investigated, the
exposure conditions of the bridge shall be determined
for the two upwind sectors extending 45 to either side
of the wind direction. The exposure conditions in the
two sectors shall be determined in accordance with
Articles 3.8.1.1.4 and 3.8.1.1.5. The exposure condition
which results in higher wind loads shall be used in
determining the wind load for wind blowing from the
direction being investigated.

3.8.1.1.4—Ground Surface Roughness Categories

A ground surface roughness within each of the 45
sectors defined in Article 3.8.1.1.3 shall be determined
as follows:

e Surface Roughness B: Urban and suburban areas,
wooded areas, or other terrain with numerous
closely spaced obstructions having the size of
single-family dwellings or larger;

e Surface Roughness C: Open terrain with scattered
obstructions having heights generally less than 30
ft. including flat open country and grasslands; and

e Surface Roughness D: Flat, unobstructed areas and
water surfaces; this category includes smooth mud
flats, salt flats, and unbroken ice.

3.8.1.1.5—Wind Exposure Categories

The exposure category of the structure shall be
determined as follows:

C3.8.1.1.3

For a given bridge, the ground surface roughness
category may be different for different wind directions
based on the obstructions that exist along the direction
of the wind. The purpose of examining the two 45
sectors is to determine the maximum wind pressure
associated with the wind direction being investigated.

Figure C3.8.1.1.3-1 — Wind Sectors for Wind from
any Direction

Bridge

Sector 2

Wind
Direction

Sector 1

As required by Article 3.8.1.1.1, when wind loads
due to skewed wind are determined using the skew
coefficient of Article 3.8.1.2.2, only wind in the
direction transverse to the longitudinal axis of the bridge
needs to be investigated. In such cases, the exposure
conditions need to be determined only for the 45 sectors
associated with the transverse wind.

C38.114

The surface roughness categories are used in
determining the wind exposure category of the structure
as defined in Article 3.8.1.1.5.

The surface roughness categories shown herein
match those in ASCE 7-10 (2010). Some of the earlier
editions of ASCE 7 included a separate category for
urban exposure. However, for buildings, particularly
tall ones, it is thought that there is not enough urban
surface roughness, even in large urban areas, to develop
a true urban exposure conditions. Hence, the urban
exposure category was eliminated from ASCE 7.
However, for a low-bridge in an urban area, an urban
exposure could occur in nature.  Using surface
roughness B for both urban and suburban areas results in
a slightly conservative wind loads for structures in urban
areas.

C3.8.1.1.5
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e Wind Exposure Category B: Wind Exposure
Category B shall apply where the Ground Surface
Roughness Category B, as defined in Article
3.8.1.1.4, prevails in the upwind direction for a
distance greater than 1,500 ft. for structures with a
mean height of less than or equal to 30 ft., and for a
distance greater than 2,600 ft. or 20 times the height
of the structure, whichever is greater, for structures
with a mean height greater than 30 ft.

e Wind Exposure Category C: Wind Exposure
Category C shall apply for all cases where Wind
Exposure Categories B or D do not apply.

® Wind Exposure Category D: Wind Exposure
Category D shall apply where the Ground Surface
Roughness Category D, as defined in Article
3.8.1.1.4, prevails in the upwind direction for a
distance greater than 5,000 ft. or 20 times the height
of the structure, whichever is greater. Wind
Exposure Category D shall also apply where
Ground Surface Roughness Category B or C exist
immediately upwind of the structure, and the
structure is within a distance of 600 ft. or 20 times
the bridge height, whichever is greater, from an
Ground Surface Roughness Category D condition
as defined above.

3.8.1.2—Wind Pressure on Structures: WS
3.8.1.2.1 — General

For completed structures, the wind pressure shall be
determined as:

P,=256x10°V* K, GCp  (3.8.1.2.1-1)
where
P; = design wind pressure, ksf
V = reference 3-second gust wind speed specified in
Table 3.8.1.1.2-1 (mph).
Kz = pressure exposure and elevation coefficient

specified in Table 3.8.1.2.1-1 for Strength III
load combination and to be taken as 1.0 for
other load combinations (DIM).

Where Ground Surface Roughness Category D
prevails in the upwind direction except when Ground
Surface Roughness Category B or C exist for a relatively
short distance immediately upwind from the structure,
the effect of the presence of Ground Surface Roughness
Category B or C may not be significant and, therefore,
Ground  Surface Roughness Category D is
conservatively specified for these situations.

C3.8.1.21

Additional requirements for determining wind
pressure on bridges during construction exist in Article
3.8.1.2.5.

The maximum force effects on a bridge component
from wind loads may be caused by wind blowing in a
direction other than the transverse to the longitudinal
axis of the bridge. Maximum load effects from wind
loads due to wind in the transverse and skewed direction
should be considered in the design.

For structure heights less than 30 ft, the proximity
to the ground surface causes turbulence for which the
effect on wind pressure cannot be accurately
determined. Therefore, no reduction in the value of K,
is shown in Table 3.8.1.2.1-1 for structure heights less
than 30 ft.

Strength V, Service 1 and Service IV load
combinations are based on a predetermined wind speed
at the elevation of the bridge deck. Therefore, the
pressure exposure and elevation coefficient, Kz, is taken
as 1.0 for these load combinations.

Unlike ASCE 7-10 (2010), which is based on power
law wind profiles, AASHTO LRFD bridge design
specifications have always been based on logarithmic
wind profiles. The values of K, in Table 3.8.1.2.1-1 can
be obtained from the following equations:
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gust effect factor determined using a structure-
specific study or as specified in Table
3.8.1.2.1-2 for Strength III load combination
and 1.0 for other load combinations (DIM).

Cp = drag coefficient determined using a structure-
specific study or as specified in Table

3.8.1.2.1-3 (DIM).

The structure height, Z, used in determining the
pressure exposure and elevation coefficient, K,, shall be
taken as:

e For bridge superstructures: The average height of

Kz(B) = (2.5In(z /0 .9834) + 6.87)* / 345.6
(C3.8.1.2.1-1)

K(C) = (2.5In(z /0 .0984) + 7.35)> / 478.4
(C3.8.1.2.1-2)

Kz(D) = (2.5In(z /0 .0164) + 7.65)* / 616.1
(C3.8.1.2.1-3)

Where Kz(B), Kz(C) and Kz(D) are K for Wind
Exposure Category B, C and D, respectively.

The gust effect factor, G, is a function of the size
and dynamic characteristics of the structure including
bridge natural frequency and damping. The values
specified in Table 3.8.1.2.1-2 are average values for
sound barriers and typical bridge structures. For long
span arches, cable-stayed and suspension bridges, using
wind tunnel testing to determine a project-specific gust
effect factor is warranted.

The 0.85 gust effect factor specified for sound
barriers in Table 3.8.1.2.1-2 is consistent with the gust
effect factor in ASCE7-10 (2010) for walls and implies
that wind gusts are not likely to engulf the entire
structure. However, the loaded area required to produce
the maximum wind load on a sound barrier panel and
the panel’s vertical supports, if used, is relatively small.
A higher gust effect factor may be justifiable as wind
gusts may engulf the entire area.

When the wind speed, Kz, and G specified for
Strength V, Service I and Service IV load combinations
are substituted in Equation 3.8.1.2.1-1, the resulting
wind pressure on bridge structures, P, becomes a
multiple of the drag coefficient, Cp, for the structure
being considered. The wind pressure in these cases may
be calculated using Table C3.8.1.2.1-2.

Table C3.8.1.2.1-2 — Wind Pressure on the
Structure for Load Combinations Based on Constant
Wind Speed

Wind Pressure on the
Structure, P, , for the
Load Specified Wind Speed
combination (ksf)
Strength V 0.0172 Cp
Service | 0.0122 Cp
Service IV 0.0266 Cp

In the case of a long multi-span bridge with large
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the top of the superstructure above the surrounding
ground or water surface.

For bridge substructures not extending above the
elevation of the superstructure: Unless otherwise
approved by the owner, the height used in

determining the wind pressure on the
superstructure.
For bridge substructures extending above the

elevation of the superstructure: Unless otherwise
approved by the owner, the height of the top of the
substructure.

For ground-mounted sound barriers: The height of
the top of the sound barrier above the lower
surrounding ground surface.

For structure- or traffic barrier-mounted sound
barriers: The height of the top of the sound barrier
above the low ground or water surface surrounding
the support structure.

variation in the ground surface elevation under the
bridge, such as a bridge crossing a valley, the structure
height, Z, may be varied from a span to span. For each
span, the structure height, Z, may be taken as the largest
value in the span.

Determining the wind pressure on substructures not
extending above the elevation of the superstructure
using the structure height used to determine the wind
pressure on the superstructure results in slightly
conservative values for most substructures.  For
extremely tall substructures, using a different height,
including varying the height used for different segments
of the substructure, may be allowed with the approval of
the owner.

Substructures extending above the elevation of the
superstructure are typically associated with cable stayed
bridges and suspension bridges. Wind loads on such
structures are typically determined using a structure-
specific wind tunnel test.

Where the sound barrier is constructed directly atop
an embankment, the height of the sound barrier should
be measured from the lower ground surface surrounding
the embankment.
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Table
3.8.1.2.1-1-
Pressure
Exposure
and
Elevation
Coefficients,
KzStructure Wind Wind Wind
Height, Z Exposure Exposure Exposure
(ft) Category B | Category C Category D
<30 0.71 1.00 1.15
40 0.75 1.05 1.20
50 0.81 1.10 1.25
60 0.85 1.14 1.29
70 0.89 1.18 1.32
80 0.92 1.21 1.35
90 0.95 1.24 1.38
100 0.98 1.27 1.41
120 1.03 1.32 1.45
140 1.07 1.36 1.49
160 1.11 1.40 1.52
180 1.15 1.43 1.55
200 1.18 1.46 1.58
250 1.24 1.52 1.63
300 1.30 1.57 1.68
Table 3.8.1.2.1-2 — Gust effect factor, G
Structure Type Gust effect
factor, G
Sound Barriers 0.85
All other structures 1.00
Table 3.8.1.2.1-3 - Drag Coefficient, Cp
Component Windward Leeward
I-girder and box-girder bridge superstructures 1.3 N/A
Trusses , Columns, | Sharp Edged Member 2.0 1.0
and Arches Round Member 1.0 0.5
Bridge Substructure 1.6 N/A
Sound Barriers 1.3 N/A
C3.8.1.2.2

3.8.1.2.2—L oads on the Superstructures

Wind loads on the superstructure shall be used in
designing the superstructure components and shall be
transmitted to the bearings and the substructure.

In the general case of wind analysis, the wind
direction shall be varied and the wind load shall be
determined as specified in Article 3.8.1.1.1. The
longitudinal and transverse wind loads shall be taken as
the algebraic longitudinal and transverse components of
the wind load.

In lieu of varying the wind direction, the wind
load on the superstructure may be taken as the product

For trusses, columns, and arches, the wind load
transmitted to the substructure will be the sum of the
wind loads on the windward and leeward areas.
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of the skew coefficients specified in Table 3.8.1.2.2-1
times the wind load for transverse wind determined
using the wind pressure calculated using Equation
3.8.1.2.1-1.

The wind load on the superstructure components
shall be taken as a line load with intensity equal to the
wind pressure times the depth of the bridge component
exposed to the wind and is applied at the mid-depth of
the component. In plan, the longitudinal components of
wind loads shall be applied as line loads along the
longitudinal axis of the bridge.

The skew angle shall be taken as measured from the
perpendicular to the longitudinal axis of the bridge in
plan.

The wind direction for design shall be that which
produces the extreme force effect on the component
under investigation. The transverse and longitudinal
wind load components on the superstructure shall be
applied simultaneously.

For girder bridges, the wind pressure may be taken
as one line load whose intensity is equal to the wind
pressure times the depth of the superstructure including
the depth of the girders, deck, floor system, railing, and
sound barriers, as seen in elevation. For truss bridges,
the wind load on different members should be
calculated separately and used in designing the
members themselves. The effect of shielding from
other components should be considered in determining
the wind load on the stringers, deck, railing, and sound
barriers. The wind loads from different members and
from the flooring system are then transferred to the top
and bottom planes of wind bracing and are used in
designing the wind bracing system, including the end
portals and cross-frames, bearings and substructure.
The purpose of applying the line load along the
longitudinal axis of the bridge in plan is to avoid
introducing a moment in the horizontal plane of the
superstructure.

Table 3.8.1.2.2-1 - Skew Coefficients for Various Azimuth Angles of Attack

Trusses, Columns and Arches Girders
Skew Angle Transverse skew | Longitudinal skew | Transverse skew | Longitudinal skew
(degree) Coefficient Coefficient Coefficient Coefficient
0 1.000 0.000 1.000 0.000
15 0.933 0.160 0.880 0.120
30 0.867 0.373 0.820 0.240
45 0.627 0.547 0.660 0.320
60 0.320 0.667 0.340 0.380
For typical girder and slab bridges having an
individual span length of not more than 125 ft and a
maximum height of 30.0 ft above low ground or
water level the following wind load components may
be used:
e Transverse: 100% of the wind load calculated
based on wind direction perpendicular to the
exposed surface
e Longitudinal: 24% of the transverse load
Both forces shall be applied simultaneously.
3.8.1.2.3—Forces Applied Directly to the C3.8.1.2.3

Substructure

The transverse and longitudinal forces to be
applied directly to the substructure shall be calculated
using the wind pressure determined using Equation
3.8.1.2.1-1. For wind directions taken skewed to the
substructure, the wind pressure shall be resolved into
components perpendicular to the end and front
elevations of the substructure. The component
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When combining the wind forces applied directly
to the substructure with the wind forces transmitted to
the substructure from the superstructure, all wind
forces should correspond to wind blowing from the
same direction.



perpendicular to the end elevation shall act on the
exposed substructure area as seen in end elevation,
and the component perpendicular to the front
elevation shall act on the exposed substructure area as
seen in front elevation. The two substructure wind
force components shall be applied simultaneously
with the wind loads from the superstructure.

3.8.1.2.4 - Wind Loads on Sound Barriers

The wind pressure on ground-mounted or
structure-mounted sound barriers shall be determined
using Equation 3.8.1.2.1-1 and assuming the wind
direction perpendicular to the plane of the sound
barrier.

The sound barrier panels shall be designed
assuming the wind pressure is applied as a uniform
load to the entire area of the panels.

The vertical support elements, if used, the
foundations and the connection of the panel or the
vertical support elements to the foundations or the
supporting structure, shall be designed for a line load
equal in value to the wind pressure multiplied by the
sound barrier height. The line load shall be applied at
a distance equal to 0.55 times the sound barrier height
measured from the bottom of the sound barrier. For
determining the location of the line load, the height of
the sound barrier shall be taken as the distance from
the top of the sound barrier to:

e For ground-mounted sound barriers: the ground
surface immediately adjacent to the sound barrier

e For structure-mounted sound barriers: the
elevation of the sound barrier connection to the
supporting structure

Where the sound barrier is mounted on top of a
traffic railing or a retaining wall extending above
ground, the magnitude and location of the wind loads
transmitted to the base of the supporting traffic railing
or retaining wall shall be determined as specified
above assuming that the height of the exposed area is
the sum of the height of the sound barrier plus the
height of the supporting railing or retaining wall.

The height of the supporting railing or retaining
wall to be considered in determining the magnitude
and location of the wind load shall be that measured
from the top surface of the ground, bridge deck or
roadway pavement to the top of the supporting railing
or retaining wall.

3.8.1.25 - Wind Loads on Structures during

Construction

3.8.1.2.5a—Wind Pressure on Structures during
Construction
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The wind pressure is applied as a constant
pressure over the entire area of the sound barrier. In
reality, the wind speed and, consequently, the wind
pressure, increase with the increase in height above
the surrounding ground surface. Applying the wind
load as a line load a location above mid-height of the
sound barrier better reflects the effect of the uneven
pressure distribution.

Where the ground surface elevation is not the
same in the front and in the back of a ground-
mounted sound barrier, the wind forces will need to
be determined for each direction as a separate case of
loading. The design of all components must satisfy
the demand from both cases.

C3.8.1.2.5a



For determining wind pressure on structures

during construction, the 3-second reference wind
speed, V, used in Equation 3.8.1.2.1-1 shall be
replaced by RV, where:
R = wind speed reduction factor during
construction taken as 0.77 for construction
periods of 3 years or less, 0.84 for
construction periods between 3 and 7 years,
and, 0.86 for construction periods between 7
to 9 years. No reduction factor shall be
applied for construction periods exceeding 9
years.
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Traditionally, the wind speed during construction
was taken as the wind speed with a mean return
interval (MRI) of 10, 20 or 25 years depending on the
construction period. The wind pressure from these
construction wind speeds was applied with a load
factor of 1.4.

When a wind speed reduction factor of 0.77, 0.84
or 0.86 are applied to the 3-second reference wind
speed defined in Article 3.8.1.2.1, the resulting wind
speeds correspond to MRI of 42, 97 and 125 years,
respectively. These three wind speeds correspond to
a 7 percent probability of exceedence in 3, 7 and 9
years, respectively.

When the three wind speeds are applied with a
load factor of 1.0 as defined for Strength III load
combination in Table 3.4.1-1, the resulting wind
pressures are equivalent to those produced by wind
speeds with MRI of 10, 20, and 25 years,
respectively, when applied assuming a load factor of
1.4, as was specified for Strength III under earlier
specifications.

Table C3.8.1.2.5a-1 shows the reduction factors
associated with a 10, 20 and 25 MRI when a load
factor of 1.4 is applied and the associated probability
of exceedance for different construction periods. It
also shows the equivalent MRI when the wind
pressure is determined using a load factor of 1.0. For
number of years, N, other than 3, 7 and 9 years, the
reduction factor, R, that will produce wind speeds
with a 7 percent probability of exceedence in N years
and the corresponding MRI’s are also shown.

Table C3.8.1.25a-1 - Equivalent MRI for
Different Wind Speed Reduction Factors
MRI MRI
Probability | (with (with
N of load load
exceedence | factor=1. | factor=1.
(years) | in N years 0) 4) R
0.070 42 10 0.77
3 0.031 97 20 0.84
0.024 125 25 0.86
0.092 42 10 0.77
4 0.070 56 13 0.79
0.041 97 20 0.84
0.032 125 25 0.86
0.114 42 10 0.77
5 0.070 69 15 0.81
0.051 97 20 0.84
0.039 125 25 0.86
0.135 42 10 0.77
6 0.070 83 18 0.82
0.060 97 20 0.84
0.047 125 25 0.86
0.155 42 10 0.77
7 0.070 97 20 0.84
0.055 125 25 0.86
8 0.175 42 10 0.77
0.080 97 20 0.84




Reduction factor values lower than those
specified above may be used if approved by the
owner.

Wind pressure on bridge superstructures or parts
thereof, and on substructures during construction
before the deck is constructed shall be determined
using Equation 3.8.1.2.1-1 except that:

e For determining wind loads on the
superstructure that will be transmitted to
the substructure, the drag coefficient, Cp,
shall be taken as the sum of the drag
coefficients for all girders as determined
using Table 3.8.1.2.5a-1 and Table
3.8.1.2.5a-2.

e For determining wind loads that will be
used in determining the stresses in a
particular girder, the drag coefficient, Cp, to
be used in determining the wind pressure on
that particular girder shall be taken as the
base drag coefficient, Cp, pie, for the
exterior girders and one half of this value
for interior girders

Table 3.8.1.2.5a-1 - Base Drag Coefficient for
Bridge Superstructures during Construction

Superstructure Type Base Drag
Coefficient
(CD base)
Steel Plate Girders 2.5
Rolled I-beams 2.2
Concrete [-Beams 2.0
Closed and Open Box Girders 2.1
Round Members 1.0

Wind pressures for bridge superstructures, or
parts thereof, during construction after the deck is
constructed shall be taken as those for completed
structures except that the specified reduced wind
speed specified herein may be used.
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0.070 111 23 0.85
0.062 125 25 0.86
0.195 42 10 0.77
9 0.089 97 20 0.84
0.070 125 25 0.86

Values of the reduction factor higher than those
specified will result in wind speed with a lower
probability of exceedence during the same period.

The values of the drag coefficient specified for the
interior and exterior girders are the largest values that
can be determined using Table 3.8.1.2.5a-1 and Table
3.8.1.2.5a-2 and assuming the wind direction
perpendicular to the bridge from either side.

The values of the drag coefficient for open box
girders in Table 3.8.1.2.5a-1 represent an upper-
bound value for drag coefficients for different box
geometries shown in Table C3.8.1.2.5a-1 (Wassef and
Raggett, 2014). The drag coefficients for closed
boxes of the same proportions are taken equal to
those of open boxes as they are aerodynamically
similar.

Table C3.8.1.2.5a-1 — Base Drag Coefficient for
Box-Girders of Different Geometry during
Construction

Base Drag Coefficient
Box Geometry (Chb, base)
‘ I d 2.05
d/2




Table 3.8.1.2.5a-2 — Drag Coefficient for different

Girders of Bridge Superstructures during
Construction before the Deck is Constructed
Girder Drag Coefficient
(Cp)
Windward girder in multi Cb, base
girder systems and for single
box-girder systems
In two-box-
girder
systems with
Second girder 3. clear
: istance
(windward b 0.5 Cp . pase
M . etween the ’
side in multi-
. two boxes of
girder h
tems) nolmore than
SYys twice the
girders depth
In all other 0.0
systems
All other girders 0.5 Cp, base

3.8.1.2.5b—Loads from Superstructures
during Construction

Wind loads from the superstructure for different
angles of wind directions shall be determined as
specified in Article 3.8.1.2.2 except that the wind
pressures specified in Article 3.8.1.2.5a shall be used
to determine those loads.

3.8.1.2.5c—Forces Applied Directly to
the Substructure during Construction

The provisions of Article 3.8.1.2.3 shall apply
except that the wind pressure specified in Article
3.8.1.2.5a shall be used.

3.8.1.25d - Wind Loads on Sound Barriers
during Construction

The provisions of Article 3.8.1.2.4 shall apply.
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For multi-girder systems, the values of Cp shown
in Table 3.8.1.2.5a-1 are for evenly spaced girders
(Wassef and Raggett, 2014). Adequate information
on the values of Cp for girders that are not evenly
spaced does not exist in the literature. For such cases,
engineering judgment needs to be exercised.

C3.8.1.2.5d -

Typically, sound barriers are vertical cantilever
structures where the footings and the vertical sound
barrier components are constructed first. The design



3.8.1.3—Wind Pressure on Vehicles: WL

When vehicles are present, the design wind
pressure shall be applied to both the structure and
vehicles.

Wind pressure on vehicles shall be represented
by an interruptible, moving force of 0.10 kif acting
transverse to, and 6.0 ft above, the roadway and shall
be transmitted to the structure.

Except where specified herein, when wind on
vehicles is not taken as transverse to the structure, the
components of normal and parallel force applied to
the live load may be taken as specified in Table
3.8.1.3-1 with the skew angle measured from the
perpendicular to the longitudinal axis of the bridge in
plan.

The wind direction for design shall be that which
produces the extreme force effect on the component
under investigation. The transverse and longitudinal
wind load components on the live load shall be
applied simultaneously. The wind load on live load
shall be applied to the bearings and the substructure.

Table 3.8.1.3-1—Wind Components on Live Load

Transverse Longitudinal
Skew Angle Component Component
(degrees) (klf) (klf)

0 0.100 0.000

15 0.088 0.012
30 0.082 0.024
45 0.066 0.032
60 0.034 0.038

For the usual girder and slab bridges having an
individual span length of not more than 125 ft and a
maximum height of 30.0 ft above low ground or
water level, the following wind loading on live load
may be used:

e  0.10 kIf, transverse
e (.04 kIf, longitudinal

Both forces shall be applied simultaneously.
3.8.2—Vertical Wind Pressure

For bridge superstructures after the deck is
constructed, unless otherwise determined in Article
3.8.3, a vertical upward wind force equal to 40% of
the transverse wind pressure determined using
Equation 3.8.1.2.1-1 times the width of the deck,
including parapets and sidewalks, shall be applied as
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of such structures will be controlled by the wind in its
final constructed configuration. As such, no special
treatment is specified for sound barriers during
construction.

C3.8.13

Historically, the 0.10 kIf wind load has been used
to determine the wind load on live loads. It was
based on a long row of randomly sequenced
passenger cars, commercial vans, and trucks exposed
to the maximum wind speed beyond which vehicles
cannot safely travel. The wind load on live load
specified herein has not been changed from its value
in earlier editions of these specifications.

This horizontal live load should be applied only
to the tributary areas producing a force effect of the
same kind, similar to the design lane load.

C3.8.2

The intent of this Article is to account for the
effect resulting from interruption of the horizontal
flow of air by the superstructure. This load is to be
applied even to discontinuous bridge decks, such as
grid decks. This load may govern where overturning
of the bridge is investigated.



a line load. This force shall be applied only for the
Strength III and Service IV load combinations which
do not involve wind on live load, and only when the
direction of horizontal wind is taken to be transverse
to the longitudinal axis of the bridge. This line load
shall be applied at the windward quarter-point of the
deck width in conjunction with the horizontal wind
loads specified in Article 3.8.1.

3.8.3—Wind-Induced Bridge Motions

3.8.3.1 Bridges in Service
3.8.3.1.1—General

The provisions of this article shall apply to
bridges in service and to bridges during construction
after the deck and all features affecting their
aeroelastic behavior are installed.

Force effects of wind-induced vibrations shall be
taken into account in the design of bridges and
structural components apt to be wind-sensitive. For
the purpose of this Article, all bridges with a span to
depth ratio, and structural components thereof with a
length to width ratio, exceeding 30.0, all cable-
supported bridges, and all bridges with fundamental
vertical or translational periods greater than 1 second,
shall be deemed to be wind-sensitive.

The potential of wind-induced vibrations of
cables, due to any causative mechanism, shall also be
considered.

3.8.3.1.2— Wind-Induced Motions

Wind-induced vibrations due to buffeting, vortex
excitation, galloping, flutter, and static divergence of
wind-sensitive bridges and wind-sensitive
components shall be considered where applicable.
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The 40% ratio between the vertical and horizontal
wind pressures reflects the ratio between the two
components in earlier editions of the specifications
where a base horizontal wind pressure of 0.050 ksf
and vertical wind pressure of 0.020 ksf were used.

For flexible bridges, such as cable-stayed
and suspension bridges, the vertical force should be
checked as an upward or downward force, whichever
may control the design.

C3.83.11

Because of the complexity of analyses often
necessary for an in-depth evaluation of structural
wind-induced vibrations, this Article is intentionally
kept to a simple statement. Many bridges, decks, or
individual structural components have been shown to
be insensitive to wind-induced vibrations if the
specified ratios are under 30.0, a somewhat arbitrary
value helpful only in identifying likely wind-sensitive
cases.

The most common cable vibrations are due to
vortex shedding, rain/wind-induced vibrations,
galloping due to the inclination of the cable to the
wind, wake galloping, galloping due to
aerodynamically unsymmetrical cross-section,
excitation from the cable anchorage motion, and
buffeting from wind turbulence.

Flexible bridges, such as cable-supported or very
long spans of any type, may require special studies
based on wind tunnel information. In general,
appropriate wind tunnel tests involve simulation of
the wind environment local to the bridge site. Details
of wind tunnel testing are part of the existing wind
tunnel state of the art and are beyond the scope of this
commentary.

C3.8.3.1.2

Excitation due to vortex shedding is the escape of
wind-induced vortices behind the member, which
tend to excite the component at its fundamental
natural frequency in harmonic motion. It is important
to keep stresses due to vortex-induced oscillations
below the “infinite life” fatigue stress. Methods exist
for estimating such stress amplitudes, but they are
outside the scope of this commentary.

Tubular components can be protected against
vortex-induced oscillation by adding bracing, strakes,
or tuned mass dampers or by attaching horizontal flat
plates parallel to the tube axis above and/or below the



3.8.3.1.3—Control of Dynamic Responses

For wind-sensitive bridges, peak vertical wind-
induced accelerations due to vortex shedding or
buffeting shall be less than 5% of the acceleration of
gravity, g, for steady wind speeds less than or equal to
30 mph, and shall be less than 10% of the
acceleration of gravity, g, for steady wind speeds
greater than 30 mph and less than or equal to 50 mph.
Wind-sensitive bridges and wind-sensitive structural
components thereof, including cables, shall be
designed to be free of fatigue damage due to vortex-
induced or galloping oscillations. Bridges shall be
designed to be free of divergence, galloping and
catastrophic flutter up to a steady, 10-minute
averaged wind speed numerically equal to 0.85 times
the design wind speed applicable at the completed
bridge at the superstructure elevation.

For the purpose of determining the 10-minute
averaged wind speed, the design wind speed
applicable for the completed bridge at the
superstructure elevation shall be taken equal to
V(KZ)” 2, for which V and K, are as defined in Article
3.8.1.2.1.

3.8.3.2 Bridges During Construction

3.8.3.2.1—General

The provisions of this article shall apply to
bridges during construction before the deck is
constructed and to essentially completed bridges
before all features affecting their aeroelastic behavior,
if any, are installed.

3.8.3.2.2—Wind-Induced Motions

The peak displacements in the direction of the
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central third of their span. Such aerodynamic damper
plates should lie about one-third tube diameter above
or below the tube to allow free passage of wind. The
width of the plates may be the diameter of the tube.

Galloping is a high-amplitude oscillation
associated with ice-laden cables or long, flexible
members that do not have round cross-sections.
Cable-stays, having circular sections, will gallop
when the wind is inclined to the axis of the cable, and
when their circumferences are deformed by ice,
dropping water, or accumulated debris.

Flexible bridge decks, as in very long spans and
some pedestrian bridges, may be prone to wind-
induced flutter, a wind-excited oscillation of
destructive amplitudes, or, on some occasions,
divergence, an irreversible twist under high wind.
Analysis methods, including wind tunnel studies
leading to adjustments of the deck form, are available
for prevention of both flutter and divergence.

C3.8.3.1.3

Cables in stayed-girder bridges have been
successfully stabilized against excessive dynamic
responses by attaching mechanical dampers to the
bridge at deck level or by cross-tying multiple cable-
stays.

The 5% and 10% of the acceleration of gravity, g,
for winds below 30 mph and winds between 30 mph
and 50 mph, respectively, are typical limits for the
motion criteria for pedestrian comfort. They were
used successfully in the past in the design of
vehicular flexible bridge systems such as cable-stayed
and suspension bridges. For higher wind speeds,
strength considerations, not motion considerations,
govern the design.

The specified 10-minute averaged wind speed,
numerically equal to 0.85 V(K,)"? is that with an
approximate mean recurrence interval of 10,000
years. Since catastrophic flutter vibrations take some
time to develop, a 10-minute averaged wind speed is
used to evaluate the stability of the bridge.

C3.8.3.2.2

The most common wind-induced motions of



wind due to buffeting from wind turbulence shall be
taken equal to the static displacements determined
using the wind pressures of Article 3.8.1.2.5a.

Open- or closed-top box girders shall be deemed
wind-sensitive to vortex-induced motions, and
possible galloping instabilities, where the mean 10-
minute averaged wind speed, U, satisfies:

U/nD2>5 (3.8.3.2.2-1)
where:
U = mean 10-minute averaged wind speed taken
as specified in Article 3.8.3.1.3 (fps),
n = fundamental vertical natural frequency of
vibration of the box girder (Hz)
D = the vertical dimension of the box-girder (ft)

The motions of bridges deemed to be wind-
sensitive shall be investigated further.

115

components of the bridge during construction, before
the construction of the deck, are the along-wind
buffeting of the member due to wind turbulence,
vortex-induced motions, and galloping aeroelastic
instability. The wind pressures determined using the
provisions of Article 3.8.1.2.5a yield static
displacements that are equivalent to the peak along-
wind displacements due to buffeting from turbulence
in the wind.

Vortex-induced and  galloping  motions
perpendicular to the direction of the wind are not
likely to occur for rolled I-beams and plate girders,
particularly if they are braced together. However,
significant vortex-induced and galloping motions of
box girders, with open or closed tops, are possible
and should be investigated. (Wassef and Raggett,
2014).

The limit on U/mD represents a lower bound
critical value for box girders. Table C3.8.3.2.2-1,
shows critical values of UmD measured for box-
girders of different shapes (Wassef and Raggett,
2014).

Table C3.8.3.2.2-1 — Critical values of U / nD for
box girders of different shapes

Critical value of
Box Geometry (U /nD)
‘ I D 5.0
D/2
‘ I D 8.0
D
D
| I 20.0
2D
D
4 & / 8.5
1
D

The vertical natural frequency of vibration, n, for
the box-girder may be estimated as follows:

For simple spans:

n = (n/2L% (gEI/m)"
For cantilevers:

n = (n/8L% (gEI/m)"
where:

L = beam length (ft)



3.8.3.2.3—Control of Dynamic Responses

Bridge components during construction shall be
free of divergence, galloping and catastrophic flutter
up to a steady, 10-minute averaged wind speed
numerically equal to 0.73 times the design wind
speed applicable for the completed bridge at the
superstructure elevation.

For the purpose of determining the 10-minute
averaged wind speed, the design wind speed
applicable for the completed bridge at the
superstructure elevation shall be taken equal to
V(Kz)m, for which V and K, are as defined in Article
3.8.1.2.1.

Structure-

3.8.4—Site-Specific and

Specific Studies

The requirements of Article 3.8.3 may be
satisfied using:

e A site specific analysis of historical wind
data in non-hurricane areas, and a site
specific numerical simulation of potential
hurricane wind speeds, may be used to
determine design wind criteria

e Representative wind tunnel tests using
approved procedures may be utilized to
determine wind loads and to evaluate
aeroelastic stability

g = gravitational acceleration: 32.2 (ft/s?)

E = Young's Modulus (psf)

I = Moment of inertia of the girder about the
horizontal axis (ft*)

m = weight per unit length (plf)

C3.8.3.1.3

This check is intended primarily for box-girders as
vortex-induced and galloping motions perpendicular
to the direction of the wind are not likely to occur for
rolled I-beams and plate girders.

The specified 10-minute averaged wind speed,
numerically equal to 0.73 V(K,)"? is that with an
approximate mean recurrence interval of 1000 years.
Since galloping or catastrophic flutter vibrations take
some time to develop, a 10-minute averaged wind
speed is used to evaluate the stability of the box-
girder.

C3.8.4

Wind tunnel testing of bridges and other civil
engineering structures is a highly developed
technology, which may be used to study the wind
response characteristics of a structural model or to
verify the results of analysis (Simiu, 1976).

Add the following references to AASHTO LRFD Section 3 reference list:
ASCE. 2010. Minimum Design Loads for Building and Other Structures, ASCE 7-10. American Society of Civil

Engineers, Reston, VA.

Wassef, W. and Raggett, J., 2014, Updating the AASHTO LRFD Wind Load Provisions, Report for NCHRP
Project 20-7, Task 325, Transportation Research Board, National Research Council, Washington, DC.
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4.4 Modifications to Specifications Article 5.14

5.14.2.3.2—Construction Loads

Construction loads and conditions that are assumed
in the design and that determine section dimensions,
camber, and reinforcing and/or  prestressing
requirements shall be shown as maxima allowed in the
contract documents. In addition to erection loads, any
required temporary supports or restraints shall be
defined as to magnitude or included as part of the
design. The acceptable closure forces due to
misalignment corrections shall be stated. Due allowance
shall be made for all effects of any changes of the
statical structural scheme during construction and the
application, changes, or removal of the assumed
temporary supports of special equipment, taking into
account residual force effects, deformations, and any
strain-induced effects.

The following
considered:

construction loads shall be

DC = weight of the supported structure (kip)
DIFF differential load: applicable only to
balanced cantilever construction taken as
two percent of the dead load applied to one
cantilever (kip)

superimposed dead load (kip) or (klf)
distributed construction live load: an
allowance for miscellaneous items of plant,
machinery, and other equipment, apart from
the major specialized erection equipment;
taken as 0.010 ksf of deck area; in cantilever
construction, this load is taken as 0.010 ksf
on one cantilever and 0.005 ksf on the
other; for bridges built by incremental
launching, this load may be neglected (ksf)
specialized construction equipment: the
load from segment or material delivery
trucks, or both, and any special equipment,
including a formtraveler launching gantry,
beam and winch, truss, or similar major
auxiliary structure and the maximum loads
applied to the structure by the equipment
during the lifting of segments (kip)
dynamic load from equipment: determined
according to the type of machinery
anticipated (kip)

DW =
CLL =

CEQ =

CLE = longitudinal construction equipment load:
the longitudinal load from the construction
equipment (kip)

segment unbalance: the effect of any out-
of-balance segments or other unusual

conditions as applicable; applies primarily

C5.14.23.2

Construction loads comprise all loadings arising
from the Designer's anticipated system of temporary
supporting works and/or special erection equipment to
be used in accordance with the assumed construction
sequence and schedule.

Construction loads and conditions frequently
determine section dimensions and reinforcing and/or
prestressing requirements in segmentally constructed
bridges. It is important that the Designer show these
assumed conditions in the contract documents.

These provisions are not meant to be limitations on
the Contractor as to the means that may be used for
construction. Controls are essential to prevent damage to
the structure during construction and to ensure adequacy
of the completed structure. It is also essential for the
bidders to be able to determine if their equipment and
proposed construction methods can be used without
modifying the design or the equipment.

The contract documents should require the
Engineer's approval of any changes in the assumed
erection loadings or conditions.

Construction loads may be imposed on opposing
cantilever ends by use of the formtraveler, diagonal
alignment bars, a jacking tower, or external weights.
Cooling of one cantilever with water has also been used
to provide adjustment of misalignment. Any
misalignment of interior cantilevers should be corrected
at both ends before constructing either closure. The
frame connecting cantilever ends at closure pours should
be detailed to prevent differential rotation between
cantilevers until the final structural connection is
complete. The magnitude of closure forces should not
induce stresses in the structure in excess of those
tabulated in Table 5.14.2.3.3-1.

The load DIFF allows for possible variations in
cross-section weight due to construction irregularities.

For very gradual lifting of segments, where the load
involves small dynamic effects, the dynamic load IE
may be taken as ten percent of the lifted weight.

The following information is based on some past
experience and should be considered very preliminary.
Formtravelers for cast-in-place segmental construction
for a typical two-lane bridge with 15.0 to 16.0 ft
segments may be estimated to weigh 160 to 180 kips.

Weight of formtravelers for wider double-celled box
sections may range up to approximately 280 kips.
Consultation with  contractors or subcontractors
experienced in free cantilever construction, with respect
to the specific bridge geometry under consideration, is
recommended to obtain a design value for formtraveler
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to balanced cantilever construction but
may be extended to include any unusual
lifting sequence that may not be a primary
feature of the generic construction system
(kip)

horizontal wind load on structures in
accordance with the provisions of
Section 3. The wind speed associated
with Service 1 load combination in
Article 3.8 shall be used for load
combinations e and f in Table 5.14.2.3.3-
1 and the wind speed associated with
Service 1V load combination in Article
3.8 shall be used for load combinations
cand din Table 5.14.2.3.3-1 (ksf)
horizontal wind load on equipment; taken
as 0.1 ksf of exposed surface (ksf)

wind uplift on cantilever: 0.005 ksf of deck
area for balanced cantilever construction
applied to one side only, unless an analysis
of site conditions or structure configuration
indicates otherwise (ksf)

static weight of precast segment being
handled (kip)

dynamic response due to accidental release
or application of a precast segment load or
other sudden application of an otherwise
static load to be added to the dead load;
taken as 100 percent of load A (kip)
creep effects in  accordance
Article 5.14.2.3.6
shrinkage in
Article 5.14.2.3.6
thermal: the sum of the effects due to
uniform temperature variation (TU) and
temperature gradients (TG) (°F)

WS =

WUP =

Al =

CR = with

SH = accordance with

5.14.2.3.3—Construction Load Combinations at the
Service Limit State

Flexural tension and principal tension stresses shall
be determined at service limit states as specified in
Table 5.14.2.3.3-1, for which the following notes apply:

1. Note 1: equipment not working,
2. Note 2: normal erection, and
3. Note 3: moving equipment.

Stress limits shall conform to Article 5.9.4.

The distribution and application of the individual
erection loads appropriate to a construction phase shall
be selected to produce the most unfavorable effects. The
construction load compressive stress in concrete shall
not exceed 0.50f';, where f'; is the compressive strength
at the time of load application.

weight.

C5.14.2.33

The stresses in Table 5.14.2.3.3-1 limit construction
load stresses to less than the modulus of rupture of the
concrete for structures with internal tendons and Type A
joints. The construction load stresses should not,
therefore, generate any cracking.
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Tensile stresses in concrete due to construction loads
shall not exceed the values specified in Table 5.14.2.3.3-1,
except for structures with less than 60 percent of their
tendon capacity provided by internal tendons, in which
case the tensile stresses shall not exceed 0.095Vf’;. The
requirements of Table 5.14.2.3.3-1 shall apply to vertically
post-tensioned ~ substructures. The requirements of
Table 5.14.2.3.3-1 shall not be applied to construction of
cast-in-place ~ substructures  supporting  segmental
superstructures.
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Table 5.14.2.3.3-1—Load Factors and Tensile Stress Limits for Construction Load Combinations

g LOAD FACTORS STRESS LIMITS
"é Earth
'_g Dead Load Live Load Wind Load Other Loads Loads Flexural Tension Principal Tension
3
% EH Excluding Including Excluding Including
g&| D CE CL W EV “Other “Other “Other “Other See
| c|DFE| U |cLL]| IE E WS | WUP [ WE [ CR SH TU | TG [ A ES Loads” Loads” Loads” Loads” Note
a 1.0 1.0 [00] 1.0 1.0 | 0.0 [ 0.0 0.0 00 | 1.0 1.0 1.0 | yie | 1.0 1.0 0.190./f/ 0.220.[f/ 0.110.[f’ 0.126.[f/ —
: c : c : c : c
7Y e ~eUy e VY e 12Oy e
c 1.0 1.0 (00| 00| 0.0 [ 00 | 1.0 0.7 0.0 [ 1.0 1.0 1.0 | vy 1.0 1.0 ' ' ' ' —
e TG 0.190/f, | 0220/, | 0.110/f] | 0.126,/f,
d 1.0 1.0 (00| 1.0 | 0.0 [ 0.0 | 1.0 1.0 0.7 | 1.0 1.0 1.0 | vy 1.0 1.0 ’ ' ' ' 1
e Te 0190/, | 0220/, | 0.110/f] | 0.126,/f,
e 1.0 0.0 1.0 1.0 1.0 | 0.0 [ 1.0 0.0 03 | 1.0 1.0 1.0 | yrc | 1.0 1.0 ’ ' ' ' 2
h 0190, | 0220/f | 0.110F] | 0.126,/F;
f 1.0 00 |00 1.0 1.0 1.0 | 1.0 0.0 03 | 1.0 1.0 1.0 | vy 1.0 1.0 ' ' ' ' 3
o TG 0.190/f, | 0220/, | 0.110/f] | 0.126,/f,
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5.14.2.4.4—Cantilever Construction

The provisions specified herein shall apply to both
precast and cast-in-place cantilever construction.

Longitudinal tendons may be anchored in the webs,
in the slab, or in blisters built out from the web or slab.
A minimum of two longitudinal tendons shall be
anchored in each segment.

The cantilevered portion of the structure shall be
investigated for overturning during erection. The factor
of safety against overturning shall not be less than 1.5
under any combination of loads, as specified in
Article 5.14.2.3.3. Minimum wind velocity for erection
stability analyses shall be 5569 mph, unless a better
estimate of probable wind velocity is obtained by
analysis or meteorological records.

Continuity tendons shall be anchored at least one
segment beyond the point where they are theoretically
required for stresses.

The segment lengths assumed in the design shall be
shown on the plans. Any changes proposed by the
Contractor shall be supported by reanalysis of the
construction and computation of the final stresses.

The formtraveler weight assumed in stress and
camber calculations shall be stated on the plans.

C5.14244

Stability during erection may be provided by
moment resisting column/superstructure connections,
falsework bents, or a launching girder. Loads to be
considered include construction equipment, forms,
stored material, and wind.

The 6955 mph 3-second gust wind speed, when
applied with a load factor of 1.0, is equivalent to the
100 mph fastest-mile wind speed applied with a load
factor of 0.30 shown in Table 3.4.1-1 in_earlier
specifications. The 100 mph fastest-mile wind speed
applied with a load factor of 0.30 was meant to be
equivalent to 55 mph fastest-mile wind speed applied
with a load factor of 1.0.

Tendon force requires an “induction length” due to
shear lag before it may be assumed to be effective over
the whole section.

Lengths of segments for free cantilever construction
usually range between 10.0 and 18.0 ft. Lengths may
vary with the construction method, the span length and
the location within the span.

Formtravelers for a typical 40.0-ft wide, two-lane
bridge with 15.0- to 16.0-ft segments may be estimated
to weigh 160 to 180 kips. Weight of formtravelers for
wider two-cell box sections may range up to 280 kips.
Segment length is adjusted for deeper and heavier
segments to control segment weight. Consultation with
contractors experienced in free cantilever construction is
recommended to obtain a design value for formtraveler
weight for a specific bridge cross-section.
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4.5

15.8—LOADS
15.8.1—General

Unless explicitly modified below, all applicable
loads shall be applied in accordance with the provisions
of Section 3.

15.8.2—Wind Load

Exeept—as—modified—below—tThe provisions of
Avrticle 3.8.1 shall apply.

: :

For-sound-barriers-the factors \-and-Z,shall be

Modifications to Specifications Article 15.8

C15.8.2

Note that wind load provisions included in Article
3.8.1 are applicable to all structures, including sound
barriers. This deviates from earlier specifications
where special wind provisions for sound barriers
were included.
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5 COMPARISON OF WIND LOADS DETERMINED USING THE
PROPOSED SPECIFICATIONS PROVISIONS TO EXISTING
PROVISIONS

Comparisons between the wind loads determined using the proposed specifications and the
wind loads determined using the existing specifications were performed for trusses, girders, and
sound walls. The girder wind load was also calculated for various exposure categories and
bridge lengths and compared to the wind loads from the existing specifications.

The following variables were considered for the wind pressure comparisons:
e Exposure category
o Open country,
0 Suburban,
o Urban, and
o0 Open water.
e Structure type
0 Truss members,
o Girders, and
0 Soundwalls.
e 3-second gust wind speed
0 110 mph to 180 mph in 10 mph increments and
o 115 mph.

For the wind load comparisons, the main variable was the length; the length was varied
from 50 feet to 500 feet in 50 foot increments. The girder depth was assumed be one-thirtieth of
the span length, the slab was assumed to be 8" thick and the parapet was 3'-6" tall.

The graphical results of these comparisons are shown in Appendix A.

The following conclusions can be drawn based on the comparisons shown in Appendix A:
e Trusses:
0 Proposed specifications result in wind pressures that are similar to or lower than
the existing specifications for 3-second gust wind speeds up to approximately
140 mph (which encompasses a majority of the United States) for all exposure
categories
o For higher speeds, the proposed specifications result in wind pressures that are
greater than the existing specifications.
o Girders:
0 Pressures:
= Proposed specifications result in wind pressures that are similar to or
lower than the existing specifications for 3-second gust wind speeds up to
approximately 140 mph (which encompasses a majority of the United
States) for all exposure categories
= For higher speeds, the proposed specifications result in wind pressures
that are greater than the existing specifications.
o Wind loads:
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= For all span lengths considered, assuming an open country exposure,
only the wind loads calculated with 3-second gust wind speeds of 170
mph and 180 mph using the proposed specifications exceed the wind
loads from the existing specifications.

* For the urban/suburban exposure categories, the proposed specifications
result in higher wind loads for most wind speeds for bridges near the
surface (30 feet above the surrounding ground).

= For the urban/suburban exposure categories, as the height above the
surrounding ground increases, the lower 3-second gust wind speeds
result in wind loads that are lower than those from the existing
specifications.

e Soundwalls:

o0 The wind pressures calculated for soundwalls using the proposed specifications
are typically between calculated using the existing specifications and those
calculated using the 1989 AASHTO Guide Specifications for the Design of Sound
Barriers for open country and open water exposure conditions.

o For urban/suburban exposure conditions, the wind pressures calculated using
the proposed specifications are typically higher than those calculated using the
existing specifications and the 1989 AASHTO Guide Specifications for the
Design of Sound Barriers.
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6 EXAMPLE OF THE APPLICATION OF PROPOSED WIND LOAD
PROVISIONS

Determine the wind pressures and loading for a bridge superstructure with the following
characteristics:

33 feet above the ground surrounded by numerous closely spaced obstructions with size similar to
single family homes; this terrain exists for more than 2,600 feet in the upwind direction.

Two-span continuous with equal span lengths of 120 feet

52" deep welded plate girders

8" thick reinforced concrete slab

42" tall concrete parapet

Bridge is located in the central United States with 3-second gust wind speed of 115 mph (from
Proposed Figure 3.8.1.1.2-1.)

[ [ [ [ |
& & 6] &) &

— 6
P, = 25610 V'K, GCp
Where: P, = design wind pressure, ksf
V = reference 3-second gust wind speed taken from Proposed Table 3.8.1.1.2-1
K, = pressure exposure and elevation coefficient taken from Proposed Table 3.8.1.2.1-1 for

Strength 11l limit state and 1.0 for other limit states

G = gust effect factor determined using a structure-specific study or, otherwise, as
specified in Proposed Table 3.8.1.2.1-2 for Strength Ill limit state and 1.0 for other limit
states

Cp = drag coefficient determined using a structure-specific study or, otherwise, as

specified in Proposed Table 3.8.1.2.1-3
3-Second Gust Wind Speed (in mph) for Different Limit States, V

V= 11¢ mph (from Proposed Table 3.8.1.1.2-1 and Figure 3.8.1.1.2-1)
Vgirv =82 mph (from Proposed Table 3.8.1.1.2-1)
Vger := 65 mph (from Proposed Table 3.8.1.1.2-1)
Vgerpy = 10 manph (from Proposed Table 3.8.1.1.2-1)
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Proposed Table 3.8.1.2.1-1 - Pressure Exposure and Elevation Coefficients, K,

Structure Wind Wind Wind
Height, Exposure Exposure Exposure

Z (ft) Category B [ Category C [ Category D

<or=233 0.688 1.000 1.134

40 0.753 1.046 1.196

50 0.806 1.099 1.246

60 0.851 1.143 1.287

70 0.890 1.181 1.323

80 0.924 1.214 1.354

90 0.955 1.244 1.382

100 0.983 1.271 1.407

120 1.032 1.318 1.450

140 1.074 1.359 1.488

160 1.112 1.395 1.521

180 1.145 1.427 1.551

200 1.176 1.456 1.577

250 1.242 1.518 1.634

300 1.297 1.570 1.681

Proposed Table 3.8.1.2.1-2 - Gust effect factor, G

Gust effect
Structure Type factor, G
Sound Barriers 0.85
All other structures 1.00

Proposed Table 3.8.1.2.1-3 - Drag Coefficient, Cp

Component Windward Leeward
I-girder and box-girder bridge superstructures 1.3 N/A
Trusses, Columns, and | Sharp Edged Members 2.0 1.0
Arches Round Members 1.0 0.5
Bridge Substructure 16 N/A
Sound Barriers 1.3 N/A

From Proposed AASHTO LRFD Article 3.8.1.1.4; determine the ground surface roughness category.
Information indicates bridge is located where numerous closely spaced obstructions similar to single
family homes exist. --> Use Surface Roughness B.

From Proposed AASHTO LRFD Article 3.8.1.1.5; determine the wind exposure category. Information
indicates that "Surface Roughness B" exists for more than 2600 feet in the upwind direction from the
bridge. --> Use Wind Exposure Category B.
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Calculate unfactored wind pressures for Strength lll Limit State using Proposed AASHTO LRFD Egq.
3.8.1.2.11.

P,=25610 6V2-KZ-G-CD (Prop. Eq. 3.8.1.2.1-1)
Strength IlI:

Vst = 115

Kz gty = 0-68t (Prop. Table 3.8.1.2.1-2)

G:=1.( (Prop. Table 3.8.1.2.1-3)

Cp=12 (Prop. Table 3.8.1.2.1-4)
. —6 2

P7strinr = 25610 -V “Kzsur1ir 6 Cp P71 = 0-0303 kst

For Strength V, Service |, and Service IV, calculate wind pressure using equations given in Proposed
AASHTO LRFD Table C3.8.1.2.1-2.

Pzstry = 0.0172Cp Py = 00224 ksf
PzSer1 = 0.0122Cp Pyger = 00159 ksf

The wind pressure for Strength V, Service |, and Service IV Limit States may also be determined using
Proposed Equation 3.8.1.2.1-1 and substituting in appropriate values for all variables.

Calculate total superstructure depth, D:

d = girder depth d:=52 in
tg = slab thickness tg =& in
hp = parapet height hp =42 in
(d g+ hp)
D = total superstructure depth D:= =85 ft
12

Note: For bridges with cross-slopes, the increase in the superstructure depth due to the cross-slope should be
considered when determining the total superstructure depth for wind load calculations.

Calculate force due to wind pressure assuming wind is perpendicular to the structure, using wind
pressures calculated using equations from Proposed AASHTO LRFD Table C3.8.1.2.1-2 for
Strength V, Service |, and Service IV.

kip

WSt = Pzstrir P WSt =026 =~

: kip

WSstrv = Pzsuv D WSgqy=0.19 ==

. kip

WSSerl = Pzsert P WSger =013 —=
. kip
WSserv = Pzserrv D WSgery =029 =
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To determine wind load for wind from different directions, use coefficients for girders from Proposed
AASHTO LRFD Table 3.8.1.2.2-1.

Portion of Proposed Table 3.8.1.2.2-1

Girders
Skew Angle| Transverse [Longitudinal
0 1.000 0.000
15 0.933 0.160
30 0.867 0.373
45 0.627 0.547
60 0.320 0.667

The table below shows the longitudinal and transverse components for wind skewed 0°, 159, 300, 459, and
600 for the Strength Ill, Strength V, Service |, and Service IV limit states.

Strength Il Strength V Service | Service V
Skew | Perp. Wind| Tran. | Long. | Perp. Wind | Tran. | Long. |Perp. Wind| Tran. | Long. |Perp. Wind| Tran. | Long.
Angle | Load (k/ft) | Comp. [Comp. | Load (k/ft) | Comp. | Comp. | Load (k/ft) | Comp. | Comp. | Load (k/ft) [ Comp. | Comp.
0 0.26 | 0.00 0.19 | 0.00 0.13 | 0.00 0.29 | 0.00
15 0.24 | 0.04 0.18 | 0.03 0.12 | 0.02 0.27 | 0.05
30 0.26 0.23 | 0.10 0.19 0.16 | 0.07 0.13 0.11 | 0.05 0.29 0.25 | 0.11
45 0.16 | 0.14 0.12 | 0.10 0.08 | 0.07 0.18 | 0.16
60 0.08 | 0.17 0.06 | 0.13 0.04 | 0.09 0.09 | 0.19

Determine Wind on Live Load (WL):
From AASHTO 3.8.1.3, the wind on live load is 0.100 kip/ft for wind perpendicular to the structure.

i i
WL := 0.100—2 WL = 0.1~
ft ft
Determine force due to wind on live load for various skew angles; use wind on live load

components from Proposed AASHTO LRFD Table 3.8.1.3-1.

Girders
Transverse Longitudinal
Slzde(\;\;f;r;g)le Component Comgp onent
(kIf) (kif)
0 0.100 0.000
15 0.088 0.012
30 0.082 0.024
45 0.066 0.032
60 0.034 0.038
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Determine wind pressures during construction according to Proposed AASHTO LRFD
3.8.1.2.5a:

— 6 2
P,=256x 10 "(R-V)"K,GCp
Where : P, = design wind pressure, ksf

R = wind speed reduction factor during construction; taken as 0.77 for construction
periods of 3 years or less, 0.84 for construction periods between 3 and 7 years, and
as 0.86 for construction periods between 7 and 9 years.

V = reference 3-second gust wind speed taken from Proposed Table 3.8.1.1.2-1.

Kz = pressure exposure and elevation coefficient taken from Proposed Table 3.8.1.2.1-1
for Strength 1l and taken as 1.0 for other limit states

G = gust effect factor determined using a structure-specific study or, otherwise, as

specified in Proposed Table 3.8.1.2.1-2 for Strength IlI limit state and 1.0 for other
limit states

Cp = drag coefficient determined using a structure-specific study or, otherwise, as
specified in Proposed Table 3.8.1.2.1-3.

Proposed Table 3.8.1.2.5a-1

Base Drag
Coefficient
Superstructure Type (Cb pase)
Plate Girders 2.5
Rolled I-beams 2.2
Closed and Open Box Girders 2.0
Round Members 1.0
Proposed Table 3.8.1.2.5a-2
Girder Drag Coefficient
i
(Co)
Windward Cp,base
Second girder In two-ng-glrder systems with
indward side i a clear distance between boxes 0.5C
(win ward side in of no more than twice the "D base
multi-girder .
systems) girders depths
y In all other systems 0
All Other Girders 0.5Cp pase

From Proposed Table 3.8.1.2.5a-1:

CDbase =25
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From Proposed Table 3.8.1.2.5a-2:

“D1 = Cpbase =2
Cp2 = 0-Cppage =0
Cp3 = 0.5Cppase = 125
Cpy = 0.5Cppage = 1.25
Cps = 0.5Cppase = 125

To determine wind loads on superstructure that are transmitted to the bearings and substructure, use
the sum of the drag coefficients, Cpgp, determined using Proposed Tables 3.8.1.2.5a-1 and

3.8.1.2.5a-2.
Cbsub = p1+ Cp2 + Cp3 + Cpa+ Cps Cpsub = 625

Calculate wind pressure during construction for forces transferred to bearings and substructure (Pzgp):

_6 2
VSrrr =115 mph
Re =077
Kzstrrry = 0-688
G=1

_ 6 2
Pzsub = 25610 (Re- Vi) Kz G Cosub PZSub =0.086 kst

To determine wind load on any girder that will be used in determining the stresses in that girder, the
drag coefficient for the exterior girder, Cpg, shall be taken as the base drag coefficient, Cp pase and

the drag coefficient for the interior girder, Cp), shall be taken as one half Cp pase-

CpE = Cdbase Cpg =23
CDI = O.S'CDbase CDI =1.25
Calculate wind pressure during construction for exterior girder (Pzg):
RC =0.77
K7strirr = 0-688
G=1
—6 2

P,p = 2.5610 -(RC-VSHHI) Kys11r G CpE Pyp =0.035 ksf
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Calculate wind pressure during construction for interior girder (Pz)):

R =0.77

Kzstrrrr = 0688
G=1

— 6 2

The wind pressure during construction for Strength V, Service I, and Service IV can be calculated in
a similar manner using the wind speed given in AASHTO LRFD Table 3.8.1.2.1-1. For Strength V
and Service |, the WL term can be ignored as this only applies to vehicular live load. The provisions
of AASHTO LRFD Article 3.8.1.2.2 can be applied to the wind loads calculated according to
AASHTO LRFD Article 3.8.1.2.5a when the critical wind angle is not perpendicular to the structure.

Summary of Loads:
WS - Final Condition:

Strength lil Strength V Service | Service V
Skew | Perp. Wind | Tran. | Long. | Perp. Wind| Tran. | Long. |Perp. Wind| Tran. | Long. |Perp. Wind| Tran. | Long.
Angle | Load (k/ft) | Comp. |Comp. | Load (k/ft) | Comp. | Comp. [ Load (k/ft) | Comp. | Comp. | Load (k/ft) | Comp. | Comp.
0 0.26 | 0.00 0.19 | 0.00 0.13 | 0.00 0.29 | 0.00
15 0.24 | 0.04 0.18 | 0.03 0.12 | 0.02 0.27 | 0.05
30 0.26 0.23 | 0.10 0.19 0.16 | 0.07 0.13 0.11 | 0.05 0.29 0.25 | 0.11
45 0.16 | 0.14 0.12 | 0.10 0.08 | 0.07 0.18 | 0.16
60 0.08 | 0.17 0.06 | 0.13 0.04 | 0.09 0.09 | 0.19

WL - Final Condition:

Girders
Transverse Longitudinal
Slzc?&ferl?)le Component Comgpone nt
(kIf) (KIf)
0 0.100 0.000
15 0.088 0.012
30 0.082 0.024
45 0.066 0.032
60 0.034 0.038

WS - During Construction (wind perpendicular to bridge):

Loads used to Design Interior Girders: Py =0.017 ksf
Loads used to Design Exterior Girders: Py =0.035 ksf
Loads Transmitted to Substructure: Pyoup = 0.086  ksf
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A. COMPARISON OF WIND LOADS DETERMINED USING THE
PROPOSED SPECIFICATIONS PROVISIONS TO EXISTING

PROVISIONS

A.1 Wind Pressure Comparisons for Trusses and Various Exposure

Categories

The overall results are that the wind pressures for the proposed revisions, for a majority of the
country, will be similar to or lower than the factored wind pressures calculated using the current
AASHTO LRFD wind provisions for truss bridges (see Figure A-1 through Figure A-36).
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Figure A-6 — Wind Pressure Comparison —
Open Country V3o = 100 mph V., = 150
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Figure A-8 — Comparison — Open Country
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Figure A-12 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 120 mph
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Figure A-14 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 140 mph
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Figure A-16 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 160 mph
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Figure A-22 — Wind Pressure Comparison —
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Figure A-26 — Wind Pressure Comparison _
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Figure A-28 — Wind Pressure Open Water

Vorop = 110 mph
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Figure A-29 — Wind Pressure Open Water
Vorop = 115 mph

Figure A-30 — Wind Pressure Open Water

Vorop = 120 mph
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Figure A-32 — Wind Pressure Open Water

Vorop = 140 mph
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Figure A-34 — Wind Pressure Open Water

Vorop = 160 mph
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Figure A-35 — Wind Pressure Open Water
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Figure A-36 — Wind Pressure Open Water
Voprop = 180 mph

A.2 Wind Pressure Comparisons for Girders and Various Exposure

Categories

The overall results are that the wind pressures for the proposed revisions, for a majority of the
country, will be similar to or lower than the factored wind pressures calculated using the current
AASHTO LRFD wind provisions for truss bridges (see Figure A-37 through Figure A-72).
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Figure A-37 — Wind Pressure Comparison —
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Figure A-38 — Wind Pressure Comparison —
Open Country Vg = 100 mph Vpp = 115
mph
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Figure A-40 — Wind Pressure Comparison .
Open Country V3o = 100 mph V0, = 130
mph
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Figure A-41 — Wind Pressure Comparison —
Open Country V3o = 100 mph Vpop = 140

Figure A-42 — Wind Pressure Comparison —
Open Country V3o = 100 mph V., = 150
mph
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Figure A-43 — Wind Pressure Comparison —
Open Country V3, = 100 mph Vp0p = 160

Figure A-44 — Wind Pressure Comparison —
Open Country Vz = 100 mph Vpp, = 170
mph
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Figure A-45 — Wind Pressure Comparison —
Open Country V3, = 100 mph Vo, = 180
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Figure A-46 — Wind Pressure Comparison —
Suburban V3, = 100 mph V0, = 110 mph
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Figure A-47 — Wind Pressure Comparison —
Suburban V3 = 100 mph V0 = 115 mph

Figure A-48 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 120 mph
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Figure A-49 — Wind Pressure Comparison —
Suburban V3 = 100 mph Vi, = 130 mph

Figure A-50 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 140 mph
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Figure A-52 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 160 mph

Suburban V3 = 100 mph Vi, = 150 mph
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Figure A-53 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vprep = 170 mph

Figure A-54 — Wind Pressure Comparison —
Suburban V3, = 100 mph Vpiep = 180 mph
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Figure A-56 — Wind Pressure Comparison —
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Figure A-58 — Wind Pressure Comparison —
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Figure A-64 — Wind Pressure Open Water

Vorop = 110 mph
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Figure A-66 — Wind Pressure Open Water
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Figure A-68 — Wind Pressure Open Water
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Figure A-70 — Wind Pressure Open Water

Vorop = 160 mph
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Figure A-71 — Wind Pressure Open Water

Vorop = 170 mph

Figure A-72 — Wind Pressure Open Water

Voprop = 180 mph

A.3 Girder Wind Loads for Various Exposure Categories

Figure A-73 through Figure A-112 show the calculated wind load applied to a windward girder
with span lengths, L, ranging from 50 feet to 500 ft in 50 foot increments for open country,
suburban/urban, and open water conditions using the proposed provisions as well as the
factored wind load calculated using the current AASHTO LRFD wind provisions (except for the
open water condition). For the open country condition, typically only the proposed provisions
using wind speeds of 170 and 180 mph result in wind loads greater than the factored wind loads
determined using the current AASHTO provisions for all heights above the surrounding terrain.
For suburban/urban conditions, the wind loads developed using the proposed provisions exceed
the factored wind loads developed using the current AASHTO LRFD wind provisions for most
wind speeds for bridges near the surface (30 feet above ground level).

In some graphs, particularly for shorter spans, the minimum wind load requirements in the
existing provisions control. This resulted in some graphs representing the existing wind loads
starting flat at the specified minimum wind load value before they start increasing.
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Figure A-78 — Wind Load Comparison Open
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Figure A-84 — Wind Load Comparison
Suburban (L = 100 ft)

400

——110 —-—115 ——120 —=130
350 | 140 ——150 ——160 —_—170
300 - 180 # Current

0 50 100 150 200 250 300 350
= Height above ground (ft)

4.00

——110 —-—115 =120 =130
350 1 140 —e—150 ——160 —170
300 180 4 Current

Z= Height above ground (ft)

Figure A-85 — Wind Load Comparison
Suburban (L =150 ft)

Figure A-86 — Wind Load Comparison
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Figure A-88 — Wind Load Comparison
Suburban (L = 300 ft)
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Figure A-90 — Wind Load Comparison
Suburban (L =400 ft)
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Figure A-92 — Wind Load Comparison
Suburban (L = 500 ft)
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Figure A-94 — Wind Load Comparison
Urban (L =100 ft)
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Figure A-95 — Wind Load Comparison
Urban (L = 150 ft)

Figure A-96 — Wind Load Comparison
Urban (L =200 ft)
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Figure A-97 — Wind Load Comparison
Urban (L = 250 ft)

Figure A-98 — Wind Load Comparison
Urban (L = 300 ft)
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Figure A-99 — Wind Load Comparison
Urban (L = 350 ft)

Figure A-100 — Wind Load Comparison
Urban (L =400 ft)
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Figure A-101 — Wind Load Comparison
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Figure A-102 — Wind Load Comparison
Urban (L =500 ft)
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Figure A-103 — Wind Load Comparison
Open Water (L =50 ft)

Figure A-104 — Wind Load Comparison
Open Water (L = 100 ft)
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Figure A-106 — Wind Load Comparison
Open Water (L =200 ft)
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A.4 Soundwall Wind Pressure Comparisons

Factored wind pressures on soundwalls were calculated using the current AASHTO LRFD, the
1989 AASHTO Guide Specifications for the Design of Sound Barriers (Guide Spec), and the
proposed wind provisions. The factored pressures are compared in Figure A-113 through
Figure A-132 for open country, suburban, urban, and open water conditions. For the open
water conditions, the factored pressures calculated using the proposed provisions are very
similar to those from the Guide Spec and typically less than those from the current AASHTO
LRFD. For open country conditions, the proposed and existing wind provisions are very similar
while for suburban/urban conditions, the pressures calculated using the proposed provisions are
higher than those calculated with the current provisions.
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Figure A-125 — Comparison of Soundwall
Wind Pressures — Urban V0, = 140 mph

Figure A-126 — Comparison of Soundwall
Wind Pressures — Urban Vy,p = 160 mph
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Figure A-127 — Comparison of Soundwall
Wind Pressures — Urban Vo, = 180 mph

Figure A-128 — Comparison of Soundwall
Wind Pressures — Open Water Vo, = 110
mph

0.180
0480 - == 0W V=115(Proposed)
M Class DV=80(GuideSpec)
0.140 e
< === O W V=80 (Existing)
= 0120 -
=
;D.IDD T
a
& 0080 ._..4-—-0-—""
=
£ 0.060
] — .
0.020 -
0.000 - T T T
0 10 20 30 40 50 60 70

Sound Wall Height (ft)

0.180
=i OW V=140(Proposed)
0160 -1
A Class D V=90(GuideSpec)
0.140 o
< === OW V=90(Existing)
= 0120
g
2 0100 M
@
]
& 0.080
E 0060 i o A
S A A A A A
A A A A
0.040 -
0.020 -
0.000 - T T T
0 10 20 30 40 50 60 70

Sound Wall Height (ft)

Figure A-129 — Comparison of Soundwall
Wind Pressures — Open Water Vpqp = 115
mph

Figure A-130 — Comparison of Soundwall
Wind Pressures — Open Water Vo, = 140
mph
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APPENDIX B: EXPLANATIONS OF VARIABLES AND RELATIONSHIPS
USED IN THE PROPOSED REVISED SECTION 3.8

B.1 Use of reference design wind speed with a MRI = 700 years.

It is generally accepted throughout the world (personal experience for the last 40 years -
not written anywhere specifically) that with the use of a load factor of 1.4, for long-span bridges
the design wind speed shall have a mean recurrence interval (MRI) of 100 years. In ASCE 7-05
(Ref 2) wind loads (with a load factor of 1.6 and a directionality factor of 0.85), the design wind
speed for a typical structure would have a MRI = 50 years. For important structures and those
that needed to function after natural disasters, the appropriate design wind speed would have a
MRI = 100 years. It is reasonable to assume that all bridges should function after a natural
disaster. Therefore, an appropriate design wind speed (again with a load factor of 1.4) was
assumed to have a MRI = 100 years (consistent with the world standard for large bridges). This
wind speed assures a certain factor of safety independent of the expected life of the bridge -
typically assumed to be 75 years.

In this proposed revision to Section 3.8, reference design wind speeds are proposed for use
with a load factor of LF = 1.0 (which is consistent with the national standard for building design,
ASCE 7-10 (Ref 3)). In ASCE 7-05 (Ref 2) a load factor of 1.6 was specified with a directionality
factor of 0.85. The effective load factor with a directionality factor of 0.85, is therefore 1.36.

In the existing AASHTO Specification (Ref 9), a load factor of 1.4 is specified without a
directionality factor (other than 1.0). It is proposed in this revision that no directionality factor be
proposed (other than 1).

In order for the wind pressures to remain the same for design (with a MRI = 100 and a LF = 1.4)
then with a LF = 1.0, the design wind speed should be equal to (1.4)"? = 1.183 times the wind
speed with a MRI = 100.

In the central portion of the United States (approximately 80% of the total area), the 3-second
gust reference wind speed (at an elevation of 10 m (33 ft) in an "open", Exposure C), with a MRI
= 50 years, is 90 mph (ASCE 7-05). In ASCE 7-10, for this same portion of the US, with a MRI
= 700 years, the 3-second gust reference wind speed is 115 mph.

The expression in Ref 1 for wind speed as a function of MRI is assumed to be a good
approximation

U(N) = p + 0.78(InN - 0.577)0

where

U(N) wind speed with a MRI =N

V] mean annual peak wind speeds for n years

o standard deviation of peak annual wind speeds about the mean, u

If this equation is fitted to the two data points, then
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o

58.419 mph
12.142 mph

Using this relationship, for this portion of the US, the corresponding wind speed with a MRI =
100 years is 96.57 mph. This is, again, a wind speed that would be used witha LF =1.4. To
maintain the same level of pressure (and it is these authors opinions that there is no justification
to change the level of risk in the design of bridges), with a LF = 1.0 the corresponding reference
design wind speed would be

(1.4)"%(96.57) = 114.3 mph

This is a wind speed very close to the wind speed in the ASCE 7-10 wind speed map with a MRI
- 700 years, i.e., 115 mph.

It is proposed, therefore, if AASHTO can obtain permission to use the ASCE 7-10 wind speed
map with MRI = 700 years, to use this map for the basic reference design wind speeds for the
proposed Section 3.8.

B.2 Definition of sectors of determination of exposure.

The definition of surface roughness's, upwind exposures, and sector used to define
upwind exposures are different in ASCE 7-10 (Ref 3) and the Eurocode, but are very similar,
yielding similar results. For example, in ASCE 7-10 mean wind speed profiles are defined in
terms of power law profiles . In the Eurocode and in the existing AASHTO Specifications (Ref
9), logarithmic profiles are used. Logarithmic profiles are typically used in wind engineering
laboratories worldwide, and are continued to be recommended for use in the revised AASHTO
Specifications.

The definition of surface roughnesses (in terms of the actual physical roughnesses) are
consistent with the ASCE 7-10 definitions (for a uniform description in the US). In the Eruocode
(Ref 4), upwind exposures are to be defined in 30 degree sectors. In ASCE 7-10, upwind
exposures are defined in 45 degrees sectors. All such definitions are quite approximate and
subjective. It seems to these authors that the definition of upwind exposures in terms of 45
degree sectors is as refined as is justified. Furthermore, a definition of 45 degree sectors will be
a consistent definition of sectors in the US.

B.3 Additions of Exposure D and elimination of Exposure A.

Many bridges are over water. An appropriate "over water" exposure is what is defined
as Exposure D in ASCE 7-10 (Ref 3). It is recommended that this exposure be included in the
revised AASHTO Section 3.8.

An urban exposure, Exposure A, exists only when there are very large urban structures
for at least 0.5 miles (Ref 3). Even in many US cities, the upwind urban exposure is less than
0.5 miles. It does not occur frequently in the US. Furthermore, the use of Exposure B (which is
common in the US and easy to define) to define wind loads in a urban exposure will yield results
that are somewhat conservative. Therefore, it is recommended that Exposure A (urban
exposure) be eliminated form the revised AASHTO Section 3.8. Exposure A has also been
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eliminated for ASCE 7 specifications, so elimination of Exposure A in AASHTO would make it
consistent with ASCE throughout the US.

B.4 Pressure equation P, = 2.56 x 10°°V?K,GCp

This equation is a specific form of the general equation used in aerodynamics of

P, =q9GCp
where
q = 1/2pU? dynamic pressure, at a specific elevation, z;
G gust effect factor (including the expected correlation of the gusts over the structure, and

any dynamic amplification that may occur);

Co Some static aerodynamic force coefficient (typically Cp for a drag coefficient defining the
wind load in the direction of the wind); and

P, static equivalent pressure at a specific elevation, z (which will produce a static
displacement that is equivalent to the peak dynamic displacement expected).

In order for pressures to be in units of psf, all other terms must be defined in consistent units
(feet, slugs, seconds). Wind speeds should be in units of fps, however, in the US most people
are used to define wind speeds in terms of mph.

A standard density of air of 0.00238 slugs/ft’* has been assumed. In order to use wind speeds in
the more familiar units of mph, the following conversion must be made

2

(1) (0.00238) (5280) =0.00256
2/ 3600/

This term is also used in ASCE 7-10.

It should be noted that the density of air varies significantly with temperature and elevation.
Actual air density can vary by plus or minus 15% or more from the 0.00238 slugs/ft> assumed.

The exposure factor K, is a modifier of V? to account for different upwind exposures and
different elevations (at which pressures are to be determined). The reference wind speed, V, is
wind speed characteristic of its geographical position. It is a 3-second averaged gust wind
speed, at an elevation of 10 m (33 feet) above grade in a flat "open" Exposure C environment
(whether or not this environment actually exists at the site - it is just used as a reference). The
averaging time of this wind speed, 3-seconds, is typically used in the US. An averaging time of
10-minutes is used in the Eurocode (Ref 4). An averaging time of one-hour is used in the
Canadian Bridge Design Specifications (Ref 7). Fastest-mile wind speeds are used in the
existing AASHTO specifications (that have a different averaging time for each different wind
speed - now an obsolete definition of wind speeds. Most wind engineering laboratories
worldwide use a one-hour averaged wind speed. No matter what averaging time is used in the
definition, wind speeds can be converted to other, extreme, wind speeds with different
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averaging times (Ref. 1). Therefore, wind speeds, in mph, with an averaging time of 3-seconds
(a gust) are specified in this revised version of AASHTO Section 3.8.

The K, factors then must define the expected variation of U? with elevation in different
exposures (U is a specific wind speed - V is defined as the reference wind speed). The
variation of one-hour averaged wind speeds with elevation are assumed to be described with
the logarithmic model (Ref. 1)

U(z) = 2.5u-In(z/z,)

where

U(z) ONE-HOUR averaged wind speed at an elevation of z
u- friction velocity

Zo surface roughness

The turbulence intensity at a give elevation is defined

_a_ B
N == 2.5In (ZZ—O)

A peak gust wind speed in the US (from conversations with Dr. Peter Vickery who generated all
ASCE wind speed maps) is defined as a one-hour averaged mean wind speed plus 3-standard
deviations. In the Eurocode (Ref 4) they have assumed a peak to be a mean plus 3.5 standard
deviations. We have adopted the US convention of mean plus 3 standard deviations.

The definition

0% = Bus’

is used (Ref. 1), and the relationships of friction velocities, from one exposure to another, of

Uy B (Z01)0‘0706

Usp Zo2

Typical values used in this development of the K, factors are

EXPOSURE z(m) zo (ft) B
B 3 9843 5.25
C .03 .09843 6.0
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D 005 | 0164 | 65

The K, factors are the ratios of the 3-second wind speed (in a specific environment and at a
specific elevation) and the reference 3-second wind speed (in an Exposure C at an elevation of
10 m (33 ft)), squared.

The reference ONE-HOUR averaged wind speed is given by
U3600(33) = 2.5u-In(33 / 0.09843) = 14.523ux,

Corresponding friction velocities, for other exposures, are given by

0.0706

19843
U = ( 09843) Uye = 117651

Similarly
Usp = 0.8812ux¢
At any elevation, z, the ONE-HOUR averaged wind speed is therefore given by
U3600g(z) = 2.5 usgIn(z / zp) = 2.941u-cIn(z / Zpp)
U3600¢(z) = 2.5 u«c In(z zgc)

U3600p(z) = 2.5 u-p In(z / zgp) = 2.203 u-c In(z Zgp)

The turbulence intensity, Tl = o / j, is given by (where pu = U3600)

JBs  .9165

Tlp = =

7 2.51n (%) n (%)
1, = VBe 9798

251n (ﬁ) In (%)

I, = JBp  1.0198

2.5 In (ZOLD) In (ZOLD)

A peak gust wind speed is again assumed to be well approximated by a mean plus a 3 standard
deviation response. Therefore

U35(2) = 2.941u,, [ln (i) +3)( 9165)]
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U3¢ (2) = 2.500u,c [ln (i) +3)C 9798)]

U3y (2) = 2.2031,¢ [ln (%) + (3)(1.0198)]

The reference 3-second gust wind speed is

33
U3(33) = 2.5u.c [ln( — 43) + (3)(.9798)] — 21.87u.,
Again
U33(2)
Kzp(z) = m
U3%(2)
KZC(Z) = m
U33(2)
Kyp(2) = —U3é(33)
Therefore

2
K,5(z) = 0.01808 [ln (i) + 2.7495]

ZoB

2
Kyc(2) = 0.01307 [ln (i) + 2.9394]

Zoc

7 2
K;p(z) = 0.01046 [ln (—) + 3.0594]
Zop

The gust effect factor, G, accounts for the correlation, or lack of correlation, of the gust over the
structure and any dynamic amplification in the response of the structure due to the dynamic
nature of the gusts. All gusts are dynamic, producing a dynamic response of the structure. Of
specific interest for the design of the structure is the peak dynamic response. The static
equivalent pressure is the static pressure that produces a static response that is equivalent to
the peak dynamic response. A definition of the gust effect factor can also be the ratio of the
peak dynamic response and the mean response of the structure were subjected to a steady,
uniform wind equal to the design 3-second gust (for that specific elevation).

In order to determine appropriate gust factors for typical bridges that would designed to the
AASHTO specifications, these authors performed a series of numerical simulations in the time
domain to determine precisely, what those gust effect factors should be. That study is
presented elsewhere in this report.
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There was not much variation in the gust effect factor from one exposure to another.
For a very small bridge (span of 66 feet) the gust effect factor varied from 0.958 for a
stiff bridge, to 1.15 for a more flexible bridge (laterally). For a longer span bridge (L =
260 feet), for all lengths for all exposures, a gust effect factor of 0.9 was found.

From these results, for typical bridges, a G = 1.0 would be reasonable.

A G =1 is also reasonable if one simply considers the size of a 3-second gust, and how
it is likely to engulf a small bridge. Gusts to be used with a LF = 1.0 are about 20%
larger than the corresponding gusts to be used with a LF = 1.4 (and hence are more
likely to engulf an entire small bridge). For most of the US a design 3-second gust wind
speed (with a MRI = 700 years) is 115 mph (169) fps). The length of the gust (over
which the wind speed is uniform at 115 mph) is (3)(169) = 507 feet. Lateral dimensions
of a gust (Ref. 1) are approximately 40% of the longitudinal dimension, i.e., 203 feet.
Any bridge with a span of 203 feet or less is likely, therefore, to be fully engulfed by this
3-second gust (and much larger bridges in hurricane prone regions). If the bridge is
fully engulfed in the gust, and if it is stiff without significant dynamic amplification the
gust effect factor by definition should be G = 1.0.

Therefore again a gust effect factor of G = 1.0 is recommended to be included in the
revised AASHTO specifications. For very large bridges, gust will not be highly
correlated over the long spans. However, significant dynamic amplification is expected.
Therefore, gust effect factors (with respect to a 3-second gust wind speed) of G=1 or
more are reasonable for very long span bridges as well.

The last term in the basic pressure equation is the dimensionless drag coefficient, Cp. Cp. Cp is
a measure, in a dimensionless form, of the along wind aerodynamic force. It is a function of
shape of the bridge (or element of the bridge) and the Reynold's Number (a dimensionless form
of the ratio of viscous to inertial forces). Flows around bridges and bridge components are
always at high Reynold's Numbers. Pressures on sharp edged objects are not Reynolds
Number dependent (Ref 1). Pressures on curved members are Reynold's Numbers dependent
(but are relatively constant for all high Reynold's Numbers). Therefore, in general drag
coefficients will be dependent upon the shape only.

It is recommended that a suitable drag coefficient for a typical girder or box bridge is Cp
= 1.3 (with respect to the depth of the solid exposed area of the bridge, perpendicular to the axis
of the bridge. Over the last 35 years, these authors have measured values of Cp that have
ranged from 0.9 to 2.2 (depending upon the bridge deck crossection). The Canadian Bridge
Design Specifications (Ref 7) requires the use of Cp = 2.0 for all bridges. The ERUOCODE (Ref
4) specifies Cp = 1.3. The Florida DOT Structure Design Guidelines (SDG) specified Cp = 1.1.
In ASCE 7-10, a typical Cp = 1.3 for general rectangular shape (0.8 on the windward side and
0.5 on the leeward side). Although there is extreme variation, a value of Cp = 1.3 seems
reasonable.

For a square edged long member (like a windward truss member) a Cp = 2.0 is typical
(Ref 1,3). Tradition has specified that loads on a lee truss are typically 50% of those on a
windward truss, i.e., Cp 1.0. In ASCE 7-10 loads on truss tower are specified as a function of
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the exposed solid ratios (Ref 3). For a solid ratio of 50% (typical for a truss), the downwind wind
speed is approximately 71% of the upwind speed, yielding a downwind force of 50% of the
upwind speed, yielding a downwind force of 50% of an upwind force, i.e., Cp = 1.0 on a lee
truss. For round members a value of Cp = 0.7 to 12 depending upon cylinder roughness. A
value of Cp = 1.0 is typical (Ref 1,3). Again, a value of Cp = 0.5 would therefore be reasonable
on a round member on downwind, lee, truss.

Substructures vary between round columns (Cp = 1.0) to rectangular or square columns
(Cp = 2.0). Typically, they will be rectangular with rounded corners, beveled corners, chamfered
corners, or be of another polygonal shape. A Cp = 1.6 would be reasonable for such cases.
Sound barriers are walls. Like a rectangular shape with little depth, a Cp = 1.3 is reasonable in
ASCE 7-10, specifically for long walls without a gap on the bottom Cp = 1.3 (Ref 3). This value
is also proposed to be included in the revised version of AASHTO.

B.5 Skew coefficients in Table 3.8.1.2.2-1

The skew coefficients in Table 3.8.1.2.1-1 are simply dimensionless forms of the skew
pressures in the existing AASHTO Specifications. Skew pressures are awkward because the
skewed exposed areas vary (even though the exposed area perpendicular to the axis of the
bridge is specified - still awkward). The original study (Ref 6) from which these skewed
pressures were derived related longitudinal and lateral aerodynamic LOADS on a complete
girder or truss section, as a percentage of the total transverse LOAD. The use of dimensionless
skew coefficients are more consistent with the original study (Ref 6) than are skew pressures.

In the Canadian Bridge Design Specifications (Ref 7) the identical skew COEFFICIENTS are
specified.

B.6 Drag coefficients for various structural elements during construction.

The recommended drag coefficients were obtained from the recently conducted study by
Consolazio (Ref 8), from the literature (Ref 1), and from the wind tunnel tests described in this
report.

The recommended values are in line with the EFFECTIVE drag coefficients
recommended in the Consolvano study (Ref 8). These drag coefficients have been enhanced
to account for some additional overturning moment. It may be reasonable to reduce the values
somewhat to those values that reflect true aerodynamic drag only.

For plate girders 2.5 has been recommended, but 2.15 is the maximum specified in the
Consolazio Study (Ref 8), 2.04 in Ref 1. A value of 2.15 or 2.2 might be more reasonable.

For rolled I-beams, precast concrete I-beams, an enhanced value of 2.2 has been
recommended. The actual maximum value reported in the Consolazio Study is 1.95 (Ref 8), in
Ref 1, 2.04 again. A value of 2.05 to 2.10 might be more reasonable. For closed or open
topped boxes, a value of 2.1 has been recommended. In the Consolvano study the maximum
value measured is 1.95. In the experimental study reported here, the values of Cp measured
were 2.01 for a deep box, to 1.39 for a shallow box. The variable values specified in this study
have been recommended.

For round members, of moderate surface roughness, a value of Cp = 1.0 has been
recommended (by tradition, from Ref 1, from Ref 3).
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